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= -PREFACE-

1 Fl

At the request of many practising design engineers the author has updated his previons
book Reinforced Concrete Design to CP110 - Simply Explained (Cement and Concrete
Association, London, 1974). With the knowledge gained from writing that book and
lecturing on design courses presented by the Cement and Concrete Asseciation he was
invited to join the drafting panel to revise Section 3, Reinforced Concrete, of CP110. Dr
Matthews has said in the Foreword of BS8110 that there are no major changes in
principle, but the text has been largely rewritten with alterations in the order and
arrangement of topics. This is very true, but in the alterations new material has also
been introduced.

One of the inherent problems in updating a Code of Practice is that the members of
the Committee are familiar with the existing Code. They are aware of the ideas and
principles involved when it was written- and assume that engineers using the revised
version will also be familiar with the background. This is not always the case, and in the
first chapter of this new book the author has repeated some of the material from the
previous book to ensure that young engineers do not forget the basic principles of limit
state design. _

A criticism of the earlier Code of Practice CP114 was that it appeared to concentrate
on the strength criterion, even though permissible stresses at working conditions were
involved. A feature of the new design method was that not only did it involve strength
(ultimate limit state), but also deflection and cracking (serviceabtlity limit states) were

" taken more seciously.

With the passage of time the emphasis on serviceability appears to be diminishing.
Minor calculations still have to be carried out and in Part 2 of the Code there is a great
deal of information; but will the majority of engineers read Part 2? For many of what
are referred to as ‘normal’ building structures they will not need to do this, and some of
the basic understanding of what they are doing in Part 1 will be overlooked.

As with the previous Code, a Handbook has been produced which gives background
information, but mainly in the form of references®. Many design engineers are still
seeking guidance in using the Code itself and 1t is the hope of the author that this book
will be found to be as useful as the previous one. Design examples and design aids are
given and these should prove to be of use to new and experienced engineers.

For those engineers familiar with CP110 the terminology should not be a problem,
but they will have to get used to looking in a different place for the information they
need and, in several cases, a slightly different approach. The change is obviously not as
great as when engineers had to convert from CP114 to CP110.

The notation is essentially the same as that of CP110, but in the revision it was
decided that the notation relevant to each topic should be included at the beginning of
that topic. This means that symbols are often repeated and the reader has to make
certain that the same symbol means the same thing every time.

*Handbook to British Standard BS8110: 1985 Structural use of Concrete, Rowe, R. E, et ol (1987},




X
PREFACE

r

it is expected that as reference to clauses is made the reader will have at hand a copy,
of the Code, thus avoiding the constant repetition of many clauses.

Although this book has been prepared from the author's own lecture notes he would
like to acknowledge contributions made by his colleagues in the Cement and Concrete
Association. These contributions have been in the form of comments, (helpful} criticism
and discussions. He thanks, in alphabetical order, Andrew Beeby, John Clarke, Ray-
Rogers and Tony Threlfall, and also Susan Munday who typed it all. .

.

Extracts from BS8110: Parts 1. 2 and 3: 1985 are reproduced by permission of BSI.

Complete copies can be obtai_ned from them at Linford Wood, Milton Keynes,
MK14 6LE. '
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- ~ NOTATION

1 P
BSB110 now provides a list of symbols at the beginning of each section delining the
symbols used.in that section rather than a general list at the start of the Code. An
attempt has been made here to give a general list of symbols reluting to reinforced
concrete. In a number of cases the list appears to contain ambiguities, but as this book is
meant to be read in conjunction with the Code, the reader should fnd that no
ambiguities actually,occur in use.

A Area of concrete
A Area of concrete in compression
A, Area of steel required to resist horizontal shear
4, Area of tension reinforcement
A Area of bent-up bars
A Area of compression remforcement or,'in columns, the area of reinforce-
ment
A, Area of compression reinforcement
Ay e Area of tension reinforcement provided at midspan (dt support for a
cantilever)
Al prov Area of compression reinforcement provided
A e Area of tension reinforcement required at midspan to resist the moment due
to design ultimate loads (at support for a cantilever)
Ay Area of transverse steel in a flange
A, Area of shear reinforcement, or area of two legs of a link
a Deflection
a Distance from the compression face to the poim at which the crack width is
being calculated
a, Centre-to-centre distance between bars {or groups of bars) perpendicular to
the plane of bend
a,, Distance from the crack considered to the surface of the nearest longitudinal
bar
a Angle of internal friction between the faces of the juint
a, Deflection of column at ultimate limit state
a,,. Average deflection of all columns at a given level at ultimate limit state
a, Length of that part of 2 member traversed by shear failure plane
b Width {breadth) or effective width of section
b Effective section dimension of a column perpendicular to the y axis
b, Breadth of the compression face of a beam measured midway between
restraints {or the breadth of the compression face ol a cantilever)
b, Breadth of effective moment transfer strip (of flat slab)
b, Width of section at the centroid of tension steel
b, Width {breadth} of section used to calculate the sheut stress
b, Breadth or effective breadth of the rib of a beam
¢ Width of column

xi
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Minimum cover Lo the tension steel .
Plan dimensions of column, purallel 10 longer and shorter side n['. hase
respectively .

Effective depth of section or, for sections entirely in compression, distance
from most highly stressed face of section to the centroid of the laver of
reinforcement furthest from that face

Depth to the compression reinforcement |

Depth of the head (of a column} _

Depth to the centroid of the compression zone

Static modulus of elasticity of concrete

Dynamic modulus of elasticity of concrete

Static modulus of elasticity of concrete at age t

Effective (static) modulus of elasticity of concrete

Nominal earth load

Modulus of elasticity of reinforcement

Modulus of elasticity of concrete at the age of loading, t

Modulus of elasticity of concrete at age of unloading

Initial modulus of elasticity at zero stress

Eccentricity, or the base of Napierian logarithms

Additional eccentricity due to deflections

Resultant eccentricity of load at right angles to the plane of the wall
Resultant eccentricity calculated at the top of a wall

Resultant eccentricity calculated at the bottom of a wall

Total design ultimate load on a beam or strip of slab

Design [orce in a bar used in the calculistion of anchorage bond stresses
Tensile force due to ultimate loads in a bar or group of bars in contact at the
start of a bend '

Force in a bar or group of bars

Basic force used in defining tie forces

Stress

- Bond stress

Design ultimate anchorage bond stress _

Maximum compressive stress in the concrete under service loads
Characteristic strength of concrete _

Estimated design service stress in the tension reinforcement
Maximum design principal tensile stress

Characteristic strength of reinforcement

Characteristic strength of shear or link reinforcement

Shear modulus : )

Characteristic dead load

Storey height

Overall depth of the cross-section measured in the plane under consider-
ation ’

Effective section dimension in a direction perpendicular to the x axis
Maximum size ol the coarse aggregate

Effective diameter of a column or column head

Depth (thickness) of flange '

Larger dimension of a rectanpular section

Smaller dimension ol a rectangular section

Second moment of area ol the section

Coeefficient. as appropriate -
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Span of member or, in the case of a cantilever, length™ ° - dii
Span or effective span of member, or anchorage length . NOTATION
Clear horizontal distance between supporting members ]

Breadth of supporting member at one end or 1.8 m, whichever Is the
smaller :

Breadth of supporting member at the other end or 1.8 m, whichever is the’
smaller K S
Dimension related to columns (variously défined)

Efiective height of a column or wall-

Effective height in respect of the major or minor axis respectively
Effective dimension of a head (of column) '

Clear height of column or wall between end restraints _

Distance between centres of columns, frames or walls supporting any two
adjacent floor spans :

Floor-to-ceiling height

Length of sides of a slab panel or base

Distance between point of zero moment .

Panel length parallel to span, measured from centres of columns

Panel width, measured from centres of columns .

Design ultimate resistance moment . :

Additional design ultimate moment induced by deflection of beamn

Initial design ultimate moment in a column before allowance for additional
design moments : : ’

Design moment transferred between slab and column _

Maximnm design moment transferred between slab and column

Design moment of resistance of the section

Design ultimate moments abput the x and y axis respectively

Effiective uniaxial design ultimate moments about the x and y axis
respectively

Srmaller initial end moment due to design ultimate loads

Larger initial end moment due to design ultimate loads

Maximum design ultimate moments either over supports or at midspan on
strips of unit width and span I, or L, respectively

Design axial force

Design axial load capacity of a balanced section

Number of discontinuous edges (0 < N<4)

Design ultimate capacity of a section when subjected to axial load only
Design ultimate load per unit area, or number of columns resisting sidesway
at a given level or storey (in clause 3.8.1.1)

Number of storeys in a structure

Design ultimate axial load .

Characteristic imposed load .

Restraint factor (against early thermal contraction cracking

Internal radius of bend

Radius of curvature

Curvature at midspan or, for cantilevers, at the support section
Shrinkage curvature

Curvature at x

First moment of area of reinforcement about the centroid of the cracked or
gross section

Spacing of bent-up bars
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Spacing of links along member

Torstonal moment due to ultimate Ioads

Effective thickness of a slab for fire reststance assessment

Thickness of non-combustible finish (for fire resistance)

Length (or eflective length) of the outer perimeter of the zone considered
Effective-length of the perimeter which touches a loaded area

Shear force due to design ultimate loads, or design ultimate value of a -

concentrated load

Design shear resistance of bent-up bars ,

Design ultimate shear resistance of the concrete

Design ultimate shear resistance of a section uncracked in flexure
Design ultimate shear resistance of a section cracked in flexure

Design effective shear force in a flat slab

Design shear force transferred to column

Design shear stress

Design shear stress in the concrete

Design concrete shear stress corrected to allow for axial forces
Maximum design shear stress

Design end shear on strips of unit width and span I, or ], respectively and
considered to act over the middle three-guarters of the edge

Torsional shear stress '

Minimum torsional shear stress, above which reinforcement is required
Maximum combined shear stress (shear plus torsion) '
Characteristic wind load

Neutral axis depth. or_d.i'mension of a shear perimeter parallel to the axis of -

bending

Smaller centre-to-centre dimension of a rectangular link
Half the side of the end block

Half the side of the loaded area

Larger centre-to-centre dxmeusmn of a rectangular link
Lever arm

Coefficient of expansion, or angle bel:ween shear relnforcement and the
plane of beam or slab ' ’

Ratio of the sum of the column stifiness to the sum of the beam stifiness at
the lower or upper end of a column respectively

Lesser of o, and o,

Modular ratio (E,/E.q) :
Bending moment coefficients for slabs spanning in two directions at right
angles, simply supported on four sides

Coefficient, variously defined, as appropnate

Partial safety factor for load

Partial safety factor for strength of materials

Difference in temperature

Strain

Final {30 year) creep strain in concrete

Free shrinkage strain

Strain in concrete at maximum stress

Average strain at the level where the cracking s being considered
Thermal strain assumed to be accommodated by cracks

" Shrinkage of plain concrete




r
Strain at the level considered, calculated ignoring the stiffening effect of the Xv
concrete in the tension zone *

Coefficient of friction

Proportion of solid material per unit width of slab

Area of steel relative to area of concrete

Creep coefficient, or diameter

Effective bar size

NOTATION
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LIMIT STATE PRINCIPLES

* .

Codes of Practice have developed considerably since the first attempt in 1934. The way
in which they have done sois outlined in Table 1.1. -

From Table 1.1 it can be séen that working stresses have gradually increased and the
load factor or factor of safety has decreased. This has arisen mainly from the satisfactory
performance of sttuctures and the general improvement in construction standards.

Quality control of concrete took a large jump forward in the 1965 edition of CP114,
when statistical control was Introeduced and the allowable compressive stress in
bending was increased If there was a design mix. Substantial progress had also been
made in the philosophical approach to structural design, mainly due to the work of the
international committees, One of these, the Comité Européen du Béton {(CEB), published
in 1963 its Recommendations for an International Code of Practice for Reinforced Concrete,
generally known as the Blue Book, and later, in conjunction with the Fédération
Internationale de la Précontrainte (FIP), a complementary report dealing with
prestressed concrete, Further to these there was published in 1970 the International
Recommendations for the Design and Construction of Concrete Structures giving the
Principles and Recommendations and generally known as the Red Book.

When the drafting committees for CP114 and 115 were reconvened in 1964, they
agreed to adopt the CEB report as a guide in the. preparation of the new British Codes
with the pmv1so that the new recommendations should not change- unduly the

Table 1.1 Develapmeut of Codes ol' Practice since 1934

Steel stress - o
Code (working load}  Load factor  Deflection Cracking Comments
1934 0.45f 2.2 Nothing Nothing  Concrete —
DSIR {140N/mm?) nominal
proportions.
Beams — straight
‘ . line theory
1948 0.5/ (189N/mm’) 2.0 Waming. Nothing  Ditto
CP114 ‘ - . , _
1957 0.5f (210N/mm?) 2.0  Warning+ Nothing  Concrete — -
CP114 . - span/depth "nominal or
) . strength
1965 0.55f, Wamning 4 Warning  Concrete -
CP116 {230N/mm?) 1.8 expanded statistical control
CPl14 - spanfdepth for quality
1972 0.58f, . 1.6*-1.8 Span/effective Bar Ditto
CP110 (267N/mm‘)" . depth ratips spacing
(without rules
redistribution) - )

“It should be noted that these values are Included as an indication to show the trend: specific vaiues are not
given in the Code.

1
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LIMIT STATE
PRINCIPLES

proportions of structures compared with those designed to the recommendations of the,
current codes. The main consequence of this decision was that limit state design was
accepted as the basis for the preparation of the new drafts. Later, these two committees
in conjunction with the drafting committee for CP116 agreed to the unification of the
three codes into a single’ document, which would rationalize destgn and coordinate
detailed interpretation, for concrete construction. The Code for Water Retaining

Structures was not included and although that Code (now BS8007) relies very heavily |

on the building structures documment it has retained its independence.

In drafting CP110 it was decided to go right back to square one and establish the
engineer's intentions and problems. The purpose of design may. perhaps oversimply. be
stated as the provision of a structure complying with the client's and the user's
requirements. In design appropriate attention must be paid to overall economy, the
safety, serviceability and aesthetics of the structure. In most cases the design process
entails finding the -cheapest solution capable of satlsrymg the appropriate salety,
serviceability and aesthetic considerations.

The design of a structure for a specxﬁc function is usually a two-stage process,
involving first the selection of an appropriate type or form of structure and secondly the
detailed design of the various parts of the chosen structure. In selecting the type or form
of structure the question of the relative costs of different types of structures and of
different methods of construction of the same structure will be of great importance. In
this selection the designer must rely to a large extent on his expérience, judgement and
intuition. A preliminary study of several types of structure may be necessary.

Having selected the type of structure the designer then has to proceed with the
detailed design of the chosen one, always bearing in mind the factors of safety
considerations and cost. In most cases the aesthetic requirements will have been
substantially met in the selection of the type of structure and will now be completely
satisfied by the specification of surface finishes, colour, etc. Furidamentally, then, the
design. process consists of finding"and detailing the most economical structure
consistent with the safety and serviceability requirements.

In design the following points have to be taken into consxderation

1. variations in materials in the structizre and in test spec:mens
2. variations in loading . , _ i, _
3. constructional inaccuracies - -~ - : e

‘4, accuracy of design caleunlations

5. safety and serviceability.

For (1) we know that the cube test is a reliable guide as regards quality of concrete from
the mixer but does not guarantee that the concrete in the structyre is the same. If we get
consistent cube results of the required strength this means that the potential of the
concrete in the structure is higher. This is why we took a higher proportion of the cube
strength as a permissible stress when we have quality control, i.e. a design mix. Thereis,
however, still no guarantee that the concrete in the structure is of the same consistent
strength and properties, as has been shown from tests that have been performed. The
same applies to reinforcement, as tests are carried out on small samples which may or
may not be truly representative of the whole. For {2} we must enquire how near the
truth is the loading given in BS6399, Part 1. Constructional inaccuracies (3) are
probably accidental. For (4) designers can and do make mistakes in calculations but
very often in analysis they assume a structure will behave i in a certain way or that
certain conditions exist. Item (5) is dealt with quite arbitrarily in previous codes - il the
structure does not collapse it is deemed to be satisfactory.




So, having the purpose of design which, as previously stated, consists of finding and
dealing with the most economical structure associated with safety and serviceabilify
requirements, and conscious that variability exists between construction materials and
the construction process itself, if we now list the various criteria required to define the
serviceability or usefulness of any structure we should be able to state a design
philosophy to cope with these in a rational manner,

The various criteria required to define the serviceability or usefulness of any structure
can be described under the following headlines. The effects listed may lead to’ the
structure being considered ‘unfit for use'.

1. Collapse: failure of one or more critlcal sections; overturning or buckling.

2. Deflection: the deflection of the structure or any part of the strizcture adversely affects
the appearance or efficiency of the structure.

3. Cracking: cracking of the concrete which may adversely affect the appearance or
efficiency of the structure.

4. Vibration: vibration from {orces due to wind or machinery may cause discomfort or
alarm, damage the structure or interfere with its proper function.

5. ‘Durability: porosity of concrete.

6. Fatigue: where loading is predominantly cyclic in character the effects have to be
considered.

7. Fire resistance: insufficient resistance to five leading to 1, 2 and 3 above.

When any structure is rendered unfit for use for its designed function by one or more of
the above causes, itis said to have entered a limit state. The Code defines the Hmit states
as: o

1. Ultimate limit state: the ultimate limit state is preferred to collapse.
2. Serviceability limit states: deflection, cracking, vibration, durability, fangue. fire
resistance and lightning.

The purpose of design, then, is to ensure that the structure being designed will not

3

CHARACTER-
ISTIC STRENGTH
OF MATERIALS

become unfit for the use for which it is required, i.e. that it will not reach a limit state. ~ ~

The esscn_tlal basis of the design method, therefore, is to consider each limit state and to
provide a suitable margin of safety. To obtain values for this margin of safety it was
proposed that probability considerations should be used and the design process should
aim at providing acceptable probabilities so that the structure would not become unﬁt
for use throughout its specified life.

Accepting the fact that the strengths of constructional materials vary. asdo also the
loads on the structure, two partial safety factors will now be used. One will be for
materials and is designated y,; the other, for loading, is termed y,. These factors will
vary for the various limit states and different materials. As new knowledge on either
materials or loading becomes available the factors can be amended quite easily without
the complicated procedures to amend one overall factor used in previous Codes.

1.1 Characteristic strength of materials

For both concrete and reinforcement the Code uses the term ‘characteristic strength’

instead of 28-day works cube strength and yield stress, although it is still related to.

these. The characteristic strength for all materials has the notation f, and is defined as
the value of t_he cube strength of concrete (£}, the yield or proof stress of reinforcement
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LIMIT STATE
PRINCIPLES

{/,). below which 59 of all possible test results would be expected to fall. The value
therel’ore is

,q=fm—1.64s

where f, is the mean strength of actual test results determined in accordance with a
standard procedure, s is the standard deviation, and 1.64 is the value of the constant
required to comply with 5% of the test results falling below the characteristic strength,
as indicated in Fig. 1. 1 :

r

Frequency
of resulls
A Charocteristic Mean
strength MELs skrength
5% of results
to left of
this line ——

ff J,TVBas o . Strength
FIG. 1.1 Characteristic sirength.

1.2 Concrete
This is dealt with in Section 6 of the Code, but BS5328: Methods for Specnfymg Concrete

Including Ready-Mxed Concrete gives a much fuller treatment of the subject. Durability

is given more importance in BS8110 than it was in CP110 and we shall therefore
concentrate on how this requirement affects the desigriér, as given in Section 3.

The strength of concrete for design purposes will be based on tests made on cubes at
an age of 28 days unless there is satisfactory evidence that a particular testing regime is
capable of predicting the 28-day strength at an earlier age. These 28-day characteristic
strengths determine the grade of the concrete and it is important to select the correct
grade appropriate for use. The concrete has to provide. the durability for the
environmental conditicns as well as adequate strength for the loading requirements.

For example, clause 3.1.7.2 says that for reinforced concrete the lowest grade should
be C25 for concrete made with normal-weight aggregates. Reference to Table 3.4 of the
Code, however, does not reveal a grade lower than C30. It is only by reading
clause 3.3.5.2 that it can be found that under certain specific conditions a Grade C30
can be classed as Grade C25. As compliance with these conditions is not easy to achieve
this will not be expanded upon (a concrete technologist is best consulted). We shall deal
with the normal approach.

In selecting an appropriate grade of concrete, the designer has to determine the
environment and exposure conditions to which the meémbers of the structure will be
subjected. These are given in Table 3.2 of the Code, and it is prabable that there will be
more than one condition of exposure. Moving then to Table 3.4 of the Code will give the
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lowest grade of concrete to meet the durability requirements for nominal cover to all 5
reinforcement. For a severe exposure the lowest grade Is C40 and a nominal cover of CHARACTER-
40 mm is required. The same grade of concrete can be used for a mild exposure when ISTIC LOADS
the nominal cover is 20 mm. :
The subject of cover to relnforcement will be discussed more fully later, but at this
stage it is important for the designer to realize-that a grade of concrete is selected for
durability as well as for strength. Having chosen a grade, the concrete supplier will then
have to add the value of 1,64 times the standard deviation to obtain the target mean
strength. ) .
. In general the minimum cement content glven in Table 3.4 of the Code will be
exceeded but the maximum free water/cement ratio should not be exceeded.

it should also be noted that the age allowance for concrete Increasing in strength
with age has now been deleted.

1.3 Reinforcement

The reinforcement shonld comply with BS4449, BS4461 or BS4483, all of which
specify the tests for compliance to obtain the characteristic strength. Section 7 of the
Code deals with specification and workmanship. The designation of the reinforcement
with its specified characteristic strength is shown in Table 1.2.

Table 1.2 Designation of reinforcement

Specified characteristic
: . strength ()
Designation Nominal sizes - (N/mm?)
Hot-rolled mild steel All stzes 250
High-yield steel All sizes 460
{hot rolled or cold '
worked)

From the table it can be seen that the characteristic strength of high-yield bars is
independent of whether they are hot-rolled or cold-rolled worked. A subdivision is made

later in the Code to determine the bond characteristics which depend on the surface
shape of the bar, e S

1.4 Characteristic loads

For loading we use the ‘characteristic’ load (F) as the basis. Ideally this should be
determined from the mean load and its standard deviation from the mean, and using
the same probability as for the materials we should say that F,=F_+1.64s. The
characteristic load wouid be that value of loading such that not more than 5% of the
spectrum of loading throughout the life of the structure will lie above the value of the
characteristic load (see Fig. 1.2). ’

Although several surveys have been carried out, we are not yet able to give a
statistical interpretation and reasoning to them. The surveys do imply that, in general,
the overall imposed loads to be considered in design on floors are well above the loading
7 z that occurs most of the time, although in individual areas the loading may well be
N e above that for which the floors have been designed. For characteristic loads we shall use
‘ those given and defined in BS6399: Part 1 for dead and imposed loads and CP3:
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Frequency of
results Mean Charocteristic
A lood - foad
. . 1-64 5

'

1.5 %e of resulls

to right of
; this line
Frn F =F,t 1-64s Load

FIG. 1.2 Characteristic load.

Chapter V: Part 2 for wind loads, although the loading conditions during erection and

‘construction should be considered in design and should not be such that the subsequent

compliance of the structure with the limit state requirements is impaired.

The characteristic dead, imposed and wind loads have the notation G,, Q.. Wi
respectively, where the upper-case letters denote the total load on a span. Lower-case
letters denote uniform load per square metre, although in design examples for beams
the lower-case letters have been used for a uniformly distributed load, so that G,=gl.

1.5 Design strengths of materials

We obtain the design strengths of the materials by dividing the characteristic strengths
by the partial safety. factor y,,, i.e. design strength=/,/y,,. i e .

y,, takes account of possible differences between the material in the actual structure
and the strength derived from test specimens. In concrete, this would cover such items
as insufficient compaction, differences in curing, etc, For reinforcement it would cover
such items as the difference between assumed and actual cross-sectional areas cidused
by rolling tolerances, corrosion, etc. The values of y, for each material will be different
for the different limit states by virtue of the different probabilities that can be accepted.

Table 1.3 sets out these values, and it should be noted that ultimate limit state values
only are given in Part 1 of the Code. For serviceability, clanse 2.4.6.1 refers to 3.2 in
Part 2 of the Code, but the values given in the table below are taken from the Handbook
(see Preface). - - C

Table 1.3 Values of y,, for concrete
and steel at different limit states

Values of v,
Limit
state Concrete  Steel
Ultimate 1.5 1.15
Deflection 1.0 1.0
Cracking 1.3 1.0

= 1
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For both materials, the factor for the ultimate limit state is higher than the others
because not only must the probability of failure be decreased but failure should also be
localized. The y,, factor therefore also contains an allowance for this: as a compressive
failure in concrete is sudden and without warning the factor for concrete is higher than
for reinforcement. : ‘

Deflection s related to the whole member and the factor for both materials is 1.0.

For cracking only parts of the member are affected and a factor between 1.0 and 1.5
for concrete has been selected, but kept at 1.0 for mibformment When one is analysing
any cross-section within the structure the properties of the materials should be
assumed to be those associated with their design strengths appropriate to the limit state
being considered. - ‘

The short-term design stress-strain curve for concrete is shown in Fig. 1.3. By
putting in the relevant value of y,, depending on the Limit state being considered we can
obtain the appropriate design stress—strain curve, Two things here are worthy of note.

O87f [P Pz == mmmm o

Parabolic
curve
[
I
Stress f

Sy I

2

bt vt mm e m— —— - o ey

5.5,/1/,,/7,) ¥NImm
L. { - -
2ax0/r Iy)

- - 0-0035
Strain

FIG.1.3 Short-ferm design stress—strain relation for normal weight concrete ([, in N/mm 3,

First, design strength has been defined as characteristic strength divided by y,_. and

yet the maximum stress value is given as 0.67f,/7.,. The reason for this is that the
characteristic strength has been derived from tests on cubes. It is well established from
tests that the maximum compressive stress at failure in a2 member of the same concrete
as‘a cube has a value in the region of 0.8f_. This is a peak value and as an additional
safety factor against compressive failure this value has been reduced to 0.67f,,, which
agrees with the design methods using ultimate load. If one were using cylinders in
determining the characteristic strength the factor would be of the order of 0.85, asthe
cylinder strength is nearer the actual behaviour and is approximately 0.8 x cube
strength, ‘ _

Secondly, it is suggested in the Code that for the serviceability limit states the short-
term elastic modulus may be taken from a table in the Code, i.e. a linear stress—strain
relationship is assumed with a specified value for E, depending on f_,.

The initial tangent modulus for serviceability limit states will seldom be used unlessa -

rigorous analysis is being carried out. Where sustained loading is being considered,
however, allowance for shrinkage and creep should be made. For the serviceability limit
states Poisson's ratio may be taken as 0.2.

For reinforcement the short-term stress—strain relationship is shown in Fig. 1.4, This
differs quite considerably from CP110 in that the relationship is now bilinear for

DESIG!I
STRENGTHS O
MATERIAL,



T STATE
CIPLES

7y,

Jensian

200 kN/mm’

Strain

Compression
-=% /7"\

FIG. 1.4 Short-term design stress-strain relation for reinforcement (f, in N/mm?).

reinforcement and also the maximum design stress in compression is the same as in
tension. The elastic modulus remains at 200 kN/mm?.

It is important to point out at this stage that in the majority of design calculations this
is the last time that the partial safety factors for materials will be referred to. They are
built in to formulae and design charts so that a designer will usnally refer to the
characteristic strengths, i.e. f, and f;. '

1.6 Design loads

We obtain the design load by multiplying the characteristic load by the other parttal
safety factor y,; this factor y, is introduced to take account of:

1. possible unusual increases in the load beyond those in deriving the characteristic
load '

2. inaccurate assessment of eflects of loading

3. variations in dimensional accuracy achieved in construction

4. the importance of the limit state being considered.

.y, varies for difierent limit states and also for different combinations of loading. As with

the design strengths of materials, Part 1 of the Code gives numerical values at ultimate
limit state but the reader is referred to Part 2 to assess values at serviceability limit
states. The effect of the load is now classed as adverse or beneficial. Values of 3, for
ultimate limit state are given in Table 1.4, ' :

Table 1.4 Values of y,vat ultimate limit state

Load type
Dead . -~ Imposed Earth
and water
Load combination Adverse  Beneficial  Adverse  Beneficial  pressure Wind
1. Dead and imposed 1.4 io " 16 0 14 -
{and earth and water X
pressure) : :
2. Dead and wind 1.4 1.0 —_— — 1.4 14
(2nd earth and water
pressure} i . :
3. Dead and imposed 1.2 1.2 1.2 1.2 1.2 1.2
{and earth and water '

pressure)
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The arrangement of loads should be such as to cause the most severe effects, Le. the
most severe stresses. The ‘adverse’ partial factor i applied to any loads that tend to
produce a more critical design condition. The ‘beneficial’ factor is applied to loads that
tend to produce a less critical condition. :

So, In a normal butlding structure with dead and imposed loads, the maximum
designloadona span from Ioad combination {1)is 1.4G, +1.6Q,. The minimum design
load is 1.0G,. ‘ _

Under load combination {2), which will generally-be a stability condition, the most
critical case may arise when moments due to 1.4G, on some parts of the structure are
additive to the wind moments (using 1.4W, ) and moments due to 1.0G, on other parts
of the structure form the restoring moment,

For load combination (3)7a factor of 1.2 is used throughout the structure, with no
variations for loaded and unloaded spans,

However, when considering load combinations (2) and (3) the horizontal wind load

should not be less than the notional horizontal load as given in clause 3.1.4.2 and will
be dealt with when considering robustness,
" Inaddition to the above factors we may have to consider the effects of excessive loads.
In this case the 7; factor shonld be taken as 1.05 on the defined loads and only those
loads likely to be acting simultaneously need be considered. Also, if a structure can
sustain localized damage, to maintain continued stability the y,factor is again 1.05 and
is applied to all loads which are likely to occur before temporary or permanent remedial
measures are taken. In general, the effects of creep, shrinkage and temperature will not
be considered for wltimate limit state.

For serviceability limit states, clause 3.3 tn Part 2 says that the loading assumed in

these caleulations will depend on whether the aim is to produce a best estimate of the
likely behaviour of the structure or to comply with a serviceability limit state

immediate deflections of a structure-but in most cases it will be necessary to estimate the
additional time-dependent deflections due to creep, shrinkage and temperature. It will
also be necessary to assess how mnch of the live load is permanent and how much is

EXAMPLE 1.1

- A five-storey building of the cross-section shown has the fdllbwiug characteristic loads

on the frame:

Roof: Dead 22 kN/m
Imposed 7 kN/m '
Parapet 1 m high - point lnad 12 kN

Floors: Dead 20 kN/m
Imposed 25 kN/m
Cladding - point load 15 kN

Wind: 7 kN/m.

9
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Calculate the maximum ultunate design load for the left-hand column and check ﬂ'
tension can occur (lgnore the sell load of the columns).

The stracture can be simplified as follows:

18:0m

T5m

50m

2-5m

T

Characteristic loads:

Dead load (g,}) =22+4x20=102kN/m
Imposed load (g,)= 7+4x25=107 kN/m
Wind load (w,) = 7 kN/m

Point load F,

=12+4x15= 72kN/m
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i DESIGN LOADS
Design loads: ' : -
UD load ~ maximum=1.4 g, + 1.6 g, . ’

=1.4%x102-+1.6 x107

=142.8+4+171.2=314 kN/m

minimum = 1.0 g,=1.0 x 102 =102 kN/m.

Point load: '
—maximum=1.4 F,=1.4x72=100.8 kN (say 101 kN)
minimum=1.0 F=1.0x72=72 kN,

Load combination (1)

I 34 kN/m 102 kN/m ¢t 102kN/m | 314 kN/m

Y101 kN YI01kN

L, L Lo, L

{1

Y72 kN Y 72kN

Moments about R

(1) 7.5L=101x7.54+314x 7.53/2—72x 2.5—-102 x 2.5%/2.
=9090
L=12I2kN. .
(2) 7.5L=72x%x7.5+102x 7.5%/2—-101 x2.5—-314 x 2.5%/2
=2175.
L=290 kN.

Load combination (2)

Design loads:

UD load -maximum=1.4g,=143 kN/m
minimum=1.0 g,=102 kN/m

Point load — maximum = 1.4 F,=101 kN
minimom=1.0 F,=72 kN .

Wind lead =1.4W,=9.8 kN/m
1" 102 kN/m  1143kN/m t43kN/m  T10ZkN/m
ST ; : =
F72 kN ] © Y101 &N Y101 kN : 72kNy
! 1
! I 9-8 kN/m
S-BKN/m : :
I |

) e
~— .
L1t R Lt iR _

m {2}
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LIMIT STATE
PRINCIPLES

Moments about R

(1) 7.5L=72x7.5+102 x 7.5%/2— 143 x 2.5/2 - 101 x 2.5— 9.8 x 18%/2
=1122 :
L=150kN. :
(2) 7.5L=101x7.5+143x 7.5%2+9.8 x 18%/2— 102 x 2.5}/2— 72 x 2.5
=5868
L="782 kN,

Load combination {3)

Design loads:

UDload =1.2g,+1.24,=12x102+1.2x107=251kN/m
Point load =1.2 F=1.2%x72=86 kN

Wind load=1.2 w,=1.2 x 7=8.4 kN/m.

1 251 kN/m | ! 251 KN/m |
T I' : T T
' B6 kN i ¥BE kN teEkN fas kNY
| |
} t
B4 kN/m { : 84 kN/m
| i
1l L Lt JR r

(n ) (2)
Moments about R

(1) 7.5L=86x7.5+251%x10%2.5—-86%x2.5—8.4x% 18%/2
=5344
L=713 kN.
(2) 7.5L=86%x7.5+251x10x2.5+8.4x 1832 -86x2.5
=8066
L=1075 kN.
Maximum load on column=1212 kN {load combination 1)
Minimum load on column = 150 kN (load combination 2).

EXAMPLE 1.2

Taking a typical floor beam in the previous example and assuming vertical loads only,
which loading patterns will give the maximum moments?

Maximum span moment in the longer span will be given by maximum loading on this
span and minimum loading on the cantilever. The values are obtained from load
combination (1) in the previous example.

314 kN/m

102 kM/m | T2 kN

-

!
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1
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m
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Maximum sapport moment will be when main span has minimum load and cantilever
has maximum load. '

314 kNfm

102 kN/m
101 kN

1.7 -Limit state requirements

All relevant limit states have to be considered in design, but in reinforced concrete
structures the three most important ones for design caleulations will be ultimate limit
state and the serviceability limit states of deflection and cracking. Durability and fire
resistance will be complied with by grade of concrete, cement content, cover to
reinforcement, etc., all of which will be decided before calculations begin. The usual
approach will be to design on the basis of the most critical limit state and then check
that the remaining limit states will not be reached. In general, therefore, we shall design

- for the ultimate limit state, i.e. analyse the structure and analyse the critical sections.

After that we shall check that deflection is satisfactory and check that cracking is

‘satisfactory. This does not mean that three sets of calculations will have to be carried
. out, although in very special circumstances this may be so. In some circumstances we

may find that the critical limit state is deflection, in which case we would design for this
limit state and check the other two,

~ The criteria with which we have to comply for the various limit states are outlined

below. -

'1.7.1 Ultimate limit state

The strength of the structire should be sufficient to withstand the design loads. The
layout of the structure should be such as to ensure a robust and stable design.

1.7.2 Serviceability limit states
(a) DEFLECTION

ifn general this will be met by complying with the éban/eﬂ'ective depth ratios obtained

-from Section 3 in Part 1. However, Section 3 in Part 2 does give limits which give a

designer the basis on which the deemed-to-satisfy rules have been obtained. These are
as follows: - C

Appearance

The final deflection. (including the effects of creep, shrinkage and temperature)
measured below the as-cast level of the supports of horizontal members should not in
general, exceed span/250. The Code talks about a ‘sag’, but the above description is
retained from CP110.

LIMIT ST¢
REQUIREMED}
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LIMIT STATE
PRINCIPLES

Damage

Unless partitions, cladding and finishes have been specifically detailed to allow for
anticipated deflections. the movement after the erection of partitiens or application of
finishes should not exceed the lesser of span/350 and 20 mm for non-brittle materials
and the lesser of span/500 and 20 mm for brittle materials.

Horizontal deflections

For horizontal deflections affecting non-structural elements it is suggested that the
lateral deflection in any one storey should not exceed H/500, where H is the storey
height. For excessive accelefations under wind loads reference should be made to
specialist literature.

(b) CRACKING ~

The assessed surface width of cracks should not exceed 0.3 mm for appearance and

corrosion, but where loss of performance such as watertightness is affected the limit
could be less,

A fuller explanation of the criteria for the various limit states will be given in the
chapters dealing with the individual limit states. To comply with the criteria we can use
calculations, model analysis and testing or experimental development of analytical
procedures. The most usual way will be by calculations, and the Code gives procedures
for doing these. It states that the methods of analysis used in assessing compliance with
the requirements of the various limit states should be based on as accurate a
representation of the behaviour of the structure as is practicable but the methods and
assumptions which are given in Section 2 are generally adequate. In certain cases a
more fundamental approach may be an advantage. )

In analysing the structure or part of the structure to determine force distributions,
the properties of the materials may be assumed to be those associated with their
characteristic strength, irrespective of the limit states being considered. Thus. If one has
different grades of concrete, E would vary with this, but not for each Limit state. When

= one is analysing any cross-section within the structure, the properties of the materials
should be those associated with their design strengths. ‘

When analysing the structure for any limit state we use an elastic analysis in most
cases to determine the force distributions within the structure. In this case the relative

stifinesses ‘may be based on any one of the following, but it must be the same
thronghout:

1. the concrete section - the entire concrete cross-section, ignoring the reinforcement
. 2. the gross section — the entire concrete cross-section including the reinforcement on
the basis of modular ratio
3. the transformed section ~ the compression area of the concrete cross-section
combined with the reinforcement on the basis of modular ratio.

In the initial stages of design (1) is the easiest to use as generally a cross-section will
have been chesen, and throughout the design examples that follow the concrete section
will be used, unless stated otherwise.

In a framed structure with monolithic beam and slab construction there are various
ways of selecting the concrete section. One may use a rectangular section throughout, a
Tee section throughout, or a combination of rectangular and Tee section. Computer

i
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programs are available for all three but again we shall use a rectangular sectton uhless 1t
stated otherwise. ' ' LIMIT STAT
At ultimate limit state only, a limited amount of redistribution of the calculated forces  gpgiiREMENTS
may be made provided the members concerned possess adeguate ductility.
When considering slabs, yield line theory or other appropriate plastic theory may be
.used for the ultimate limit state.
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ROBUSTNESS

2.1 Compliance with the Building Regulations 1985

Irrespective of which Code of Practice is being nsed it must be remembered that such
documents are still only recommendations. The real power lies in the Building
Regulations.

Regulation Al of Part” A of Schedule 1 to the Building Regulations 1985 states that
the building shall be so constructed that the combined dead, imposed and wind loads
are sustained and transmitted to the ground (a) safely, and {b) without causing such
deflection or deformation of any part of the building, or such movement of the ground,
as will impair the stability of any part of another building.

For reinforced concrete structures, BS8110: Parts 1, 2 and 3: 1985 are deemed-to-
satisfy documents. It is interesting to note that CP110: 1972 and CP114: 1969 were
also approved Codes, but CP110 was deleted with the publication of BS8110, and
CP114 was deleted 2 years after the publication of BS§110.

There is, however, a further Regulation A3 dealing with ‘Disproportionate collapse’.
It applies only to buildings having five or more storeys and to public buildings where the
structure incorporates a clear span exceeding 9 m between supports. The requirement
here is that in the event of an accident the structure will not be damaged to an extent
disproportionate to the cause of the damage. BS8110: 1985 is again a deemed-to-
satisfy document. CP110: 1972 contained stability clauses which met this require-

_ment, but also contained recommendations for structures of less than five storeys.

Although it referred to stability it was not talking about overturning but the ability of
the building as a whole to remain stable (i.e. not collapse) even though some parts may
have collapsed. In other words, the structural failure of an element would affect only a
local part of the building, not the whole building,

2,2 Requirements

In revising CP110 the Committee considered that the structural integrity of structures
should be given more importance and the term robustness is now used. This is
obvicusly an ultimate limit state and although an acceptable probability of a structure
collapsing under defined loads is treated by formal calculations, the possibility of
collapse belng initiated by foreseeable, though indefinable and perhaps remote, effects
should be considered in design. In particular, situations should be avoided where
damage to small areas of a structure or failure of single elements may lead to collapse of
major parts of the structure.

Clause 2.2,2.2 of Part 1 lists the precautions which should generally prevent

unreasonable susceptibility to the effects of misuse or acc1dents A summary of these is
as follows:

1. All buildings should be capable of resisting a minimum horizontal force (the Code
uses the word notional).

2. All buildings are provided with effective horizontal ties.
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3. For buildings of five or more storeys, the layout should be checked to identify key
elements. A key element is such that its failure would cause the collapse of more
than a limited area close to it. BS8110 does not attempt to define a limited area, but
Regulation A3 suggests an area within a storey of 70 m? or 15%, of the area of the
storey, whichever is the lesser. If key elements exist the layout should be modified il
at all possible. If this cannot be done then these key elements should be designed in
accordance with 2.6 of Part 2. T .

4. Again for buildings of five or more storeys, any vertical load-bearing element {other
than a key element) should be detailed so that its loss will not cause considerable
damage. Vertical ties will generally achieve this, but where this cannot be done the
element should be considered to be removed and the surrounding members designed
to bridge the gdp in accordance with 2.6 of Part 2.

Figure 3.1 of Part 1 gives a very useful flow chart which summarizes the design
procedure to ensure robustness. With in situ monolithic construction, by the very
nature of the detailing we do tend to get horizontal and vertical tying actions, but with
some details this Is not as effective as in others. ‘

The subject of key elements has not always been considered in design and the Code
now makes it qnite clear that an engineer should be responsible for the overall stability
(robustness) of a structure, The same engineer should ensure the compatibility of the
design and detail of all components, even those not made by him/herself --

. clause 2.2.2.1. .

2.3 Recommendations

2.3.1 Notional horizontal load

To ensure that all structures have a reasonable minimum strength a notional
horizontal force is to be applied to the structure. For load combinations (2)and (3) a
wind load will be applied automatically, but this should not be less than the notional

horizontal load. As with wind forces it will be applied at each floor or roof level (loads at -

the nodes) and Is equal to 1.5% of the characteristic dead load between mid-height of
the storey below and either mid-height of the storey above or the roof surface. So we

have to compare 1.4 W, or 1.2 W, with 0.015 G, and take the larger value {see-

Fig. 2.1). '
" I: 0015 6,
or
12w 0-015 Gy,
0015 6, ,
r 0015 6,

FIG. 2.1 Horizontal loads.

2.3.2 Design of ties

The horizontal forces to be resisted by ties are all related to F,, where F, Is determined
from the number of storeys (including basements), The.philosophy behind this is that
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the consequences of collapse are g;:nerally more serious for high buildings.
Furthermore, simply because of their greater size, the probability of misuse or the

. oecurrence of exceptional accidental loads is greater, and the objective is to ensure that”

the risk is approxtmately the same at all heights.
L F,=(20+4 )
where n, is the number of storeys, or
' =60

and we use the lesser value. So F, varies from 24 for a single storey, up to 60 for a
building of ten or more storeys. ‘ S '

In proportioning the ties, it may be assumed that no other forces are acting and the
reinforcement is acting at its characteristic strength. As reinforcement provided for
other purposes may be regarded as forming part or the whole of the ties, it will be found
that for many structures the reinforcement provided for the usual dead, imposed and
wind loads will, with minor modifications, fulfil these tie requirements. So the normal
procedure will be to design the structure for the usual loads and then carry out a check
for the tie forces. The types of tie to be provided are given in clause 3.12.3.} as (a)
peripheral ties, (b) internal ties, {c) horizontal ties to columns and walls, and (d) for
buildings of five or more storeys, vertical ties. These will now be dealt with separately.

{a) PERIPHERAL TIE - clause 3.12.3.5

At each fioor and roof level an effectively continnous tie should be provided capable of
resisting a tensile force of F, kN, located within 1.2 m of the edge of the building or in the
perimeter wall. The force thus varies from 24 kN for a single-storey building up to
60 kN for ten storeys or more. For high-yield reinforcement ‘with a characteristic
strength of 460 N/mm? this works out at 2.2 mm?* (approximately) per kN of force. For
the maximum force of 60 kN this is 131 mm?, slightly more than one 12 mm bar.

Ii we have a perimeter beam spanning between columns the obvious position for this
tie is in the beam, as (a) we shall have reinforcement there anyway, and (b) tying the
beams and columns together is the most effective resistance. However, as we shall see
when dealing with internal ties, the internal tie has to be anchored to the peripheral tie
and the existing reinforcement in the beam may not be in the right place.

If we have cantilever slabs, supporting external cladding, projecting in front of the
columns and these are more than 1.2 m then the peripheral tiemust go in the slab — see
Fig. 2.2. C - :

Even when we have a peripheral beam it is still within the rules to put the peripheral
ties in the siab inside the beams and use existing slab bars as part or whole of the tie.

12m

T

FIG. 2.2 Position for peripheral tie.
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(b) INTERNAL TIES - clause 3.12.3.4

These are to be provided at each floor and roof level in two directions approximately at

right angles. They should be effectively continuous throughout their length and be

anchored to the peripheral tie at both ends, unless continuing as horizontal ties to
columns or walls. The tensile force, in kN per metre width, Is to be the greater of

(Ht+‘1k)_l_r_E .
7.5 57 : .

and _

) 1.0F, . _
where (g,+ 4,) is the sum of the average characteristic dead and imposed floor loads (in
kN/m?), and L is the greater of the distances between the centres of columns, frames or
walls supporting any two adjacent floor spans in the direction of the tie under
consideration. '

Where we have beam and slab construction such that there are secondary beams
framing into main beams, and main beams framing into columns, the distance 1L Isthe
distance between the main beams, not the secondary beams. So, if we have three
consecutive frames (i.e. main beams) at 8 m, 10 m and 6 m intervals, . would be 10 m
for all three spans. With [:=10 m and (g, +g,) = 7.5 kN/m? the force per metre width is
2.0F. : - .

The bars providing these ties may- be distributed evenly in the slabs or may be
grouped at or in beams, walls or other appropriate positions, but at spacings generally
not greater than 1.5 L., : :

Assuming the bars are distributed evenly in a floor slab, we have to consider (i)
continuity, and (ii) anchoring effectively to peripheral tie.

For (i) in continuous slabs, this means lapping some bottom steel at supports, either

by extending existing bars or the addition of splice bars (see Fig. 2.3).

A F 2

FIG. 2.3 Continuity requirement for slab.

The length of lap required is-not quite clear, The reinforcement is to be at its
characteristic strength, which would give an enhancement factor of 1.15 (L.e. 1/0.87).
The Handbook, however, in talking about anchorage suggests that the bond stresses
could also be characteristic values, and as these stresses Include a partial factor of 1.4
there would be a reduction factor of 1.4, The net effect would, therefore, be a length of

"1.15/1.4 times the normal design length. This does not really agree with the comment

in clause 2.4.4.2 when talking about values of y,, for localized damage. It is suggested
that the normal design anchorage length, and hence lap length, is used. The length of
the lap will depend on the area provided compared with the area required, but will be
not less than the minimum lap of 15 times the bar size or 300 mm, whichever is the
greater.

It is also recommended that the lapping bars are in contact. It is not permitted to go
from bottom bars to top bars as continuously eflective, without using links as
demonstrated in Section 5, Precast Concrete.

1

RECOMMEND2
TION
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For (ii} the Code says that the tie bars may be considered anchored to the peripheral’
tie if they extend either (a) 12¢ or an equivalent anchorage beyond all the bars forming
the peripheral tie: or (b) an eflective anchorage length beyond the centre line of the bars
forming the peripheral tie,

If the peripheral tie consists ol' bars in the slab then either of these two reguirements
can be met quite easily. If the pnpheral tie consists of bars in an edge beam, then the
bottom bars in the slab shoewn in Fig. 2.3 will not be at the same level as the penpheral .
tie bars (Fig. 2.4). It i5 suggested that either an additional bar be used for the peripheral
tie or the internal tie bars be extended and anchored around the top bar in the beam.

e g ]
| L
N N ———
- Additional bar ™ Extend tie bars
: for peripherat
tie
. & s @

FIG. 2.4 Anchoring of ties in slabs.

As stated earlier, these horizontal tie forces required can be grouped together in
beams if there are any. As will be seen in the next section it will probably be an
advantage to do so where beams are available, In this case it can be the top or bottom
beam bars which are made efiectively continuous.

- For precast concrete floor units the Code, in clause 5.1.8.2 and the Handbook in the
commentary to clause 5.3.4, give examples on how continuity ean be achieved but, as
with in situ construction, anchorage to the peripheral tie is not quite so straightforward.

L P

() COLUMN AND WALL TIE

All external load-bearing members such as columns and walls should be anchored or
tied horizontally into the structure at each floor and roof level. This force is to be the
greater of: (i) 2F, kN or (I,/2.5)F, kN, whichever is the lesser, for a column, or for each
metre length if we have a wall (I, is the floor to ceiling height in metres); or (if} 2% of the

total ultimate vertical load in the column or wall at that level,

Thus if the clear height is less then 5.0 m the force will be (I,/2.5)F,. from (i), which
we then compare with (if). For corner columns we need this force in each of two
directions approximately at right angles,

The Code does not say that these ties should be anchored to the peripheral tie.Indeed,
the implication from (b) ts that il the internal ties are grouped together in the beams and
continue as column ties they need not be.

These column ties must be properly anchored for the force involved and it is
suggested that these are terminated in a hook or bend. If they go round other bars at
right angles and are continued for 8¢ beyond the bend they can be considered as fully
anchored. Otherwise a full anchorage length beyond the face of the column is required.
With high stresses in the bars this may need a radius greater than the standard radius.
This can be modified by supplying more reinforcement than is needed and so reducing
the stress.

The full anchorage length from the face will be the same length as at the full design
stress (cf lap length under (b)). A useful detail at this junction can be seen in Standard
Reinforced Concrete Details published by the Concrete Society (1973), using loose U-bars.
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FIG. 2.5 Detail at corner column.

Ata corner column this detail would be i‘equired in both directions and if the periphera
tie is incorporated in the perimeter beam it is considered that the tie would be effectively
uninterrupted. This is illustrated diagrammatically in Fig. 2.5.

{d) VERTICAL TIES

Ifwe have five storeys or more we have to provide an effective vertical tie in all column:

.. and walls, and this is to be continuous from the foundations to the roof level. Althougt
effectively continuous, the reinforcement provided is required only to resist a tensile
. force equal to the maximum design ultimate load (dead and imposed) received from any

one storey.

For in situ construction this will genei-a!ly be met for all buildings, including those o
less than five storeys, by the normal design and detailing rules. For precast structure:
this may not be so straightforward, but clause 5.3. 4 of the Code gives recommenda-
tions on how this can be achieved.

2.4 Oifice procedure

The method of providing ties described previously will be the normal method o
ensuring robustness, There may, however, be cases where there are key element:
which have to be designed or where effective ties cannot be provided. In such cases
Section 2.6 of Part 2 of the Code gives guidance on how they should be treated.

Although every case will have to be treated on its merits it does seem that desigr
offices will have to decide on some standard detatls or principles for complying with the
tying requirements. It may be that tables or charts could be prepared so that a detalel
could refer to these to see the reinforcement required and then check against some
standard details to see (a) if this reinforcement is already provided and (b) if it is properly
anchored. Checks should be carried out as the design and detailing proceeds as this may
affect the layout of reinforcement required.
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The critical limit state for reinforced concrete structures will generally be ultimate. so
we shall start the design procedure by assuming this.
First we have to find the distribution of moments and forces by analysing the
structure. Quite cbviously we can analyse a structure as a complete structural frame
and where computer programs are available this will be done. In other cases hand

" “methods or small computers will be used and in this case it will generally be more

convenient to analyse parts of a complete frame.

Trrespective of the methods used, an assessment of section sizes will have to be made.
So-called rules of thumb are available for depths and widths of beams, and these have
generally been developed from previous experience. It is not the intention here to
elaborate on these rules, but bearing in mind that limit state design has not drastically
changed member sizes obtained from other design methods, it is suggested that any
existing rules the reader may have should be retained. For example, with continuous

 slabs spanning in one direction a span/depth ratio of 30 will still generally be

satisfactory, provided the durability and fire resistance requirements are satisfied. For
continuous beams a span/depth ratio of 12 to 15 is an acceptable starting point.
Having assumed some section sizes we can now analyse the structure. If a computer
is available the complete frame can be analysed using the relevant load combinations.
As regards the arrangement of loads or load patterning within each load combination

_ the number of load cases that could be considered will increase very rapidly with the

" numiber of floors and number of bays in the frame. The designer must bear in mind that

" heistrying to find the worst effect, not every effect. For exampie, the maximum moment

ina contmuous beam overa suppcrt occurs when the adjacent spans have maximum

" design load, This will also give the maximum load on the column, For the maximum

~ moment in a span, that span will have the maximum design load and the adjacent
" spans will have minimum design load. This will also give the maximum moment in the
" column, but with a smaller load. So, for column design the maximum load will have the

same load pattern on each floor, but for the maximum moments and loads associated
with them the load pattern will probably have to be different on different floors. The
designer will have to make his own decision; there is no quick answer.

The Code does, however, give methods whereby the frame can be divided into smaller
units which can be analysed separately and the results combined as required, e.g. for
the design of columns. Which clause is used depends on whether or not the frame is
providing lateral stability to the structure. If the frame is not providing lateral stability
then it will be subjected to vertical loads only and clause 3.2.1.2 is appropriate. If the
frame Is providing lateral stability then it will be subjected to vertical and lateral loads
and clause 3.2.1.3 is appropriate, The first case will be referred to as a braced frame and
will not sway. The second case will be referred to as an unbraced frame, and will sway.

3.1 Braced frame, ie. frame not providing lateral stability

In this case we are concerned with vertical loads only and we shall consider a series of
subframes. Each subirame consists of the beams at one level together with the columns
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) Typical load patterns lor a three- bay subframe are shown in Fig. 3.1,

For the loading patterns we consider load combinations (11 onlv tie. dead ard
imposed) and we take

1. all spans loaded with maximum design ultimate load 114 G+ 1.6 Q)
2 alternate spans loaded with maximum design ultimate boud (1.4 G+ b Qi o
other spans loaded with mlmmum desipgn ultimate load (1.0 [.Ll

1464160,

: WiVAVE S AV A

146+ 168, 10 6, 146+ 168,

4 //\\\\\\\\/////

i

oG, 146+ 160, 1-0 G,
SSsss /S /S S AN

o

FIG. 3.1 Vertical loads only — load combination {11

Although the frame will not sway. the answers obtained from o Till frame will differ
from those obtained from a series of subframes due (o the fact that in a full frame all
joints will be allowed to rotate. not ust the joints in the run ol beams under
con51deration as in a subframe. A

“There s a further simiplification in clanse 3.2.1.2.4, where continuous beams can be
analysed by ignoring the columns and treating the supports as simple: i.e. the beams
are capable of free rotation about the supports and there is no restraint from the
columns. The loading patterns will be the same as above,

Irrespective of the type of loading, the number of spans and the lengths of the Spans,
not more than three separate analvsas will be necessary (o prepare a bending moment
envelope. :

Provided a proper analysis is carried out (i.c. h\ preparing o hcndm;, moment
envelope. not using coefficients). be it full frame. series of subframes or simplifications.
redistribution of moments can be carried out within the limits to be discussed shorthy, 3!

Full frame and subframe will automatically give the column moments. Simplific
tions ignoring the columns will not. and in this case moments ean be found by a single
moment distribution procedute and will be discussed in ¢ hapler 11, Any change.
beam moments due to column restraint is gcm‘r.all\' u,nurcd. uulluluu.. lhdi at 1

= ey

reinforcement either by cye or by standard oﬁ‘u‘v practice. In miny cases this has heeii

[ T2
satisfactory. but the author feels that a calculation based on the relative column i
beam stifinesses should be done to ﬁnd the valuc of t!u- v-‘lminl at lhc cml of the Iw

the risk of cracking at this function owing to Ihc I‘.ul |I1.|l w nh mmml:tlm construce

some restraint will develop. but the end of the beam will try to rotate as il'it were s
supported. i.c. with no restraint.
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3.2 Unbraced frame, i.e. frame’ providing latera] stability

We now have to consider lateral loads as well as vertical loads. Where we have an
unbraced frame it will sway even under vertical loads where we have asymmetrical

gives the worst effects. We look at load combination (1) with its load factors and load
combination (3) with its different load factors, .

For load combination (1) we can find the moments and forces as for ‘vertical loads’
above. o ‘ .

For load combination (3) we can consider a series of subframes consisting of a run of
continnous beams with the columns above and below assumed to be fixed at their ends

remote from the beams (exactly the same as before) and all the beams are loaded with -

1.2 Gy+1.2 Q.. This takes care of the vertical loads. T these moments and forces we
then add those obtained from considering the whole frame Joaded with a lateral Ioading

of 1.2 W,, ignoring vertical loads, and for the frame we assume points of contraflexure

at midspan of beams and mid-height of columns, Such arrangements are shown in

JFig. 3.2.

‘r’ | . ‘r/ j Vertical

loads
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only
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FIG. 3.2 Load combination {3} T
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In this case we have two loading combinations to analyse and it will only be with

experience that the designer will be able-to decide whether it is necessary to analyse -

both. .

In certain cases it will be necessary to consider the eflects o load combination {2).1.e.
1.0 G, with 1.4 W, particularly with tall narrow buildings where tension may develop
in the columns. This was illustrated in Chapter 1.

In analysing an unbraced frame it is not recommended that the simplifications used
for braced {rames should be used, ie. simplified subframe and continuous beam
simplification. . S

Redisttibution of moments obtained by the methods of analysis given above can be
done within the same limits as for a braced frame except for structures over four storeys
in helght, as will be mentioned later. :

The definitions given 'm_clause 3.4.1 have a bearing on the spans and section sizes
when setting up the mathiematical model (i.e. line diagram) for the analysis. If one hasa
monolithic beam and slab construction, the decision has to be made as to whether to
use a Tee section, a rectangular section or a combination when considering the beam
section. In strength-of-sections calculations it is usual to use the Tee section, but in
analysis opinion varies, For a Tee or Ell section the Code gives the effective flange width
in clause 3.4.1.5. . Co

For a Tee section. the effective flange width is the web width plus 1./5, and for an Eil

section it is the web width plus ,/10. The distance 1, is defined as the distance between: =

points of zero moment, and for a continuous beam can be taken as 0.7 times the

effective span. For a single span simply supported, 1, will be the effective span. For the .

end span of a continuous run of beams it could presumably be taken as 0.85], but it is

proposed to use the value of 0.71. For a continuous beam the eflective flange width.

becomes b, -+0.14! for a Tee section, and b, +0.071 for an Ell section, -
The slenderness limits are quite liberal and as the efiective depth is one of the

dimensions involved, this has been modified so that if a beam is made far deeper than |

necessary, (for aesthetic reasons), the slendemness limits are not exceeded and the
member penalized. . = . - : . C ,

Having carried out an elastic analysis and obtained the bending moments one may
redistribute the moments provided certain conditions are satisfied. Redistribution of
moments means transferring some of the calculated moment at one position to another
position in the member. So the first condition is that equilibrium between internal forces
and external loads must be maintained, i.e. the overall height of the bending moment
remains the same for any particular loading. ‘Redistribution’ usually means
‘reduction’, soif the caleulated moment at a supportisreduced, then it means providing
aresistance moment at that position which will be incapable of resisting the total elastic
moment it can get. So at this position the member will become plastic and yield, and
there will be rotation.

- Consider now the behaviour of a loaded beam where there is a central point load and
the ends are fixed:
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As the load increases the beam behaves elastically until the plastic moment at one or
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more critical sections is reached, L.e. Where the steel has yielded. In this case it willbe REDISTRIBUTION

assumed that the resistance moment provided at the supports is half that at nmidspan
and has a value QI,/8. So for a particular load , the moment at the supports and
midspan is Ql,/8 and the steel now yields at the supports. )

Plastc mement
© af support = E”i,"@

a

J

Qiblﬂ

44

— emw — Piastic moment
al midspan = ZthIB

. Further loading will cause these hinges to rotate, but the moments at the hinges do '

not change. The extra moment required to balance the load is carried by other parts
of the member. . ' '

This will continue until the midspan moment reaches the plastic moment of that
section, when the structure fails. The beam has, in effect, behaved as a simply
supported beam with a moment capacity at midspan of 201,/8 — Ql,/8 =Ql,/8. This
will take a central point load of Q/2, so the gross central point load is 30/2.

al,se
3an '

!

I L,/

20(,(8

. From the ﬂesign point of view, this same bendihg moment diagram can be obtained

by calculating the elastic bending moment under the failure loading of 3Q/2 then
reducing the support moments while increasing the midspan moment by the
corresponding amount to maintain equilibrium.

This operation is what is meant by redistribution of moments, and although it can be

a useful design tool it must not be done indiscrimtnately. There are two major factors to
be taken into consideration. First, how will the modified design at the ultimate limit
state affect the behaviour at the serviceability limit states? Secondly, how may one

ensure that sufficient rotatiori occurs at the section where the elastic moment has been
reduced, prior to failure?

For the Brst of these considerations, condition 3 of clause 3.2.2.1 states that the

OF MOMENTS —
CLAUSE 3.2.2
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'resistance moment at 'ahy section should be at least 709 of moment at that section
obtained from an elastic maximum moments diagram covering all appropriate
combinations of design ultimate load". This means that when one has obtained an
elastic bending moment envelope and drawn a new envelope with ordinates 709 of the
original, any diagram or part of a diagram arrived at after redistribution must never fall
within this new boundary. ) _

The reasoning behind this is that redistribution is not permitted at serviceability limit
state, and the modified ultimate bending moment envelope must not come within the
service bending moment envelope. There are two methods of ensuring this. One method

is to prepare a service envelope, and the other is to assume that the service envelopeisa

percentage of the ultimate envelope. Although preparing a service envelope is more
correct, the percentage method is very close and a value of 70% has been arrived at,
which is an approximation for the ratio of service load to ultimate load if dead and
imposed loads are equal,

By using the percentage approach it can be seen that the points-of contraflexure for
the service and ultimate moment envelopes remain in the same position. This is
important from reinforcement considerations, as can be seen by relerring to the
diagrams above for a point load. . . . . L.

The first diagram can be regarded as the service moment diagram and the point of
contraflexure is I/4 {rom the support. The second diagram is the ultimate moment
diagram after theoretical redistribution and the point of contraflexure has now moved
to I/6 from the support. Reinforcing to this smaller dimension would not be satisfactory
for service conditions. As the design moment must be at least 70% of the elastic analysis
moment it means that the maximum amount of reduction is 30% of the analysis
moment. This applies at any section being considered.

An example of redistribution using the 709 line is as follows. Suppose we have a

bending moment envelope thus:
/ 200

- 300

280
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obtained from {a):

300

200

/

100

200
\ /1120

280

and (b):

The maximum support moments are 300 kN m and 200 kN m, with the span morsent
of 280 kN m. The support moments could be reduced to 210 kN m and 140 kN m
respectively, which means the span moment in (a) would be increased to 175 kN m:

210
140

~__

17%

Fo;r' the span moment in (b), this c;c;uld be reduf.t.:d to 196 kN m, but this would mean
the support moments would be increased to 284 kN m and 204 kN m respectively, i.e.
almost back to where we started. :

284
204

N

196

Soitis not possible to take {ull advantage of the maximum allowable redistribution at all
sections simultaneously. By increasing the support moments in (b} to 210 kN m and
140 kN m (i.e. those obtained by reducing the maximum support moments) we can
reduce the span moment to 265 kN m - a modest reduction of 15 kN m.

29
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265

The redistributed envelope would be

210
. 140 r

265

If we now consider the original elastic bending moment envelope and superimpose the
70% line, it is fairly obvious that the points of contraflexure for the hopgging part of the
diagram, i.e. points B and C, have moved towards the supports, becoming B’ and C', and [
points A and I have moved away from the supports to become A’ and I. All four points v
contravene the 70% line rule which means the points of contraflexure remain where
they were. i

300 . . . - -

210
200

140

—— 70 line

We finish up with an envelope thus:

210 )

\Nore: deviurionrfrom .
redistributed curve
to comply with 70 % curve y

265
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to try for equal span and support moments. When adjusting diagrams, however, it is
most useful to have a 709, moments diagram available, as it then becomes very obvious
whether one is encroaching on this area,

The second consideration as stated above is thfit if some reduction in moment ismade -

ata section there will be rotation and the section design must cater for this. The amount

nentral-axis depth the concrete wil] fail before the reinforcement yields — whereas with
a small nentral-axis depth the reinforcement will yield first.

I i
° o A | . .

Large x Small x

Condition 2 in 3.2.2.1, therefore, is written in terms of x. Where the maximum
moments have been reduced, neutral-axis depth, x, should be checked and this should
not be greater than {B,—0.4)d, where d is the effective depth and B, is the ratio

moment at the section after redistribution <1
moment at the section before redistribution =~

Note that this requirement only applies in regions of maximum moments.

With 10% reduction, i.e. £,=0.9,.the depth of the neutral axis is restricted to 0.5
times the effective depth. For the maximum amount of 309, reduction, i.e. B,=0.7, the
neutral-axis depth is decreased to 0.3 times the effective depth. -

What this means, in practice, is that if redistribution has been done, one must find the
limit on the neutral-axis depth, and this, from the design charts or equations, will
determine the reinforcement required to ensure that this limit is not exceeded. This will
be dealt with more fully in Chapter 5.

This condition coacerning the neutral-axis depth will rule out the possibility of
reduction In moments in a column unless the axial load is very small. We shall,
therefore, have the odd position in framed structures that if we redistribute the beam

provides the stability for a building we are restricted to a 10% reduction in moments if
the frame is more than four storeys in height.

REDISTRIBUT]
OF MOMENT
CLAUSE 3,;
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EXAMPLE 3.1 Vertical loads only

-

Three-span continuous beam. w1th equal spans of 10. 0 m. Beam and -;!ab constmctton
thus:

[

150 J. .
| 1450 : ’
N
. - i 300 ;
L 4000 1

-

A line d:agrarn in the direction of the span ol' the beams is shown below. External
columns are 300 mm square and internal columns are 400 mm sguare. The beams to
be considered are at first floor level.

[ ]
(=]
1 7=)
~
o
o
alo|a 8 c o
—
g W W
w 4
- J \S\!
4 4 | .
. 10 000 v 10 000 L 10000
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We assume:

1. all supports classed as simple )
2. complete subframe takmg columns into account ‘
3. sunphﬁcd subl'ramc a

The ImpOSEd load for. occupancy is5.0 kN/m and we shall take 1.4 kN/m? for finishes.

Characteristic dead loads

Slab 0.150x 24 x4 =14.4 kN/m
Finishes 1.4x 4. =" 5.6 kN/m
Self - 045x03x24— 32lcN/m

TotaI—23 2 kN/m
Charact_cristic impo'scci load:

Slab 5.0x4=20 kN/m

Design loads — ultimate limit state, load combination (l.):

Minimom =23.2x1=23.2 kN/m .
Maximum=23.2x1.44+20x 1.6=64.5 kN/m
Minimum free moment =23.2x10%/8=290kNm
Maximum free moment=64.5x10%/8 =806 kN m
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REDISTRIBUTIC
distribution. The values of the moments have been rounded off-to the nearest whole  or MoMENTS
number. - CLAUSE 3.2,

Section 1  All simple supports K -

Loading cases a-re:

1. all spans loaded with maximum design load
2, AB, CD maximum design load

BC minimum design load
3. AB. CD minimum design load

BC maximum design load.

. 645 645
Caose (1) ' /
l . )
b
a \/

[
_ 161
516
439
Case {2)
l j
“illles. : 602 439 439
2 Case (3)
P 1 L .
\__/ 7
TA 112 fB ¢
Elastic
envelope

. 602
FIG. 3.3 Simple supports ~ no redistribution. -
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The bending moment diagrams [or the separate cases are shown in Fig. 3.3 topether
with the bending moment envelope..On the envelope diagram the 70% envelape has

also been drawn. As the diagrams are symmetrical only two spans have been drawn.

As the criteria for uniformly-loaded continuous beams with approximately equal
spans are met we can compare these moments with those obtained from Table 3.6 of
the Code.

Near middle of end span: 0.09x 645x10=581 kNm o -
At supports B and C: 0.11x643x10=710kN m
At middle of span BC:  0.08%x645x10=516kNm

From a comparison it can be seen that the support moments and span BC moment are
greater if taken from Table 3.6. This is because these moments are less for a three-span
beam than for a four- or five-span beam and Table 3.6 has to cover all cases.

It will also bé seen that analysis gives a hogging moment in span BC, whereas
Table 3.6 does not. As will be seen later the simplified detailing rules cope with this. It
must also be remembered that in using this table we cannot do any redistribution. With
the bending moment diagrams we can, and this will now be done.

Redistribution

The maximum moment at the supports is 645 kN m and this can be reduced by 30% o
452 kN m. For load case (1) the moment in span AB will now increase to 586 kN m and
in span BCto 354 kN m. | )

If we now examine load cases (2} and (3} it can be seen that the moments at the
supports are less than the redistributed moment calculated above. By increasing these
elastic moments to 452 kN m, we could reduce the span moment in AB to 596 kN m
{load case (2}) and to 354 kN m in BC (load case (3)), but it does not seem worth the
effort. When the reinforcement has been determined for the redistribution support
moment it will probably give a resistance moment in excess of 452 kN m anyway.

Cuse (1) 452 : 452
redistributed \

354
536 452 452
Redistribured
envelope (3) {2)
149
(3}
{2} 367
602

. FIG. 3.4 Simple supports — alter redistribution.
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So a reasonable rule to follow Is: if the maximum support moment is reduced and the
elastic moments from other load cases are less, then leave the load cases alone:

The modified diagram for load case (1) and the redistributed envelope are shown in
Fig. 3.4. I this redistributed envelope is superimposed on the elastic envelope it will be
found that It is always outside the 70% envelope.

Section 2 Complete subframe . ".

In this analysis we take the columns into account and it will be assumed that the bases
provide nominal restraint only, The design loads and loading cases are identical to
those of section 1. The bending moment diagrams and envelope are shown in Fig. 3.5,
As can be seen the columns have quite an effect. One of the big differences is that the
moments at the support are different on opposite sides of the column. To make a

664 566
Case {1) . 566
201 /
: !
TA g \_/ ¢
, 240
330
570
Caose {2)
. 277 277
KZ] ' ) \ /
TA \_/ 1 y i

420

482 482

Case (3)

B

f“\__/ 8

115

332

Elastic
envelope

70 % line

420
FIG. 3.5 Complete subframe ~ no redistribution.

35

REDISTRIBUTION
OPF MOMENTS -
CLAUSE 3.2.2




36

ANALYSIS OF
STRUCTURES

¥

comparison with the results in section 1. redistribution will ~w carried out awaydfrom
the supports. b

The maximum moments at interior supports occur under . »ud case (1). In 8pan AB
the moment of 664 kN m will be reduced by 30% to 465 kN .. In span BC the moment
of 566 kN m will be reduced to the same value of 465 kN m. & reduction of 189,
Having established this support moment of 465 kN m we sh=Il now look at the other
load cases. For load case (2} in span AB reduce the momext at B of 570kNm to

" 465 kN m, but leave span BC as it is. In load case {3}, reducs the support moment in

span BC, but leave span AB as it is.

For the support at A we will use the moment of 201 kN m w-hich means reducing the
moment at A in load case{2) only. The revised diagrams ar= shown in Fig. 3.6. The
envelope is also given, but note that in the regions of the inte—ior support this has been
modified to coincide with the 70% elastic envelope.

Remember that although the moments in the beams at tk= beam column junction
have been modified. the moments in the columns remain w=afected.

Case (1) 4865
N
1A \_/ N

479

Case (2)
277
N

1)! : - ' 3 - ﬂ

—d

479

- 465
Case (3) 332 _
\______./_ A
2 115 . \_/ C1

et

Redistribured

465
envelope

14

©
—

','1'.1

478
FIG. 3.6 Complete subframe — with redistribution.
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Section 3 Simplified subframe . ' -

’ REDISTRIBUTION
For a three-span beam, the use of a simplified subframe does not save any time — it OELA:?J:‘:’;TSS
would in fact take longer. It Is shown here to demonstrate the principles. o
Span BC ' _ g Y
. - ' b
The subframe we have to consider is shown belo;v with the stifinesses indicated to
illustrate the point that the stiffnesses of spans AB and CD are taken as half their actual
stiffness. boo B 0t X 2 1z
' - 7o
, 3.4 0% i
3 b T;czo-ss L Tk:O-EB
L k=027 k=054 k=027
5 8 c 05 e T t o xnd
—
lk-_- 0-35 lho-as 2 05V b b

Using the same loads and load cases as in section 2 we can obtain a combined bending
moment diagram for span BC as shown In Fig. 3.7. From this it can be seen that the
moments are similar to those obtained in section 2, but the support moments are
slightly less. ' \

538
475

256
L4

FIG. 3.7 Interior span — no redistribution.

Span AB '
The subframe is as shown below. Note that the stiffness of BC Is taken as half its actual

stifiness.
T;: 0-19 ‘r;=0-59

k=054 k=027 o
A la cV

k=011 k=0-35

For this the load cases will be:

1. both spans maximum load
2. span AB maximum, span BC minimum
3. span AB minimum, span BC maximum.

Again we can obtain a combined bending moment diagram which, as can be seen in
Fig. 3.8, gives moments identical to those of section 2.
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Conclusions

* have to be considered the procedures carried out in section 2 of Example 3.1 should be

664 -
570

332
221

200 .
52 b

FIG. 3.8 Exterior span.

The results from sections 2 and 3 are very similar, but section 3 does not really give an
overall picture.

Many designs of a framed structure have been carried cut using section 1, ie.
ignoring the columns, and finding the column moments from the ratio of the stifinesses
and the maximum out-of-balance moments, but not altering the beam moments, This
is conservative but safe. This is dealt with more fully in Chapter 11. The eflect of the
exterior column, however, will be dealt with here as this can be considered in the beam
design. The moment in the column at A can be taken as

0.19 | :
b : 538=
above 4 (0.19+0.11+0.54/3.)>< §=179KNm
. 011 -
: 538=
below A (0-19+0_11+0.54/2)x 104 kN m

where 538 kN m is the fixed end moment for span AB with the maximum load. So the
moment in the beam at A would be 179 + 104 =283 kN m, which israther larger than
the moment obtained from section 2 or section 3.

The analysis carried out so far has been for a braced frame and any of the methods
discussed will give a satisfactory answer. For an unbraced frame where lateral loads

performed (i.e. a subframe) and the results then compared with those obtained from
load combination (3) (l.e. a 1.2 load [actor on all loads) to see which gives the
maximum moments. This will be done in Example 3.2.

EXAMPLE 3.2 Lateral and vertical loads

The same member sizes as in Example 3.1 will be used although it is probable that some
column sizes may be increased if the lateral stability depends on the frame. It will be
assumed that the building is 12.0 m high and the characteristic wind load is
1.0 kN/m?, i.e. 8.0 kN/m height per frame..

We now have to consider the design loads under load combination (3). To make a
straight comparison with Example 3.1 consider the first floor,

Vertical loads  (23.24+20.0)x 1.2=51.8 kN/m
Horizontal loads 8.0x 1.2=9.6 kN/m.

PN e e s
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For the vertical loads a subframe will be used as in section 2 of Example 3:1. For the 3¢
horizontal loads we shall consider the'whole frame with the wind forces acting at the REDISTRIBUTION

external beam column connection, with the internal columns takmg twice the OQF.MOMENTS -
horizontal force taken by the external columns. . CLAUSE 3.2.2

Vertical loads

There is only one case to consider now. From the free bending moment in any span of
51.8 x 10?/8 =648 kN m the bending moment diagram is as shown in Fig. 3.9 (note
that the effects of sidesway have again been neglected),

533 533
454 as4

K %
I I l Ve

34
FIG. 3.9 Complete subframe — vertical loads for load combination (3).

Horizontal loads

14-4 kN
.,‘ s
36m
28-8kN
pu N
) 3I6m
3ZB kN h
—_
44m-
—_—
. 10m L 10m : L 10m L
4 1 1 L

At first floor this will produce 2 moment diagram thus:
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- section will therefore be assisted by the other section. With 30% redistribution there is

|

The effective diagram is: .

i

(5]

(%)

(5]
-
on
N

306

As the wind can also act in the oppt.:sitc direction the envelope is given in Fig. 3.10.

604 4
525 525 80
kz il

N~

N = | Nl

326 328
FIG. 3.10 Complete subframe - lateral and verticaj loads.

Comparing this with the elastic moment envelope from section 2 of Example 3.1, itis
apparent that although the support moments are similar, the span moments from load
combination (1) are greater and would be used to determine the reinforcement
required. Although the column moments from load combination (3) are greater, the
direct load will be less and the columns will have to be designed on the worst
combination. This will be done in Chapter 11.

34 Summﬁry

From other examples that have been worked out the only conclusion that can be drawn
is that for an unbraced frame subject to lateral loads all load combinations must be
considered. With computers and plotters being more generally available this will not
make very much additional work,

Concerning redistribution the main question is whether or not any advantage is
gained. Using a computer program and plotter will give all the details. From the brief
examples shown it can be seen that the main advantage is at supports where reduction
in number of bars is always a help to construction. It will mean, however, that the
designer must consider what he is trying to achieve and in the construction the
positioning of bars is critical,

Without redistribution there is the additional safety factor that maximum moments
cannot be reached at span and suppert simuitaneously. A decrease in strength at one

not such a large factor and this would give the most economic design, but this may not
always be the most practical. Many design offices have decided to use 15%
redistribution as normal practice, which seems to be a good solution.




As mentioned in Chapter 1, durability is vitally Important for reinforced and
prestressed concrete structures, Together with fire resistance, durability depends on the

workmanship,

4.1 Nominal cover

Concrete cover tg reinforcement is always referred to In terms of nominal cover and is to
all reinforcement, including links. This is the dimension used in design and indicated in
the drawings, but it s realized that this dimension can never be maintained 100%man
actual structure. There must be tolerances. The actual cover to all reinforcement
should never be less than the neminal cover minus § mny, B :

On the other hand, as given in Section 7 of Part 1, where reinforcement is located in
relation to only one face of a member the actual cover should not be more than the
nominal cover plus:

5 mm on bars up to and including 12 mm size:
10 mm on bars over 12 mm up to and including 25 mm;
15 mm on bars over 25 mm size, ' -

A steel ixer has therefore to be careful to avoid too much cover as well astoolittle cover.
The nominal cover should: (a) comply with the recommendations for bar size,
aggregate size and concrete cast against uneven surfaces: (b) protect the steel against

corrasion; (c) protect the steel against fire; and (d) allow for surface treatments which
may reduce the cover, R . .
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Table 4.1 Equivalent bar sizes

Two bars Three bars Four bars
Total Eguivalent Total Eguivalent Total Equivalent

Size area size area size areq size
{mm) (mm?) {mm) {mm?) (mm) {mm?) (mm)

6 56.6 9 84.9 10 113 12

8 101 11 151 14 210 16
10 157 14 236 17 314 20
12 226 17 339 21 452 24
16 402 23 * 603 28 804 32
20 628 28 - 943 35 1260 40
25 982 35 1470 43 1960 50
32 1610 45 2410 - 558 3220 64
40 2510 57 3770 a9 5030 80

Equivalent sizes have been rounded off to the nearest whole number.

laps there should never be more than four bars in contact. This will be discussed more
fully in Chapter 8. The equivalent sizes for pairs and bundles are shown in Table 4.1.
There are occasions when the nominal cover to links will require a greater cover to
main bars, and this should always control.

In the past it has been the normal procedure to fix the spacers to the main bars and in
many cases the cover to the links has been much less than intended. This has been in
spite of the requirement that nominal cover has been specified to all reinforcement,
including links. It is hoped that this procedure will change and spacers will be fixed to
the links and not the main bars in beams and columus.

4.3 Aggregate size

The nominal cover should not be less than the nominal maximum skze of aggregate.

This will help the proper flow of concrete around the reinforcement and hence the
compaction of the concrete. :

4.4 Uneven surfaces

H]

Concrete cast against uneven surfaces generally applies to concrete in foundations and
is more related to durability. To ensure an adequate minimum cover it is recommended
that where concrete is cast directly against earth the specified nominal cover should
generally be not less than 75 mm, Where adequate blinding is provided {this will
normally be the underside of a base) the nominal cover should be not less than 40 mm.

4.5 Cover against corrosion

This is the key to durability and, as mentioned briefly in Chapter 1, is where the
designer really starts in selecting a grade of concrete for his structure. Although
Table 3.4 in the Code gives the necessary related requirements regarding cover, grade
of concrete etc., the first decision is made using Table 3.2 of the Code, exposure
conditions. Five environmental conditions are given with a description of the exposure
conditions envisaged. Examples are not given in the Code itself as it was felt that
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designers should assess their own particular circumstances. The Handbook; however,
does give some examples which may assist the designer in making a decision.

Having classified the various parts of the structure, and hence the grade of concrete
related to to cover, the next decision is whether or not to vary the grade of concrete
throughout the structure. For example, with a mild condition of exposure (internal
concrete in shops and offices) a Grade 30 concrete could be used with 25 mm nominal
cover to all reinforcement. This grade cannot be used for other conditions of exposure,
and for a severe exposure the concrete must be a rmnlmum of Grade C40. It is poséible
that some small proportion of a structure is classed as severe whilst the remainder is
moderate or mild. In this case a change of grade might be used, but generally a
consistent grade will be used throughout.

A relaxation on cover to theends of straight bars is given in clause 3.3.2.1t should be
emphasized that this only applies to mild exposure. The relaxation can be useful when
calculating bearing lengths for precast floor units. As the Handbook points out, there is
a possibility of rust staining during construction which will not affect the efficiency of
the unit but may affect the appearance. Tables 3.2 and 3.4 of the Code have not been
reproduced here as the author considers the reader should refer to the Code itself and
become familiar with the requirements given therein.

4.6 Cover as fire protection

Cover for protection against corrosion may not be sufficient for protection against fire.
In Part 1 of the Code, Table 3.5 and Figure 3.2 give values which will ensure that the
fire requirements are satisfied. These values are based on recommendations given in
Section 4 of Part 2 and the reader is strongly advised to study this section of the Code to
try to understand how the more simplified approach in Part 1 has been derived.

In using Table 3.5 there are some important points to note.

First, in Section 4 of Part 2, cover to reinforcement in beams and columns is related

to the main reinforcement whereas Table 3.5 uses nominal cover to all reinforcement
as for durability. A notional allowance for stirrups of 10 mm has been made.

Secondly, the nominal covers in Table 3.5 relate specifically to the minimum
member dimensions given in Figure 3.2. If smaller members are used then increased
covers may be necessary; these are given in Section 4 of Part 2. For example, a two-
hour fire resistance beam has a minimum width of 200 mm from Figure 3.2 and a
nominal cover of 40 mm for simply supported and 30 mm for continuous beams.
Table 4.3 in Part 2 gives the same net requirements for a simply supported beam. With
continuous beams the minimum width can be 150 mm with a nominal cover of 40 (i.e.
50 minus 10}, but if the width is increased to 200 mm then the nominal cover becomes
30 (i.e. 50 minus 10, minus 10, as given in Table 4.1 of Part 2).

This does not always happen, as using a one-hour fire resistance will demonstrate.
Table 3.5 appears to have adopted a 20 mm minimum nominal cover to line up with
Table 3.4, durability.

Thirdly, Table 3.5 refers to beams. floors and slabs as being simply supported or
continuous. Part 1 does not explain the difference but Part 2 says that continuous will
be ‘where the designer has made provision for fixity in resistance to normal loads by the
provision of reinforcement properly detailed and adequately tied to adjacent members'.
It is assumed that the normal design and detailing rules would be satisfactory, but the
1978 report Design and Detailing of Concrete Structures for Fire Resistance — [nterim
Guidance by a Joint Committee of the Institution of Structural Engineers and the
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Concrete Society {Institution of Structural Engineers, April 1978) does give an
understanding of the requirements for good detailing,

Fourthly, note 2 below Table 3.5 draws attention to where the nominal coyer
exceeds 40 mm. CP110 caused a great many problems here. by sdying that
‘supplementary reinforcement consisting of expanded metal lath or wire fabric or 3
continuous arrangement of links at not more than 200 mm centres should be
incorporated in the concrete cover at a distance not exceeding 20 mm from the face’,
The use of fabric had practical difficulties in keeping th"(_a fabricin place and compacting

the concrete. Although its vse is still included in the Code, four other alternatives are

now given in Part 2 and it is hoped that these will be used.

Finally, a distinction is made between a rib in a ribbed floor and a bearn. This is given
in4.2.7 of Part 2 and was inserted to ensure that ribs did not move too far apart (beams
need minimum links for shear, ribs in fleors do not - see later chapters).

4.7 Selection of apprbpriate cover

In choosing the appropriate cover for & particular structural member the designer must
take the greatest nominal cover derived from:

1. bar size;
2. environmental conditions;
3. fire resistance.
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Having found the maximum moments at nltimate limit state we now have to determine
the areas of reinforcement which will provide resistance moments at least as large as
the design moments. The analysis of a cross-section to determine Its moment of
resistance at ultimate limit state is based on the following assumptions.

(a) CONCRETE

1. The strain distribution -in the concrete in compression is derived from the
assumption that plane sections remain plane.

2. The stress distribution in the concrete in compression may be derived from the
stress—strain rel=Hon in Fig. 2.1 of the Code with y_ = 1.5. Alternatively, the simple
stress block shown in Fig. 3.3 of the Code may be used.

0.0035 0.67f.,/18 0675115
V D — A
Skrain Sl'ress rectangular Sl'ress-s:mpltfled
parabala. or

It should be noted that in developing some of the equations in clause 3.4.4.4 the
maximum stress value is retained as 0,67 f_,/1.5 rather than the approximation of

0.45f_, which has been used elsewhere in the Code. This will be made clear wheu these
are discussed.

3. The tensile strength of the concrete is ignored.

{b) REINFORCEMENT

4. The strains in the reinforcement, whether in tension or compression. are derived
from the assumption that plane sections remain plane.

5. The stresses in the reinforcement are derived from the stress—strain curve in Fig. 2.2
of the Code with y, = 1.15. As was pointed out earlier the maximum design stress is

the same for compression as for tension, which is 400 N/mm? for grade 460
reinforcement.

5

45



46

STRENGTH OF
SECTIONS -

ULTIMATE LIMIT .
STATE

(c} GENERAL

6. Where a section is designed to resist only flexure. the lever arm should not be
assumed to be greater than 0.95 times the effective depth. This Is_ intended
principally for beams and slabs where the tension reinforcement is in the bottom.
The concrete in the top of a beam or slab is not as well compacted as that in the
bottom. To ensure a designer does not rely an a few millimetres of this concrete a
minimum depth is given of approximately 0.1d, but,stated in terms of the lever arm.

These are the basic assumptions and in the actial design to find the amount of
reinforcement required we can use: (a} design charts; (b) design formulae; or (c) strain
compatibility. -

5.1 Design charis

These are in Part 3 of the Code and have been prepared using the rectangular-parabolic
stress block for the concrete and the bilinear stress-strain curve for the reinforcement,

The charts are for rectangular sections reinforced in tension only {singly reinforced), or

in tension and ‘compression {doubly reinforced). Appendix A of Part 3 gives notes on
the derivation of the charts and in the equation for the concrete compressive force at
failure it can be seen that 0.45f_ has been used rather than 0.67/,/1.5. As in the
previous charts, the full area of concrete in compression has been assumed even where
compression reinforcement is present. The singly reinforced charts are for retnforce-
ment Grade 250 and Grade 460 with different concrete grades. ‘

The doubly reinforced charts are for a particular grade of concrete, reinforcement
Grade 460, and a particular value of d'/d. - ’

A typical doubly reinforced chart is shown in Fig. 5.1 and the use of the chart is quite
straightforward, but these are some important points which must be borne in mind.

0.8 1.0 1.5 2.0 25 3.0 33
13 3 40 x/0=03 ——
3 ! i LA 2
12F - L 420  x/dz 04 e
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FIG. 5.1 Doubly reinforced beams, )




. Although the design charts appear to apply only to solid rectangular sections such

asrectangular beams and solid slabs, they can be used for Tee or Ell beams where the
neutral axis is within the flange,

. On the chart there are three different types of dotted line and these are noted as when

the neutral-axis depth factors are 0.3, 0.4, 0.5, These lines are very important when
redistribution has been carried out. As explained in Chapter 3, the percentage
redistribution is expressed in terms of the maximum moment at the seation
considered. So, if the amount of redistribution is 30%, ie. §,=0.7, then the
maximum depth allowed for the neutral axis is 0.3d. This means that we cannot use
any part of the chart to the right of the line for x/d=0.3. Similarly for 20%
redistribution we cannot-go to the right of the line for x/d=0.4 and for 10%

 redistribution we cannot go to the right of the line for x/d=0.5.

. For small amounts of redistribution below 10% a designer would need a further line

for x/d=0.6 (Le. B, equals 1) and then interpolate. This is being very accurate and a
more convenient method is to use a line joining the kinks on the graphs. This line is
for x/d=0.636, and beyond this the curves flatten out, So interpolation can be
carried out if required. It is unlikely that a designer would be using the flat part of the
curve as the amount of tension reinforcement increases very rapidly with very little
increase in moment of resistance.

. A line is drawn for 1004]/bd=0, Le. singly reinforced, and this can be used for -

interpolation for IOOA,/bd 0.2, the minimum amount of compression reinforce-
ment.

. At the lower end of the chart where the lmes merge, take the lowest value of

1004;/bd of the mergmg lines.

5.1.1 Example of use of chart

Usingf,=35 f 460, d'/d=0.10, read from the chart the percentage of reinforcemeut '

for

(a)

M/bd*=6 havmg 0, 109, 20%, 30% redistribution.

NO REDISTRIBUTION

The results can be tabulated thus:
Compression (%) Tension (%)

0] 0.0 2.0

(ii) 0.5 1.74

(ili) 1.0 1.66

{iv} 1.5 1.64

Other factors may influence the choice, but the arrangement (i) gives the minimum
total percentage.

(b)

10% REDISTRIBUTION

We cannot go beyond the line for x/d=0.5 so the only choices we have are
arrangements (ii), (iii), {iv) in the table above. :

R
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(e}20% REDISTRIBUTION

Restriction is now the line for x/d=0.4 and the arrangements are:

Compression {%) Tension (%)
(i} ; 0.4 1.78
{ii) 0.5 : 1.74
(i) 1.0 . 1.66 e
(iv) 1.5 - 1.64 -

{d) 30% REDISTRIBUTION -

Restriction is now the line for x/d=0.3 and the arrangements are:

" Compression (%) - Tension (%)
0] 1.0 1.66

(ii) o 1.5 1.64

The more redistribution that has been carried out the more likely is the need for
compression steel. This is to be expected, as for the same moment of resistance and the
depth of the compression block reducing, we must add in compression reinforcement to
keep the compression force up, even though the lever arm is in fact increasing.

5.2 Design formulae

These are given in clauses 3.4.4.4 and 3.4.4.5 and are based on the simplified
rectangular stress block for concrete. Clause 3.4.4.4 deals with rectangular sections,
but can also be used for flanged sections where the nentral axis comes within the flange.
The equations are now presented in a format for calculating areas of reinforcement
required, both for tension and compression. Unfortunately they do not give an equation
whereby, knowing the area of reinforcement and section size, the moment of resistance
of the section can be calculated. This will be given later in this section.

For the reinforcement, it is assumed that the maximum design stress of 0.87f, has
been reached in tension and compression. To achieve this for the tension reinforcement
the maximum depth of the neutral axis is limited to d/2. From the strain profile it can be
seen that e, the strain in the tension relnforcement, can never be less than 0.0035. This
is greater than 0.002, the value at which the reinforcement reaches its maximum
design stress.
ler. 0.0035 '

o+ 5

A _

For the compression steel, however, for £ to be not less than 0.002 the value of d'/x
must not be greater than 0.43. II'd'/x does exceed this value, which can happen if the
highest amount of redistribution has been carried cut, then the actual stress should be
calculated.

The Code uses the non-dimensional expression M/bd?f_, and refers to this as K, with
an upper limit for singly reinforced sections referred to as K'.

X
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5.2.1 Singly reinforced rectangular sections

The equations can be derived as follows: .

‘| z= d-0.45x

Section Forces
Concrete force C=(0.67/1.5)_b(0.9x)=0.402/_bx : (5.1)
Steel force T=0.87f,4,. | ' (5.2)

By equating forces we can obtain x, and from z=d—0.45x we can obtain an expression
for z in terms of A, such that . ~

L p=d(1—-0.97LA M bd). (5.3)

This equation is the one referred to earlier which is not in the Code.
Taking moments for the tensile force about the centre of compression, we obtain

M=0.87fA.z. {5.4)
Hence a moment of resistince can be found.

As stated previously, the Code equations are primarily concerned with calculating
the area of reinforcemént required for a particular design moment. From equations

(5.3) and (5.4), by eliminating A, we can arrive at the expression given in the Code for
calculating z as

z/d=[0.5 +./(0-25—K/0.9)] (5.5)
where
K=M/bd’f,.

Having calculated z we can now find the reinforcement required from equation (5.4)
rearranged as '

A,=M/0.87(z.

The upper limit for K (i.e. K’) for singly reinforced sections is derived as follows.
Taking moments for the compressive force about the centre of tension, we obtain

M=(0.67/1.5)f_b(0.9x)z. (5.6}

For redistribution not exceeding 10% the maximum moment of resistance is obtained
when x==d/2.

M’ =(0.67/1.5)_b(0.45d) (d—0.45d/2)=0.1 56 bd2. (5.7)
Where redistribution exceeds 10%, 3.2.2.1 requires that _

*<(f,—0.4)d.
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- 5.2.2 D;Jubly reinforced rectangular sections

Substituting this value in equation (5.6) we have
M'={0.67/1.5)_b(0.9)(f,—0.4)d[d— 0.45(f, — 0.4)d]
={0.402(p, —0.4)—0.18(f, —0.4)*1f bd™. . {5.8}
If M'=K'f_bd? then )
=0.156
where redistribution <10% K i

and
K'=0. 402()3,,——-0 4) 0.18(8,— 0.4)

where redxstnbutlon > 10%.

Note that we have used. M for the desxgn moment and M’ for the moment of
resistance of a singly reinforced section.

The value for z/d obtained from equation (5.5) must never be taken as greater than
0.95 when used to calculate the area of reinforcement.

Far designers with calculators or small computers these calculations can all be done i
very quickly, but the author has found that tables relating M/bd* (not M/bd’f, ) to the |
percentage of reinforcement required can also be extremely useful. These, of course, I
have to be related to a specific grade of concrete. They can also be used to find the
moment of resistance of a section kmowing the percentage of reinforcement. The tables
have been published separately in Design Data for Rectangular Beams and Slabs to
BS8110: Part 1 (available from E. & F. N. Spon) and also cover doubly reinforced
rectangular sections, which will now be explained.

—t |
| '
T
o % Al / x 0.95[ ¢
pd
d - T z=d-0.45%
A 7
——
Section Forces

When the design moment is greater than K'f bd?, compression reinforcement is

required and so we have an extra force, T'=0. 87}',{1,. providing the limiting value of '

d'/x is not exceeded.

The nentral axis depth is now fixed and depends on the amount of redisl:r:hutmn
carried out.

The arez of tenston reinforcement required is in two parts. The first part is to balance
the cornpression force in the concrete (C) and the second part to balance the force in the
compression steel (T').

At the limiting value of K’ the area of reinforcement reguired to balance the concrete
force is K'f bd?/z, so, equating forces,

0.87[ A=K bd*/z+0.87[ A, (5.9)

T

)
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B ~ ' A,——-K'fmbd1/0.87f,z+d;_ ) {5.10) DESIGN
- . ) : FORMULAE
.8) The value of z is obtatned from equation (5.5) where K’ Is used instead of X,
I Obviously A; must be obtained before 4, can be calculated and this s found by taklug

moments for the compression forces about the centre of tension.
M=K'f bd*+0. 87f,A (d —~d,

A

i.e.
A =(M-K'f bd%)/0.8 7f,(d—d’ )

=(K—KVY bd?*/0.87(d—d). {5.11)

It s iImportant toremember that if the maximum amount of redzstnbution Is carried out
the maximum value for x/d=0.3. Hd'/d=0.2 then d'f{x=0.67, which is well in excess
of 0.43. The stress in the compression reinforcement will then be reduced to
+233 N/mm* for grade 460 steel and the value of A! in equation (5. 11)isincreased. This
will also affect equation (5.10).
In fact, it might be better to rewrite equations (5.10) and (5.11) as

A=K bd*/0.87fz+[ A:/0.87f, 0+ (5.100)

ettt b4 -t ok e A 3 . 1 e

t of

than

1 i
: 2 I
o -
I

.one
|

and —_— .
A =(K—K'Y bd*/f (d—d) (5.11a)
where f,.=0.87f, for &'/d<0.43. '
In the Manual far the Design of Reinforced Concrete B uddmg Structures, prepared by a
Joint Committee of the Institution of Structural Engineers and the Institution of Civil

Engineers (Institution of Structural Engineers, October 198 5)itls suggﬁted that where
d'[x is greater than 0.43 then [ =700(1 —d'/x). .

5.2.3 . Singly reinforced flange sections where neutral axis falls below the
flange

Although the Code says the neutral axis is below the flange, what it really means is that
0.9xis greater than the depth of the flange, h;. Also, in deriving the equattons it assumes
that x=d/2. The equations have been denved as follows:

E—
-.L &
09x
& d-h /2
d d-0.45x r
A!
—— | - —--.—- — —
. b,
Section Forces

C, =force in flange outside web=0.45f, (b—b )hr
C,=lorce in web=0.45/_5,(0.9x)
T =0.87/A,.
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Assuming x=d/2 and taking moments for the compressive force about the centre ol the
tension force, we find

M'=0.45f h{b—b,)(d—I/2) +0.45/,b,(0.45d) (d—0.45d/2)
=[bd*{(0.45h/d) (1 —b,/b) (1 — hJ2d) +0.157b, /b]. (5.12)

Note that the term in square brackets is the factor f, (equation (2} of BS8110) except
that the coefficient 0.157 is taken as 0.15. Values of fare tabulated in Table 3.7 of the
Code. : r

Taking moments for the tensile force about the centre of the flange
M=0.87[ A{d—h/2)—0.45f b {0.45d) (0.45d/2 — h{2)
=0.87[,A(d—h/2)—0.1f b 4(0.45d k).

So -

_ M+0.11_b,40.45d—h;)
*  0.87[(d—0.5k)

This equation (5.13) corresponds to equation (1) of BS8110.

Equation (1) of BS8110 may be used provided the design ultimate moment is less
than ff_bd* and that not more than 10% redistribution has been carried out,

If the design ultimate moment exceeds £,/ bd? or if more than 10% redistribution has
been carried out, the section should be designed by direct application of the
assumnptions given in 3.4.4.1.

When the neutral axis depth is h/0.9, the rectangular stress block takes in the whole
of the flange, but none of the web, At this value the moment of resistance of the concrete
in compression is given by '

A

(5.13)

. M;=0.45f,bh(d—0.5h), (5.14)
So, for any value of M less than M, the section can be designed as a rectangular section
of width b to obtain the area of tension reinforcement, A..

If M is greater than M, it can be seen that the moment resisted by the web is
M, =M-C,(d—0.5h)

=M—0.45f (b—b, )h(d—0.5k)
=M-M{b—b,)/b
=M~—(1~b,/b)M,.

So the apbroach would be to calculate M, and proceed as follows, where M, is
obtained from equation (5.14). _

If M< M,, design as a rectangular section of width b to obtain area of reinforcement
A, _ .

Il M>M;, design as a rectangular section of width b, for a moment M =
M—(1-b,/b)M, to obtain area of tension reinforcement A,, and, if necessary, area of
compression reinforcement A;,. Total area of tension reinforcement,

A=A, +0.45f (b—b,)h,/0.87f. {5.15)

This approach is neither approximate nor restricted in application {unlike 3.4.4.5).

5.24 Minimum percentages of reinforcernent

Table 3.27 of the Code gives minimum percentages of compression and tension
reinforcement for various types of member.
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" There are occasions when we have to start from first principles and this will be done

53
using strain compatibility. DESIGN
i However, before discussing this we will deslgn some of the sections for one of the *FORMULAE

analyses previously carried out. We shall do this using the complete subframe in
section 2 of Example 3.1. So that we can compare the answers with the chart in

| bz
: ) Fig. 5.1 we shall take J,=460and f,=35.To ustrate redistribution we shall use the
e R redistributed envelope of Fig. 3.6. - !

1

EXAMPLE 5.1

: Assume a nominal cover of 35 mm to the top bars, and 40 mm to the bottom and side

t bars.
; The moments to be considered are as follows:
_ Moment
(kN'm) B
. 201
1. Exterior support 201 . T 0.91
. 479
2. Near middle of end span 479 o +1.0
. 465
3. First interior support . 465 Vi 0.70
. o 341 '
4. Middle of interior span 341 312 *1.0

Note that for positions (2) and (4) the redistributed moment is greater than the elastic
moment so ff, is-taken as 1.0. .

In the following calculations, position (1) will be treated using the Code equations
and then compared with values from the design tables referred to earlier. The reader

can verily these by using the design chart. Other positions will use values from design
tables only. : '

Exterior support M=201 kXNm

With 35 mm cover to top bars, assume d=600—50=550 mm. ,=0.91 so x is not

greater than (8, —0.4)d=0.5d. The section here will be rectangular, 600 mm deep by
300 mm wide.

k- M _ 201x10°
B, 300%550%x35

This is less than X'

=0.063.

{=0.156) so compression reinforcement is not required.

z={0.5+./(0.25 —0.063/0.9)}d=0.9244 (i.e. <0.95d)
x=(d—z)/0.45=0.169d (i.e. <0.5d)

M 201 x 10¢
~ 0.87Fz 0.87x460x0.924 x 550

=988 mm®. Suggest 2/25¢ (980 mm?) - : )
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550

Using tables, M/bd*=2.21 (i.e. <0.156 x 35).
1004, /bd=0.60, so A,=990 mm?2 . T !

It can also be seen from the tables that z/d=0.923 and x/d=0.170.
From the design chart the answer would probably be read as 0.6%,.

Middle of end span M=479 kN m

The section here will be a Tee section, where b=b, +0.2l,= 300 + 1400 = 1700 mm.
d=600—55=545 mm, _
M;=0.45x35x%x 1700 x 150{545—75) x 10-¢

=1888 kN m, l.e. > M. so treat as rectangle of width 1700 mm.

M/bd?=479 x 10%/(1700 x 545%)=0.95.

From tables 1004, /bd=0.25 and the lever arm is restricted to 0.954.
A,=2316 mm?. Suggest 3/32¢ (=2410 mm?).

1700

K|

”
[tso

545

¥

332

Interior support M=465 kN m

B,==0.7 or 30%.redistribution.

The maximum value for M/bd*?=3.64 (see tables).

M/bd*=465 x 10%/(300 x 550%)=5.12. so compression reinforcement required.
d' =55 mm, so d'/d=0.10.

From tables 1004;/bd=0.41 and 1004, /bd=1.46.
So A{ =677 mm® (suggest 2/25 =980 mm?)
A,=2409 mm? (suggest 3/32 =2410 mm?).

3132

550

2125

There is no need to check x/d or the value of dfx as these have been taken into account
when preparing the tables.

As the area of tension relnforcement provided is almost identical to that required. the
tables would not give any increase in the moment of resistance over that required. From
the chart, however, by using the actual percentages of reinforcement provided, it will be
found that there is a slight increase in the moment. :




Interior span M=341 kN m a ' o 33

. __ STRAIN
From the calculations relating to the middle of the end span it can be seen that Misless COM PATIBILITY
than M;. so we can use a rectangular section as in that case.

M/bd* =341 x 10%/(1700 x 545%)=0.68.
From tables, 1004,/bd=0.18. S )

S0 A,=1668 mm®. Suggest 4/25 (1960 mm?) or 2/32 +1/20 (1920 mm?*) which will
suit the detail better.

-

545

2732 + 1120 a -

5.3 Strain compatibility

If we have a non-rectangular section we cannot use design charts or formulae and so
we cannot find the area of reinforcement required for a given ultimate moment or vice
versa. We therefore have to go to first principles and use strain compatibility. But even
with this method it is only possible to find the ultimate resistance moment based on a
given steel area. The basic principle of strain compatibility is that for a given sectlon
(including the reinforcement) one can find a neutral-axis depth so that the total
compression force equals the total tension force and hence the ultimate moment.

The forces in the reinforcement are found by using a linear strain profile. Determine
the strains in the reinforcement and from the stress—strain profile for the particular
reinforcement the stress in the reinforcement can be found. An example illustrating the
method is as follows,

EXAMPLE 5.2 -

Find the ultimate moment capacity of the beam section given below:

100 300 100

o -
50 EP
140
T L
J:_u= 40 N.!mm2
f, = 460 N/mm’
700
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We could use a rectangular parabolic stress block and divide the section into vertlea] -

segments, but this would be a very long and tedious process. so we use the alternutiye
rectangular stress block with a uniform compression stress of (.45 x 40=18 N/mm?,
The stress-strain curve for reinforcement is shown in Fig. 2.2 of the Code where the
limiting design stress in tension and compression is 400 N/mm”, as stated earlicrin this
chapter. : : o '

We now have to assurne a neutral-axis depth and draw the strain profile with the
maximum compression strain in the concrete of 0.0033 at the top edge.

0.0035
4

T g /- £ = (250/300) x 0.0035
. 300 '
0.0029
450
| o

50

£,= (460/300} x 0.0035
0.0054

1t

For &, (compression) and ¢, (tension) it can be seen from the stress—strain curve that
these give the limiting design stresses. The area of the section above the neutral axis can
be divided into a trapezium and a rectangle which have eflective areas of
61.4x10° mm?* and 42.0x10° mm? respectively for- compressive stresses in the

concrete. - ‘
L/
= 270
N 300

The total comprfssiﬁe force is therefore

Concrete .- (61.4+42)x10°x18x10~% =1861kN
Reinforcement 982 x400x10-3 - = 393 kN
2254 kN

Total tension  5030x%x400%x 10! =23012 kN.

As the total compression is larger than the total tension we have assumed too large a
neutral-axis depth. There are several ways of adjusting the value of x and it is easier if all
the reinforcement is at its limiting stress even after adjustment. By reducing the
neutral-axis depth it can be seen that £, will increase so the tension reinforcement will
still be at its limiting value and, unless we reduce the neutral-axis depth by one third, so
will the compression reinforcement. We therefore need a concrete area which when
multiplied by 18 will give an area of (2012 —393) x 10* mm?". It can be found that
x=267 mm is near enough and the strain profile is:

.,L- 0.0035
20
267
493
£2
ao




3

5 | -With x=267, ¢,=(217/267) x 0.0035=0.0028, so compression steel is conficmed 57

l . as being at its limiting value. , STRAIN
L \ As the compression and tension forces are approximately equal we find the ultimate COMPATIBILITY
' i resistance moment by taking moments about the centre of compression or centre of

tension, the latter usually being easler. The force in the upper rectangle is 756 kN and
in the trapezium 862 kN. The force in the compmsmn steel is 393 kN, so

M,=756(760—70) x 107+ 862(760—189. 25))( 10 }4393(760—-50)x10~* -~
=1293 kN m.
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Having analysed the sections at ultimate limit state and calculated the necessary
reinforcement, the designer could carry on and calculate the necessary curtailing
points, check bond and anchorage, calculate for shear and any other requirements at
ultimate limit state. Before doing this, however. the author considers a more
satisfactory procedure is to check that the serviceability limit states are satisfied. Many
designers check that the section will meet the shear requirements before proceeding
any flurther, and although this calculation may not appear on the calculation sheets at
this stage, it is a procedure to be recommended.

As stated earlier in describing the criteria, Part 1 of the Code does not give any
numerical values for acceptable deflection, but in clause 3.4.6.3 for deflection of beams
it does quote values. These values are taken from Part 2 in clause 3.2 and are as
follows. -

Vertical loads

For appearance, a deflection of span/250 will usually become noticeable and so the

final long-term deflection should be limited to this value. Although it says deflection

what it means is the distance below a horizontal line joining the levei of the supports.
For efficiency the Code has three items.

1. Damage to non-structural elements, Here we have the damage to finishes and
partitions after construction. For brittle materials the movement should not exceed
span/500 or 20 mm, whichever is the lesser. For non-brittle materials the
movement should not exceed span/350 or 20 mm, whichever is the lesser.

2. Construction lack of fit, All elements should ft together properly. -

3. Lossof performance. Even with the limits given above, ponding on a slab may not be
acceptable.

Wind loads

Here the Code says reference should be made to specialist literature, but for damage to
non-structural elements the relative lateral deflection in any one storey should not
exceed storey height/500.

Although the procedures are very similar lor slabs. we will deal with beams in this
chapter, leaving the slabs until later.

As the Code says in clause 3.4.6.1 deflections may be calcuiated but in all normal
cases the deflection will be satisfactory i members conform to the limiting
span/effective depth ratios as obtained from the various factors in the Code. These
factors can be fairly easily determined at the design stage. It is quite obvious, thercfore,
that span/effective depth ratios will be used in the majority of cases and calculations
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will only be carried out for special cases where (a) the designer wishes to exceed the
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span/effective depth ratio; (b) particularly stringent deflection control Is required: and SpRVICEABILITY

(c) the structure is abnormal in any way.

From this It follows that calculations are anly worth doing If they are carried out with
some care and In special cases. This is emphasized by the fact that the procedure for the
calculations Is included in Part 2 of the Code. To keep in line with the Code the
procedure will be dealt with in Appendix 1 of this boak. )

If we now revert to the deemed-to-satisly ratios, deflections have been controlled
fairly well in the past by limiting the span/depth ratios depending on the type of
reinforcement and the permissible stress in the concrete. The method was stmple to
apply and was based on practical experience rather than pure calculation. Excessive -
deflections were relatively uncommoen, but with the reduction in safety factors and the
increasing use of stronger materials, engineers have been forced to consider the
influence of other variables on the permissible span/depth ratios.

The influence on these ratios caused by variations in the deslgn parameters was

assessed analytically. By studying the analysts of some hundreds of beams, the number

of significant variables was reduced to eight. These are:

. support conditions

span.

. characteristic strength of steel

. percentage of tension reinforcement

. ratio of (permanent load)/(total load)

. ratio of (compression steel)/(tension steal)

whether the deflection is critical )
. environment (e.g. effects of temperature, creep and shrinkage}.

In the original proposals put forward there were four tables, each considering two of
the variables in the above lists, and a permissible span/effective depth was arrived at as
the product of four numbers, one from each table. The recommendations were for ratlos
of span to effective depth rather than span to overall depth. This recognizes the fact that,
at the levels of steel stress now permitted, sections carrying thelr service Joads will
normally be cracked. The stifiness of the member will therefore be a function of the
transformed section, rather than the concrete or gross section, and this is a function of
the position of the tension steel, Le. by the effective depth. B

It was realized, however, that any simplification or reduction in the number of
variables to be considered would be welcomed. Also more work had shown where
considerable improvements could be made. A reappraisal of the variables was
undertaken both by analytical methods and by considering some work on the long-
term behaviour of beams, The final ratio will still be for span to eflective depth and the

variables are:

1. span and support conditions for rectangular sections (cf 1 and 2 in original)

2. percentage of tension reinforcement and working stress level of this reinforcement
(cf 3 and 4 in original list) '

3. percentage of compression reinforcement (cf & in original list)

4, other factors

5. flanged beams. .

>

LIMIT $TATE OF
DEFLECTION

The allowable ratio is found by taking the basic ratio from (1) and multiplying this by

factors from (2). (3). (4) and (5) where these are applicable.
We shall examine these factors individually.
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6.1 Span and support conditions for rectangular sections

The basic ratios given in Table 3.10 of the Code apply to all spans where the oﬁly
requirement is that the deflection should not exceed span/250. For spans up to 10 m
these ratios should normally avold damage to finishes and partitions, as they will {imit
deflection occurring after construction to span/500 or 20 mm whichever is the lesser,

At 10 m span the total deflection is 40 mm, of which 20 mm can be alter erection of i

partitions and 20 mm before,

For spans greater than 10 m, where it is necessary {further to restrict the deflection to
avoid damage to finishes or partitions the values in Table 3.10 should be multiplied by
10/span, except for cantilevers where the deflection should be calculated. Fora span of
20 m the basic ratio is halved, il the deflection is further restricted.

6.2 Percentage of tension reinforcement and service stress

Deflection is influenced by the amount of tension reinforcement and its stress and the
basic ratios are modified accordingly. The area of reinforcement and its stress are taken
at the centre of the span {or at the support lor a cantilever). Table 3.11 of the Code gives
the medification for tension reinforcement, but it should be noted that the amount of
tension reinforcement is not involved directly. We use the value M/bd? where M is the
design moment at ultimate limit state, not serviceability limit state,

There is obviously a direct link between M/bd? at ultimate limit state and the amount
of reinforcement required, so this is now used instead of the percentage of reinforcement
as in CP110. The stressin the steel, however, is the service stress and this depends on (1)
whether more reinforcement has been provided than required and (b) whether
redistribution has been carried out. If neither has been done then it is assumed that the
service stress is 5/,/8, which is very close to 0.8 7f,/1.4. If {a) has been done then the
service stress is reduced: if (b) has been done the service stress is increased. By this stage
the designer will know all these facts and the BS8110 system has no advantage over the
CP110system. Where it does help is at the preliminary stage. The designer has assessed
an effective depth, has calculated M/bd?, and by assuming the service stress is 5f./8 (as
given in the table), can get a modification factor very quickly. This enables the designer
to obtain an allowable span/effective depth ratio, and hence an acceptable effective
depth, at an earlier stage. A

For example, with a simply supported rectangular beam, if the effective depth is
span/22 and Grade 460 steel is used, M/bd? cannot exceed 2.0 without providing more
stee] than is required.

The values in Table 3.11 of the Code have been obtained from equation (7) which is
given below the table. For values between those tabulated one may either interpolate
linearly, or use the formula. It should be noted that the factor has an upper limit of 2.0.
This is so that ratios of span to effective depth would not go beyond thase of which there
was practical experience. v

6.3 Percentage of compression reinforcement

" For the compression reinforcement the modification lactor is presented in terms of the.

percentage of compression reinforcement. In obtaining this percentage. b will be taken
as the effective flange width for a Tee or Ell section. As concrete dries out it tends to
shrink, but this shrinkage is partly restrained in the vicinity of the reinforcement. Thus
in a singly reinforced beam shrinkage is restrained on the tenston face, but not on the
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compression face. The result is a curvature which is additive to that due to loading. The 61
inclusion of reinforcement In the compression face will reduce this and so account s g ANGED BEAMS -
taken of this effect. )

ot Is important to note that although the term ‘compresston relnforcement’ 1s used it -
means any reinforcement in the compression zone, even those not effectively tled with
links. :

Table 3.12 of the Code gives the modification factors for amounts of compression
reinforcement up to 3%. together with the formula from which the values have been
obtained. o ’

By taking account of reinforcement in the compression zone the final ratio of span to

effective depth can be increased.

6.4 Other factors:

The last two items In the original list of variables have now been omitted. It was felt that
designers would not know the creep and shrinkage properties of the mix at the design
stage and sothe variable has been removed. (In the criteria for this limit state it says that
account should be taken of the effects due to creep and shrinkage and allowance made
for this.} . , :
1t does not define ‘normal’, but it goes on to say that if the free shrinkage straln is
expected to be greater than 0.00075 or the creep coefficient greater than 4. the
permissible span/effective depth ratio should be reduced, but a reduction of more than
15% is unlikely. So, by implication. action is only required when there Is a good reason
to expect a concrete with abnormaily high shrinkage or creep, and even then the

modification factor is only 0.85.

6.5 Flanged beams

For Tee or Ell sections, such as in a monolithic beam and slab construction, there Isa
further modification factor as referred to earlier when discussing the factor for tension

. reinforcement. If one compares the stifiness of a flanged beam with that of a solid
" rectangular section of the same width as the flange itis reatized that as concrete in the

A
L‘“;E:; tension zone will contribute some stifiness, theeffectismuch lessina flanged beam. The
rr modjfication factor has been introduced to allow for this and varies between 0.8 and
Wm is 1.0, depending on the ratio of the width of the web to the width of the flange.
faore -.. - Table3.10 of the Code includes values for the basic span/eflective depth ratio for *
. - flanged beams where b, /b is less than or equal to 0.3, by multiplying the ratios for
lchis rectangular sections by 0.8. For values of b, /b between 0.3 and 1.0 one must
Jotate interpolate. The factor can be obtained from the formula
{ 2.0. Modification factor= 2(b,/b—0.1)/7 +0.8.

aere

EXAMPLE 6.1

Check that the exterior span in section 2 of Example 3.1 complies with the

)t the serviceability limit state of deflection by using the tables for the span/effective depth

ratio.

N U

!

¢ ken
|| 1ls to From this section and the design of the section in Chapter 5 we have the [ollowing
-J-L Thus data: ‘

Span: 10.0m continuous.
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Section: Tee beam, flange width 1700 mm, width of web 300 mm. effective dt‘.pth
545 mm.

Reinforcement: 4, =2316 mm?*; 4, ,=2410 mm?’.

No redistribution.

Check

1. b,/b=300/1700=0.176, i.e.<0.3.
Bastc ratio from Table 3.10=20.8.

2. Modiﬁc:dtion factar for tension reinforcement.
M/bd1 0.95.

2'3'16
2410
From Table 3.11 (by interpolation} or equation (7), modification factor=1.46.

_[ = =276 N/mm?

3. Modification for compression reinforcement. Although there will be link carriers in
the top of the beam It is not normally necessary to take these into account.

4. Creep and shrinkage. Assuming normal aggregates, no medification factor.

Allowable span/eﬁ'ecﬁve depth ratio= 20 8x1.46=30.4.
Actual ratio=10000/544~18.4, )

Actual is less than allowable, so the section is satisfactory. From this calculation it
appears that we could have chosen a section with smaller depth. Before doing so,
however, it is advisable to examine the calculations for the strength of sections at the
supports. If we reduce the effective depth d, we increase M/bd* very rapidly. This will
rapidly increase the amount of tension reinforcement, and compression reinforcement
may also be introduced, adding to the congestion at the column-beam intersection.
This does not mean the depth of the beam should not or could not be reduced. It is just
that the difference between actual and allowable ratios is not guite what it seems.
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SERVICEABILITY LIMIT
STATE OF CRACKING

As with deflection, Part 1 of the Code does not give any numerical values for crack
widths. It states’in clause 2.2.3.4.1 that cracking will normally be controlled by
compliance with the detailing rules but, where specific attention is required, one must

go to clanse 3.2.4 in Part 2. .
In Part 2 it says that for appearance and corrosion the calculated maximum crack

width should not exceed 0.3 mm. For loss of performance such as watertightness it says
that other limits may be appropriate. For this particular case one would need to refer to

BS8007 where the limits are 0.1 and 0.2 mm.
Also in Part 2. clause 3.8, Is the procedure for calculating crack widths. Although it

is not Intended to calculate crack widths in this chapter (see Appendix 2) a basic
understanding of what is happening should be of interest to designers.

The width of flexural cracks at a particular point on the surface of a member depend
primarily on three factors: .

1. the proximity to the point under consideration of reinforcing bars perpendicular to
the cracks

2. the proximity of the neutral axis to the point under consideration

3. the average surface strain at the point under consideration.

The formula given in Part 2 of the Code is as follows. As can be seen, it gives a
relationship between crack width and these three principal variables.
Surface crack width -

- 30,8,
1+ 2[(8g — G/ (1 — )]

where a_is the distance from the point under consideration to the surface of the nearest
longitudinal bar, ¢,,, is the minimum cover to the longitudinal bar, and &, Is the

average strain at the level considered.
The formula gives acceptably accurate results in most normal design circumstances,

Wer

“ but it should be emphasized that cracking is a semi-random phenomenon and that an

absolute maximum crack width cannot be predicted. The formula is designed to give a
width of crack which has an acceptably small chance of being exceeded. Thus an
occasional crack slightly larger than the predicted width should not be considered as
cause for concern. But if a significant number of the cracks in a structure exceed the
calculated width, reasons other than the structural nature of the phenomenon should
be sought to explain their presence.

The crack width formula has been arrived at through a study of previous crack
formulae and the results of a large number of tests on beams and slabs. Taking into
account the fact that the probability of a member being subjected to its design load for
any significant length of time is low and also that members are not generally subjected

7
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to uniform conditions of bending over any great length so that the only cracks which
have a serious chance of being critical are those close to the critical sections. itis felt that
the chances of the specified width being exceeded by a single crack will be about 1 in
1000. This ts considered acceptable. '
Generally, however, it will not be necessary to do calculations as the Code gives rules
which, if followed, will satisfy the criteria for beams in normal internal or external
conditions of exposure. These rules are based on the crack width formula as given
above,
The rules are generally referred to as the bar spacing rules, as they are mainly
concerned with the spacing of the main bars in the tension areas, and can be illustrated
diagrammatically as shown in Fig.7.1.
For a, 1t should be noted that this is the clear distance between bars. This varies
depending on the amount of redistribution carried out at ultimate limit state and on the
characteristic strength of the reinforcement. Quite obviously, if redistribution has been
carried out reducing the design moment (indicated by the minus sign in Table 3.30 of
the Code) the service stress in the reinforcement is higher and the bars are therefore to
be closer together. On the other hand if moment has been added at the section
(indicated by the plus sign in Table 3.30) then the bars can be moved further apart. This

h +750 h >75F)

4
-
s
=

_é_ ) 1
o, a

| - -.";J )
2

x_.

Tension foce .l

FIG. 7.1 Bar spacing rules. (1) a,%+ value specified in Table 3.30 of the Code.
(2) a3+ § x value specified for a,. (3) If h>750, add longitudinal bars as indicated. i<

b
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happens for all types of reinforcement except Grade 250, where the maximum clear 65
distance is 300 mm, at zero or positive redistribution. Although it is the service streds gERVICEABILITY
which is being used this has been taken into account in deriving the values in  LIMIT STATE OF
Table 3.30 by assuming the service stress is 5f,/8f, as for deflection. Where CRACKING
reinforcement has been provided which ismore than is required, the service stress f, can -
be calculated as for deflection and the formula in clause 3.12.11.2.4 applied. When
determining the percentage of redistribution this shopld be taken as (8, —1)x 100, f§,
being defined as for deflection. Thus if there hasbeen a reduction in moment the value '
will be negative. R
In applying the above rules any bar with a diameter of less than 0.45 times the
maximum bar size in the section should be ignared except for those in the stde faces. By
section is meant the tension area where one is considering the cracks. This ratio can be
illustrated as follows:

Maximum bar size Minimum bar size to be considered
40 : 20
32 ' 16
25 " 12
20 ] 10

So if one has two 32¢ bars and the spacing is greater than allowed, one cannot put in
an intermediate 10¢ bar to reduce the distance between bars; it must be a 16¢ bar.

For bars up the side face in sections over 750 mm deep, the diameter should not be
less than J {s,bif,} where s, is the spacing of the bars, not the clear distance, and bis the
lesser of the breadth of the section and 500 mm. If we take s, at the maximum valueof
250 mm and f,=460 N/ 2 then the diameter must not be less than 0.74./b. For
p=300 mm thismeans ¢ =12.8 sousea 16¢ bar. To reduce the bar size to 12 we must
have s, oot greater than 220 mim. )

An important point to note about the rules is that they do not apply to members
where the cover exceeds 50 mm.

As mentioned at the beginning of the chapter, calculations will not be done’ very -
often. Instead, the above iules will be applied. In selecting the pumber and diameter of
bars for the reinforcement required at ultimate limit state, the designer must therefore
have due regard to the bar spacings and the distance to the corner of the beam. For the
spacings themselves, this will be relatively easy to apply. With a2 monolithic beam and
slab construction, however, where is the corner of the beam when considering the
tension bars overa support? Is it the corner of the thearetical rectangular section that -
has been assumed in the strength of sections? If so, then the author considers this
distance as irrelevant. In determining the crack width formula due regard was given to
the tension stiffening effect of the concrete at the level of the tension reinforcement.
With the top flange much wider than the rib this effect must be much greater. This
would also affect the spacing of the main bars, but as information is lacking on this

aspectitis suggested that the bar spacing rules are still applied to the main bars. These
rules could be applied to the distance to the adjacent slab bars in the top of the slab’

rather than to a hypothetical corner.

ki)

e

-

EXAMPLE 7.1

—

Check that the reinforcement provided for the continuous beam in Example 5.1
complies with the bar spacing rules. To avoid looking back through the previous

.

[
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chapters a summary of the details is given below, together with the clear distances
required by Table 3.30 of the Code. )

Clear - Corner
Percentage  distance distance
Reinforcement redistribution {mm) (mm)
1. Exterlor support  2/25 (top) -9 . 148 74
2. End span 3/25 (bottom) +14 186 93
3. Interior support  3/32 (tap) —30 115 57.5
4, Interior span . 2/324-1/20 +9 178 B9

(bottom)

Exterior support

Beam ls the same width as column (300 mm) and beam bars will be positioned inside -

column bars. Assuming 45 mm cover to column bars and that these bars are 32, the
side cover to the beam bars is 77 mm. )

The clear distance between the beam bars will be 300—~2 x 77 —2 x 25=96 mm,
Le. <148 mm. ,

There are two points to note: (a) If the theoretical corner distance is calculated it will
be found that this Is greater than 74 mm, but, as discussed earlier, this Is not relevant.
(b) The side cover appears to exceed 50 mm, but as we are in the flange of the beam this
again is not relevant, ’ '

End span -

The side cover here is 40mm, so the clear distaince between the
bars=(300—2x40—3x32)/2=62 mm<186 mm. '

* The corner dis'tfmdc=J(561+561)—”l_6=63 mm<93 mm.

P

Interior support R

Here the columns are 400 mm wide, Allowing 40 mm cover to 32¢ column bars, these

~ bars will project 22 mm Into the beam space. As we are allowing 40 mm side cover to

the beam bars it will be this latter dimension which controls. The spacing between the
bars will be as for the end span above,. - .

Interior span '

The spécing here between the bars will be 6 mm more than in the example of the end
span above and will be satisfactory. '

Although the calculations have been done here to prove that the original selection of
bars is satisfactory, it must be appreciated that in making the original selection
reference was made to Table 3.30 of the Code to ensure an arrangement of bars which
complied with the rules.

. sy
R Nk <
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8.1 Minimum distance between bars

We have discussed previously the cover to bars, or groups of bars, and have noted that
this is not ofly for durability but for satisfactory bond. We also said that sufficient cover
should be allowéd for proper compaction of the concrete. Again, to allow for proper
compaction and to enable the development of proper bond we have to consider the
minimum distance between bars. :

The recommended distances between bars are given in clause 3.12.11.1 of Part 1,
and are in terms of i, the maximum size of the coarse aggregate. The horizontal .
distance should be not less than h,,, + 5 mm, the vertical distance not less than 2h,,, /3.
However, it goes on to say that if the bar size {(which means the equivalent size for pairs
or bundles) exceeds h, + 5 mm, a spacing of less than the bar size should be avoided.

The vertical distance applies where there are two or more rows and an obvious
requirement In this case is that the gaps between corresponding bars In each row
should be vertically in line. Assuming that the maximum size of coarse aggregate is
20 mm, the minimum harizontal distance is 25 mm. This would apply to individual
bars up to 25¢ or groups of bars up toan equivalent diameter of 25¢, e.g. 2/16¢barsin
contact. Over this size we would need the bar diameter (or equivalent diameter). For the
vertical distance the minimum should be 2 x 20/3=13.3, but 16 mm would be a
practical dimension. This would appear to be suitable for bar sizes up to 25¢ (l.e.
g +5 mm), but if we follow the Code recommendations we would then needa 32 mm
gap for 32¢ bars. This does not seem a very satisfactory progression and it is suggested.
that if the bar size is greater than 2k, /3, the bar size should be used.

The distance can then be summarized very simply as harizontal =greater of bar size
and h,,,+ 5, vertical=greater of bar size and 2h,/3, where ‘bar size' means the
equivalent bar size for groups of bars. .

Some engineers may think these larger distances rather excessive and minimum
spacing is best determined by experience or proper works tests. The main peint to .
remember is that the concrete must be able to move around the reinforcement in order
to be fully compacted. ‘ '

8.2 Minimum percentages of reinforcement in beams and slabs -

These have now been collected together for various types of member in Table 3.27 of
Part 1. For tension reinforcement it will be seen that they are related to the overall
depth of the members, rather than the efective depth, as in CP110. 7

In solid slabs this now means that we have the same minimum reinforcement in both
directions, but as calculations for areas of reinforcement are generally in terms of
effective depth, a further check Is required to ensure that the minimum reinforcement is
provided. Note also that for flanged beams the percentage changes depending on the
ratio of b, /b for the web in tension. Although the notation for this clause says that bis
the breadth of the section it means the effective width of the flange. The breadth or
effective breadth of the rib is b,. For compression reinforcement In, a flanged beam
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where the web is in compression (e.g. ina monolithic beam and slab construction overa

support) and compression reinforcement is required. the minimum percentage is
0.2% b h. - ‘

The transverse reinforcement in the flanges of flanged beams has now been reduced
to 0.15% of the longitudinal cross-sectional area of the flange, This means that the area

required in the top surface of the flange is 1.5 hymm?m and is to be provided across the _

full effective width of the flange.

8.3 Maximum percentages.of reinforcement in beams and slabs

The maximum percentage for tension and compression reinforcement is given as 4%, of
the gross cross-sectional area of the concrete,

8.4 Anchorage bond

To prevent bond failure we need a sufficient length of bar beyond any section to develop
the necessary force at that section. It is assumed that the boad stress is uniform over the
effective anchorage length. We know this is not completely accurate, but providing the
cover and bar spacing requirements are complied with, the values obtained from
equation (49) in clause 3.12.8.4 as uniform bond stresses will be satisfactory. The
anchorage bond stress is taken as the force in the bar divided by its effective surface
anchorage area, and so

fy=FJx¢ ],

where f, is the bond stress, F, is the force in the bar or group of bars, ¢, is the ‘effective’
bar size (note previous comments on groups), and | is the anchorage length. As we
classify bars by equivalent diameter, we can say the force in the bar is ndf/4 where fis
the stress in the bar. Rewriting the equation we find that the anchorage length

I+fé/4f,. - o

where f, is the design ultimate anchorage bond stress derived from equation (4.9).
which says ’

fbuzﬁ\/f:u

and f is obtained from Table 3.28. &< ¥112, ¥ 3/4?) )

Values for g, and hence the design ultimate anchorage bond stresses, are for plain
bars, deformed bars and fabric. Deformed bars are divided into Type 1 and Type 2,
where these are defined in BS4449 and BS4461. It should be noted, however, that the
higher allowable stresses for deformed bars do not apply in beams withont minimum
links. As the majority of beams must be provided with minimum links (see Chapter 9)
this is unlikely to occur. If it does, then the values for plain round bars should be used.
irrespective of the type of bar used. This requirement does not apply to slabs.

From the formula and allowable bond stresses, lengths of bars required for different
stresses and different concrete grades can be calculated and tabulated. The usual
procedure is to give the required length at the design stresses for ultimate limit state as a

- factor times the bar size. Table 3.29 of the Code does this for anchorage bond lengths

and lap lengths and is very comprehensive.
For quick reference, Table 8.1 gives values for anchorage bond lengths for ultimate
design stresses for deformed bars with J,=460 N/mm?, These have been obtained by
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T:;blc 8.1 Values of X for bars at ultimate design stresses.

Design Grade of concrete
stress - -

- Bar type {N/mm?) 25 30 35 40 or more
Type 1 400 . :
Tension K, 51 46 43 0 -
Compression K, 41 -, 37 34 32
Type 2- 400 '

Tension X, . - 40 37 34 32

Compression K, . - 32 29 27 26

substituting 0.87 f, for [ in the equation above. For tension, I=K;¢, for compression,
I=K,¢, where K,FIDO/I,,-“ (tension) and K,=100/f,, (compression).
It should be noted that in Table 8.1 the grade of concrete does not exceed 40. The Code

does not give such a limit, but the anthor feels that as with shear it would appear

advisable to do this.

For stresses lower than ultimate design stresses a linear interpolation can be used.

If we have a group of bars and all the bars are being anchored at the same time, the
anchorage length will be a factor times the equivalent diameter. For example, a pair of
25¢ bars, deformed Type 2, In Grade 35 concrete, would require a full anchorage bond
length of 34 x 35=1190 mm in tension and 27 x 35=945 mm in compression.

ILocal bond stress calculations are no longer reqirired. As explained in the Handbook
this has seldom been a crucial factor and seemed an unnecessary refinement. Provided
the bars are given an appropriate embedment length or other end anchorage, local .
bond stresses may be ignored.

8.5 Curtailment of bars _
When cnrtailing bars other than by the simplified rules we first have to decide which

bars we would like to curtail. Then on the bending moment diagram we draw a line, to

scale, at a distance from the datum equal to the moment of resistance of the continuing
bars assuming they are fully stressed. The point where this line cuts the bending
moment diagram is referred to as the theoretical cut-off point (TCP).

In clause 3.12.9.1 the Code states that in every flexural member every bar should
extend, except at supports, beyond the TCF for a distance equal to the greater of:

1. the effective depth of the member; or
2. twelve times the bar size. -

This applies to compression and tension reinforcement, but for reinforcement in the

tension zone we have to satisfy, in addition, one of the following conditions:

3. The bars extend a full anchorage bond length beyond the theoretical cut-off point.

4. At the.point of physically cutting-off the bars (PCP) the shear capacity is at least
twice the actual shear force, i.e. the actual shear at the PCP is not more than half the
shear capacity at this point.

5. Atthe physical cut-off point the continuing bars provide double the area required for

flexure, Le. the actual bending moment at the PCP is not more than half the moment

at the TCP.
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The conditions stated above can be illustrated diagrammatically as shown below. A4 is
the theoretical cut-off point (TCP), B is the physical cut-off point {PCP). '

| |

l c Marz I

MR of continuing

bars, M,

The requirements, as we are in a tension zone, are therefore:
1./2. AB is the greater of d and 12¢.
In addition the least distance of:

3. AB equals the [ull anchorage bond lenpth;
4. at B, actual shear < half shear capacity;
5. at B, moment < half moment at A.

Condition (1)/(2} is the absolute minimum distance and the additional conditions will
only apply if the least value of (3), (4) and (5) is greater than the minimum distance,

Condition (3) is easy to find from Table 3.29 of the Code. Condition (4} is not easy to
apply until we have done the shear calculations. As will be seen in Chapter 9 the shear
capacity depends on the amount of tension reinforcement and this depends on the
curtallment. So it can be used as a final check if required, but at this stage it is proposed
to ignore this condition.

Condition (5) can be relatively simple to apply by drawing an additional line at a
resistance moment equal to half that at A and seeing how this intersection with the
bending moment diagram {point C) compares with B. The prdcedure would be

1. Locate point B by making AB the greater of d and 124.

2. If point C comes within AB, then point B controls. :

3. If point C comes outside AB, extend AB to point C or a full anchorage bond Iengtb
whichever comes ﬁrst. )

This is the full procedure, but it can be shortened if reguired by making AB a full
anchorage bond length. Provided this is greater than d or 12¢ the conditions will be
satisfied.

It must also be remembered that when we are curtailing we have to make sure that
the distance from the point of maximum stress in the bar (i.e. the point of maximum
bending) to point B is not less than the anchorage bond length for that stress. Using
condition (3} will always satisfy this requirement, but using condition (5) with a very
steep bending moment diagram may not.

When referring to the bending moment diagram it must be remembered that in most
cases this will be a bending moment envelope as all arrangements of ultimate load must”
be considered.

Curtailing substantial areas of retnforcement at the same position should be avolded
as the section properties will change considerably and could lead to problems with
cracking.
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At a simply supported end of a membér clause 3.12.9.4 gives the 'require.ments for
anchoring the tension reinforcement: "

1. An effective anchorage length equivalent to twelve times the bar size beyond the
centre line of the support. No bend or hook should begin before the centre line of the

support. - -

7. An effective anchorage length equivalent to twelye times the bar size plus d/2 from
the face of the support. No bend or hook should beg‘ln before df2 from the face of the
support.

3. Por slabs, if the shear stress at the face of the support is less than half the allowable
value, v, a stralght length of bar beyond the centre line of the support equal to the
greater of one third of the support width and 30 mm.

For condition (1) we can use a 90° bend with a 3¢ internal radius in mild steel or high-
yield steel to provide the required anchorage.

g 4ch External radius

Support

With mild steel, or high-yield reinforcement not greater than size 20, this means a

" minimum support width of 2(4¢ --cover) is reguired. With a moderate exposure
requiring 30 mm cover and a 20¢ bar this means a minimum width of 220 mm. For

" high-yield bars greater than size 20 the internal radius becomes 4¢ and the minimum
.. support width is 2(5¢ +cover). o e
- Condition (2) is useful if the supports are wide compared with the effective depth of

. the supported member. - o :

b
n d

1df2

Equivalient

124

Where the width of the support is greater than the effective depth the bend can start

without a bend. _
. As a generalization we can say that where the width of the support is less than the
effective depth of the spanning member try (1); if greater try {2).

Owing to the size of bars condition (1) may not be possible, in which case we should

earlier than in (1) and with small-diameter bars it may be possible to use 2 straight bar '
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try to use smaller bars, For slabs, not beams, condition (3) may be adopted and this cap
be Hiustrated as follows:

TN

L) t
| 90 -~ : | 60
- I > {

¢ €

(i) with end cover. ) (ii) Withour end cover

A

Ifend coveris required, as in (i), it can be found quickly that the minimum value for a,
the support width, is six times the cover. So with 15 mm end cover the dimension is
90 mm. I end cover is not required, as in (ii), the minimum support width is 60 mm,

In determining the value for v, in condition (3) the tension reinforcement must be
effective, but no additional enhancement should be used even though the section is less
than 2d from the face of the support (see Chapter 9).

The general recommendations for curtailment given so far would apply where a full
analysis had been carried out and a bending moment envelope prepared. Where such a
procedure is not necessary simplified detailing rules will apply and these are described
later in this thapter. - -

8.6 Lapping of reinforcement

8.6.1 Tension

When deformed bars are lapped we have to consider situations where research has
indicated that greater lengths should be provided. In the frst edition of CP110 there
was a global increase of 25% on the anchorage length in all cases when the bars are in .
tension. Further investigations have shown that top bars, lateral distances between
lapped bars and cover or corner bars need further consideration. Before describing these
it should be borne in mind that lapping bars in regions of high tensile stress in the bars is
geperally avolded wherever possible. In certain areas, such as stability ties and in
columus, this cannot be avoided and clause 3.12.8.13 increases the anchorage length
by a factor depending on the circumstances. Where bars are of different size the lap
length and cover will be related to the smaller bar, -

The Ffactors are as follows: )

1. 1.4 ifthe minimum cover to the lapped bars from the top of the section as cast is less
than twice the bar size.

2. 1.4ifthe clear distance between adjacent laps is less than the greater of 75 mm and
six times the size of the lapped reinforcement or if a corner bar is being lapped where
the minimum cover to either face Is less than twice the bar size.

3. 2.0 if conditions (1) and (2) apply.

It should be noted that for condition {2), even if both requirements apply there is only
a single factor of 1.4. The reasoning is that the member may tear along the plane of the
lapping bars or across the corner. One may happen but not both.
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Condition (1) takes into account the fact that with small amounts of concrete above
the top bars the bond Is not as good as for bottom bars.

The factors can be Hustrated as shown in Fig. 8.1.

Where the lapping bars ave size 25 and larger and the nominal cover is Ims than one
and a half times the smaller bar size (or the bar size for equal bars) then transverse links
of at least one quarter of the smaller bar size should be provided at a maximum spacing
of 200 mm. So in columns, at the laps, if 25¢ bars are being used and the cover is1ess
than 37.5 mm, the links would need to be spaced at 200 mm as compared with
300 mm (Le. twelve times bar size) in the remainder of the columns.

The minimum lap lengths for both tension and compression bars where the stress s
nominal Is the greater of 1'5 times the bar size and 300 mm, This also applies to cases
where main bars are stopped and bars are lapped to act as link carriers.

Top bars

76 1<zd |<2¢
-;o l< J::

2¢ >ih
g

i l ‘-—_—+ }——-'
<24 <75 >75 >75 >75 <2
or6¢p oarGg Oor6g orGep ‘

Factor 2 2 1.4 1.0 1.4

Bohrom bars

<75 >75 >75
<2¢  orbéd or6# orEd  >24
t—t Pt t—t i

QO oo 0O 00
Tae Jae Jae Tas
Facter 1.4 1.4 1.0 1.4

FIG. 8.1 Factors for lapping bars.

8.6.2 Compression

For compression laps the leugths are much simpler and are to be at least 25% greater
than the compression anchorage length necessary to develop the stress in the
reinforcement. When unequal size bars are being lapped, the length can be based on the
smaller bars.

Values for full design stress are given in Table 3.29 of the Code, and a summary was
given earlier in this chapter for the anchorage bond factors.

8.7 Anchorage lengths of hooks and bends

The effective anchorage length of a hook or bend starts at the beginning of the bend
(point A) and finishes at a point four times the bar size beyoud the end of the bend
{point B); see clause 3.12.8.23.

8.7.1 180" heok

For a 180° hook, the effective length is eight times the internal radius with a maximum
of 24 times the bar size or the actual length of bar, whichever is greater. So with an
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I 4 b l
Radius= k¢
Effective

length
of hook

A

internal radius of more than three times the bar size, as occurs with high-yield
reinforcement for bars of size 25 and above, the maximum value is 24 times the bar size
or the actual length of bar, whichever is greater. The latter requirement does not
control until the internal radius is six times the bar size.

If a required anchorage length does not extend beyond the end of the hook (i.e.
beyond point B) tHen It is not necessary to check the stress in the inside of the bends of
the hook.

Extending the bar beyond point B can also be included in an anchorage length, butin
this case the stress in the bend should be checked.

For example, the eflective anchorage length of both of the bars shown below is 244,
Diagram (i) is in fact two 90° bends and would require the stress to be checked in the
first bend (see comments on 90° bends which follow), but not in the second bend if only
a 24¢ anchorage was required, For the same anchorage length, however, it would not
be necessary to check the stress in the bend in diagram (ii).

4 4

Rodius=3 ¢

4¢I

Radius =3¢ Rodius= 54

(i} (in

8.7.2 90° bend

Radius= 3.
Eftective .
length
of bend A

For a 90° bend, the effective length is four times the'internal radius with a maximuorm of
twelve times the bar size or the actual length of bar, whichever is greater. So with an
internal radius of more than three times the bar size the maximum value is twelve times
the bar size until the internal radius is five times the bar size, when the actual length of
bar becomes greater.

As with 180° hooks, the stress in the bend need not be checked if the required
anchorage length does not extend beyond B,

Extending the bar beyond B to provide a required anchorage length, however. would
mean that the stress in the bend would have to be checked.




8.8 Bearing stresses inside bend, clause 22.8.25

As previously discussed under anchorage values of hooks and bends, it is not necessary
to check bearing stresses Inside a bend on a bar which does not exténd or is assumed not
to be stressed beyond a point four times the bar size past the end of the bend.

In other cases where a longer length is required the bearing stress inside the bend has
to be checked. If f;, is the bearing stress inside the.bend then from the Code equation

Jo=Fy/ré,
where F,, s the tensile force due to ultimate loads in a bar or group of bars in contact at
the start of the bend; ris the internal radius of the bend; and ¢ is the size of bar or the size
of the equivalent bar for a group of bars. The stress should not exceed 2f_ /(1 +2¢/a,),
where g, is defined as the distance centre to centre between bars (or groups of bars)

perpendicular to the plane of bend, or ¢ plus the cover when dealing with bars adjacent
to the face of a‘member. This can be llustrated as follows:

SN P S

° ¢ o

- I we take f; as the tensile stress in the bar, then

Fy=(nd*/4)f,

and so
fi=(rd*8)f/rd.
Hence
r=nf¢/4f,.
As
L<2f /(1 +2¢/a,)
then
N r2ufd(1+2/a,)/81 .,
ie
r=Ke,
where
k<l +2¢/a)
8f, :

For a particular grade of concrete, X can be found for different values of ¢ depending on
4, and f;. Values of K for concrete Grades 25, 30, 35 and 40 and bar sizes 16.20,25and
32 are given in Appendix 3.

EXAMPLE 8.1

In the previous chgp'ters we have been using a continning design example and this will
now be taken a stage further. To avoid referring back the bending moment envelope is
reproduced here as Fig. 8.2,
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FIG. 8.2 Bending moment envelope with resistance moments added.

The moments of resistance of the barg provided at the critical sections have been
added, as have the moments of resistance of continuing bars where curtailment is
proposed, L.e. at TCPs. It shounld be pointed out here that if the designer is providing
more than two bars at a critical section and proposes to do curtailment by calculation,

not by eye, it is useful to find the moments of resistance referred to above when actually
designing the section. This will now be done.

End span

Reinforcement provided=3/32¢ (bar marks 2 and 3)
Moment of resistance=495 kN m

Moment of resistance of 2/32¢) (mark 2)=328 kN m

Interior support

Reinforcement provided =3/32¢ (tension) (bar marks 4 and 5)+2/25¢ (compression)
(bar mark 6)

Moment of resistance =465 kN m

Moment of resistance of 2/32¢ (mark 4) tension only=312 kN m.

Interior span ’

Reinforcement provided=2/32¢+ 1/20¢ (bar marks 7 and B)
Moment of resistance =384 kN m

Moment of resistance of 2/32¢=328 kN m (mark 7)

The first criterion for extending a bar beyond a proposed position is that it must be the
greater of the effective depth and 12 ¢. We have two effective depths in this run of beams
and itis proposed to use the greater diménsion of 550 m. As can be seen this will always

be greater than 12¢. A full anchorage bond (FAB) length for 32¢ bar is
34x32=1088 mm, say 1090 mnm. '

.,5

]

g oy
-

ity

.
v

AR H
Tl i

A
A




‘‘‘‘‘‘

L

Bar mark 1 (exterior support)

Extend bars 550 mm beyond point of contraflexure, Le.toa distance of 1400 mm from

centre line of support.

.y ;
.

Bar mark 2 (end span) o

These are the continuing bars and are not curtziled. Stop at face of column each end.

-

Bar mark 3 (end‘ span)

Extend left-hand end by 860 mm and right-hand end by 960 mm beyond TCP. In both
cases this is where the moment is half that at TCP and isless than a full anchorage bond

length.

Bar mark 4 (interior support)

These are the continuing bars and should extend a distance of 550 mm beyond the
point of contraflexure. Into span AB this means a distance of 3060+ 550= 3610 mm
from centre line of support. ) '

Into span BC this would be 39404 550=4490 mm from centre line of support. As
similar bars would be coming in the same distance from support G there would only be a
small gap between the ends. We suggest the bars are contlnued and are lapped in the
centre of the span for the minimum lap of 15 x 32 =480 mm.

Bar mark 5 (interior support)

pxtend left-hand end by 710 mm and right-hand

where moment is haif that at TCP. : .

Bar mark 6 (interior support)

These are 25¢ compression bars in the bottom &
bars in the adjoining beams. For compression th
Table 3.29 in the Code gives a numerical val
34 x 25=850 mm. ‘

If these bars are used for int
greater. S

is will be 1.25x 27 times bar size.

Bar mark 7 (interior support)

These are the continuing bars and will be from the inside of the column
inside of the column face at C. ' .

énd_by 680 mm beyond TCP, Le. to

nd these should lap with the bottom .

ernal ties they will be in tension. and thelap length may be

face at Btothe
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Bar mark 8 (interior span)

This is a single 20¢ bar .and will extend a full anchorage bond length 6f 1090 mm
beyond the TCP at both ends,

We now have to consider the anchorage of bars mark 1 into the exterior column,
From the calculations in' determining these bars it can be seen that they will be at the
full design stress. The tension anchorage length required is 34¢ and this cannot be
provided by a standard bend or even a 180° standard hook. So it will be necessary to
check the bearing stress in the bend. The distance centre-to-centre of bars, a;, is
96+425=121 mm. ' =

From the tablesin Appendix 3 the internal radius required is approximately 6.4¢ (by
interpolation), so we suggest 7¢. The actual length along the centre line of the bar,

round the bend. is approximately 12¢. so we would need to extend the bar down the

column a further 22¢ from the end of the bend. .

It Is suggested that a better solution would be to use a hairpin-shaped bar as shown
below. The bottom leg of the hairpin would then lap with the two 32¢ (mark 2) which
effectively take these bars into the suppaort, and can also be used for the internal tie bars
in the beams, if required.

7¢ radius

5 T
straight 7¢ radius

8.9 Simplified rules for detailing

It was mentioned briefly in Chapter 3 that continuous beams in frames could be
analysed by ignoring the columns and treating the supports as simple. Providing the
criteria as set out in clause 3.4.3 are met there is no need to carry out a complete
analysis and curtailment is done by following rules given in clause 3.12.10.2.

The criteria are:

1. characteristic imposed load Q, does not exceed the characteristic dead load G,;
2. loads should be substantially uniformly distributed over three or more spans;
3. variations in span length should not exceed 15% of the longest. '

Table 3.6 of the Code gives coefficients for the bending moments and shear forces at the
critical sections. In section 1 of Example 3.1 we compared the results for moments with
those obtained from a complete analysis. It was also pointed out in this example, and is
repeated here, that in using Table 3.6 no redistribution of moments can be carried gut.

In the criteria listed above it does not state that the beams have a uniform cross-
section, but the Code assumes that in limiting the variations in span. this would be the
case.

Calculations for areas of reinforcement at critical sections will then be carried out in
the same way asin Chapter 5. [f we turn now to clause 3.12.10.2 it does not specifically
refer to clause 3.4.3 nor does it restrict the ratio of the dead and imposed loads.
Obviously they are related for continuous spans, but the detailing rules can also be
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applied to single-span simple supported beams and cantilever beams. The criterion for -
ratio of loads does not apply In these two cases. .

Figure 3.24 ofthe Code shows the rules in diagrammatic form and the first definition
we need is the effective span. L. For detailing, this can sometimes be different from the
effective span used In analysis. For detatling, | is equal to the clear distance between
supports plus the effective depth of the supported member, or the distance between
centres of supports, whichever is the lesser. For beams this difference will occur anly if.
the support (e.g. a column) is wider than the effective depth of the beam.

From Fig. 3.24 of the Code it can be seen that althongh the dimensions for curtailing
bottom bars are to the centre line of the ‘effective support', the top bars are related to the
face of the support. - - |

Ancther important point to noteis that the above rules assume the external support
does not have restraint — the moment obtained from Table 3.6 of the Code is zero. We
have already discussed the fact that many designers use these rules when external
columns are involved. Diagram (a)in Fig. 3.24 says the bottom steel can be curtailed at
0.1] from the centre of the support but does not suggest what to do about the top
reinforcement. Although the author recommended a calculation fo determine the
moment and hence the reinforcement required (see Chapter 3), the proposal used in his
previous book to accompany CP110 isstill valid. Curtail and anchor the bottom

reinforcement as for a simple support (diagram (b) in Fig. 3.24). The top reinforcement

should be approximately half the bottom reinforcement in the span, properly anchored

into the column and projecting 45 ¢ from the face of the column into the span. ‘Properly

anchored into the column’ may cause problems, but quite a neat arrangement would

be provided by having [ bars (hairpins) projecting from the column, having an

area of half the span reinforcement and lapping with the bottom reinforcement which
stops at the face of the coluinn. The bends could be standard radius.
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Shear is to be considered at ultimate limit state only. No requirements are made for
serviceability limit states. Numerical values are given in the Code for shear resistanca
depending on the percentage of tensile reinforcement at the section considered, the
grade of concrete and-the effecttve depth of the section. The partial safety factor ¥ has
been absorbed intg the numerical values,

Reliable and agreed methods exist for the design of reinforced concrete members in
pure bending. The method of strain compatibility uses equilibrinm equations, a
compatibility condition (plane sections remain plane), and a failure criterion (a
maximum compressive strain which must not be exceeded) to produce an accurate
assessment of a member's ultimate strength,

Strictly speaking these methods only apply where there is constant bending moment,
such as the central portion of a beam loaded with two point loads.

L

1
L Constant !

-y —3ed

B.M, '

Where the bending moment is changing ‘and a shear force is introduced, the
equilibrium equations are complicated by the presence of the shear force and a new
vertical equilibrium equation is required. The compatibility conditions must be altered
to include shear displacements and the failure criterion must allow for concrete in states
of biaxial, and in some cases triaxial, stress.

A satisfactory design method which fulfils all these requirements has not so far been
achieved, and Codes of Practice have therefore concentrated an producing reliable
empirical methods of adding shear reinforcement to a structure to ensure that it has an
adequate factor of safety at all points. Many people have carried out tests and put
forward theories, more than in any other feld. ‘

With all this in mind the Institution of Structural Engineers set up a Shear Study
Group in 1965 ‘to consider the available information on shear in concrete, to decide
what further tests are required, and to put forward a research programrme which will
eventually enable a rélationship to be established batween design formulae and various
modes of failure that can occur'. Subsequently the Group was asked to make proposals
for clauses to be incorporated in the Unified Code, The Group's report was published in
1969 and design clauses were prepared.

From the review of existing work it was clear that no shear theary was correct in all
cases, and that earlier British Codes such as CP114 were in need of revision for two
main reasons:
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1. The permissible shear stresses for concrete were too high. This means that the
requirement for nominal shear reinforcement in beams may not have been adeguate
in all cases. . ~

2. The truss analogy method of designing shear reinforcement by assuming that it
resists the whole of the shear ignores the resistance of the concrete to inclined thrust
and of the longitudinal steel to the extension of shear cracks. Test results have
consistently shown that actual shear strengths ‘gre much higher than those
calculated by this approach.

The effect of applying a shear force to a reinforced concrete beam in bending is quite
well known. The usual arrangement for investigating shear failure is thus: ’

e

It has the advantage of combining two test conditions — pure bending between the two
loads and a constant shear force in the end sections. The section is rectangular and the
, depth to the reinforcement is d. No shear reinforcement Is included. In certain cases. the
ultimate strength of such beams can be considerably less than the strength in pure
flexure. This can best be illustrated by using an interaction diagram between moment
capacity and the a,/d ratio. In other words, for a constant cross-section and
reinforcement by varying the span and the points of loading we can find the ratio ofthe
failure moment to the full flexural moment; we call this the moment capacity. Plotting
this against a,/d we get the diagram shown in Fig. 9.1. S '
The exact values at which the line changes direction vary depending on the amount
of reinforcement and on the concrete strength, but for about 2% reinforcement and
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FIG.9.1 Moment—/d interaction diagram.
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concrete Grade 30 we get values for a,/d at the change points of about 1.5, 2.6, 6 with X
about 0.5. With low percentages, say 0.259%, the values are about 2.5. 3.5, 4.5 and
with X about 0.8. We consider each section individually.

{a) GROUP IV

:;ﬁf.&,w&ﬂ;a}va; PFAHES oS

—l
N
ted
£

Here we have a pure flexural failure due to the concrete above the tap of the cracks zﬁ;
(b} GROUP III R
| |

N

2

AT

Here we have what Is generally called diagonal tension but sometimes shear
compression. The cracks in the end sections turn over at the top and then one large one
starts from the reinforcement and goes to the load point. As the bond between the
reinforcement and concrete fails this ks sometimes called a shear bond fatlure.

(c) GROUP II

! | | P ";j

Here we have shear compression but this is sometimes called diagonal tension faiture or

sometimes called shear proper. The failure line goes from the support to the load. This s l

time there is no bond failure and the result is analogous to the cylinder splitting test.

{(d GROUP I R,

| }

f

Here we have a small a /d ratio, more like a corbel, and the failure is along a line joining
the load to the face of the support.




The a, dimension was called the shear spant and defined by the Shear Study Group as the 83
length of the beam over which the shear has the same sign, e.g. the length rom & simple’ SHEAR
support to a single polnt {oad in a span. It should be noted that a, is used for different
dimenslons in the Code, and this will be redefined as we come to it.

So for a given concrete section of a certain grade concrete we have two main
variables — the percentage of tenstle reinforcement and the shear span ratio.

The Shear Study Group concluded from the results of tests that for beams without
shear reinforcement the difference between the commencement of shear cracking and ‘
failure is small, except for short shear spans. The maln problem was defining when
shear cracking took place, but it was decided that for the majority of practical cases
where shear span/effective depth is greater than 2 the ultimate load would be taken as
the load causing the ficst shéar crack.

Various equations have been proposed for determining the shear cracking load and
most of them define it as a function of the cube strength and the ratio of longitudinal
tensile reinforcement. The importance of these two factors is borne ont by plotting fest

results as shown in Fig. 9.2.-
1.5} '
vulr/bd .
2 N .
(N/mm )1 o} . . L em == = 1 from BS&I10
R £,=30, d 3> 400
L aid>13
osl” ~ Y
L/
L Il 1 i L4
0 1 2 3 4 -1

o, rensile reinforcement’

FIG. 9.2 Test results for ultimate shear stress in beams. {Taken from a repart by the Shear
Study Group of the Institution of Structural Engineers.) ' :

In plotting these results, Vistheload causing the first shear crack, and the efiective
* depth dis used instead of the lever arm which had previously been used. This is because
the cffective depth is a much more definitive dimension. and test results can be directly -
compared. The concrete strength varies, the upper points being due to the higher
strengths, but for the same strength concrete the value of V,,./bd Increases with the
increase in tensile reinforcement. 7
The shear siress v at any cross-section in a beam should be calculated from
v=V/bd,
where V is the design shear force due to ultimate loads, b, is the breadth of the section
which, for a flanged beam. should be taken as the average width of the rib below the -

flange, and d is the effective depth.
This equation for shear stress strictly applies to beams of uniform depth where the

tension bars are parallel to the compression face. In members of varying depth the
equation should be modified to S
V4 (Mtan 6))/d
vV=—
bd
where the negative sign is used when the moment is increasing numerically in the same
direction as the effective depth of the section (see Fig. 9.3). :
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FIG. 9.3 Shear stresses at haunches. (a) v=[V~—(M/d)tan 0)/bd. (b) v=[V+
(M/d) tan 8,1/b,d.

-

Table 3.9 of the Code gives values of v, the design concrete shear stress. These values
depend on the percentage of effective longitudinal tension reinforcement, the effective
depth of the reinforcement, and use of a Grade 25 concrete. The notes below the tabie
are extremely important.

Note 2 gives the formula from which the tabulated values have been obtained and
points out that if the formula is used one cannot use a percentage of reinforcement
greater than 3.0, nor an effective depth greater than 400 mm. Thereis, however, a very
significant statement that if one is using a concrete grade greater than 25 {(but even for
concrete greater than Grade 40 you can only use the value of 40), the values in the
table can be increased by (f,/25)". For Grade 40 this means a 179 increase.

So v, is a critical value for when ‘design’ links should be calculated. The word ‘design’
is used to differentiate these from minimum links which must be provided in all beams of
structural importance. Minimum links can be omitted in members of minor structural
importance when the actual shear stress is less than half V..

Table 3.8 of the Code describes when and how to provide shear reinforcement and in
Note 2 it is reported that minimum links provide a shear resistance of 0.4 N /mm?2. The
lower limit when one must start to provide: design links is when v is greater than
(v.+0.4) N/mm?. The upper limit for v is the lesser of 0.8,/f,, and 5.0 N/mm?. If the
design shear stress is larger than this one must then change the section.

Clause 3.4.5.8 recognizes the fact that if the normal shear plane of failure is forced to
be inclined more steeply than 30° the shear foree required to produce failure will be
increased. The concrete shear stress V., in the region close to supports can therefore be
increased to 2vd/a,. where a, is the distance from the face of the support at the section
where shear is being considered. This enhancement cannot be carried out indiserimina-
tely. There is still an upper limit of 0.8,/f,, or 5 N/mm?.

This procedure and caleulation of the reinforcement as given in clause 3.4.5.9 are
rather time consuming and will probably only be used for such items as corbels or pile
caps or where concentrated loads are applied close to stpports.

The normal procedure will be to use the simplified approach given in
clause 3.4.5.10. This applies to beams carrying generally uniform load or where the
principal load is located further than 2d from the face of the support. The actual shear
stress, v, will be calculated at a distance d from the face of the support. The concrete
shear stress, v, will also be calculated at this point but no enhancement factor will be
applied. Any shear reinforcement required at this section will be provided up to the face
of the support.

We have said already that v_is a critical value, and one of the most important factors
in calculating it is the amount of effective tension reinforcement, A,. This is the area of
longitudinal tension reinforcement which continues for a distance at least equal to o
beyond the section being considered, in each direction. At end supports it may not



always be possible to do this, but provided' the tension reinforcement is properly
anchored in accordance with clause 3.12.9 the fuil area may be used.

At a monolithic heam—column junction where the beam has been designed on the
assumption that the column provides a simple support but nominal steel has been
provided to control cracking there are two alternative methods of calculating v_. If the
main tension steel in the bottom has been anchored in accordance with 3.12.9.4 one
should use this area. If this anchorage has not been provided then one should use the
area of top steel, but remembering that this steel must extend a distance at least 3d into
the span from the face of the support — see clause 3.4.5.4.

As v, depends on the amont of effective longitudinal reinforcement, the value will
change where the amount of reinforcement changes. It will also change [rom top to
bottom or vice versa at points of contraflexure. So to calculate the amount of shear
reinforcement required, the concrete shear stress at all these points will need to be
known. Let us consider one beam in a run of beams, carrying a uniformly distributed
load, as shown In Fig. 9.4.

At point X, the point of contraflexure for the lower part of the diagram, there are
different areas of reinforcement in the top and in the bottom. The shear resistance will
change from top to bottom, based on tension reinforcement. If all the bars are the same
diameter and d remains the same, the resistance to the left of X is based on three bars
and to the right of X on two bars. At point ¥, where the other two bottom bars become
effective, the resistance is based on four bars. '

B.M. envelope
Three bars
. d '
—r
X - 1
Two bars | Four bars

Reinforcement

z
s —(l::‘-t- 0.4)

ShEﬂrN

FIG. 9.4 Continuous beam with uniformly distributed load.
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If we now draw the shear stress diagram and superimpose the appropriate resistances

Ver« Ve Voq» the shaded area is to be covered by shear reinforcement. Potnt Zis where the
actual shear stress is (¢, +0.4).

To be able to do these calculations we need a bending moment envelope and full
details of curtailment. If the simplified rules for calculating bending moments and shear
forces are used we do not have an envelope. The procedure is also tedious and a simpler
but conservative approach will normally be used. In this approach, where cartailment
details are not necessary, we assess what will be the minimum effective tension
reinforcement in a span. For the above example it is two bars from the bottom
reinforcement. We calculate v, appropriate to two bars and add the value provided by
minimum links (not less than 074 N/mm?). This now gives the ‘maximum’ shear stress
the beam will take. By multiplying this total value by bdx 10~} we obtain the
‘maximum’ shear force'the beam will carry. If this is greater than the actual maximum
design shear force then minimum links are all that is needed. If the maximum design
shear force is greater than the value we have calculated then we use the formula

A, =zbs,(v— v.)/0.87f,

to determine the links we need. The value we calculated using minimum links is still
useful as it will enable us to find where minimum links finish and where design links
Start. .

The formula given above for determining the links can be adapted in various ways,
bearing in mind that the two values wanted are 4, and 5,.

One way is to tabulate values of A, /s, for various bar sizes and spacing; one then
calculates b,(v—v,)/0.8 7[,, and selects from the table a bar diameter and spacing that
give a value not less than this. Only one table is needed as the relevant value of S is
inserted,

. Another method is to tabulate values for 0.87/,,4,,/s, and calculate b(v—v.); this
will require two tables, one for 460 steel and one for 250 steel.

Table 1 of Appendix 4 gives values for the first method, and Table 2 gives values {or .

the second method. In both methods the minimum links are determined by putting
{(v—v.}equal to 0.4 N/mm? Having selected the diameter and spacing, the actual shear
resistance of these links can be calculated and used instead of 0.4 N/mm?. An equation
not given in BSB110Q is the value of the shear force or shear stress for a particular area of
links at a particular spacing. These are

shear force, V=0.87f 4,4d/s,
shear stress, v=0.87f.4,/bs,.

So for the shear resistance stress of given links at a given spacing we multiply the value
from Table 1 of Appendix 4 by 0.87/,/b, or divide the appropriate value from Table 2
by b,. ‘

The spacing of links in the direction of the span should not exceed 0.75d. At right
angles to the span, the horizontal spacing should be such that no longitudinal tension
baris 150 mm from a vertical leg. The horizontal spacing should in any case not exceed
d. So with a beam with four tension bars in the bottom, at 150 mm centres, one link
would be sufficient provided the effective depth is at least 450 mm.

_}d

y 150 * 150 : 150
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Before calculating the links required in the continuing ‘example from the previous 87

chapters. the shear force envelope to be used should be discussed. If redistribution has SHEAR
[ ot been carrted out then the shear force envelope associated with the bending moment
li‘ envelope will be used. However, if redistribution has been carried out, it should be

appreciated that this will affect the shear force envelope. A reduction in moment at only
one end of a span will reduce the shear force at that end but increase it at the otherend.

4
. . 4

F_‘xﬂ_j

:_-_h|
e &

EXAMPLE 9.1

Using the results of the analysis in section 2 of Example 3.1 we can produce a shear

e
— force envelope as shown below. Note that in span AB the left-hand side of the envelope
L is obtained from the redistributed moments and the right-hand side from the elastic
- moments.
' 5000
4590 . — —
= | 322.5 LS
296.1 251 [~ 273.4

750)—
R
}—t 700
320.4

368.8

The shear forces will be taken at an effective depth of 550 mm from the face of the
support, l.e. a distance of 700 mm from A and 750 mm from B. These are indicated on
the diagram. From the curtailment drawing in Chapter 8 it can be seen that at these
positions the minimum effective tension reinforcement is 2/32¢.

1004, /b,d=(100 x 1610)/(300x 550)=‘0.975.

From the equation for v, in Table 3.9 of the Code we find that v,=0.70 N/mm? .
For minimum Jinks b {(v—v)=300x 0.4=120. Table 2 of Appendix 4 suggests 8¢
at 300 centres which will give a shear resistance stress of 134/300=0.45 N/mm?.
Shear force with miinimum tenston reinforcement and minimum links=(0.70 +
0.45) x 300 550 x 10~3=190 kN.

e e Svao L atap Dk, 0t bt s
SEPTRTA S Tt LT s Dol e S A L 0 e " ;

End span

Maximum load = 64.5 kN/m.

Shear force of 190 kN occurs at
(296.1—190)/64.5=164m from A
and

(368.8 —190)/64.5=2.77 m from B.
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Near support A,

v=(251 x 10")/{300 x 550)=1.52 N/mm?,
b(v—v.)=300({1.52-0.70) = 246.

From Table 2 of Appendix 4, provide B¢ at 150 centres,

Near support B,

v=(320.4 x 10%)/(300 x 550)=1.94 N/mm?2.
b,(v—v)=300(1.94-0.70)= 373.

Frorr; Table 2 of Appendix 4, provide Sc,jb at 100 centres.

Centre span

Shear force of 190 kN occurs at
(322.5—-190)/64.5=2.05 m from B.

Near support B,

v=(273.4 x 10%)/(300 x 550)=1.66 N/mm.
b{v—v,)=300(1.66—0.70) = 288.

From Table 2 of Appendix 4, provide 8¢ at 125 centres.

A suitable arangement of links is indicated below.

1750 5400 2850 2100 5800
] |
ooarl ] [
8barl g4 300 100 125 300

It should be pointed out that a slightly smaller number of links may be required if
fuller calculations are carried out as described in clauses 3.4.5.8 and 3.4.5.9 together
with the actual amount of tension reinforcement at the critical sections, These sections
will be at points of contraflexure and at effective depths from the ends of curtailed bars,
in addition to those carried out above. The full treatent can. of course, only be carried
out if 2 bending moment envelope has been prepared. If the simplified rules are used the
shear calculations will have to be done as illustrated above,

9.1 Bent-up bars

Bent-up bars are not often used for shear resistance, partly because the shear resistance
can be provided by links and partly because only half the shear resistanice can be
provided by the bars.

Clause 3.4.5.6 gives an equation to determine the resistance and relers to Fig. 3.4 of
the Code. In the first edition of the Code this figure attracted adverse comments and has
been amended. To avold confusion the revised figure is shown here as Fig. 9.5, but it
should be pointed out that the failure plane, A~A, does not have to go through the bend
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FIC.9.5 System of _beut—up‘bars.

in the bar. It can be anywhere at the angle B, and itis the number of inclined bars cut by
this plane which determines whether the system is classed as single, donble, etc. In
Fig. 9.5 the system is quadruple, which can be seen more easily If the line AA is moved
slightly to one side. -

The Code gives the maximum value of s, as 1.5d, and the values ol « and ff as not less
than 45°. The traditional way of detailing bent-up bars has been to make a=45°
B=67%, with 5,=1.41(d—d).

Although the designer can work out the shear resistance of the system from
equation (4) of the Code, Table 9.1 below- gives some typical values using the

traditional values for « and § given above.
Bars should be checked for stresses inside bends and also for anchorage.

Table 9.1 Ultimate shear resistance (kN) for bars inclined at

45° )
f,=250 N/mm® f,=460 N/mm?*
. Single Double Single Double
Bar system system systent system
16 ) 309 61.8 56.9 113.8
20 48.3 96.6  .BBY 177.8
- 25 75.5 151.0 © 1389 277.8
v 32 123.7 247.4 227.6 455.2
40 193.3 386.5 355.6 711.2
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Although many corbels and nibs are constructed in situ the Code deals with them in
Section 5 of Part 1 under precast and composite construction. This is probably because
the majority of members being supported will be precast concrete and the positioning of

R T T
i

these members, Le. the contact area, is very lmportant. . 4
Shear is also.an important consideration, and in this context the distance a, which =
can be used for enhancing the allowable shear stress v. must also be the appropriate =

dimension. o
For both corbels and nibs the Code uses the words ‘short cantilever' and limits anibto |

300 mum depth, The desigh approach, However, s quite different, A corbel fransfers the |

load from the supported member to another member which is below the
column or a wall. A nib, generally continnous and not an isolated projection, transfers
the load to a member above itself. The load on & corbel goes down, whilst the load on a
nib goes up.

10.1 Corbels

These are defined in clause 5.2.7.1 as short cant_iléver projections in which (a) a,/d is
less than 1.0, and (b} the depth at the outer edge of the contact area, d,, is not less than
h/2, where the symbols are Hlustrated in Fig, 10.1. .

The Code uses the wording ‘contact area of the supported load' rather than bearing
area but, as will be seen for the calculations, it Is essential to be able to define exactly the
contact area. This can only be done by providing a definite bearing pad.

The basis of the design method is that the concrete and reinforcement may be
assumed to act as elements of a strut-and-tie system as indicated in Fig. 10.2. From this
it can be seen why the line of action of the load must be located. For two concrete
surfaces in contact the line of action would be the leading edge of the corbel and one
would be unable to obtain a triangle of forces. :

The Code also says that compatibility of strains between the strut and tie at the corbel

[+]
v
¥ ’
-}l.
dh
d h
— - ey ...-‘L

FIG.10.1 Dimensions of a corbel,
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. . E cos f3 where
F = 0.405 [z,
bxcosf
Forces -

FIG. 102 System of forces.

root should be ensured. What this means is not very clear, but the Handbook Interprets

this in. the same way as it

did for CP110 — the failure strain of 0.0035 is taken to act at

right angles to the face of the supporting member. This would appear to be more for .-
expediency and simplicity in avolding another term containing the angle f.
Again, to act as a strut and tie, the depth of the corbel at the face of the support must

be sufficient to eliminate the possibility of a shear faillure.
So the design shear stress v at the face of the support
0.8/f,, and 5 N/mm?. The value of V. based on

must be less than the smaller of
the effective area of tension

reinforcement, can also be enhanced by the factor 2d/a,. Il{v1s greater than v, shear

links can be provided in accordance with clause 5.2.7.2.3.

It should be noted at this stage that not all designers agree with this procedure and

increase d so that v does notex

ceed v,. They still provide shear links to half the area of

tension reinforcement as required by the Code, but do ot take them into account for

shear resistance. This appears to be rather conservative.
From these requirements
at the face of the support can be
To be able to determine the forces £, "

" can be done by assuming a vahze and carrying out an iterative process or
chart produced by evolving mathematical equations based on the v

the minimum effective depth, and hence‘the overall depth. '

directly from a
arious criteria. This

. isshown in Fig. 10.3 and will be used in the example that follows.
The value of F,can now be calculated, together with the strain profile, the value of g,

. 0.6 | z/d
0.16 J AP i —=
0.14 7 g 0.70)
0.12 AT '
675
0.10 hef / /’/
3 0.08 )84V o —
SV ViAo -~ /-L— —
_0.05-7/ e o
0.0¢| 4 e 4
R/ /pSan AR
% o.i; 0.4 04 08 10
) av/d

FIG.10.3 Chart for determining zid.
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and the stress in the main reinforcement, and hence the area of main reinforcement

reguired. Concerning the area of this reinforcement the Code says that the magnitude of
the resistance provided to horizontal [orce should not be less than one-half of the design

- vertical load. It does not say what stress should be assumed, but presumably this should
be the maximum design stress. The greater of the two areas of reinforcement would be

supplied. The Handbook, however, repeats the CP110 requirement that the area should

be not less than 0.4% bd and does not appear to have been updated.

As stated previously shear reinforcement is to be provided in the form of horizontal
links distributed in the upper two-thirds of the effective depth of the corbel. The area of
this reinforcement_should be not less than one-half of the area of main tension
reinforcement and should be adequately anchored.

The size of the bearing plate transmitting the ultimate design load (V,) to the corbel
should be calculated -using a bearing stress not greater than 0.8f, as suggested in
clause 5.2.3.4, provided the horizontal force at the bearing is less than 0.1V,.

EXAMPLE 10.1

Design a corbel for a 300 mm wide column to support a vertical ultimate design load of
500 kN with the line of action of the load 200 mm from the face of the column.

fu=30 N/mm?, f,=460 N/mm?, | __
Maximum bearing stress at contact surface=0.8 x 30 =24 N/mm?,

e
&

Assuming éffective length of bearing plate is 250 mm,

minimum width=(500 x 10%)/(24 x 250)=83.3 mm, say 85 mm.
Note that the terms length and width are in accordance with clause 1_.2'.5 of the Code

and will be dealt with in the next section of this chapter.

Select a sectimi__such that Ithe shear stress at the coh;mn face,

v=V/bd+ 0.8,/

 For Grade 30 concrete maximum=4.38 N/mm?.

Minimum efiective depth at column face for 300 mm wide corbel,

d+£(V/u,)b=(500 x 10%)/(4.38 x 300) =380 mm.

Consider h=500 mm, d=500— (20+20/2) = 470 mm.

v=(500 % 10%)/(300 x 470)=3.55 N/_mmz.

a,=200 |v=5oo kN
L E F

rs Es
=
o ——
250 X 157
1‘-
-
250 x =313
=~ L
0-0035

s

e

LT CITY S,

¥ b o
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i a,/d=200/470 =043, v/f,=3-55/30=0.118.

[ -3 From chart z/d=0.7, 50 z-—ffﬁﬁ ‘
~E x o= (d—12)/0.45 =(470 - 329)/0.45=313. - |
3 F,=V cot f=(500x% 200)/329 =304 kN. N .

1 2 From-strain profile, &;=(157/313)x 0.0035=0.001755. i.e. <0.002.
3 f=351 N/mm?% (w0 ¥t'X ool 18 o

A,=(304x 1(_)’1)/3?51;_‘866 mm?, say 3/20¢ (943 mm?),.

| Minimum area=(500 % 10‘/2)[@}3@5 . - -

% 1004 /bd=(100 x 943)/(300 x 470)=0.67.

Allowable shear stress= 0.59 % 7/0.43=2.73 N/mm®.

VAL INIVLA T por ey v

This is less than v, s0 b(v-v,)=300(3.55—2.73)
) . =246

depth over which links

\ .
From tables, using f,,=460. 104 at 250 centres will daothis, The
are to be provided is - o

2/3 x 470=313 mm. ,

This would mean two links and gives an area of 314
area=943/2=472 mm?, ‘

mm?, but minimum

Provide 3/10¢ links at 75 mm centres.
The arrangement of reinforcement is shown tn Fig. 10.4.

a0 ‘\‘_{.T— 4cover | ‘3" 10 2 ~{}- 4 cover

L1

(b}

{a)
FIG. 10.4 Reinforcement in corbel.

/ o
to a cross bar of equal size and

" In Fig.10.4(a) the main tension bars are welded;
and the inside face of the

strength. The distance between the edge of the bearing plate
bars. In Fig. 10.4(b) the

cross bar should be not less than the cover to the main tension
main tenston bars are bent down into the corbel with a standard radius. The start of the
bend should be not less than the cover beyond the edge of the bearing plate. The Code

suggests that the bend can start at the edge of the bearing plate; however the author

does not agree.
It should be noted that t
plate are related to the bar diameter,

he Handbook says the distances to the edge of the bearing
but cover would appear to be more relevant.

SN gy U gy ) gy oy

ok -k
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10.2 Bearings

From the previous section on corbelsit is fairly obvious that a definitive contact area ina
prescribed position is required. The anchorage length of reinforcement in the supported
member has also to be taken Into account and this may determine the position of the
bearing plate,

For other forms of construction, such as continuous concrete nibs, we can have.

precast members bearing directly on to other concrete members, precast or in situ, or
through a mortar bedding. In this case, as stated in clause 5.2.3.1, it is important to
recognize that the integrity of a bearing is dependent upon two essential safeguards: (a)
an overlap of reinforcement in reinforced bearings: (b) arestraint against loss of bearing
through movement. B .

Before describing the allowances Tor various effects we must first make sure of the
terms being used. It is a.pity that clause 5.2.3 refers the reader back to clause 1.2.5, as
inFig. 5.4 of the first edition of the Code the term ‘width’ was nsed for both dimensions.
This might not have happened if the definitions had been given in 5.2.3,

The bearing length is the length of the support, supported member or intermediate
padding material (whichever is the least) measured along the line of the support. The
bearing width is the overlap of the support and supported member measured at right
angles to the support.

The best way of illustrating this is in diagrammatic form, as shown in Fig. 10.5. The
effective bearing length is the least of: (a) bearing length per member: (b) one-half of

Support
on i !
£ g, i Supported
o glE : member
- lal™ .
=1 - - Bearing .
width——"]

FIG.10.5 Plan sho-wing bearing length and width.

'bearing length per member plus 100 mm; or (c) 600 mm. In the example on corbel

design it can now be seen why the effective length of the bearing plate was taken as
250 mm, assuming that the actual length of the plate was 300 mm. For the bearing
width we start with the net bearing width to which we add allowances for various
effects. The net bearing width, as can be seen from the equation in clause 5.2.3.2,
depends on the ultimate bearing stress, which again depends on the surface-to-surface
contact. Values are given in clause 5.2.3.4 but again reference to clause 1.2.5 is needed
for definitions. , ' : '
Destgn ultimate bearing stresses are:

1. Dry bearing. A bearing with no intermediate padding material - 0.4, .

2. Bedded bearing. A bearing with contact surfaces having an intermediate padding of
cementitions material - 0.61,. ’

3. Steel bearing plate cast into the supported member or support and not exceeding
40% of the concrete dimensions - 0.8, .

If the su[iborted member and support have different concrete grades, then the lower

-
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grade shall be used for f,. Figure 5.4 of the Code gives a schematic arrangement for
. yarious bearing widths. It is reproduced here as Fig. 10.6 in a slightly different form.

The distance a, classed as minimum in the Code, is obtained from the sum of the net
bearing width (obtatned from 5.2.3.2 or 5.2.3.5) plus allowances for spalling {obtained
from Tables 5.1 and 5.2}

T
g ° ;g ot
E £ 1 E .
X E VE
a [+] -
= z (2
N c - b L a
L A A

FIG. 10.6 Alluwh;lcw for bearing.

The distance b, obtained from 5.2.4, when added to a is classed as the nominal
bearing width and will give the nominal length for the supported member. The
minimum anchorage lengths for reinforcement in the supported member will be based
on the centre line of this width. '

The distance ¢ Is again obtained from 5.2.4. When added to a plus b it gives the
maximum bearing width and represents the distance the supporting member will
project from the face of the main support, e.g. the face of a beam. '

Note that all these distances apply at each bearing.

Finally, there is the distinction between an isolated member and a pon-isolated
member. A non-isolated memberisa supported member which, in the event oflossof an.
assumed support, would be capable of carrying its load by transverse distribution to
adjacent members. In this case the calculations carried out to determine thenetbearing

bearing width should be 20 mm greater than for a non-solated member. In the
previous example fora corbel, it should be borne in mind that if the supported member is
classed as isolated then thé bearing width given in the calculation should be increased
by 20 mm. - _ - ‘ .

These can be classified generally as ‘narrow bearings’ and are projections at the
bottoms of beams to carty secondary beams, floor units or brickwork. Depths vary, but
when supporting brickwork are usually one or two brick courses deep depending on the
amount of brickwork carried. When they are supporting secondary beams or foor units
the depth is usually 100 mm or more. _
Clause 5.2.8.1 says that a continuotis pib which is less than 300 mm deep should
normally be designed as a short cantilever slab. It is highly unlikely that a projection
from the bottom of a beam will exceed 300 mm in depth. A continuous projection from
a reinforced concrete wall may possibly do so, and in this case it would be better to use
the corbel approach previously described. :
"~ For the short cantilever approach the line of action of the load and the distance a, are
different from the corbel approach. The line of action of the load is assumed to act at the
outer edge of the loaded area and this can be at:

1. the front edge of the nib if the nib does not have a chamfer;

width using the equation in clause 5.2.3.2 are valid. For an isolated member, the net
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2. the upper edge of a chamfer:
3. the outer edge of a bearing pad. -

In other words, the line of action should be taken as far as possible from the facé of the
supporting member,

The distance a,, which is used to calculate the bending moment and also the shear
enhancement factor, is taken from the line of action of the load to the nearest vertical
Ieg of the links in the member from which the nib projects. Most designers use the centre
line of the leg of the link. The bending moment is the design load multiplied by a,., from

which the area of reinforcement can be calculated. The area of reinforcement provided

should be not less than the minimum as given in clause 3.12.5. The reinforcement
should be positioned in the top of thenib and taken to a point as near to the front face as
considerations for coverwill allow. As with corbels the bars can be anchored either by
welding to a transverse bar of equal strength or by bending through 180° to formn loops
in the horizontal or vertical plane. With vertical loops the bar size should not exceed
12 mm.

For shear resistance the value of v_ obtained in the normal way may be increased by
the enhancement factor of 2d/a,.

EXAMPLE 10.2

An in situ reinforced concrete nib is required to carry a series of precast pretensioned
holiow floor units, 400 mm wide by 140 mm deep. The floor units are to span a clear
distance of 4.5 m and carry a superimposed load of 5.0 kN/m? (including 1.5 kN/m?* lor
screeds and finishes). The in situ concrete is to be Grade C40 using 20 mm maximum
size aggregate and the reinforcement is to be Grade 460. The exposure condition is

mild. The precast floor units can be classed as non-isolated members with a selfl weight .

of 2. 50 kN/m?, and concrete Grade C40.

With the exposure condmou and 20 mm aggregate we shall need 20 mm cover to the
reinforcement in the nib. Il we use vertical loops for the reinforcement in the nib the
minimum depth of the nib will be 204 20+ 8 times the bar diameter. Assuming B¢
bars the depth cannot be less than 104 mm, say 105 mm.
Itis also suggested that the front edge of the nib should have a 15 x 15 mm chamfer.
Characteristic load carried by floor unit:

Dead: self  2.50 kN/m?
screeds 1.50 kN/m?

4.0 kN/m?
Imposed: 3.5 kN/m?

Ultimate design load =4 x 1.4+ 3.5 x 176 =11.2 kN/m? As the clear distance is 4.5 m
we will assume the length of the unit is 4.7 m to calculate the net bearing width, but
this will be checked later.

Reaction each end=4.7/2x11.2=26.3 kN/m runx{.4=10.52 kN [or each
400 mm wide unit.

We shall assume a dry bearing, so design bearing stress is 0.4 x 40=16 N/mm?.
Effective bearing length =400/2 + 100= 300 mm.

. Net bearing wxdth 10.52 x 1000/300 x 16 =2.2 mm, so use minimum width of
40 mm.
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_ Allowance [for spalling =20 mm (Table 5.1 : -

- J00A,/bd=(201 x 100)/(1000 x 81)=0.25.

+0 {Table 5.2, exposed tendon)-

Aliowance for inaccuracies =25 mm.

The nominal bearing width is 40 +20 +25=85 mm, so the nominal length of the unit
is 4.5+2x Q.085=4.67 mm, ;

The width pf the nib projection is 85+4+25=110 mm. _

The line of action of the load=110—15=95 mm from face of beam, and assuming

20 mm cover to 104 links in the beam, the distance 2,=95 +20+5 =120 mm.
Although the effective bearing length ‘of 300 mm s less than the width of the floor

unit, it will be assumed that theload will spread for the width of the unit in calculating

the moments and shears. Thus:

M=26.3 % 0.12=3.16 kN m/metre ran.
Efective depth, d=105—20—4=81 mm.

M/bd®=(3.16 x 10°)/(1000 x 81%)=0.48. /

This will give less than the minimum percentage, so
A,=(0.13/100) x 1000 x 105 =137 mm’/m
and spacing not greater than 3 x 8). +bar diameter.

Use 8¢ at 250 centres.

v=(26.3 x 10%)/(1000 x 81)=0.32 N/mm?
/

From Table 3.9 of the Code, v.=0.62 N/mm?.

Allowable shear stress=0.62 x 1?2/120=0.84 N/mm?.

W
The detail would be as shown:

110

-

-r 8¢ wiring
7-' bars

105

L.

Points to note:

l. The depth of the nib could be reduced by using a bar welded to the ends ot’horizo.ntal

projecting bars, or by using horizontal loops.

2. Additional area of reinforcement is required in main beam to carry the load of

26.3 kN/m to the top of the beam.

" 3. Ifreinforced precast floor units are being used. it would be better to use straight bars
exposed at the end, provided the shear stress is less than v./2. {fbars with a bend are
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required the length of the unit and also

the bearing width would have to be
recalculated.

In general a continuous nib will cartry a continuous load such as a floor siap
{probably precast) or a height of brickwork, so it can be designed in accordance with the
Code as a slab, i.e. per metre length. On oceastons, however, it will carry isolated loads
such as from a precast beam or a precast double-Tee floor unit. In these cases the length
of the nib which can be considered as carrying the load is very important. .

From tests carried out it would appear that the failure cracks spread at an angle of
45" from the loaded area. The length which can be considered as carrying the load can,
therefore, be taken as the width of the supported member plus twice the distance from
the line of action of the load to the face of the supporting beams (see Fig. 10.7)

lU b <2£n A

In [ﬂ lﬂ
= by

AN /. N s [ .
hY RN - a P
~ s AN e
]

p—— —

(a)
FIG. 10.7 Isolated loads on continuous nibs,

If the clear distance between the loads is less than 21,, as In case (a), then']_ i !‘Eé
distance over all the loads plus 21,. Where the clear distance between the loads is more i

than 2[,, as in case (b), then I, equals b+2I . Whichever case is appropriate.

reinforcement in the nib will be the same throughout its length.

TS
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For columns, the first need is to define the type of cdlumn. In clause 3.8.1.5 the Code
gives the following definitions: '

Bracgd

A column is considered bracedina given plane if the lateral stability to thestructure as
a whole is provided by walls or other sultable bracing to resist all lateral forces in that

" plane.

Unbraced

A column is considered unbraced in a given plane where lateral stability in that planeis
provided by the column.

A column supporting beams will have two axes for bending in directions generally at
right angles, and will therefore have two planes of bending. We therefore have to
consider each axis of bending (or each plane of bending) in turn.

As an example, consider the following layout of a framed building.

.- _---gd.---Ud.---

Shear N
wall ™

- - s e

|
1
]
!
|
|
1
"l
1
[
I‘
o
]
!
|
|

In the north~south direction, stability to the structure is provided by shear walls, 50
the columns are braced. In the east-west direction stability is provided by the columns.
so the columns are unbraced. So, in different directions the column has to be treated
differently. In most structures this is unlikely to happen and the column will have one
classification only.

Most designers dealing with columns tend to think of bending about an axis rather
than bending in a particular plane. It is very useful to establish these axes early om. as
calculations to find the effective heights in the two directions are the next step. If we
have a rectangular section, the major axis will be the axis about which the section has
the larger second moment of area. This will be called the X-X axis. Bending about the
¥-X axis will be bending in the Y-Y plane.

11
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For square or circular columns the second moment of area is the same about both
axes and it is up to the designer to nominate the XX and Y-Y axes. .

Failure of a column is due to buckling rather than pure compression and the effective
height is a convenient method for dealing with buckling. The effective height can be
found from clause 3.8.1.6 or more rigorously from 2.5 in Part 2 of the Code.

In clause 3.8.1.6.1 it states that the effective height in a given plane, I, is fl, where

is obtained from Tables 3.21 and 3.22 of the Code for braced and unbraced columns
respectively, and I, is the clear height between end restraints. The values for § are a
function of the end conditions of a storey height of a column. The end conditions are
defined in terms of a scale of 1 to 4. The smaller the number the greater is the fixity.
Although the various conditions are described in the Code, they are shown in

diagrammatic form in Fig. 11.1.

The values for § have been assessed using typical values for column and beam
stiffnesses, but it must not be expected that they will agree every time with calculations
carried out in accordance with the formulae in Part 2.

What is important to remember, however, is that the conditions do not necessarily
apply where there is a beam on one side of the column only, for example an external
column. They may do; it depends on the relative stiffnesses of the beam and column. To
avoid possible differences of opinion it may be necessary to go to Part 2, Section 2.5,
and use the formulae. These are as follows: -

Braced columns

Lesser of _
L=h{0.7+0.05(x, +a )} <l (11.1)
and
I.=1,{0.854-0.05¢,,,} <I,. (11.2)
Unbraced columns
.Lesser of _
I=I{1.040.15(x,, +a,,)} (11.3)
and |
l=1{2+0.3e,,,}. (11.4)
Symbols

I Second moment of area of the concrete section.
L Effective height of a column in the plane of bending considered.
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Condifion 1 -

and detailed as if simpty supported

1
f  Depth of beams > depth of column
-
£, ¥ Asabove
| T Base designed roresist moment
Candition 2 ' T
¥ —  Depth of beams or slabs < depth
il ' - of column
!
f:l ‘____r As agbove
Caondition 3 5 :
:j Nominal restraint between heams
and column e.g. beam designad

Base not designed to resist moment

Condition 4 o, of cantilever in unbraced structure
FIG.11.] End conditions to determine effective height of column.

I, Clear height between end restraints.
Ratio of the sum of the column_sﬁffnesscs to the sum of the beam stiffnesses at the

lower end of a column,
Ratio of the sum of the column stiffnesses to the sum of the beam stiffnesses ak the

upper end of a column.
o, Lesser of «., and &;.

3]

ol

L]

In calculating u,. only members properly framed into the end of the column in the
appropriate plane of bending should be considered. The stifiness of each member equals
IfI. where [ Is the distance between centres of restraints. At a column base . may be
taken as 1.0 where the base is designed to resist the restraint moment. If the base is not
designed to resist moment, o, should be taken as 10. For complete restraint. suchasata
very large base, o, can be taken as zero. :

‘Note that in the Code it says the stiffness of each member is I/l, whereas here it is
given as IfI.. The answers should not be very different, but it does not appear to be

" logical to take centres of supports for beams and clear helghts for columas.

The following example illustrates the calculations required, and although they may
appear to be a bit tedious they are not difficult to perform.
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102 EXAMPLE 11.1 Effective heights of columns

COLUMNS i
Roof A B
; = 1 E
Beam (1) 3500
Znd B .r. ¥
F = T N
Beam (3} Beam (2) 3500 “E:"—
It c : s s
G | — 1 - be %
- X X
6500 6500 5500
H .
H o ¥
qb
All columns 300 x 300.

Beam 1 is 450 x 250, span 6500.
Beam 2 is'500 x 300, span 5500,
Beam 3 is 500 x 200, span 5500.
Bases designed to resist moment.

Iniernal columns

Using end conditions as giveu in clause 3.8.1.6.2, these would be condition 1 at all
junctions. The effective height for a braced column would, therelore, be 0.75 times the
clear height, and for an unbraced column, 1.2 times the clear height.

External columns . .

The Code does not give any guidance when beams are on one side of a column only, and
the designer must elther use his judgement or use the equations in Part 2.
The following examples illustrate the procedure.

Section properties

Member , I ({mm*) L, (mm) I
Colurnns (1st—Roof) 300 x 300%/12=675 x 10¢ 3500 193x10°
Column (Found-1st) 300 x 300%/12 =675 x 10° 5500 123x10°
Beam (1) 250 x 450°/12 =1500 x 10° 6500 292x10°
Beam (2) 300 x 500%/12=3125 x 10° 5500 568x10°
Beam (3) 200 x 500%/12 =2083 x 10¢ 5500 379x10}

Note. In determining I for the beams, the rectangular section only has been used.
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Ratio of stiffnesses

Bending about
Joint X-X axis " Y-¥ axds -
A 193/(2 x 568)=0.17 193/(2 x 292)=0.33
B (2% 193)/(2x 568)=0.34 (2x 193)/(2 x 292)=0.66
C (193 +123)/(2 x 568)=0.28 (193 4 123)/(2 x 292)=0.54
D.H 1.0 . 10
E 193/(2x 379)=0.25 193/292=0.66
F - (2x193)/(2%x379)=0.25 (2x193)/292=1.32
G (193 +123)/(2 x 379)=0.57 (193+123)/292=1.08
Effective height factors
(1) Braced columns —equation (11.1) controls
Bending about
Column X-X axis Y-Y axis
A-B 0.74-0.05 (0.17+0.34)=0.72  0.7+0.05 (0.33-+0.66)=0.75
BC 0.74-0.05 (0.34+0.28)=0.73  0.7-+0.05 (0.66+0.54)=0.76
c-D 0.7+005 (0.28+1.0) =075  0.7+0.05 (0.54+1.0) =0.78
E-F . 0.740.05 (025+0.51)=0.74  0.7+0.05(0.66+ 1.32)=0.8
-G 0.74+0.05 (0.51+0.57)=0.75  0.7+0.05 (1.32+1.08)=0.82 :
G-H 0.74-0.05 {0.57+1.0) =0.78 ~  0.7+0.05(1.08+1.0) =0.8 '

- These factors are to be compared with 0.75.

(2) Unbraced columns — equatioﬁ (11.3) controls

Bending about .
Column CX-Xaxs - Y-Y axis
A-B 1.0+40.15 (0.174-0.34)=1.08 1.04-0.15 (0.33+4+0.66)=1.15
BC 1.04-0.15 (0.34+0.28)=1.09 -1:04-0.15 {(0.664-0.54)=1.18
c-D 1.040.15(0.28+1.0) =119 1.0+40.15 (0.54+1.0) =1.23
E-F 1.040.15 {0.25+0.51)=1.11 1.0+0.15 (0.664-1.32)=1.30
-G 1.04-0.15{0.51+0.57)=1.16 1.04-0.15 (1.32+4-1.08)=1.36
G-H 1.040.15 (0.57+1.0) =123 1.0-4+0.15 (1.08+1.0) =1.31

These factors are to be compare& with 1.2.

As can be seen from the factors they do not tie up exactly with the values in Tables 3.21
and 3.22 of the Code, but are not greatly different. However, there are significant
differences in the external columns bending about the Y-Y axis, i.e. where there is a
beam on one side only.

It is important to remember that only the flexural stiffinesses of the beams in the plane
of bending being considered should be taken into account. The torsional stifiness of any
beam at right angles to the plane of bending is ignored.

A small point to note concerns the effective height of a cantilever column. Itcan only
be unbraced by definition, and the effective helght is 2.2 times the clear height. As there
cannot be any restraints at the free end the clear height can only be taken as the height
from the top of foundation to the top of the column. ' :
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111" Slenderness ratios

A column is considered as short when both the ratios I_/h and 1, /b are less than 15

(braced) and 10 (unbraced). In these definitions h is the dimension of the column

section n the plane of bending when bending about the major axis with the effective
height of [,. The dimensions b and I, refer to the minor axis.

The slenderness limits are slightly confusing, For any column, braced or unbraced,
the clear distance I, should not exceed 60 times the minimum thickness of the column
(3.8.1.7). For braced columns this will mean that a deflection check is not necessary
(3.8.5(a)), but with an effective height equal to the clear height (it cannot be greater} it
means that I /b can be as high as 60. b is the minimum thickness.

For unbraced columns, we have to consider all the columns at a particular level, and
if the average value of I/h (note h is in the plane of bending) is not greater than 30, a
deflection check is not necessary (3.8.5{(b)). .

Where one end of an unbraced column is unrestrained (e.g. a cantilever column)
clause 3.8.1.8 states that I, should not exceed 1006 /h' < 60F', where i’ and b’ are the
larper and smaller dimensions respectively.

The limits as given are quite high and would induce such large additional moments
due to deflection that the practical design would be almost impossible.

11.2 Moments and forces in columns

These will usually be calculated at ultimate limit state only, except in the design of
foundations, where to determine the size of these we shall need the loads etc. at
serviceability limit states. This is because allowable bearing pressures as given in Codes
of Practice are for working loads, i.e. serviceability conditions.

To find the moments and forces we have to consider braced and unbraced, short and
slender columns. As mentioned in Chapter 3, what we are trying to find are the worst
effects, that is a combination of loads and bending moments. If a full frame analysis has
been done using all possible load combinations and load patterns the answers are there
and have to be sorted out. If a series of subframes has been used for the vertical loads it
must be remembered that even a single load case at all levels down the column will not
produce a true bending moment diagram. The subframe assumes that the ends of the
columns remote from the beam column junctions are fixed. This will automatically give
moments at the remote ends of half the moments at the junctions. As an example the
diagram below shows the results for an intermediate column storey height where
subframe analysis has been carried out, '

Ml 2 Mz .

’
A/

M, M,i2

This is obviously not a true diagram, but will generally be satisfactory if only the
maximum moment is required. As will be seen later this will apply to all columns except
braced slender columns. In this case only one load case bending moment will be used,




1 } ) not a combination. For example, il M, is the larger moment then the diagram would be 105
taken as M, at one end and M,/2 at the other end of the column. Thisagreeswithoneof  yMoMENTS AND
; ; the conditions for slender braced columns, as will be seen later. _ FORCES IN
[ ‘] : For unbraced columns the Code suggests that full frame or sublramie analyses should COLUMNS
! be carried out. But with this type of column, if it is slender, additional moments due to —
defection will be induced in the column at the beam column junction. This will affect
the equilibrium of the joint, but unless the average value of I./h for all columns at.a
particular level Is greater than 20, the Code says that although the columns will be
designed to resist these additional moments -the beams need not be. It Is prudent,
therefore, to ensure that column sizes are such that the average value of I./h does not
exceed 20 so that any previous calculations for the design of the beams is not affected.
For braced columns, it is allowable to ignore the columns in a beam analysis. If the
columns are supporting symmetrical arrangements of beams, the moments can be
ignored, except for a nominal allowance, only the column loads being used. Although
not specifically stated, it will be seen later that this only applies to short braced columns,
If the columns are not symmetrically loaded, and the columns have been ignored in the
beam analysis, the moments in the columns may be calculated by simple moment
distribution procedures. This procedure assumes that the column and beam ends
remote from the junction under consideration are fixed. The columns will have their
actal stifiness, but the beams will have only half their actual stiffnesses. This can be .
illustrated as shown: :

| T
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Ku Ku
0.5 A 05K 0.5K,; ¢
3 v Y v
i Kt . . . KI.
z;rL Vo rd
External column Internal column

The moments in-the columns are as follows:

External column
K

U

M t at foot of r column =———m—-——
oment at foot of upper co | Kl-{-K“-l-O.SKhM’

K
Moment at head of lower column = m M,

Internal column

K
Moment at foot of upper column = u .
b R+ K. 705K, +05K, =

Kl
K.+ K, +0.5K,, +0.5K,,

where M_is the maximum fixed end moment of the beam framing into the column (L.e.
fixity at both ends of beam), and M, is the maximum difference in fixed end moments of
the beams framing into the column, One beam will have maximum design load and the
other minimum design load.

Moment at head of lower column =

M.




106
COLUMNS

For an external column, the moment in the beam at this junction would be the sumef -
the column moments. :

11.2.1 Mipnimum moment

In clause 3.8.2.3 the Code states that even though in some cases only the axial load I
considered, an allowance must be made for this anal load -acting at a nominal
eccentricity.

In the next clause it then goes on to say that for no section in a column should the,
deslgn moment be taken as less than that produced by considering the design ultimate
load acting at a minimum eccentnmty. €.~ The value for e, should be taken as 0.05.
times the overall dimension of the column in the plane of bending considered, but not -
more than 20 mm. So; for a column dimension of not greater than 400 mm one wuuld
use 0.05 times the dimension, but over 400 mm one would use 20 mm. :

What this really means is that any and every column must be able to reslst a
mlmmum moment of Ne_,,, even if the analysis indicates a smaller moment. e

4

113 Short columns

For braced and unbraced short columns the general method is to obtain the axial load
and moment from analysis. The moment from analysis is compared with the minimum
moment of Ne,,, and the larger value taken. However, il certain criteria are met itisnot -
necessary to calculate the moments.

Equation (38) in clause 3.8.4.3, reproduced below as equation (11.5), does not
appear to be restricted to braced columns, but it does say that where, owing to the
nature of the structure, a column cannot be subjected to significant moments, the
equation can be used. The term significant is not defined, but from the numbers in the
equation it would appear to be referring to moments less than Ne_,, of 0.05 Nh. This.
reasoning is obtained by comparing the equation for pure axial load capacity given in
clause 3.8.3.1 (following equation (33)) as N,,=0.45/_,A.+0.87fA,. E

By allowing for a minimum morment of 0.05 Nh the value of the axial load capacity !s
reduced {o

N=0.4f_A.+0.75/,4,. _ (11.5‘.)‘

a reduction of approximately 10%.
Equation (39) in clause 3.8.4.4 goes a stage further, but only applies to braced

columns. The criteria now are that the beams have uniformly distributed imposed loads

and the beam spans do not differ by more than 15% of the longer. The djﬂerence

between equations (38) and (39) is very similar to that between equation (38) and N,

so it would appear to cater for moments up to 0.10Nh,

The problem in using equation (38) is to know how the moments are s1gujﬁcant 1[
they are not calculated. If they have been calculated, why not use them? With
equation (39) the imposed loads may be uniform, but what is the ratio of imposed load
to dead load implied in the criteria? Unless it is very obvious, it is probably better to use
the general method for short columns, braced or unbraced.

11.4 Slender columns

For slender columns we have to take into consideration the additional momeﬁﬁ:_
induced by the lateral deflection of the loaded column. The behaviour, and hence the
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désign moments, of braced and unbraced columns is different and will be dealt with
separately, but the calculation for the additional moment is common to both. ,
The formula for the additional moment given in_equation {35) of the Code is

. | My=Na, " . o (11.6)
where N Is the ultimate axial load on the column, and a, is the deflection, taken to be
B.Kh (equation (32) of the Code). S -

The coefficient §, Is derived from the expressio]
B,=(1/2000) (/¥

where I’ Is the smaller diménsion of the column, except for biaxial bending. Values are
given in Table 3.23 of the Code for various values of I/, and although the relationship
is not linear, intermediate values can be interpolated on this basis. It should be
remembered that I, and h are always in the plane of bending under consideration, so
that when considering biaxial bending one axis will be [, and h and the other axis will
bel_andb. ,

) K is a reduction factor which corrects the deflection to allow for the influence of axial
load. It is given in Equation {33) of the Code as

Nn'_ N -
K= <1.0. : . 11.7
s . @
It should be pointed out that N, depends on the amount of reinforcement in the column
and so cannot be determined at this stage. Methods of determining K will be described
later, but in the initial stage the value will be taken as 1.0:, = =% -~ )
N,, is' defined under Symbols in 3.8.1.1, and for a symmetrically reinforced
rectangular section may be taken as 0.25f_bd. i.e. independent of the reinforcement,

We shall now deal with the methods of determining the total design moments for

braced and unbraced slender columns.

11.4.1 Braced slender columns

In the case of braced columns, the ends of the columns are fixed in position, but nat in
direction.” L ) _

Figure 11.2 reproduces Figure 3.20 of the Code and it should be pointed out that the
final diagram is an envelope of possible cases. Por example, if M,;,/2 Is greater than M,
the moment at the upper end will be reversed. It is also assumed that the column is bent
in double curvature. SR

CMy-Mogal2

A\ : M. Myaal? yt_{.'_.-_-r M,

—AoananeT— ' N
] .
) M
ff + odd ;
I

——
\ My b—
Initial Additional  Envelope of
moments moments  design momenfs

FIG.11.2 Momentsin a braced slender calumn.
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. The Code says that the maximum additional moment can be assumed to occur mid-
height and so from the diagrams it can be seen that the maximum total moment could
occur within the height of the column. For this reason, clause 3.8.3.2 of the Code says
that the initial moment, M, may be taken as 0.4M, +0.6M,, where M, is the smaller
initial end moment, assumed negative if the column is bent in double curvature, and M,
is the larger inltial end moment, assumed positive,

M,

’ M, i + M,
I,.u
. : L [
+ My =M,
Single Double
curvature curvalture

From the expression above it can be seen that the initial moment is taken at 0.4 times
the column length from the larger moment {the Code says approximately mid-height).

There is a further restriction that M, should not be less than 0.4M,, which occurs
when M, equals — M, /2.

From the diagram giving the envelope of moments it can be seen that the design
moment will be the greatest of . . S

1. M,
2. M+M,y

3. M+ M,,,/2 )

4. Neg,. : ' '

This will be given the notation M,, for the major axis and M, for the minor axis.

Having described what happens to the moments in a braced column, the Code then
gives four cases of slender columns which are meant to apply to braced and unbraced
structures. As we are dealing with slender braced columuns we will deal specifically with
these. We have the following cases:

1. Bending about a single axis (major or minor), where k, the length of the longer side,
is less than 3b, three times the length of the shorter side.
{a) For bending about the major axis with I/h not greater than 20, the design
moment M,, is calenlated as above, where M, is a function of b.

.(b) For bending about the major axis with I /h greater than 20, the column should
be treated as for biaxial bending (see (3) below) with zero initial moment about
the minor axis, i.e. M, and M, (hence M,), Ne,, =0.

(c) Bending about the minor axis is straightforward as the dimension in the planeis
the smaller dimension anyway. '
2. Bending about a single axis (major or minor) where # is 3b or more {but not greater
" than 4b when it becomes a wall). -
(a) For bending about a major axis treat as {1b).
(b) For bending about a minor axis treat as (1c).
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3. Biaxial bending

Where there are significant moments about both axes we have to consider ‘initial
and additional moments about both axes, What is meant by significant is not very
clear, but a suggested solution is that if the moments about one axis, either M, or M.
are small enough for Ne_,, to control, then the moment could be regarded as not
significant and uniaxial bending as described,in (1) and (2) above wonld be
considered. Note that in obtaining the additidal moments these are related to the
dimension of the column in the plane of beniﬁ.ug being considered.

11.4.3 Unb"racéd slend‘er colm‘nns‘

With unbraced coliumns the ends are not fixed in either position or direction. In braced
columns we can deal with the deflection of a single column, but in unbraced columns
we have to bear in mind that all the columns at a particular level will deflect sideways
by the same amount. It is necessary, therefore, to calculate the average deflection for all
columns in a particular storey height and this can be assessed from '

By = 2 A/,

where n is the number of columns involved. Bearing in mind that g, involves the
reduction factor K, it is fairly obviotis that K will be taken as 1.0 in the initial stages as
before, but even when values can be established for individual columns it would notbe
practical to go right back to the beginning and establish a revised a,,,. The K-factor
meodification will probably be applied to each individual column as it arises.

Having calculated a,, the Code suggests that any value of 4, which is more than
twice a,,, should be rejected and a new average calculated based on the modified value
for n, .o '

As the joints can now move laterally the bending moment diagrams are as shown in
Fig. 11.3, and it can be seen that the additional moments will increase the initial
moments at the ends of the column rather than within the height of the column.

\ MZ Hﬂdtf
—_—
3
|
{ + _
. A Z ;

" . :
_'-'—"'—— .
_- \ M, -

[nitial Additional Design
moments moments rmoments

FIG. 11.3 Maoments in unbraced slender columns.

The full additional moment will occur at whichever end has the stiffer joint. that Is
the jolnt which has the lower x_value. When using Table 3.22 of the Code it will be the
end with the smaller condition number. If the conditions are the same this cannot be
done and the full additional mement will be added to the larger moment.

We can now summarize the various cases for slender unbraced columns on sirnilar
lines to those for braced slender columns.

1. Bending about a single axis (major or minor), where h, the length of the longer side,
is less than 3b, three times the length of the shorter side.
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(a) For bending about the major axis with I /h not greater than 20, the design
moment is either at the top or bottom of the column. If M, is greater than M ;and’
occurs at the stiffer joint, then :

) ’ M[=M2+Mldd'

Remember that M, , is a function of b, and M, cannot be less than Ne_,,

{b) For bending about the major axis with I_/h greater than 20, the column should
be treated as for biaxial bending (see (3) below) with.zero inittal moment about
the minor axis, As the additional moments are added at the top and bottom of the
column, where the end is connected monolithically to other members, then
these members should be designed to withstand the additiona] moments applied
by the ends of the column in addition to those calculated using normal analytical
methods. . . ‘ )

() Bending about the'minor axis is straightforward except where I /b (where b s in
the plane of bending) is greater than 20, then see {1b) above.

2. Bending about a single axis {major or minor} where h is 3b or more.

{a) For bending about a major axis treat as (1b).

(b} For bending about a minar axis treat as (1c).

3. Biaxial bending :

The comments given in (c) for braced columns still apply, but the total moments

about each axis will be at the top and bottom of the columnq.

Mention has been made of biaxial bending and aiso the reduction factor X, but as
both of these items need the use of design charts, they will be described after
consideration of design of column sections, . ) :

11.4.4 Design of column éections

Once the axial load and appropriate moment have been calculated the necessary
reinforcement can be calculated by using: (a) design charts, for symmetrically
reinforced rectangular columns; and (b) strain compatibility, for non-rectangular
columns with unsymmetrical reinforcement,

(2) DESIGN CHARTS

These have been prepared using the rectangular parabolic stress block for cancrete, and
the bilinear stress-strain curve for reinforcement, as for beams. The .charts for,
rectangular columus are in Part 3 of the Code and a typical chart is shown in Fig. 11.4.

Each chart is for a particular grade of concrete, a particular characteristic strength of
reinforcement and a particular dfh ratio (i.e. the positioning of the reinforcement). If
one knows N/bh and M/bh® the area of reinforcement can be found from the
appropriate chart, . .

It should be noted that 4, is the total area of reinforcement and this is divided equally
between the faces paralle] to the axis of bending and remote from the axis of bending, .
Any reinforcement in the depth of the section is nat taken into account.

The ‘kink' in the chart corresponds to the one in the stress-strain curve for steel
(Fig. 11.5). At point 4, the relnforcement will have reached its maximum desizn stress.
So, along the design curve above point 4, the concrete will have reached Ifs maximum
design strain, but the stress in the reinforcement will vary from compression to tension.
Below point 4, the stress in the reinforcement will be constant at its maximum design
stress. ’

N/Bh (Nfmm?)
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FIG. 11.4 Rectangular columns.

o Stress
N/bh

M /bn? Strain

FIG. 11.5 Relationship of 'kink' on design chart to stress-strain curve.

It should also be noted that in preparation of the design charts, the gross area of the
concrete has been used at all times. No reduction has been made for the area of
reinforcement. :

An important factor in reading the charts at small percentages of reinforcement is to
appreciate that the smallest percentage line is for 1004, /bh=0.4.

EXAMPLE 11.2

In a braced frame the spans of the beams are 8.0 m, carrying uniformly distributed
load, and at ultimate limit state produce a maximum difference in fixed end moments.
M_, of 232 kN m. The axial load at the level to be considered is 1200 kN. The columns
are 300 mm square and have the same stifiness above and below, but the beams are
twice as stiff as the columns. Using Grade 35 concrete and f, =460 calculate the area of
reinforcement required. Assume the columns are short.
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(a) As we meet the requirements for a short braced column carrying a symmetrical
arrangement of beams, try equation (39) of the Code, '

N=0.35[,4,+0.674, [,

1200 10°=0.35 x 35(300 x 300~ 4, + 0.674_ x 460,
Hence 4,.=329 mm? but not less than 0.4% =360 mm2.

(b) Alternatively, calculate the moment:
; 1 )
Mpmeut n Cﬂlm-m X 232-—58 kN wm.

Minimum design moment=0.05x 1200 x 0.3 = 18 kN m.

N/bh=(1200 x 16%/(300 x 300)=13.3

M/Bh?=(58 x 10%)/(300 x 3008 =2.1.
Assume cover is 30 mm (i.e. 20 mm to 10¢ links) and 20¢ bars, then d=260 and
d/h=0.87. Use 0.85 chart.

Froni chart

1004, /bh=0.8,
50 A, =720 mm?

If the calculated design moment had been 36 kN m, that is twice the minimuem
moment, the amount of reinforcement from the design chart would be 0,4%.

11.4.5 Adjustments to additional moments in slender columns

In using the design chart for the last example, it will have been noticed that lines have
been drawn on the chart representing K=0.1 to 1.0 in intervals of 0.1. In the design of
slender columns these lines can play a very important part.

This factor K was defined at the beginning of the section on slender columns and
although it can be calculated for any section, it is unlikely to be used with othier than
symmetrically reinforced eolumns - hence the lines on the charts. It cannot be
determined until the column reinforcement has been provided, either actual or

‘Actual’ means that one knows the reinforcement one is puttiné in. ‘Assumed’ means

that oneis carrying out an iterative procedure to determine the area of reinforcement
needed.

In the latter case the procedure is as follows:

1. Caleulate the additiona] moment assuming K=1.0:
2. Calculate tota] design moment:

'L




. Caleculate N/bh, M/bh? and [rom appropriate chart determine K; ) '

. Use K to calculate amended additional moment:

. Repeat stages (2) and (3);

. I new K Is virtnally the same as before the process is finished; read off 100& [

. Ifnew Klis substantally different go to stage (4), bearing in mind that you modify the
basic additional moment, not an amended one;

. Repeat the process until the condition in stage (6) ls reached. Note: do not use a total
design moment of less than Ne .

O W

=

The following example illustrates the procedure and also what happens when one
actually knows the reinforcement in a column. Bearing in mind that the vertical axis of
the design chart gives the values of N /bl (Le. M{bh*=0) it should be remembered that
the charts do not make a reduction in the concrete area for the reinforcement whereas
the equation does. The differences are not significant and should not cause any
problems, but for the purist the equation will give the more correct answer.

EXAMPLE 11.3 Design of slender braced column

500
L1t
) : Y
= T it 111
3500 'IJ 5000 I
) 14 175slab |
1
| So° | Ix i
x-é_ v — $_
— T L be
‘! : 11
Cols 5500 L |tl
300%300 ' L1y 11

Concrete Grade C35, steel Grade 460.
Minimum cover to 10¢ links=20 mm.
Base not designed to resist moment.

Foundation to first floor

Load case I Load case 2

Load N 2146 kN 2006 kN
Moment at first floor {about X-X) 21kNm 34kNm
Moment at base 0 4}

Bending about X-X axis

End conditions: top — 1, bottom — 3.

From Table 3.21 of the Code, §=0.9, [;=5000.
so I, =4500 and I /h=4500/300=15.
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14 Bending about Y-Y axis

OLUMNS End conditions: top - 2, bottom — 3.
From Table 3.21 of the Code, #=0.95, [;=5325,
so I,=5059 and I, /b=5059/300=16.86.

Column is therefore slender.

Load case 1
Column will be designed for bending about X — X axis, w-hich will be referred to as major
1,=4500, ¥ =300; assume K=1.

Nh (4)2_ 2146 x0.3 (4.500

M =5000\ b 2000 \ 300
Minimum eccentricity, é,,,=0.05% 300=15 mm,

2
) =724 kN m.

From clause 3.8.3.2

1. M;=21kNm

2. M,=0.4M,+0.6M,=0+0.6x21=12.6kNm
0.4M,=8.4kNm, so M;=12.6
M+M,,=1264+724=85kNm ‘

3. M,+M,;,/2=0+0=0 (Note: one cannot apply a moment at a pinned end)

4. M, =¢, N=0.015x2146=32.2 kN m.

L Design moment M,=85 kN m (from (2)).

N/bh=(2146 x 10%)/(300 x 300)=23.8

M/bh?=(85 x 10%)/300°=3.15.

Assuming d=300—~30—-13=257,

d/h=257/300=0.856; use d/h=0.85.

From chart, 1004, /bh=4.2 (3780 mm?) and X factor=0.35.

Modify design moment to 12.6+0.35x 72.4=37.9.

‘M, greater than M_, .

N/bh=23.8 (as before), M/bhi?=1.4.

From chart 1004, /bh=3 (2700 mm?) ahd K=0.2.

Modify design moment to 12.64+0.2 x72.4=27.1 kN m.

Note: this is less than Ne_,_, so use minimum moment of 32.2 kN m.

N/bh=23.8 (as before), M/bhi=1.2.
From chart 1004, /bh=2.9 (2610 mm?).
Use 4/32¢ {3220 mm?).
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We can now check some values, : : : " 115

1004,./bh=3.6, d=250 so d/h=0.83. . SLENDER
' - i COLUMNS

(a) From the design chart for d/h=0.85, using the values of N/bh; 23.8 and
1004,./bh=3.6 we can Interpolate a value for K as 0.28.

- -(b) By calculation — - . .

N, ={0.45 x 35(3002— 3220)+0.87 x 460 3220} x 10~

=2655 kN oy
N,,=0.25 1;cl\i‘-sstoch 250x 10" ey
=656

K=(2655—2146)/(2655-—656)=0.255.

11.4.6 Biaxial bending

The Code now gives a method whereby biaxial bending is transformed into single-axis
bending by increasing the moment about one axis. The definitions of the terms In
clause 3.8.4.5 are a bit misleading and reference should be made to Figure 3.22 of the
Code, which is reproduced here. '

. Y

" ]
l L b
b el .
- |® [
i n M,
X -—l Cx
[ [ ]
aqQz
M,
y 7

(a) If M,/Ii’;My/b' then M, is enhanced so tl;at
M, =M, +B(H't')M, {11.8)
This is equa.tion 40 of the Code.

{b) If M,/K' <M,/b’ then M, is enhanced so that
: M, =M, + B(t'/HM, - (11.9)
This is equation 39 of the Code. '

B is a coefficient obtained from Table 3.24 of the Code. It can be written as
B=1—1xN/bh[_.
The following example illustrates the procedure.
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EXAMPLE 11.4

A short column 250 mm square is required to carry an ultimate axial load of 600 kN
together with moments of 60 kN m about one axis and 40 kN m about the other axts,
Concrete Is Grade C40, reinforcement Grade 460, and the cover to the main bars not
less than 30. :

N=600 kN. M, =60 kN m, M,=40 kN m. :
Assume 250¢) bars, then I =H' =250 — 30 ~13 =207,
M. /K =60/207 > M, /b’ = 40/207, '

s0 M= M, + (i [b)M,. -

N/bh,,= (600 x 10°)/(250 x 250 x 40)=0.24.

From Table 3.24 of the Code, §=0.72.

M =60+0.72 x (207/207) x 40 = 88.8 kN m.
N/bh=(600 x 10*)/250%=9.6, M/bh*=(88.8 x 10)/250’ = 5.7,
d/h=207/250=0.828, say 0.80.

From chart 1004, /bh=3.1, so A_=1938 m:;f.

Use 4/25¢ (1960 mm?),

In the above example the reinforcerment provided is exactly as illustrated in the
diagram above — four bars, one in each corner. If this happens, then the calculation is
complete, but f the area of reinforcement does not meet this requirement or, for a
suitable arrangement of bars, three or four bars are provided in each face, it is not the
end of the calculation. This is a very important criterion which is not made clear in the
Code.

In CP110 it was common practice to find the moment capacities (M, , and M, )about
each axis for a given arrangement of reinforcement by using the design charts. Where
the reinforcement is distributed along the four sides this was usually done by ignoring
the intermediate bars in the sides parallel to the plane of bending, Only the bars in the
extreme edges at right angles to the plane of bending were used. This was because the
design charts were prepared to do only this. The values for M, and M, were, therefore,
very much underestimated. To find more accurate values for M, and M, means doing
a rigorous analysis such as strain compatibility.

Although this method could still be used it is outside the scope of BS8110 and to ~
avoid complications the following procedure has been found to be satisfactory. (Fuller
details are given in C & CA Development Report No.2.) .

Where there are three or more bars in a face, convert the column section into an
equivalent four-bar column. This is done by concentrating all the reinforcement in a
quadrant of the colomn into one bar at the centre of gravity of the original
reinforcement. For example, an arrangement as shown in Fig. 11.6(a) becomes that
shown in Fig. 11.6(b).

The bars do not all have to be the same size, but most columns will only have minor
variations. .
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L ; _3 g The following example Involves the problems just discussed and illustrates a design
N procedure.
i s
E=
—:% : EXAMPLE 11.5
s .
& A four-storey building has unbraced columns supporting beams in two directions at-
s right angles. The columns are 400 mm square for the lower two storeys and 300 mm

B

square for the upper two storeys. All beams are 500 deep by 300 wide and have spans of
6 m. The height from top of foundation to top of first floor is 5.5 m, and above this level
the heights are 3.5 m from top of floor to top of floor. The foundation is a normal pad
footing designed to resist moment. Design an internal column from foundation to first
floor level for the following load case at ultimate limit state. .

_1}\_

o

Moments about

X-X axis Y-Y axis
Load Top Bottom Top ‘Bottom.
3200 kN 76 38 68 34

Concrete Grade C40Q, reinforcement Grade 460.
Munmum cover to main bars=30 mim.

Theend coudiﬁons of the column are both Type 1, so the effective height, I,=1.21; (see
Table 3.22 of the Code). : : PR ‘ Coe

The clear height [,=5.5—0.5=5 m.
1/h=(1.2 % 5)/0.4=15, about both axes.

Column is slender and unbraced.

Note: il equations in Part 2 of the Code are used, it will be found that !, is approximately

6.5 m.
The minimum design moment=3200x0.02= 64 kN m. The moments from

analysis are both larger than this and additional moments will increase them, so the
moments can be classed as significant about both axes and biaxial bending will be

considered.
The additional moment about each axis which will be applied to the top is Nj, Kh.

b’ {the smaller column dimension) =0.4, so I./b'=15.




From Table 3.23 of the Code, f,,=0.11, so, assuming K=1.0,
M,3=3200x0.11 x0.4=141 kN m,
M,=76+141=217 kN m, M, =68 +141=209 kN m.

From Figure 3-.22 of the Code, h'=b' =350 {(assuming 324 I_Jars).
M,/H'>M, /b, Nfbhf_,,=(3200 x 10°}/(400 x 400 x 35)=0.5.7. so f=0.335.
M;=217+0.335x209=287 kN m. '

N/bh=20, M/bh*=4.48, d/h=0.85.‘ say.

From chart, 1004, /bh=3.7, K=0.53.
Modify d'esignin_mme:ﬁts' to

M,=76+0.53x 141=151, T E
M,=68+0.53x 141 =143,
M{=151+0.335 x 143 =199 kN m. . ‘
N/bh=20. M/bh?=3.10. o , %

From chart, 1004, /bh=2.6, K=0.43.

Modify design moments to o
M,=76+0.43 x 141 =137
M,=68+0.43 x 141 =129 '
M;=137+0.335x129=180
N/bh=20, M/bh*=2.82.

From chart 1004, /bh=2.5, K=0.4.
A, =4000 mm?.

This requires 4/32+2/25 (4198 mm?) L.e. 2/32 + 1/25 each of the two opposite faces,

By using this arrangement we must convert it to an ‘equivalent’ column, but as the
moments about the two axes are very similar it would appear logical to start with a
symmetrical arrangement of eight bars, 4/32¢ in the corners and 4/25¢ in the middle
of the sides. ‘ '

e o+ @ . °
[ J L | E
50—#- . ) [ ] o ® -éa o
'T—
b wm2d + s ~so}- )

{5180 mm?) 4 bars of 1295 mmZ each



As we know the detalls of the column we can calculate K:

N, =0.45 x 40(400*—5180) x 10~*+0.87 x 460 x 5180 % 10~*
=4860 kN

N,u=0.25x40x 400x 320x 10~
=1280 kN

K=(N,,— N)/(N,,—N,) = (4860~ 3200)/(4860 — 1280) = 0.46.

We can find X from the design chart:
d/h=320/400=0.8, N/bh=20,"
1004_/bh=(100 x 5180)/400%=3.24.
K=0.48.

Using the calculated value
M =76+046+141=141kNm
M,=68+0.46 x 141=133 kN m.

p=0.335.

So .
M!=141+4+0335%x133=186 kN m.

From design chart, moment capacity = 3.6bh*
=230 kN m.

Section is therefore satisfactory.

11.4.7 Shear

Clause 3.8.4.6 has been introduced because there was not a method for checklng shear
in columns in CP110. In the majority of cases columns do not have shear problems, but
in the case of high moment and small axlal load there could be. The design shear

strength is checked in accordance with 3.4.5.12, shear and axial compression, andisin .

the beam section.

For rectangular sections no check is necessary when M/N is less than 0.75h, but this
is provided the shear stress does not exceed O.BJ /. or 5 N/mm?, whichever is the lesser.
One must still find the shear stress, whatever the value of M/N.

So one must calculate V at the top and bottom of the colurnn. Unless there are
imposed loads up the height of the column, the shear at the top and bottom of a storey
will be the sum of the moments divided by the storey height. In calculating the shear
stress vit would appear that the simplified approach of calculating this at d from the face
of the support does not apply. The enhanced shear strength v,, as described in 3.4.5.8,
can be applied, but as one will have a constant shear stress down the column the critical
section will be at 2d from the face of the beam, using v,, or at the face of the beam, using
the maximum allowable shear stress. '

“The following example illustrates the procedure.
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40 300 M=64kNm
—h-— t N =76k
1 . V =56 kN
100 A, =1260
d =260
. . Ju =40
f, =460

M/N=(64x 10%/(76 x 10%)=842 mm, i.e.>0.75 x 300.
Maximum shear stress=(56 x 10%)/(300 x 260)=0.72 N/mm?,
To obtain v, 1004, /bd=(100 x 630)/(300 x 260)=0.8.

From formula below Table 3.9 of the Cade

v,=(0.79/1.25) (0.8)!*(400/260)* =0.65 N/mm?.
A.=300"—1260=288 740.

Vd/M={56 x 10* x 260)/(64 x 10%)=0.2275, ie.<1.
v;=0.65+0.75x (76 x 10°/88 740) x 0.2275 = 0.8 N/mm?.

Satisfactory without shear reinforcement.

11:4:8" Areas of reinforcement !

The minimum percentage of reinforcement in a column is now defined as 0.4%, of the
column size. The maximum percentages are 6% and 8% for vertically cast and
horizontally cast columns respectively with 10% at laps in both. The links should be at ‘
least one quarter of the size of the largest compression bar or 6 mm, whichever is the - .
greater, and at a maximum spacing of 12 times the smallest compression bar, This .

requirement may change at laps, which are discussed in the next section. Every corner
bar, and each alternate bar, should be supported by a link passing round the bar and
having an included angle of not more than 135°. No bar should be further. than
150 mm from a restrained bar. So, if you have a 500 mm column face with 3/32¢ bars -
and 50 mm to the centre of the reinforcement, all three bars need holding with links.

[}

11.4.9 Lapping of bars

For bars in compression, the lap length required is 1.25 times the anchorage length. In
the majority of columns it can be assumed that the compressive stress in the
reinforcement is at its maximum design stress. The compression lap length in terms of
bar size can therefore be obtained from Table 3.29 of the Code, depending on the grade
of concrete and the grade of reinforcement. .

For bars in tension, the lap lengths are a factor times the anchorage length, this factor
depending on the provisions as set out in clause 3.12.8.13. The provision in: this clause
states that if (a) the cover to either face is less than twice the size of the reinforcement, or
(b) the clear distance between adjacent laps is less than 75 mm or six times the bar size,




L. whichever is greater, then the factor is 1.4. It should be noted that eve-n if both 121
- ) conditions apply the factor is still only 1.4. In many columns, particularly where larger SLENDER
; diameter bars are used, it will be found that the 1.4 factor will apply. Assuming that it COLUMNS

[ : does, it can be found that up to a stress of approximately 290 N/mm? {for f,=460) in
the tension steel, the compression lap will provide an adequate tension lap.

Ifa line is drawn on the design chart for a stress of 290 N/mm?, then any value read
from the chart which is above this line will require a full compression lap. . ’

Below this line the designer has the choice of interpolation to assess the tension stress
and hence determine a tension lap length, or assume a full tension lap including the
1.4 factor. The latter choice s simple to apply, does not need any calculation, and will
= ¢ not underestimate the lap length.

However, it can increase the length by up to 40%, and in larger diameter bars may be
considered uneconomical. Although it is better to draw stress lines on the chart if a
tension stress is required, it will be found that a K-factor line of 0.87 Is very close to the
stress line for 290 N/mmZ The K-factor line of 1.0 is where the stress is 400 N/mm?,
- i the maximum design stress for Grade 460 reinforcement. Linear interpolation between
these values will give a good estimate of the tensile stress in the reinforcement.

Bl

ORI

i

necessary to choose one of the following arrangements:

, Having determined the lap lengths, there are two further points to be considered in
. % these areas. First, clause 3.12.8.14 restricts the sum of the reinforcement sizes in a
l .‘, particular layer to 40% of the breadth of the section at that level. In a 300 mm wide
'r;_;; : column the maximum number of bars in a layer would be 2/25+2/32, l.e. 4/25 bars
N %7 lapping with 4/32 bars as shown. 7 _
- 5
1 -
L Y ei2¢
- 3 e Oe o025 ¢

) o0 on _

A :, For lapping 4/32 bars with 4/32 bars in a 300 mm square column it will be

b ) 0' ®0 8

e S |8 oe

Secondly, clause 3.12.8.12 supersedes the normal requirements of clause 3.12.7.1 for
size and spacing of links, Where both bars at a lap exceeqd size 20 and the cover is less
than 1.5 times the smaller bar, the size of the links should be at least one quarter the size
of the smaller bar and the spacing should not exceed 200 mm. '

The normal requirement for the links in a compression zone is 6 mm or one quarter of -
the size of the larger bar, whichever is greater, and the maximum spacing of twelve
times the size of the smallest bar.

So where a 32¢ bar laps with a 40¢ bar from below the arrangement in the length of
column containing the 32¢ bars would be:

over the lap length — 8¢ links at 200 centres,
over the remainder — 8¢ links at 350 centres.

If the position were reversed, so that a 40¢ bar laps with a 32@5 bar from below, the
arrangement over the lap length would be the same, but for the remainder it would
require 10¢ links at 450 centres.
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SOLID SLABS.

In general the moments and shear forces will be found as for beams. They may also be
found from ‘an elastic analysts such- as those of Pigeaud and Westergaard, or,
alternatively, by Johansen's yield line method or Hillerborg's strip method provided the
ratio between support and span moments are similar to those obtained by use of elastic
theary. Although the analysis and design will be carried out at ultimate limit state it will
be the serviceability limit state of deflection that will be the important criterion. The
serviceability limit state of cracking will be controlled by bar spacing rules. In the
estimation of the slab thickness the designer has to consider a span/effective depth ratio
and the cover.

For the basic span/effective depth ratio, Table 3.10 of the Code (type of span and
support conditions) will be used as for beams. The medification factor for tension
reinforcement will be obtained from Table 3.11 of the Code and as'the value of M/bd?
will be less than in rectangular beams the factor will be higher. But it must be
remembered that with a high loading the value of M/bd? wdl increase and the
modification factor decrease.

Cover is also an important factor and as can be seen from Tables 3.4 and 3.5 of the
Code the minimum cover will be 20 mm unless an aggregate of not greater than
15 mm is used. Any attempt at giving ratios of span to overall depth would have to be
copnservative, and a much better approach is to use span/effective depth ratios as given
in Table 3 of the Manual for the Design of Reinforced Concrete Building Structures
published by the Institution of Structural Engineers.

12.1 One-way spanning slabs

Where the length of the longer side of a slab is more than twice the length of the shorter
side, it is customary to consider the slab as spanning one way only. For the
arrangement of loading on slabs it was recognized that two-way spanning slabs and the
empirical rules for flat slabs used the single load case of maximum design load on all
spans. It was only ocne-way spanning slabs where patterned loading was required.
Following work carried out by Dr Beeby it was agreed that the single load case could be
used for one-way spanning slabs providing the following conditions are met:

1. The area of each bay exceeds 30 m? (in this context a bay is defined by a strip across
the full width of the structure as illustrated in Fig. 3.7 of the Code and reproduced
here);
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X 'I'he ratio of the characteristic imposed load to the characteristic dead load does not 123
exeeed 1.25; ONE-WAY
1. The churacleristic imposed load does not exceed 5 kN/m? excluding partitions. SPANNING

Where an analysis is carried out for the single load case, e.g. for unequal spans, the SLABS

support moments should be reduced by 207, with a consequential increase in span
maments. However, tt is not quite as simple as that. The resulting bending moment
dingram should not come within the 709 elastic bending moment diagram. As with
beams this will control the length of top bars at the supports (see Fig. 12.1). ‘

Iy \
A 20% reduction \
I\ LA\
N ’
Al /0

-- — — Elastic moment diagram
Final mement diagram

F1G. 121 Development of bending moment envelope.

"This 20% reduction of support moments does not apply to cantilevers. Also, in the
span adjacent to a cantilever of length exceeding one-third of the span of the slab, the
case of the cantilever loaded with the span unloaded should also be considered.

Where the conditions stated above are met. and the spans are approximately equal.
the moments and shears may be calculated using the coefficients given in Table 3.13 of
the Code. 'Approximately equal’ is generally taken to mean within 15% of the longest
span. and although not stated the number of spans should be three or more. The
coeflicients in Table 3.13 of the Code include the 209 reduction mentioned abave, so
further redistribution is not allowed. A bending moment diagram is not required and
the curtallment of reinforcement is carried out in accordance with clause 3.12.10. The
relevant cases can be illustrated diagrammatically as follows:

ta} STMPLY SUPPORTED END (FIG. 12.2)

. |--Effecri\ua 12 & anchoruge
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F1Q. il..’. Simply supported end.

Where there is no restraint 1o the [ree rotation at the end tensile stresses will occur in
the bottom of the slab only, so bottom steel only is required.

The dimensions for curtailing the bottom reinforcement are related to the effective
span. ‘This is the distance between centre lines of supports or the clear span plus an

-,

—_—es T
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eflective depth of the slab. whichever is the lesser. S the effective line of support is never
greater than d/2 from the face of the support.

(b} RESTRAINED ENDS (FIG. 12.3)

" ) *

0.54 L0.54,,
Greater of Greaterof *
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“T — . ]
L +.0.44, €044 —AY"
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*Nor less than minimum tension reinforcement
FIG.12.3 Restrained ends.

Tension
anchoroge

If there s restraint at the ends, such as a monolithic connection between the slab and its
supporting beams, or If the stab is bullt into a wall. provision should be made for the
negative moment which may arise, In assessing the moments, a simple support such a
in (a) will have been assumed. The Code suggests reinforcement in the top of the slab
equal to half that provided at midspan, but not less than the minimum area of tension
steel. It should have a full eflective tensile anchorage into the support and extend not
less than the greater of 0.15] and 45¢ into the span. All of these dimensions are from
the face of the support.

For the bottom reinforcement the continuing reinforcement into the support need
not-go any further than the effective line of the support. Where restraint is provided by
adjoining beams the top reinforcement can be provided by — shaped bars as shown on
the left-hand side of Fig. 12.3. Where the restraint is due to the stab being held down by
walls, this reinforcement can be provided as already described if the slab is of sufficient
thickness. If not, the bottom bars passing through the support can be combined with
the top reinforcement by utilizing bars of hairpin shape. as indicated on the right-hand
side of the diagram. For shear resistance the Code gives the options of:

1. detailing as shown above and using the area of the top steel;
2. detailing the bottom reinforcement as shown in {a) and using the area of continuing
bottom reinforcement.

(c} CONTINUOUS MEMBERS (FIG. 12.4)
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FIG.12.4 Continuous members,




Where we have slabs continuing over supports, whether monolithic with the support
(such as a beam) or not (such as a wall), the requirements are as shown.

For continuous spans it is normal to take the effective span [ as the distance centre to
centre of supports unless they are very wide. In this case the line of effective support
could be taken as d/2 from the face.

(d) CANTILEVER (FIG. 12.5)

Greater of 0.5(
and 45 ¢
Ag {.—,t . 4 0.54,
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FIG. 12.5 Cantilever slabs.

Remember that the top steel should continue into the adjacent span to at least the point
of contraflexure. . :

It should be noted that the above detailing rules apply only to where the
requirements of clause 3.5.2.4 are met. In other cases, such as where the ratio of
imposed load to dead load is greater than 1.25, an analysis will have to be carried out
using the loading patterns as for beams. The elastic moments from this analysis can
now be redistributed as for beams, i.e. a 30% reduction can be carried out if desired.

In calculating the allowable span/effective depth ratio in one-way spanning slabs,
only the reinforcement at the centre of the span in the direction _of span _need be
considered. ' .

For crack control the Code gives bar spacing rules in clause 3.12.11.2.7. These are -

quite specific, but a flow.chart as indicated in Fig. 12.6 can be useful. In slabs less than
200 mm.thick with f, less than 460, the clear distance should not exceed three times
the effective depth. The minimum area of main tension reinforcement should not be less
than 0.13% bk for high-yield reinforcement, or 0.24% bh for mild steel reinforcement.
In solid slabs which are designed per metre width, b will be 1000 mm, so the minimum
area will be 1.3 h mm?/m with high yield and 2.4 h mm?/m with mild steel.

In one-way spanning slabs the minimum area of secondary reinforcement
{distribution steel) is the same as for main tension reinforcement. In either case the
distance and the same bar spacing rules apply.

Where a slab forms the top flange of a Tee or Ell beam, the reinforcement provided in
the top surface should extend across the full effective width of the flange (see Fig. 12.7).
The amount should be not less than 0.15% of the longitudinal cross-sectional area of
the flange, either in high yield or mild steel. In detailing this has to be watched very
carefully when curtailing bars. If we have a continuous-span beam the effective width
of the flange b_can be taken as (b, +0.14l) for a Tee beam and (b, +0.071) for an Ell
beam where ! is the effective span of the beam.

Where the slab is spanning at right angles Yo the beami, some of the reinforcement
will be provided by the flexural reinforcement. Where the slab is spanning parallel to
the beam the reinforcement will be provided for this requirement alone.

With a concentrated load on a simply supported span the Code suggests that the load
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" FIG. 12.6- Flow chart for spacing of bars in siab.
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FIG.12.7 Reinforcement in top of flanged beams.

)

can be spread over a distance of2.4:c(1 —x/]) plus the load width in a direction at right |

angles to the span, where x is the distance from the nearer support to the centre of the
load. Where the load is near an unsupported edge the eflective width should not exceed
1.2x(1 —x/I) plus the distance to the unsupported edge (see Fig. 12.8).

If the load Is at midspan then the distance each side of the load is 0.3! unless this
distance is greater than the distance to the unsupported edge, in which case the smaller
dimension is taken. . .
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12.2 Two-way spannihg

When slabs are carrying uniformly distributed Joads and are reinforced In two
directions at right angles we have the cases (a} where proviston is not made to prevent
the corners from lifting, i.e. simply supported, and (b) where provision is made to
prevent the corners from lifting, Le. restrained slabs.

12.2.1 Simply supported _

Clause 3.5.3.3 gives equations (10) and (11) for the maximum moments per unit width
as a factor times the total ultimate load per unit area n (n=1.4g,+ 1.64,), times the
length of the shorter side I_squared, i.e. . - ‘

short span: _ My, =ag N Iﬁ
long span: mg, =agn I

where &g, and &g, are coefficients obtained from Table 3.14 of the Code which depend on

the ratio of the longer side to the shorter side. : ,
The detatling of the reinforcement is the same as for one-way spanning slabs (see

[' * Fig. 12.2).

. 12.2.2 Restrained stabs

| In slabs where the corners are prevented from lifting, and provision for torsion is made,
,L even though all four edges may be discontinuous, the moments per unit width are

obtained from equations (14) and (15) of the Code. These equations are similar to those
for simply supported slabsbut the factors are now g and fi,. These factors are obtained
from Table 3.15 of the Code and give negative moments at continuous edges together
with positive moments at midspan. The coefficient B, varies depending on the ratio of
the spans, but fi, does not.

It is important to note the conditions and rules to ke observed when using these
equations. These are given in clause 3.5.3.5 and are as follows.

w0

(a) CONDITIONS

1. The characteristic dead and imposed loads on adjacent panels are approximately the
same as on the panel being considered. It would appear that there is no restriction on
the ratio of dead to imposed loads. Thisis probably because the coefficients have been
obtained from a yield line analysis using the maximum destgn load on an individual
span.
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. The span of adjacent panels tn the direction perpendicular to the line of the common

support is approximately the same as the span of the panel considered in that

direction. This means, In effect, that rectangular panels cannot be mixed up with
square panels unless the ratio of the sides comes within the term ‘approximately’. It
should be noted that the adjustments which can be made under clause 3.5.3.6
where support moments from adjacent panels differ significantly does not imply that
adjacent spans can be outside the condition we are now considering, .

An important condition which has not been stated is the edge support to these slab
panels. The supports should be beams which are much stiffer in flexure than the slabs
themselves, This means that the beams should project well below the slabs. A section of
the slab between columns should not be considered as a hypothetical beam. If a
computer analysis, such as a grillage analysis, is carried out using this hypothetical

beam, it will be found that the distribution of moments is very similar to flat-slab
behaviour. -

(b) RULES

1. Each panel is considered as being divided into middle strips and edge strips in each
direction. The middle strip is the middle three-quarters of the width. and each edge
strip is one-eighth of the width,

2. The maximum design moments calculated from equations {14)and (15) of the Code
apply to the middle strips only. Redistribution cannot be carried out.

3. Reinforcement in the middle strips should be curtailed in.accordance with the
simplified roles in clause 3.12.10. These have been discussed earlier in this chapter
and are shown in Figs 12.3 and 12.4.

4. Reinforcement in an edge strip need not exceed the minimum area of tension
reinforcement, together with the recommendations given for torsion.

It should be noted that this requirement says . ..need not exceed. ... In many cases
the detailing of two-way spanning slabs is camplicated enough, and the detailer will
probably continue the middle strip reinforcement into the edge strips.

Requirements (5), (6} and (7) for torsion are set out very clearly in the Code and are

- not repeated here. They depend on the conditions of adjacent edges at a corner. Both

-edges discontinuous: full torsion reinforcement: one edge discontinuous: half the full
torston reinforcement: both edges continuous: no torsion reinforcement. Internal
panels will not require torsion reinforcement, whereas external panels will,

Even when complying with conditions (1) and (2) it is often found that the support
moment from a panel differs from the support moment from an adjacent panel. In the
past designers have usually taken the larger moment and calculated the area of
reinforcement required for that moment. ' ‘

Clause 3.5.3.6 of the Code now suggests a method for adjusting these moments if they
differ significantly. What is meant by ‘significantly’ is not stated, and the method
described involves using coefficients obtained from a yield line analysis and distribution
of moments as would be done using an elastic analysis. The moments at the support
obtained from equation (14} or {15) are treated as fixed-end moments and moment
distribution is then carried out according to the Telative stiffnesses of the adjacent
panels. If the resulting moment is significantly greater than the original value,

additional steps have to be taken to ensure the top steel is extended further iato the
span.
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EXAMPLE 12.1 ‘ ' ' .

The floor slab of a building shown below 1s supported by beams at each grld line. The
construction is monolithic and the panels are continuous at the interior supports, Floor
finishes are 1.0 kN/m?* and the imposed load is 5.0 kN/m?. The exposure conditions are
mild, -period of fire resistance is 1 hour. Concrete is Grade C35 and the steel is
Grade 460. )

7200 72000 |, 7200

iy
3

-

-

)
6000
| 3

A
v

6000

sl
[

6000

4
v

Cover. Mild exposure: 20 mm.
Fire resistance; 20 mm,

- Assuming a span effective depth ratio of 36,

d=6000/36=167.
Using 12¢ bars, h=167+26=193, say 200 mm.

Loads
Dead. Slab=0.2 x 24 =4.8 kN/m?
*  Finishes 1.0 kN/m?
5.8 kN/m?,

Imposed = 5.0 kN/m?2.
Design ultimate load=5.8x1.4+5x 1.6
=16.1 kN/m?.

I/L=7.2/6.0=1.2.

It can be seen very quickly that all of the panels come within the first four categories of
Table 3.15 of the Code, The maximum span moment will be in the corner panel and is
mg, =0.047 x 16.1 x 62=27.2 kN m/m.

Il the bars spanning in the shorter direction are in the bottom layer,
d=200-26=174 mm.

M/bd?=(27.2 x 10%)/(1000 x 174%)=0.90.
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" Panel 2: one short edge discontinuous; - ¥ (v
Panel 3; one long edge discontinuous; p.0dg X 16-1
Panel 4; two adjacent edges discontinuous, .-~
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If we assume the reinforcement provided is the same as required. then [rom Table 3.1}
of the Code the modification factor is 1.43.
Allowable I/d=26x1.43=37.2.

Actual I/d=6000/174=34.5.

Thisis satisl'actmy and if we do adjust the support moments will also allow for 2 smal}
increase in the span moment. -
The coefficients for the bending moments for the four panels in one corner are showp

on the figure below. .

1 ]

The mofnents at the junction of panels 4 and 2 show the largest difference, panel 4
being 36.5 kN m and panel 2 being 27.8 kN m.

If these are not considered as significantly diffecent then the design would procecd
using the larger moment. However, to illustrate the procedure in the Code they will be
regarded as significantly different.

Spanning inthe 6.0 m direction.

1. The Code says calculate the sum of the moments at midspanr and supports
(neglecting signs). As we are told later to assume a parabolic bending moment we .
are interested in the ‘overall’ moment, so we must take the sum of the moment at
midspan and the average of the support moments. The coefficients shown on the .
drawing will be used. 009 + L °53T° ‘
Panel 4: sum=0.047 +0.063/2=0.0785. oop 10 O%F
Panel 2: sum=0.036+0.048=0.084. — 2%+t —=—

2. Treat the values from Table 3.15 of the Code as fixed end moments.
Panel 4: factor=0.063.
Pane} 2: factor=0.048.




3. Distribute the fixed end moments according to relative stifinesses of adjacent spans.
This is where a basic knowledge of moment distribution is useful. For a continuous
slab of three equal spans, the distribution factors are 0.6 for the end span and 0.4 Tor
the intertor span. The factor for the out-of-balance moment at the supports is 0.015,
so in panel 4 the distributed factor becomes 0.063 —0.6 x0.015=0.054 and in
panel 2 it becomes 0.048+0.4 x 0.015=0.054.

4. Adjust midspan moments. .

Panel 4: mid-span=0.0785—0.054/2=0.0515, say 0.052.

Panel 2: midspan =0.084—0.054=0.030. N

As the maximum span moment in panel 4 does not occur at midspan we may be
slightly on the high side. ~ _ . :

The result of the abiove exercise has been to Increase the span moment in panel 4,
reduce the support moment and reduce the span moment in panel 2.

The span moment in Panel 4 now becomes 30.1 kN m as compared with 27.2 kN m
before distribution, M/bd*=0.99. The modification for tension reinforcement is 1.38 so
the allowable I/d=35.9; we are still all right. From tables the area of reinforcement In
the span is given by 100 4,/bd=0.26, so A,=452 mm®*/m. Use 12¢ at 250 centres.

At the sopport, M=31.3 kKN m, M/bd*=1.03, 100 4,/bd=0.27, 4,=470 mm’/m
(12¢ at 225 centres). _

The next question is whether the increase in the support moment of panel 2 is
regarded as significant. If it is then iters (e) to (h) in clause 3.5.3.6 have to be carried
out.

The minimum reinforcement in each direction is 0.13%bh=260 mm?/m, so
curtailment of reinforcement will not be possible. ' '

Torsion reinforcement in the external corner of panel 4 will be in four layers, each
layer consisting of three-quarters ol the area calculated above for the span moment. j.e.

three-quarters of 452 = 339 mm’/m. As this occurs at the junction of two edge strips

where only the minimum reinforcement is required, it can be seen that the layout of the
reinforcement will be quite complicated. '

12.3 Loads on supporting beams

The estimation of loads on supporting beams has changed significantly from CP110.
Table 3.16 of the Code gives shear force coefficients from which the loads on the beams
can be calculated and takes account of the support conditions of the panel.

As with moments the shear is a factor times the shorter span, whichever direction is
being considered. Figure 3.10 of the Code shows the distribution ofload butit should be
noted that vy=v;, when I=1, and v;=v,, when [=L, :

Clause 3.5.3.7 also suggests that if the support moments used in design are
substantially different from those obtained from Table 3.15, the valuesin Table 3.16 of
the Code may need to be adjusted. Presumably this would be in a similar manner to that
used for moments but, as we saw in Example 12.1, one moment is reduced and one is
increased and the net result cannot be very different from the total value obtained from

Table 3.16 [or the two adjacent spans. Ve Trg XL

Thus, for example, on the line of common support of panels 4 and 2 in Example 12.1
the loading would be (0.47 +0.42) x 16.1 x 6 =86 kN/m over the middle 5.4m. On
the line of the common support of panels 3 and 1 the load would be slightly less at
0.83 % 16.1 x 6 =80 kN/m.
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12.4 Shear

As for beams, the shear stress v at any cross-section is calculated from v=V/bd and b
will usually be 1000 mm. Table 3.17 of the Code gives the form and area of shear
reinforcement. The notes below the table advise that shear reinforcement should not be
used in slabs less than 200 mm deep.

Shear in solid slabs carrying uniformly distributed loads is seldom a problem and
although the value can be calculated at mstanced from the face of the support thisis not
usua]ly done,

As we saw when finding the loads on supporting beams the maximum shear force in
Example 12.1 will be from panel 4 and is 0.47x16.1 x6=45.5kN/m. Here
v=(45.5 x 10*/(1000 x 174)=0.26 N/mm?, This is less than the minimnm valee in
Table 3.9 of the Code, so.there is no need to calculate v,

Shear under concenttated loads is covered in the section on flat slabs,

T

12.5 Delflection

This was covered in the example and is based on the shorter span and the amount of
reinforcement in that direction.
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RIBBED SLABS (SOLID OR
HOLLOW BLOCKS OR VOIDS)

-

13.1 Deﬁniﬁons . -

The term ‘ribbed slab* in clanse 3.6.1.1 refers to in situ slabs constructed in one of the
following ways.

1. Where topping is considered to contribute to structural strength:
(a) as a series of concrete ribs cast in situ between blocks which remain part of the
completed structure; the tops of the ribs are connected by a topping of concrete of
the same strength as that used in the ribs;
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(b) a series of concrete ribs with topping cast on forms which may be removed alter
the concrete has set:

oA

Taper to allow far
removal of forms

(c) with a continuous top and bottom face but containing voids of rectangular. oval
or other shapes. The formers for the voids may be permanent or removable.

> O

2. Where topping is not considered to contribute to structural strength:
as a series or concrete ribs cast in situ between blocks which remain part of the
completed structure; the tops of the ribs may be connected by a topping of cencrete
(not necessarily of the same strength as that used in the ribs).

13
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13.2 Hollow or solid blocks and formers

In items (1a) and (1b) we have blocks which remain part of the completed structure.
These blocks themselves may or may not contribute to the structural strength of the
slab. If not, they can be regarded as non-removable formers. It should be remembered
that we are talking about in situ concrete slabs, not slabs consisting of precast concrete
ribs with infill blocks between them, on top of which is cast a concrete topping.

Where the blocks do contribute to the structural strenrgth they will be referred to as -

structural-type blocks which comply with clause 3.6.1.2. Although these blocks may
contribute to the flexural strength, their main contribution is regarding shear and
deflection.

. -

13.3 Thickness of topping

We have already categorized the slabs as (1) structural topping, where topping does
contribute, and (2) non-structural topping, where topping does not contribute to the
structural strength.

Table 3.18 of the Code divides the slabs into those with permanent blocks and those

without permanent blocks for the purpose of thickness of topping required. We shall use
this classification.

13.3.1 Slabs with permanent blocks

{a) STRUCTURAL TOPPING AND STRUCTURAL-TYPE BLOCKS

The clear distance between ribs should be not more than 500 mm. The width of the rib
will be determined by considerations of cover, bar spacing and fire requirements, but
the depth of the rib excluding the topping should not exceed four times the width — see
Fig. 13.1.

Structural toppin
} . pping

Y

_.1 5, }_ + 500 mm '1'

FIG. 13.1 Permanent blocks contributing to structural strength.

The minimum thickness of topping required is: (a} 25 mm if the blocks are jointed in
cement:sand mortar not weaker than 1:3 or 11 N/mm?: or (b) 30 mm if the blocks are
not jointed.

{b} STRUCTURAL TOPPING AND NON-STRUCTURAL-TYPE BLOCKS

In this case the spacing of the ribs can be increased above 500 mm clear but the centres
of the ribs must not exceed 1500 mm. As in (a) the depth of the rib should not exceed
four times the width,

The minimum thickness of topping is the greater of 40 mm and one-tenth of the clear
distance between ribs (see Fig. 13.2).
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FIG. 13.2 Permanent blocks not contributing to structural strength.

{c) NON-STRUCT.U_KAL TOPPING AND STRUCTURAL-TYPE BLOCKS

If the topping does not contribute to the strength, then the blocks must be structural.
type (see clause 3.6.1.6). The blocks do not need to be jointed in cement:sand mortar.
There are further requirements as shown in Fig. 13.3, and it shouid be noted that there
is a small difference from CP110. The new requirement concerns the thickness of the
block material above its void, not block material plus topping as previously required.

. Greater of 20 mm and a, /10
A _f/ '
+ay/5 t a2y

E‘ 8,+500 =J|

FIG.13.3 Blocks contribute to structural strength but topping does nat.

13.3.2 Slabs without permanent blocks

For all these slabs such as shown in (1b) and (1c) under Definitions (§13.1), the
minimum thickness of topping is the greater of 50 mm and one-tenth of the clear
distance between ribs. [n (1b) this is relatively easy to determine, but in (1c) it is
suggested that the ‘rib’ width is determined as in clause 3.6.5.2 for deflection.

13.4 Fire requirements

For complying with the fire requirements for cover and thickness reference should be
made to Figure 4.2 of Part 2 of the Code. From this it can be seen that slabs with
permanent blocks are classed as plain soffit floors whereas slabs without permanent
blocks are classed as ribbed soffit fioors.

For plain soffit floors the bottom cover to the reinforcement is obtained from
Table 3.5 of Part 1. In complying with this requirement, plaster or sprayed fibre can be
taken into account. The eguivalent thickness of concrete can be obtained [rom
clause 4.2.4 of Part 2. For example, a mortar thickness of 12 mm is equivalent to
12/0.6 =20 mm concrete. The width of the rib and the side cover to the reinforcement
in the rib are not controfled by fire requirements. The floor thickness required is
obtained from Figure 3.2 of Part 1, and with hollow slabs the effective thickness is
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calculated from clause 4.2.5 of Part 2. Equation (16) of the original version of BS§110
was incorrect and should be

t=hx. i+t

where h is the overall thickness of the hollow slab ficor, & is the proportion of solid
material per unit width of siab, and ¢, is the thickness of any non-combustible finish on
top. )

For ribbed soffit flogrs the width of the rib and side cover to the reinforcement have to ~
meet the fire requirements in Table 3.5 and Figure 3.2 of Part 1. The thickness of the
concrete joining the ribs is illustrated in Figure 4.2 of the Code. Values are obtained
from Table 4.5 in Part 2.

-

13.5 Hollow clay floor blocks

Sizes and weights of clay blocks vary with different manufacturers and for an accurate
weight of the floor this should be worked out from the manufacturer’s literature.
Generally they are 300 mm x 300 mm in plan and the depth varies from 75 to
250 mm in 25 mm intervals. Table 13,1 gives typical weights of floor construction for
three different widths of rib, and for a structural topping 40 mm thick. For different
thicknesses of topping adjust the weights by 0.24 kN/m? for each 10 mm. thickness;
e.g. the overall weight for a strucrural depth of 200 mm usmg a 50 mm topping and
100 mm ribs would be 2 78 kN/m .

Table 13.1 Weights of hol!ow clay block ﬂoor construction with 40 mm topping

Overall weight (kN/m?)

Wall Structural

thickness depth 75 mm 100 mm 125 mm
Block size (mm) {mm) (mm) rib rib rib
300x300x 75 15 115 1,75 1.80
300x300x100 15 140 195 2.00
300x300x125 15 165 2.15 2.25
300x300x 150 18 190 2.39 2.54
300x300%x175 18 215 ~ 2.58 2.73 2.88
300 300 x 200 18 - 240 2.82 2.98 ' 313
300x300x225 . .. 18 . 265 3.22 3.42
300x300%x250 20 290 ! 3.51 3.70
300x 300 x 250~ 20 340 . 4.49

250 mm blocks on their sides to give 300 mm deep block.

13.6 Edges

Where ribs are running parallel to a beam or wall and bear on the beam or wall, the rib
must be at least as wide as the bearing. This means the block or void must not be on the
bearing.

11
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13.7 Analysis - - SR

Moments and forces due to ultimate design loads in continuous slabs may be found as
for solid slabs, Alternatively, provided they are not exposed to weather ‘or corrosive
conditions, they may be designed as a series of simply-supported slabs. If this is done,
sufficient reinforcement should be provided aver the support to control cracking. The
Code recommends that such reinforcement shonld have an area of not less than 25%of
that in the middle of the adjoining spans and shoufq extend at least 15% of the spans
Into the adjoining spans. Although reinforcement has to be provided in the top of the
slab aver the supports it may not be sufficient to resist moments that could develop at
this point and the steel may yield with cracks developing in the top surface of the
concrete, These cracks may bercovered with floor finishes, but the engineer should be
aware that this method of design does have risks of cracking associated with it.

13.7.1 Resistance moments

The same methods as for beams apply, and where the topping contributes to the
structural strength we shall have a Tee section in the span where the width of the flange
Is the lesser of the distance centre to centre of ribs and the efective flange width as
determined from clause 3.4.1.5 (Le. b,+K.,/5) where k Is 1.0 for simply supported
spans and 0.7 for continuous spans. In determining the flange width b, is taken as the
width of the concrete rib only. When analysing the section the stresses in burnt clay
blocks or solid blocks in the compression zone may be taken as 0.25 times the crushing
strength as determined in clause 3.6.1.2(b). In most cases ‘designers ignore this in
strength calculations and in examples in this chapter it will also be ignored. However, if
the designer wishes to take advantage of this item itis suggested that flange depth in the
span be increased by an amount equal to

Allowable stress in block
Design stress in concrete

For example, if we have a block of crushing strength 16 N/mm?, thickness of block wall
at underside of topping is 18 mm, concrete in fopping is grade 35, thus topping
thickness can be increased by (0.25 x 16)/(0.45 x 35) x 18 =4.6, say 4 mm. Ascan be
seen, this is very small and the complete 18 mm of the block wall thickness must come
with the distance of 0.9 times the neutral axis depth.

Where the slab is continuous aver supports the thickuess of the concrete rib in the
compression zone could be increased in the same way. -

x thickness of block wall.

13.7.2 Shear
The shear stress v shonld be calenlated as
v=V/bd

where V is the shear force due to ultimate loads on a width of slab equal to the distance
centre to centre of ribs, and b, is the average width of the rib.

Ifhollow blocks of the structural type are rised the effective rib width is the width of
the concrete 1ib plus one wall thickness of the block.

Here again many designers prefer to take the shear on the concrete rib only. The

Tl
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Code, in fact, does not state that the blocks have to bcr the structural type, but in the past
it has been restricted to this type and it is assumed that this is still meant. -
If solid blocks are used the effective rib width may be increased by one-half of the rib

| depth on each ‘side of the rib.

For voided slabs the Code does not say how to calculate b, but it would seem
appropriate to use the same method as used for deflection.

For the allowable shear stress we have the same requirement as for solid slabs. No
shear reml'urcement is required for v less than v_. I vis greater than v_reinforcement to
Table 3.17 of the Code should be provided,

13.7.3. Deflection

The span/eﬁ'ecttvé depth ratios as for flanged sections should be used. but when
coasidering the final modification factor for a flanged beam, the rib width may be
Increased to take account of the thickness of the walls of the blocks on both sides of the
rib. For voided slabs and slabs constructed of box or I-section units, an effective rib
width shonld be calculated assuming all material below the upper flange to be
concentrated in a rectangular rib having the same cross-sectional area and depth (see,
for example, Fig. 13.4). '

“For two-way spanning slabs the check should be carried out for the shorter span.

e T
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FIG. 13.4 Eqguivalent rib widths for voided slabs.

13.7.4 Arrangement of reinforcement

The curtailment of the reinforcement will depend on how the moments have been
determined, i.e. by analysis or simplified rules.

in ribbed or hollow block slabs the Code recommends providing a single layer of
mesh, with a cross-sectional area of not less than 0.12% of the topping, in each
direction. The spacing of the wires should not be greater than half the centre-to-centre
distance between the ribs. For the reinforcement in the ribs themselves, if only a single
bar is needed, links are not necessary unless shear or fire resistance requirements so
dictate. However, consideration should be given to the use ol purpose-made spacers
occupying the full width of the rib to ensure correct cover to the bar. Where two or more
bars are used in a rib, the use of link reinforcement is recommended to ensure correct
cover to the main bars. These links are in addition to normal spacers and will generally
be at a spacing of 1.0 to 1.5 m, depending on the size of the main bars. The cover to the
link should satisiy the durability requirement but need not satisfy the fire requirement
provided the cover to the main bars does so.
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Calculate a suitable section for a 6.5 m span, continuous but treated as simply
supported, using the following data: Imposed load is 4.0 kN/m?, 12 mm plaster ceiling,
structural-type hollow clay blocks, mild exposure, 2 h fire resistance. The concrete is
Grade C35, and refnforcement Grade 460.

As;;umlng a span/effective depth ratio of 25, then d-'—-ﬁ'GO mm. -

Durability: cover=20 mm (Table 3.4 of the Code). '

Fire resistance: cover==35 mm (Table 3.4 of the Code)
thickness of floor3=125 mm (Figure 3.2 of the Code).

With 20 mm concrete cover In the rib, the effective cover using clause 4.2.4 of
Part 2=20+12/0.6 =40 mm.

Prom Table 13.1 try a structural depth of 290 mm using 300 x 300 x 250 blocks and
100 mm wide ribs as shown below: ' _ _

| 400 ]
40

IATIIAI R

The walls of the blocks are 20 mm thick 50
£=(400x 290210 x 220)/(400 x 290)=0.6.

'Effective thickness, t, =290 x /0.6=223 mm. Satisfactory.

Toads

Dead: self weight=3.51 kN/m?
plaster  =0.25 kN/m*

3.76 kN/m?, )
Imposed =4.0 kN/m?,

Ultimate design load per rib=(3.76 x 1.4+4 x 1.6) x 0.4
=4.67 kN/m,

Assuming 20¢ bar, d=290—20—20/2=260 mm.

M=4.67 x 6.5%/8=24.7 kN m.

M/bd?=(24.7 x 106/(400 x 260%)=0.91.

From tables, neutral axis depth is 0.111 x 260=29 mm, so nentral axis is in flange,
and 1004,/bd=0.24.

A,=0.0024x 400 x 260=250 mm? Use 1/20¢ (314 mm?).
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" Modification for tension reinforcement (Table 3.11 of the Code)=1.69.

- of the support.

This is more than minimum requirement in Table 3.27 of the Code.
f,=288%x250/314=230 N/mm?2.

b,/b=140/400=0.35, i.e. >0.3, but take as 0.3.
Allowable I/d ratio=16x1.69=27.0.
Actual ratio=6500/260=25. Satisfactory.

V=4.67x6.5/2=152kN.

v=(15.2 x 10%)/(120 x 260)=o.49 N/mm?,

1004,/b d=(100x 314)/(120 x 260)=1.0.

v, from Table 3.9 of the Code=0.71 x 1.12=0.79 N/mm?. Satisfactory.

In assessing the shear resistance we have assumed that the Eo_ttom bar in each rib is
effectively anchored. In this type of floor, however, it is usual to make the slab solid near
the bearings. -

For this area v=(15.2 x 10°)/(400 x 260)=0.15 N/mm?, , o

This is less than half the allowable v, whlch can be obtained from Table 3.9 of the '
Code. so an effective anchorage can be obtamed by taking the bars a distance equal to ke
the greater of 30 mm and one third of the support width beyond the centre line of the :
support. | ‘ =

For the top steel over the interior support we need 250/4="63 mm’ per rib, so
suggest 1/10¢. This should extend 15% of 6500=975 mm into the span from the face
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Flat slabs are dealt with in Clause 3.7 of the Code. ‘ I

B 14.1 Definitions . '
The term ‘flat slab’ means a remnforced concrete slab with or without drops and
supported, generally without beams, by columns with or without column heads. The
- slab may be solid o may have recesses formed on the soffit so that the soffit comprises a
_ series of ribs in two directions. Where recesses are formed on the soffit. it will usually be
< _necessary to make the slab salid in the region surrounding the column heads in order to
3 provide adequate shear strength. _ ‘
‘A ‘drop’ is a local thickening of the slab in the region of a column.
A ‘column head’ is a local enlargement of the top of the column providing support to
the slab over a larger area than the column section alone. The head may be of uniform
cross-section or may be tapered (generally referred to as flared).

The different types of column head are illustrated in Fig. 14.1.

e (a) {b}

o L

FIG.14.1 Typesofcolumn head. (a) Slab without drop and column without column head. (b)
Slab without drop and calumn with flared head. {c} Slab with drop and column with column head
of uniform cross-section.

U

14.2 WNotation

A flat slab will generally span in two directions at right angles, and as each direction is
considered separately it is important to get the notation clear to avold confusion with

two-way spanning slabs on to beams.
' 141
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FIG. 14.2 Dimenslons for column head, (a) l,=1, ... (b) L=le () ;=

I, is the length of the panel, centre to centre of columns, In the direction of the span
being considered.

1, isthe width of the panel, centre to centre of columns, at right angles to the direction
of the span being considered. .

L, is the longer span of a panel.

I, is the shorter span of a panel.

I' is the effective span of a panel (=1,~—2h_/3). .

h, is the effective diameter of a column or column head, which shall be taken as the
diameter of a circle of the same area as the cross-section of the head based on the
effective dimensions as described below, but in no case greater than one quarter of
the shortest span framing into the column.

n is the total ultimate design load per unit area (= 1.4g, + 1.6q,).

14.3 Colimn heads

The dimensions of a column head which may be considered as effective depend on the
depth of the head. The angle of slope of the head, if flared, or theoretical slope if uniform,
should not be less than 45° from the horizontal. The dimension should be measured at a
distance of 40 mm below the underside of the slab or drop where provided. If the actual
dimensioris of the head are less than those obtained from the 45° requirement then

those dimenstons should be used. These requirements can be written mathematically
as: . :

L, =the lesser of I, and I, _,,, = 1.+ 2(d, ~ 40) mm

where I, Is the actual dimension, 1, is the dimension of the column measured in the
same direction, d, is the depth of the head below the soffit of the slab or drop, and all
dimensions are in millimetres,
Diagrammatically they can be illustrated as shown in Fig. 14.2. .
Ifthe column head is circular then I, becomes h,, as described in §14.2. For any other-
shape a value of i has to be calculated. As h,cannot be greater than one-guarter of the

{
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shortest span framing into the column it is usnal to start with this dimension and then
calculate the largest size of head that can be used. For instance. if we have a square
column and square head, then the size of the head will be 0,886k, which is
approximately 0.22I . Having decided on the size of a suitable square head, the value
of h, is then determined and it s this value which is used in all adalyses to calculate
bending moments.

14.4 Division of panels.

It must be remembered thata pancl is the ared within the lines joining the centres of the

I

Panel

N

A panel should be assumed to be divided into column strips and middle strips. These
are illustrated in Fig. 14.3 for panels with and without drops.

For panels with drops, the total width of the column strip should be taken as the
width of the drop unless this is less than one-third of the smaller dimension of the pauel
In this case the panel is treated as for a slab without drops.

Where there is a support common to two panels of such dimensions that the strips in
one panel do not match those in the other, the division of the panels aver the region of
the common support should be taken as that calculated for the panel giving the wider
column strip. In the span, the division of the panels will remain unaltered. This will be
illustrated in the design example which will follow later, No requirements are given {or

the span dimensions of drops. except that the following points have to be taken into

account:

1. Unless the smaller dimension of the drop is at least oné-third of the smaller

dimension of the surrounding panels it will not influence the distribution of
inoments within the slab (see previous comments concerning width of column

strip). Even il it does extend the necessary distance the Code says that one can ignore
the stiffening efiect of the drops when calculating the stifiness of the slab.

2. For deflection control, the total width of the drops in each direction should be at least
equal to one-third of the respective span.

3. When it comes to apportioning moments within the panels a further calculation is
introduced if the column strip is taken as the width of the drop and this is less than
half the smaller chmeusmn of the panel (1./2).

14.5 Thic_kness of panels

The Code states that the thickness of the slab will generally be controlled by deflection
considerations, but the minimum thickness is 125 mm. It should be pointed out that
this statement is trize only in flat slabs without drops if shear considerations are ignored
and the designer is prepared to put in shear reinforcement around the column head. if
the occasion arises. As will be seen later, il the designer wants to avoid shear

143
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FIG. 143 Plat slabs — diviston of panels. (a) Slab without drops. (b) Slab with drops.

reinforcement he may have to Introduce additional flexural reinforcement or thicken
the slab, - .
Where drops are used it is usual for the overall thickness of the drop to be 1.50 times s
the thickness of the slab. An initial assessment of a slab thickness can be made based on
solid slabs, modified as necessary by the deflection criteria for flat slabs as described
below. o

14.6 Déﬂecﬁon

For deflection criteria, the span/effective depth ratios as for slabs will be used with
maodifications as follows: )
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14.6.1 Slabs without drops

For solid slabs it will be the factor as obtained for solid rectaugular sections and then
multiplied by 0.9. To obtain the modification factor for tension reinforcement from
Table 11 of the Code the average value of M/bd? across the width of the sum of the
column strip plus middle strip at midspan should be used.

For slabs with recesses on the underside there is the further reduction factor [or Tee
sections which could be 0.8. So the overall reduction factor could be 0.72 as compared
with a solid rectangular section. The check should be carried out for the more critical
direction, which is probably the longer span.

14.6.2 Slabs with drops”

Provided the dimensions of the drops are as stated earlier, the factors will be as for
rectangular sections when using solid slabs and the section considered will be at
midspan of the slab. So it will be the effective depth of the slab between the drops Whlch
will control.

It is unlikely that this type of slab will have recesses on the underside, but ifit does.
then the modification factor for Tee-sections will apply. Agam, the check should be
carried out for the more cntlcal direction.

14.6.3 Effective depth
An effective depth is required for

1. Strength of sections. Some designers use the average effective depth of the two
directions, but with the methods of analysis now used in the Code it would appear
that the actual effective. depth in each direction will be used.

2. Shear. The average effective depth is required.

3. Deflection. The actual eflective depth in each direction is required.

With rectangular panels the bending moment will be greater in the longer direction and
the effective depth will usually be taken as large as possible. To avold having different
effective depths for span and support positions the arrangement shown In Fig. 14.4
would appear to cause the least confusion.

= & & & & —2

s o o s o —3

— 4

Long span : layers 1 and 4
Short span: layers 2 and 3

FIG.14.4 Positioning of bars in flat slabs.

14.7 Crack control

In general, the bar spacing rules described for solid slabs will be used. although
calculations can be carried out if desired.

14.8 Analysis

In the first edition of CP110 there were two quite independent methods of analysing the
structure to obtain the bending moments and shear forces. One method was called the

145
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equivalent frame method, where the structure was divided into frames in two
directions. The other method was called the empirical method and considered one pane!
at a time and the moments In the vartous strips obtained as a proportion of the total
moment in the panel, - o . ]

In the revision to the Code, the empirical method has been dropped, and although
there are still two methods, both are equivalent frame methods. The first methad Is the
true equivalent frame, where a frame analysis Is carried out. The second method Is a
simplified version of this, where coefficients are used to determine the moments and

shears without carrying out an analysis. Quite obviously there are restraints to using
the simplified method.

-

14.8.1 Frame analysis

In dividing the structure into frames the deslgner has to take into account whether the
frame is being subjected to veriical loads only or vertical and horizontal loads, as with a
framed structure of beams and columns,

For vertical loads only, L.e. load combination (1), the equivalent beam for stiffness
purposes will be based on a strip of slab of width equal to the distance between centre
lines of panels on each side of the columns, With vertical and horizontal loads, i.e. load
combinations (2) and (3), the equivalent beam will be half the value. The Code actually
says that for ‘horizontal loading’ one takes halfthe value, but it would not be reasonable
to carry out an analysis changing the frame properties in this manner.

In calculating the relative stiffinesses of the columns and slabs, it would also seem
appropriate to consider the concrete section only. The stiffening effect of drops and
column heads may be ignored, as llustrated in Fig. 14.5.

FIG. 14.5 Sections for calculating relative stifinesses,

Where recessed or coffered slabs are used and these are made solid in the region of the
columns, usually. for shear purposes, the stiffening effect may be Ignored provided the -
solid portion does not extend more than 0.15 of the span into the span, measured from
the centre line of the columns. Irrespective of which section is taken for the stiffness of
the slabs, the loads to be carried are the appropriate design load for a strip of slab of
width equal to the distance between centre lines of panels on each side of the columns.

At this stage it might be useful to try to clear up the confusion that often arises when )
analysing frames in two directions. Some designers feel that the load is being carried
twice, as compared with a two-way spanning slab carried on beams where the load Is
considered as being carried in two direcHons simultaneously. What is generally
forgotten in a two-way spanning slab is that the load from the slab is carried to the
beams, and the beans then carry the load to the columns. Consider such a slab carried
on perimeter beams: ‘
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In the short direction:

Load Carried by slab =k,W
Load carried by beams=k,W
" Total load carried =(k;+k)W=W.

Similarly, in the long direction the total load earried is W. Therefore, In each direction
considered separately, it is the total load that Is carried. This means that In flat slabs the
full load must be carried in both directions by the slab alone,

When considering vertical loads for load combination (1), the general cases for load
patterning will be as for beams, Le. maximum design load on all spans and also for
alternate spans having maximum and minimum design load. However, i the
conditions as set out for simplification of load arrangements for solid slabs are satisfied,
then one load case of maximum design load on all panels is all that is necessary.

.+ Having used the single load case we now have to comply with clause 3.5.2.3
‘whereby the support moments are reduced by 20%, with a corresponding increase in
the span moments. The resuiting envelope should satisfy the provisions of redistribu-
tion as already discussed for slabs, Le. we do not come within 70% of the ultlmate

. euvelope
- Having found the momentsi in the slabs and columns for the equivalent frame elther

- by a full-frame analysis or series of subframe analyses we now modlfy these momeuts asg
_follows

"4 1 The moment transferred between aslaband an edge column will generally be mucit

.. lessthan Indicated by the analysis unless there is an edge beam, or strip of slab along

. the free edge, specially designed and detailed to transfer the extra moment into the

"¢olumn by torsion. The moment transferred direct to the column is given as
M, e =0.15b 4% , where b, is a breadth of strip dependent on the relative posttion
of the column and the free edge of the slab, but should not be taken as greater than
the column strip width appropriate for an interior column. In this case d is the
effective depth for the top steel in the column strip. If the negative moment at the
edge column is reduced from that obtained from analysis then the posrtwe moment
in the end span should be increased accordingly.

2. Negative moments greater than those at a distance of h,/2 from the centre line of the
column may be ignored provided the sum of the maximum positive moment and the
average of the negative moments in any one span for the whole panel width is not
less than :

(n/8)lz(il —2h/37,
where nis the maximum design load per unit area of the span under consideratton.

When this condition is not satisfied the negative moments at both supports should be
Increased so that the above requirement is met.
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" support_moments with an increase in span moments has also been carried out.

The modified moments should now be apportioned between column strip and inner
strip as shown in Table 3.20 of the of the Code.

14.8.2 Simplified method

Where the following conditions are satisfied, Table 3.19 in the Code gives coeffictents
for determining the bending moments and shear forces in the frame:

1. Lateral stability is not dependent on slab column connections, Le. it is a braced frame
_ structure.

2. The conditions of clause 3. 5 2.3 are satisfied. The area of a bay will usually be
satisfied, so this in eflect means that the characteristic imposed load does not exceed
1.25 times the-characteristic dead load, and the characteristic imposed load,
excluding partitions, does not exceed 5 kN/m?

3. There are at least three rows of panels in the dlrecuon being considered and the -
spans are approximately equal.

The values in Table 3.19 of the Code are based on the analysis of a frame of equal spans
considering the single load case of maximum design load on all spans. Reduction of the

Modifications to allow for the sme of a column head have not been carried out and the £

particularly if the provision of shear reinforcement is to be avoided. Shear.
column heads is dealt with In clause 3.7.7 as shear under concentrated loa
column heads, however, the shear forces are enhanced to allow for non-symm [
distribution of shear around the column. The Code calls this the effects, o[
transfer.

For concentrated loads supported by slabs this enhancement is not reg A'
procedures are the same. An important requiremeat is the understanding nf wh
shear perimeter and failure zone. The Code refers the reader back to clause i:
definitions of terms specific to perimeters, but the diagrams which illustrate so
terms are given in Figures 3.16 and 3.17 of the Code. ]

be considered.
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“x— H I The effective shear force, V,=V(1 +1.5M,/Vix), where V, Is the support reaction SHEAR
= 1 obtalned from the sum of the beam shears, If the single load case has beén used these e
B i values will be after the 209 reduction at the supports. M, Is the moment transmitted
uy ] - from the slab to the connection, Le, the sum of the column moments above and below -
B the slab. The diagram in Figure 3.14 of the Code. shows this as the difference In'beam !
e * moments at the connection. If the single load case has been used these moments will be:
before the 20% reduction at the supports. x is the length of the side of the shear
perimeter under consideration parallel to the axis of bending (see Fig. 14.6).

) [ r | kd
| I

+ | [xzc.+ 2 kd where

& | kd depends on shear
perimeter under
+ | consideration

- |kat
_.__.,:..J' o

Axis of
- bending

===
I
I

FIG.14.6 Shear perimeter, -

The Code says that in the absence of caleudation it will be satisfactory to take a value
of Vy=1.15Y, for internal columns In a braced structure with approximately equal
spans. V, is calculated on the assumption that the maximum design load Is applied to all
panels adjacent to the column itself. C '

Where patterned loading has been used in analysing the frame the value of M, may
be reduced by 30%. The calculation for V.« should be applied independently for the
moments and shears about both axes of the coluruns and the design checked for the

worst case.
14.9.2 External columns
Here we have corer columns and edge columns,

‘(a) CORNER COLUMNS _
V= 1.25V, and applies to both axes.

(b} EDGE COLUMNS

When considering bending about an axis parallel to the free edge, V=125V,
When considering bending about an axis perpendicular to the free edge,
Var=WV(1.25+ 1.5M,/Vx). If spans are approximately equal V,; can be taken as 1.4V,
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—f As for internal columns M, can be reduced by 30% if patterned loading is used,
3 ) '
i - - FromFigure 3.16 of the Code it can be seen that the shear perimeters are rectangular
L) z whatever the actual shape of the column. ' '
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. slab depth, whichever is the lesser, its presence may be ignored.

It is fairly obvious that the shear perimeter under consideration is extremely
important. Clause 3.7.7.6 gives the design procedure which says that the first critical
perimeter is at 1.5d from the loaded area. If the shear stress in this perimeter does not
exceed the allowable v, then no further check is required. If the shear stress exceeds v,
then the shear reinforcement will be provided, but successive perimeters will be checked
until v does not exceed v,. The enhancement factor will therefore vary from perimeter to
perimeter, but the largest calculated factor will be at the face of the loaded area itself.

For example, in Pig. 14.6, assume ¢,=400mm, c= 300 mm, V,=700kN,
M=25kNm and d=250mm. At the first critical perimeter x=
300+ 3 x 250=1050 mm. So

/=~ 1.5%x25x10%
| ?d,— 700(1—!— 700 %< 10° x 1050)-7’00 x 1.05.
On the column face itself x=300 so V4=700x1.18.
The shear stress on a perimeter is given by

v="Vg/ud,

Where u Is the effective [ength of the perimeter, taking into account holes or adjacent
edges. On the column face itself, u becomes u, and the value of v, must not exceed
0.8.ff or5 N/mm? ifless. The reinforcement percentage used to calculate v isgivenby 2
100 % (efective reinforcement area)/ud, where the effective reinforcement is thetotal | >
area of all tension reinforcement that passes through a zone and extends at least'af 3
effective depth’ or twelve times the bar size beyond the zone on elther side. As stated
earlier, the effective depth for shear is the average effective depth for all effective '
reinforcement passing through a perimeter. o ' :
A zone Is defined In the Code as an area of slab bounded by two perimeters 1.5d
apart. The length of a perimeter will be modified if there are holes within a distance of 6d
from the edge of the load ar if the load is located close to a free edge. Figure 3.18 of the
Code Illustrates the reduction in perimeter for holes and Figure 3.19 of the Code shows
alternative perimeters for a-load close to a free edge. i
" Holes are sometimes left for a service pipe and these are adjacent to the column.
Provided the greatest width is less than one-quarter of the column side or one-half th

If shear reinforcement is required, and the slab must be more than 200 mm deep £o :
do this, then this is to be in accordance with equation (29) of the Code, which is

Y A, sin e (v—v Jud/0.87f.. .

wheref,, is the characteristic strength of the shear reinforcement, A, isthe area of the
shear reinforcement, and « is the angle between the shear reinforcement and the plane
of the slab. .
The minimum value to be taken for (v—v.) in the above equation is 0.4 Njmm?.
As the shear reinforcement will normally take the form of vertical links, the angle &
will be 90° and hence sin ¢ will be 1. ~
The shear reinforcement itself will be distributed evenly around the zone on at least_x
two perimeters and spacing around a perimeter should not exceed 1.5d. Figure 3.17 of
the Code illustrates the punching shear zones and where the reinforcement should be
posttioned, If ribbed slabs, as described in the previous chapter, are nsed and a critical
perimeter cuts ribs, then each rib should be destgned to resist an equal proprtion of the
applied effective design shear force (see clause 3.6.4.1). - :
The following design example Hlustrates the procedures to be adopted in analysing &




braced frame structure to determine the bending moments and shear forces.
Calculations . to find the areas of reinforcement required are not shown as_these
procedures are described elsewhere. Some of the results, however. will be used to
Mustrate the deflection and shear calculations.

EXAMPLE 14.1

A floor slab in a building where stability is pru\nded by shear walls in one direction
(N-S) and by stairs and lift'well In the other direction (E-W) is divided into bays as
shown in Fig. 14.7. The slab is to be without drops and is supported internally and on
the external long sides by square columns with heads. The imposed loading on the floor
is 5.0 kN/m? and an allowance of 2.5 kN/m? should be made for finishes, etc. The
exposure conditions will be mild and the fire resistance period is half an hour. Use
Grade 40 concrete and reinforcement Grade 460, Type 2.

® ® ©® ©® 6 6

| 6000 , 6000 ¢ 6000 , 600Q , 6000 |
A 1 1 i) 1 _ 1N
®1" [ 4 + T —l
ol . Edge beam
8 .. 7002200
[T+ :
®1|—- _T_ N HT — |
R.C.wall
§ 175 thick . B gt
2 T - . .
-+ _1..___$__. - -— - -
@ oy l T ' ' Stairs
. § s and
I lift well
foll —1 —

FIG. 14.7 Layout of building.

For the slab thickness assume a span/effective depth ratio of 33. The longest span is
7.0 m so d would be 212 mm. Assuming 20 mm cover and 12 mm bars the overall
depth would be 238 mm. Assume a 250 mm slab,

As the columns are square, the heads will also be made square. The maximum value

of h, the effective diameter, Is one-quarter of the smallest span, so h,=5.0/4=1.25 m.

If the column head is 1.1 m square then h,=1.24 m. Now decide on the depth of the
head,

From clause 3.7.1.3, I, =1+ 2{d,—40).
So 1100=300+ 2(d, —40), L.e. d, =440 mm.

Make head 450 mm deep overall and make edge beam 700 mm deep overall.
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. Charactedsﬁc loads:

I I |noo .

l 1
T 1! . . 250

N 5000
B |

-

Dead, slab’ =6.0 lr:N/m
ﬁ.nlshes 2.5 EN/m?

" Total =8.5KN/m?

Imposed - =5.0 kN/m,

Maximum design load n=8.5 x 1.4+ 5x 1.6=19.9 kN/m?

Analysis

As wind forwc in both directions are resisted by shear walls or equivalent the frames in
both directions can be classes as braced.

In the north-south direction, as the characteristic imposed load does not exceed 1.25
times the characteristic dead load we can use an equivalent frame analysis considering
the singlé load case of maximum design load on all spans provided that we adjust the
support moments and span moments in accordance with the solid siab design
requlrements given in clause 3.5.2.3.

In the east—west direction, we can analyse as for the north—south direction, but as we
have equal spans and more than three rows of panels in the direction being considered
we could use the simplified method given In clause 3.7.2.7.

Itis proposed to use a subframe analysis in both directions, but a comparison will also - :

be given for the east-west diréction using the simplified method.
-The panels will be divided into strips as shown below. '

. 6000 . 65000 L
1 1
—1h — - gy -
4 ) g}
_|__..._I___ ."1"11.."—1_...-
o Middlestrip |Col.ship; ¢]o
S . J, = 3500 I'.'zs"oo’{ 32
. 1 1 E1 )]
w I v EZjn
—-..—._..._l_ L ocmfl s = =
H ] 1 _n.o
T ':‘;, :" T §§ ‘=
._‘-J._-_.L_...._:.B_l:u__.._.
:MlddlesranoLsrnp L g
&~ = T =
§ l 4 =3000 : 3odr | & o
~ 1 ! 1 'ue
. 1 I . 1 :iu. n .
SRR AR S P ..,r_....._g
1 ! 1 i
1 ) 1 .
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North—south direction

On-the line of the Internal columns the width of the strip for loading and analj-rsis is
6.0 m, so the maximum design load per unit length=19.9 x 6=119.4 kN/m,

2er

-T, LLr Llr s
g

+ Beam (1} . Beam (2) Beam (1)

+ Prrd Frad 7y
! 5000 . 7000 5000

Vesd
Stiffness:
Columns [=300x300%/12=0.675 x 10° mm®*,
k.=(0.675x10%/(4 x 10)=0.169 x 10° mm?®.

Equivalent beam: .
I=6000x 250*/12=7.81 x 10° mm*, _
Beam (1)

k., =(7.81 x 10%)/(5 x 10%)=1.56 x 10° mm?
Beam (2)

ke =(7.81 x 10%)/(7 x 10%) =1.116 x 10° .

From an ax;alysis of the single load case of alf spans loaded with the maximum design
load we get the following resnlts:

4 3 2 1
—35 —430 [—452 —452 |[—430 —35 Support
v Beam moments
+167 +279 +167 Span -
17.5 11 11 175 Upper
17.5 11 |_11 175 | Lower } Column moments
220 377 (418 418 (377 220 Shear

The bending moment diagram is shown in Fig. 14.8.

We can now reduce the support moments by 20%, but as the exterior support is not
very large, we will reduce the internal support only. The span moments will increase
accordingly. We also have to comnply with the 70%, maximum moment requirement.




FUPr

154

PLAT SLAB
CONSTRUCTION

U

. M, =0.15b4%,

452
‘\’ Elastic
1362

My ‘“.'\
70 %o Elastic

Supportreduced by 20%

- . 'y 36
M, = 0.7 (~430 + 377 x 0.62 ~119.4 X "iﬁ }=—153 LB
M, = 0.7(-452+ 418 x 0.62-119.4 * Q-zﬂlga -151

FIG. 14.8 Bending moment diagram.

From the bending moment diagram it can be seen that this 70% line controls part of
the new diagram. We are now allowed to reduce the support moments even further by
taking the moment at h./2 from the centre line of the column, provided the sum of the
positive moment and average of the negative moments is not less than 19.9 x fl—2x

-1.24/3) whereIis 5 m and 7 m respectively for the short and long span. So short-span
valie=260 kN m and long-span value= 569 kN m. In the short span at the external
column the moment will be positive if we take the value at b /2 from the centre line of
the support. This will be ignored and the value of 35 will be used. The average of the
negative moments is therefore (35 +153)/2 =94, which added to the span moment of
200 gives a total of 294; this Is In excess of the required moment.

In the long span the sum of the moments is 151 +- 369 =520, which is less than the
minimum value, The negative moments must be increased by 49 to 200 to satisfy the
minimum reguirement,

For the external column the maximum moment which can be transferred is given by

'b,=300+250="550
d=250-20—8=222 mm (assuming 16¢ bars which will be in outer layer).

So

M, =0.15x550%222*x40x 10~¢=163 kN m

which Is well in excess of actual moment.

- The design moments can be shown diagrammatically as follows:
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At the first interior support, L.e. at the junction of the 5 m and 7 m spans, we have the
problem that the column strip in the 5 m span is 2.5 m while in the 7mspanltls 3m,
so the wider column strip will be used.

The moments from analysr.s can now be apportioned in accordance with Table 3.20
of the Code.

i

Column strip
Exterior support - \

=0.75%35=26.3 kN m on strip 2.5 m wide=10.5 kN m/m.

Centre of first span i , B .
=0.55x 200=110 kN m on strip 2.5 m wide=44.0 kN m/m.

First interior support
=0.75 x 200=150 kN m on strip 3.0 m wide=50.0 kN m/m.

Centre of interior span
=0.,55x369=203 kN m on strip 3.0 m wide=67.7 kN m/m.

b e T A R L U Yo e S LI P o e LN v b B i1 S o b o 1 18 2

Middle strip
Exterior support |
" o =0.25 x 35=8.8 kN m on strip 2.5 m wide=3.5 kN m/m.

Centre of first span . . , p
=0.45 x 200=90 kN m on strip 2.5 m wide=36.0 kN m/m.

First interior support . B o B
=0.25 % 200=50 kN m on sirip 3.0 m wide=16.7 kN m/m.

Centre of interior span _
=0.45x 369 =166 kN m on strip 3.0 m wide=55.4 kN m/m.
For positioning the reinforcement, the bars in this direction will be in the outer layers.
so assuming 12¢ bars, d=250-20—-6=224 mm.
Minimum area =(0.13/100) x 1000 x 250 =325 mm?*/m.
Use 12¢ at 300 centres (377 mm?/m).

With this area of relnforcement the moment of resistance can be calculated as
32.1 kN m/m. Any moment less than this value will be covered by the minimum
reinforcement. It can also be found that 12¢ bars will be satisfactory in all positions.
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CONSTRUCTION  concider interior span. In the span the total moment is 369 kN m on a band 6.0 m
wide, so M/bd*=1.23,
If we assume that the reinforcement provided Is exactly the amount required,
Table 3.11 of the Code gives a modification factor for tension reinforcement as 1.30.
The allowable Ifd=26 x 1.3 x 0.9 =30.4 which gives an allowable span of 6.8 m.
This is not quite sufficient, but by providing more retnforcement than is required it will
be found to be satisfactory,

Deflection - clause 3.7.8

Shear-

Internal column‘us'u:lg egquation (25} of the Code:
V,=795 kN
d={224+212)/2=218 average
x»=110043x218=1754 mm
u=4(11004+3x218)=7016 mm
M=11+11=22kNm

1.5x22x10°
795x10*% 1754

=795x1.024=5814 kN.

Note that the enhancement factor of 1.15 as suggested in the Code appears to be
conservative In this case.

v=(814 x 10%/(7016 x 218)=0.53 N/mm?.

This cannot be checked completely until the reinforcement in the direction at right
angles has been calculated, but working the reverse way from Table 3.9 of the Code we ;
. shall need an average percentage of reinforcement of approximately 0.25%. At the - s
column head itself it can be fmmd that V ;=825 kN and v, =0.86 N/mm?. R

Vg 795(1+

East—w&st direction: frame analysis

The strip for loading and for analysis will be 6.0 m ‘wide. The exterior support is a
continuous wall 175 mm thick, and we shall take a 6.0 m length, the same as the beam
strip. _
The maximum design load per metre run will be the same as in the north-south =
direction. By carrying out the same procedures as before we can arrive at design
moments which can be shown diagrammatically as follows:

T T

® ® 1o

= 300 w239 255




From the layout of the division of panels if can be seen that the column stripis 2.75 m
wide, and the middle strip is 6.0 ~2.75=3.25 m, which is made up of 2.0 m[rom 7m
wide panel and 1.25 m from 5 m wide panel.

The moments in the strips would now be apportioned in accordance with Table 3.20
of the Code, and in calculating the areas of relnforcement it must be remembered that d
will now be 212 mm. The minimum reinforcement will be as before, but due to the
slightly reduced effective depth will provide a smaller moment of resistance.

The deflection .will be checked on the exterior span As the relnforcement In both
dn‘ectmns is now known the shear around l:he ¢olumn heads can also be checked.

Simplified method T -

Maximum desigp. load per unit length=19.9 x 6==119.4 kN/m.
From Table 3.19 of the Code, F=119.4x6=716.4 kN.

Effective span, I=6~2 x 1.24/3=5.17 m for internal panels
and

I=6—(1.24+40.175)/3=5.53 m for external panels.

Bending moments:
Outer support {classed as column)=—0.04 x 716.4 % 5.53
=—158.5 kN m.
Near centre of first span =0.083 % 716.4x 5.53
‘ . =329 kN m.
First interfor support =-0.063 x716.4%5.53
’ =—250kNm .
or —0.063x716.4x5.17
=—233kNm
(The larger value would be used).
Centre of interior span =0.071x716.4x5.17
tt =263 kN m.
Interior support =-0.055%x716.4x5.17
=—204 kN m.

If one compares these moments with those from the frame analysis it can be seen that
the simplified method gives higher values in all cases. These are particularly noticeable
at the Interior supports; this is because the simplified method does not make allowance
for the flared column head.

For shear we obtain

. Frame analysis Simplified
(i) Exterior support 322 kN 322 kN
(i) First interior support 760 kN 788 kN
(lii) Interior support 708 kN 716 kN

which are very similar.

The simplified method, however, will give considerably higher column moments.
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14.10 Arrangement of reinforcement

Where a frame analysis has been carried out and a bending moment envelope derived,
the reinforcement will be curtailed in accordance with the normal detalling rules of
clause 3.12.9. For the simplified method of analysis the simplified rules of
clause 3.12.10 may be used.

Whichever methed is used, the column n strip retnforcement over the column head
so that two-thirds of the amount of retnforcement required should

be placed in a width equal to half that of the column strip and central with the column.

The detailing for the simplified method for slabs as shown in Figure 3.25 of the Code
gives dimenslons from the face of the support asa proportion of the effective span. For
columns with heads the face of the support will be.taken as the edge of the head. As
these heads can be classed as wide supports, the effective span will be the clear distance
between heads plus the effective depth of the slab. The dimensions for the middle strip
reinforcement will be the same as for the column strip.
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15.1 General requirements ":
The generally gccepted definitions of parts of a ﬂight of stairs are given In Fig. 15.1.

L ——>

G=Going
R=Rise
T="Tread
N=Nosing
W=Waist

FIG. 15.1 Notation for stairs.

Although there are different requirements for the maximum rise and going for
different occupations, the general rules for offices are:

Rise: not greater than 190 mm.
Guing: not less than 250 mm.
Number of risers in a flight: not more than 16.

Another value in common usage is that twice the rise plus the going shall be between
550 mm and 700 mm, i.e. 550 <{(2R+G)<700. ‘
Another requirement Is that for headroom the vertical distance from the pitch line
should not be less than 2.0 m, where the pitch line is a notional line connecting the
nosings of all treads in a fight. . .

‘The dimensions given above apply -to the finished stairs, not to the reinforced
concrete part of the stairs. As each staircase must have an equal rise and an equal going
for every step between consecutive floors, it frequently means that with’ different
finishes on the floors and stairs the risers at the top and bottom of the concrete stairs
have to be adjusted to suit. For example, if we have 2.85 m between finished floors we

could have 15 rises of 190 mm each (finish). If we have 50 mm finish on the lower

floor, 40 mm finish on the upper floor and 20 mm finish on the stairs, the height of the
bottom concrete riser would be 190+ 50 —20=220 mm, and the top concrete riser
would be 190—40+ 20=170 mm. This means that the junctions of treads and risers
will not lie on a straight line and will have to be taken into account when determining

15
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- In this category we have:

the thickness of the walst. If the staircase cannot be accommodated in a single flight,
then we have to provide two flights, with a landing, generally at mid height.

Stair spans may be divided broadly into two types, spanning transversely and
longitudinally.

15.2 Transverse spans

1. steps cantilever from wall at one side

2. steps span between sitpports at each side — e.g. wall, stringer beam
3. steps cantilever across a central spine beam, -

In the first twio cases the walst need only be thick enough to accommodate the
distribution reinforcement with the nNecessary cover, and thicknesses between 50 and
75 mm are adequate. This thickness is considered adeguate to provide effective lateral
distribution of load so that ‘we need only consider a uniformly distributed load. In
case (3) there is no lateral distribution between adjacent treads so that each tread must
be designed for concentrated load.

EXAMPLE 15.1

Consider a case (2) staircase with a 2.0 m effective span between centres of supporting
walls. The staircase is internal (i.e. mild exposure) without any additional finishes and"
is to carry an lmposed load of 3 kN/m?. R=175 mm, G=250 mm, N==25 mm,
W=75 mm. Use concrete Grade C35 and reinforcement Grade 460. :

b=,/(250*+-175% =305
" D=275sina+75
" =233,

There is no nniversal agreement as to how these steps should be designed, but one
method s to assume the lever arm as half the maximum thickness from the nose to the
soffit measured normal to the soffit,

Loading

Dead:
One step=}x 0.275 x 0.175 x 24=0.58 kN/m run of step
Waist =0.305x0.075x24 =0.55%N/m run of step

1.13 kN/m run of step.




S )

imposed=0.25 x 3.0=0.75 kN/m run of step. . - - . 161
Deslgn load=(1.13 x 1.4 +0.75 x 1.6) x 2=5.6 kN. , ’ . LONGITUDINAL

- h
f
—

SPANS

-

N T TPHL W ST Ay gy

-{0.13 x 1000 % 75)/100=‘98 mm?/m, Suggest 8¢ at 300 mm cer;trﬁ.

M=(5.6x2%/8=2.80 kN m.
Effective lever arm=233/2=116 mm.

- 2.8x10°
4=1T6xo0, 87 x 460

Por disiribution use

= 60 mm?. Use 1-10¢. " : 3 '

S

20 caver ﬁ____ﬂ.

B¢b at 300 a5
10 ¢ each step

153 Longltudmal spans

These stairs span between supports at the top and bottom of the flight and are
unsupported at the sides. The supports themselves may be (a) beams which are cast
monolithic with the stairs at the top and bottom of the actual stairs; or (b) beams or
walls at the outside edges of the landing; or {c) the landings themselves spanning at
right angles to the stairs. Cases (a) and (b) only are shown in Fig. 15.2, case {c) willbe -

dealt with later.

Y

o ¢ A I J [

. ~ . (I 1
(a} . (b)

FIG. 15.2 Supports for longitudinal spanning stairs.

In both cases shown, the span of the stairs will be taken as the horizontal distance I,
the stairs designed as a slab with a thickness equal to the waist thickness and the self
weight of the slab as equivalent to the weight of the stairs on the slope.

To find the weight of the waist on plan we must increase the weight on the slape by
the ratio \/(R?+G?)/G. So if R=175, G=250 the ratio Is 305/250=1.22. Therefore
the weight on plan =weight on slope x 1.22. Por estimating their weight, the steps can
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. Imposed (due to occupancy) =5.00 kN/m?

be regarded as a slab thickness equal to half the rise and no Increase is necessary to
_Obtain the weight on plan.

The imposed load, being on the treads, is the actual load on plan and need not be
increased.

In case (a) where the stairs are continnous over the beams it is usual to take the
maximum bending moment in the span as FI/10 and allow for continuity in the top
over the beams. As we are taking some continuity at the ends of the stairs we must treat
it as such when we come to detailing. ' _

For deflection, the Code now recognizes that a flight of stairs is stiffer than a slab of
thickness equal to the waist of the stairs. Where the stair flight occupies at least 609 of
the span, the allowable span/effective depth ratio can be increased by 15%. This, of
course, only applies to stajrcases spanmning in the direction of the flight and without
stringer beams. .

EXAMPLE 15.2

An internal staircase consisting of 175 mm risers and 275 mm treads with 250 mm
going is required to span a horizontal distance of 3.35 m between supporting beams at
the top and battom of the fight, the total rise of the stairs being 2.275 m (13 steps). The
treads have 15 mm granolithic finish. Design the stairs assuming they lead to a place of
public assembly without fixed seating. Concrete Grade 35 and high yield reinforce-
ment.

For a one-way spanning slab, with continuity, try a span/effective depth ratio of 30;we
can increase this by 15%, so try 34.5,

So d=3350/34.5=97 mm. For Grade 35 concrete minimum cover =20 mm, and

this will satisfy 1 hour fire resistance. If we have 12¢ bars then h=123 nm, so ry a _

waist thickness of 130 mm, d=104 mm.
Since R=175 mm and G=250 mm, ratio for weight increase=1.22.

Loading
Dead: Waist=0.130 x 1.22 x 24.0 ~=3.81 kN/m? on plan
Steps=(0.175/2) x 24.0 =2.10 kN/m’ on plan

Grano=0.015 % (275/250) x 24.0=0.40 kN/m? on plan
Total=6.31 kN/m?

Design load=6.31x1.4+5.0x 1.6 =16.8 kN/m?
Mat FI/10=16.8 x3.35%/10=18.9 kN m

. 18.9x10°
T108x 1047

and from tables
1004,/bd=0.46.

So A,=(0.46/100) x 1000 x 104 =478 mm?*/m.
Use 12¢ at 225 crs (503 mm?).

M/bd 1.75
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For deflection, modification factor for tension reinforcement Is 1.19, so
allowable ratfo=26 x 1.19 x 1.15=35.6 '
Actual ratlo=32.2.

Distribution reinforcement=(0.13 x 1000 x 130)/100 =169 mm?/m.
Use 8¢ at 300 centres.

The arrangemen!; of reinforcement is shown in Pig. 15.3.

Additional T12-225
- over supports

FIG. 15.3 Arrangement of reinforcement In Example 15.2. -

15.4 thhts or Iandmgs built into walls

Where flights or landings which span In the direction of the fiight are built at least
110 mm into the walls, a 150 mm strip adjacent to the wall may be deducted from the
loaded area. The eflective breadth of the staircase will be the clear distance projecting
from the wall plus two-thirds of the embedded distance up to a maximum of 80 mm.
This is llustrated in Fig. 15.4 and has been taken from CP110 as it appears to have
been omitted from BS8110.

For example, assume that the clear breadth of the stair in Example 15.2is 1. 5 mand
that there is an open well on one side, the stair flight being built 110 mm into a brick
wall on the other side. The loaded area may be takenon a 1 35 mm wide strip and the
effective breadth as 1.50+-#x 0.110=1.573 m.

u“: no ';";g L Loading

. 27y &y but 480 mm
Effective breadrh
[

FIG. 15.4 Flights or landings built into walls.

_xr
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The total design load on the flight=17.4x3.35%x1.35=78.7 kN,
M at FI/10=(78.7 x 3.35)/10=26.4 kN m,
This is on a breadth of 1.573 m, so

M 26.4x 10¢

BT 1573x10°x 1042 &

1004, /bd=0.42, so :
4,=(0.42/100)x 1573 x 104 =687 mm?.

This Is the total area so use 7/ 12¢ bars spaced across the 1.5 m clear breadth of stairs.
- For case (b) stairs, that is where the supports are at the outside edges of the landing, it
is more usual to consider the span as sitnply supported, the distance | being centre to

- centre of bearings. In some cases where the landing is continuous with a floor slab the

bending moment In the span is taken as Fl/10asin the last example, but thisisa matter
of individual preference. Whether it is designed with continuity or not, it must be
remembered that there will be a monolithic connection and some reinforcement should
be provided to prevent cracking,

EXAMPLE 15.3

Use the information given in Example 15.2 but now omit the beams at the top and
bottom of the flight and take the bearings at the extreme ends of the landings, which
increases the span by 1.5 m at each end,

The span is now 6.35m and designing the span as simply supported try a
span/efiective depth ratio of 24, The stair fitght does not occupy 60% of the span so no
enhancement factor.

So d==6350/24=265. Assuming 16¢ bars plus 20 cover, h=293 mm.

Try walst of 300 mm, d=272 mm,

Loading
Dead: Walst=0.30x1.22 x 24.0= 8.80 kN/m? *
Steps and finish = 2.50 kN/m?
Total = 11.30 kN/m?
Imposed; = 5.00 kN/m?

Design load=11.3 x 1.4+5 % 1.6=23.8 kN/m?
M at FI/8=23.8x6.35%/8=120kNm
M/bd*=(120 x 109/(10° x 272%)=1.62,

and from tables

1004,/bd=0.43,




So A,=(0.43/100) x 1000 x 272 =1170 mm?*/m. : : T 165

| [ Use 16¢ at 150 centres (1340 mm?)
) - a _ mm?). . FLIGHTS OR
| : For deflection, f,=288 x 1170/1340 =252 N/mm?. ' LANDINGS
= g : , - : BUILT INTO
; 7 Meadification factor for tension reinforcement=1.29,
e

WALLS

Allowable span/effective depth ratio=20x 1.29=25.8,
Actual ratio=23.3.

It will have been noticed that the loading acx;dss the whole span has beet; taken as if
the stair loading Is the same as the landing, This is obviously not the case and if one
wishes to carry out the design as accurately as possible the following method will be
adopted. . .

50 et T Sl o o gt b T e vns B e g g8 g

Landing
300 mm thick, as waist=7.20 kN/m?
Grano 0.015x24.0 =0.36 kN/m?
Total = 7.56 kN/m?.
Design load=7.56 x 1.4+ 5.0 x 1.6 =18.6 kN/m?

18:6 kNI 28 kN/m? 18- KN/m?
A 7 o
A
_I5m 3.35m g _lEm 3
1 o
2 ' 17 en .
M=18.6 x 6‘2? +(23.8—18.6)(§L52—£ -
=114 kN m. '
This is slightly less than before.

Up to now we have been considering the landings spanning in the same direction as the
stairs, but there are many cases where the landings span at right angles to the stairs,
classed as case (c) earlier on. These landings now become the supporting members
within the definition in the Code and the effective span should be taken as the clear
horizontal distance between the supporting members plus half the breadths of the
supporting members subject to maximum additions of 900 mm at both ends. So if we
have a staircase of eight goings at 250 mm with a landing at cneend of 1.5m and a
landing at the other end of 2.2 m, the span of the stair is 8 x0.25+1.50/2+0.9
{max)=3.65 m. The following example will illustrate the procedure, :

EXAMPLE 15.4

Design the stairs shown where the risers are 175 mm, golng'is 250 mm, tread is
275 mm, 25 mm tile finish on treads, 15 mm plaster on underside and an imposed load
of 3 kN/m?. ' '
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Span of stairs=0.75+2.0+0.9=3.65 m.
Using same prade of concrete as before, ie. [ =35, J;=460, and assuming continuity,
take span/effective depth ratio as 30, =122 mm, Allowing 26 mm for cover etc,
h=148 mm. Por landing if we assume a ratio of 24 (simply supported) we shall get
d=135, which means h=161 mm.

Try a walst thickness of 150 mm and landing thickness of 160 mm.
Ratto for Increase In weight due to slope=1.22.

——

Stairs
Loading Waist=0.150x 1.22x 24.0 =440 kN/m? on plan
Steps=(0.175/2) x 24.0 =2.10 kN/m?
Pinish=0.5 x 275/250 =0.55 kN/m?

Plaster=(15/25) x 0.43 x 1.36 =0.35 kN/m?
= Total dead = 7,40 kN/m?
Design load=74x1.4+3x1.6= 15.2 kN/m?.

2
15:2 kN/m
/
l T 1
A . 4
075m 4 20m [ 08m
A e — - B

Ry=15.2%2.0%1.9/3.65=15.8 kN,
Ry=30.4—15.8=14.6 kN.

Maximum M at 0.9+14.6/15.2=1.86 m from B,
M=14.6x1.86—15.2x0.96%/2=20.2 kN m.

M _202x10°
b2 107 x 1247
and from tables
1004, /bd=0.35. .
A,=(0.35/100) x 1000 x 124-% 434 mm?/m. Use 124 at 250 centres (452 mm?). i
Pactor for tension reinforcement=1.3.

1.31,
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Allowable I/d=26 x 1.3=33.8.

Actual ratio=29.4, which is satisfactory.

Distribution reinforcement=(0.13 x 1000 x 150)/100=195 mm?/m. .
Use 8¢ at 250 centres.

Landing

For small landing we shall assume load from stairs is carried uniformly on whole width,

Loading

Slab 0.16 x 24.b= 3.84 kN/m?
Finish =0.50 kN/m?
Plaster =0.26 EN/m?

Total=4.60 kN/m?*
Design load=4.6 x 1.4+ 3 x 1.6=11.2 kN/m?.

Total load per metve run of landing Is 11.2 x 1.5+ 15.8 =32.6 kN.
M at FI/8=32.6x3.25/8=43.1 kN m.
b=1500 mm, d=134 mm.

M/bd?=1.60, and from tables

1004, /bd=0.42.

A =844 mm?

This is total so use 8/12¢ bars (905 mm?).

 f=288 x 844/905 =269 N/mm? so factor for tension reinforcement=1.24.

Allowable I/d=20x 1.24=24.8,
Actual ratio=24.2, which is just satisfactory.

For the wider landing we shall assume the effective width carrying the load from the
stairs is 0.9 X 2=1.8 m. The calculations would therefore be done as for the smailer
landing, For the reinforcement in the remaining 400 mm it is suggested that bars of the
same size and spacing as for the main part of the landing slab are put in.

15.5 Stairs with quarter landings

One further type of stair is that surrounding a lift well, an example being shown in
Fig. 15.5.

At each floor level there is a beam and large landing, and between two successive
floors occur two small landings. Each small landing slab receives steel from two flights
and is supported by two walls at right angles to one another.
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FIG.15.5 Stalrssurrounding a It well,

The Code says that the loads on the small landings may be assumed to be divided
equally between the two spans. So f n, Is the load per unit area of the landings, and n, is
the load per unit area of the stairs, the loading from the flight from the |

arge landing to
small landing is: :
- ntz M i
—
J 4
dm o1 20m .

and for the flight between the small landings is:

n
n2 2 /2

4m 1E5m | T4m

D i




‘BASES

The design of bases Is dealt with in section 3.11 of the Code under pad footings and pile
caps. Pad footings considered here will be strip footings to walls, and isolated bases
carrying one or two columns. ’ S e

L]

In determining the size of a base it must be remembered that BS8004: 1986, the Code

of Practice for Foundations, gives presumed bearing values for preliminary design;

allowable bearing pressures being generally determined by permissible settlements.
Ultimate bearing capacities will have to be considered, but we shall be considering
serviceability conditions as the most critical criteria. This means that the column loads
and moments on which the column has been designed, are not the loads and moments
required in determining the base size, either pad footing or pile cap. The loads and
‘moments required are those obtained from 1.0G,, 1.0Q, and 1.0 W;, where
applicable. Where the main consideration Is the maximum direct load on a column this
will simyply be a direct proportion using the ratio of the serviceability loads to ultimate
loads at each floor to obtain the reactions due to dead and imposed loads. The reduction

factor for the imposed load depending on the number of floors carried can then be °
applied. In other cases it will require an additional line of print-cut results from the .

computer. Designers will quickly leam which is the better system, but loads an
moments will be required at serviceability and ultimate limit states. T .

When the size of the base has been determined from serviceability loadings, the base
will then be designed using ultimate loads. . : AEEREY
" TPor definitions of terms reference shiould be made to BS8004: 1986, but o the
calculations that follow it is assumed that in values given for allowable bearing pressure
allowance has been made in the net Joading intensity so that the loads to be considered
in determining the base size are those from the column and base only. In other words,
the allowable bearing pressure given Is the net loading intensity due fo éo[qﬁirfand
'base. : 4t . -~

The thickness of the base must be sufficient to resist the bending moments arid shear
forces at ultimate limit state. It must also be relatively thick, however, so that it will act
as a rigid member and not a flexible member so that the assumption made of linear
distribution of ground pressure {clause 3.11.2.1) holds good. The actual base will not
be rigid, nor will the pressure be uniform beneath it, but solutions using this concept are
usually satisfactory. o . : s

In calculations for bending moments and shear forces the weight of the base can be
ignored, and the ground pressure is calculated from the column loads only. The
uniform pressure caused by the uniform weight of the base will cancel one another. The
load to be used for these calculations is therefore the column load only, and this will be
the ultimate load N, as these calculations are at ultimate limit state.

16
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16.1.1 Moments

In an isolated base, Le. a single column or wall, the critical section for bending is taken
at the face of the column or wall (see clause 3.1 1.2.2),
The moment at any vertical section Passing completely across a base should be taken-

column load of N kN,‘as shown in Pig. 16.1. The load on the shaded portion is

N - N{fl—¢

B A (T) kN
The distance of the centre of gravity of the loaded area from the face of the
column = (I—c)/4 so the moment at the column face is (N/81) (I —c)? kN m. As the base
and column are square the moment across the column face at right angles will be the

_ same.
e ¥
2. Ll l
‘ i
|—Critical section for bending
] T
/ .
+—t :
/D 1l
. I N
A -
| { +
4 1

FIG. 16.1 .Moment in sqitare base,

The more general case of a rectangular column on a rectangular base Is shown In
Fig. 16.2. Note that L, is the longer side of the base, as given in the notation In
clause 3.11.1, although it is not referred to subsequently.

It can be readily found that’

M. =(N/8L)(,—c
M, =(/8L) (|, ~c,?

By assuming an efiective depth the area of reinforcement required can be found either
from design charts or tables. The assessment of an effective depth Is usually one of
judgement or design office procedure, but a ratio of width of base to overall thickness of
5 Is a fairly good starting polnt. In the case of a rectangular base the width s the smaller
dimension, :

Ouce one has found the area of relnforcement required, the distribution of the bars
will generally be uniform across the section constdered, but will also depend on the
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FIG.16.2 Rectangular base.

relative size of the column and pad footing. This is described in 3.11.3.2 but using a
different expression from that given below.

If 1, is greater than 1.5(c.+ 3d), then two-thirds of the reinforcement spanning in the
1, direction will be banded within a width of (¢ -+ 3d). The remainder will be spread
evenly over the outer parts of the section. )

If], is greater than 1.5(¢,+ 3d), then two-thirds of the reinforcement spanning in the
I direction will be banded w1thm a width of (c,+3d). The remainder will be spread
evenly over the outer parts of the section. '

For example, if we have a 400 x 300 column on a pad footing with an effective depth
of 450 mm, the maximum size of the base for uniform distribution of reinforcement in

both directions is

1,=1.5(300+3 x 450)=2475 mm
[,=1.5(400+3 x 450)=2625 mm

For a combined fooﬁng. the moments at sections along the line joining the centre line of

columns will be calculated as for beams, but will be taken at _thg. column faces in the

regions adjacent to the columus. . : _ ' .

In determining the size and shape of the base it will usually be based on the service
loads. If the ratio of the ultimate loads to service loads is not constant then the centre of
gravity of the loads will not remain the same and the pressure distribution at ultimate
will not be pro rata with the service pressures. This cannot be avoided, but it s felt that
the pressure distribution at service loads is the most important.

There will usually be a moment in the top of the base between the columns, but the
moments in the region of the columns may be in the top or bottom depending on how
near the columns are to the edges of the base. For example, the moments in the
longitudinal direction of the arrangement of columns shown will be as indicated by the

 tension lines in Fig. 16.3.

If the base projects beyond the column at the lefi-hand end then tenston stresses
would develop in the bottom of the base, similar to the right-hand end.

FIG. 16.3 Lines of tension stress ina particular combined base.
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In the transverse direction, i.e. at right angles to the section shown in Fig. 16.3, the
tenston stresses and hence the reinforcement wil] always be in the bottom.

The Code does not explain how to calculate the moments and hence the
reinforcement in the transverse direction, other than to say that the moments should be
taken at the face of the column.

The recommendations for the layout of reinforcement that were given In the draft for
comment are no longer included. However, the standard method of detailing structural
concrete as prepared by the Joint Committee of the Concrete Society and the Institution
of Structural Engineers does Include the original recommendations. In effect, for the
transverse direction, the combined base is treated as two individual column bases,

Consider the layout of columns shown in Fig. 16.4. This is a rectangular base Lbyl
with the centres of the columns as .. The columps are different sizes, a5 indicatedf
where c,, is greater than c,,.

=
c
lyy ‘"E_ B
3
{
"._,-. _____ {
. Cy2
-
x2 s ==
44
[ ly L

FIG. 16.4 Combined base.

A line Is drawn across the base, midway between the column centres, giving us two
bases I, by I, and 1, by 1. The moment at the face of both columns can be found from
the pressure distribution as for an individual base. The banding of the reinforcement iy
the transverse direction is then carried out for each separate area as for an individual

-base, as previously described. For example, If L, is greater than 1.5 (¢ + 3d), two-thirds

of the reinforcement is concentrated tn a band (¢ +3d) centred on the column. A
problem can arise, however, when the column face is closer than 1.5dto the edge of the'
base. The column may, in fact, be on the edge of the base. In cases where the column js
closer to the edge of the base than 1.54, it Is suggested that the band width should be
taken as the distance from the edge of the base to a line 1,54 from the column face on the
other side of the column. So for a column on the edge of the base the band width is
(c., +1.5d).

Il the reinforcement is concentrated in bands, the spacing of the reinforcement
between these bands will have to be examined to ensure it complies with the bar
spacing rules, R

For the reinforcement in the longitudinal direction, je. the I, direction, we consider
top and bottom reinforcement separately. For the bottom reinforcement we again use
the rules for an individual base. For the top retnforcement, this is banded in a width the
lesser of (¢, +3d) and (¢, + 3d) if L, Is greater than the lesser of - 1.5(c,, +3d) and
1.5(C,; +3d). N

For a trapezoidal combined base as shown in Fig. 16.5 the rules are the same as for a
rectangular base except that for the top reinforcement between the columns, all the
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_ PIG.16.5 Trapezoidal combined base.

reinforcement should lie within I,. If 1, is greater than 1.5(c,, -+ 3d) two-thirds of the
reinforcement should lie within a central band (¢, + 3d).

As will be seen later in a worked example, the traditional layout for the top
reinforcement is rather different. '

16.1.2 Shear

This is again at ultimate limit state and the design shear forcels the algebraic sum of all

ultimate vertical loads and feactions acting on one side of, dr outside the periphery of,

the critical section. : :
The critical sections are outlined below.

" () ALONG A VERTICAL SECTION EXTENDING ACROSS THE FULL WIDTH OF

THE BASE

The-rules as for slabs in clauses 3.5.5 and 3.5.6 will apply.

As discussed In Chapter 9, where we have uniformly distributed loads the critical
section will be 2d from the face of the support if the shear span is 44 or more. In the case
of an isolated column base it is possible that the shear span will be less than 4d and so
the critical section will be half the shear span from the face of the column (see Fig. 16.6)
and there will be an enhancement factor of 2d/a,.

|
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FIG. 16.6 Critical section for shear on single column base.
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The allowable stress v, is based on the area of eflective tenston reinforcement, which
means that any tenston reinforcement must continue an effective depth, or be provided
with an equivalent anchorage beyond the section being considered. Where the distance
cannot be achleved so that the amount of effective tension reinforcement is zero, then
the value In Table 3.9 of the Code for 1004, /bd of less than or equal to 0.15 will be
taken, ‘

If the column Is square of stde ¢, and the base’is square of side /, the shear force is
_l\_? I—¢
I\ ¢ )

N(l-¢\ 103 ,
T(T)x_—ld N/mm

if Nisin kN and I, ¢, d are in metres, If we assume that I=5.5d and ¢=0.5d, the
expression can be simplified to N/2400042 a,=(l—c)/4=1.25d, so 2dfa,=1.6,
Assuming 0.25% of reinforcement giving a v_ of 0.4 N/mm? we can arrive at an
equation d=8,/N where d Is in millimetres and N is i kilonewtons.

It is assumed that the reinforcement js effective at the critical section and if the
percentage of reinforcement is more than 0.25 then the answer given by the above
formula will be much greater than required.

For a combined base the shear force will be teken from the shear force diagram at the
crifical section 24, or half the shear span if less, from the face of the column,

The shear stress equals

(t) PUNCHING SHEAR

We consider punching shear along a vertica] section on the perimeter at a distance 1.54
from the column, where d is the average effective depth of the reinforcement spanuning
in two directions (see Fig. 16.7). The clause referred to here is 3.7.7, the clanse dealing
with concentrated loads on slabs. '

AT
/ t1-5::/ t
& L s

FIG. 16.7 First critical shear perimeter.

Assuming the base and column are square, the length of the first critical perimeter is
4(c+ 3d) and the shear force to be considered an this perimeter = N—p(c+ 3d)? where P
is the pressure distribution under the base, and N is the column load.

The shear stress v is obtatned from the formula

v=V/ud

where Vis the ultimate shear force, uis the effective length of the perimeter, and dis the
average effective depth.




- In obtamlng v, the shear resistance stress, it should be mmﬂnhgmd that the
enhancement factor of 2d/a, cannot be used for perimeters of 1.5d or mote from the face
of the column. Where it is desired to check on perimeters closer than 1.54, v, may be
increased by 1.5d/a,, but as the maximum shear stvess on the perlmeter of ﬂle column
ftself Is to be checked this should be satisfactory in itself. The n;unimum shear stress on
the column perimeter is the lesser of 0.8,/f, and 5 N/mm?. " ™"

The eflective stee] area to determine v, is given In clause 1.2.3,5 and is th.,-, total area
of tenston reinforcement that passes through the perimeter belng‘éu R aered and
extends at least an effective depth or 12 times the bar size beyond, the'; peﬂmcter

Where the column is close to the edge of a base, as often occurs le T{ : ymbifed base,

the requirements of 3.7.7.8 should be considered. The effective perlmeter 34 thie lesser of
the two perimeters indicated ia Fig. 16.8.

4+ Perimeter a

™~ Perimeter b

] 1-5d

L.__. Sy oy e T M U oaden,

FIG.16.8 Shear perimeters with load close to free edge.

If the base is subjected to a bending moment, the pressure under the base. will not be
uniform. To check for shear across the full width of the base is a relatively simple
operation, but to check for punching shear is not so straightforward. We areno longer
interested in the average punching shear stress as before; we require the maximum
shear stress on one face of the shear perimeter. A conservative approach Is to assiime
that the maximum average pressure due to the load and moment outside the critical

that the shear stress obtained from a uniform pressure consulenng the ve:ﬁcal load
unly is increased by a factor o R

‘.I.«- '1%"’ .‘,l- -
1+ ;M (I + a)

where M is the moment in kN m, Vis the column load in kN, I is the length of base In
metres in the direction of bending, and ais the length of the side of the critical perimeter,
in metres, in the direction of bending.

An alternative methed is to use the enhancement factor in clause 3.7.6.2 which
states that V,=1.15V, for internal columns in braced structures with approximately
equal spans.,

16.1.3 Bond and anchorage

Anchorage bond lengths will be determined from the stress in the bars at the face of the
column, and the allowable bond stresses can be obtained from clause 3.12.8.4.

 As footings are to be considered as beams and slabs the minimum percentage of
reinforcement as given in clause 3.12.5.3 will apply and for crack control the spacing of
bars is given in clasue 3.12.11. Deflection is not considered in bases.

perimeter acts uniformly over the whole base. With this assumption it.can be shown |
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- 'Try base 2.4 m square x 0.5 deep. -
- Welght of base=2.4 x 2.4 x 0.5 x 24=69 kN,
Total load=1169 kN.”

EXAMPLE 16.1

A column 400 x 400 carries a service load of 1100 kN and an ultimate load of
1650 kN. The allowable bearing pressure on the soil Is 200 kN/m?, Design a square
base usiug concrete Grade 35 and high-yield reinforcement, type 2,

Neglecting weight of base in first calculdtion, area required=1100/200 < 5.5 m,

Area required=1169/200=5.84 m?
This is more than suggested, so try base 2.5 m square x 0.5 m deep,
Pressure=1175/6.25=188 kN/m?2.

Preliminary check for shear

N=1650 kN
d=8,/1650==325 mm,

Overall depth of 500 mm wonld appear satisfactory.

Bending moment

. . 1650
Critical bending momgnt- B

Assuming adequate blinding layer, minimum cover is 40 mm.
Using 20¢ bars, average effective depth— 500—40—-20=440 mm.

M 364x108 1004,
F——m— 0-75. and from tables '—Ed——— 0.195,

(2.5-0.4)*=364 kN m.

A,=(0.195/100) x 2500 x 440=2145 mm?.

We could use 7/20¢ bars, but the spacing would then exceed 300 mm, so suggest
8/20¢ bars (2510 mm?) at 300 centres. '

Width of base for banding = 1.5(400+ 3 x 440)=2580 mm.

This is greater than actual width so reinforcement will be distributed uniformly across
base.

Anchorage bond length =(2145/2510) x 34¢ (from Table 3.29 of the Code)
=29¢ =580 mm. '




f S

Distance from column face to .edge of base less end cover is 177

1250—-200—40=1010 mm. S¢ we can use straight bars without bends unless WE  PAD FOOTINGS
need the reinforcement effective for shear.,
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Check for shear

(1) Across width of base o . '
Shear span=1050 mm which is less than 4d so check shear at 525 m,

Force--l;% 0525 34-.65kN

3
Stress =§% =0.32 N/mm?.
Reinforcement continues more than an effective depth beyond the section, so
1004, 100x2510
bd ~ 2500x440
v.=0.43 N_/z_u_x:n1 and 2dfa,=2 x 440/525=1.67.
Allowable shear stress —0.43 x 1.67=0.72 N/mm?,

=0.23,

Note: From Table 3.2 it is obvious that the shear stress Is satisl'actory. but the
calculation has been included to show the procedure. - -

Without bends on the ends of the bars the tension reinforcement becomes ineffective .
for shear resistance ata disrance of 440+40= 480 mm from the edge of the base

Shear strﬁs hcre Is
1650 N 0.480x 10°
2.5 2500 x 440

Thisis less than the mmimum value in Table 3.9 of the Code so satisfactory as straight
bar.

=029 N/mm’.

(2) Punching shear _
Perimeter =4(400+ 3 x 440) = 6880 mm.
Pressure at ultimate =264 kN/m2.

Shear Force =1650—264(0.4 + 3 x 0.44)?
=869 kN '
869 x10°

. ____.__=" ,
Shear stress= 5850 %< 240 0.29 N/mm?.

-,

055

Perimeter is at a distance of 1,5 x 440 = 660 mm from face of column and so, to be
_effective, tension reinforcement must extend 435 mm beyond this to a distance of

‘{1095 mm from face of column. This is not necessary as shear stress is less than
minimum value.
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A detal] of the base is shown in Fig. 16.9, .
In this example, if we consider ag ultimate bending moment from the column of
80 kN m, the enhancement factor is

3xB80
1 +m (2.5+ 1.72)-—1.10

and so the shear stress ‘would become 0.32 N/mm? which is still jess than the
minimrm,

500

1 ! N
, l40cover 2500  \8T20-300EwW ]
1 - —
FIG. 16.9 Detail of base,

angles to the line joining the centre line of columns, The allowable bearing pressure |5
200 kN/m?. Design the base using concrete Grade 35 and high-yield relnforcement,

i ?
i 5500 L
f —

Service loads

Column A: 1340 kN, column B: 2000 kN,
Centre of gravity of loads = (2000 x 5.5)/3340=3.293 m from centre of column A.
Length of base required = 2(0.3 +3.293)=7.186, say 7.2 m.
Assuming base Is 500 mm thick, allowable pressure for column loadsis 188 kN/m?, so
width of base .
=3340/(7.2 x 188)
=2.47 m, say 2.5.




Ultimate loads

Using factors of 1.4 m on dead loads and 1.6 on imposed loads, the ultdmate loads are
column A: 1992 kN, column B: 2978 kN.

Centre of gravity of loads = 2978 % 5.5/4970=3.295 m from centre of column A, This
Is virtually the same as for service loads and at the centre of the base, so a unl!‘orm
pressure will be assumed.

Net pressure=4970/(7.2 x 2. 5) 276 kN/m 690 k.N/m run in longitudinal dlrec—
tion.

The maximum negative moment between the column occurs at the section of zero
shear. Let x be the distance from the Inside face of column A; then

_1992—690 x0.6
- 690

f.e. 2.89 m from the edge of the base,

=2.29m,

At this section, moment
=(690 x 2.89%)/2--1992 % 2,59
=—2277 kN m.

M/bd*=4.8 assuming 40‘mm cover and 25¢ bars.

Thisis wi_thin the limits of tension reinforcement only, but would require approximately
16 000 mm? of reinforcement,

The overall thickness originally chosen would, therefore, appear to be unsatisfactory.
Try a base 1000 mm thick,

This will reduce pressure ‘available for column loads ta 176 KN/m?, so breadth of base
will be increased to 3340/(7.2 x 176)=2.63 m, say 2.7 m.

At nltimate net pressure=4970/(7.2 x 2.7)
. =256 kN/m?
=690 kN/m run (as before).

Base is 7.2 m long by 2.7 m wide by 1.0 m thick.

Distribution of forces and shear force diagram are shown in Fig. 16.10.
If one treats the column loads as uniformly distributed loads the bending moment
diagram is as showp' in Fig. 16.11.

Flexure

Longitudinal direction
Maximum moment=2277 kN m.
Assume d=1000—40—25/2=947.5, say 945.

M 2277 x10°
Bd? 2700x 945 094,

and from tables %—.— 0.25.

A,=6379 mm”
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FIG.16.10 Shear force diagram.
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FIG. 16.11 Bending moment diagram.

Suggest 13/25¢ (6380 mm?).

Width of base=2700, which is less than
distributed uniformly across base in top.

Moment at interior face of column 4=473 kN m.

M/bd*=0.2, so minimum reinforcement must be provided,
Minimum area of reinforcement=0.13 x 2700 x 1000/100
=3510 mm? (or 1300 mm?/m).

| 600, 100
T 1

1.5 (45043 x 945), so reinforcement




This requires 8/25¢ (3930 mm?), which can be obtained by curtailing some of. the 181

14/25¢ bars In the top. : PAD FOOTINGS
The moment in the bottom at the exterior face of column B is less than above, so

again minimum area of reinforcement will control. The area of reinforcement that

would be required is 1163 mm?, so the anchorage bond length can be reduced in the

ratio of the reinforcement required to that supplied,

-

Transverse direction )
At column A, the ‘efective’ base width to be considered is 0.3 +5.5/2=3.05 m.

This again is less than 1.5(0.6+ 3 x 0.92), the effective depth in this direction being
taken as 920 mm, so banding of reinforcement will not be necessary. :

Moment at face of column =256 x 3.05 x (1.35—0.225)*/2
=494 kN m.

From previous calculations it can be seen that minimum area of reinforcement wilt
control.

At column B, the situation will be very similar.

So, for reinforcement in transverse direction use 20¢ at 225 centres (1396 mm?*/m)
distributed along the whole length of the base.

This reinforcement will also be required for the top bars as secondary reinforcement.

Shear

Before doing the shear calculations it is necessary to determine the effective area of
tension reinforcement. From the previous calculations for flexure, it can be seen that
the top bars could be curtailed, particularly at the column faces. Bearing in mind the
fact that they must continue at least an effective depth beyond the theoretical cut-off
point it Is suggested that this s not done. As the point of contraflexure is virtually at the
inside face of Column B the top reinforcement will continue an effective depth beyond
this point.

('a) Across the full width of the base

In the longitudinal direction check the shear at half the shear span frc;m the inside face
of the interior column, i.e. at a distance of 1.305 m from the face of the column.

Shear force is 902 kN.

902 x 10}
— e XY 0.35 N/mm?.
Shear stress 2700 % 945 35 N/

1004, 100x 6380_0 25

bd  2700x945
v,=0.25 N/mm?,
This is satisfactory without using the enhancement factor for 2dfa,.

{b) Punching shear

The first critical perimeter is outside the base, so all we can check is the perimeter of the
column. Co :
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Column A: Load =1992 kN; perimeter= 2 x 600+450=1650 mm.
Average effective depth, d= 1000—-40—25=935,

_ 1992 x 1000
Y= 1650% 935

which is less than 0.8,/35.
Column B: Load =2978 kN; perimeter=4 x 600 = 2400,
v=1.32 N/mm?*.

=1.29 N/mm?,

EXAMPLE 16.3 = -

In Example 16.2 the base could not protrude beyond the outer face of the exterior
column. If we now assume that the criterion Is reversed and that the base cannot
protrude beyond the inner face of the interior column it can quickly be established that
a rectangular base will not be applicable.

b 3293 | 2207 , .03
x| PP
= oo § - - —D
' L 501 !

1 L4 .
ke~ Limit of rectangular base

We shall therefore need a trapezoidal base as shown:

I|\2-50;E’
{

[ j
‘ l

Assuming a base 1 m thick then
Ya+b)x I=3340/176=19

and

[(2a+b)/3(a+b)] x 1=2.507,

There are several solutions to these equations, but a cannot be less than 0.45 m and |

cannot be less than 6.] m.

Taking I=6.1 m, it can be found that a=1.45 m and b=4.8 m gives a satisfactory

solution, and the base will not protrude beyond the column faces at both ends,
4970 x 2

= - 2 i -
Pressure under the base E1xE635 260.7 kN/m? at ultimate

The loads on the base, the shear force diagram and BM diagram in the longitudinal
direction are as shown in Figure 16.12.
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671 kNm \

FIG.16.12 Shear force and bending moment diagram.

The maxiraum negative moment is 3061 kN m.
Assume d=1000—-40—15=945.

At point of maximum bending,
width of base=1.45 +(3.26/6.10)/3.35 =324 m.
M 3061x10° 1004,

M _3061x10° _, e ond from tables — et = 0.28.
= 3240 x 945 1.06 and from tables = 0.28

A,=8573 mm?.

This conld be 7/40¢ (8800 mm?) or 11/32¢ (8850 mm?).

If the recommendations of the detailing committee are followed, then this reinforce-
ment will be concentrated in a band 1.45 m along the length of the base. The regions of
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6T20-225intop

10T3Z2-125in top

"

il

/

4725-350 in top
{alternative o above)

FI1G. 16.13 Longitudinal reinforcement.

the base outside this band would need minimum reinforcement and the layout of the
top steel in the longitudinal direction would be as shown in Fig. 16.13,

An alternative arrangement, which would appear to comply with one interpretation
of clause 3.11.3.2 in the Code, Is shown in Figure 16.14. This arrangement is shown in
books on reinforced concrete detailing and is certainly more economical. The decision
must be left to the designer as to which method is adopted.

The transverse reinforcement in the top will be the same in both arrangements and
will be the minimum reinforcement. i.e. 1300 mm?*/m.

In the transverse direction we now have to divide the base into separate areas and
calculate the bending moments at the faces of the columns.

11T32-300 intop

FIG. 16.14 Alternative to Fig. 16.13.




—
|
Exterior ‘ interior
[ 4-Bm
1.45 m -—%— . . 7/_.
T~ - - -2
. 1-2625m
|
—

| 3-05m L 3-05m
4

Moment at face of interior column

=[3.05 x (1.2625%/2) +(3.05/2) x 0.8375 x 1.542] x 260.7
=1147 kN m. !

Assuming d=1000—40—-15=945,

M 1147x10° _

—_— = =042,
bd* 3050 x 945°

This requires less than the minimum area of tension reinforcement, but as we may need
the area for banding it will be calculated:

z/d=0.95.
So

_ 1147 x 10°
17 0.87 x 460 x 0.95 x 945

= 3193 mm?= 1047 mm?/m.

As the column is on the edge of the base, the criteria for banding will be taken as
comparing the width ol the base, 3050 mm. with 1.5(c,4-1.5d)=1.5(600+1.5 x
945)= 3026 mm. These values are almost the same, and even if the actual area of
reinforcement is calculated and then concentrated in a band approximately 2 m wide it
will be found that the minimum reinforcement still covers this. So use the minimum
reinforcement of 25¢ at 350 centres. . ) '

The same will apply to the exterior column so we end up with the minimum
reinforcement in both directions in the bottom of the base.

Shear

For shear calculations we need a layout of the reinforcement, and for the reinforcement
ir1 the top in the longitudinal direction we will assume the alternative arrangement as
shown in Fig. 16.14. A longitudinal section will be as shown in Fig. 16.15.

185
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R R Y T T Ty « T

| 8T25-3s0 . 18725-350

FIG. 16.15 Longitudinal section.

. - i
{a) Across full width of base

At half the shear span, i.e. 1.33 m from face of exterior column, shear force =996 kN i
and width of base=2.51 m,

996 x 10°
= e——r——— " 2 2.
V= 325T0x94p _ O-*2 N/mm

1004, 100 x 8850
bd ~ 2510x940

v.=0.50 N/mm?,

=0.375.

This is satisfactory without using enhancement factor of 2d/a,. i
At "hall the shear span, ie. 1.12m from face of interior column. shear
force=1037 kN and width of base=3.85 m.

v=0.29 N/mm?. This is less than 0.34 N/mm?. so is satisfactory,

{(b) Punching shear

d for top steel is 940 mm, and for bottom steel is 945 mm, so average =942.5 mm: but
use 940 mm. :

Exterior column does not have a critical perimeter inside the base.

Interior column would appear to have a three-sided critical perimeter at
1.5 x 940=1410 from face of column, but from the diagram a more critical perimeter
would be a line completely across the base, From the calculations above this would be
satisfactory. ’

Shear stress on column perimeter only

_ 2978 x 10

— 2 -
= 1800 x 545 — 1-76 N/mm’ ie. <0.8'x /35,




16.2 Pile caps T

Pile caps are designed either on the beam theory or truss theory to determine the main
tension reinforcement in the bottom of the cap. ’

The truss theory only applies to pile caps with up to five piles, and in this method the
load from the column Is transmitted to the piles by inclined thrust and the tie necessary
to maintain equilibrium is provided by reinforcement.

If the ultimate load on the column is N and we have two piles the load on each pile is
N/2. The forces can be represented diagrammatically thus:

=
S
[
-

2{

From the diagram of forces,

T _I,
. w2 d

Avrea of reinforcement requii:ed is

NI
T——z-E.

Nl
2d%0.87 ],

In the simple frame described above, the dimensions of the column have been ignored.

In the May and June 1954 issues of Civil Engineering and Public Works Review, -

Mr H. T. Yan has analysed the effects of taking the column size into consideration. If the
column Is square of side 2a, it will be found that

= N 2 2
T= o (30 —a?).

(If a is put equal to zero the answer becomes the same as above.) Mr Yan has extended
the analysis to three and four-pile groups and a summary of the results is given in
Fig. 16.16. It should be noted that the four-pile group has been extended to cover a five-
pile group where one pile is immediately beneath the column. It will be seen from the
diagrams In Fig. 16.16 that the tie force Is given between a pair of piles, as this was the

J
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74 : EE; I . N gy N

Tensile forces across pile cap
Pile group Column size taken into Column sizp
account ignored

] 2a A
2 + $_ +_ TAB=%(312—62) Tda=%
—2(—af -
7 &
N
S 2a - TBC:TBTd(4]Z+bI—3az) Tp=Toe=T, -
3 \( _._.$?b__ .-
. _r N o, __2NI
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21—+ :
—2{—y
o . . 3 A : N .
! 20 *—T To=Tae =15 3P ~a)  Tyu=Ty=T,=1,
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AB"_‘TCD = 1214

' -
o b 2 1
P - ’[ 0.8N
' ‘I 2a : - To=Tae= 1214 (3P ~a? TAa=Tac=Tcn=Tud
sl @l |2’ 0.8
* o=To= N 3y _08NI

£ i 12id 4d
b

FIG.16.16 Pile caps — truss theory. Notation: Distance between centre of piles=2/; ultimate
load aon pile cap=N: with a square base plate q=5§.

way the cap was analysed, In using the truss theory, therefore, it has usually been the
practice to band the reinforcerment along the lines joining the piles. The Code now
suggests that this method of banding is only necessary if the piles are spaced at more
than three times the pile diameter. For the more normal spacing of three times the pile
diameter the total retnforcement forming the tie force in one direction can be distributed
uniformly across the cap.

With a three-pile cap designed on the truss theory, it is difficult to see how this can be
done and it is suggested that the reinforcement is banded along the centre lines joining
the piles.

In all cases when the truss theory s used it must be remembered that the
reinforcement has a constant force in it between the centres of piles. It must therefore
have an anchorage for this force beyond the centre of the piles, i.e. the lower nodes of
the truss.

- . e e e e e en .

.




This can sometimes present problems as large radlus bands are required. Wi:lere the

reinforcement has been banded, the high compression from the pile in this area will
mean that a shorter anchorage length would be satisfactory. Tests carried out at the
Cement and Concrete Association have shown this to be the case if fexure governs. If
the reinforcement is uniformly distributed then this ‘pinching’ action does not occur
and a proper anchorage s required.

As with pad footings, pile caps must also be relatively thick so that they can be classed
as rigid. In the case of pile caps designed using the truss theory it is suggested that the
effective depth Is approximately half the distance between the centre of plles. This
means the truss has an angle of approximately 45°,

With pile gfoups of more than five the beam theory should be used. For this reason
many designers use the beam theory for all pile caps. The bending moment is now found
at the face of the column and the reinforcement requires a satisfactory anchorage
length from this point. The pile cap is considered as having simply supported ends so
there must be a 12¢ anchorage beyond the centre line of the piles. With the beam
theory the reinforcement is usually distributed uniformly across the cap.

As with pad footings we have shear across the width of the cap and also punching
shear.

For shear across the full width of the cap, the Code refers the reader to the slab
clauses.

For the ephancement factor of 2d/a,, the dimension a, is the djstance between the
face of the column and a line 20% of the pile diameter inside the pile as illustrated.

]
1—\ Fa
a, M, s
i v r I ‘
_% . :!"} . q:\
].. Ay ’
~ -
Rowt Row 2

If the spacing of the piles across the section is less than three times the plle diameter
the enhancement factor may be applied over the whole of the section. Where the
spacing is greater, the enhancement is only applied to strips equal to three times the pile
diameter centred on each pile.

As with the banding of the reinforcement using the truss theory where the pile
centres are more than three times the pile diameter, a problem can arise if the pile cap
does not extend a pile diameter beyond the pile. It is suggested for both cases that the
band width should be the distance from the edge of the cap to the pileTace plus two pile
diameters or three pile diameters, whichever is the lesser. _

For punching shear the main requirement is around the perimeter of the column
itself and this must not exceed 0.8.//,.

However, if the spacing of the piles Is greater than three times the pile diameter,
punching shear should be checked on a perimeter as given in Fig. 16.7 fora pad footing,

EXAMPLE 16.4

A four-pile group supports a 500 mm square column carrying an ultimate load of

2800 kN. The piles are 450 mum diameter and are spaced at 1350 mm centres. Using .

concrete Grade 35 and high-yield reinforcement type 2. design the cap.
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_190 Try an eflective depth of cap as 650 mm, which is approximately half the pile
BASES spacing.
Assume depth is 750 mm, with cover of 75 mm, so average d =650 mm, Extend the
cap 150 mm beyond the piles, so the cap will be 2100 mm square.

5
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Using truss theory and taking column size into account,
2 x2800(3 x 6752—230%)

total force in each direction=2T=

. 12 x 675 x 650
=1387kN.
Note that, ignoring column size, force = 1454 kN.
3 - |
_ 1387x10 — 3466 mm?.

" 0.87 x 460

Try 8T25 (3930 mm’) at 275 centres in both directions as pile centres do not exceed ’
three times pile diameter,

Anchorage bond length beyond centre line of pile '
=34x(3466/3930)x ¢ =30¢ =750 mm

and stress in bars ‘
'~0.87 x 460 3466/3930=353 N/mmZ.

Allowing for 75 mm end cover, the distance available is 300 mm, so the bar will need to
turn up the cap. As the bar will be stressed beyond the end of the bend, the bearing stress
inside the beud.must be checked. ) _

Thedistance a, 15 275 mm and from Appendix 3 it can be seen that an internal radius
of 5¢ will be required. Using BS4466, the length of the bar from the centre line of the
pile and tuming up to a distance of 100 mm from the top is
300+ 550 —(radius/2)— ¢ =762 mm. ' .

So this will be satisfactory.

Shear

(a) Punching shear around column perimeter

2800 x 10 2 :
=" 32 L Le. 2
T %500 % 650 2,15 N/mm?, i.e. less than 0.8,/35 (4.7 N/mm )




(b) Across the full width of the cap

1400 x 10*
= —_—— = |, 2
V=1400kN, v 2100 %650 1.03 N/mm?.

a,=675—250~225+0.2 x 450=290,
So 2d/a,=1300/290=4.48.

1004, 100x 3930
bd _ 2100x 650

v,=0.47 N/mm?.
Allowable shear stress =4.48 x.0.47 =2.09 N/mm?.

=0.29.

Shear Is- satisfactory as reinforcement projects more than 650mm beyond the
section.

- For horizontal binders it is suggested that 25% of the main tension steel be used
A detail of the reinforcement will be as shown.

I

!
‘ . | 3“5;‘-‘50

1 |
1 1 | 9T2Sineqcen |}
direction

Alternative design using beam theory

Bending moment at face of column =1400(0.675 —0.25)

) ] =595 kN m.
M 595x10
= e — == 0.67.
bd* "~ 2100 x 650° 7
1004,

From tables == 0.175, A,=2389 mm’.
8/20¢ bars (2510 mm?) will do this.

This is far less than for the truss theory and the anchorage length will be from the face of
the column so there will be ample room for this and a standard 3¢ radius bend will be
sufficient, if required.

1004, 100x 2510
bd 2100 %650

Enhancement factor, as before, =4.48 so allowable shear stress= 1.8 N/mm? which is
satisfactory.

As this reinforcement must project an effective depth beyond the critical section for
shear the bars will have to be turned up the side of the cap.

Shear.

=0.18, so v.=0.4 N/mm?,
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From this example it can be seen that the beam theory requires far less reinforcement
than the truss theory. It is felt, however, that the cap will behave more as a truss thana
beam. .

When the pile cap is subjected to a bending moment in addition to a direct force, the
loads on the piles will not be equal. Using the truss theory for small pile groups it is
suggested that to find the maximum tensile force T, the load N is made equal to the
maximum pile reaction (excluding the weight of the cap), multiplied by the number of
piles, and then substituted in the formula. ‘

For larger pile groups when using the beam theory. the loads on individual piles can
be found using the well known formula

. . 9T20 ineach
direction

__'Pq + bﬁgxﬂ ' h&ly;
D Y TS SN Rl Y OE N

where Q, is the load on a pile with appropriate suffixes (kN). N is the column load (kN},
ny, is the total number of piles, e,. e, are the eccentricities of column load in relation to
group axes {my), x,. 4, are the coordinates of the pile Q, in relation to the group of axes
(m), and x,, y, are the coordinates of the piles {m). :

Moments and shears in particular directions can then be found using the appropriate
pile loads. :

Q.
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-

CP110 dealt with torsion for the first time In a structural code, and although BS8110
has continued with this, it has been put into Part 2 of the' Code. Presumably this is
because —~ to quote 2.4.1 In Part 2 - ‘in normal slab and beam construction specific
calculations are not usually necessary, torsional cracking being adequately controlled
by shear reinforcement,’ ' ERREE R

- The clause goes on to say that when the design relies on torsional resistance of a
member the recommendations that are given should be taken into account. So when is
torsion to be taken into account? e .

Quite obviously, if the main effect is due to torsion, then it must be considered. But in
many cases it is not always so clear. Take a beam and slab construction as shown in
Figure 17.1. . e T
"’ _ Secondary beam

*v-* o o (Trimming epening
<=t rq“s_lubl ]

Torsion cracking
T bkely -

Torsion not normally @’
problem even though
cracking may occur

FIG. 17.1 Tarsion due to rotation.

Owing to asymumietric loading of the slabs torsion is induced in the beams supporting
the slabs, but this is generally relieved by the beam twisting slightly and shedding this
torsion into the supported slabs in the form of bending moment. The beam, In fact,
undergoes twist which does not significantly aflect its flexural strength, and it is not
relied upon to resist torsion. Broadly speaking experience has shown that torsion
arising from statical indeterminancy or continnity may be ignored because lack of
torsional resistance does mot cause collapse, whereas that arising due to statical
determinancy or non-continuity may not be ignored because lack of torsional
resistance would cause collapse, } :

There are obvious exceptions to this rule. First, experience has shown that small
amounts of torsion in statically determinate cases causes no significant reduction in
flexural capacity and can be resisted provided nominal stirrup resistance is provided. So

“the Code suggests that torsion may be ignored in conventional beam and slab design.
One should, however consider cases that may arise\ldur'mg construction, e.g.
unbalanced loading.

Secondly, some statically indeterminate members may have to undergo exception-
ally larger amounts of twist to enable them to shed the torque back into the members
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causing it. This may cause severe cracking which could be detrimental to the shear and
flexural strength. In this case the torque should be assessed from analysis and taken
Into account. In Fig, 17.1 the short lengths of beams are subject to a high rate of twist
due to the deflection of the secondary beam. The torque in these beam lengths would
have to be assessed from their torstonal stiffness and the end rotation of the trimming
beam. : :

The flexural rigidity of a member is El where E is obtained from Section Seven of
Part 2 and Iis calculated from the concrete section. The torsional rigidity is GC where G
shall be taken as 0.42F and C, the torsional constant, is half the St Venant value
associated with the plain concrete section. The justification for taking the value of C as
half the theoretical stifiness of the plain section is the result of a series bf tests.

These values are only used when a frame is analysed and the following examples
should clarify what is meant by C.

If we call ] the torsion constant for the plain concrete section then C=1].

{a) RECTANGULAR SECTION

Minimum dimension b h E
Maximum dimension k -

P
J=7vb’h where y depends on the ratio of h/b.

This was discovered by St Venant and ig various text books can be found tables giving
values for y (it may not always be called ¥ but it will usually be a Greek symbol),

The Code uses the terms Mo and b in equation (1) of clause 2.4.3, and the symbol

should be J, not C as printed. In view.of the example that follows we will stay with h and
b,

Some values of y are as follows:

h/b 1 1.5 2 3 5 >5
3 014 020 023 026 029 033

A formula which will give values within 49 is

b/ bt
=0.33-021-{1—-——_1.
’ h(l 1zh4)

(b) TEE, I OR ELL SECTIONS




I._.}rlblh+y1ht3(b —b,)+yhi(b— b)

The y's depend on the individual h/b ratios for each rectangle, where it should be
remembered that h and b are the maximum and minimum dlmenslons respectively, e.g.
for the top flange h is (b,—b,) and b is h,.

A different value will be found If the section is divided up as follows:

[ "
] ]

]
- r Clt |

!

' t

h b —n b‘, e . h_bl =R,
rs F
1 o
| 8, si ]

I= 7xht3br.+?1hgbt+Ysb:(h“‘ht—hb),-

In codes used by other countries where torsion clauses are included and are based on
the work of Professor Cowan, it is the latter method of dividing up the section which is
sugpested. BS8110 suggests that the division of the section should be arranged so as to
maximize the calculated stiffiness. This means generally taking the widest rectangle as
long as possible. So {[ b, Is greater than h, and h, use the first method of dividing up the
section. If not, then use the second method

A comparison of numerical values obtained for the same section Is as follows:

200+ 200=400
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TORSION

| AR 600
T
150 150
550 200 200 300
100 100
X
500
150 + 150 =300
J=0.25 x 150" x 400 J=0.28 x 150° x 600 -
+0.25 x 200% x 550 +0.20 x 2007 x 300
+4+0.26 x 100° % 300 +0.29 x 100° x 500
=1.515x% 10° =1.192x 10°

The method suggested in the Code gives the greater value.

Soif we have to find the torsional moment In a statically indeterminate frame, we can
do this by distributing the moment at the joint in the ratio of the stifiness. A simple
example of this will be done later.
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A more normal case will be g statically determinate ane. i.e. where the

torsional
moment is readily calculated. For example:

Floor unir spanning
on to adge beqgm Edge
| beam

¥

-

The };orsionaf shear stress v, is calculated using plastic distribution formulae and the
Code gives equation (2) for rectangular beams as

2T
h:ﬂn ”lrnu - hmlu/3 ) .

where T is the torsional moment at the ultimate limitstate, h,, is the smaller dimension
of the section, and h___ is the larger dimension. This equation is derived from the sand
heap analogy and is in several text books but will be summarized briefly.

The sand heap analogy is developed from the membrane analogy. so we start with
that, o

V=

1 7.1 MembraneAanangy

The membrane analogy establishes certain relations between the deflected surface of a
uniformly loaded membrane and the distribution of stresses in a twisted member, .
Imagine a soap film on the end of a circular hollow box. Blow into the box: the film will
expand cutwards. The Blm is subjected to a uniform pressure (it may be a child with a
clay pipe).

It can be shown that the differential equation of the deflected surface of this
membrane has the same form as the equation which determines the stress distribution
over the cross-section of the twisted member.

The following relationships exist between the surface of the membrane and the
distribution of shearing stresses in a twisted member.

1. The tangent to a contour line at any point of the deflected membrane gives the

direction of the shearing stress at the corresponding point in the cross section of the
twisted member;

Contour line
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2. The slope of the membrane at any point is equal to the maguitude of the torsional
shearing stress at the corresponding point in the twisted member;

| o

3. Twice the volume included between the surface of the deflected membrane and the
plane of its.outline s equal to the torque In the twisted member.

l |

With a square or rectangular section the surface of the deflected membrane may be
represented by contour lines. ' '

d . =4

The stress is inversely proportional to the distance between these lines: henceitislarger
where the lines are closer together, Le. the slope is greater. The maximum stress occurs
at points m, where the slope s largest. At the corners a, B, ¢, d where the surface of the
membrane coincides with the plane of the contour abed, the slope of this surface is zero.
Hence the torsional shearing stress at these points is zero, and is also zero at the
centroid. ) .

As the pressure increases the height of the bubble increases and one comes to the
point where the material of the member yields. This obviously starts at the outside, as
the stresses are greater, So we have the outer portion yielding while the inner portion is
still behaving elastically. To extend the membrane analogy it is now necessary tousea
rieid cone together with the membrane. '

The slope of the cone represents the yield str'é?\'r:}‘to the proper scale. So once the
material yields the membrane coincides with the slope of the cone in the areas where
yielding has taken place, while the inner portion still has the curved membrane. In the
limit the membrane has the same shape as the cone.
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When we say a cone, it is really on}
section it is a pyramid and {or a rectang
lines showing the loads carried by bea
slab. Alternatively, if one pours sand o

Y @ cone for a circular member. For a square
ular section It is like 3 hipped roof surface or the
ms supporting a rectangular two-way spanning

nto a flat rectangular plate this shape is obtained:
that is where the ‘sand heap’ analogy comes in.

So the membrane analogy is for elastic beh
ultimate behaviour, As we are considering ul
shall consider.. -

Twice the volume under this roof is the ultimate torque. So if you consider a
rectangular section we can derive the Code equations as follows.

aviour and the sand heap is for plastic or
timate this straight-line shape is what we

17.2  Derivation of Code equations for rectangular sections

Volume =3h2, H+ I, (h — b H

— hmln hml:_hmln o
_hm‘“H(T+_—_‘2 /s
Beyadl ?’"_’:\ '
= _é—' (hﬂux."'hl'nin/‘3 )' L
H
Slope 8 =hmjn/2 =V,
ie. H=vh_ /2.

2
SO Volume ZV‘_f;n.l_h“' (hml: _-hmin/3)'

T=twice volume,

N 27 |
N h:un(hmu_ hﬂﬂﬂ/B) '

which is equation {2) of the Code,

So v,




- Table 2.3 of the Code gives values for v, and v, with Table 2.4 giving
recommendations for reinforcement for combinations of shear and torsion. '

If the torsional shear stress, v, as calculated from equation (2) Is less than the
appropriate value of v, . calculations for torsion reinforcement are not necessary.
Shear reinforcement, elther minimum or designed, will be provided depending on
whether v is less than or greater than (v.+0.4). If v, Is greater than Vo, then
calculations for torsion reinforcement are required. If the shear stress Is greater.than
(v,+0.4) then design shear reinforcement is required and will be added to that requited
for torsion. g ' S

On the other hand, if the shear stress is less than {v_+ 0.4}, the Code says that torsion
reinforcement only Is required, but this must not be less than minimum shear
reinforcement. This may be reasonable If the shear stress Is very low, but if It is
approaching (v.-+0.4) it is difficult to see how minimum links would cope with shear
and torsion. A better approach would seem to be to say thatif v is greater than v , but
less than v_+ 0.4, the torsion reinforcement should be added to the minimum ;hear
reinforcement. _

In no case, however, can the total shear stress arising from shear force and torsion
exceed the appropriate value of v,, in Table 2.3,

Where v, exceeds v, the forsional reinforcement should consist of rectangular
closed links together with longitudinal reinforcement and is additional to reinforce-
mient required for bending and shear.,

As will be realized the cracks developing from torsion are inclined diagonally on all

four faces of a beam.
) 1\
s 0 i Sy e wagay G
S/
\//Q\ Al ~\ N
/rv "4 T i v kY
Links =~ /
: Longitudinal
bars

The most effective way to reinforce would therelore be two diagonal spirals which
would have to go in opposite directions. This is not very easy to make, so vertical
stirrups are used to cope with the vertical component and horizontal bars to take the
horizontal component. The corner bars are very important as not only do they prevent
bearing failure inside the bends, but they also help to control the resisting forces where
they turm from one plane to the next plane at right angles.

For links we have

A T

~ 0.8x,,{0.87f,)

where A_, Is the area of two legs of closed links at a section, s, is the spacing of the links,
x, is the smaller centre-tocentre dimension of the links, y, is the larger centre-to-centre
dimension of the links, and f, is the characteristic strength’ of the links. It should be

Tw
IS“
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" following formula:

noted that for A4,.. i the section is reinforced with multiple links. only the area of the legs
closest to the outside of the section should be used. .

The 0.8 in the denominator is an efficiency factor on the reinforcement stress as the
full design ‘stress cannot be achieved without spalling the concrete.* '

For sections where y, is less than 550 mm. the Code says that the torsional shear
stress alone shall not exceed v, 4,/550. This again has been derived from tests where, in
order to keep the 0.8 efficiency factor, a limit had to be set on the torsional stress in cases
whiere y, is less than 550. There is no magic about the figure 550. It is just that this
value came out of test results and is the best value to be taken when the spalling at
corners had a serfous effect. A

The spacing of links should not exceed the least of x,. 4;/2 or 200 mm. So where
there is a square section such that x, equals 4. then the spacing is x,/2 or 200. The
links themselves are to be of the closed type similar to shape code 74 in BS4466, i.e.

Longitudinal reinforcement is given by the formula

A f )
A:lz—‘!&" (-"-‘rf‘y;)- : .
s, 1, '
This formula is derived from the requirement that tests show the best results are N

obtained by using equal volumes of hoop and longitudinal steel.

This longitudinal reinforcement should be distributed evenly around the perimeter,
with at least one bar in each corner. Where flexural reinforcement is required the
additional area for torsion can be added to this so that larger bars than required for
flexure can be used or, of course, additional bars can be put in. The clear distance
between longitudinal reinforcing bars should not exceed 300 mm.

All torsion reinforcement should extend a distance at least equal to the largest
dimension of the section beyond where it ceases to be required.

17.3 Tee, Ell and [ beams

For apportioning the torsional moment in individual rectangles the Code git;'es the

—_ . (h:ﬂn hmu)

z(hr?\in hmax) -

where T" is for an individual rectangle and Yh!, /r___is the sum of the component

rectangles, .
As mentioned previously the section is divided up irito component rectangles so as to

maximize ) i3, ... and this is done by making wide rectangles as long as possible.




- For example: - -

201
! 400 — BOX SECTIONS
\ T 'y
-
100 8 I | 8
Tee beam ‘- 500
x
200
Y HA o =(200)° x 500 +(100)® x 200
=4x%x10°+0.2x 10°

=42 x 107 mm*.
So

© T,=Tx4/4.2=0.95T.
T,=Tx0.2/4.2=0.05 T.

Having found the individual torsional moments we can now put these into the equation
and find the individual torsional shear stress, and reinforcement provided accordingly.

In the final detailing stirrups should be extended so that the component rectangles are
properly tied together, thus:

[ ]

17.4 Box sections

Where the wall thicknesses are greater than one-quarter of the overall thickness in the
direction being measured, they can be considered as solid sections. For other sections,

specialist literature should be consulted, but for a thin-walled section as shown, the
Bredt equation is often used, which gives:

torsional stress in wall =

244,
L._nponert

torsional stress in tap or bottom =

2t,A,
where A,=area within median line, i.e. (B—¢,)(H—t,).

|_|soasto -
ossible.
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the distance from Q, the shear centre, to the centre line of the web i Biven by the
equation ’

e=bh’t/41

where b, h, ¢ are as indicated, and I_is the second moment of area of the whole section
with respect to X-x.

If the web is a different thickness from the flange it will be necessary to calculate the -
position mare accurately. but for a sma]] difference of up to 239 it will be sufficiently
accurate to substitute the lange thickness for t. As example using the shear centre j5
given in Example 17.1, '

EXAMPLE 17.1

The edge beam shown below has aspan of 14 m and is fully restrained at the ends. The
ends of simply supported floor slabs of &.() m span rest on the lower flange with the




centre of bearing at a distance of 145 mm from the inside face of the vertical leg. The self
load of the floor slabs is 3.5 kN/m?* and the imposed load on the floor Is 2.5 kN/m?2.
Assume d= 1445 mm and 0.25% tensile reinforcement is required for flexure. Cover
to links is 30 mm. Concrete is Grade 40 and relnforcement Is Grade 460. Calculate the
maximum values for the reinforcement required to resist torslon and shear.

| esso—s|

200 I . Ey
T

= 250 e

1500

}

L. .

. S sk

-

Properties of section

Area=2x310x 20041500 x 250=499 x 10* mm?>.
Self load=0.499 x 24 =12 kN/m. -
Distance of C.G. from external vertical face

_ 2x%x310x200x4054+1500x250x125
- 499 x 10°

[, 560%1500° 310 x 1100*
=TT 19 12

Distance of shear centre from external vertical face

_ 4352x 13007 x 200
T 4x123x10°

=195 mm

=123 % 10° mm*.

—125=130—125

=5 mm (outside unit}).

Destgn load on flange from floor slabs=(8/2) (3.5 x 1.4+ 2.5 x 1.6)
' =35.6 kKN/m.

Design self load=12.0x 1.4=16.8 kN/m.

Shear

This will be taken on the web only.
Design shear=7(35.6+16.8)=367 kN.

203
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vm e 2 ) N

100A,/bd=0).25, s0 v =0.47 N/mm".
v+ 0.4 <v< 5.0 so design shear reinforcement required:

Ae  250(1.02- 0.47)
D =().34.
5 (.87 x 46(1 -34

v

Torsion

Distance from shear centre to l6ad from slahs = 1454250+ 5 =400 mm.
Distance from shear centre to C.G. of unit=1935+ 5=200 tnm.

Taking moments about the shear centre, the maximum design torsign
T=(14/2){35.6 x 0.400+ 16.8 *0.2)=123 kN m,

2ot =2 % 200 x 310+ 250" x 1500
=2x2.5x10"+23.4 x 10"
=28.4 x 10" mm*,

Large rectangle, i.e. web of unit

B

4
'-.:——— =101.2k .
T T84 x 123 Nm

2x101.3x10"
- =2, 2
"= 250%1300— 25073 = 2-29 N/mm

This is greater than V.min SO design for torsion:
V+v=1.02+2.29=3.30, ie. less than Vy (3.0 N/mm?),

Assuming 10 mm links, 1=1250-35x2= 180
¥,=1500-35x2=143p,

101.3x 10% izs
0.8x180x1430x0.87 x40 -2

A
—= (torsion) =
5

v

Total ~¥=0.34+1.23=1.57,
S,

Using 10¢ links s,=1 37/1.57=100 mm.
Using 12¢ links 5,=226/1.57 = 144 mm.

The second arrangement would appear to be better, as we shall alsg need reinforcement
to transfer the load from the flange to the top of the main beam.

. 356 x 10 .
Area required =087 %460 " 89 mm?*/m,

So 124 at 130 centres will do,
Ay=1.23 x(460/460) (180 + 1430}=1980 mm?.

As maximum distance between these bars is 300 mm we shall require six levels of bitrs
with two bars in each leve] - but see notes at end of calculation,

=Y
ped




Small rectangles, i.e. top and bottom flanges

2.5
e =10.8 kN m.
T 28.4.—)‘123 10.8 m

_ 2x10.8x10°
= 200%(310—-200/3)

Yy, for small rectangles=310—35=275 mm.
So allowable v,=5.0x 275/550=2.5 N/mm?.

This is satisfactory, but if concrete had been Grade 30 it would not have been and we
should have had to change section size. .

= 2,22 N/mm?,

v, is greater than v, so design for torsion.
x,=130, 3, =275.

" 10.8 x 10° 094
s, 0.8x130x275x0.87x460 |

For the top rectangle we provide for these links only and although 10¢ at 167 centres
would be satisfactory, they will have to be tied into the web reinforcement and so use
the same centres as in the web. - :

For the bottom rectangle we shall also need reinforcement for this to act as a
continuous concrete nib. Itis suggested that vertical loops are provided by combining
the requirements for torsion and flexure of the nib and using the same centres (if
possible) as the links in the web. It is not proposed to carry out these caleulations in this
section, ’ ’

The longitudinal reinforcement for torsion will be the same in both rectangles and is
given by

A;=0.94(130+4-275)=381, say 4/12¢. e
The suggested beam detail is as shown, but it must be remembered that the

P

reinforcement for flexure is to be added In either as separate bars, or larger bars can be .

used, which would cater for flexure and torsion. It should be also remembered that as
the beam is greater than 750 mm deep, bars will be required in the side faces to prevent
cracking and the maximum spacing is 250 mm. As the width of the beam is 250 the
maximum spacing using 12¢ bar is 236 m. The detail shown complies with this.

A quite usual example of torsion is when a cantilever slab is used as a canopy over an

t 2Y20 + flexure
Wdazo [ Y124 at130
p L
All bars 12 ¢
1 excepl where noted

|[ . 2Y20 + flexure

10 ¢ al 120 + flexure for nib
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EXAMPLE 17.2
/ Wall 3-0m high
/ 25 kN /m?
z —1
¥
1200 : o | o

750

]

L 300 2000

Li

Span of beam = 6.0 m.

Finishes on cantilever=0.4 kN/m2,
Imposed load = 1.0 kN/m2,

Ju=40 N/mm?.

Jf,=460 N/mm?,

Condition of exposure — moderate. -

Slabs

Dead loads:

Self (average)=0.150 x 24 =3.60 kN/m?
Finishes - X =0.40 kN/m?

' 4.00 kN/m?

Imposed load: 1.0 kN/m2

Beam

Dead load:

Self =0.75x0.3x24= 54 kN/m

Slab =4.0x 2 = B.0kN/m
Wall=2.5x%3 = 7.5kN/m

20.9 kN/m

Imposed:

Slab 1.0 x 2=2.0 kN/m.

. ee—————, .

1] ——'_l]_

_-.’ “

P;_..»

LA .5 858




Maximumdeslgnloadonbeam 20.9x1.4+2.0x1.6=32.5 kN/m.
Assuming factors of {5 at support andf—at midspan, and d= 700 mm,

=4x32.5x6’=97.5kNm
M, =#%x32.5x6'=48.7kNm.

Support

M/bd*=(97.5 x 10°)/(300 x 700?)=0.66.
From design chart or tables 1004,/6d=0.17.
A, =357 mm?, say 2/16 (402 mm?),

Midspan (assuming rectangular section)

M/bd?=(48.7 x 10°)/(300 x 700%)=0.33,
which is less than in tables.
z/d=0.95, so A,=183 mm?,

Note: Theminimumpercentage is0.13 ofgross section so themjnimumA, 293 mm?
will have to be provided in the ﬁnal arrangement. ce=

.

Shear

——

Design shear=32.5 x3=97.5 kN.
v=(97.5 x 10°)/(300 x 700)=0.46 N/mm?.

At support we shall probably need more than the 2/16 provided i'or ﬂexure. but use this’
amount at this stage.

IO,QA,/bd =(402 x 100}/ (300)( 700)=0.19.
From Table 3.9 of the Code,

v,=0.42 N/mm®,

So shear reinforcement required.

A, 300(0.46—042) _
s,  0.87x460 0.03

Torsion

Assuming shear centre (i.e. centre of rotation) is at centre of gravity of rectangular
section,

torsion moment=3.60 x 2 x 1.4x (0.9040.15)
+04x2x1.4x(1.0+0.15)+1.0x2%1.6x1.15
=10.58+1.29+3.68=15.55 kN m/m.
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Total torsional moment at column=15.55« 3=46.65 kN m.
2x46.65x10% :

T =—_,—————-= 1.59 N mm_-

"= 300% 750~ 100] /

This is greater than Yumin SO torsion reinforcement required,

vy, =0.46+41.59=2.05, Le. <V,.

For ‘moderate’ condition, cover to stirrups = 30 mmy, and assuming 10 mm stirrups we
have 35 mm to éentre line of stirrups, so =230, y,=680.

46.65 x 10°
4 =5E%230 x680x0.87 x 460 0.93.

Total A,./5,=0.03+0.93=0.96,

Using 10 mm stirrups 5,=157/0.96 =163,
A, =0.96 x (460/460) x (230+680) =874 mm?,
Torsional reinforcement not required when v,=0.40 N/mm?, ie, when

_0.40 x 300?x 650

T 2x10°8

=11.7kN m,

which oceurs at a distance of 11.7/15.55=0.75m from centre of span. Torsion
reinforcement has to be continued a distance equal to the largest dimension of the

At 1.0 m from support

Torsion T=31,1 kN m, v,=1.06 N/mm?2.
A,/5,=0.62,

Shear v=2x0.46=0.31 N/mm? ie. < V. 50 torsion reinforcement only.
Using 10¢ bars 5,=1 57/0.62=253 mm.

The maximum spacing for torsion must not exceed the least of 230, 680/2or 200, so
use 10 mm at 200.

Ay =0.62x1x910=564 mm?,

At 2.0 m from sﬁpport

Tarsion A, /s,=0.31. This will also be the total and maximum spacing will be 200 mm
as befare. .

A, =282 mm’,
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Minimum stirrups

The minimum area of stirrups required is obtalned from
A,fs,={0.4 x 300)/(0.87 x 460) =0.3,

ie. 10 mm at 157/0.3=523 mm.
The minimum we are providing is 10 at 200 so we are covered.

Arrangement of reinforcement

For the longitudinal bars we need one in each corner and as the spacing between the
bars should not exceed 300 mm we shall need two intermediate bars in each side. So
dividing the area by 4 we can find the area réquired at each level for any section.
From the assumed bending moment diagram the point of contraflexure will be
1.30 m from the support, and the minimum distance the top bars have to be continued
into the span is 700 mm (ie. effective depth d)., Similarly for the bottom bars the

requirements for flexure are as shown.

-

1,

2000 i
|

I
| Dl

L]
L@'&l S 600

We can tabulate requirements as follows:

Area of longitudinal bars required

Flexure Required
. Torsion (per level)  Top Bottom Top Bottom
Position mm?> mm?* mm? mm? © mm?
874 '
Support T=219 357 — 576 219
564 ' '
1.0 m from support T=14:1 357 183 498 324
282
2.0 m from support e = 71 — 183 71 254
) 282 S ,
Midspau T = 71 _ 183 71 . 254

For intermediate bars the maximum is 219 mm? so provide 2/12 (226}.
At the support provide 2/20 (628} in the top.

By providing 2/16 (402) in the bottom throughout the span we comply with all
@ bars for torsion are only stressed to 0.8 times the design stress take

the bottom bars anchorage length of 0.8 times a full anchorage bond length. The top

requirements. As th

bars would need a-full anchorage length.
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A section through the beam would be:

2120
2h2 10 mm links at 150 mm cenfres .
. for 1-0 from each suppart and
2112 at 200 mm ter remainder
26 . -

EXAMPLE 17.3 -
A single vertical point Joad of 180 kN at ulﬁmate limit state acts on the centre ofa beam
BE. Thisbeam ig supported by two beams AC and DF as shown, All beams are 300 wide

by 600 deep, Ignoring the self Joad of the beams, by using moment distribution find the
resulting bending moments and torques at A, B, C, D, E and F.

Tt .

36m

2 a 180 kN £

I=300x 600%/12=5.4 % 10° mm?,
]gm=,’b’h=0.23 x 300° x 600=3.72 x 10° mm*,
C=3]=1.86x10" mm?*,

As the frame is symmetrical

4EN 2x5.4x10°
=1 —_— = = h
Ky _,(L) 6xior—F =18x10%
CG 1.86 x 10% x 0.4E
K=~ = =0.31x 10

L., 24x10° .




GG 1.86x10°x04E

I T 3Ex10 =0.21 x 10¢E
BC .

YK=2.32% 10°E.

The distribution factors are:

Dy=1.8/2.32 =0.776

D,,=0.31/2.32=0.134
D, =0.21/2.32=0.090.

Fixed end moment at B due to load=180 x 6;0/8==135 kN m.

Releasing joints B and E simultaneously
M,,=135—0.776 x135=135-105=30 kN m
T =135 x0.134=18 kN m

T, =135x0.09=12kNm.

The carry-pver factors for torque are + 1.0 so
T;=18kNm
Ts=12 KN m.

. The bending moments in AC and DF can be calculated as a beam carrying a point load

of 90 kN at B and E respectively.

If we wish to find the rotation at B we can use the formula-

6=TL/CG.

UsmgthelengthAB T=18kNm,L=24m, C=1.86x10""m
G= 0 42 %28 x 106 kEN/m? (assume Grade 40 concrete)

=11.76 <105
18x2.4

Sef= =1.97 x 1073 radians.

1.86x10"3x11.76 x 10°
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Appendix 1

CALCULATION FOR
DEFLECTION

This is dealt with In Par; > ol the Code. In clause 3.4 it states that in general it will he
sufficiently accurate to assess the moments angd forces at serviceability limit stutes by
using an elastic analysis, |t should be pointed oyt here that & completely new analysis
will have to be carried out, using the appropriate load combin ations. It is not pussible to
use an analysis carried out for ultimate limit state, The Code also points out tha
although the calculations may show the members to be cracked. 1 more accurate
picture of the moment and force fields is more likely to be provided by the use of the
ctoncrete section for stiffness rather than the transformed section.

In the calculations that follow any analysis will be based on the conerete section Fl
without any modifications. In clause 3.7 the Code lists four factors which are difficult to
allow for in calculations, but which can have a considerable effect on the reliability of
the calculations. The methods of calculation given in the Code are not the only
acceptable methods. but should give reasonable results for short-term and long-term
loading. In genera. however., it wil] be found that there i little advantage over the
‘deemed—to-satisfy rules’ unless the factors in this clayse are taken into account,

The object of this Appendix is to lustrate the procedure only and us the factors listed )
in clause 3.7 are ignored. the answers abtained could he reached much more quickly ' _"\'“‘
from the ‘deerned-to-satisfy" ryles, :

The approach used is to assess the curvature of sections under the appropriate e

moments and then calculate the deflections from the curvature. So the procedure s as
follows:

L. Caiculate the moments: .
2. Calculate the curvature or curvatures;
3. Calculate the deflection.

(a) MOMENTS

As stated earlier we shal use an elastic analysis using the concrete seetion {as at

ultimate lirnit state) taking loads of 1.0G, and 1.0Q, with appropriate lowding patterns,
No redistribution of moments is allowed.

(b) CURVATURE

For caiculating the curvature due to loading, clause 3.6 In Part 2 Bives i procedure
which employs an appropriate set of asstmptions depending on whether the section is

cracked (A}, or uneracked [B), whichever gives the larger valye. This will penerally be
{A).




i

e
[1 as

SR VPN TR OYC |1 (2 L P LAl

.The assumptions for (4) are straightforward and can be illustrated diagrammatically
as shown in Fig. A1.1.

Values for E, for short-term loading may be obtained from clause 3.5 which refe;'s to
Table 7.2 of the Code. For long-term loading the effective E is modified by a value
1/(1 + ¢). where ¢ Is the appropriate creep coefficient obtained from clause 7.3.

o 6 —] - '

fe=Ecg
T -
x
&
X
h
d~x .
ft=slressinconcrete:
.1 Nimm? in short ferm,
g =g ld=x] 0-55 N/mm? in fang term
5 e X
3 & o
Section Strain \p (hex)

Strass °F (d=x)
FIG. Al.l Assumptions for calculating curvatures,

As can be seen from Fig. Al.1, equation (7) of the Code gives
1/ry=f/xE =f/[(d—x)E].

Assessment of the stresses requires a trial-and-error approach. Calculation by means of
a computer or programmable calculator is straightforward, but by hand is rather
tedious. '

In the previous bock on CP110 the author proposed an alternative method, the
details of which had been devised by Tony Threlfall. In view of the fact that the Code,
rather than the Handbook, contains the equations given the author has compared the
results of the two methods and has found them to give virtually the same answer.

The alternative method calculates the neuiral-axis depth on the basis of zero stress in
the concrete in the tension zone. Moments are then taken about the neutral axis taking
into account the tensile stress in the concrete, So what it dees in effect is to ignore the
concrete in tension in deriving the neutral-axis depth, but takes it into consideration
when calculating the resistance moment. The properties of transformed sections can be
obtained from any well known text bock, but Fig. A1.2 is a design chart for x/d and z/d
for d'/d=0.1 and Fig. Al.3 is a design chart for I/bd* for d'/d=0.1.

The design charts in Figs A1.2 and Al.3 are typical charts and if compression
reinforcement is ignored are all that is necessary for rectangular sections or Tee
sections, where the neutral axis is within the flange.

The general force diagram for the assumptions in {A) can be drawn as shown in
Fig. Al.4.

Using the force diagram, and noting from Fig. Al.1 that the curvature 1/ris e /x we
can find a relationship between M and 1/r as follows.
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FIG. Al1.2 Neutral-axis depth and lever arm factors for transformed rectangular sections..

Rectangular section

Taking moments about the neutral axis for all the forces on the section,

. A2 Id_ 2
M_—_l bx*Ee +ix,—1)p'bd (x—d) Eg +apbd d=x) E,r.
3 x X
1, (h—x)
+§b (d—x) '

(hr—x)!
(el —xy ™

3

1 {h—x)? bf,
= (-F)EJ,'F m'?.

where I, is the second moment ol area of the eguivalent transformed section.

- 1 . ’
= E'%‘ { bx'+ (o~ l)p'bd(x—d’)1+m,pbd(d—-x)l} +-§ b
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Hence.

-

] th-xp' bf
={M- —_ "] gy
[ {d--x] d] b,

 ——— e

Tee section

In this case the resistance mement provided by the concrete in tension depends on b,
instead of b, ignoring the contribution from the area th—h,1th— x) when the neutral
axis occurs within the flange.

Hence
1 (h—x)b L7 .
F‘{M =% 3 } Bl

or in ‘non-dimensional terms,

d_ M (hd—x/dy b, [ EL
ro | b O =x/d) b 3| bV

Note: in assessing the curvature due to loading by using equation {7) of the Code, a
useful starting point is to estimate the neutral axis depth from what has just been
described as the alternative method. We know that this will'be too small but it does give
a starting point for the iterative method. A comparison will be given in the design
example in this Appendix. : .
In assessing the long-term curvature the procedure is utlined in clause 3.6 and is set
out in four stages. This is shown diagrammatically in Fig. A1.5.
For long-term effects the designer will need to modify the modulus of elasticity so
E.=E/(1+ ¢). and also determine the shrinkage curvature 1/r, ., The equation for 1/r
is equation (9) of clause 3.6, and as for determining the creep coefficient, ¢. Section 7 of
Part 2 gives charts for determining this value.

{c) DEFLECTION

‘The final step is the calculation of the deflection from the curvature. Equation {10} of
clause 3.7.2 gives the relationship as

Vr,=d%/dx*,

wherer, isthe curvature at x and y is the deflection at x. The deflection can be obtained
by calculating the curvatures at successive sections along the member and using a
numerical integration technique such as that proposed by Newmark,

The Code does, however, suggest d simplified approuch and in equation (11) the

deflection a can be caleulated from
a=Ki*{1/r,)

where [ is the effective span of the member, 1/r, is the curvature at midspan or. for a

cantilever. at the support section. and Kisa constant which depends on the shapeofthe
bending moment diagram.
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FIG. Al.5 Loading history for serviceability limit state — deflection.

The Code, in Table 3.1, gives values for K for various loadings and support
conditions. For combinations of loads the principles of superposition can be used.

As the curvature is calculated at midspan for members other than cantilevers, the
deflection will be measured at midspan. If the loads are unsymmetrical this may not be
the worst case, but the difference is small.

For a cantilever, it should be noted that the coefficients for K assurne that it Is rigidly
fixed at the support, Le. it is horizontal. In practice this may not be so, because the
loading on adjoining members may cause the root of the cantilever to rotate. I this
rotation is 8, , the cantilever deflection may be increased or decreased by 18, depending
on the direction of rotation at the root.
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i1z M, (=M, _normally) and M, are the restraint moments at the ends of the adjacent
APPENDIX ] span, L. and M, is the simply supported moment at midspan, then

Be=K\Li(M,/E 1, — 4+ (2M, + M, MEL,

where 1, is the second moment of area ofspan L and X, can be obtained from Fig. A1.6. :

Looding Momentdiogram™ . K
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£ My N
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) ! ke )
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FIG. Al.6 Coefficients for rotation at supports of cantilever,

As with the other factors when using the values for K from Table 3.] in the Code we
can rewrite the formula as

O =KL (1/r) 3, (2/r, + 1r,).

In order to caleulate the long-term deflection it Is necessary to assess how much load
is permanent. The proportion of imposed load which may be regarded as permanent
depends on the occupancy of the building. The Handbook suggests that for domestic or
office occupancy 25% of the imposed load should be considered as permanent, and lor
storage purposes 75%, should be considered permanent.

EXAMPLE A.1

A roof slab and canopy is to be constructed as indicated below, Calculate the following
deflections at the end of the canopy: ‘

1. instantaneous deflection due to dead load
2. long-term deflection due to dead load and shrinkage
3. instantaneous deflections due to tmposed load.




: nt. and for

__ifollowing

muchioad
;-ermanent 3§
* Jmfstm or

Ju=40 N/mm?, $=1.8, ¢,=0.0003,
8= 5 kN/m? (canopy), 6.2 kN/m? (roof slab),

q,=0.75 kN/m?,

Consider d=(— 26) for both top and bottom reinforcement.

T12-200 (565 mm>fm)
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(1) Caleulate the cantilever moment M, and the midspan simply supported moment M,
due to dead and imposed loads.

Due to dead load,

M,=5x2.5%/2=15.6 KN m, M,=6.2 x 6%/8=27.9 KN m.

Due to imposed load, _
M,=0.75x2.5%/2=2.35 kN m, M,=0.75 x 62/8=3.35 kN m.

(2) Calculate the properties of the equivalent transformed sections.
For the canopy, d=124,
1004, 100x 565

bd ~ 1000x 124

=0.46.

For the roof slab, d=174,

1004,  100x 565

bd ~ 1000x174

(a) For short-term load, E, =28 kN/mm?, o,=200/28=7. . .

=032,

For the canopy, ¢0=7x0.46/100=0.032, (a,—1)p'=0.
From Pig. A1.2 x/d=0.223, from Fig. A1.3 [/bd*=0,023.
For the roof slab, ¢,p=7 x 0.32/100=0.022, (a,—1)p'=0.
From Fig. A1.2 x/d=0.19, from Fig. A1.3 L/bd*=0.017.

(b) For long-term loading, E,=28/(1 +1.8)=10 kN/mm?, o, =200/10=20.
For the canopy, «p=20x 0.46/100=0.092, (¢.—1)p'=0.
From Fig. A1.2 x/d=0.347, from Fig. A1.3 I/bd*=0.053.

For the roof slab, a_p=20x 0.32/100=0.064, (o, —1)p" =0.
From Fig. A1.2 x/d=0.3, [rom Fig. A1.3 [/bd*=0.04.
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(11 Calculate instantaneous curvaiure #l support section of canopy due to dead joad

From relationship for rectangular section

i:[Mh_”‘_”'%],’EJ{
M - - A

where _
M,=15.6 kN m, Ju=1.00 N/mm? E =23 kN/mm?
x=0.223d=0.223(124)=28 mm, [ =0.023b43.

1 15.6x 10°~[(150-28)"(124 - 28)] x 1 0* x.1.00/3
o © 28x10°x0.023%10° % 1247

=7.6x10""

Note: If the iterative procedure as Suggested by the Code is carried out it wil] be found
that the neutral axis depthis 37 mm, The'stress in the tension steelis 13} N/mm? and
the maximum compressive stress in the concrete is 8 N/mm?. Hence 1 In=7.7x10"¢,
which is virtually the same as calculated above,

Calculate instantaneous rotation. due to dead load, at Support section of canopy.
Bb=K,L,(1/'r,)—%Ll{2(l,’r,}+ Ler,)
where K, =1, 1/r, = 1/r, and 1/r,=0 so that
9h=}Ll{(1/r,)—(1/rb)}.

Since the reinforcement in theroofslabis the same at midspan and support sections, the
section properties and hence the term involving f. in the moment curvature
relationship equation Is also the same, in which case the term is cancelled out by
subtraction, so that

(M;"Mb)

Eell
where M,=27.9, M,=156kNm,
Li=6m. E,=28 kN/mm?, 1, =0.017 pg*.

B 6000{27.9—-15.6)10* 9.8 x 10}
”“3x28x103xo.017x101x174’“ ’ )

In'stantaneous deflection, due to dead load. at edge of canopy
a=KL¥1/r,) ~-Lg,
where K=1and 1=2500.

%2500 x 7.6 x 10-5~ 2500 x 9.8x 10!
11.9-245=—-12.6 mm (upwards),

Bb-—_%‘[‘l

A=

{2) Calculate long-term curvature, due to dead load, at support section of canopy.

M,=15.6 kN m. f,=0.55 N/mm?, E_ =10 kN/mm?,
*=0.347d=0.347(124)= 43 mm. [ =(.053 b,




I_156x10°—[(150-43)/(124-43)]x 10°x0.55/3 __, 7% 10~ 221

n 10x 10° x 0.053 x 10° x 1247 TR CALCULATION

5 FOR
- Calculate shrinkage curvature at support section of canopy: DEFLECTION

S,=565x81=45.7 x 10%, £,=0.0003.
1 0.0003 x20x45.7 x 10°
r,  0053x10°x124°

Total long-term curvature due te dead load and si:rinkage.

1 1 1 - .
(_.) ==+ —=(12.7+2.7)x 10-5=15.4 X 10-5,
/e T Ta

=2.7x10"-5. . .

Calculate long—t_:ei-d;l rotation due to dead load and shrinkage at support section of
canopy.
Since the reinforcement in the roof slab is the same at midspan and support sections,

the shrinkage curvature, ¢_, Is also the same, in which case it is cancelled out by
subtraction, so that .

ebc':i 1

where M,=27.9, M,=15.6 kN m,
L,=6 m, E,=10 kN/mm?, I, =0.04 bd*,

_ 6000(27.9—15.6)10°
%7 3% 10x 10° x0.04 x-10% x 1743

=117 %10~

~Long-term deflection due to dead load and shrinkage at edge of canopy,
a=KL*}(1/r,)—L8,.
where K=1 and L=2500.
a=3ix ?_S.CJD2 x15.4x107°-2500x11.7x 103
=241-—29.3 = —5.2 mm (upwards).

(3} (a) Imposed load on canopy only — M, =2.35 kN m, M,=0.

Additional instantaneous curvature and rotation due to imposed load at support
section of canopy.

1y M 2.35x 10¢ 1ox10-¢
| n). ElL 28x10°x0.023x10°x12&
‘ (=M,) —6000x 2.35 %108

1.9x 1073

(Bb)u=%Ll - £l 3 = -
E]l Ix28x10°x0.017x10°x 174

Additional instantaneous deflection due to imposed load, at edge of canopy,

a=$x2500%x1.9x10-5—-2500x (—1.9 x 10%)
=3.0+4.8
=78 mm,

'
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(b1 Imposed load on roof slap only — M, =), M =3.35kN m.

anopy
M 6000 % 3.35 % 10*
9 = .]. -_‘ = = 4./ 1 l- l-
Go)=1L, 3% 28x 107 %0017 % 107w 773 = 27 % I
Additional instantaneous deflection due tg imposed load, at edge of canopy, :

4= ~2500x2.7x10'= —6.8 mm {upwards).

Nate ' : -

Maximum tota| long-term downwards  deflection at edge of canopy =
~5.2+47.8=2.6 mm.

Limiting deflection = spén/Z 50=2500/250= 10 mm.
Actual span/effective depth ratio =25 00/124=20.2.

From the'Code, to find the limiting valye:

M {ultimate})=15.6 x 144+2.35x1.6=25¢ kN m/m.
M/bd*=(25,6 x 10%)/(1000 x 124%)=1.66.

From Tables 1004, /bd=0.44.

4, required = 546 mm?/m. A, provided = 565 mm?¥/m.
fi=3x460x 546/565=278 N/mm?.

From Table 3.11 of the Code, modification factor for tension reinforcement=1.3.
Allowable ratio = 7 x 1.2=8.4,

Long-term deflection due to permanent load and shrinkage

From item (2), curvature = 15.4 %1075, and deflection = 24 mm.

Instantaneous deflection due to difference between tota] and permanent loads

curvature=1.9 x 10~* and deflection = 3.0 mm.

L

M




Total deflection

This will be 27 mm.
Using the simplified approach. the estimated deflecon

_ Actual span/effective depth ratio " span
~ Allowable span/eflective depth ratio =~ 250

_202 2500
~ 84 " 250

=24 mm.
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Appendix 2

CALCULATION FOR CRACK
WIDTHS

Clause 3.8 of Part 2 of the Code gives cquations for assessing crack widths for flexure
and direct tension. The maximum surface widsh of crack will generally be 0.3 mm, but
if this would impair the efficiency of the structure a sma
appropriate. For example, for watertightness values of 0.2 mmoreven 0.1 mm may be
required. An analysis will be required at service loads to determine the moments and
stresses. We shall deal with flexure and direct tension separately.

(a) FLEXURE

The design surface crack width at any point on the surface of the tension zone may be
calculated from the following equation, which is equation (12} in Part 2.

w = 3a_g,_
© 1+ 2(a,—c, ) (h—x)

where a_ is the distance from the point considered to the surface of the nearest
longitudinal bar, ¢, is the minimum cover to tension steel, h is the overal] depth of
member, x is the depth of the neutral axis assuming a cracked section and determined

by normal elastic theory, and £m 1S the average strain at the level where the cracking is
being considered.

_ by(h~—x)(a' —x)
3EA(d—x)

En=¢g

il
which the crack width Is being calculated, E, is the modulus of elasticity of tl
reinforcement, and 4, is the area of tension reinforcement.

The significance of the above terms may be illustrated diagrammatically as shown in
Fig. A2.1. .

The minimum cover, Crun» Will Dot be the same if there is different side and bottom
cover, so the bottom cover applies to points along the bottom cdge of the beam. and the
side cover to points along the side.

The Code also states that the formula only applies if the strain in the tension
reinforcement is limited to O.SJ;IE,. On occastons when 30% redistribution has been
carried out at ultimate limit state, it will be found that the serviceability stress exceeds
0.8f.. If the increase is only small the calculation will he satisfactory.

It should also be noted that in calculating strains the modulus of elasticity of the

Lpl-o —

po—
1 m—
| EEEEE

por et

w4
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FIG. A2.1 Significant factors in caleulating crack width.

concrete should be taken as half the instantaneous value obtamed from Table 7.2 in
Pazt 2,

Cons;denng the formula at different positions in the beam as shown in Fig. A2.1, it
can be seen that:
1. Along the bottom edge, in regions of maximum tension, & =h, so £, becomes

b(h—x)*
AT 3EAd—n)

a constant value. So in the crack width formula, a_ Is the only variable, and as the
maximum value of a_ is midway between the bars, the maximum crack width
occurs at this point.

2. Immediately below the re.mforcmg bar, a_ is a minimum and equals ¢, so crack
width =3c_, g, and is the minimum value. :

3. Moving towards the corner, a_ becomes a_, which is greater than c_, and so the
crack is wider. .

4, Moving up the side of the beam, £ decreases linearly from a maximum at the corner

of the beam to zero at the neutral axis. The value of a_ decreases to a minimum at the

"
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226 level of the reinforcement, and then incrases up to the level of the neutral axis. if no
APPENDIX 3 further longitudinal bars are encountered. It will be found that the maximum value

All the comments given above assume that the maximum tensile stress is in the bottom
of the beam, i.e. in the span. Where the maximum stress occurs in the top of the beam,
©-8. over a support, the diagram will, of course, be inverted. :

EXAMPLE A2.1

Calculate design crack widths at critical Pasitions for the internal support section of the
following two-span continuous beam for which 15 % redistribution has been allowed at
the ultimate limit sfate, :

65 170 &5
§ ] ) T
L 10m . 0m . O @] -+
k) T — .
) 9,= 22kN/m, q = 15kn/m 630 750
Jou= 40 Nimm?, £, = 260 Nimm?

(1) Calculate internal Support moment due to service [oad,
M,=(22+15)% 10%/8=463 kN m_ |

(2) Calculate properties of equivalent transformed section with E =E. /2.

E.=28 kN/mm?® from Table 7.2 in Part 2, 5o E,=14 kN/mm?,
»&.=E,/E,=200/14 =14, ,

50 ¢.,p=(14 x 2510)/(300 x 690)=0.17.

x/d=ap+ fla.p(2+ a,p)] =0.437.

So x=302 mm and z=589 mm,

(3) Calculate average surface strain at top of beam.

[
f.=%=£% ~ 313 N/mm?( <0.8/,~ 368 N/mum)




=0.0018—0.0001=0.0017.

(4) Caleulate erack widths at critical positions

{a) Top of beam _
Maximum crack width occurs midway between bars, where

€npy=00017 0000 - 65858565 ° 227

A /i CALCULATION
o Ie0 L e 1 L . FOR CRACK
] ! 129 Cmin’| /o, WIDTHS
18 388 448 -]

¥ 259

E 3 302

ke
. 313 i

-3 =2 = 0.001565.
SR i %=E, " 200%10° 0.0
B h—x 448

A E e 228 4 0.001565=0.0018.
. & f= g =35 X0 ).0018

b h—x) 300(448)?
J 3 g~ H __0.0018 —

£ fan =% T 3R A(d—7) 3x200x 10° x 2510 388

=g

;&

a,=./(60*+85%)—20=84 mm
¢, =40 mm (tap face)

_ 3 x84 x0.0017
Wa =11 2(84—40)/448

=0.36 mm (>0.3 mm}.

(b) At cotner of beam, 2, =68.5 mm.

3 68.5 x 0.0017
©~ 1+2(68.5—40)/448

=0.31 mm {>0.3 mm).

(c) On side of beam :
Critical position approximately {d—x)/3 from reinforcement, which is 259 mm from

neutral axis.
& =302+4259=561 mm.
d—x 259 '
=8 e =2"=x 0.0017=0.00098.
Ea= T Bk 4:48:400 17=0.00098
g, =J[65+(d—a)?}— 20 =/(65?+129%)—20=124.5 mm.

¢, =45 mm (side face).

w 3 x 124.5 x0.00098

= =0.2 3 mm).
=13 3(1345_a5yads 02 ™ (<0.3 mm)
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From these calculations It can be seen that although the spacing of the bars comply
with the bar spacing rules. the calculated crack widths in 4(a) and (b) exceed 0.3 mm.
This is one of the cases where the calculation does not improve on the rules, and in deep
beams this does appear to be the case. A better condition would be achieved by using
3/32¢ bars. ' :

(b) DIRECT TENSION

Direct tension as a predominant force is unlikely to occur in normal building structures,
but direct tension forces and bénding moments may occur. In this case the neutral axis
will be calculated taking into account the direct tension: this is more cormnplicated than
as carried out in the previous example. Having done this the calculations for flexural
crack width will bé as before.

The limit of flexure being predominant is when the neutral axis is at the top face of the
member shown in Fig. A2.1, Le. when x=0. The equation for the crack width now
becomes

3a_¢,

Y S T 2, —c 7
d the ¢ h' tiffening effect — bi
an e ension s ening e —m

When the whole'section is in tension it is suggested that the modification suggested in
3.8.3(b) for axial tension is used. The equation for the crack width now becomes

w.=3a.¢
and

—e 2bh
Em b | 3E,A, *

where 4, is the total area of stee] in the section, equally divided between the two faces.

The most obvious case of axial tension is the hoop tension in a circular tank
containing water., In the Code for liquid-retaining Structures the maximum crack width
is 0.2 mm. Designers of these structures are interested primarily in serviceability limit
state of cracking. A calculation is required at ultimate ljmit state, but if the walls are
cracked and water is leaking out, the tank is unserviceable and a factor of safety at
ultimate is irrelevant. .

Tables have been prepared whereby a designer can select an arrangement of bars to
suit a particular wall thickness, tensile force, cover and crack width requirement., To
illustrate the calculation procedure the following example uses values from these
tables.

EXAMPLE A2.2

The hoop tension force in the wall of a tank is 570 kN/m. The wall is 200 mm thick,
cover to reinforcement is 40 mm, and the timiting crack width is (0.2 mm. Check that
T16 at 150 centres each face is satisfactory. :




Total 4, = 2680 mm?/m.

_‘ 229
S70x 10°
£ = ={0.00106. . CALCULATION
' 2680x 200 10° FOR CRACK
: : 5
2% 1000 wiDTH
Tensioning stifening = x 200

Ix200%10° x 2680 _ 0-00025. : T
¢, =0.00106 ~0.00025=0.00081.
d,=+/(482+75%)— 8 =8]1.

© w,=3 x 8] x0.00081=0.197 mm.



Appendix 3

RADII OF BENDS TO LIMIT
BEARING STRESSES

Concrete Grade 25
Radii of bends in bar sizes {r=Kdg).

Stress f (N/mm?}
Bar size {mm} 100 150 200 250 300 350 400

16 ] 40 2.8 4.2 5.7 7.1 8.5 9.9  11.3
. 50 2.6 3.9 5.2 6.4 7.7 9.0  10.3
60 2.4 3.6 4.8 6.0 7.2 8.4 9.6

70 2.3 34 4.6 5.7 6.9 ° 8.0 9.2

80 2.2 33 4.4 5.5 6.6 7.7 8.8

90 2.1 3.2 4,3 53 64 7.5 8.5

100 2.1 3.1 4.1 5.2 6.2 7.3 8.3

150 1.9 2.9 3.8 4.8 5.7 6.7 7.6

200 1.8 2.7 3.6 4.6 5.5 6.4 7.3

250 1.8 2.7 3.5 4.4 5.3 6.2 7.1

300 1.7 2.6 3.5 4.3 5.2 6.1 7.0

20 40 3.1 4.7 6.3 7.9 9.4 11.0 12,6 .
50 2.8 4.2 5.7 7.1 8.5 9.9 11.3
60 26 - 39 5.2 6.5 7.9 9.2 10.5
70 2.5 3.7 4.9 6.2 7.4 86 9.9
80 2.4 3.5 4.7 5.9 7.1 8.2 9.4
90 2.3 3.4 4.5 5.7 6.8 7.9 9.1

100 2.2 3.3 4.4 5.5 6.6 7.7 8.8
150 2.0 3.0 © 40 5.0 6.0 7.0 8.0
200 1.9 2.8 3.8 4.7 5.7 6.6 7.5
250 1.8 2.7 3.6 4.6 5.5 6.4 7.3
300 1.8 2.7 3.6 4.5 5.3 6.2 7.1

25 40 3.5 5.3 7.1 8.8 10.6 12.4 14.1
50 31 4.7 6.3 7.9 9.4 11.0 . 126

60 2.9 4.3 5.8 7.2 8.6 10.1 11.5

70 1.7 4.0 5.4 6.7 8.1 9.4 10.8

80 2.6 3.8 5.1 6.4 7.7 3.9 10.2

90 2.4 3.7 4.9 6.1 7.3 8.6 9.8

100 24 3.5 4.7 5.9 7.1 8.2 9.4

150 2.1 3.1 4.2 5.2 0.3 7.3 8.4

230




© 231

Stress f (N/mm?)
Bar size (mm) 100 150 200 250 300 350 ggp RADIIOF BENDS
TO LIMIT
200 20 29 39 49 59 g9 79 G
250 19 28 38 47 57 66 75 STRESSE
300 1.8 2.7 3.7 46 5.5 6.4 7.3
32 40 4.1 6.1 82 102 123 143 163
50 36 54 72 90 107 125 143
60 32 49 65 81 97 114 130
70 30 45 60 75 9.0 105 120
80 2.8 4.2 5.7 71 85 99 113 °
90. 27 40 54 67 81 94 108
I00 . 26 39 52 64 77 90 103
150 22 34 45 56 67. 78 90
200 21 31 41 52 62 73 83
250 20 30 39 49 59 69 79
300 19 29 38 48 57 67 76
Concrete Grade 30
Radil of bends in bar sizes (r=Kd).
Stress f (N/mm?) .
Bar size (mm) 100 150 200 . 250 300 350 400
16 40 24 35 47 59 7.1 82 9.4
50 21 ° 32 43 54 64 7.5 8.6
60 . 20 306 40 50 60 70 8.0
720 19 29 38 48 57 67 . 7.6
80 18 27 37 46 55 64 7.3
90 18 27 35 44 53 62 7.1
100 1.7 26 35 43 52 60 69
156 1.6 24 32 40 48 56 6.4
200 1.5 2.3 3.0 3.8 4.6 5.3 6.1
250 L5 22 30 3.7 44 52 59
300 14 22 29 3.6 43 51 5.8
20 40 26 39 52 65 79 92 105
50 24 35 47 59 - 71 82 94
60 22 33 44 55 65 76 87
70 21 31 41 5.1 62 72 B2
80 20 29 39 49 5.9 69 7.9
9¢ 19 28 38 47 57 66 7.6
100 18 27 37 46 55 64 7.3
150 17 2.5 3.3 4.1 5.0 5.8 6.6
200 16 24 31 39 47 55 6.3
250 15 2.3 30 38 46 53 61
300 1.5 22 30 3.7 45 52 5.9
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“3”. _ Stress [ (N/mm?)
APPENDIN 3 Bar size (mm) 100 150 200 250 300 350 400
25 40 2.9 4.4 5.9 7.4 8.8 103 118
50 - 2.6 3.9 5.2 6.5 7.9 9.2 10.5
60 2.4 3.6 4.8 6.0 7.2 8.4 9.6
70 2.2 3.4 4.5 5.6 6.7 7.9 9.0
80 2.1 3.2 4.3 5.3 6.4 7.4 .85
90 2.0 3.1 4.1 5.1 6.1 - 7.1 8.1
100 2.0 2.9 3.9 4.9 59 - 6.9 7.9
150 1.7 2.6 3.5 44 5.2 6.1 7.0
200 1.6 2.5 3.3 4.1 49 5.7 6.5
250 1.6 2.4 3.1 3.9 4.7 5.5 6.3
300 1.5 23 3.1 3.8 4.6 5.3 6.1 -
32 40 3.4 5.1 6.8 85 102 119 136
50 3.0 4.5 6.0 7.5 9.0 104 119
60 2.7 41 5.4 6.8 8.1 9.5 10.8
70 2.5 3.8 50 6.3 7.5 8.8 10.0
80 2.4 3.5 4.7 5.9 7.1 8.2 9.4
90 2.2 3.4 4.5 5.6 6.7 7.8 9.0
100 2.1 3.2 43 5.4 6.4 7.5 8.6
150 1.9 2.8 3.7 4.7 5.6 6.5 7.5
200 1.7 2.6 3.5 4.3 5.2 6.0 6.9
250 1.6 2.5 3.3 21 4.9 5.8 6.6
300 1.6 2.4 3.2 40 48 5.6 6.4
Concrete Grade 35 )
Radii of bends in bar sizes (r=K¢). '
Stress [ (N/mm?)
Bar size (mm) 100 150 200 250 300 350 400
16 40 2.0 3.0 4.0 5.0 6.1 7.1 8.1
50 1.8 28 3.7 4.6 5.5 6.4 7.4
60 1.7 2.6 3.4 4.3 5.2 6.0 6.9
70 1.6 25 3.3 4.1 4.9 5.7 6.5
20 1.6 24 3.1 3.9 4.7 5.5 6.3
90 1.5 2.3 3.0 3.8 4.6 5.3 6.1
100 1.5 2.2 3.0 3.7 44 5.2 5.9
150 1.4 2.0 2.7 3.4 4.1 4.8 5.4
200 1.3 2.0 2.6 33 3.9 4.6 5.2
250 1.3 1.9 2.5 3.2, 3.8 4.4 5.1
300 1.2 1.9 2.5 3.1 3.7 43 5.0
20 40 2.2 34 45 5.6 6.7 7.9 9.0
50 2.0 3.0 4.0 5.0 6.1 7.1 8.1
60 1.9 2.8 3.7 47 548 6.5 7.5
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Ribbed siabs
analysis 137
arrangement of reinforcement 138
definitions 133
deflection 138
edges 136
fire requirements 135
hollow clay floor blocks 136
hollow or solid blocks 134
resistance moments 137
shear 137
thickness of topping 134
without permanent blacks 135
with permanent blocks 134
Robustness -
recommendations 17
requirements 16
ties, see Ties

Shear
bent-up bars 88
columns 119
flat slabs 149
foundations 181
links 86
shear force envelope 87
stress 83
types of failure 82
Solid stabs
analysis 122
cover 122
flat, see Flat slabs
one-way spanning
cantilever 125
concentrated lead 125
continuous members 124
crack control 125
restrained ends 124

simply supported end 123
single load case 122

ribbed, see Ribbed slabs

shear 132

top flange of Tee beam 125

two-way spanning
concentrated loads 132
deflection 132 :
lpads on supporting beams 131
restratned 127 N
simply supported 127

Staircases

fiights or landings built into walls 163

general requirements 159

longitudinal spans 161

stairs with quarter landings 167

transverse spans 160

Stress-sirain relationship
concrete 7
reinforcement 8

Ties
anchorage 20
column and wall 20
internal 19 .
lapping 19
peripheral 18
vertical 21

Torston
apnalysis 193
apportioning moments 200
cracks 199
links 199
longitudinal reinforcement 200
membrane apalogy 196
sand heap analogy 198
shear centre 202
torsional rigidity 194
torstonal shear stress 196




Reinforced Concrete Design to BS 8110
Simply explained
A.H. Allen

The new edition of this successful book has been completely revised in
accordance with the requirements of BS 8110,

As with its predecessor, the objective is to give the background for

the design principles involved and to explain the methods and proce-
dures required in the design Process for reinforced concrete structures,

‘Worked examples illustrate the steps to be taken in using design”
formulae, charts, tables etc. to-enable the designer to produce satisfac-

tory calculations and hence suitable structural members,

Design engineers, senior undergraduates and graduates will find this
text an invaluable reference source for the design of reinforced concrete
structures.
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Concrete Grade 40
Radii of bends in bar sizes (r=Kd¢).

Lo

| Stress f (N/em?) 233
0 Bar size (mm) 100 150 200 250 300 . 350 4op NAPDIIOF BENDS
YT : TO LIMIT
) 70 18 26 35 44 53 62 71 B
3 80 1.7 2.5 3.4 42 5.0 5.9 6.7
6 90 1.6 2.4 3.2 . 41 4.9 5.7 6.5
':{ ) 100 16 24 31 39 47 55 63
tJ 150 1.4 21. 28 3.6 4.3 5.0 5.7
1 200 1.3 2.0 2.7 34 4.0 4.7 S.4
I - 250 1.3 2.0 2.6 3.3 3.9 4.6 5.2
1 5'] 300 1.3 -19 2.5 3.2 3.8 4.5 5.1
2 25 40 2.5 3.8 50 . 6.3 7.6 8.8 101
. 50 2.2 3.4 45 5.6 6.7 7.9 9.0
1. 60 2.1 3.1 41 5.1 6.2 7.2 8.2
6 70 1.9 29 3.8 4.8 5.8 6.7 7.7
[ 80 1.8 2.7 3.6 4.6 5.5 6.4 7.3
3 90 1.7 26 ~ 35 44 52 61 70
J 100 1.7 2.5 3.4 4.2 5.0 5.9 6.7
+ 150 1.5 2.2 3.0 3.7 4.5 5.2 6.0
'l 200 1.4 2.1 2.8 3.5 4.2 49 5.6
= 250 1.3 2.0 2.7 3.4 4.0 4.7 5.4
2 1 300 1.3 2.0 2.6 33 3.9 46 5.2
i - 32 40 2.9 4.4 5.8 73 88 102 117
Y _‘ 50 2.6 3.8 5.1 6.4 7.7 9.0 102
N 60 2.3 3.5 4.6 5.8 7.0 8.1 9.3
5 70 21 . 3.2 43 5.4 6.4 7.5 8.6
- " 80 2.0 3.0 4.0 5.0 6.1 7.1 8.1
. 90 1.9 2.9 3.8 4.8 5.8 6.7 7.7
%) 100 1.8 2.8 3.7 46 5.5 6.4 7.4
. | 150 1.6 24 3.2 4.0 48 56 64
41 200 1.5 2.2 3.0 3.7 4.4 5.2 5.9
4 250 1.4 2.1 2.8 35 42 49 5.6
51 300 14 2.0 2.7 3.4 41 4.8 5.4

- Stress { (N/mm?)

Bar size (mm) 100 150 200 250 300 350 400
5

L 16 40 1.8 27 3.5 4.4 5.3 6.2 7.1

50 1.6 2.4 3.2 4.0 4.3 5.6 6.4
60 1.5 2.3 3.0 3.8 4.5 5.3 6.0
70 14 2.1 2.9 3.6 4.3 5.0 5.7
80 14 21 2.7 34 4.1 48 ' 5.5
90 1.3 2.0 2.7 3.3 4.0 4.7 5.3
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Stress [ {N/mm?)
APPENDIX 3 Bar size {mm) 100 150 200 250 300 350 400
100 1.3 1.9 2.6 3.2 3.9 4.5 5.2
150 1.2 1.8 2.4 3.0 3.6 4.2 4.8
200 1.1 1.7 2.3 2.8 3.4 40 46
250 1.1 1.7 2.2 2.8 3.3 3.9 4.4
300 1.1 1.6 2.2 2.7 3.2 3.8 4.3
20 40 2.0 2.9 3.9 4.9 5.9 6.9 7.9
50 1.8 2.7 3.5 44 53 6.2 7.1
60 1.6 2.5 3.3 4.1 4.9 57 6.5
70 1.5 2.3 3.1 3.9 4.6 5.4 6.2
80 1.5 2.2 2.9 3.7 4.4 5.2 5.9
90 1.4 2.1 2.8 3.5 4.3 5.0 5.7
100 1.4 2.1 2.7 3.4 4.1 4.8 5.5
150 1.2 1.9 25 3.1 3.7 4.4 5.0
200 1.2 1.8 24 2.9 3.5 4.1 4.7
250 1.1 1.7 2.3 2.8 3.4 4.0 4.6
300 1.1 1.7 2.2 2.8 3.3 3.9 4.5
25 40 2.2 3.3 4.4 5.5 6.6 7.7 8.8
50 2.0 2.9 3.9 49 5.9 6.9 7.9
60 1.8 2.7 3.6 4.5 5.4 6.3 7.2
70 1.7 2.5 3.4 4.2 5.0 5.9 6.7
80 1.6 2.4 3.2 40 4.8 5.6 6.4
90 1.5 2.3 3.1 3.8 4.6 5.3 6.1
100 1.5 © 2.2 2.9 3.7 4.4 5.2 5.9
150 1.3 2.0 2.6 3.3 3.9 46 . 5.2
200 1.2 1.8 2.5 3.1 3.7 4.3 4.9
250 1.2 1.8 2.4 2.9 3.5 41 4.7
300 1.1 1.7 2.3 29 34 - 40 4.6
32 40 2.6 3.8 5.1 6.4 7.7 8.9 10.2
50 2.2 34 4.5 5.6 6.7 7.8 9.0
60 2.0 3.0 41 5.1 6.1 7.1 8.1
70 1.9 2.8 3.8 4.7 5.6 6.6 7.5
80 1.8 2.7 3.5 4.4 5.3 6.2 7.1
90 1.7 2.5 3.4 4.2 5.0 5.9 6.7
100 1.6 2.4 3.2 4.0 4.8 5.6 6.4
150 1.4 21 2.8 3.5 4.2 49 5.6
200 1.3 1.9 2.6 3.2 3.9 4.5 5.2
250 1.2 1.8 2.5 3.1 3.7 4.3 4.9
300 1.2 1.8 24 3.0 3.6 42 4.8
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Table 1. Values of A4,,/s,
A, /s,=b(v—v)/0.87f,. .
Calculate right-hand side of equation, then read from table a suitable slze, ¢ and

Appendix 4

TABLES OF SHEAR
RESISTANCE FOR LINKS

spacing, s,.
¢

5, 6 -8 10 12 16

50 1.13 2.01 3.14 4,52 8.04

75 Q.75 1.34 2.09 3.02 5.36
100 0.57 1.01 1.57 2.26 4,02
125 0.45 0.80 1.26 1.81 3.22 -
150 0.38 0.67 1.05 1.51 2.68
175 0.32 0.57 0.90 1.29 230
200 0.28 0.50 0.79 1.13 2.01
225 0.25 0.45 0.70 1.01 1.79
250 0.23 0.40 0.63 0.90 1.61
275 0.21 0.37 Q.57 0.82 1.46
300 0.19 0.34 0.52 " Q.75 1.34

25 0.17 0.31 0.48 0.70 1.24
350 0.16 0.29 0.45 0.65 1.15
375 0.15 0.27 0.42 0.60 1.07
400 0.14 0.25 0.39 0.57 1.01
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APPENDIX 4

Table 2. Vaiués of 0.87[ A, /s,
b(v~v,)=0.87f,A,/s,.

Calculate left-hand side of equation, then read from table a suitable size, ¢ and spacing,
5y

(a) f,.=250 N/mm*

¢

5 6 8 10 12 16

50 246 437 683 984 1749
75 _ 164 292 _ 456 656 1166
100 123 219 342 492 875
125 98 175 - 273 394 - 700
150 82 146 228 328 583
175 70 125 195 281 - 500
200 62 109 171 246 437
225 55 97 152 219 389
250 49 87 137 197 350
275 45 80 124 179 318
300 . 41 73 114 164 292
325 38 67 105 151 269
350 35 - 62 98 . 141 250
375 33 58 91 131 233
400 31 55 85 123 219
(b) f,, =460 N/mm?

¢

s, 6 8 10 12 16

50 453 805 1237 1810 3219

75 302 5336 839 1207 2146
100 227 402 629 905 1609
125 181 322 303 724 1287
150 151 268 419 603 1073
175 129 230 339 517 920
200 113 201 3l4 453 805
225 101 179 279 402 715
250 91 161 251 362 644
275 82 146 229 329 584
L300 76 134 210 302 536
325 70 124 -193 279 495
350 65 115 180 259 460
375 6() 107 168 241 429

400 ) 37 . 101 137 226 402
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INDEX

Analysis

braced frames 22

examples
lateral and vertical loads’ 38340
vertical loads 32-38

section 45 .

structure 14

unbraced frames 25

Anchorage
bends 74
bond 68
hooks 73

length 68
simply supported ends 71

Rases
bearing pressure 169
bond and anchorage 175
pad footings
combined footing 171 -
shear 173
single column 170
thickness 169
pile caps
beam theory 187
force with bending moment 192
shear 189 .
truss-theory 187
+ - thickness 189
Beams
analysis 22-40
deflection 58
design charts 46
design formulae 48
efiective flange width 26
load patterns 24, 25
redistribution of moments 26
shear 80
shear enhancement 84
simplified stress block 45
sirain compatibility 55
strength of sections 45
Bearings
Isolated members 95
length of bearing
definition 94
effective 94
ultimate bearing stresses 94

‘width of bearing
allowances 95
definiion 94
Bent-up bars, sez Reinforcement
Bond
anchorage length 68
clective bar size 68
stresses 68

.Characteristic loads 5

Characteristic strength
concrete 4
reinforcement S

" Columns

addittonal moment
adjustments 112
formula 107
areas of reinforcement 120
biaxial bending 115
definitions 99
efective height 100
lapping of bars 120
minimum moment 106
moments and forces 104
shear 119
short 106
slender
braced 107
unbraced 109
slenderness ratios. 104
Concrete
grade 4
Corbels )
arrangement of reinforcement 923
bearing plate 92 : '
contact area 90
definition 90
strut-and-tie system 90
Cover
actual 41
aggregate size 42
bar size 41
corrosion 42
fire protection 43
nominal 41
uneven surfaces
Cracking
bar spacing rules 64
calculation for crack width 224

237




Cracking contd
crick width 63
formula 63
peneral 14

Dellection
and service stress 6}
calculation 212
creep and shrinkage 61
~ Hlanged beams 61
flat slabs 144
general 13
percentage ol compression reinforcement
60
percentage of tension reinforcement
ribbed slabs 138
single-way slabs 122
span and support conditions 60
span/effective depth ratio 58
two-way slabs 132
vertical loads 58
wind loads 58
Design
considerations 2
criteria 3. 13
loads 8
purpose 3
strengths of materials 6
Detailing
simplified rules 78

Efective flange width 26
Elastic modulus, sze Modulus of elasticity of
reinforcement :

Fire resistance
cover 43
Flat siabs
analysis
frame 146
simplified 148
arrangement of reinforcement 158
column heads
dimensions 142
types 141
crack control 145
definitions 141
deflection 144
division of panels 143
drops 144
holes 150 .
moment transfer 148
notation 141
. shear around column heads 149
thickness of panels 143
_Footings. see Foundations
Foundations
bending moments 170
pad footings 170
pile caps 187

reinforcement 171
shear 181

Frame analysis
braced frame 22
lateral loading 23
simplified sub-frame 23
sub-frame 22
unbraced frame 235
vertica! loading 24

Hooks, see Reinforcement

Limit states 3
Links. ses Shear
Loads
characteristic 5
combination B
" design 8
notional 17
partial salety factor 8

Modulus of elasticity of reinforcement 8
Moment redistribution 26
Moment transfer

flat slabs 148

footings 175

Nibs 95

Pad lootings 170 . :
Pile caps 187
Poisson’s ratic 7
Precast concrete
bearings 94
bearing stresses 94
corbels 90

Redistribution of moments 26
Reinforcement
anchorage at simply supported end 71
anchorage bond 68
bends
anchorage value 74
bearing stresses 75
bent-up bars 88
characteristic strength 5
cover 4l :
curtailment 69
elastic modulus 8
hooks 73
in columns. see Columns
lapping
compression 73
tension 72
maximum percentage 68
minimum distarice between bars 67
minimun percentages 52, 67
stress—strain curve §
ties 17




