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Preface and Acknowledgments

Significant changes have occurred in structural design
criteria since I wrote the first edition of this book {pre-
viously titled 246 Solved Structural Engineering Prob-
lemns). Design specifications for steel, concrete, timber,
and masonry structures have been revised multiple
times to reflect new research findings and to correct
deficiencies. While none of these changes substantially
affects the solutions presented in previous editions, they
make it necessary periodically to revise the problems in
this book to reflect the latest design expressions, allow-
able stresses, and code citations.

I have made changes to bring this fifth edition in line
with the following codes and specifications.

e 2010 AASHTO LRFD Bridge Design Specifications
e 2009 International Building Code

e 2008 ACI 318, Building Code Requirements for
Structural Concrete

e 2008 ACI 530/530.1 (TMS 402/602) Building Code
Requirements aend Specification for Masonry
Structures

e 2007 AISI North American Specification for the
Design of Cold-Formed Steel Structural Members

As of the publication of this edition, these codes and
specifications are used by both the 16-hour structural
SE exam and the structural depth section of the civil PE

exam, which are prepared by the National Council of
Examiners for Engineering and Surveying (NCEES).
The problems in this book wilt help you in your pre-
parations for either exam.

This book has had a long journey, and many organiza-
tions and individuals have contributed along the way to
it. In particular, I would like to thank Alan Williams,
who technically reviewed the extensive revisions incor-
porated into the fourth edition. I would also like to
thank Patrick Albrecht, Heather Jones, and Stephen
Schorn, who checked each problem’s calculations.

I am also grateful to the staff at PPI, including Scott
Marley, project editor; Jenny Lindeburg King, editorial
project manager; Kate Hayes, typesetter and illustrator;
Magnolia Molcan, typesetter and proofreader; Tom
Bergstrom, illustrator; Amy Schwertman La Russa,
cover designer and illustrator; Sarah Hubbard, Director
of Product Development and Implementation; and
Cathy Schrott, Production Services Manager.

However, while I had much help in creating this fifth
edition, any mistakes you find are mine alone. If you
find a mistake, please submit it through PPI's errata
page at www.ppi2pass.com/errata. A reply will be
posted and the error revised accordingly in the next
printing.

C. Dale Buckner, PhD, PE, SECB
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Introduction

HOW TO USE THIS BOOK

Structural Engineering Solved Problems is intended to
be used as part of your exam review for the civil struc-
tural PE depth exam and the 16-hour structural SE
exam, both prepared by the National Council of Exam-
iners for Engineering and Surveying (NCEES). As such,
it provides a comprehensive set of 100 solved problems,
which are categorized into chapters that encompass the
broad categories found on these exams. These categories
are structural analysis, structural concrete design, struc-
tural steel design, seismic design, foundations and
retaining structures, timber design, and masonry design.

The chapters may be worked in any order, but it is
recommended that you work only one chapter at a time.
Problems should be worked sequentially, as they are
arranged in order of increasing complexity. As a rough
guide, the first quarter of & chapter consists of two types
of problems. The first type includes qualitative problems
that require specific short answers rather than calcula-
tions or sketches. These problems cover a broad range of
topics and may be used to prepare for the multiple-
choice problems of the civil PE and structural SE
exams. The second type includes basic quantitative
problems that will require 30 to 45 minutes to solve.
The middle half of the chapter consists of more difficult
quantitative problems that will require 1 hour to solve.
The last quarter of a chapter consists of in-depth quan-
titative problems that will require 1}/2 to 2 hours to
solve. These latter problems are similar in scope to those
found on the depth sections of the structural SE exam.

The solutions to the problems in this book show the
steps necessary to arrive at the final answers. However,
many of the design problems require assumptions that
will lead to unique answers. Therefore, the final answer
provided in this book may not necessarily be the exact
answer you derived. This is OK. The solutions to such
problems are intended to serve as a basis of comparison
for you. That is, it is more important that you under-
stand the process by which to solve a problem than to
attain the exact answer printed. By comparing this
book’s solutions to your own solutions, you will be able
to see if there are specific areas that require further
study.

Before attempting to solve any problems, make sure to
read this Introduction’s information about the civil PE
and structural SE exams. This information is provided
so that you obtain a good understanding of the exams’
formats and contents, as well as the rules and

regulations for taking the exams. Gaining familiarity
with the nature of the exams is an essential preparation
step.

Both the civil PE and structural SE exams are open
book. Therefore, as part of your exam preparation, you
should select, prepare, and review your exam reference
materials to become intimately familiar with the con-
tents of each selected book. Your exam reference mate-
rials should include books that are specific to the
structural subjects on the exam. PPI publishes several
books for this purpose. These include Structural Engi-
neering Reference Manual, Structurel Depth Reference
Manual for the Civil PE Ezam, Bridge Design for the
Civil and Structural PE Ezams, Timber Design for the
Civil and Structural PE Ezams, Concrete Design for the
Civil and Structural PE Ezams, and Seismic Design of
Building Structures.

This book’s “Codes, Standards, and References Used in
This Book” section lists the codes, design standards,
and other publications that the solutions in this book
are based on. For your exam, use those codes and
design standards that the current exam is based on.
Check PPI's website at www.ppi2pass.com/civil or
www.ppiZpass.com/structural for current code
information and answers to frequently asked questions
(FAQs) about the civil and structural PE exams.

ABOUT THEEXAMS =

The civil PE and structural SE exams are standardized
tests prepared by NCEES to ensure that only qualified
candidates are allowed to legally practice as engineers.
Passing one of these tests is required in most states for
licensure as an engineer.

Although both exams are prepared by NCEES, they are
administered by the licensing boards of the various
states, which usually also require candidates to have
attained a certain level of education and experience
before being allowed to take the exams. For information
regarding these requirements in the state you plan to
become licensed, and to apply for licensure, contact your
state board. Current contact information for each state
board may be obtained at www.ppi2pass.com/
stateboards.

The Civil Structural PE Exam

The NCEES PE exam in civil engineering consists of
two 4-hour sections, separated by a one-hour lunch

PPl # www.ppillpass.com
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vili STRUCTURAL ENGINEERING SOLVED PROBLEMS

period. Both sections contain 40 multiple-choice prob-
lems, and you must answer all problems in each section
to receive full credit. There are no optional questions.

The breadth section is taken in the morning by all
examinees. In the afterncon, you are able to select from
five depth sections: water resources and environmental,
geotechnical, transportation, construction, and struc-
tural. The structural depth section covers a range of
structural engineering topics including loadings, analy-
sis, mechanics of materials, materials, member design,
design criteria, and other topics. Table 1 provides a
detailed analysis of the subjects covered by the civil
structural PE depth exam.

To pass the civil PE exam, you must obtain an accept-
able score on both the breadth and the depth sections of
the exam.

The Structural SE Exam

The structural SE exam is offered in two parts. The first
part—vertical forces (gravity/other) and incidental lat-
eral—takes place on a Friday. The second part—lateral
forces (wind/earthquake}—takes place on a Saturday.
Each part comprises a breadth section and a depth
section, as outlined in Table 2.

Table 1 NCEES Civil Structural PE Dapth Exam Specifications

The breadth sections in the morning are each four hours
and contain 40 muitiple-choice problems that cover a
range of structural engineering topics specific to vertical
and lateral forces. The depth sections in the afternoon
are also each four hours, but instead of multiple-choice
problems, they contain essay (design)} problems. You
may choose either the bridges or the buildings depth
section, but you must work the same depth section
across both parts of the exam. That is, if you choose to
work buildings for the lateral forces part, you must also
work buildings for the vertical forces part. Both breadth
and depth sections use customary U.S. units.

According to NCEES, the vertical forces (gravity/
other) and incidental lateral depth section in buildings
covers loads, lateral earth pressures, analysis methods,
general structural considerations (e.g., element design),
structural systems integration (e.g., connections), and
foundations and retaining structures. The depth section
in bridges covers gravity loads, superstructures, sub-
structures, and lateral loads other than wind and seis-
mic. It may also require pedestrian bridge and/or
vehicular bridge knowledge.

Structural (87.5%)

Loadings (12.5%): dead and live loads, moving loads, wind loads, earthquake loads (including liquefaction, site characterization,
and pseudo-static analysis), snow loads, construction loads, impact loads, load paths, load combinations

Analysis (12.5%): determinate, indeterminate

Mechanics of materials (12.5%): shear and moment diagrams, flexure, shear, tension and compression, combined stresses,
deflection, progressive collapse, torsion, buckling, fatigue, thermal deformation

Materials (12.5%): reinforced and plain concrete, prestressed and post-tensioned concrete, structural steel (structural, light gage,
reinforcing), timber, masonry (brick veneer, CMUJ), composite construction

Member design (25%): beams, slabs, columns, footings, trusses, braces and frames, connections (bolted, welded, embedded,
anchored), shear and bearing walls, diaphragms (horizontal, vertical, flexible, rigid)

Design criteria (12.5%): IBC, ACI 318 and 530, PCI, AISC, NDS, AASHTOQ, ASCE 7, AWS

Other Topics (12.5%)

Engineering properties of soils and meateriels: index properties (e.g., plasticity index; interpretation and how to use them)

Soil mechanics analysis: expansive soils
Shallow foundations: mat and raft foundations

Deep foundations: axial capacity (single pile/drilled shaft), lateral capacity and deflections (single pile/drilled shaft), settlement,

behavior of pile and/or drilled shaft group
Engineering economics; value engineering and costing

Material quality control and production: welding and bolting testing

Temporary structures: formwork, falsework and scaffolding, shoring and reshoring, concrete maturity and early strength

evaluation, bracing, anchorage

Worker health, safety, and environment: OSHA regulations, safety management

PPl o« www.ppl2pass.com
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Table 2 NCEES Siructural SE Exam Specificalions

Friday: vertical forces {gravity/other) and incidental lateral

breadth section analysis of structures {30%)
4 hours loads {10%)
40 multiple-choice problems methods (20%)

design and details of structures (65%)
general structural considerations (7.5%%}
structural systems integration (2.5%)
structural steel (12.5%)
light gage/cold-formed steel {2.5%)
concrete (12.5%)
woad (10%)
masonry (7.5%)
foundations and retaining structures (10%)

construction administration (5%)
procedures for mitigating noncomforming work (2.5%)
inspection methods (2.5%)

depth section®
4 hours
essay {design) problems

buildings®
steel structure (1-hour problem}
concrete structure (1-hour problem)
wood structure (i-hour problem}
masonry structure (1-hour problem)
bridges
concrete superstructure {1-hour problem)
steel superstructure (2-hour problem)
other elements of bridges {e g., culverts, abutments, retaining walls) (1-hour problem)

Saturday: lateral forces (wind/earthquake)

breadth section
4 hours
40 multiple-choice problems

analysis of structures (37%)
lateral forces (10%)
lateral force distribution (22%)
methods (5%}
design and detailing of structures (60%)
general structural considerations (7.5%}
structural systems integration {5%)
structural steel {10%)
light gage/cold-formed steel (2.5%)
concrete {12.5%)
wood (7.5%)
masonry {7.5%)
foundations and retaining structures (7.5%)
construction administration (3%)

structural observation (3%)
depth section® buildings*
4 hours steel structure (1-hour problem)

essay (design) prcblems

concrete structure (1-hour problem)

wood and/or masonry structure (i-hour problem)

general analysis (e.g., existing structures, secondary structures, nonbuilding structures, and for
computer verification) (1-hour problem)

bridges

columns (1-hour problem)

footings (1-hour problem)

general analysis {e.g., seismic and/or wind) (2-hour problem)

“Afterncon sections focus on a single area of practice. You must choose either the buildings or bridges depth section, and you must work the
same depth section across both parts of the exam.

®At least one problem will contain a multistory building, and at least one problem will contain a foundation.
At least two problems will include seismic content with a seismic design category of D or above. At least one problem will include wind
content with a base wind speed of at least 110 mph. Problems may include & multistory building and/or a foundation.
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The lateral forces (wind/earthquake) depth section in
buildings covers lateral forces, lateral force distribution,
analysis methods, general structural considerations
(e.g., element design), structural systems integration
(e.g., connections), and foundations and retaining struc-
tures. The depth section in bridges covers gravity loads,
superstructures, substructures, and lateral forces. It
may also require pedestrian bridge and/or vehicular
bridge knowledge.

To pass the structural SE exam, you must obtain
acceptable results on both 8-hour parts. However, you
are not required to obtain acceptable results on both
parts in a single exam administration period. That is,

you may sit for and obtain an acceptable resuit for one
part one year and then sit for and obtain an acceptable
result for the second part at a later date. Some state
boards may impose a five-year window for obtaining
acceptable results on both parts.

AFTER THE EXAMS

You will typically receive your results within 12 weeks of
taking either exam. To find out which states have
released their results, check in regularly with the Exam
Forum on PPI's website, www.ppi2pass.com.
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Codes, Standards, and References

Used in This Book

CODES AND STANDARDS

AASHTO: AASHTO LRFD Bridge Design Specifice-
{tions, 5th ed. Washington, DC: American Association
of State Highway & Transportation Officials, 2010.

ACI 318: Building Code Requirements for Structural
Concrete. Farmington Hills, MI: American Concrete
Institute, 2008.

ACI 530/530.1 (TMS 402/602): Building Code Require-
ments and Specification for Masonry Structures {and
related commentaries). Boulder, CO: The Masonry
Society, 2008.

AISC: Seismic Design Manual, 3rd printing. Chicago,
IL: American Institute of Steel Construction, 2008.

AISC: Steel Construction Manual, 13th ed. Chicago, IL:
American Institute of Steel Construction, 2005.

AISL: North Americen Specification for the Design of
Cold-Formed Steel Structural Members. Washington,
DC: American Iron and Steel Institute, 2007.

AITC: Timber Construction Manual, 5tk ed. Engle-
wood, CO: American Institute of Timber Construction,
2004.

AITC 104: Typical Construction Details. Englewood,
CO: American Institute of Timber Construction, 2003.

ANSI/AISC 341: Seismic Provisions for Structural Steel
Buildings. Chicago, IL: American Institute of Steel Con-
struction, 2005.

ASCE 7: Minimum Design Loads for Buildings and
Other Structures. Reston, VA: American Society of Civil
Engineers, 2005.

FEMA 267: Interim Guidelines: Ewvaluation, Repair,
Modification and Design of Welded Steel Moment
Frame Structures and Interim Guidelines Advisory
No. 2: Supplement to FEMA-267 Interim Guidelines.
Sacramento, CA: Federal Emergency Management
Agency, 1999.

IBC: International Building Code (without supple-
ments). Washington, DC: International Code Council,
2009.

NDS: Nationael Design Specification for Wood Construc-
tion ASD/LRFD and National Design Specificetion
Supplement, Design Values for Wood Construction.
Washington, DC: American Forest & Paper Associa-
tion, 2005.

PCL: PCI Design Handbook: Precast and Prestressed
Concrete, 6th ed. Chicago, IL: Precast/Prestressed Con-
crete Institute, 2004.

SEAQC: SEAQC Blue Book: Seismic Design Rec-
ommendations. Sacramento, CA: Structural Engineers
Association of California, 2009.

TMS 402/602: See ACI 530/530.1.

REFERENCES

American Plywood Association. APA Engineered Wood
Construction Guide. Tacoma, WA: American Plywood
Association.

Becker, R., F. Naeim, and E. J. Teal. “Seismic Design
Practice for Steel Buildings." Stee! Tips, August 1988.
Walnut Creek, CA: Steel Committee of California.

Blodgett, O. W. Design of Welded Structures. Cleve-
land, OH: James F. Lincoln Welding Foundation.

Breyer, Donald E., Kenneth J. Fridley, Kelly E. Cobeen,
and David G. Pollock, Jr. Design of Wood Structures:
ASD/LRFD. New York, NY: McGraw Hill Professional.

Darwin, D. Design of Steel and Composite Beams with
Web Openings (AISC Design Guide 2). Chicago, IL:
American Institute of Steel Construction.

Fisher, James M., and Donald R. Buettner. Light and
Heavy Industrial Buildings. Chicago, IL: American Insti-
tute of Steel Construction.

Iwankin, N. “Ultimate Strength Considerations for Seis-
mic Design of the Reduced Beam Section (Internal Plas-
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Nomenciature

symbol  definition (units) symbol  definition (units)
a depth of equivalent rectangular stress block (in) ¢ distance from extreme compression fiber to neutral
a length of cantilevered beam (in) axis (in)
ap component amplification factor (ASCE 7 c size of rectangular or equivalent rectangular
Sec. 13.3.1) column, capital, or bracket (in)
Ay area of individual bar (in?) s distance from centroid of section to extreme
Ac equivalent area of concrete compression zone (in?) bottom fiber (in)
Acomp cross-sectional area in compression (in?) c; distance from centroid of section to extreme top
Acy gross area of concrete section bounded by web fiber (in)
' thickness and length of section in the direction c change in elevation {in}
_ l of shear force (in?) c compressive force (Ibf)
A, effective net area (in?) C. compressive force in concrete (Ibf)
A net cross-sectional area of flange (in?) Cy deflection amplification factor (ASCE 7
] Ay gross cross-sectional area (in®) Table 12.2-1)
L Ags gross cross-sectional area of steel (in®) Cp load duration factor {NDS Table 2.3.2)
Ag gross cross-sectional area subject to shear (in?) Cy constant based on stress category (ASCE 7
f Ay area of shear reinforcement parallel to flexural Table A-3.1)
] tension reinforcement (in?) Cr size factor for sawn lumber (NDS Sec. 4.3.6)
- A area of reinforcement in bracket or corbel resisting C, group action factor (NDS Sec. 10.3.6)
tensile force N, (in?) CL beam stability factor (NDS Sec. 3.3.3)
1 . Ap net cross-sectional area (in?) Cum factor relating actual moment diagram to
L) Any net area subject to shear (in?) equivalent uniform moment diagram
' Apa area of prestressing tendon (in?) Cu wet service factor
Apr cross-sectional area of plate (in?) C, wall pressure coefficients (ASCE 7 Fig. 6-6)
™ A, area of tension reinforcement (in®) Cp column stability factor (NDS Eq. 3.71)
A, area of compression reinforcement (in?) Chpe external wall pressure coefficients (ASCE 7
Ay area of primary tension reinforcement in bracket Fig. 6-6)
or corbel (in?) Cru net wall pressure coefficients (ASCE 7 Fig. 6-6)
Ap total cross-sectional area of transverse Cpr factor to account for probable overstrength of steel
= reinforcement (including crossties) within section
spacing s and perpendicular to dimension k. (in?) C, repetitive use factor (NDS Sec. 4.3.9)
Ay area of steel in longitudinal direction (in?) C, effective compressive force in reinforcement {Ibf)
Ag total area of longitudinal steel (in?) C, seismic response coefficient
Auy area of steel in transverse direction (in®) (of compressive force in steel (Ibf)
Ay area of steel in web area of wall (in?) (of period coefficient (ASCE 7 Table 12.8-2)
A tributary area supported by structural Cin toenail factor (NDS Sec. 11.5.4)
member (in?) Cv volume factor (NDS Sec. 5.3.6)
Aten cross-sectional area in tension (in?) (04 vertical distribution factor (ASCE 7 Chap. 12)
A, area of shear reinforcement within spacing s (in?) d depth or diameter (in)
Ay ares, of shear-friction reinforcement (in®) d distance from extreme compression fiber to centroid
= Ay cross-sectional area of web (in?®) of longitudinal tension reinforcement (in)
b breadth or width (in) d toe length (in)
b, Ieast dimension center-to-center of closed hoop (in) d distance from extreme compression fiber to
L be effective width (in) centroid of compression reinforcement {in)
bp required reduction in flange width (in) dp nominal diameter of bar, wire, or prestressing
bu web width (in) strand (in)
B breadth of structural shell (in) dy diameter of longitudinal bar
B width of support or member (in) d. effective depth (in}
By, B, amplifiers to account for second-order effects D dead load (Ibf or Ibf/in?}
J (AISC Sec. C2.1b) D diameter or displacement {in}

PPI » www.pplilZpassi
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symbol definition {units) symbol definition (units)
D number of 1/16ths of an inch in fillet weld size Foy compression perpendicular to grain (NDS
Dy g, D¢ displacement caused by applied load (in) Table 4A) {Ibf/in?)
Dp depth of foundation {in) F partially adjusted compression parallel to grain
Dr temperature coefficient (ft./ft-°F) (NDS Sec. 15.3.2)
e eccentricity of force (in} F, adjusted compression parallel to grain (lbf/in?)
E modulus of elasticity {Ibf/in?) \ F, adjusted gompression perpendicular to grain
E adjusted modulus of elasticity (Ibf/in?) (1bf/in%)
E. modulus of elasticity of concrete (1bf/in?) F.g critical buckling design value for compression
En modulus of elasticity of masonry (Ibf/in?) member (Ibf/in?)
Ein, By, modulus of elasticity and adjusted modulus of Fe flexural buckling stress (1bf/in?)
elasticity for beam and column stability F. elastic eritica! buckling stress (Ibf/in?)
caleulations (Ibf/in?) Fexx electrode classification number (lbf/in?)
B modulus of elasticity of prestressing steel (Ibf/in?) Fy, horizontal seismic design force (ibf/in?)
£, modulus of elasticity of stee in PL orce in plate
odulus of elasticity of steel {lbf/in F fi in plate (Ibf)
Er exural stiffness of compression member (in®-1b B owable steel stress in reinforced masonry
flexural stiff; f comp ber (in-1bf) F allowabl 1 in reinforced
f natural frequency (Hz) {Ibi/in?)
Mz, Fsp design stress range (Ibf/in?)
b1, fo»  Hexibility infiuence coefficient (in/Ibf) Fy tension design value parallel to grain {Ibf/in?)
Iy shear flow or stress caused by bending moment F adjusted tension design value parallel to grain
(bf/in) (Ibf/in?)
IfEnt stress in base material (Ibf/in?) Fry fatigue threshold (Ibf/in?)
fe calculated compressive stress in concrete {Ibf/in?) Fy specified minimum tensile strength (1bf/in?)
m calculated compressive stress perpendicular to Fy shear parallel to grain (horizontal shear) (Ibf/in?)
grain (Ibf/in?) Fy vertical component of prestress force (Ibf/in?)
£ specified compressive strength of concrete (Ibf/in®) F, adjustef:l ghear parallel to grain (horizontal shear)
v square root of specified compressive strength of (Ibf/in®)
¢ concrete (1bf/in?) o nominsl strength of weld per unit area (1bf/in?)
. in?
i, specified compressive strength of masonry Fy weld electrode strength (Ibf/in*)
(Ibf/in?) F.,F,, F; force in the z-, y-, or 2-direction (1bf)
fo passive earth pressure (Ibf/in?) Fy lateral force (Ibf)
Spe stress in concrete caused by prestress (Ibf/in?) Fy yield stress (Ibf/ inz)_
V- effective prestress after all losses (Ibf/in?) FEM fixed end moment (in-lbf)
. . ; FS factor of safety
Bt specified tensile strength of prestressing steel . T s , bet
(Ibf/in?) g ransverse center-to-center spacing (gage) between
fr resultant shear flow (Ibf/in) c f:st;_ne: ?agte hn;gnE)7 Sec. 6.5.8
S calculated stress in reinforcement at service loads Bus EGect Tnctori( g =
(Ibf/in?) e shlear modu!us {Ibf/in?)
£, stress in compression reinforcement (Ibf/in?) f ::iﬁg!;;ﬁi;?m
el Y | v - 2
fui initial stress in remforce_ment (Ibf/in?) h overall thickness of member (in)
fsn actual stress range {Ibf/in?) . : :
transfer stress in reink ¢ (Ibf/in? he cross-sectional dimension of column core measured
Ju ran:i er str - relit;forcement (lb f/ n 2) center to center of confining reinforcement {in)
S working stress in re orce'mzen (Ibf/in) h. two times distance from centroid to inside face of
f :;qulr?ld shwus:g (rlbf/ ml) /i compression fiange less fillet radius (in)
£ O e (Ibf/in) hp height of highest level of structure above base (ft)
fu slun.fnctlo'n (Ibf/in") . X hp height of parapet (ft)
£y specified yl.eld strength of rel.nforcement (Ibf/in?) hy two times distance from plastic neutral axis to
Frpr probable yield strength (Ibf/in’) nearest line of fasteners at compression fange (in)
Fa specified yield strength of transverse reinforcement h, overall thickness of slab (in)
(Ibf/in?) hes story height (in)
F force (1bf) he height of wall from base to top (in)
F inches of rise per foot of run H height (in}
Fy allowable bending stress (Ibf/in?) H horizontal force (Ibf)
F"b adjustﬁ allowable bﬂﬂdi.ﬂg stress (lbf/inz) I moment of inertia (in‘)
: partially adjusted allowsble bending stress (Ibf/in?) I occupancy importance factor (ASCE 7 Sec. 11.5.1)
Fue critical buckling stress for bending member I, moment of inertia of beam (in%)
{Ibf/in?) I, centroidal moment of inertia (in?)
F. cornpression parallel to grain (NDS Table 4A) In moment of inertia of cracked section transformed
{Ibf/in?) to concrete (in%)
PPl @« www.ppl2pass.com
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symbol  definition (units) symbol  definition {units)
I, moment of inertia of girder (in) Mo allowable flexural strength about strong axis or
I, moment of inertia of gross concrete section about z-axis (in-ibf)
centroidal axis, neglecting reinforcement {in*) My, allowable flexural strength about weak axis or
I component impartance factor (ASCE 7 yaxis (in-1bf)
Sec. 13.1.3) My moment caused by dead load {in-Ibf)
I, moment of inertia of slab (in*) M, moment caused by earthquake (in-1bf)
] ratio of distance between centroid of flexural M, moment caused by live load (in-1bf)
compressive forces and centroid of tensile forces My, first-order moment caused by translation {in-1bf)
to effective depth = 1 — £/3 M, nominal flexural strength (in-1bf)
& neutral axis dapth factar = /2pn +(pn)? - pm M, nominal moment strength at section (in-1bf)
k spring constent {Ibf/in) Mu first-order moment, no lateral translation (in-1bf)
k stiffness (Ibf/in) . M fotg. aciord sk ‘“°“;‘?“t (g"lbﬂ
ko coefficient of active earth pressure r plastic bending moment (in-1b
Kies distance from outer face of flange to web toe of My, probable moment strength of steel beam {in-1bf)
fillet (in) My moment at plastic centroid (in-1bf)
K effective length factor ﬁ,,,. probable flexural strength (in-1bf}
K relative rigidity (Ibf/in) " moment caused by prestress force {in-1bf)
Kq wind directionality factor (ASCE 7 Table 6-4) M, e o ety (1nb)
K; column stability coefficient (NDS Sec. 15.3.2) M. resxs!;mg moment against overturning (in-Ibf)
KL live load element factor (ASCE 7 Table 4-2) M ’W“;(‘;ed flexural strength or bE?“dli"]‘g moment
K, velocity pressure exposure coefficient at B e e 013 U
elevation z (ASCE 7 Sec. 6.5.6.6) My reqt;':ed ﬂe;:;ukral .fitreugth o ?enﬁ:;;g moment
Ka topographic factor (ASCE 7 Sec. 6.5.7) e cou IOy baxig, (I,
L, additional embedment length at support or point ﬁ' it‘atfc r:fment. oftt?ertirn(m-lbf)
of infiection (i ¢ orsional moment (in-
I BT lef'.ll;t)h (in) M, inherent torsional moment {in-1bf)
{an development length of hooked tension bar (in) M, &?Ctored T sect L) (in-lb:f)
L. effective length (in) M, yield moment about axis of bending {in-1bf)
L vertical edge distance (in) ﬁ gE yield_ motnent f?r compression flange {in-Ibf)
I length of lap splice dowels (in} T C(.‘.lnSldBI'Ed ea.rt hiquake
I length of clear span from face to face of beams or n mod‘;::r rfa ;mtof elasticity = £,/ or Ba/ Em
other supports {in) n nugels. Ssenes
to overall length of continuous beam (in) Thont number of bare e
I transfer length (in) Ry number of fasteners resisting horizontal force
I, BT M | o1, (in) ny number of fasteners resisting shear force
lo overall length of wall (in) N bearing length (in)
LI length (in) N net lateral earth pressure (lbf/in?)
I live load (Ibf or Ibf/in?) Nuc factored tensile force applied at top of bracket or
oRe N oy corbel (Ibf)
i ii:::jlpat‘o" fact:‘egl"irf sech/ “;) : Ny, N,:  stress resultant in a structural shell, with subscript
b ﬂa.ng}; ‘(‘;‘:)“PPO ength of compression indicating direction (Ibf/in)
| . P load per unit of length {lbf/in)
ge iﬁice:::efl:ii}ilgglgve load (Ibf/in?) P member internal force caused by unit virtual force
o (units same as virtual force)
. ]
L, reduced roof live load (Ibf/ - ) P simplified design wind pressure (ASCE 7
Lieiy length of collector transferring shear to wall (in) Sec. 6.4.2.1)
Ly length of weld (in) P load or force (lbf)
L, L, pro_l.ected leng;th of' shell Erom lo?veslt pt?int to P unfactored axial ioad {(bf)
h{gha.t. pofnt, with subscript indicating Py, P,, P, participation factor
direction (in) - Py nominal axis load strength at zero eccentricity (Ibf)
m mass (Ibm or Ibf-sec”/in) Py nominal axial compression strength at balanced
m member int.f:rnal moment caused by unit virtual strain condition (1bf)
] furce_ (units same as v12rtun.l force) P, allowable or available axial compressive
m generahze.d mass {Ibf-sec?/in) strength (Ibf)
M moment (in-1bf) )b critical load (1bf)
My overturning moment (in-1bf) d o design axial compressive strength (Ibf)
M, nominal flexural strength at balanced strain Peow axial compression force caused by wind (Ibf)
condition (in-1bf) Py dead load (1bf)
M, available flexural strength (in-1bf) P, earthqueke-induced load (1bf)
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xvi STRUCTURAL ENGINEERING SOLVED PROBLEMS
symbol definition {units) symbol definition (units)
P. elastic critical buckling resistance {AISC Sus maximum considered earthquake { MCE} spectral
Sec. C2.1b) response acceleration parameter at short 1
P. effective pressure force (lbf) periods (ASCE 7 Chap. 11)
A live load (1bf) 5 section modulus with respect to top (in?)
P, nominal strength of cross section subject to 5y section modulus of weld (in?)
compression (Ibf) S elastic section modulus taken around z-axis {in?)
P, tensile strength (1bf} ¢ thickness (in)
P first-order axial force assuming no lateral ty connector flange thickness (in)
translation of frame (ibf) by connector web thickness (in)
P, required strength (Ibf) b thickness of wall {in)
P, axial load due to snow (tbf) twe equivalent width of wall or web (in)
P, required axial strength in compression (Ibf) T fundamental period (sec)
P, factored axial load at given eccentricity (ibf) T tension force (1bf)
Py factored load from tributary ficor or roof area (1bf) T. approximate fundamental period (sec)
Puw factored weight of wall (1bf} T, nominal torsional moment strength (in-1bf)
P, weight of wall (Ibf) 7 Spi1/Sp2 x 1 sec (sec)
P, total vertical design load (1bf) T, factored torsional moment at section (in-1bf)
P, load at yield (lbf) T, tensile force in web area of wall (1bf)
P, uniform loading on a structura! sheil in the u bearing pressure caused by gravity loads plus
zdirection (Ibf/in?) uplift (1bf/in?)
q lateral force (ibf) U required strength to resist factored loads or related 1
q shear flow in fillet weld (lbf/in) internal moments and forces (Ibf)
q: velocity pressure at elevation z (ASCE 7 Eq. 6-15) U shear lag factor
(Ibf/in%) v shear stress per unit length (Ibf/in)
Q gtatical moment of area (in®) 14 shear force or shear strength (Ibf)
Q virtual load (Ibf) Vv vertical force (Ibf)
Qz effect of horizontal seismic forces (Ibf) V. nominal shear strength provided by concrete (lbf)
ap surcharge load at bage of foundation (Ibf/in?®) V. effective shear strength (lbf)
r fraction of force carried by beam Ve seismic shear (1bf)
r radius of gyration of cross section of compression Ve seismic shear in z-direction (lbf)
member (in) Va nominal shear strength (ibf)
o nominal shear strength of one bolt (1bf) v, design shear (1bf)
T effective radius of gyration (AISC Eq. F2.2) (in) v, adjusted design shear (1bf)
R beam reaction (1bf) V, nominsal shear strength provided by shear
R response modification coefficient (ASCE 7 reinforcement (Ibf)
Table 12.2-1) Vu factored shesr force at section (1bf)
R shear strength of a group of bolts (Ibf) Vu ultimate shear force (Ibf)
R, R reduction factor (ASCE 7 Sec. 4.9.1) Vw wind shear (Ibf}
R, required strength (Ibf) Vs seismic shear force (1bf)
Rg slenderness ratio of bending member w length of weld (in)
Ra nominal strength (1bf or 1bf/in) w uniformly distributed weight or load per unit of
R, component response modification factor (ASCE 7 length (1bf/in)
Sec. 13.3.1) uy weight of beam per unit of length or ares (Ibf/in or
s spacing of members (ft) Ibf/in?)
g adjusted spacing of members (ft) w, unit weight of concrete (Ibf/in®)
So maximum spacing of transverse reinforcement (in) w4, Wp dead load (Ibf/in or lbf/in?)
8 elastic section modulus of section (in%) w, equivalent uniform load from prestress (Ibf/in or
Sa spectral acceleration ot pseudo-acceleration Ibf/in?)
(in/sec?) wg seismic force (Ibf/in®)
Sy section modulus with respect to bottom (in®) wy live load (Ibf/in or |bf/in?)
Sa spectral displacement (in) ity weight of slab (Ibf/in or 1bf/in?)
So design spectral response acceleration parameter at w, factored load per unit length of beam or per unit
& period of 1 sec (ASCE 7 Chep. 11) ares of slab (Ibf/in or Ibf/in?)
Sps design spectral response acceleration parameter at Wy force per unit length due to wind (Ibf/in)
short periods (ASCE 7 Chap. 11) Wy unit weight of wood (Ibf/in®)
Sy ground acceleration (in/sec?) w seismic dead load (Ibf or Ib/ft)
Sumt maximum considered earthquake (MCE) spectral w weight or vertical force (Ibf)
response acceleration parameter at a period of w width of structural shell (in)
1 sec (ASCE 7 Chap. 11) w withdrawl force for fastener (Ibf)
PPI o www.ppl2pass.com
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NOMENCLATURE m“% .

by |

" symbol  definition (units) symbol  definition (units)
‘ z displacement (in) €y strain in reinforcement at first yield (in/in)
T distance along member axis (in) 8 rotation of joint (rad)
- T period coefficient (ASCE 7 Table 12.8-2) A adjustment factor for building height and
_ Im distance to center of mass (ft) exposure (ASCE 7 Fig. 6-2)
] T cannection eccentricity (in) A lightweight aggregate concrete factor
| y distance in y-direction (in) A slenderness parameter (by/2¢;)
v longer overall dimension of rectangular part of Ap limiting slenderness for compact element
cross section (in) {AISC Table B4.1)
T Ve distance from center of gravity of concrete to Aps limiting slenderness for compact fange
J center of gravity of prestress steel at center (in) {AISC Table B4.1)
Y. distance from center of gravity of concrete to Apw limiting slenderness for compact web
[ center of gravity of prestress steel at center (in) {AISC Table B4.1}
I Yemax maximum vertical deflection (in} Ar limiting slenderness for noncompact element
¥ distance from reference axis to centroid of (AlSC Table B4.1)
: section (in) Ary limiting slenderness for noncompact flange
I Y2 distance from top of steel beam to concrete flange (AISC Table B4.1)
| force (in) 1! coefficient of static friction
Z lateral design value for a single fastener £ damping ratio
: connection (Ibf) p ratio of non-prestressed tension reinforcement =
| | lateral design value for a single fastener connection A,lbd
4 with wood members loaded parallel to grain (1bf) P ratio of longitudinal wall steel to gross area of wall
z adjusted lateral design value for a single fastener 2 ratio of transverse wall steel to gross area of wall
connection (Ibf) T shear stress computer by elastic theory (1bf/in?)
[ z adjusted lateral design value for a single fastener ) rotation (rad)
connection with wood members loaded e strength reduction factor
perpendicular to grain (Ibf) o rotation of far end (rad)
] Zz plastic section modulus about the major axis {in®) é, eigenvector
oy ratio of flexural stiffness of beam section to Pn rotation of near end (rad)
flexural stiffness of width of slab o eigenvector matrix
) g, @y angle between horizontal and rib of structural ¢ stiffness ratio
; t shell, with subscript indicating direction (rad) i, factor used to modify development length for bar
By depth factor {(ACI 318 Sec. 10.2.7.3) coating
Ba ratio of dead load to total load P, factor used to modify development length for bar
M+ B ratio of live load to total icad size
Byr chord rotation (ratio of deflection to member ¥, factor used to modify development length for bar
b length) of near end relative to far end (rad) position
v, unit weight of soil (ibf/in) w length of weld (in)
bus moment magnification factor for frames braced w natural frequency (rad/sec}
against sidesway Q safety factor
L deflection due to factored loads (in)
b deflection at center of mass (ASCE 7 Subscripts
Eq. 12.8-15) (in)
[ 7 deflection at center of mass determined by elastic ace accidental
analysis (ASCE 7 Eq. 12.8-15) (in) act actual
A deflection (in) ave average
A design story drift (ASCE 7 Sec. 12.8.6) (in) b beam or bottom
Ay, elastic deflection of diaphragm (in) c concrete
Ay live load deflection {in} col column
Ar deflection due to temperature change (in) d dead load
Ay elastic deflection of wall (in) e effective
€ ultimate strain in concrete (in/in) f flange or floor
€ strain in concrete under effective prestress (in/in) F far end
€mu ultimate strain in masonry (in/in) horiz horizontal
€pe strain in prestressed steel under effective presiress { live load
(in/in}) L left
€ns strain in prestressed steel at nominal flexural m masonry
strength (in/in) max maximum
€, strain in compression steel {in/in) min minimum
€au ultimate steel strain (in/in) n nominal
-
g
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Xviii STRUCTURAL ENGINEERING SOLVED PROBLEMS

symbol definition (units) symbol definition {(units)

N near end t top or torsional

NF near end relative to far end v shear

pc plastic centroid vert vertical

pr probable w web or weld

ps prestress wl, w2 web region 1, web region 2
Q virtual force z in z-direction

r roof z related to strong axis bending
R right ¥ in y-direction

RBS reduced bearm section ¥ related to weak axis bending
req required 1] parallel to grain

§ slab or steei L perpendicular to grain

sup superimposed
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Structural Analysis

PROBLEM 1
1.1. Draw the bending moment diagrams for the frames

with the loads shown. Indicate the magnitude of the
maximum bending moments.

12 kips
7H 3ft

B rigid fc
pinned
12 ft
15 #
A pinned
pinnad
2}
7 -
5 kips* w = 2 kips/ft
IEREERRRRRRNRRENEN
B rigid pinned C pinned D
10 ft
A pinnad 16 ft
7
fixed E
7/'/|7/; -
2t 201t R

PROBLEM 2

A section of crane rail girder is supported on piles. The
piles at A and C are rigid supports. The pile at B was
discovered to yield when load was applied. Tests
revealed that pile B acts like a spring with a spring
constant, k, equal to 600 kips per inch of vertical dis-
placement. A wheel load, P, of 100 kips is placed at B.

10 ft 10 fi

P =100 kips

k = 600 kips/in

Design Criteria

® assume the force in pile B is zero under girder dead
load

® crane girder is 2.5 ft x 2.5 ft, regular weight concrete
* F, = 3000 ksi

2.1. Use the gross cross-sectional area o determine the
girder’s rigidity.

2.2. Determine the moment and deflection in the gir-
der at point B due to the wheel load.

i)
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1_2 STRUCTURAL ENGINEERING SOLVED PROBLEMS

PROBLEM 3

A schematic section indicating the floor occupancy of an
18-story multiuse building is shown.

column
8 roof
&/ meachanical
16
= residential
14
13
heavy storage

12
1
10 residential

9

. meachanical

Y assembly movable seats

6

5

4 offices

3

2

1

schematic section
Design Criteria
o roof dead load = 80 1bf/fi?
o floor dead load (including partitions) = 100 Ibf/ft?
e mechanical floor live load = 125 1bf/ft?
® tributary area to column at each level =900 ft2
® column weight neglected

3.1. Determine the dead load plus live load at each
story.

PROBLEM 4 .

A frame is loaded as shown.
i5ft 14#t 10t

|

[=27in4 |36 kips
B/ c

%

5 ft
5 kips |
f=8in4-\ 10
D

e

Design Criteria

s FE = 29,000 ksi

4.1. Determine the moments at each joint.
4.2. Draw the moment diagram.

4.3. Draw the deflected shape.

4.4. Determine the maximum deflection in span AB.
PROBLEM 5

A rigid frame is shown. The right support has settled
6 in.

, 60 ft ,
Bl lc
I
15 ft L I 20 £t
A
: D

6 in}: i "
settlement m
Design Criteria
I; =500 in* (at AB)
L, =1600 in* (at BC)
;=600 in* (at CD)
E=29,000 ksi

5.1. Find the required moments at joints B and C due
to the settlement.

5.2. Draw the moment diagram.

5.3. Find the vertical and horizontal forces at joints A
and D.

PROBLEM 6

All members shown are timber except member DG,
which is a steel rod. All connections are pinned.

g \—l

3 kips
2% ?r—-)-
i|G
|
|
i
i
5
1 27 ft
|
|
|
12ft centerline of 18 in :
6x6 diametar wood pole, ':

1 piece full height B

! |
36 ft
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STRUCTURAL ANALYS1S

1-3

Design Criteria
e FE,=1600 ksi
e FE,=129000 ksi

6.1. Calculate the external reactions.

6.2. Calculate and draw a diagram of the internal
member forces (shear, moment, and axial}).

6.3. Calculate the horizontal deflection of point C,
neglecting shear distortions within the members. Deter-
mine whether the axial or the bending stress contributes
more to the overall deflection.

PROBLEM 7

A symmetrical gable frame is shown.

c

10 ft
10kips B
————

20 ft

40 ft

Design Criteria
e [ =300 in?
¢ FE =29,000 ksi

® do not use rigid frame formulas

7.1. Determine the reactions at supports A and E.

7.2. What is the vertical deflection at point C due to
the lateral load shown at point B?

7.3. Assume the horizontal load on the frame is
removed. Apply a 5 kip vertical load at point C. What
is the horizontal deflection at point B?

For the evaluation of moments, shears, and axial loads
in high-rise buildings, there are three approximate
methods of analysis commonly used. The methods are

® portal method
¢ cantilever method

¢ moment distribution method (Hardy Cross)

The frame shown in illustration (a) was analyzed by
each of the three methods for overturning forces at the
third floor. The results are shown in illustrations (b),
(c), and (d), not necessarily respectively.

¢
Jooe 10@H=10H
M
q-_— pr—
AN
= U \
—==
=
E —
2H
3@l=3L iP P P 3P
(a) {b)
M M

Pt

4P 2P 2P 4P 10P 107
3 3

() (d}

8.1. Identify the method that was used to obtain each
result shown in illustrations (b), (c), and (d).

8.2. List the principal assumptions that are used as the
basis for each of the three methods.

8.3. For what type and configuration of structurt_a.l
frame is the portal method a better method of analysis
than the cantilever method? Explain.




l]-4 STRUCTURAL ENGINEERING SOLVED PROBLEMS

PROBLEM 9

A shear wall and a braced frame are linked as shown. A
lateral force of 70 kips is applied. Assume all connections
are adequate.

an 10 ft 5ft . 5h
o e flexible link \
s
\ pipe

3.500 in X 0.216 in

101t pipe
4,500 in
t= S%in x
e 0.237in

3

Design Criteria

e [l =3ksi
e G=04E
e F,=36ksi

e FE,=29000 ksi

® AB500 grade B steel pipe

9.1. Calculate the force resisted by the shear wall.
9.2, Calculate the force resisted by the flexible link.
9.3. Calculate the force resisted by the braced frame.
9.4. Calculate the deflection of the shear wall.

9.5. Calculate the deflection of the braced frame.

PROBLEM 10 o

The frame shown is fixed at the base and pinned at the
top of the columns.

W14 X 82
- girder f=882in*
8 W14 X 82 B_W'dea 20 ft F’,
&S C I=428in? E
ol I = 882 in* ko fd
A
o
|
80 ft 80 ft

Design Criteria

e change in temperature of girder only is AT=60°F

s temperature coefficient is Dr=6 x 107° in/in-°F

® FE=30,000 ksi

® neglect girder shortening induced from column shear
® neglect effect of temperature change on columns

10.1. What are the moments induced at joint A and
joint E?

10.2. What are the shear forces at all columns due to
the lateral deflection?

10.3. What is the magnitude and direction of deflec-
tion at the top of columns?

10.4. What is the bending stress on center column CD
due to the lateral deflection?

PROBLEM %1 =

11.1. Calculate the relative rigidities of the shear-
resisting elements in the four structures shown, taking
the rigidity in illustration (a) as unity.

. 101t )
! 1 P
— —_—

| _ 1 in diameter

steel rods
12t
E, =29 x 10% psi
A, =0.20in?
N z > all joints pinned
{a} braced frame
6 ft
! '_.,.E
E. = 3.12 x 108 psi
G = 0.40E,
12 ft
N 9 in thick
reinfarced pier
T R

{b] cantilevered wall

PPl # www.ppl2pass.com

——

4



STRUCTURAL ANALYSIS 1-5

_— ——

L— WT6 X 15

£, = 29 % 10° psi
124 A=440in?
assume WTB

members will not
buckle under load

I : > all joints are pinned

ez
{c} K-braced truss
. ‘/- fixed
MR- s SO e B TRMNOTP- o
3ft | 3ft 21t
T ! I 9 in thick
reinforced wall
12 ft {fixed top and bottom)
8 ft E, = 3.12 x 10° psi
E,, = 0.40E,
open
DO, | <2
{d)} pierced shear wall
PROBLEM 12

The framing condition shown (see [ustration for
Prob. 12) has been utilized in a 100-unit subdivision.
The plans were reviewed and approved prior to con-
struction, and construction was in accordance with this
detail.

Design Criteria

® adequate drains and waterproofing provided for the
masonry walls

#® no connection between 2 x 6 brace and web members
of trusses

® trusses spanning 22 ft, supported by masonry walls
that do not retain earth

¢ horizontal steel in masonry wall not considered

® plan dimensions of garage are 22 ft x 22 ft

standard framing  permissible capacity for

angles normal duration loading
type 1 260 Ibf
type 2 1000 Ibf

12.1. Determine whether the construction detail is
adequate. Include substantiating calculations and
assumptions. If the detail is inadequate, provide rec-
ommendations for remedial repair. Include calculations,
assumptions, and suitable sketches to show recom-
mended repairs.

PROBLEM. 13 o i

A shoring system has been selected to shore an excava-
tion bank for & new underground structure and support
an adjacent warehouse. The system calls for a series of
soldier beams dropped into pre-drilled holes at 8 ft on
center with timber lagging placed between them. Two
tie-backs are placed to resist lateral pressure. A typical
section is shown (see Mlustration for Prob. 13).

Design Criteria
® tie rods provide rigid support
® net pressure is N= Q,— 120D,

13.1. Show all lateral pressures acting on the soldier
beams. Calculate critical values.

13.2. Calculate the forces at A, B, and C.
13.3. Check the adequacy of the assumed toe length.

13.4. Calculate the grouted anchor length of tie-backs
A and B. Draw a sketch to show how length is
measured.

13.5. Describe step by step the installation procedure
of this system.

PPl ©# www.ppiZpass.com
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]-6 STRUCTURAL ENGINEERING SOLVED PROBLEMS

Tiustration for Prob. 12

standard framing prefab wood

10d at 4 in o.c. angletype 1 gpysses at 24 in o.c. / % plywood standard grade

10d at 6 in a.c.

T N e R e e

:ﬂ%’ﬂ&ﬂii%‘%@lg*m
1

.’I
1

Ry

Lhy
A

ZErEr

i
B by 1 i
2 X 6 blocking F,:, ‘%‘ E t}
at 48 in o.c. l’l 1] % : ;] '.1'5 X 4 at 16in o.c.
i E: o k FE] crippled end wall
[ 4 T 7 4
m‘; :t ujl 2 % 6 brace i Ry H 2 x 6 blocking K
. F at 24 in o.c. EE & F at48ino.c.
1 i E_i : 4
) 5 ; 2 ] i
{ : . 1 0 ;-_1
i 2 E\ iz E Fg standard framing angle
r'.i E ib1 i i i at 24 in o.c. type 2
I3 x ) 5 I = s 5
Z Z z i 3 x B PT sill with 3 in
% 7 % i et diameter % 9 in
bottorn chord of standard framing , anchor bolts at 48 in o.c.
truss 2 X 6 angle type 1 > [F"" E=TT—TT
4ft -
ld_-
"o:_ L rear wall of garage
'
e
b .
8t
3 7#6in
I
a _ 8 in concrete block wall
?:2’/’__ d = 5.3 in solid grouted
i no special inspection
37 in concrete slab k2
N
: O‘,,———continuous drain
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STRUCTURAL ANALYSIS ].°
5 [Hustration for Prob. 13
Wp + W, = 100 Ibf/i?
e ——
|4} neglect weight of
Wp + W, = 350 |bf/it? ~ wall and column
- face of new
Wp + W, = 350 Ibifit? building
B soldier beams at 8 ft o.c.
L& 2 building active
W, = 250 Ibi/it surcharge pressure
concrete mat
-
i o 0.2H
Py I ]
l  Em——
: -
e I |
assumed _/)\ : H=251t et H
i H, : 0.8H
| | 12 in diameter drill skin A .
friction = 1.5 kips/ft? ]
E _—
N 8ft |
i
M i : : 2d " _.I L_
embedment depth 0N 3 e 25H
- I ~C W= 04N .
H;
] skin friction = 2 kips/ft? E _4-50d —
allowable
a 2ft diameter——| [— passive pressure
T'T
I'S)




1-8 STRUCTURAL ENGINEERING SOLVED PROBLENS

PROBLEM 14 = =

The effective dead loads on each floor of a three-story

building are as shown.

W, = 80 kips
12 ft
W, = BO kips .
12ft
16 ft
' 16 ft
(al
08 T
TF 06 [N\
4=
a s / k
w2 \
aw 04 f
ER \
[+]
"oy
28 02 / \\
)

0.2 0.4 0.6 0.8
period {sec}
(b}
Design Criteria

¢ The following dynamic properties of the plane frame

are given. The eigenvectors are

1.690 -—-1.208 -0.714
&=11.220 0.704 1.697
0.572 1.385 -—0.948

TMD = (1]

® The eigenvalues, in rad/sec, are

14.1. Compute

8.77
w= | 25.18
48.13

the participation factors.

14.2. Check the participation factors.

14.3. Calculate

the displacements of each floor based

on the spectra shown in illustration (b).

14.4. Calculate

PROBLEM 15

the interstory drift for each floor.

For the steel rigid frame shown, the structure has gir-
ders that are infinitely stiff compared to the columns,
masses concentrated at the plane of the girders, and 7%
damping. Neglect axial strains in columns.

5, (g's)
£E=2%
05 -
5%
04 7%
63
0.2
0.1 |-
[ 1 1 1 i ) I
01 0.2 03 04 05 06 0.7 tisec)
accelaeration response spectra
1.5 kips/ft
EERERNERERE
girder
10 ft E, = 30 x 106 psi
2.0 kips/ft
EERERERERERE!
' girder
15 ft all columns W10 x 60\
7 b

24 fi

{not to scale)
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Design Criteria
e F=230,000 ksi

15.1. Calculate the natural frequencies and character-
istic shapes of the structure.

45.2. Determine the spectral acceieration and velocity
of the first mode.

PROBLEM 16

The following plan and profile show a roof structure
supported by cable. The member sizes for the outer
rings and inner rings, as well as the plan dimensions,
are also shown.

all W shapes A36 steel

W3 x 221

b (L) 180 ft diarmeter ring

single

:\\ typical vertical support
| for outer ring;

[ assumed to offer no
: horizontal restraint

1 of the ring

N H e
18 ft i..""-.._____ A $1675 1t e
I 45 f |
180 ft '
reactions: V = 63.45 kips
H = 105.75 kips
typical profile

STRUCTURAL ANALYSTS 1_&

Design Criteria
® lateral force system to be neglected

16.1. What is the horizontal component of cable ten-
sion at point A on the cable? (See profile view.) Explain.

16.2. Verify the adequacy of the tension ring indicated
for combined stresses. Show calculations.

16.3. Verify the adequacy of the compression ring
indicated for combined stresses. Show calculations.

T
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1-10 STRUCTURAL ENGINEERING SOLVED PROBLEMS

SOLUTION 1

1.1. Construct the shear and moment diagrams for the
two frames. For frame (a),

VZkips
B 7t 3f_C

rigid hinge
126 15 ft
A
T
D
b7z

Member CD is a two-force member; therefore, there is
only axial force in the member. An appropriate free-
body diagram for section ABC is

‘(‘12 kips
be

Equilibrium requires
Y Ma=PcpL—Pa=0

Pa_ (12 kips)(7 ft)
L 10 ft
= 8.4 kips [upward]

Pop =

S Fy=A4,—-P+Pcp=0
A, = P~ Pcp = 12 kips — 8.4 kips
= 3.6 kips [upward}
SF,=A4,=0

Because the horizontal reaction at A is zero, there is no
shear or moment in member AB. The only member in
frame (a), then, with shear and moment is member BC.
The shear and moment diagrams for member BC are

12 kips

For frame (b), there are five components of the exter-
nal reactions. The internal hinges at joints C and D
provide two equations of conditions (that is,
Mc = Mp =0 ft-kips). Thus, there are five independent
equations of equilibrium, making the frame statically
determinate. Separating the frame at the pin connec-
tions at points C and D, and drawing free-body dia-
grams for each segment, shows

2 kips/ft
He i Hp
A 16ft
5 kips 2 kips/t Ve Vo
— +Vu
2f 24t Ve & He
10t Hp
e
* A.I' 16 ft
Mz
A, E,
E
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STRUCTURAL ANALYSIS

For the free-body diagram of segment CD, equilibrium
requires

Y Mc= VDL—%_O

klps)
( (16 ft)
Vp= wb_\_®/

2 2
=16 kips |upward]
Y F,=Ve—wl+ Vp=0
Ve=wl—- Vp= ( k‘ps)(ls ft) — 16 kips
= 16 kips [upward]
Y F.=Hc+Hp=0
Hg=—Hp

The 16 kips reaction from member BC acts downward
at point C on section ABC. Equilibrium of ABC requires

2
Y Ma= VoL -2+ Hoh+ Pa=0

2
ch+-‘%--Pa

Heo= 5

( ‘“fi’s) (24 £t)?

(16 kips)(24 ft) + 2
— (5 kips}(2 ft)
10 ft

= 95 kips [to the left]

D F.=A;—Hc=0
A; = Hc =95 kips [to the right]
Y Fy=4,-wL-P-Vc=0
Ay=uwlL+P+ Ve
= ( klps)(24 ft) + 5 kips + 16 kips

= 69 kips {upward}

The 95 kips axial force at point C transfers through
member CD and transfers as a shear at the top of
member DE. Equilibrium of DE requires

S F.=E,—Hp=0

E:= Hp = —Hg = -95 kips [to the left]
SF,=E,—Vp=0
E,= Vp =16 kips [upward]

Y Mg= Mg — Hph=0
Mg= HDh = (95 kipS)(16 ft)
= 1520 ft-kips [clockwise]

The shear and moment diagrams for members BC and
CD are

A
64 kips
_5kipsllll rrrrrrr ”“ “TT-E —16kips
Yer
-85 kips 95
kips
V ———
shear
M -
~850 ft-kips +84 ft-kips
-10 ft-kips -
l”
M A [
’/’ ,/
y ,/
’/’ e
950 ft-kips )y M +1520 f-kips
moment
SOLUTION 2 Y Y T

2.1. Compute the rigidity of the girder based on the
gross cross-sectional area.

3
El,=E, (bliz)

(30 in)(30 in)®
(3000 ) ('_Tz_)

={202.5 x 10° in>-kips |

PPI1 o www.pplZplss.co'!ll el




1-12

STRUCTURAL ENGINEERING SOLVED PROBLEMS

2.2. Take the axial force in the pile as the redundant
force, and release the structure.

roo kips

(100 kips){(20 &)(12 %))3

. (48)(202.5 x 10° in2-kips)
=0.1422 in

[downward|

Apply equal and opposite forces of 1 kip each at the
release point.

s, SRt -—
. fie 41 kip L
1 kip
k = 600 kips/in
The flexibility influence coefficient is
_F} 1
fhw=gmEL %%
: 3
. in
_ (1) (om(128)) |
(48)(202.5 x 10° in®-kips) = gqq KPS
in

= 0.003089 in/kip of load

For consistent displacement,

fllB!I + DlQ =0in
—Dyy _ —(~0.1422 in)

= " 0.003089 2
N .l‘(l?

~ fu

= 46.0 kips {upward)

With the redundant force known, the resultant force
acting at point B is P B,. Use basic equations of solid
mechanics to find the moment and deflection at point B.

Mp= _(P__B!')L
4
_ (100 kips — 46 kips)(20 ft)
B 4
={270 ft-kips [positive curvature]]
(P-B,)L
Ap=—rr——
48E,,

: 3
. 5 n
(100 kips — 46 klps)((20 &)(12 E))
(48)(202.5 x 10° in2-kips)
=0.08 in {downward]|

The values of My and Ag are due only to the wheel load,
as required by the problem statement.

3.1. Determine the column load at each story based on
the provisions of ASCE 7. For the flat roof's live load,
use the minimum load specified in ASCE 7 Table 4-1,
L, = 20 Ibf/ft2.

Because the roof is flat, the live load can be reduced in
accordance with ASCE 7 Sec. 4.9.1.

Lr = L,RyR; (12 1bf/ft? < L, < 20 1bf/ft?

For tributary area A, > 600 ft?, R, =0.6. For flat roofs,
Rg =1.0.

LoRi R = (20 ‘ﬂ% (0.6)(1.0)

k-2 = 12 Ibf/f?
12 Ibf/ft?
(12 'ﬁ% (900 £t2)
Pr=L A= = 11 kips
Tt
1000 —
kip

For the uppermost mechanical room, the 125 1bf/ft®
loading (given) cannot be reduced; however, since the
column supporting the lower mechanical room is sup-
porting more than two floors, ASCE 7 Sec. 4.8.2 permits
a 20% reduction below that floor.

Lupper = Lo = 125 1bf/t?

(125 'f‘t’—zf) (900 £t2)

1000 1Bf

kip

Pi=LA=

= 113 kips

PPlL @« www.ppl2pass.com
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Lioues = 08L, = (0.8)(125 l,r_‘:—f) = 100 Ibf /2
(100 lﬁ-’é) (900 £2)
Py=LA= = 90 kips
Tof
1000 £
kip

In multifamily residential aress, ASCE 7 Table 4-1
requires & minimum live load of 40 1bf/ ft?, which can
be reduced per ASCE 7 Sec. 4.8. For the uppermost
residential level,

4 15
L, (0.25 + )
VELLA,

= (10 f _15
= (40 3 (0.25+ = &2))
= 20 Ibf/ft?

0.5L, = (0.5)(40 ‘f‘t’—f)

{ = 20 1bf /8?2

(20 ‘fi’—f) (900 £t2)

2
1bf
1000 ip

Pr=LA=

= 18 kips

For the column supporting two levels of residential
loading,

f 15
L (0.25 + )
‘ VELL A
Ib

=(40 =

15
(4)((2)(900 £7))
[controls]

= 17 lbf/ft?
1bf

0.4L, = (0.4) (40 F)

0.25 +

{ =16 Ibf/ft?

(17 lgt’—zf) (900 t2)

1bf
1000 Kip

Pr=LA=

= 15 kips

STRUCTURAL ANALYSIS 1-13’ I

For the column supporting three or more levels of resi-
dential loading,

4 15
L (0.25 + )
: VKA

= (10 M) 0.25 + s

2 (4)((3)(900 ft2))

— 15.8 Ibf/8t?
0.4L, = (0.4) (40 lf‘;_g)

[controls|

\ = 16 Ibf/ft?

Ibf 2
(16 27)(900 &)
Tbf
1000 122

=14.4 kips [use 15 kips]

Pr=LA=

For the office areas, ASCE 7 Table 4-1 requires a
50 1bf/ft?> minimum {excluding corridors).

[ 15
Lo(0.25+\/m)
1bf 15
=[50 =—1}| 0.25+ ——
(%) (4)((10)(900 2))

= 16 Ibf/#t?
Ibf
0.4L, = (0.4) (50 E?')

| =20 Ibf/ft* [controls]

(20 %’25) (900 £2)
Pu=14= Tof
1000 2

= 18 kips

For the assembly aress, ASCE 7 Table 4-1 requires
L, =100 1bf/ft%. Since the column is supporting two or
more floors, a 20% reduction is applied per ASCE
Sec. 4.8.2.

L=08L, = (08)(100 %’5 = 80 Ibf/f2
(s0 %2- (900 £t2)
Pi=LA= = T2 kips
1000 —
kip

PPl » www.ppi2pass.com """
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J-14 STRUCTURAL ENGINEERING SOLVED PROBLEMS

For heavy storage areas, L,=250 Ibf/ft; ASCE 7
Sec. 4.8.2 permits a 20% reduction for columns support-
ing two or more floors. Thus,

L=08L, = (0.8)(250 l%) = 200 Ibf/ft?
(200 %)(900 ft2)
1000 1BE
kip

Dead loads of 80 Ibf/ft? (at roof) and 100 Ibf/ft? (at
typical floors) give

(30 %) (900 £t2)

Ppr=wpd = = 72 kips
1000 1of
kip
(100 lf‘:—f) (900 £2)
Ppr=wpA = = 90 kips
’ 1000 1B£
kip
The total load (dead load plus live load) at each story is
Py Pp AP P
level category (kips) (kips) (kips) (kips)
18-R roof 11 72 83 83
17-18  mech. 113 90 203 286
16-17  resid. 18 90 108 394
15-16 resid. 15 90 105 499
14-15 resid. 15 90 105 604
13-24 resid. 15 90 105 709
12-13  h. stor. 180 90 270 979
11-12 resid. 15 90 105 1084
10-11 resid. 15 a0 105 1189
9-10 resid. 15 a0 105 1294
89 resid. 15 90 105 1399
7-8 mech. Q0 90 180 1579
6-7 assem. 72 90 162 1741
5-6 office 18 20 108 1849
4-5 office 18 90 108 1957
3-4 office 18 90 108 2065
2.3 office 18 90 108 2173
1-2 office 18 90 108 2281

SOLUTION 4 e

4.1. Analyze the frame using the moment distribution
method. Express stiffness factors in terms of the mod-
ulus of elasticity, E, which is constant for all members.

4E(27 in* .

KAB = KBA == —% = (72 1n4/ft)E
_ _ 4E(27 in“) 4
KBC-—- KCB ——W - (45 in /&)E

3E@inY) .,
Kpp= TR (1.6 in'/ft)E

D Ko = Kxp+ Kpc + Kpp
_ in int int
= (7.2 ft)E+(4'5 &)E-I-(l.ﬁ ft)E
= (13.3 in*/ft) E

The distribution factors are

DFap=10 [fixed support]|

(7.2 %) E
DFgy = o BA

B in?
(13.3 B )E
|
(1.6 %) E
DFgp = Z;’(D = iwate 0.120
B in”
(13.3 = ) E
|
X (4.5 %)E
DFpc= =25 = = (.338
ZK in?
B (13.3 F)E

DFcg=0 [fixed support]

The carryover factors are
COpp =0 [hinged end|

All other carryover factors are 2. The fixed end
moments are

— Pab?
L2

FEMpg =

_ (36 kips)(14 f)(10 ft)*
(24 £)°
= —87.5 fi-kips

Pab’®
L2
_ (36 kips)(10 ft)(14 ft)°
(24 &)°
= 122.5 ft-kips

FEMcg =

FEMgp = (%f) (a+ L)

_ { (& kips)(10 f)(5 ft)
a (2)(15 ft)?
= 13.9 ft-kips

)(10&+15&)

Pl ¢« www.ppi2pass.com
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STRUCTURAL ANALYSIS

The moment distribution converges in one cycle.

0 | | 0.541 [ 0.120 [ 0.338 | | o
o 13.9 -875 1225
199 —— 388 88 249 .— 125
19.9 358 22,7 -62.6 135.0
n
Q .
2 . 36 kips
ot 4kips 12.0 kips ‘L135 ft-kips
¢ 39.8 ft-kips\ T (628 ft-kips \
G 9 ft-kips / \ /
Y —— @ w
150 o 14 ft 10 £
—_— =
22.7 ft-kips &
5 kips
0.15 kip
4.2. The moment diagram is as shown.
105 ft-kips
g =227
19.9 f-kips g
s e e
T
—39.8 ft-kips .::-
1.5 ft-kips{p
~135 ft-kips

4.3. The deflected shape is drawn based on the
moment diagram and the reactions from the positive
moment. The positive moment causes compression on
the top edge and tension on the bottom of the horizontal
members, and causes compression on the left edge and
tension on the right edge of the vertical members.

¥max 0Ccurs where
slope equals zero

g ———

4.4. Calculate the maximum deflection in span AB
using the conjugate beam method. Convert moments
into units of in-kips and the span length into units of
inches to be consistent with the given values of =27 int
and E=29,000 ksi.

My = (199 fe-kips) (12 %) = 239 in-kips

Mg = (39.8 ft-kips){12 12) = 478 in-kips
fe p

Since both rotation and deflection are zero at joint A,
joint A in the conjugate beam is a free end. Joint B in
the structure cannot defiect but it can rotate; therefore,
joint B will have a vertical reaction component in the

conjugate beam. The conjugate beam is loaded with the
M/EI of the real structure.

239 in-kips .

ya=0 1\‘\ yg =0
\'\‘\u\‘ 478 in-kips
—

180 in

The maximum deflection occurs where 8. equals zero.
By principles of similar triangles,

£
2 — 180 in
239 in-kips 239 in-kips + 478 in-kips
z=120in

x=120in

P 5(239 in- kxps) )
e = 6(5) =05(75) () (3)

239 in-kips
(29 000 k‘ps) (27 in?)

N (122 in) (( )(120 in))

=073 in

= (0.5)

[upward]

Maximum deflection is

=

e
PPI s www . pplZeen oo




1-16 STRUCTURAL ENGINEERING SOLVED PROBLEMS

5.1. Analyze the frame using the method of consistent
displacements, taking the horizontal reaction at D as
the redundant reaction.

, 60 ft ,
Bl lc
fz = 1600 in‘
= 500 in®
1SR\ 1 =500in I, =600ine| |20t
A
7 E = 29,000 ksi 5
Ly
Al |&in

{not to scale)}

The structure is one degree statically indeterminate and
experiences 8 6 in vertical settlement at support D.
Release support D.

1BDO-—I |‘— B\

—

T —

—
-——
-
—
———
_-—
-
_-—
——

I
)
180 in ,"‘e

{not to scale)

The released statically determinate structure experi-
ences rigid body rotation about support A. The small
displacement theory applies, so sinf=tanf=46 (in
radians).

—6im __ _ 00833 rad

- (60 ft) (12 E)

=

o1l=2

Dyg= hap® — hepb
= (180 in)(0.00833 rad) — (240 in)(0.00833 rad)
=—0.5in {to the left]

From linear elastic theory, small displacements are cal-
culated with respect to the original geometry (before
deformation). Thus,

c 1 kip \\
I
\
fo.ossa kip ke T L,
0.0833 kip

Y

By the dummy load method,

Ju =i L‘(mgfdz).‘

member  interval real moment, M virtual moment, m
AB 02z<180in +(1 kip)z +{(1%)z
BC 0<z<£720in  +1B0 in-kips +180 in-*
+(0.0833 kips)z +(0.0833%)z
DC 0<£z<240in —(1 kip)z -(1Mz

In the expressions for virtual moments, * denotes an
infinitesimally small virtual force.

18010 72 02 *kips
* = —————————————
E(1%)fy, /oin 500 int &

L f”‘“ﬂ (180 -+ 0.0833z)? in2-*kips .
0in 1600 in*
240 in ("1:)2 iﬂz-*kips
+ ./0 . 00 dz
Ef, = 2 in®-kips "% ©
171500 int g4,
32,400z 3022 720 In
) gt
+ 1600 in* * 3200 in in®-Kips
4 0.00694°
4800 int 0in
" 7 in-kips H0in
1800 in® |,
31,548 %’5
fu= =1.0879 in [to the right]
29,000 2

PPl # www.ppiZpasa.com
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—C=3

The coefficient f;, is the displacement caused by a 1 kip
force; therefore, its true dimension is inches per kip. For
constant displacements,

fllD.t =+ DlQ =0 klps

_—Dig_ —(-0.5in)

fu 10879 0
kip

D

=0.46 kip [to the right]

From statics,

ZF: = A: + D; =0
A:=—-D; = -0.46 kip [0.46 kip to the left]

> M= D,(hy — hy) + D,L =0
—Dulhs - hy)
D=—T—
(—0.46 kip)(240 in — 180 in)
720 in
[0.038 kip downward)

= —0.038 kip

ZFV =A,+D,=
Dy=A,=0.038 kip [upward]

Therefore, the required forces and moments at joints B
and C are

Mga = Mg = (0.46 kip)(15 ft) = 6.9 ft-kips
Mcg = Mcp = (0.46 kip}(20 ft) = 9.2 ft-kips

et — 0,046 kip

f 0.046 kip —)J

0.038 kip 0.038 kip

Y

5.2. The required moment diagram is

6.9 ft-kips 9.2 ft-kips

IR REE AN

5.3. From Sol. 5.1, the horizontal and vertical forces at

STRUCTURAL ANALYSIS 1-3775

SOLUTION 6

From the problem statement,

3 kips
G, P
F
double 2 X 12 15 ft
"
Skips | “6x8 D E
6x6 18 in 12 f
posl\
A a
l |
2113 ft 14.87 &t

6.1. The external reactions are

- Y'Ma= ByL— Pchy — Pghy =0
B,= Pohy + Pghy
L
(5 kips){12 ft) + (3 kips)(27 ft)
36 ft
= I3.92 kips [upwa.rd]l

D F,=B,+A,=0
Ay=-B,
=|=3.92 kips _[3.92 kips downward] |
2Fr=A:+Pc+Pg=0
Az= ~Pc — Pg = -5 kips — 3 kips
=|—8 kips [8 kips to the leR]]|

6.2. Member BEG is subjected to shear, bending, and
axial forces. All others are two-force members, which
resist only axial force. A free-body diagram of joint F
shows that if forces are summed in a direction perpen-
dicular to member CG, then the force in member DF
must be zero. Similarly, since member DF has zero force,

a free-body diagram of joint D shows that the force in
member DG is also zero.

Taking a free-body diagram of joint C,

joints A and D are c
A,=0.038 kip [up) 5 kips =2
A;=046kip |[to the left] 25 %50

3.92 kips
D,=0.038 kip [down] 36 ft
D;=0.46 kip [to the right]
PRI




1-18 STRUCTURAL ENGINEERING SOLVED PROBLEMS

ZF,,= Fersina+ Ay =0
—Ay  —(-3.92 kips)

For= e 1R
39 ft
= 10.2 kips [tension]

ZF, =5 kips + Fgrcosa+ Fep =0
Fop=—-Fercosa— 5 kips
= (~10.2 kips) (36 f“) — 5 kips

8 it
= —14.4 kips [14.4 kips compression)

From inspection of joint F,

Fpg = Fer = 10.2 kips [tension]
From inspection of joint D,
Fpg = Fep = 14.4 kips  [compression|

The internal member forces are drawn as follows.

3 kips
Ly

-14.4 kips IC) —14.4 kips {C)

+3.92 kips ,
m Bkips | -1
1’4 Bklps M P~39kips
3.92 kips 3.92 kips

6.3. Compute the horizontal deflection at joint C. Use
the virtual work method. Apply a unit virtual force at C.

877
X0 /,’
[V
-y 4
)‘_Q,B \\0- ’,/
I -1.8*% \‘/ -1.8*
I
=

0.33'*

'0.33'

Caleulate properties of solid sawn sections using dressed
dimensions (= 1600 ksi). For one 6 x 6 wood member
(actual dimensions are 5.5 in x 5.5 in),

EA= (1600 k‘ps) (5.5 in)? = 48,400 kips

For two 2 x 12 wood members (actual dimensions are
1.5 in x 11.25 in},

EA= (1600 k‘ps) (2)(1.5 in)(11.25 in)

= 54,000 kips

For one 6 x8 wood member (actual dimensions are
5.5 in x 7.5 in),

EA= (1600 k‘ps) (5.5 in)(7.5 in)

= 66,000 kips

For one 18 in diameter wood post,

EA= E(%ﬁ) (1500 k‘lfs) ("(1.84‘“)2)

= 407,000 kips

e () (o 89 (252

= 8,240,000 in?-kips

The virtual work due to axial forces in the structure is
found using ZP,-(PL/EA)‘-, and is calculated in the
following table.

P L EA

member p(*) (kips) (in) (10° kips) pPL/EA
AC +033 392 144 484 0.00385
CD -180 -144 255 66.0 0.10000
DE -180 -144 178 66.0 0.07000
CF +0.86 10.2 234 54.0 0.03800
FG +0.86 10.2 234 54.0 0.03800
BE -033 -392 144 407 0.00050
EG -033 -3.92 180 407 0.00060
Zpi(%)i = 0.251 in

The contribution to the deflection due to axial forces is

Auxiat = Zp,-(%ﬁ-)i —0.251 in

st [

SR |

—

PPl @« www.ppl2pasa.com
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l The contribution due to bending is

8 Anending = Z mM dz

| EI
B _[“““x(S:c)(I kip) 4
[ o ET "
180 in :
(0.82)(6.4z)(1 kip)
+./o . ET 4
8B kip) | B kip) |
- 3EI 3EI i

17,915,904 in-kips
"~ 8,240,000 in2-kips

= 2.174 in

Thus,

A horiz = Auxial + Bbending = 0.251 in + 2,174 in
= 2424 in [to the right]

et

Ahel'n:ling 2174 in
Cbending .\ 100% = 2
Bon 1007 =

=89.6% (90%)

x 100%

90% of the horizontal deflection is due to bending.
Therefore, the bending load contributes more to the
] structure’s overall deflection.

SOLUTION 7

E 7.1. Since rigid frame formulas may not be used, the
best way to compute the reactions is the column analogy
method (see Blodgett, Sec. 6.1). Release the horizontal

. reaction at E and determine the bending moment dia-

=: grams for members of the resulting statically determi-

nate structure.

100 ft-kips

E =29 X 103 ksi
I =300in? (all)

200 ft-kips

AR
h §

—— =y
ﬁ"‘- ;

£ 10 kips D
i {8

'5 kips *5 kips

TRAUCTURAL ANALYSIS ‘lﬂ

Apply the M/ET of the statically determinate structure
as axial loads on the analogous column.

y
200 /,.——@
B ]
1
Ef
1% 7 17

At hinged bases, 1/EI approaches infinity; therefore,
the area and moment of inertia about the yaxis also
approach infinity, and the z-axis is at the bottom of
the column. Compute the moment of inertia about the
z-axis in terms of the constant rigidity, EI

Loaier = V'@ + B = /(20 ££)? + (10 £t)* = 22.36 e

I.= 2(Ieol + Iru.fter)

=2 bhn I 2
= T+ erafter + Araerd

3
_ (2)(( ?31? ) ((203&) ) +bL,f;5,£2_ . bL,m,dz)

(L) ((20 &)3) . (ﬁ) (22.36 ft)(10 ft)*

+ (‘.i:l‘f) (22.36 £)(25 £)?

_ 33,656 ft°
- ES

Compute the moment of the M/ EIload about the z-axis.
(Other stress components in the column analogy are
zero because both I, and the area approach infinity.)
Treat the trapezoidal load on member BC as the sum of
a uniform load, 100 Ft-kips/El, whose centroid is
F=20ft+45ft =25 ft from the zaxis. Account also
for a triangle load that varies from 100 ft-kips/EJ at
point B to zero at point C, and whose centroid is located

PPl # www.ppi2pass.com




1-20 STRUCTURAL ENGINEERING SOLVED PROBLEMS

7 =20 ft+ (10 ft/3) =23.33 ft from the z-axis. The
rnoment of the M/ Elloading is

=S Ay, = o.5bh(23—-") +or{h+ g)
+0.55L(h+ 23—“) +056L(h+ 23—“)

_ (03) (200 g}kips) e ((2)(?30 ft))
- (100 ;t}kips

+(0.5) (W)(zme f)

x (20 £t +——(2)(130 &))

)(22.36 f) (20 fe + 103&)

+(0.5) (1—(’%}%) (22.36 £t)

x (20 ft +—(2)(13° &))

_ 138,467 ft*-kips
B EI

Obtain the final end moments by superimposing the
stresses in the analogous column on the static moments

in the released structure. 1/ Ef is common to both the I,

and M; terms and cancels out in the expression for
bending stresses, M;c/I.. Thus,

M
Map= M a5+ #
. (—138,467 f*-kips)(0 F)
= 0 fi-kips + 33,656 £
= 0 ft-kips
Mpp = M,ps +—7 MICBA
B (138,467 ft3-kips)(20 ft)
= 200 ft-kips + 33,656 ft
= 117.7 ft-kips
Mep=M.ce + M;GCB
B . (—138,467 ft-kips)(30 ft)
= 100 ft-kips +- 33.656 R?
= —23.3 ft-kips

Mzene
T
(—138,467 ft-kips)(20 ft)
33,656 ft3

Mpec = M,pc +

= 0 ft-kips +

= —82.3 ft-kips

In the column analogy method, positive moments act
counterclockwise, and negative moments are clockwise
about the location. With the end moments known, the
required reactions are computed using statics.

_ MBA _ 117.7 ft-kips _ f

A= = 20 o ={5.9 kips [to the left}|
_ Mpg _ 82.3 ft-kips _ :

E.= ATy =|4.1 kips [to the left] |

Ay =[5 kips [downward]]

E,=|5 kips |upward] |

7.2. Find the vertical deflection at point C. With the
end moments determined, use slope-deflection equations
to find the unknown deflection, Ag yert-

(2¢n + ¢ — 30nF) £ FEMnF

Mg = (2EI)

Only the members BC and CD need to be considered.
The fixed end moments for the two members are zero.
Moments and rotations are positive in the clockwise
sense at member ends.

J_— dec
Ac /%
I ” i =

<

In terms of Ag,
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STRUCTURAL ANALYSIS 1.-2"i"5“"‘.ﬂ~-

. A [ 20
A=Accosa=Ac (22.36 ft.)
A Accose 20 ft
=== = Ap| ———
P=1="71 C((22.36 &)2)
(2)(29,000 %) (300 in*)
Q‘E’ - = 5400 ft-kips

(22.36 &)(12 E)z

Myp = (3%) (26 + ¢ — 3Byr) + FEMyr

Mgg = (5400 ft-kips)(2¢g + dc -+ 30)
Mg = (5400 ft-kips)(¢g + 2¢¢ + 38)
Mcp = (5400 Et-kips)(2¢¢ + dp — 38)
Mpc = (5400 ft-kips)(d¢ + 2¢p — 38)

Solving the simultaneous equations for g,

A= 0.0014 rad
(0.0014 rad)(22.36 ft) (12 10
ke (2
cos o 20 ft

22.36 ft

=[0.42in [upward]|

7.3. The simplest way to find the horizontal deflection
at point B is to apply Betti’s reciprocity law. The exter-
nal work done by the loads in system I that act through
displacements in system II, will equal the external work
done by the loads of system II that act through displace-
ment of system L.

(W esternat)jouti = { Wextemal Jn—|
Fp:8pz= Fcylcy
(10 kips)Ap z = (5 kips)(—0.42 in)
Apz=[-0.21in [0.21 in to the left] |

SOLUTION B . . eesiGaesis

8.1. The analysis method used to obtain the result
shown in illustration (b) must be the cantilever method
because the column axial forces vary linearly with the
distance from the centroid of the column group.

The analysis method used to obtain the result shown in
illustration (c) must be the moment distribution method
because the couple formed by the axdal forces in the
interior columns is opposite to the couple formed by
axial forces in the exterior columns. This is inconsistent
with the force distribution obtained by either of the
other two methods.

The analysis method used to obtain the result shown in
illustration (d) must be the portal analysis because the
shear in the exterior girder is equal and opposite to the
shear in the interior girder. This results in zero axial
force in the interior columns.

8.2. The principal assumptions are listed as follows for
each method.

Portal method

e [Interior columns carry twice as much shear as exter-
ior columns.

¢ The lateral force is distributed in proportion to the
relative tributary area of each column.

e [Inflection points occur at midspan of girders and
midheight of columns.

Cantilever method

* Inflection points occur at midspan of girders and
midheight of columns.

® Axial forces in columns resist the owverturning
moments due o lateral forces.

e Axial forces at a particular level vary linearly as the
distance from the centroid of column areas.

Moment distribution method (Hardy Cross)
® Behavior is linear elastic.

® Only bending deformation is considered.

8.3. Of the two approximate methods, the portal
method is a better method of analysis with buildings
that have low height-to-width ratios. The cantilever
method is better with buildings that have large height-
to-width ratios, where sway due to column axial defor-
mation can be significant.

SOLUTION.D . .. gecdsg s

For the concrete shear wall,

G = 0.4E, = (0.4) (3100 %) = 1240 ksi
From AISC .Table 1-14, for 3.500 in x 0.216 in steel pipe,

A=2.08 in?
I=2.85 in'

For 4.500 in x 0.237 in steel pipe,

A=297in
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Check the Euler buckling strength of the 10 ft long
3.500 in x 0.216 in pipe. The pinned-pinned end con-
dition gives

KL=L=(10f)(12 if%) =120 in

(29 000 "’Ps) (2.85 in)
_ WEI _

(KL)? (120 in)?
= 56.6 kips

Thus, the 3.500 in x 0.216 in pipe can transfer a max-
imum of 56.6 kips, which should be less than the amount
transferred between the shear wall and braced bent. Let
the force in this link member be the unknown, and
release the indeterminate structure.

70 kips — '|.._ D‘lﬂ
!
!
)
{

|
i

Properties of the 5.5 in x 48 in wall are

A= bd = (5.5 in)(48 in) = 264 in?

bd® (5 5 in)(48 in)®

L 12 12

= 50,700 in*

Consider both shear and bending deformation in the
wall.

PR  1.2Ph
Dwe=3gT""4C

_ (70 kips)(120 in)*
(3) (3100 k‘ps) (50,700 in)

(1 2)(70 kips}(120 in)
(264 in?) (1240 k‘ps)

=0.288 in

Next, apply equal and opposite unit forces at the
released points.

Use the real work method.

Fi11 = Awant + Arame

(1 kip)Afrnme _ lfn P?Ll
2 Z24.E,

The length of each diagonal member is

L=V +5=1/(60 )’ + (120 in)? = 134 in

(—1)(-1 kip)(120 in)
(2.08 in?) (29 000 k‘ps)

Afrmm =

(=1){~1 kip){(60 in)

(2.97 in?) (29 000 k;pf)

+

(1 11)(1.11 kips)(134 in)
(2.97 mﬂ)(zg 000 l""s)

4 (=L11)(=1.11 kips)(134 in)
(2.97 in?) (29 000 k"’s)

= (.0065 in

(1 kip)(120 in)*
(3) (3100 k‘ps) (50,700 in*)

Awal! =

(1.2)(1 kip)(120 in)
(1240 k‘ps) (264 in?)

= 0.0041 in

PPl ¢ www.ppi2pass.com
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ETRUCTURAL ANALYSIS

fll = Ayall + Aframe
= (.0041 in 4+ 0.0065 in
=0.0106 in

8 For consistent displacement,

Pun (0.0106 in

kip

P[inkf1|+D|Q=0 in

) +(—0.288 in) =0 in

Phnk =272 kips

9.1. The force resisted by the shear wall is

Fwa.l|=

P — Prok

= 70 kips — 27.2 kips

- (5T

9.2. The force transferred by the flexible link is

Plink =|{27.2 k.ipS

9.3. The force resisted by the braced frame is

Firum = Plink =|27.2 kips

9.4. The shear wall deflection is

-

Ava =

- (e

(F
42.8 kips
70 kips

)i

)(0.288 in)

={0.18 in [to the right] |

9.5. To find the truss deflection, multiply the pre-

viously calculated deflection due to 1 kip by 27.2 kips.

Agruss = (27.2 kips)

(

\

(1)*(60 in) \

(2.97 in2) (29 000 k'ps)

(1.11)%(134 in)
(2.97 in?) (29 000 ans)

(-1.11)%(134 in)

4-

+

(2.97 in?) (29 000 ‘“F’s) )

={0.12in [to the right]]

k]

SOLUTION 10

10.1. Solve for the reactions in the structure. The
structure is two degrees statically indeterminate. Using
the method of consistent displacements, treat M, and
Mg as redundant components.

960 in 960 in A7

1
240 in

D Fl
It
El, e,/ D

Dg c E

I, = 882in% E = 30 x 103 kips/in2
I, = 428in®

Compute the rotations at joint A and joint E of the
released structure due to a 60°F temperature change.
With the moments released, members AB and EF can
rotate freely. Small displacement theory applies; there-
fore, sinf = tanf = 4.

Ar=Dp(AT)L
= (0. )(60°F )(960 in)
=346 in
Dig="52 =231 _ 00072 rad
Dyg= -Ah—'*" =00~ 0.00144 rad

Compute the flexibility influence coefficients. First, apply
a unit couple clockwise at joint A.

——- k:p—:——
1 in-kip

For member AB (taking the origin at B),

M:= in-kips [for 0 in < z <480 inj

T
480
For member CD (taking the origin at D),

M,= _28.6 in-kips [for 0 in < z <240 in]

p-=

PPI ¢ www.ppl2pass.c
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1-24 STRUCTURAL ENGINEERING SOLVED PROBLEMS

Apply a unit couple clockwise at joint E. For member

1

M, = ——

540 in-kips [for 0 in <z < 240 in}

For member EF,

__T
M‘_240

in-kips [for 0 in < z < 240 in]

Using the dummy load method, the dummy load
moments are identical to the real moments. The flex-
ibility coefficients represent the rotation in radians per
in-kip of applied moment. In the following equations,
the symbol * denotes the unit of an infinitesimal virtual
force in the dummy moment.

(i =T [ (5H)d

=j<480in (480) (1 kig-®)
0

dz
in ErI 1

+[2'40in (F:O)z(l kip-*) J

El *
B kip¥) Saipt) [
" (4801°(3EN) |y,  (480)*(3ED2)|,,,

(480 in)*(1 kip-*)
(480 in)*(3) (30 000 k‘ps) (882 in%)

(240 in)*(1 kip-*)
(480 in)2(3) (30,000 ‘:‘n—pf) (428 in?)

-+

[y = 0.0000076 rad |[per in-kip]

T \2 T .
20t [ (==) (—==)(1 kip-*)
(1 in-%)fy, = fu ) (480) ( ;z}g) de
_(1 kip¥) 240 in
(480 in)(240 m)(SEIz)

—(240 in)*(1 kip—*)

(480 in)(240 in)(3) (30 000 k’ps) (428 inf)

fay = —0.0000031 rad [per in-kip]

By Maxwell's law, fia=/f.

240 in (1 kip-*)
! in-*)f22=j %f——— dz
Din 1

s *
+/240 in (240) (1 kip-%) i
0in El, }

240 in

(1 kip¥)
" (3)(240)’(3E1)) |,

240 in

_ (1 kip*)
(3)(240)*(3E1,)

0in
_ (240 in)*(1 kip-*)
(3)(240 in)® (30 000 k‘PS) (882 in?) .

(240 in)*(1 kip-*)
(3)(240 in)? (30 000 k'ps) (428 in4)

f22==0.0000093 rad [per in-kip]

For consistent displacements, rotations at A and E must
be zero. Thus,

fuMa+fpMg = -DIQ
(0 0000076 “’d )MA +(

n-ki

Eap
= (0.00072 rad
faMp+ faMg = Dig

(0.0000031 rad )MA + ( fed )Mg

n-ki
= —0.00144 rad

Solving these two linear equations simultaneously gives

Mg = —216 in-kips  [[216 in-kips counterclockwise] |
Ma = +183 in-kips  {[183 in-kips clockwise] |

10.2. The column shears in AB and CD are found by
summing moments about the bases. Thus,

> Mp=My— Vagh=0

= 183 in—kips - VAB(480 in)
Vas =|0.38 kip [to the right] |
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Y Mgr= Mg — Vegph =0
= —216 in-kips — Vgr(240 in)

Ver =[—0.90 kip [0.90 kip to the left] |

ZF_,-_= Vap+ Ver+ Vep =0
= (0.38 kip — 0.90 kip+ Vcp

Vep =(0.52 kip  [to the right}}

410.3. With the column shears known, the deflections
at the top of columns are calculated as for a cantilevered
beam loaded by concentrated forces at its tips.

Vaph®
3EIL

(0.38 kip)(480 in)°
(3) (30 000 k‘ps) (882 in%)

Ap =

=10.530 in [to the left]}

Verh®
3EI
(0.90 kip)(240 in)®

@) (30 000 ‘“"S)(ssz ind)

[to the lef] |

Ap =

=10.157 in

A simple check on the solution is made by equating the
elongation of the girder to Ap + Ar = 0.69.

AL= Dp(AT)L
B Y . :
= (0.000006 ——-in_aF)(eo F)(960 in + 960 in)

=0.69in [OK]

occurs at the base.

Mc.= Vcph = (0.52 kip)(240 in) = 125 in-kips

For a W14 x 43, §,=62.6 in®.

10.4. The maximum bending stress in column CD

SOLUTION 11 @ o

11.1. For each of the illustrated structures shown in
the problem statement, calculate the force needed to
create a deflection of 1 in at the top of the structure.
Then compare these four values, P,, Pg, Pg, and Pp, in
the following solution to obtain the relative rigidities.

Far the braced frame in illustration (a),

1in
c 10f ol I
. J'+PA
AN “11
i \\ ,// I
| \\ o |
| 4 112 ft
E =29 x 109 ksi ! 2\ ;
A =0.20 in2 |
A B

The length of member AD is

Lap = +/(10 ft? + 12 ft2) = 15.62 ft

Draw a free-body diagram of joint D.

From the free-body diagram,

ZF:= .PA - PADCOSG =0
- 10 ft
=Fa- P“D(1562ft

Pap= 1.56P,

H62 )

By the real work method,

Pab_ < PiLi
2 2 24;E
Pa(1in) _ Piplap
2 24,pE
2 in
_ (156P) (15.62 &)(12 &)
@ )(29 000 k“’s) (0.20 in2)
Py =127 kips
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For the cantilevered wall in illustration {(b), consider

both shear and bending deformation.

G=0.4E, = (0. )(3120 ‘“"S) = 1250 ki

A= bd = (9 in){72 in) = 648 in?

_ Pgh? + 1.2Pgh
T 3E.J GA

Pg(144 in)?
(3) (3120 ‘“PS) (280,000 in*)

lin=

1.2Pg(144 in)
(1250 k“’s) (648 in?)

Pg = T39 kips

For the K-braced truss in illustration {c),

Fe

-

O

Lap= /(12 BT + 6 ft?) = 13.42 ft

For equilibrium of joint A,

Y F:=-05Pc+ Papcosf=0

= -05Pc + Pio( 5 )
Pap=1.12P¢c

From symmetry,

Ppg = —=Pap =-1.12P¢

1Pc(l in) = Zz(A E

Using the real work method,

PzL)

(112Pc)*(13.42 ) (12 E)

(29 000 k'ps) (4.4 in?)

Pc=

e

(—1.12Pc)*(13.42 ft) (12 %)

+ kips . ]
(29 000 )(4.4 in?) '
= 316 kips )
For the pierced shear wall in illustration (d), J
—=J 1in |-— _;3
! = 864 in2
E, = 3120 ki ’r’ A f 220 /_ s n = seagsaint ]
Em: 0.4.*.3,.2 j ] ;
SE ) fean
/ i
m M’ i

I

Proportion the force Pp to the lower walls on the basis
of their translational stiffness. Assume zero rotation at
top and bottom. Thus,

K=

1
K 12k
12E.1, ' G4,
1
(96 in)®

(12)( 3120 8% (35,000 in¢)
in?

(1.2)(96 in)
(0.4) (3120 k‘ps) (324 in2)

= 1042 kips/in

1]
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1
X + 1.2k
12E.I, ' GA,

Kz‘—"‘

1
(96 in)®

(12) (3120 klps) (10,400 in%)

(1.2)(96 in)
(0.4) (3120 k‘ps) (216 in2)

= 370 kips/in

K,
(K: +K2)PD

klps
in?

Vi

1042

Py

1042 k‘ps £ 370 k'ps

= 0.738PD

The stiffness can be calculated using the shear in the left
wall segment.

Vit
12E.I,

+Pnh§ 1.2Pph;
3E.I ' 0.4E.Aq

0.738Pp(96 in)®
(12) (3120 k‘ps) (35,000 in%)

1.2V h

e 04E.A,

-+

+

(1.2)(0.738Pp)(96 in)
(0.4) (3120 klps) (324 in?)

Pp(48 in)®

* i
(3) (3120 p"‘) (663,552 int)

1.2Pp{48 in)
(0.4) (3120 ﬂ’5) (864 in?)

Pp= 1282 kips

The rigidities of the elements relative to the rigidity of
the X-braced frame in illustration {a), which is taken as
unity, are

Py=1
Pg 739 kips

Pa 127 kips
Pc 316 kips _

Pan  12.7 kips =(25]
Pp _ 1282 kips _

P, 12.7 kips

SOLUTION 12

12.1. Assume a well-drained, Fanula.r backfill for
which k,=0.3 and v,=110 lbf/ft Based on &, and -,
values, the equivalent fluid weight is

kv, = (03)(110 ‘%‘) = 33 Ibf />

The wall spans vertically between the silt plate and the
slab centerline at approximately 8.2 ft.

{33)(7.7 Ibf/it) = 254 Ibifit

ﬂ\l\l\h\ -

v,+ |
7.7t
! | |- 05t

Per foot of wall,

w = kgv,0(1 ft)
= (0.3)(110 lb—f) (7.7 f)(1 f)
= 254 Ibf/ft
O.Swa(g)
R
_ (05)(254 oA (7.7 fe) (ZL5)

B.2ft

V,=

= 306 Ibf/ft
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Vi=05wa~V,
Ibf Ib
= (0.5)(254 2 (7.7 ft) — 306 =
= 672 Ibf/

The maximum morment occurs where the shear is zero.
For simplicity, take positive y as downward from the
ground surface.

o) s

_age B [BUR) (2
ft 7.7 it 2

y=43 ft

Mue = Vi(y+0.5 ) - (2) (%) ©

= (306 M)(43 ft +0.5 ft)

Ib
PR ) (e (38)
7.7 1 2 3

= 1032 ft-1bf

Check the strength of reinforced masonry wall using the
allowable stress method from ACI 530. For the given
vertical reinforcement of no. 5 bars spaced 16 in on
centers,

For the unit wall length, b=12 in. Take f}, = 1500 psi
and d=5.3 in.

lbt‘
_B__B 29,000,000 :%
Bm 900, (900)(1500 “’f)
— 9215
in?
(21.5) (0.23 T)
AL T R (),
M= T T mGam) oo
=/ (np)* +2np— mp
= /(0.0778)? + (2)(0.0778) — 0.0778
= 0.324
. k_ . 0324 _
i=1-F=1-23% 80

()

_ (1032ft-lbf)(12 %) ( , )
(12 in)(5.3 in)? (0.324)(0.892)

= 254 psi

(1032 ebe) (12 ﬂ)

= = f
*= A d (023 n2)(0.892)(5.3 in)

= 11,400 psi

The computed steel stress, f,, is well below the allowable
stress for all grades of reinforcement. The allowable
compression stress is

Fy=033f, =
= 500 psi

(0.33) (1500 M)

[> fs =254 psi, so QK]

Check shear stress at the wall base.

_V__ 6721bE .
S " R mGsm P

= 0.5/ = 0. 5,/1500 Ibf

=19 psi [>f,, so OK]

Therefore, flexural and shear stresses in the masonry are
OK, and the | wall strength is adequate. ]

Check the transfer of 306 Ibf/ft from wall to sill plates
using %8 in diameter anchor bolts spaced at 4 ft on
centers.

= via= 108 B) (4 )

= 1220 Ibf/bolt

From NDS Table 11E, the capacity of %8 in anchor
bolts in nominal 3 in Douglas-fir is

Z'| = CpZ, = (0.9)(610 Ibf)
= 550 Ibf [<V =1220 Ibf/bolt, so no good]

Thus, anchor bolts |are not adequate | to transfer force
from wall to sill. The type 2 framing angles at 2 ft on
centers are OK. (Assume that there are two angles, one
on each side, arranged to eliminate cross-grain tension
in the plate.)

PPI ¢ www.ppi2pass.com
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Several deficiencies occur in the transfer of the lateral
force into the roof diaphragm. For example, consider the
2 % 6 brace at the 7 ft maximum height.

Porace COS 8 2xX6atdftoc

—t—1224 Ibf

\ Pbraca sind
N
~
1220 bf

S Fi=V = Pyancosf=0
= 1220 Ibf — Pyrpee (13%)

First, the 2 x 6 brace has a weak axis unsupported
length, L., of 10.6 ft =127 in. Thus,

in
g, (10 ft) (12 E) -
d 1.5 in

The slenderness ratio of the brace exceeds the limit of 50
permitted by NDS. The 2 x 6 cannot resist the design
load.

Second, the type 1 framing angles connecting the brace to
the truss chords are not adequate to transfer a force of

. 7 ft
Phrace siné = (1620 lbf)( — &) = 1070 Ibf
Third, the vertical component of force in the brace
imposes loads on the roof trusses that are probabiy
excessive (e.g., 1080 Ibf down on the lower chord,
1080 Ibf up on the upper chords where the braces are
maximum height).

[ Remedial action is needed. |

One possibility for remedial repair is to create a dia-
phragm in the plane of the lower chords of the roof
trusses.

roof above
\

A 7~

ceiling
diaphragm

; 306 Ibf/ft

rear wall

Additional strength must be provided to transfer the
306 Ibf/ft into the diaphragm (to supplement the /5 in
diameter anchor bolts). One method is to install a cleat on
the 3 x 8 sill, which could transfer the force into the sill.

2x6 NT,_._ type 2 framing
»- -"hlocking ]/ angles {adequate)
diaphragm = |~ existing 3 x 8 sill
PT3 x 6 attach _,-.'a: ?:.a.".‘:
with lag bolts ARt

—t— 306 Ibf/ft

Collector and anchorage elements along the side walls
should be investigated and strengthened, if necessary.
Front and rear walls plus sills are adequate as chords.
The shear transfer through the ceiling diaphragm to the
side walls is

Ibf
g Vil _ (306 )22 0 = 153 Ibf/ft
2B (2122 )

Take the allowable shear for structural panel diaphragms
from IBC Table 2306.2.1(1). Table values are for seismic
loading and must be adjusted by 0.9/1.6 =0.56 for sus-
tained loads. Try %s in sheathing with 6d common nails
at 6 in on center along supported edges (unblocked dia-
phragm), and at 12 in on center along intermediate sup-
ports. The shear capacity is

Valiowable = 0.56%abulated = (0.56) (215 %)

=120 Ibf/ft [« v=153 lbf/ft, so no good]

To correct this, add blocking and increase nail spacing
to 4 in on center until v is less than 120 Ibf/ft. With
blocking and closer nail spacing (6d at 4 in along
blocked edges), the diaphragm capacity is

Vallowable = 0.56 Uabulated = (0.56) (320 %

=179 Ibf/ft [> v, so OK|
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SOLUTION 13

13.1. Determine the critical values of lateral pressure
on the soldier beams. The surcharge from the adjacent
warehouse is

Qf = wchioor.ing + Ly + (D + L)z
+ (D + L)y 4 (D4 L) or
(150 M) (4 ft) + 250 lf:;’,f

+350 17 +350 2f + 100 2F

&2
= 1650 lbf/ftz

N= Qf = wmqu
Ibf
= 1650 25 - (120 (5 ft)
= 1050 Ibf/ft2

Compute the lateral pressure on the soldier beams given
that the beams are spaced 8 ft on centers. The pressure
due to the building surcharge is given as uniform over a
length of Hi=H-5 ft=25 ft — 5 ft =20 ft. The active
pressure due to soil increases linearly from the ground
surface to a constant pressure of

ko = (25 20 (25 ft) = 625 Ibf/ft?

The net loading on each beam in pounds-force per foot is

5000 Ibfift

\ ] TJsn

N = 20 ft

\

2184 Ibfift §000 Ibf/ft 7184 Ibf/ft

(25 E)H (5 M)(25 ££)(8 ft)

ft3
= 5000 IbE/ft
£
0AN(L R4 a)s  (04)(1050 BH(1 B+ 12 R)(8 £)
H, - 30 ft
= 2184 Ibf /8t

Make an approximate analysis of the tie-back forces in
order to obtain a trial value for the toe length. The toe
will have short embedment, which offers scant resistance
to rotation at the base. Therefore, idealize the base as a
simple support offering resistance only to vertical and

lateral forces. The resultant lateral force on each soldier
beam is

F:=0.5p,(0.2H) + p,(0.8H)

(0.5)(5000 "’f) (0.2)(25 &)
+ (7184 %) (0.8)(25 ft)
ot
0 —
1000 {2
-
/*VA j Bft |
=i H,
D —**va 121t
— —Jw—Hg —————
= 8ft
He

*v:

13.2. Calculate the approximate forces at the supports
based on tributary length for each loaded segment.

Hy = 0.5p,(0.2H) + p,(0.4.Ly)
kips

= (0.5) (5 0= )(0.2)(25 ft)
(7 184 k"’s) (0.4)(12 ft)
== 47 kips
Hg = py(0.6Ly + 0.75Lg)
(7 184 k‘ps) ((0.6)(12 £t) + (0.75)(8 t))

== 95 kips
For horizontal equilibrium,

S F,=Hy+Hag+Hc—F,=0

Hc=F.— Hy—Hp
= 156 kips — 47 kips — 95 kips
= 14 kips

PPl # www.ppiZ2pass.com
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Find the toe length, d, needed to develop 14 kips by
passive sail pressure.

14 kips = 0.5(f,d)d
_ kip) 2
= (0.5) (0.45 ftz)d

d* = 62 ft?

d= 8 ft
The vertical components of tendon force, V4 and Vg,
are resisted by skin friction along the 2 ft diameter toe.

The tendon slopes 15° with respect to the horizontal.
Thus,

Va= (coflAS")Sin 15° = Hj, tan 15°

= (47 kips)tan 15°

= 12.6 kips
Vg = Hp tan 15° = (95 kips)tan 15° = 25.5 kips
Vo= Va+ Vg =12.6 kips + 25.5 kips = 38.1 kips

Find the skin friction.

fonDd= V¢
f,m(2 ft)(8 ft) = 38.1 kips
f, = 0.76 kip/ft?

The computed skin friction, 0.76 kip/ftz, is well below
the allowable value of 2.0 kips/ft% therefore, an 8 ft

embedment at the toe

A more refined analysis of tie-back forces could be made
using the trial toe length of 8 ft and treating the hor-
izontal reaction at B, Hg, as the redundant force. How-
ever, given the uncertainties in lateral force distribution
and support conditions, the approximate analysis is
accurate enough.

13.3. To verify adequacy of the 8 ft toe length, both
gkin friction and passive earth pressure on the embedded
‘shaft must be checked against the given allowable
values. The skin friction is computed above to be
0.76 kip/ft? which is below the allowable 2.0 kips/ft>.
Find the passive pressure.

Y F.=Hys+Hag+Hg—F:=0
He=F;— Hy — Hp
= 156 kips — 47 kips — 95 kips
= 14 kips

i
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0.5f,d* = Hc
__fc
I 0.54°
= 14 kips
(0.5)(8 ft)*

= 0.44 kip/ft?

fallowab]e =045 kips."llftz pr {falloilhh$ S0 OKI

The passive pressure is less than the allowable pressure,
so an 8 ft toe length

13.4. Compute the grouted anchor lengths. The aliow-
able skin friction on & 12 in diameter drilled shaft is
1.5 kips/ft®. The tension force in the rod is

_ Hap AT kips _ .
T = cos15® cosl5® AL
FinDierod Lo = T
L Ta _ 48.7 kips
A FmDicon kips
=103 ft
_ Hg _ 95 kipS _ .
B Ccos15®° cosls® 98.4 kdps
FinDiernals = Th
Lp= Tg _ 98.4 kips
B FmD ie B kips
J7Htierod (1.5 —&PT) (1.0 ft)
=209 ft

The grouted portion must extend beyond the failure
plane, which is at a 60° angle from the horizontal.
Sketch the minimum total tendon lengths.

Ly

e

assumed failure
plane

Ly

grouted

(¥
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L, L m=my + mz + My
v Ty . 2 . 2 . 2
sin30° sin75 L =948 kips-sec +2.48 kips-sec +3.73 kips-sec
[ = Lsin30° (20 fe)sin30° _ .04 g ft ft ft
A= §in75°  smis° = 8.69 kips-sec?/ft
b __L
sin30°  sin75° For the first mode, w; =8.77 rad/sec, the normalized
.  Lsin30° (8 ft)sin30° eigenvector is
L= Snte° sin 75°

The minimum length of tendon A is

=103 ft +104 it =[20.7 ft

The minimum length of tendon B is

Ly + L

Ly + Ly =209 &+ 4.1 &t =[25.0 f]

13.5. The installation procedure is as follows (see
Schnabel).

e Drill 2 it diameter vertical shafts at soldier beam
locations.

® Pour concrete in lower (i.e., toe) portion of shaft;
insert, and align soldier beam.

e Excavate to region below point A, installing lagging
planks as work progresses.

e Drill 1 ft diameter shaft inclined 15° between soldier
beams at elevation A.

¢ Grout tendon A {usually by pressure injection rather
than by gravity flow).

e Install wales horizontally between soldier beams to
transfer tendon tie-back forces to soldier beams (usu-
ally two C-sections back to back to form wales).

® Tension tendons to their proof load (typically 80% of
ultimate), then anchor the tendons at their working
load.

SOLUTION 14
14.1. Calculate the participation factors in accordance
with the SEAOC Blue Book. The mass at each level and
the total mass are

W] - 80 k.ips

 =—1= = 2.48 kips-sec?/f
9 399 f
_&_M_g,ig kips-sec?/ft
9 392 B
sec?
ma_—“f_ljoz-—k‘—gsﬂ?a lips-sec?/ft
B2

—

{¢:}T = (1.69,1.22,0.572)
i‘ﬁum.-
Zt.’bl,m;
(1.69) (2.48 k‘ps'secz) +(1.22)

2 H 2
x (2.48 Kips-sec ) +(0. 572)(3 73 Kips-sec )

P ==

ft
2 klps-sec
(1.69)°( 2.48 =) + (1.22)’
i 2 s 2
x (2.48 —l“psf‘tse" ) +(0.572)* (3.73 ‘U_Ps'ff.?f_)
=[0.780
Similarly, for modes 2 and 3,
{2} = (~1.208,0.704,1.385)
Jd
Z‘i’m"‘%‘
P =
Z¢am:
i 2
(-1.208) (2.48 _k%) + (0.704)
i 2
X (2-48 Hposec. ) + (L. 385)(3 rg KPS )
= )
(—1.208)* (2-48 ‘“"S‘%) + (0.704)2
3 2 . 2
x (2.48 Bpese ) + (1.385)° (3.73 k.i?ﬁ'ﬁic_)

=|0.327

e

T BTTEERERlL e e —
[




{¢5}T = (~0.714,1.697, —0.948)

3
Z¢nmi

Pa - 1=1

3
2 bami
=]

H 2
(—0.714) (2.48 Elpsf’t-ﬂ) +(1.607)

B 2 = 2
y (2.43 EPS-&_) + (-0.948)(3.73 kp_sf-t_)

. 2
-—-k’psi;:ec ) + (1.697)

. ] . 2
x (2.48 l-“—’f-se—c) +(~0.948)? (3.73 kips-sec )

ft ft
- [Co5eA)

) (-0.704)* (2.48

414.2. As a check, the participation factors should add
up to one.

P + Py + P3=10.780 + 0.327 + (—0.094)

~ ([T TR

14.3. Calculate the displacement at each floor level
based on the given response spectrum.

For mode 1,

wy = B.77 rad/sec

o 8.77%
fl=ﬁ=2—ra—d"=1.4HZ
T
cycle
1 1cycle
==—=—-=07
T 7= 1aHz sec

From the given response spectrum, for a period of
0.7 sec,

- - Aty 2
Sa=015g = (0.15)(32.2 Secz) = 4.8 ft/sec
b 48 _sefzz
Sa=18 = SBC __ 0062 ft
wi (8.7751‘1-)
sec

STAUCTURAL ANALYSIS Jigqie

For mode 2,
we = 25.18 rad/sec

95.18 fad

=2 _ sec _
f2_21r o Tad 4.0 Hz

cycle
1 _lcycle

=f——-m—0.25 sec
2 .

From the given response spectrum, for a period of
0.25 sec,

T,

S =089 = (08)(322 %) -
ft

Su 25.8 —

Sp=22=_ S _ o4 g
2518 29)
sec

25.8 ft/sect

wo = 25.18 rad/sec
fo=40Hz
Ty = 0.25 sec

For mode 3,

wy = 48.13 rad/sec

48.13 &4

=¥ sec
h=2 5 — 7.7 Hz

2n
cycle

From the given response spectrum, for a period of
0.13 sec,

ft

— . — vy - 2
Su=04g= (0.4)(32.2 sec2) =12.9 ft/sec
ft
12.9 £
Sg=1Sm - s __ 00056 ft

The displacement at each level is
Tind = PinPiSdn
7134 = (1.690)(0.780)(0.062 ft) = 0.0817 ft
Z914 = (1.220)(0.780)(0.062 ft} = 0.0590 ft
z314 = (0.572)(0.780)(0.062 ft) = 0.0277 ft
Ty24 = (—1.208)(0.327)(0.041 ft) = —0.0162 ft
Tygq = (0.704)(0.327)(0.041 ft) = 0.0094 £
Tang = (1.385)(0.327)(0.041 ft) = 0.0186 ft
T3¢ = (—0.714)(—0.094)(0.0056 ft) = 0.0004 ft
To3q = (1.697)(—0.094)(0.0056 ft) = —0.0009 ft
T334 = (—0.948)(—0.094)(0.0056 ft) = 0.0005 ft

"
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Combine the modal maxima using the square root of the
sum-of-squares (RSS) method. The displacement for
each floor is

Ii=

%

3
J;I?jd

(0.0817 ft)” + (~0.0162 ft)? (12 111)
+ (0.0004 ft)?

ft

B
It
—

;

(0.0590 ft)* + (0.0094 ft)? (12 iﬂ)
-+ (—0.0009 &t)?

B
I
-

0.7 in

1

(0.0277 ft)° + (0.0186 t)? (12 12)
+ (0.0005 £t)*

&
Il
-

14.4. The interstory drifts for each foor are

base tolevel 1: Dy =x =

level 1 to level 2: Dyy =23 — z; = 0.7 in — 0.40 in

level 2 to level 3: Dy =13 —2p = 1.0in— 0.7 in

DOLUTION A, oo St s

45.1. Determine the natural frequencies and mode
shapes of the two-story steel frame below. Consider bend-
ing deformation only and treat the girders as rigid rela-
tive to columns. Lump building masses at the foor levels.
For the W10 x 60, use J = 341 in? and E = 30,000 ksi
per the problem statement.

m
2 e X3
10 ft
1y
__ —_—
15 ft W10x60
e ™
T T T
| |
' 24 ft '

.

Compute the equivalent mass at the floor levels.

Wi=u L+ 2wy (h—l:-;—-ﬁ)
= (2000 l—?{) (24 £) + (2)

«(o ) oy 00y

= 49,500 1bf

W) 49,500 1bf
my=—=

"l ) (B

= 128 Ibf-sec?/in

Wao = wal + 2w (ﬁz_)

)
_ (1500 1t Ibf (10 f
= (1500 2}(24 ) + (2) 60 (5 )
= 36,600 Ibf
W, 36,600 1bf
m=—==

g (32.2 %) (12 %)

= 95 Ibf-sec?/in

Compute the equivalent translational stiffmess, &, at
each level.

(12) (30,000,000 :‘;—f,) (341 in%)

(os ez 2))
= 21,050 Ibf/in

12E7
k2 —4 h3
1bf

i) ind
_ (12)(30,000,000 mz) (341 in*)

(0o iz 2))
= 71,040 1bf/in

[

PPl # www.ppiZ2pass.com

|

r

ed

|



Assemble the stiffness matrix.

K= 2(ky + k)
_ Ibf It
= (2)(21,050 204 71,040 in)
— 184,183 Ibf/in
Ko= 2k = (2)(-71,040
= —142,080 Ibf/in

1bf )

in

Kz = Ky = —142,080 Ibf/in
=%k, = Ibf

K = 2k = (2)(71,040 inf)
— 142,080 Ibf/in

Damping has a negligible effect on natural frequencies
and mode shapes. The equations of motion for the
frame are

[M]{z} + (K]{=} = {0}

The solution for the lateral translation, x;, will be of the
form z;= a;sin(wt). Substituting and simplifying,

[(K] - w?[M]]{e} = {0}

For a nontrivial solution, the determinant of the coeffi-
cient matrix is set to zero.

|[16) - w28} =0
Thus,
184,183 %
. 142,080
- (128 j—sec)u? n
m —0
142,080 %
-142,080 12 .
i - (95 Ti“)uﬂ

STRUCTURAL ANALYSIS 1-35

Expanding the determinant yields the characteristic
equation (with the common unit Ibf?/in? canceled from
each term).

2
(184,183 Ibf _ (128 "’f_ﬂ)wﬂ)
1 1

2
. (142,080 %— (95 Ibf-sec )w'*‘) =0

in
2
- (142,080 %)

wi(1 sec?) - 2034.202(1 sec?) + 491,900 = 0
Solving for w?® using the quadratic equation gives

w? = (178.6 sec™?, 2755 sec™?)

w = (1334 % 52.5 -’-"ﬂ)

sec
Thus,
o 133408
ft=211: rad 2r rad gzva
cycle cycle
52.5 2d

—_ b2 sec _-m
f2—2u rad _2“: rad ~
cycle cycle
To obtain the mode shapes, arbitrarily set the displace-
ment at level 1 to 1 in, substitute the calculated fre-

quency into the equations of motion, and solve for the
displacement at level 2. Thus, for the first mode,

wy = 13.34 rad/sec

a)) = lin
184,183 Bf
m
2
- (128 Mﬁ—s—“-) — 142,080 1Bf
1m n

x (13.34 %)2

142,080 1of
mn

. - 2
—142,080 1f = (95 &f__sa)
n 1n

x (13.34 E)z

1in 0 Ibf
b4 =
aa 0 1bf

PP & www nnl2nansa. ~aa.
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(161,405 %‘)(1 in) — (142,080 %) ag = 0 Ibf

on = [TT567]

For the second mode,

[ (184,183 1of
m
. 2
_ (128 E’L_E—) _ 142,080 1Bf
n mn
rad\?
x(515 ;;J
142,080 1bf
m
a2
—142,080 1 - (95 e )
in in
rady?
; x (25 50) )
i 0 Ibf
b4 —
29 0 Ibf

(—168,617 %) (1 in) — (142,080 th:;f) agy = 0 Ibf

on=[CTT67 0]

—)-11.136in -1.187 i"\_
’I ™ -.\\

-"JI 1.000 in -h-}LOOO in

’ ’

/ ’
/ /
I} 7
1 i
first mode second mode

15.2. The acceleration response spectrum for 7% crit-
ical damping is the lowest of the three given curves. For
the first mode,

wh = 2.1 Hz

T, =L = 0.48 sec = 0.5 sec
W

Thus, the spectral acceleration is

Sa = 0289 = (0.28) (322 1) =

The spectral pseudo-velocity relates directly to S,.

ft
9.0 —

2
S":%:ﬁ: 0.7 fe/sec
34—
sec

SOLUTION 16

16.1. To compute the horizontal component of cable
tension at point A, consider a typical strand as a free-
body diagram.

m
.L...(i

J'iﬁ VT\‘&\__;: ft |__

90 ft

Equilibrium requires

(1.41 '-“E) (90 )
B 2
V =63.45 kips [upward]
Taking moments about the centetline and the line of

action of the cable force from the tension ring to the
centerline gives

ZMnem.erllne =Hh—-VL+ (t_ﬂéé) (%I'I) =0

= H(18 ft) — (63.45 kips)(90 ft)

. (1.41 “"T‘;’s)(go&) ((2)(20&))

H=105.75 kips  [to the left]

A free-body diagram through point A on the cable

shows
AT T

Y F.=-H+Hy=0
= —105.75 kips -+ Hy
H, =[105.75 kips _[to the right] |

Equilibrium requires

Equilibrium requires that the horizontal component of
cable tension is constant at all points along the cable.

PPl ¢ www.ppli2pass.com
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16.2. Verify that W21 x 50 of A36 steel is adequate for
the tension ring.

The maximum ring tension occurs midway between
cable connection points (see Young, Budynas, and
Sadegh, Table 17, case 7).

1‘.’
P
\ﬂo\"‘ F—11.25°
Tmax
105.75 kips (typical} Tonax
D i

= ZH cos &,

f cos11.25° + cos 33.75°
= (105.75 kips)
+ cos556.25° + cos 78.75°

= 271 kips

= (20 (55-5)

= (1L 25°)( 0.19635 rad

180“)

L3 1 1
(105.75 kips)(4 ft) (Sm 11.25° _ 0.19635 ra.d)
2

M*=
= 7.0 ft-kips

= () (-9

+ 1 1
_ (10575 kips)(4 1) st
7

= 13.9 ft-kips

‘Use ASD. Relevant. section propertles of the W21 x 50
are A, =14.7 in? and Z;=110 in®. The weak axis bend-
ing is neghg;lble Assume that the cable-to-ring connee-
tion is detailed such that the full area of the W21 x 50
Tesists tension. Check combined axial tension plus bend-
ing es per AISC Sec. H1.2.

ldps . 9
FoA, (36 )(14.7 in®)

, Pe=Tiio L = 317 kips
g s (36 ‘?n—pf)(uo in%)

M., —==¥%z _ - P
; p ) 167 2371 in-kips
il

P = Thax = 271 kips
P, _ 271 kips _
P, 317 kips 0.85 [>0.2]

The ratio of required strength to allowable tensile
strength exceeds 0.2, so AISC Eq. H1-1a applies.

Py, 8(Mz) _
Pc+9(Mu)_

=092 [<1.0]

. in
271 \ips (§) (13.9 ft-klpS)(lZ E)
317 kips ~ \9 2371 in-kips

W21 x 50 satisfies the interaction equation
and is QK.

16.3. Check the W33 x 221 for the compression ring,.

Cox=T, u=271 kips

. (HT) sin 6 ;)

= (1L 25“)( 0.19635 rad

) =

1
(105 75 kips)(90 fﬂ)L in11.25°  0.19635 ra.d)

2

= 156 ft-kips

M= () G-md)

: 1 !
_ {10575 kips)(90 #) o i)
2

= 312 fi-kips

The negative bending moment of 312 ft-kips cont.rols
Relevant propertles of the W33 x 221 are A,=65.21 in®,
re=14.1 in, ,=12,900 in%, Z,=857 in®, b,/2tf—6 2,
and A/t,=38.5. To check bucklmg of the compression
ring, calculate an equivalent radial pressure using an
available solution (see Young, Budynas, and Sedegh,
Table 34, case 8).

kas . 4
e 3EI _ (3) (29 000 )(12,900 in}

~ (0 &)(12 .‘f%))3
= 0.89 kip/in

P=gr= (089 )(90 &)(12 )
= 961 kips

P
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The equivalent effective length from the Euler equation is

Bl
=T KL?
nEl,
KL: = T
(29 000 k"’s) (12,900 in)
- 961 kips
= 1960 in
K L, 1960 in
i 141 in S
From AISC Table 4-22,
Fe _ .
= 7.78 ksi
—(fa
Pe=(T2)4,= (7 78 )(55 2 in2)
= 507 ldps
3

Assuming that the section is adequately braced against
weak axis buckling, so that L, =0, the moment strength
of the section is given by AISC Eq. F2.1.

kips
FZ. (36 )(857 in®)

o 1.67
= 18,474 in-kips

M=

For axial load only,

P, 271 kips
P, 507 kips 0-53

The ratio is greater than 0.2, so AISC Eq. H1-1a applies.

[>0.2]
M, =M =(313 ft-kips)(12 E) = 3756 in-kips
271 kips

ft
P, +§ M. - + (§) 3756 in-kips
P, 9\M. 507 kips ~ \9/ \18,474 in-kips
=0.72

[<1.0]

The interaction equation is satisfied, so the
W33 x 221 is OK.
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PROBLEM 1

41.1. In multistory reinforced concrete construction,
(a) when and where would reshoring be permitted to
be placed? (b) What determines the required amount of
reshoring? (c) When would reshoring be permitted to be
removed? (d) What physical property of concrete other
than compressive strength is important when consider-
ing form removal? Why?

1.2, Name two possible effects on concrete beams if
shoring is removed too soon. What measures should be
taken to ensure proper scheduling of shore removal?

1.3. A concrete mix is so harsh that it cannot be
pumped readily. What are two adjustments that will
make the concrete mix more workable without reducing
its strength?

1.4. Name three methods of curing concrete.

1.5. List at least six practices that might be included in
a good cold weather concreting procedure. :

1.6. What are three practical construction procedures
that will minimize the harmful effects of hot weather on
freshly poured concrete?

4.7. What two factors relating to the handling of fresh
concrete might adversely affect the final shrinkage?

1.8. In reinforced concrete high-rise construction, why
are columns usually poured and allowed to harden
before the floor system is poured?

1.9. In prestressed concrete construction, why is it
necessary to check both the jacking force and the tendon
elongation during stressing procedures?

1.40. What is the major cause of plastic shrinkage
cracks in slabs? List five precautions that can be taken
to minimize or prevent plastic shrinkage cracking.

1.11. Due to a mistake in placement, a group of no. 10
grade B0 steel reinforcing bars extends only 18 in from
the previous pour. Plans and code require a 48 in lap
splice for no. 10 bars. Draw a sketch to show a recom-
mended solution for developing the bar in tension.

1.12. A no. 7 grade 40 steel reinforcing dowel for a
jamb bar was inadvertently omitted from a foundation-
pour (a continuous footing 12 in wide x 24 in deep) for
an 8 in thick conerete block wall. Specified compressive

Structural Concrete Design

strength, f, is 3 ksi. Knowing that the block wall has
not been installed, how could this problem be corrected?
Describe the procedure.

1.13. Name two undesirable effects of excessive vibra-
tion on freshly mixed concrete.

1.14. What are two readily identifiable defects of
poorly consolidated concrete?

1.45. A horizontal construction joint is needed in a
highly stressed concrete shear wall. What treatments
should be required for the concrete contact surface?

1.16. When investigating a conerete slab, it is found
that it is exhibiting greater than anticipated deflections.
The slab was placed and then stripped five days later
when the laboratory-cured cylinders reached design
strength. Job records are available. (a) List six items
other than the design details that should be checked.
Explain why. (b) What three design details might have
affected deflection of the slab?

1.17. Epoxy adhesives are used in concrete work. List
two advantages and two disadvantages to their use.

1.18. When welding reinforcing steel, what is meant
by the terms (&) preheat, (b) carbon equivalent, and
(¢} heat-affected zone?

1.19. If grade 40 bars have a minimum yield of 40 ksi,
what is the requirement for maximum yield?

1.20. For what two main purposes is ASTM A706
reinforcing steel used?

1.21. What analysis must be made prior to welding
reinforcing steel? Why?

1.22. What two alloying elements used in the manu-
facture of steel rebar have the greatest effect on elec-
trode selection and preheat in welding?

1.23. What factor will most affect the compressive
strength of a well-cured concrete of a given age?

1.24. The following are types of admixtures used in
concrete mixes: (a) air-entraining agents, (b) retarders,
(c) accelerators, and (d) water reducers. For each,
briefly discuss its principal benefits and disadvantages,
and name the precautions that should be taken when
using it.
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1.25. High concentrations of carbon dioxide can have
a harmful effect on freshly placed concrete. Why?

1.26. List three advantages and three disadvantages of
the use of fly ash as an admixture in concrete.

1.27. When designing an exterior beam-column joint
in a post-tensioned frame, what factor must be consid-
ered in addition to gravity and lateral loads?

1.28. Why isn’t mild steel, such as A615 grade 40,
used for prestressing?

1.29. Concrete deformations due to creep and shrink-
age may be two or more times greater than elastic
deformations. Give four factors affecting concrete
shrinkage.

1.30. What is creep? Are creep limnits normally speci-
fed? If so, how?

1.31. In reinforced concrete, why is the required
embedment, or splice length, longer for top bars?

1.32. What minimum capacity of a reinforcing steel
bar must be developed by a full-welded tension butt
splice? What minimum capacity would a weld of a
no. 14 grade 60 reinforcing bar be required to develop?

1.33. In a prestressed beam that has been installedina |

building, it is discovered that the effective stress in the
tendons is 30% less than specified. The beam was
designed for zero tension in the concrete at service loads
(pretensioned). (a) What would be the loss in ultimate
capacity of the beam? (b) Name two other features of
the beam that shouid also be evaluated, and describe
how they have been affected by the loss in prestress.

1.34. What three factors other than loads affect the
deflection of a flat siab?

1.358. The web reinforcing in a ductile flexural member
is based on ultimate moment capacities with a yield
strength 25% greater than specified yield and no capac-
ity reduction factor ¢. Why?

1.36. Why is it important to place part of the negative
reinforcement of a T-beam in the flange area?

1.37. Where would construction joints in a reinforced
concrete slab-beam-girder system be specified?

1.38, Why is ductile concrete used in seismic design?
1.39. What is the primary purpose of a column spiral?

1.40. In reinforced concrete moment-resisting frame
structures, overstrength reinforcement in girders can
present a seismic hazard to columns. Why?

1.41. In addition to providing adequate main reinfor-
cing steel, how else is ductility provided in reinforced
concrete columns?

1.42. Briefly describe the basic difference between the
internal resisting couple of a reinforced concrete beam
and that of a prestressed concrete beam.

1.43. Sketch the shape of the concrete stress block that
results from the location of the compressive force C for
each of the four prestressed beams shown.
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c.g.c. is the location of the center of
gravity for the concrete section.
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STRUCTURAL CONCRETE DESIGN

1.44. It is proposed to convert an existing lamella roof
building into a theater. This will require removal of
existing tie rods. The roof plan and typical cross section
are shown. Local conditions prohibit additional con-
struction beyond the property line. The interior clear-
ance needed for use as a theater is indicated in the
section. {See Mlustration for Prob. 1.44.) Describe and
briefly discuss three reasonable methods that could be
used to resist the lateral thrust from dead load plus live
load, while maintaining the given clearance. Calcula-
tions are not required.

Mustration for Prob. 1.44

bond beam — |&t=

Xk Iy
o | tie
¥ 2 : rod
. _| L -
4in -p-“" -
108 | 1—‘
Loq|12in]
_."_ = .
. max.| clearance line
I
e /
-"c"
F.- 1 |
10in o -
D‘ |
T.v 4] {
i '
o - 1
P |
=1 |
'.;._‘ I gft
.:9.' q |
NS |
128 F
1" s l
-4
A §
SO [ 1
$.o I
35 )
. oo 3 | roposed
roperty line ok prop
il ™~ o | concrate slab
. I
} i
1 |
i
varies | i
, ey
l o
T r-.c
. T 2ft
10 in R X
! ot

@141t

1.45. A reinforced concrete high-rise is planned for a
site six miles from an active earthquake fault that hag
the capacity to generate a magnitude 7.5 earthquake
(Richter). To minimize story heights, the structure’s
lateral force resisting system will consist of moment-
resisting frames located at the periphery of the building.
A typical elevation of one of the moment-resisting
frames is shown. (See [lustration for Prob. 1.45.)
(a) Discuss the relative merits of details D, E, and F
under the possible severe seismic overloads associated
with a magnitude 7.5 earthquake. {b} Which detail
should be selected? Why? (c) In the detail that is
selected, what is the most important pitfall to avoid
when proportioning the concrete dimensions and the
amounts of principal reinforcement?

rise

existing | existing asphalt
wall |} concrete paving

i property line
saction A-A

58 ft

\concrete end wall

=708 b

lamella roof

concrete end wall\

roof plan
span 58 ft, rise 9 ft 8 in, horizontal thrust 870 Ibift
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Mlustration for Prob. 1.45
20in

10 in
typical section

n
o o
o a
o o
/ |
r_

(
"
[ | 1|
[ \ [
[ | | : :
. I 1 | I J
< : |1 - < rl -
[ 1
- Slers ke s
R T T . Bae e,
_________ -8 ,'{u?: ° centerline of - ¢ J'_u o
—_—t L R T L - columnand —-f————————— B e L -
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e e e TR
'°‘=u"°' ENTYLATS
| |
section A-A saction B-B
stab :
T N
* ] v ]
I |
I : { ]
““““““““““ ] EEEEe - spandrel l
I e | _# centerling
{ A
: |
girder -
|
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o SRS
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column — ———L7 : 3
centerlina

column-/ = ‘.

,ﬁ detail E detail F
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»
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PROBLEM 2

A partial plan and a cross section of a typical fioor for a
maultistory building are shown. The columns are 24 in
square and the beams are shown in section A-A. Assume
that the beams and columns are adequate.

10 ft concrete wall

8in precast
concrete panels

1 2 3
o1 0 21ttt
.
[H] \ K
i If
L oLl
gl Eil
20t gh: B:l
D1 =11
ol N
.
& il B!
A B1)1 1!
20 ft E:i :I|
! {typical)
s — A — —— —— t_-...__._ —— . -
~ R
1:! lv. l:! [
partial floor plan
pinned connection
250 Ibf/t2 live load pane! to baam
1 21 ft 2' 21 ft ? 21ft 1
1 ! -l el
14 ft [ [ ||—_'1ft
story
height
- N LTA T TR TR L i
141 L 57 in
story i
height il —

section A-A

Design Criteria
use ACI 318

e f. =4 ksi stone aggregate concrete

e f,=40 ksi reinforcing steel

¢ live load =250 Ibf/ft? (do not reduce)
® fire rating does not constrain slab thickness

2.1. What slab thickness should be established for the
design? Show calculations to support the development.

2.2. Determine the maximum slab moments.

2.3. Design and sketch the slab reinforcement at the
critical line. Indicate the size of bars, spacing, clearances,
placing, and cutoff points. (Do not use truss bars.)

PROBLEM 3

A short concrete column is shown in cross section, It is
21 in wide x 17 in deep with four no. 9 bars and two
no. 8 bars placed as shown. The column carries com-
bined axial and bending loads about the Y-Y axis,

17in

25in

Design Criteria
e P, =700 kips
M, =330 Ft-kips
e f =4.5ksi

e f =60 ksi

e do not use column tables

25in

3.1. Plot the ultimate strength interaction diagram for

axial compression and bending moment.

3.2. Check adequacy of column for P,=700 kips and

M, =330 ft-kips.

PPl ¢« www.ppliZ2pass.com
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PROBLEM 4

Shown is a typical interior span of a cast-in-place one-
way beam-slab system. The beam span is 36 ft. Beams
are spaced 22 ft o.c. The typical beam depth is 36 in
with a web width of 18 in. Beam loading and end
moment are given as ultimate loads and moments. All
principal reinforcement is to be no. 8 bars. Neglect
column width and any unbalanced loading.

36in

stirrup
{incomplete)

18in
beam section

ultimate nagative momant (M)
at D = 190 ft-kips
ultimate negative end momant
at E = 1080 ft-kips

total ultimate vniform
Ioad = 13.3 kips/ft

36 ft

elevation A-A

Design Criteria

® f. =4 ksi hard rock aggregate

® f,=60ksi for principal reinforcement

® f,=40 ksi for stirrups (use no. 3 or no. 4 bars)

4.1. Design the maximum positive and the maximum
negative reinforcement.

4.2. Find the location where 50% of the positive rein-
forcement may be terminated. Dimension the required
bar lengths.

4.3. Design stirrups from the left support to the beam
centerline in 4 ft increments. Show any additional rein-
forcement that may be required.

4.4. Detail reinforcement at sections B-B and C-C.
Draw a beam elevation, and show bar lengths for posi-
tive reinforcement. Show stirrup size and spacing. Show
all calculations; do not use graphs or charts.

PROBLEM S. .

Precast concrete beams are supported on concrete cor-
bels as shown.

24 in wide
beam

pad

<2 24 in square
y column

Design Criteria

o fl.=4ksi

® f =60 ksi

®  Pyeadiosa =48 kips
®  Plyeload =32 kips

e friction coefficient between concrete beam and bear-
ing pad =0.40

® width of corbel =24 in
$.1. Design the corbels using shear friction concept.

5.2. Draw a sketch large enough to clearly indicate all
reinforcement and dimensions for your design.

PPl #« www.ppi2pass.com
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PROBLEM 6 = PROBLEM 7
] An existing two-story office building is to be converted A column cross section is shown.
to a warehouse. Determine the maximum allowable live : ) |
. load that the second floor will safely support. A typical p4in 16 in 4in
interior bay is shown. | |
2-;- i) = puae 2% in
23in—= = " 23 in
] . 18in X 24 in beam 1 | i SRR LI PR
e e e L= sin ¥ e W
: ! 24 in x 24 in girder '
I
] : : ! : 6in
il 6in slab AN 12ft
i ¥
. . 1
A 2 '..__..._____‘IEE'j_z_‘:ln____J l——- 24 ft 6in g .
T ettt I o PO I i
A || :t s Lo .u. . "Q‘L
H L 4in pranegt 1
L, i 6 in slab : | 12 ft o e 23 in {typical}
1 ! f
I
. | IL 18in x 24in h : 8-No. 9 vertical bars
1 :::::::::::::::::E_flﬂf_:i-----
L ] Design Criteria
i N.12in x 12in
' 25 ft " concrete column e fi =05 ksi
ical
{typical) o f,=60 ksi
e KlL=18ft0in
. Design Criteria o C,=10
] * f.=3.5 ksi (from core samples) hardrock concrete 7.4. Draw the interaction diagram for the column cross
1] - e f,=40 ksi section shown. Locate at least three critical points.
: e slab reinforcement (%4 in clearance): 7.2. Determine the maximum allowable factored total
. load moment about the X-X axis for the column when a
. no. 4 at 12 in o.c., bottom factored axial total load of 100 kips is applied. (Assume
; that the ratio of factored dead load moment to total
.4at 8 .C., top at supports
[ e load moment is 0.6.) Do not use column design tables.
¢ beam reinforcement (1%/2 in clearance to stirrups): Shaw all calculations.
E four no. 9, bottom
four no. 10, top to supports
eight no. 3 stirrups at 8 in o.c., each end (start-
F ing 4 in from support)

6.1. What is the maximum unit live load the second
floor slab and beam will support?

6.2. List other items that should be checked for which
no information has been given.

heamz],

PPI « www.ppliZ2pass.c:




2-8

STRUCTURAL ENGINEERING SOLVED PROBLEMS

PROBLEM 8

A short reinforced concrete tied column is shown in
cross section. Table values are not acceptable; calcula-
tions are required. Use ASCE 7.

Design Criteria

The column carries vertical loads and moments about
the center line X-X as follows (N=vertical load,
M= moment). The loads are unfactored, design-level
values.

e f =4ksi
® f,=50 ksi
e service dead load only, N=150 kips, M= 100 ft-kips

s service live load (office occupancy) only, N= 70 kips,
M =20 ft-kips

e earthquake only {design level), N=0, M = 450 ft-kips

® geismic design category D, redundancy factor=1;
SDSZ 0.5

8.1. Verify the adequacy of the column design. What
comments could be offered on this analysis?

8.2. What effect would vertical acceleration have on
this column during an earthquake?

24in
X

2% iy —d .
centerline
I

14in

8-No. 11 bars (total)

-

PROBLEM 8

An elevation of a concrete shear wall is shown. The
seismic lateral loads for which the wall is to be designed
are shown to the right of the wall.

Design Criteria

® neglect vertical dead and live loads

® assurne wall is fixed at base

e assume given lateral loads are design level

9.1. Analyze the wall and draw 2 series of free-body
diagrams which show the forces acting on each resisting
element of the wall. Assume that the floor slab acts as a
rigid diaphragm and distributes the concentrated lateral
force at each level among the walls.

9.2. Draw an elevation of the wall and show all addi-
tional boundary and trim reinforcement needed to resist
lateral forces. It is not necessary to completely detail the
reinforcement. Show the amount of reinforcement
needed, approximate lengths, and placing. Do not show
typical wall reinforcement.

openings as shown \ 16in floor slab beyond

roof _‘100 kips
10 ft
4th 80 kips
10 ft
Ird—] 70 kips
10 ft
2nd 60 kips
20 ft I 1
Al A
e ' T
| 15& J ot | 108 10t |
elevation
12in j 8 in X 1B in columns
{typical)
plan
section A-A
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L
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PROBLEM 10

A prestressed concrete pile is shown in cross section,
] along with the stress and strain relationship for a
970 ksi stress-relieved strand.

3in

din
==X |12in
3in

3in

12in
cross saction

a, (ksi)
300

]
o, = 244 + 666¢

) 200 |- : :

stress
] 1001 /g, = 25000,
” L i 1 1

001 002 003 004 €

stress and strain relationship for
270 ksi stress-relieved strand

W, W W

e

Design Criteria

® f =5 ksi at 28 days

® f.=270 ksi prestress strands

* A,=0.115in"

* 4,=144in*

o E,=27x 10° psi

e fabricator will use 0.75f,, as jacking stress

e assume 10% loss in prestress at transfer

® make a reasonable assumption about further loss of

prestress before member is put into use

10.1. Caiculate the allowable service load for the pile
under axial load only.

10.2. Due to the soil condition, the pile has to resist
both axial load and bending moment during an earth-
quake. Determine the maximum allowable bending
moment about the X-X axis. Use the following values.

Poead + live +seismic = 150 kip factored design load
¢ = 0.65 for both axial and bending
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PROBLEM 11

A cast-in-place reinforced concrete building is being
designed with exterior bearing and shear walls. A typical
cross section is shown. (See [lustration for Prob. 11.)
Dimensions and member sizes are shown. Minimum wall
reinforcement satisfies the requirements for lateral force
design. Assume that the foundation provides fixity to
exterior walls at the first floor line, and that interior
colurmnn stiffness is negligible.

Design Criteria
e f =3 ksi hard rock concrete

e ASTM A615 grade 40 reinforcing steel

Niustration for Prob. 11

|
1

symmetrical about
centerling of building

o f =40 ksi
* floor slab design live load = 175 1bf/ft
e floor slab dead load including ceiling = 120 Ibf/ft?

114.1. Determine the critical second floor slab loading
for design of joint A.

11.2. For the loading condition in Prob. 11.1, draw a
complete moment and shear diagram of the second floor.
Indicate maximum moments and locate points of
inflection.

11.3. Check the adequacy of the reinforcement at
joint A.

! i tyn = 9in
| | | f
E O ORI T - '--'u'I'.'h"-'LL-'n"-' B O AP VERE R q_.'_.r; roof
:
; |14
o — fi— § B— ,
: F " 1 10in
. ceiling 1.
: i . concrete 10 &
| 3. | wall
| .ye 'o
: i, fysn = 91in o
! b ;
S meer, g ‘ir"r TEe e, g eE e el
I 2.
O 4 E—— § I
: k) \ *l 10in
3 I ) L
e ceilin .] concrete
l 10 f P ® ousin | wall 0ft
T T
: l 9i :
L. = *
1 _4 Litabs in /;\
I A ;
-?.".n;'"-.:( gt- g oo la"':i;'."n" gt i gt g e otk ;' 2nd
i I .
| beams /J'"_ I ' \_ﬂ: A
| 16in x 26in ')
| typical LS e
'"i""""__“i'i""i _________________ 9 st
: R ceiling =)
I ) P .
! 4 2 12in
] i ~").o]" concrete
i 4 concrete | wall
} ;F,,/'columns o W
A o
l ; o 1st floor
_—oa CR TPy - hl - T =Y D oo =Y o.
I LB . .-'._
1 of- “Teb
| 1, L
1 e o
..Don
typical section
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2-1§27F

41.4. Determine the size, spacing, and required length
of additional reinforcement needed at joint A. (Do not
consider the slab to be pin-connected at joint A.) How
should the detail be revised?

PROBLEM 12

A precast prestressed girder with a depth of 42 in is
shown, as is a deck slab that is poured in place to form
a T-section. No other dead loads are involved.

dowels extended from flange
bend down into closure

<t

No.4 @ 16 in
each way each face PO A
k 1 in ¢learance —-p <[ 9 4 1% in T ackﬂengeoflee-. TR N
| clearance PR R B 0.2 a" v '}, .
el o cast-m-placg closure .o.-;- e
® : _- ) ?::o-‘-h.a:ou.-:éo-;..a w_ntf .g-n_p_'.
| . %&7) ™ thin bearing pad
1#8in ot
4 ; uj
No.7 @ 10in . 1.
—— construction .
joint cast-in-place closure
) § -G in tail
. 72in’ .
I 0 [ 1% in .
: clearance 6in

! AP ARV O VRGN
: , N e O S L
} 1in clearancp 4 [.-nfq-“"."'.':“’.-u::"‘-".af'“_;u?.""-°-uu° uql

i B d o, B
1. No.7 @ 12 in 1 Ry ".";.- canter of gravity
2in clearance —={" v 1:e y Ay =420in?
. 1.8 l = 61,600 in*
3 42 in ) b A b AT_ 852 |I"I2
33.2in A%eqq Ir=184000in*
1in clearance —{. H—11in l R .a"‘
3 2 vm .
3 clearance ) Srevmid!

—

4in

centroid of stress
on centerline

poured-in-place slab

No.4 @ 12in é °.

each way each face . o
Design Criteria

e G5 ft span

e § ft slab width

o 125 Ibf/ft? live load

® f' =5 ksi hard rock concrete
® prestressed steel:

fi =260 ksi [ultimate]

fa=0.7f, =182 ksi ([transfer|
losses = 35 ksi
fow =147 ksi  [working]

£, =167 ksi [initial]

.
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42.1. Calculate the prestress force required. Do not
select a prestressing system.

42.2. Calculate the stresses at top and bottom at

transfer. Temporary tensile stresses in excess of 6./f,
may be resisted by mild steel reinforcement.

142.3. What types of bars and hooks should be used?

12.4. Calculate top and bottom stresses (girder) at
dead load and live load.

12.5. In the design of the joint at the girder support,
what are the.expected effects of shrinkage, creep, and
temperature on the assumptions for fixity?

PROBLEM 13 = .

A precast concrete girder is shown with a cast-in-place
slab that is intended to work compositely with the
girder.

, poured in
neutral axis of precast
: place slab,
section and tendon wt = 50 psf
centroid (at supports} , 15 ft o.c. spacing 5in P

.°'.°cu_° 'ano X - ariet ‘:-. --.". )
. Ay i 223 in
7l in el 2
R, W _é 5 i precast
- é - post-
1in WA tensioned
Ein-t—) o ey PR i i section
/

tendon centroid
{at midspan)

Design Criteria
® beam span=40 ft 10 in
e dead load of beam = 210 Ibf/ft

® precast concrete beam:

A = 265 in?
Sy = 1200 in®
Sy = 1250 in?

® composite section:
S¢= 13,500 in?

Sy = 2350 in?
® no continuity assumed at the columns

® tendon force = 200 kips effective (after all losses have
occurred)

e beam and slab have the same modulus of elasticity
Construction Procedure

The precast concrete beam is precast and post-tensioned
in shop. Beam is hauled to job site and placed over
column supports. Temporary support is installed at
beam midspan after girder is in place. Formwork is
placed and sleb is poured over beams. Weight of form-
work may be neglected in computations. Temporary
support is removed after slab concrete reaches its
strength.

13.1. Calculate stresses at top and bottom of precast
section at midspan when effective tendon force is acting
with dead weight of beam.
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STRUCTURAL CONCRETE DESIGN 2.13

43.2. Calculate stresses at top and bottom of precast
section at midspan when the slab is poured.

43.3. Calculate stresses at top and bottom of precast
section at midspan when temporary support is removed.

13.4. Calculate stresses at top and bottom of precast
section at midspan when a live load of 50 Ibf,."ﬂ:2 is
applied (non-reduced).

PROBLEM 14

An elevation is shown for a reinforced concrete shear
wall.

) 32h
10in
concrate - TS
wall
13@8B8Hft7in
= 11158 ft
S
e
Rt
boundary % 3
reinforce- i i
ment L cat Nl 1ststory J13ft70n
CE P P

[oilades o e e fgad o ) top of
footing

wall elevation
Design Criteria
® service dead load at base =21 kips/ft
e service live load at base =2.7 kips/ft
® seismic shear at base =456 kips
® seismic overturning moment at base = 28,270 ft-kips
® seismic design category D
e importance factor=1.0
¢ redundancy factor=1.0
® Spg=0.50
¢ dual system
* f.=3ksi
e f,=60 ksi
14.1. Calculate the shear reinforcement for the first
story wall. What type of bars should be used?
14.2. Determine required boundary reinforcement.

14.3. Calculate anchorage length for the boundary
reinforcement.

14.4. Detail the placement of the shear and boundary
reinforcement.
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2.14 STRUCTURAL ENGINEERING SOLVED PROBLEMS

PROBLEM 15

The reinforced concrete beam shown is part of a special
reinforced concrete moment frame in seismic design
category D. (See Mustration for Prob. 15.} The frames
have been designed to resist seismic forces in accordance
with ASCE 7. Assume that factored axial force is less
than A,f./20 and that vertical acceleration effects are
negligible.

Design Criteria

® original design calls for
fi. =3 ksi
ASTM A615 grade 40 reinforcing steel for
longitudinal reinforcement and stirrups

Ilustration for Prob. 15

e actual testing of material during construction shows

f. = 3.4 ksi at 28 days
longitudinal reinforcement has actual yield

strength of 72 ksi
stirrups were not tested

15.1. What effect, if any, does this increase in material
strength have on the ultimate shear requirement of the
member shown? Substantiate with calculations.

15.2. Using these increased material stresses, deter-
mine the minimum spacing of the no. 3 stirrups adjacent
to the support.

24 ft
i_.. il

"7, column dead load = 1.2 kips/ft column
e ) live load = 1.0 kips/ft (office occupancy}
P e 1 service loads

e e e e s ==

T JPTRIEE '1' B S B B A RS WL R o P {J:f)

e Al b Lol L b b, e 8 e ALl
P ®
215 3-No. 9 bottom =
L b
F .o e g,
o e ; o
2in)  9@57%in 11 in o.c. maximum 9@53in |2in,
L Ap No. 3 stirrups ._Jv'-_.

elevation
1 -
45 Il'l.
241 in .
] 20in No. 3 stirrups

3-No. 9

section

H4in
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PROBLEM 16

A roof plan and a cross section through a one-story
puilding are shown. The 8 in roof slab is supported along
the building centerline by a wide, but shallow, rein-
forced concrete roof beam.

.L 8in f

8in wall
section A-A
1 L
centerline centarline
T . 15 ft , 15 ft ,
| |
N I { | 1
: — o -*«--ﬁ[——- centerline
', | | f
. | !
| 8in Lo 8in -l
I I |
baam : : :
A A
' \': : centarline Fl
1‘ Lo /of building ||
' L i 294t din
! b
i [
[ S1 [ S
8in —{ = : :
3 | I
1 L
o f T e - — —= centerline
8in

plan

Design Criteria

o f. =3 ksi concrete

¢ f,=40 ksi reinforced steel

® wp=20 Ibf/ft® plus weight of concrete

® wy =50 Ibf/ft®

¢ neglect unbalanced live load

® neglect effect of width of support

® assume gross section of roof beam for deflections

16.1. Assume a depth of 30 in for the roof beam.
Design the reinforcing steel for the 8 in roof slab (as
indicated by S1) at section A-A. Use continuous rein-
forcement with splices at appropriate locations. Draw a
section to show the design. Do not detail the wall steel.

16.2. Assume a depth of 15 in for the roof beam.
Prepare a design similar to that called for in Prob. 16.1.

PROBLEM 17

The existing concrete beam shown is to be used to
support a new concrete floor.

beam spans to
outside walls

e o office
L occupancy
£:]

o

a = e = =
o oY PO T ML RN 0
K T R T T Wi
X BL
oot g\ evisting concret
isti wedHe— B in existing concrete
existing ~J; 41 beam A
concrete IR A

R [

wall 2151

- ° 29 existing 10 in X 16 in
2 i/_ column
R L

i I parking

RPN R

section A-A
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existing 16in x 20in Design Criteria
in bearn A floor load only A foti :
l 1o bearm A existing concrete properties
o2k, 2kl 12 / f.=2ksi
— T 1 fy= o
- — N~ _ 6 ot
E N~ e I |ne E =3.1 x 10° psi
ax;sﬁng/"]:: m Gin 6in measured deflection = %3 in
\ i i ® new concrete: f =3 ksi (normal weight)
open |
f \\ E : i i 12f |35 ® office occupancy
3 i - :: 17.1. For the new condition, draw the shear and
I \ :,:,...;_ _ moment diagram for the composite girder.
i = 1 H \ | |6in 17.2. Describe how a composite girder for the new
= e = condition could be designed. Assume shoring is pro-
\ vided. Show calculations.
existing construction new 6 in‘thick

to be removed at new concrete slab at 17.3. Sketch an elevation and typical cross section of
floor level floor level the composite girder showing details of the new design.

dead load = 20 ps{
i 17.4. What also must be checked per ACI 3187
qor plan

2 hr construction

new 6 in slab

20in 1. ;
2 k 1 in square

bars (deformed}

1,
-:- in stirrups 23 inclear
at16in o.c,
{smooth bar} 16in

typical section
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e
e

PROBLEM 16 . PROBLEM 17
] A roof plan and a cross section through a one-story The existing concrete beam shown is to be used to
building are shown. The 8 in roof slab is supported along support & new concrete floor.

the building centerline by a wide, but shallow, rein-
forced concrete roof beam.

] _L Bin beam spans to
aft sI?b ‘{ outside walls
K
|EERedT .
] 10 ft b o |e3gin  ~ff-8inwal :
. ‘ | office
7! occupancy
section A-A .
new B in concrate stab
centerline centarline
T L. 15ft \ 156t T
I . - ..‘. hd
N oy g | [ g =
i = 7= -—- centerline o 0.} _t ‘ L
I J N existing S ke—81n existing concreta
}' Bin } : 1 concrate o ke beam A
I | I wall 22151
i b [ | o B 10 in
] A H eam \‘{ : conterling : A .,“._-a'-;?/_ ex:sting 10in X 16 in
T | | | s ol A column
| of building T T
[ I N
— / ; 29 ftdin °: parking
i . e
_ { 1 b S1 X
gin —|t=— Lo o |
f < 1 I :
] Pl
W T == e - ——- centerline
f saction A-A
8in

plan
Design Criteria
f. = 3 ksi concrete
® f,=40 ksi reinforced steel
® wp=20 Ibf/ft® plus weight of concrete
® 1w, =50 bf/ft®

® neglect unbalanced live load

® peglect effect of width of support
® assume gross section of roof beam for deflections

16.1. Assume a depth of 30 in for the roof beam.
Design the reinforcing steel for the 8 in roof slab (as
indicated by S1) at section A-A. Use continuous rein-
forcement with splices at appropriate locations. Draw a
section to show the design. Do not detail the wall steel.

16.2. Assume a depth of 15 in for the roof beam.
Prepare a design similar to that called for in Prob. 16.1.

r
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existing 16in x 201in

in beam A fioor load only
\ to beam A
i 12 f 12ﬂ\ i 11}/1
res T — ek E
s N ok 1t
exisﬁng/']:: m r—sin 6in
, I Hy—
J P 1 open
\\ L ¥ 121t |35
= | 1)
1 I
I :?-1— M
R \ | |6in
R \

I . A - \ p
existing construction new 6 in thick
to be removed at new concrete slab a
floor lavel floor level
dead load = 20 ps{

floor plan

2 hr construction

new 6 in slab

.sxisting beam A

20in i
z L 1in square
| - :

bars {deformed}

k- RrY— — 23 in clear
3 in stirrups — F]
at16in o.c.

{smooth bar) 16in

typical section

Design Criteria
® existing concrete properties
fl=2ksi
fy = 40 ksi
E = 3.1 x 10° psi
measured deflection = %s in
® new concrete: f, =3 ksi {normal weight)
® office occupancy

17.1. For the new condition, draw the shear and
moment diagram for the composite girder.

17.2. Describe how a composite girder for the new
condition could be designed. Assume shoring is pro-
vided. Show calculations.

t 17.3. Sketch an elevation and typical cross section of
the composite girder showing details of the new design.

17.4. What also must be checked per ACI 3187
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PROBLEM 18

. |
STRUCTURAL CONCRETE DESIGN 2-17

The plan of a cantilevered canopy is shown, along with
the adjacent part of the roof structure, (See fllustration
for Prob. 18.) The owner proposes to remove the canti-
levered canopy and to cut it off at the face of the girder
shown on line 3. The cantilever to the east of line 4 is to

remain.

Design Criteria

e f. =23 ksi lightweight concrete
o dead load of concrete =112 Ibf/ft?

Riustration for Prob. 18

A

grade 40 reinforcing steel

assume no roofing
use ASCE 7

structure first erected in 1960
disregard lateral forces

present structure (before modification) is adequate
for dead and live loads

assume central beam is loaded uniformly

assume the roof is simply supported

3 4
) [
23ft6in E 43t 6in } 131
] I
2ft —-iu 1ft8in 1ft8in |I—— TN
___j: ____________ - _—G6inslab i
i ‘° S ";-?-'_ K 908% °p (220X 'ZEfgi'réler'.“.:'.'.-' g o 17
12 f 6in .". _..g.-_n_.w-_ 6 ) _?-__...- '::_' 0 : ?- .-'.‘._a_.?._ (}’ 'E;"'-.o"'n' a_‘? :
R S e e e P e T T P e ant] A
T ,'- L -_.Q.K,. MY ‘.,,.‘.-. o F L
B e T g e o e e e MY MY TR T AL SR LR
-r ‘:n -.." g '_,n_'_v_.‘¢n ‘-.' 1o " T ._‘-.’."'. a o_'“ ;v'.,'n‘-‘.'-.'d * ,B'.U'_. S e T
1206in|  [OLTenre et [ e rse e
Lo e 9
o7
D-——Z==-——====== = 3

\ column below typical
atC3, C4,03,and D4

LI

varies
aft
max.

section B-B

=1
1
M columnatC, D
T

4

c.g.s.
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148.1. Determine whether the altered structure will be
able to resist the increased moment.

18.2. Assume that some modification is required to
strengthen the altered structure. What structural mod-
ification should be considered and recommended? (For
this part, do not add columns, and no calculations are
required.)

48.3. Describe a construction sequence to accomplish
the modifications identified in Proh. 18.2.

PROBLEM 19

The following illustration shows an idealization of a typi-
cal design condition. (See [llustration for Prob. 19.) For
simplicity, the reinforcement and column details are not
given, and the strength of the column is assumed to be
accurately represented by the interaction curve. The sys-
tem is assumed to be laterally braced, and column
strength reduction factors may be neglected. Anchorage
of the beam reinforcement in the column is adequate.
Assume the column and beam are laterally held against
buckling. Neglect the effect of the two no. 4 bars that act
as compression steel.
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Tustration for Prob. 19

400 -
350
300
axial load 250 |-
{kips}
] 200 |-
150 |-
[ 100 |-
50 |-
[l i ] i i L 1 1
5 W0 15 20 25 30 35 40
moment (fi-kips)
interaction curve for column
{ultimate capacity}
40,000
stress
{psi)
1 L
0.0 . 0.10
strain
idealized stress-strain
curve for reinforcing steel
3000
stress
(psi)
] [

0.001 . 0.003
strain

idealized stress-strain
curve for concrete

Design Criteria

¢ f. =3 ksi hard rock aggregate concrete
® f,=40 ksi reinforcing steel

¢ show all calculations

19.1. What is the safe working load on the beam?
Assume the column is adequate.

19.2. At what load will the tension steel in the beam
yield? Assume the column is adequate.

100 kips

pinned support +
-——-—_\'Ts i

6ft

[H ]

15 ft

Soety
P

o

.,

Y
?

ot o] ————

-
|

e

3 , concrate column
15 ft L 10 in X 16 in

o see saction A-A

— ) =—10in

Y

P * S— pinned support
5

100 kips + P

centerline of

reinforcemant \

2No.Btop—J %% Py \I-Sin

1fi6in
No.4 @ 12in o.c. -] -

2-No. 4 bottom —] .

L Lo e v
Y- R \ lBin
\ .

0in centerlina of
reinforcement

section A-A

19.3. What is the uitimate load for the beam? Assume
the column is adequate.

19.4. Calculate ductility for the beam section and cal-
culate the ductility ratio of the beam.

19.5. Describe the expected mode of failure of the
beam.
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STRUCTURAL ENGINEERING SOLVED PROBLEMS

19.6. Based on the given interaction curve, is the col-
umn adequate? Explain. Should secondary stresses be
investigated in the column? Explain.

19,7. Describe the expected mode of failure of the
beam if the top reinforcement in the beam were
increased from two no. 8 bars to two no. 11 bars.
Assume the column is adequate.

PROBLEM 20

A roof structure is composed of a four-quadrant hyper-
bolic paraboloid that joins the straight ribs (edge mem-
bers) as shown.

. 4 Dft : +20 ft oft [>
I
{
50 ft \
. gl!
+18 ribD {
18R e H ST +15
——— — —— ——— —————— -.: ——————————— e
A ‘;"b‘\ g :/ribC
50 f L _f :
. |
rib B i A -
L - / : ‘i?
abutment /XI oft ' ,"'20 ft A =] oft
centarline
70 ft H 70 ft
{a) roof plan
0in| ~—~==mm——————— centerline
f rib and slab
3in slab
{b) section A-A
20 in

rib and slab

{c) saction B-B

Design Criteria

thickness of slab, or membrane, is 3 in

all ribs have a 20 in x 20 in cross section (see sections
A-A and B-B)

all concrete is lightweight (110 Ibf/ft® air dry with
fi. =3 ksi)

vertical support provided by abutments at four
COCners

assume perfect hinge condition at juncture of ribs to
various abutments

weight of ceiling = 3 1bf/ft?

weight of roofing =3 1bf/ft*

roof live losd = 12 Ibf/f? (not reducible)
grade 60 reinforcing steel

20.1. What is the maximum axial load in rib A?

20.2. What is the maximum axial load in rib B?

-

PPl # www.ppl2pass.com




STRUCTURAL CONCRETE DESIGN

2-21

20.3. What is the maximum axial load in rib C?
20.4. What is the maximum axial load in rib D?

20.5. Show a plan view of the placing of the membrane
reinforcement with respect to the ribs. Provide a suit-
able bar size and spacing.

20.6. Is the structure stable as shown? Is a column
required at the center? If so, what would be the total
column load?

SOLUTION 1

1.1. (a8) Reshoring is used after the formwork is
removed and before the floor system is capable of sup-
porting the loads that will be placed on it. In multistory
construction, the loads come primarily from the weight
of the forms and wet concrete for the higher floors still
to be cast. Usually, several lower floors adjacent to the
one to be constructed are reshored, so that this weight is
distributed safely among all these floors.

(b} The amount of reshoring depends on the construec-
tion load and the strength and relative stiffness of the
supporting floors below.

(c) Shores can be removed after the floor above gains
sufficient strength so that its formwork can be removed
and it becomes self-supporting.

(d) An important property to consider, besides com-
pressive strength, is the modulus of elasticity. This
property determines the rigidity of the floors, which
then determines how many floors should be reshored.

1.2. Two possible effects of early shore removal in
reinforced concrete are increased deflection (the con-
crete’s modulus of elasticity is lower than intended)
and increased crack width (the curvature is greater than
intended). To establish a schedule for shore removal, it
is necessary to set a minimum compressive strength at
which the structure is satisfactorily self-supporting.
Proper curing (moisture retention and temperature con-
trol) must be maintained to ensure adequate strength
gain. Field-cured test specimens provide a more depend-
able gauge of in-place strength than does the usual
practice of specifying age at removal.

4.3. Two ways to make a harsh mixture more workable
(pumpable) are

® increasing the amount of fines and cement pasie
without changes to water-cement ratio

e adding mineral admixture, such as fly ash

1.4. Three methods of curing concrete are

e continuous saturation or spraying

e covering with a plastic sheet or wet sand or burlap
e sealing with a curing compound

1.5. Good cold weather concrete practices include

e protecting the subgrade from freezing

® maintaining proper concrete temperature during
placement

e determining curing procedures that will ensure
strength gain and prevent freezing
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® considering the use of an accelerating admixture

® maintaining temperature records during construc-
tion and cure

e heating the water and aggregates to be used in
the mix

1.6. Good hot weather concrete practices include

e cooling the aggregates and water to be used in
the mix

e moistening the forms

e erecting temporary sunshades

1.7. Two factors related to handling fresh concrete
that might affect shrinkage are (1) the addition of water
(for example, to make the concrete more workable), and
(2) the use of admixtures such as calcium chloride that
increase the demand for mix water.

1.8. It is difficult to place and consolidate concrete in
columns if the floor system reinforcement is in place.

1.9. If only the jacking force is measured during strand
tensioning, it is possible that extraordinary friction loss
will occur at some point and prevent adequate stress over
a significant length of strand. If only the elongation is
measured, it is possible that a strand will slip or fracture
and go undetected. It is thus necessary to check both.

1.10. Plastic shrinkage cracking is caused by rapid
evaporation of water near the slab surface. Cracking is
particularly severe during hot weather, low relative
humidity, and windy conditions. Some methods to alle-
viate the problem are

® moistening the subgrade and forms

® moistening any aggregates that are dry
® erecting temporary wind breaks

® erecting temporary sunshades

® protecting. the surface with a temporary covering
such as a plastic sheet

® protecting the surface immediately after finishing,
such as with fog spray, wet burlap, or wet sawdust

1.11. There are several methods that can be used to
splice a no. 10 grade 60 rebar with only an 18 in projec-
tion (ACI 439). Special devices and tools are required,
and the decision depends on access, clearance between
bars, cost, and whether the splice is for tension or com-
pression. One possibility, which will develop the bar in
either tension or compression, is the mortar-filled sleeve
(ACI 439 Sec. R-3), shown as follows.

{ | — Embeco™ 602 mortar

L= 1? in with F .
5 in max AR
2 o |
separation e /- sleeve

betwaen bars

H

1.12. To install a no. 7 dowel into an existing grade
beam (f, = 3 ksi, f,=40 ksi), as shown, the following
procedure should be used.

No. 7 rebar
/1 in hole

12in i
{11in for ] R
aNo.7} ¥ 5 [ <
| I\)

o Drill a hole 1 in in diameter by 11 in deep, using a
handheld pneumatic drill. If necessary, chip the top
surface to the depth of the main steel so that the hole
will miss the beam’s reinforcement.

™~

¢ Blow out the hole with compressed air.

¢ Fill the hole with high modulus epoxy gel using a
caulking gun with polyethylene tube extension.

¢ Insert the dowel, working up and down to ensure
complete embedment.

¢ Maintain the dowel’s alignment in the center of hole
until the epoxy sets.

1.13. Excessive vibration can create excessive form-
work pressure and can caunse segregation of the mortar
and coarse aggregate.

1.14. Poorly consolidated concrete will show honey-
comb (voids left in the concrete where the cement has
not completely flowed into the spaces among the pieces
of apgregate, visible when they occur at surfaces and
edges) and variation in color. In extreme cases, cold
joints may be evident from the color difference between
portions placed at different times.

1.15. To prepare a concrete surface for a horizontal
construction joint,

¢ deliberately roughen the contact surface (such as by
raking the fresh concrete with metal tines)

-
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e remove the laitance from the surface of the hardened
concrete (for example, by wetting the surface and
blasting with compressed air)

e moisten the contact surface before placing the fresh
concrete

1.16. (a) The following six items should be checked.

e Curing conditions: Were temperature and moisture
controlled to allow the slab to gain strength?

e As-built dimensions: Is the slab thickness correct?
e Rebars: Were correct bar sizes and positions used?

e Construction loads: Was the slab overloaded by tem-
porary forces?

¢ Falsework: Did settlement occur while concrete was
plastic?

e In-place strength: Was water added to the mix after
the cylinders were cast?

(b) The following 3 design details should be checked.

e Was variation in flexural rigidity, Ef, properly
computed?

& Was assumed joint rigidity (that is, end condition)
achieved?

e Were deformations of supporting members
considerad?

1.17. Advantages of epoxy adhesive include

e excellent bond to most structural materials (it is
generally insensitive to moisture)

® fast setting with high strength
Disadvantages include
e 5 short pot life (typically less than 30 min)

e fumes during mixing and placing that can be
irritating

1.18. (a) Preheat is the localized application of heat
prior to welding (minimum of 3 in to each side of the
weld). (b) To ascertain the weldability of steel rebars,
the chemical composition based on mill analysis must be
known. Elements in the steel (both impurities and alloy
elements) are expressed in percentages. The percentages
of the various elements are multiplied by factors and
summed to obtain a quantity called the carbon equiva-
lent. For the rebar to be weldable without preheat, it
must have a carbon equivalent less than 0.55. (c) The
heat-affected zone is the base metal adjacent to a weld
over which the temperature during welding becomes
high enough that too rapid cooling (quenching} might
cause hardening and embrittlement.

1.19. There is no requirement. Table 2 in ASTM A615
establishes minimum yield and tensile strengths for
grade 40 rebar, but no maximum value for maximum
yield strength is specified.

1.20. ASTM AT06 covers low-alloy bars intended for
special applications where welding, bending, or both are
of importance. {See ACI 318 Sec. 3.5.3.1.)

Better quality control of chemical composition helps
ensure that yield strength does not deviate excessively
from the minimum specified. This makes A706 the pre-
ferred reinforcement when seismic loadings govern. (See
ACI 318 Sec. 21.1.5.)

1.24. A mill test analysis of the chemical composition
must be available. Elements in the steel are converted to
carbon equivalents for determining weld electrode and
preheat.

1.22. The two alloying elements that most affect weld
electrode selection and preheat are manganese and
nickel, both of which yield relatively high carbon
equivalents.

1.23. The concrete's compressive strength is most
affected by its water-cement ratio.

1.24. (a) Air entrainment is used primarily to increase
the resistance of hardened concrete to freeze-thaw
cycles. The entrainment also improves workability.
The primery disadvantage of an air-entraining admix-
ture is that the compressive strength of the mix is
lowered. Precautions include testing the air content of
fresh concrete to ensure that the proper air content is
obtained through batching and mixing.

(b) Retarders are used to delay the set of fresh concrete.
They might be needed to compensate for hot weather or
to avoid cold joints in pours of massive elements. The
disadvantage to their use is that strength gain is slowed,
which might cause delays in subsequent construction
phases. Also, the amount of shrinkage in the hardened
concrete is less predictable. As a precaution, acceptance
tests should be conducted under actual job conditions.

(c) An accelerator is used to accelerate strength gain.
Calcium chloride is the most common accelerator. The
primary disadvantage to calcium chloride is that the
CL~ ion speeds metal corrosion in the hardened com-
crete. The precaution to be taken in using calcium
chloride is that it should be added to the mix water
first, dissolved, and only then added to the batch. This
prevents high local concentrations that might occur if
flakes are added dry to the batch.

(d) Water reducers (also called superplasticizers) are
added to improve workability without sacrificing
strength. For normal strength ranges (3000 psi to
5000 psi), the admixture is generally used to produce
high-slump, cohesive concrete that is flowable. In the
normal slump range (1 in to 3 in), the water reducer is
usually added to produce high-strength concrete. The
primary disadvantage of water reducers is their cost.
Precautions to take include understanding that the
effect of the admixture is short-lived, typically about
30 min.
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1.25. CO, can form a weak carbonic acid, which
attacks some compounds in the cement.

1.26. Advantages of adding fly ash to concrete include

® better workability (lower water demand, less segre-
gation, greater pumpability, and so on)

e jowered heat of hydration

e lowered permesbility, leading to greater durability
(for example, better resistance to sulfate attack)

Disadvantages include
e slower strength gain
o longer curing period needed

e more material to be stored and handled in batching

1.27. It is important to consider the effects of volume
change caused by creep, shrinkage, and change in tem-
perature. Confinement that restrains the concrete against
these effects, such as spiral reinforcement or hoops and
crossties, can create stresses of the same magnitude as
those caused by gravity loads.

1.28. Mild steel cannot be used to prestress concrete
because creep and shrinkage strains in concrete will
practically eliminate the prestress.

1.29. Four factors that influence shrinkage are

e time

e the environment (especially the relative humidity)
s the shape of the element (the volume-to-surface ratio)

® the curing condition (moist versus accelerated)

1.30. Creep is time-dependent strain under constant
stress. Creep limits are usually not specified, but are
established indirectly through limits on long-term defor-
mation (deflection, camber, or axjal shortening).

1.31. In fresh concrete, excess mix water and air
“bleed” upward and accumulate under the horizontal
rebar. This weakens the concrete and reduces the bond.

1.32, The splice must develop 125% of the minimum
specified yield strength. So, the splice for & no. 14 grade
60 bar would need to develop

T=125f,4,
kips .
= 169 Lips

1.33. (a) The 30% additional loss of prestress has
practically no effect on the ultimate moment strength.
In properly designed flexural members, the elastic strain
corresponding to effective prestress is generally small
relative to ultimate strain. (b) The lowered effective
prestress can create serviceability problems, such as
additional deflection and cracking of tension zones.

1.34. Three factors that affect deflection in the flat
slab are

® variation in flexural rigidity, E7
s camber (specified or actual)
e support conditions

1.35. Under seismic lateral forces, plastic hinges should
form in the girders near the column faces. To ensure
ductile behavior, it is important that shear and develop-
ment strengths exceed flexural strength. Because the
yield strength of rebars is generally higher than their
minimum specified yield stress, the flexural capacity of
the member is proportionally higher. This gives rise to
higher shears in the girder than if the bars yielded at or
below the minimum yield strength.

1.36. Part of the negative reinforcement is placed in the
flange area for crack control. (See ACI 318 Sec. 10.6.)

1.37. Construction joints should be located near
midspan, where shear transfer across the joint is rela-
tively low.

1.38. The design philosophy is that the structure
should have enough toughness to respond inelastically
to severe ground motion.

1.39. Column spirals have two purposes:

® to restrain the longitudinal steel in order to maintain
its alignment during construction and prevent it
from buckling at design load

® to confine concrete in the core, making it stronger
and more ductile

Which purpose is primary depends on the situation.
Spirals are often used for convenience in circular col-
umns where the benefit of added ductility is of little
practical importance. Frequently, however, spirals are
used where energy absorption—toughness—is of prime
importance, such as in ductile frames governed by earth-
quake loading.

1.40. During an earthquake, several cycles of inelastic
deformation are expected. In a ductile frame, the design
intent is usually to force plastic hinges to form in the
girders rather than columns. (See FEMA 267.) If the
girder reinforcement has higher yield strength than
expected, the moment capacity will also be higher than
expected, and the hinges might form in the columns
instead.

1.41. Ductility is achieved by using an appropriate
amount of confinement steel and limiting the steel ratio.

1.42. For & conventional reinforced concrete beam, the
lever arm of the internal couple remains essentially con-
stant as bending moment is increased. Equilibrium is

maintained by increases in the internal forces
C=T=fA.
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For a prestressed concrete beam, the internal couple
increases with the bending moment by increasing the
internal lever arm, with the internal forces C = T remain-
ing essentially constant.

4.43. The concrete stress distribution for each beam is
as follows.

() Resultant C on upper kern; zero stress on bottom

fiber.

(b) Resultant C above upper kern; tension in bottom
fiber (assuming tensile stress is less than the modulus of

rupture).

(c) Resultant C is within the kerns and below the c.g.c.;
the section is in compression throughout, with higher
stress at the bottom than at the top.

=

(d) Resultant C below bottom kern; this is the opposite
condition to case (b).

ya

'q

1.44. Method 1: Provide transfer girders to span hor-
izontally 70 ft between new tie rods located at the end
walls. The tie rods at the ends would furnish strength
equivalent to that of the existing rods to be removed.
Given the limited depth of the girders, a post-tensioned
member would probably be needed. The post-tensioning
can be controlled so that the tension from the existing
rods is transferred before they are removed. This would
minimize the horizontal deflection at the eave. Careful
attention would need to be given to details so that the
girder could deform independently of the main struc-
ture. Long-term deformation would also need to be
studied.

I"

Iy
I
I
I
|
|
|
]
]
1
|
|
|
|
|
|
|
|
|
|
i
i
|
]

rLl____..__.._

Method 2: Construct rigid frames within the clearance
envelope and install new tie rods below the finish floor.
The frames can be designed so that they will tilt inward
when erected, then deflect outward so that they become
vertical when the tension is transferred to them.

-

Method §: A third possibility—at least from a structural
standpoint—is to use a truss or frame constructed over
the existing roof to resist the tension. For example,

Connection details would be difficult, but are feasible.
The construction sequence can be controlled to permit
force transfer without excessive horizontal deflection.
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1.45. (a) Detail D has the disadvantage that the top
layers of longitudinal steel in intersecting members con-
flict; however, the structural advantages outweigh this
consideration.

Detail E is bad in several respects. The dimensions do
not satisfy ACI 318 Sec. 21.5.1.3, which requires that
the width-to-depth ratio must be no more than 0.3.
More importantly, the design philosophy for the ductile
moment-resisting frame is that plastic hinges should
form in the beams rather than the columns. It would
be difficult to satisfy this objective using the relative
depths of beam and column shown in detail E. Also, the
spandrel would be difficult to construct. The top posi-
tion would probably have to be formed and poured
separately sometime after the floor system was placed.

Detail F is impractical for a moment-resisting exterior
frame. The moment transfer from spandrel to columns
would have to be through-torsion in the girder, which
would be difficult to accomplish. Also, the girder then
has to transfer the additional vertical load from the
spandrel beams. The benefit of confinement from inter-
secting members is also lost in the column-girder joint.

(b) The preferred detail is D, as explained above.

(c) The primary pitfall is in the joint. This creates
construction problems both in rebar placement and in
placement and consolidation of concrete.

SOLUTION 2

2.1. Determine the required slab thickness for the floor
system.
21 ft 21 ft 21 h

!J\,-I B0in=1 | k= 50in~f | = 250 =~
as o cont hrte wite g Mo Rt tel S g PTIC R
— L ur)

|

kLl

1
I = .
) "oy =25 in

o
win-d | |1

L, Ly 5

Use the strength design method from ACI 318, with
f. =4 ksi and f,=40 ksi. The slab is integral with the
10 in wall at the left end, and integral with the spandrel
beam at the right end. The approximate method of
ACI 318 Sec. 8.3 applies, with clear spans calculated as
follows.

b
Lh=L-h, —?"‘
=91 ft — 10i.n ___ 50 in‘
in in
122 (2)(12 E)
=18.11t
_ bw.left. bw.right
h=Ll-=-=5—
50 in 50 in
=21 ft — —— :
@D wED
=168 ft
_ bu fett
h=1L 2
9l ff——90in _25in
in in
@12 'E) 12 8
=168 ft

Fire rating does not constrain slab thickness. For ser-
viceability, ACI 318 Table 9.5(a) requires that the mini-
mum thickness be

r

181 i) (12 '11?:')

28 28
N 7.75 in  [for both ends continuous]
- in
10168 fe) (12 ft)
24 24
\ =284in [for one end continuous]

Per the footnote to Table 9.5(a), a reduction factor
could be applied to the computed slab thickness to
account for f, less than 60 ksi. However, the values
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STRUCTURAL CONCRETE DESIGHN 2.27.

computed above are conservative and reasonable; there-
fore, try an 8.5 in slab. Check the shear.

- wy, = 1.2w.h + 1.6w,

(1.2)(150 (8.5 in)
= + (1.

IZE

= 528 Ibf/ft?

6)(250 "’f)

Design on a per-foot-width basis: b=1 ft =12 in. Allow
3/4 in cover and Y2 in additional distance to the centroid

of main steel.

=h— _%

d = h — cover 5
—85|n—0751n—l¥-
=7.25in

¢Ve=2¢\/fb,d

= (2)(0.75), /4000 M(m in)(7.25 in)
= 8250 Ibf
R ) (528 lb—f)(u?, 1 ft)
S wd =S
(528 %)(7.25 in)
) - 12 E
= 4460 Ibf
Vi 2 9 1bE
o (1.15)(523 —)(16 8 ft)
Lidwals 4=
2 )
(528 ﬂ’—f)(? 25 in)
12 8
L = 4780 Ibf [controls|

¢ V. is greater than V,, so the shear strength is more
than adequate. Use an [8.5 in | one-way slab.

2.2. To determine maximum slab moments, use
ACI 318 Sec. 8.3.

w2 (528 )81 &y

wll = 775 16
= (10,800 ft-Ibf

w2 (528 2)a8.1 k)
+ - no_
Muy 14 14

=|12,400 ft-Ibf

- B (528 -[?t-f) (}_f&lfb;____gm)z
wlf ™ 10 = =

Il
—
(=]
i
8
&+
E
-y

Ibf 2
ol (s28 30) (168 £)
w2716 16
— [300 R-T6f
IbfY (168 ft + 16.8 ft)?
M- =wu[i (528 ftl)( 2 )
w310 10
= {14,900 fe-1bt
. wp (2 p)aes Ry
M= = 11
= [13,500 fi-Ibf
w2 (528 ) (168 1)
- Wi,
Mur=7¢ = 24
— [6200 flbE

2.3. Design slab reinforcement (per foot of width). For
example, at the left end of span 1,

Ay min = 0.002bk = (0.002)(12 in)(8.5 in)

= 0.20 in®

Use no. 4 bars at 12 in centers for temperature and
shrinkage steel.

For flexural steel (f,=40 ksi, f, =4 ksi),

=¢M, = ¢pbd2fv(1 -0. 59p6:))

-
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(10,800 fe-1b) (12 i)

e

. a2 Ibf
= 0.9p(12 in)(7.25 in)* (40,000 inz)

40,000 1of

x | 1—-0.59p —ltl:}

4000 ==

mn
p =0.00591

A, = pbd = (0.00591)(12 in)(7.25 in) = 0.52 in?

The calculated area of steel is per foot of slab width;
therefore, use no. 5 bars at 7 in centers at the left end of
span 1.

Similarly, for M,= 12,400 ft-1bf, A, = 0.59 in?/ft.
Use po. 5 bars at 6 in centers.

For M,= 16,100 ft-Ibf, A, = 0.78 in?/ft.
Use no. 6 bars at 6 in centers.

For M,=19300 ft-1bf, 4, = 0.44 in?/ft.
Use no. 5 bars at 8 in centers.

For M, = 14,950 ft-lbf, A, = 0.72 in?/ft.
Use no. § bars at 7 in centers.

For M,= 13,500 ft-1bf, A, = 0.65 in®/ft.
Use no. 5 bars at § in centers,

For M,=6200 ft-Ibf, A, = 0.29 in?/ft.
Use no. 5 bars at 12 in centers.

Determine locations for bar cutoffs (see Nilson et al.,
2008, Graph A.3). For negative steel at the left end of
span 1,

L=0.154L = (0.15)(18.1 i) = 2.7 ft
For negative steel at the right end of span 1,
L=103} =(0.3){(18.1 ft) =5.4 ft
For negative steel on interior spans,

L =0.225, = (0.22)(16.8 ft) = 3.7

For negative steel at the left end of span 3,

L =03l = (0.3)(16.8 ft) = 5.0 ft

For negative steel at the right end of span 3,

L =01l =(0.1)(168 ft) = L.7 ft

Per ACI 318 Sec. 12.12.3, at least one-third of the top
flexural steel must extend beyond the cutoff points to a

distance of at least 12d, or 16 the clear span, whichever
is greater.

12d, = (12)(0.75 in)

=9in
in
clear span_ (181 ) (12 )
16 16
=136 in

To be conservative, extend alternate bars 13.6 in
{1.13 ft) beyond the cutoff locations.

For positive steel, extend alternate bars 6 in into sup-
ports, and terminate other bars at points of inflection.
Thus, for the exterior spans,

b
L [
Wy

- \J (8)(12,600 fi-IbF)

1bf
538 "

=13.7ft

For the interior span,

+
[ i ’SMu
Wy

(8)(9500 ft-Ibf)

538 bf

ft

=119ft

The small diameter reinforcing bars used in the slab
satisfy the minimem embedment required by ACI 318
Sec. 12.11.

The section through the slabs may be illustrated as
follows.
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STRUCTURAL CONCRETE DESIGN 2.929

1ftBin >1—“"N0.5@12
'] No.5 @ 6
.‘/_
[ .’:.—-—No.ﬁ@7
5f0in ]
4ft2in
+ |
IkBin ]
— |']]—Noses
LA
3ft8in o
] [— %inclear
4ft2in
- :-inﬂaar
+ J
;ﬂ—Nas@a
Bft6in p
4 r./,—Nm4@12
K—NOS@G
L—No.5 & 6
2ft8in

—~

0 ft 83in

section through slabs
{not to scale)

SOLUTION 3

Given two no. 9 bars and one no. 8 bar on each face,

A= A: =249 + As

= (2)(1.00 in%) + 0.79 in?

= 2.79 in?
Ag = 24, = (2)(2.79 in?) = 5.58 in?
A, = bh = (17 in)(21 in) = 357 in®
[l = 4500 psi
B, =0.825 [per ACI 318 Sec. 10.2.7.3|
£, = 160,000 psi

For the concentric load case (M=0),

Py =0.85.(Ay — Ag) + f,Aun

— 1bf s 2 ]
= (0.85) (4500 inﬂ)(357 in? — 5.58 in?)
+ (60,000 1) (.58 in?)

in®
= 1,679,000 Ibf (1679 kips)

For pure bending (P = 0), iterate to find the neutral axis
position. Start by assuming f, = 0 psi.

C.=085fba = T = A,

. Ibf
af, @ m2)(60,000 —)

in?

085 (0.g5) (4500 l‘i) (17 in)

in?

=257 in
_257in

a .
—_ =3.12in
8 0825

C=
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2.30)0 STRUCTURAL ENGINEERING SOLVED PROBLEMS

From similar triangles on the strain diagram,

& __ &
c—d ¢
ol (e~ d)e.
c
(312 in - 2.5 in)(0.003)
- 3.12in
= 0.0006
5. 60000 o
@ =F == =0.00207 [e,>¢)
* 29,000,000 =
n
Ibf
fu= Eié, = (29,000,000 :2}(0.0006)
= 17,300 psi

The assumption that f is zero leads to a calculated
stress in the compression side steel of 17,300 psi. A
second trial should assume a value for f, smaller than
17,300 psi because including stress in the compression
steel will decrease the neutral axis depth and so give a
lower calculated stress. Assume f} = 10,000 psi.

Ce=085f.ba= T — C, = Af, - (f, — 0.85) 4’

L Ady = (- 0857 A

0.85.5
- Ibf
(2,79 in) (60,000 -%5)
- Ibf _ Ibf in?
_ (10,000 25 — (0.85) (4500 inz))(”Q in?)
(0.85) (4500 %) (17 in)
=2.31in
g 23lin_ . cn-
c= 5" Ven = 2.80 in
From similar triangles,
6; _ €¢
c-d ¢
¢ (280 in — 2.5 in)(0.003)
o 2.80 in
= 0.00032
Ibf
(e gy _ 60000 =5
E: 39,000,000 1o

in?

=0.00207 [e,>€]

e bt
fi=Ed = (29,000,000 inz) (0.00032)
= 9300 Ibf/in?

The stress calculated at this step is close encugh to the
assumed value of 10,000 psi, so take the compression
stress as 10 ksi. Sum moments about the tension steel to
determine the nominal moment strength.

M, = c,(d < g) +C\(d~d)
= 0.85/.ba(d - %) +{f, - 0.85f)A'(d ~ d')
(0.85) (4500 ::;g) (17 in)(2.31 in)
X (18.5 in — 2'321 in)

+ (10,000 :n%f - (0.85) (4500 ::—zf))

% (2.79 in?)(18.5 in — 2.5 in)

(12 %) (1000 %)

= 240 ft-kips

For balanced strain conditions,

f 60,000 g
€&y = E" = —mlbf = 0.00207
¢ 29,000,000 =
in
el
Vo 0.003
[ |
X
By similar triangles,
EV + (3 _ EE
d ¢
- €.d
€y + €
_ (0.003)(18.5 in)
~ 0.00207 + 0.003
= 1093 in
€& _&
c—d ¢
¢ = (10.93 in — 2.5 in})(0.003)
A 10.93 in

= 0.0023 [¢; > ¢, s0 compression steel yields]
fy= f, = 60,000 psi
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T=Af, =(279in )(60 000 M) = 167,400 Ibf

C, = (f, — 0.85,) 4
- = (60,600 M ~ (0.85) (4500
= 156,700 Iof
a= f,c=(0.825)(10.93 in) = 9.02 in
C.=0.85 [.ba

[
ﬂ
[u M) ) (2.79 in?)
[

[

= (0.85) (4500 lbf) (17 in){9.02 in)
= 586,000 Ib

Py=C.+ C", -T
= 586,000 lbf 4 156,700 1bf — 167,400 1bf
= 575,300 1bf (575 kips)
h " ’ h
My=Co(5-3) + O3 - ) + T(d-3)

(586,000 Ibf) (21 in _ 9. 03 '“)

+ (156,700 Ibf) (21 25 n)

+ (167,400 Ibf) (18 5in -

(12 %) (1000 %)

= 509 ft-kips

212m)

Calculate some intermediate points to define the shape
of the interaction curve. The simplest point corresponds
2 to fy=

c=h—-d=21in-25in=185in

Y
€ > €y

Therefore, f;, = f, = 60,000 psi. The tension force, T, is
zero for this position of the neutral axis, so

c,=(f,
= (ﬁo 000 =
= 156,700 lbf
a= f;c = (0.825)(18.5 in} = 15.26 in
C.=0.85f.ba
= (0.85) (4500
= 992,000 Ibf
P=C.+C,-T
] = 992,000 1bf + 156,700 Ibf — 0 Ibf
= 1,149,000 Ibf (1150 kips)

— 0.85f.) A,

lbf

- (0.85) (4500 E) )79 in?)

M)(17 in)(15.26 in)

My=C. (h )+C’(h d’)+T(d_f‘.)

2 2
(992,000 1bf) (21 in _ 15.26 m)

2 2
21 in .
+ (156,700 lbf)( 025 m)

+{0 lbf)(1s.5 in —

(12 %) (1000 1‘:’—;)

212in)

For this case, the computed axial force is larger than Py,
so the point is on the compression branch of the inter-
action curve. Choose another neutral axis location that
is on the tension branch of the curve {that is, any value
of ¢ less than ¢,). A convenient choice is that point
corresponding to a tension-controlled failure, for which
€, equals 0.005.

g te g
d ¢
€.d
gy tec
_ (0.003)(18.5 in)
~0.005 4+ 0.003
=694 in

a= fBc=(0.825)(6.94 in) = 5.73 in

E” — (C C d )Ec
[
_ (6.94 in— 2.5 in
- 6.94 in

&< ey

) (0.003)
= 0.0019

/= Es€, = (29,000,000 “"f) (0.0019) = 55,100 psi

Ibf

T=Af,= (279 inz)(b'() 000 —) = 167,400 Ibf

C, = (f, - 0.85f,) 4,
= (55,100 E - (085)(4500 M))(z 79 in?)
= 143,000 1ot
Ce.= 0.85f,ba
= (0.85) (4500 @—) (17 in)(5.73 in)
= 372,600 b
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2-32 STRUCTURAL ENGINEERING SOLVED PROBLEMS

P=C.+C,—-T
= 372,600 Ibf + 143,000 Ibf — 167,400 Ibf
= 348,200 Ibf (348 kips)

M= Cc(%‘%) + Cl(ﬁ— ¢)+ T(d_%)
(372,600 Ibf) (21 in @)

+ (143,000 Ibf) (312£ ~25in)

+ (167,400 1b6)(18.5 in - ol )

7
(12 lf%) (1000 1%5)

= 444 ft-kips

For design values, apply ¢ =0.65 for compression fail-
ure, for tension-controlled failure use ¢=0.9, and
between the limits ¢ varies linearly from 0.65 to 0.9.
For practical purposes, ACI 318 takes the steel strain
corresponding to compression-controlled failure as
0.002, which is essentially the yield strain for grade 60
reinforcement. Thus, for tension steel strains, ¢,, varying
from 0.002 to 0.0085,

¢ = 0.65 + (83.3)(e, — 0.002)
The interaction diagram for the column is

P (kips)

1500 /- nominal strength

design
"-./ strength
"~

1000 |- ~

500 -

0.1 fA fmmmm e

Y
100 200 300 400

500 M (ft-kips)

3.2, Check adequacy of the column for the given load-
ing. The point (M,=2330 ft-kips, P,=700 kips) falls
outside the design interaction curve for the column;
therefore, the column is for this loading.

SOLUTION 4

Given: f, = 4000 psi, f,, 60,000 psi for longitudinal
steel, a.nd f,=40,000 psi for stirrups. Use no. 8 bars for
the main steel, and use the given values of factored
moments and shears (do not redistribute moments or
reduce moments to the face of support}. Also, since
unbalanced loadings are neglected, the given shears
and moments occur under the featured uniformly dis-
tributed load, 13.3 kips/ft.

M, = Mg =
1,190,000 ft-ibf = 13,300 Ibf/ft 1,080,000 ft-Ibf
36 ft
Vi Va
— wy L MZ - Mi_i
Vi=S =7
(13 300 'bf) (36 £t)
- 2
1 190,000 ft-1bf — 1,080,000 f-lbf
36 ft
= 242,500 1bf

Maximum positive bending moment occurs where V=0,

V=Vy—wx
Y-V
Wy
- 242,500 Ibf — 0 1bf
13,300 1of

ft
=182 ft

N
M VLI-E-Q-——ML

= (242,500 lbf)(18 2 ft)

(13 ago 1o =) (8.2 &)’

2
= 1,020,000 ft-ibf

- 1,190,000 ft-1bf

Vo

o 242,500 [bf

i 18.2 ft
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4.1. Design the positive and negative flexural reinforce-
ment using the strength design method of ACI 318. For
the positive reinforcement, use M} =1,017,000 ft-Ibf.
The section resisting positive flexure is a T-beam.

dt=36in—-25in=233.5in

in
= w =108 in

1
b b, + 16h= 18 in + (16)(8 in) = 146 in

s= (22 ft)(12 %) =264 in

My =¢Mp = dmbdzf,(l - 0.59p(}-}'~))

[

1

[controls]

(1,020,000 ft-lbf)(12 Lr_l,)

i
— : 142 Ibf
= 0.9p(108 in)(33.5 in) (60,000 inz)
60,000 2f
1n
4000 o
n

x| 1-0.590

p =0.0019

A, = pbd = (0.0019)(108 in)(33.5 in} = 6.87 in?
Check the neutral axis depth.
a__Ady
B, 0.857.b8,

iy ot

(6.87 in?) (60,000 :)

(0.85) (4000 M)(10&; in)(0.85)

in?
=132 in

=

The compression region is well within the slab thickness,
80 the beam is a T-beam as assumed. Steel strain is well
above 0.005, so the section is tension controlled with
¢=0.9. Check the minimum steel required.

( IbfY g - .
200bud _ (200 m_ﬂ) (18 in)(33.5 in)
fy 60,000 2
mn
=2.01 in? {does not control|
Aumin 2 1 Ibf
2k 3/Flbud 3Y/4000 5018 in)(33.5 in)
Iy 60,000 ot
11

{ =1.91 in?

ﬁ;-Try no. 8 bars (4, =0.79 in?).

Bars may need to be bundled to fit the 18 in web width.
Determine negative reinforcement for the left end.

M7 = ¢M, = f,bpbwdzfy(l - o.sgp(j—:’))

[

(1,190,000 fe-1bf) (12 l‘E‘)

f
_ : 22 Ibf
= 0.95(18 in)(33.5 in) (60,000 inz)
60,000 2f
x t1-—0.5% "';E
4000 —
mn

p=00151
A, = pbd = (0.0151)(18 in)(33.5 in) = 9.11 in?
Check the neutral axis depth.

¢ < 0.375d = (0.375)(33.5 in) = 12.7 in
_a__Addy
B, 0.85{ 4B,

(9.11 in?) (60,000 “’f)

_ in?
= TRV

(0.85) (4000 m—,) (18 in)(0.85)
=105 in< 127 in

The section is tension controlled, with the required A,
well above A, min.

=115 [nse 12}

[Use 12 no. 8 bars at the top left end. |
For the right end,

M7 = ¢M, = ppbud’f, (1 — 0.59;(%))

[

in
(1,080,000 fe-lbf) (12 )

. A2 Ibf
= 0.9p(18 in)(33.5 in) (60,000 inz)
60,000 12
x | 1-0.59 —ﬁ-
4000 >
m
p = 0.0135

A,= pbd = (0.0135)(18 in)(33.5 in) = 8.14 in®

The steel area required is smaller than at the left end;
therefore, the section is tension controlled.

[Use 11 no. 8 bars at the top right end. |
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4.2. Find the locations where 50% of A7 can termi-
nate. Theoretically, 50% of the maximum A4, is

0.5A4 5 max = (0.5)(6.86 in®) = 3.43 in®
So,
Aj,  (343in%)(60,000 =)

TO085M (g3 (4000 123) (108 in)

=0.56 in

oM = oA, (d-F)

(0.9)(3.43 in?) (60,000 “’f) (335 in
B (12 IEH) (1000 ]1:;)

Locate the region over which the bending moment is less
than 513 ft-kips.

0.52 in)

= 513 ft-kips

"2
1“'"(8L) = 513 ft-kips
o= (8)(513 ft-kips)
- kips
133 22
=176 ft

The distance L' centers about the point of M.,, 18.2 ft
from the left support, which is practically at midspan.
Per ACI 318 Sec. 12.10, bars must extend beyond the
theoretical cutoff point by at least

( 4_335in

12 1D
&

=28 f [controls]

12d, = 12 i.n

12 2
{ ft

extension > ¢

=1ft

L - (L' + 2(extension})
2
36 ft— 17.6 fo — (2)(28 &)
- 2

=64 ft

This cutoff is for the left end, but is conservative for the
right end.

Cut off four no. 8 bottom bars at 6 ft 4 in from the
center of each column.

4.3. Calculate the stirrup spacing at 4 ft intervals. For
the critical locations at a distance d from the face of

support,

Vy= V- uw,d

(13,300 M) (33.5 in)

= 242,500 Ibf —

in
12 2
— 205,400 1bE
Ve=2y/f.bd
= 2,/4000 M(18 in)(33.5 in)
— 76,300 Ibf

The design shear is approximately three times larger
than the shear resistance of concrete. Stirrups are
required. Try double U-stirrups.

A, = 44, = (4)(0.20 in®) = 0.80 in?
V,= % -V
205,400 Ibf
= 197,600 Ibf

4,/ byd = 2V, = (2)(76,300 1bf)
= 152,600 1bf

8+/Fobud =4V, = (4)(76,300 1bf)
= 305,200 lbf

ay/Tbud < V, <8\[Fubud

Because 4\/?;de < V., the spacing is
( d_ns
4 4
Af, (0801 (40,000 )
50b,, ( lbf)(18 in)

=36in [0.75\/F, <50 for £, <4400 psi]
lbf)

=84 in

Ad,d (080 m?)(4o 000 21}(33.5 in)

v, 205,400 Ibf
=52in |controls]

-
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Use no. 4 U-stirrups at 5 in on centers from 0 ft to 4 ft
from the column centerline.

For the region 4 ft < z < 8 ft,
Vo= V. —wz
Ibf
= 242,500 Ibf ~ (13,300 —ft—) (4 k)
= 189,300 1bf

1%
V===V,
¢
189,300 Ibf
T 075

= 176,100 1bf

ay/Fbud < V, <8/1bud

( d_35
4 4

A, (080in?) (40,000

-~ 76,300 Ibf

=84 in
lbf)

in?

= =36 in
50b,, Tofy 1 -
8< 4 (50 in2)(18 in)
Af,d (080 in?) (40,000 12—5) (33.5 in)
78 176,100 Ibf

. = 6.0in [controls]

Use no. 4 U-stirrups at 6 in on centers from 4 ft to 8 ft.|

For the region 8 ft <z <12 ft,

Ve= Vi —unz
= 242,500 Ibf ~ (13,300 128 &)
T L] ft.

= 136,100 1bf

Va
V,=7— V,,-

_ 136,100 1bf
0.75
= 105,200 Ibf

Ve <4y/Fbud

- 76,300 1bf

[ £-B_ 165
Ag, (080 in?) (40,000 :2_5) .
5< ¢ 50b, (50 ::—g)(lS in) Chade
Afyd_ (080 in?) (40,000 ::;5) (33.5 in)
v, 105,200 1bf

\ =10.1in [controls]

Use no. 4 U-stirrups at 10 in on centers from 8 it to 12 ft.
For the region 12 ft < £ < 16 ft,

V=V —w,z

_ _ bk
— 242,500 Ibf (13,300 ft)(12 )
= 82,900 1bf
V. 82,900 1bf
el VS S50V 1L
Vym gt = Ve = = — 76,300 Ibf
= 34,200 Ibf

Vo< 4y/Fobud

=335 _168in [controls]

)

i/ _ 36 in

)(18 in)
y Ibf

Adyd (0.80 in )(40,000 =

Wz 34,200 1bf

Minimum spacing controls. Use only a single U-stirrup
at this location.

e,

2
Af, (080in?) (40,000
s<{ 500, (w0 ToF
2

in

)(33.5 in)
=31.3in

A, = 24; = (2)(0.20 in?) = 0.40 in®

Use no. 4 U-stirrups at 16 in on centers from 12 ft to
16 ft.

From 16 ft to 20 ft, minimum spacing governs, $0 § <
df2 =16.8 in; use 16 in spacing. Beyond 20 ft, the shear
increases in magnitude and the stirrup pattern closely
mirrors the pattern over the left half. Use the same
pattern (slightly conservative).

See the following elevation for a summary of stirrup
spacings.
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4ft

3in_ | a4 ar | ar
No, 41lJ No. 41U | No. 4 LIl | No. 4Ll
5in o.ci@ 6ino.cl@ 10ino.c|@ 16in cc.
I

Oin
clearance

8-No. 8 v/fN°-a

of+ 0 '_0 - [ 3
3 \ : : i
5-No. 8 0 in clearance
4-No. 8

centerline

{not to scale}

4.4. For detail reinforcement (ACI 318 Sec. 10.6.6),
distribute the top flexural reinforcement over a flange
width of one-tenth the span of 3.6 ft—say, 3 ft 6 in.
Because the overall depth is less than 36 in, intermediate
web reinforcement.is not required (ACI 318 Sec. 10.6.7).

The beam is on the interior and is exempt from the
structural integrity requirements of ACI 318 Sec.
7.13.2.3. The cutoff location for four of the nine no. 8
bars (to be conservative) was previously calculated to be
6 ft 4 in from the support centerline. The point of
inflection occurs at

e
L [3ME
Wy
=7,
(8)(1017 ft-kips)
B T g EEs
_ \ B3
2
=56ft

Check provisions of ACI 318 Sec. 12.11.3. For the no. 8
bottom bars,

_ fy’/]ﬂbc)‘
“ ( 207, ) “

1bf
_ (60,000 m—z)(l)(-lll) 1.0in
b 12 in
20, /4000 o t

=4.0ft

Ve= Vi —w,z

= 242,400 Ibt — (13,300 %) (5.6 ft)

= 168,000 IbE
SM., = (513 ft-kips) (moo %;) — 513,000 ft-Ibf
41, = B13.000 Bl _ 518,000 filbf _ oo oo
p) 0.9
12dy = (12)(1 in) = 12 in
_ 335in
kse T h
i
=28 ft [controls]
M
Id < V: + ta
569,000 ft-1bf
= Tesoo0 i T oK
=6.1ft

The no. 8 bottom bars have adequate embedment
beyond the points of inflection. For top bars, let four
no. 8 bars be continuous to provide support for stirrups.
Extend the remaining eight no. 8 bars beyond the points
of inflection per ACI 318 Sec, 12.12.3.

From ACI 318 Sec. 12.2.4, the development length of
the top bars is calculated to be (1.3)(4 ft) = 5.2 ft. Thus,
the terminating top bars have adequate development
from the face of supports. An elevation and cross section
of the beam are shown.

' 3ft6in

A | 1% clearance (typical)

iy »—5-No. 8 lap splice
EEEer outside and middle
bar with bars in
adjacent span (24 in)

saction A-A
slab reinforcement omitted for clarity
{not to scale)

PPl » www.ppiZ2pass.com
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SOLUTION 5 .

5.4. Use the strength design method from ACI 318 to
design the corbel. Given: f_ = 4000 psi and f, = 60,000
psi. Use the prescriptive criteria in ACI 318 Sec. 11.8,
To simplify the formwork, let b=column width =24 in.
Use a trial-and-error procedure to find h. Try 13 in.

db
d=h— i ]
h — cover >

=13in—0.75 in—%

=11.8 in

a_ 6in

d 11.8in

=0.5 [<1;ACI 318 Sec. 11.8 criteria apply]

V.= 1.2Pp +1.6F,
= (1.2)(48,000 1bf) + (1.6){32,000 Ibf)
= 109,000 Ibf

According to ACI 318 Sec. 11.8.3.4, the normal force,
Ny, is to be treated as a live load; therefore, apply a
load factor of 1.6 to the given gravity dead and live
loads.

Nue=p,(1.6(Pp+ Pr)}
= (0.4){(1.6)(48,000 Ibf + 32,000 1bf))
= 51,000 Ibf
My = Vya+ Ny(h - d)
= (109,000 1bf)(6 in) + (51,000 1bf}(13 in — 11.8 in)
= 715,000 in-1bf

Approximate the area of flexural steel using an internal
lever arm equal to 0.9d. (ACI 318 Sec. 11.8.3.1 requires
¢ =0.75 for all calculations.)

M.
#7,(0.99)

_ 715,000 in-1bE
(0.75) (60,000 M) (0.9)(11.8 in)

m2

A,

= 1.50 in®

Check the approximation.

- Aafy
T 0.85fLb

a

> Ibf
_ (150 (50,000 =)

(0.85) (4000 %f) (24 in)

=1.1in

a_ . llin
d DEs 118 in ==-
=11.3 in
> 0.9d = (0.9)(11.8 in) = 10.6 in

Thus, the calculated A, is conservative. The additional
steel needed to resist the direct tension is

_ Nue_ 51,000 ibf
¢fy (0.75)(60,000

A, = 1.13 in®

=
The total area of main steel must resist combined flex-
ure and axial force.
AJC 2 A.l’ + Al’l
> 1.50 in® + 1.13 in?
> 2.63 in?

Check shear transfer.

Ve oV,
< ¢Au]f yit
4
Ay 2> —*
=%,
109,000 1bf
= Tof
(0.75) (60,000 EF)(M)
> 1.73 in?
Per ACI 318 Sec. 11.8.3.2.1,
¢ ~ 1bf :
0.2f.bd = (0.2) (4000 inz) (24 in)
x (11.8 in)
= 226,000 1bf |[controls|
Ibf ag0 1of
480 e in?
in bd = £
Vas{\ +o08f, +(0.08) (4000 )

x (24 in)(11.8 in)
= 226,500 1bf/in?

Ibfy, , IbEY oy .
(1600 Tif) b= (1600 inz) (24 in)(11.8 in)
= 453,120 Ibf

“

The shear capacity, V,, is well below the limiting values.
Distribute the shear friction reinforcement as required
by ACIT 318 Sec. 11.8.3.

in?
A 2 (2‘;"}' + An) =@£-L—;3’—l-u+ 1.13 in? = 2.28 in®

PPl #» www.ppli2pass.com
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2:38 S"HRUCTURAL ENGINEERING SOLVED PROBLEMS

Check the minimum steel requirement of ACI 318
Sec. 11.8.

Ascymin = 0.04 (i-') bd

v

4000 M

2
= (0.04) | —8—
60,000 %
m

(24 in)(11.8 in)

= 0.76 in®
Use A,.=2.63 in® as required for flexure and axial force.
Use two no. 7 and two no. 8 top bars.

Stirrups are required to furnish the additional shear
strength (ACI 318 Sec. 11.8.4).

Ap=05(A, — A,)
= (0.5)(2.63 in? — 1.13 in?)
=0.75 in?

Use two no. 4 closed stirrups, A, =0.80 in®. The detail is
as shown.

2-No. 8 and
2-No. 7 No. B

crossbar

T

Sl s Bl P
LR B N I I PP ]
i VA

gin

Bin

alevation
(not to scale}

SOLUTION &

6.1. Compute the service live load capacity based on
the strength of the one-way slab and beam. Use the
ACI 318 strength design method, with f, = 3500 psi
and f, =40,000 psi.

For the typical interior spans, ACI 318 Sec. 8.3 gives

2
+ 2o w“[n
M, 17
- wuti
M, 11
!
V. = Wyin
" 2
For the 6 in stab,
dy

d=h,—cover—?

=6in—-0.75 in—o'sz—in
=50in

Design on a unit width basis, with b=12 in. In the
negative moment region,

-_(12iny , _ (12in ;9

- ()0 - @B
=0.30 in® [per foot width]
bh=L—=b,=12ft—-15f=10.5ft

. Ibf
A, (030in?) (40,000 IIF)

a= =
085/ (0.85)(3500 2F) (12 n)

=034 in

—o_034in_ ;
=B " o8 _040in

< 0.375d = (0.375)(5.0 in)
= 1.875 in [therefore, ¢ =0.9]

oM. = g, (d-32)

(09)(0.30 in?)(40,000 17 (5.0 in ~ 234 i)

in
12 &

= 4350 ft-lbf

PPl ¢ www.ppi2pass.com
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2-39

\

E'Z
- = Yuln o
M, 11 < oMa
11{¢ M,
o 62

< (11)(4350 ft-Ibf)
(10.5 ft)?
< 434 1bf/f?

For the posxt.we moment region, no. 4 bars at 12 in o.c.

give 0.20 i in® per foot width.

. Ib
g, (O m2)(40 000 X

= Tor in ) =022 in
0.85fcb  (0.85)(3500 25) (12 in)

Slab positive region is tension controlled.

a=

oMy = A, (d-3)

Ibf . 0.22 in
_ {0.9)(0.20 in )(40 000 - ) ( .0in-— T)
in
12 T
= 2030 ft-l1bf
- wuli

(16)(2930 ft-1bf)
5 (10.5 ft)2
< 425 1bf/ft

Find slab shear strength.

¢ Ve= ¢'2\/Kbmd

[per foot width]

= (0.75)(2) /3500 lb—f(m in)(5.0 in)
= 5320 Ibf
V= w;’" — wy,d
_ w,(10.5 ft)  wy(5.0 in)
e
12 m
= (4.83 ft}w,
V< oV

(4.83 ft)w, < 5320 1bf

w, < 1100 Ibf/ft [per foot width]

Because the beam depth is the same as the girder depth,
24 in, take the clear span of the beams as the face-to-
face distance between columns. For the 18 in x 24 in
beam, find the negative bending.

b=b,=181in

i i _ds
d~ = h — cover 5

=24 in - 1.875 in —

1.27 in
2

=21.51in
== dt

A7 _4A,, (4)(1.27 in®) = 5.08 in?

Ibf
A4f, (508 )(40 000 —)

0851 (. 85) (3500 M)(18 in)

=3.80 in

< 0.375d |[therefore, ¢ =0.9]

oM, = gA.f,(d-5)

Ibf _ 3.80in
_(09)(508in ?) (40,006 - )(21.5 in— 35 )
12 E
= 208,700 ft-Ibf
w2
= ufn <
My==7 s
o, < 1LOM)

11)(298 700 ft-1bE)
(23 £t)?
= 6211 Ibf/ft

Per 12 ft of spacing,

6211 L

ft _ 517 ibe/f2

Uaper 128 = g3y

-

—
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2-40 STRUCTURAL ENGINEERING SOLVED PROBLEMS

Find the positive moment for the T-beam.
_ Wyly
Vi==—22 = w,d

. L _ (23t in 2
1 ( 4 )(12 ft) _ wy(23 ft)  w,(2L5 in)
=69 in {controls] - 2 12 in
: ft
ber < | beam spacing = (12 &)(12 %) =144 in (07 R)w,
by -+ 16k, = 18 in + (16)(6 in)
. 2 i v
L _Adyd_ (0.22 in )(40,000 in?)(:n.s in)
+ 2 2 ! § 8 in
A7 = npar A = (4)(1.00 in°} = 4.00 in = 23,700 Ibf
Va=¢(V.+ V,) = (0.75)(45,800 Ibf -+ 23,700 Ibf)
. Ibf =
Af, (400 1n2)(40,000 ;-n—z) 52,100 Ibf
= B = Tof =078 in
0.85f, (0.85)(3500 22)(69 in)
. n Vi< @(Ve+ Vo)
_a _0.781[1_092.
e ﬁ_l ~ o8 UL (9.7 ft)w, < 52,100 Ibf
< 0.375d ltherefore, ¢=0.9] w, < 5370 Ibf/ft
Per 12 R of spacing,
= -
#M= bAif, (4 5) 5370 B )
i =——— =448 Ibf /it
(0.9)(4.00 in?) (40,000 1:;5) (215 in - Ezgi) Yuper 128 = "o Iy
= 12 in Check shear capacity in the central region where there
ft are no stirrups. (ACI 318 limits shear on the unrein-
= 253,300 ft-1bf forced web to ¢ V,/2.)
7 stirrups a,
. 16in _ @8in ___ 651 a
Wyl .' 1
My =25 < ou, e i J
16(6 M RN T B j 52 A RO $ :
n . ;i- i H i
(16)(253,300 f-1bf) -'y—"l ' i l
= 3 symmetric about :
(23 ft) centerline
= 7661 Ibf/ft n
/ V= Wubn _ Wy T *
Per 12 ft of spacing, ¢ Y :
_ wy(23 ft)
7661 220 i =g wiEfh ‘
=2 = £/t
Waper 1250 = —Torp= = 638 Ibf/ = w (5.5 ft) < "’;’ :
Find the shear for no. 3 stirrups at 8 in o.c. l
Ay =24, = (2)(0.11 in?) = 0.22 in? o< Ve
Ve=2/FLbud ~ (2)(5.5 ) L
. ‘ - (0.75)(45,800 Ibf)
= 2,/3500 i—nz-(IB in)(21.5 in) = (2)(5.5 ft)
= 45,800 Ibf < 3120 Ibf/ft ~I

&
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Per 12 ft of spacing,

3120 1

ft _ 2
TR 260 1bf/ft
Thus, the floor system strength is governed by shear
capacity in the central region. The design load capacity is

Wyper 12t =

w, = 12wy + 1.6w; = 260 lbf/f2

Assume that normal weight concrete is the only dead
load.

+ welh : by} by

(R ILY

wy = weh,

§

g (e)(12])

= 103 Ibf/ft?

w, = 1.2wp + 1.6wg

_wy—1.2wp
YL=""1%
Ibf Ibf
260 - (1.2)(103 ﬁ)
- 1.6
= 85 Ibf/ft?

Shear on the unreinforced beam web governs.
twy, < 85 Ibf/ft?.|

6.2. To establish true capacity, it would also be neces-
sary to check

® capacity of girders in shear and flexure

® capacity of column and foundation

® edge and corner bay locations

¢ special locations, such as around stairwells

Also, for each case, the appropriate building code would
likely permit a live load reduction for elements support-
ing large tributary areas, which could lead to a specified
live load that is larger than has been calculated. Service-
ability considerations (for example, live load deflection
or cracking) might also limit the acceptable loading.
Finally, any lateral force effects that might combine
with the gravity loads would have to be considered.

STRARUCTURAL CONCRETE DESIGN 2

SOLUTION 7

7.1. Plot the interaction diagram for the given column
using at least three points. f, = 5000 psi, §; =0.8, and
f,=60,000 psi.

4in 16 in 4in

25in
_ [ I i
4 in § ".___T 1_6.5 in
______ 13.5in
12in 175 in
4 in- ——————————————
8-No. 3 bars
Ag = narAp = (8)(1.00 in?) = 8.00 in?
A, = bh — 4a?
= (24 in)(20 in) — (4)(4 in)?
= 416 in?
For the concentric load case (M is zero),
Po=085f(Ay — Aw) + f, Ass
_ 1B} (416 in? — 8.00 in?
= (0.85) (5000 in2)(416 in? — 8.00 in?)
1bf in?
+ (60,000 23 (8.00 in?)

= 2,214,000 1bf (2214 kips)

The section is symmetrical, so its plastic centroid coin-
cides with its geometric centroid. For balanced
conditions,

;. 60000
€= E" = —‘“—ﬁﬁ = 0.00207
* 29,000,000 23

By similar triangles,

dy=h—-25in=20in—-25in=1751in
da=h-65in=20in—6.5in=13.5in
d3=h—-135in=20in—-135in=6.5 in
dy=25in

- B Y. B3
EFTS wew ppizpazs




2.42 STRAUCTURAL ENGINEERING SOLVED PROBLEMS

_ (175 in)(0.003)
~ 0.003 -+ 0.00207
=103 in

(0.003)(10.3 in — 2.5 in)

10.3 in
= 0.0023
€3 - €
c—dy ¢
e(c — dj)

€3 =
[

_ (0.003)(10.3 in — 6.5 in)

10.3 in
= (.0011
€3 = €
c—dy ¢
Ec(c - d2)

c
_ (0.003)(10.3 in ~ 13.5 in)
N 10.3 in
= —0.000932 {tension]

The compression strain in the top steel exceeds the yield
strain, 50 foy = f,= 60,000 psi. The compression strain in
steel layer 3 is less than the yield strain, so

faS = EQES
= (0.0011) (29 000,000
= 31,800 psi

lbf )

The tensile strain in layer 2 is also below the yield strain,
giving
[n=¢n E,

= (0.00092) (29 000,000 M)

= 26,700 psi
The strain in the extreme tension steel is at the yield
strain, by the definition of balanced conditions. Thus,

Ty = Auf, = (2.00 in?)(60,000 lbf) = 120,000 Ibf

Ta= Aaf, = (2.00 in?) (26,700 M) — 53,400 Ibf

Ca=(fy—085f)An
= (52,100 M - (0.85) (5000 l-b-f)) (2,00 in?)
= 56,000 Ibf.

C,q = (fﬂ —085f )A_ﬂ
= (60,000 '-b—f - (0.85)(5000 “’f)) (2.00 in?)

= 112,000 lbf
a= f,c=(0.8)(10.3 in) =
C;] = 0.85f'cb|a|
= (0.85) (5000
= 272,000 1bf

8.24 in

“’f)(m in)(4.0 in)

Cd = 0.85f'cb2a2

= (0.85) (5000 l-b-f) (24 in)(4.24 in)

= 436,000 Ibf

Po=Ca+Cua+Cu+Cpy—-Ty—-T
= 272,000 Ibf + 436,000 Ibf + 112,000 Ibf
+ 56,000 Ibf — 53,600 Ibf — 120,000 1bf
= 702,000 Ibf (702 kips)
M= Cull=3)  Calf-a-3) -l
A h h
+Ca3~ &) + Todr -3) + Tu(d -3)

2ohin 42‘“) (436,000 Ibf)

(272,000 lbf)(

x (20 I _ 4in- 422&) + (112,000 Ibf)
(202“‘ ~ 2.5 in) + (56,400 Ibf) (20 6.5 in)

+(53,600 1b£){13.5 in - 202“‘)

+(120,000 1b£)(17.5 in - 202“‘)

(12 %) (1000 1‘:;)

= 497 ft-kips

PPl @ www.ppi2pass.com
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STRUCTURAL CONCRETE DESIaN

As a third point, chose the point on the tension fatlure
segment corresponding to a strain in extreme tension
steel equal to 0.005.

c _ dl

6_t: B €c -+ €51
_ dig, (17.5 in}(0.003)
" e +eq 0.003 +0.005

= 6.56 in

€4 _ €
c—dy I
eo(c—dy)
c
_ (0.003)(6.56 in — 2.5 in)
h 6.56 in
= 0.00186

€4 =

€3 _ &
c—dy ¢
_ &(c—ds)
[
_ (0.003)(6.56 in — 6.5 in)
N 6.56 in
{=0]

= 0.00002

h

€2
c— d2

[
c
] & Ec(c - dg)
. c
_ {0.003)(6.56 in — 13.5 in)
B 6.56 in
[tension|

= —0.0032

For this case, the strain (stress) in steel layer 3 is prac-
tically zero and can be ignored. The compression strain
in layer 4 is less than the yield strain, so

fos = € E, = (0.00186)(29,000,000 psi)
= 53,900 psi

The tensile strain in the lower layers is above yield, so
T, = T,=120,000 Ibf. The corresponding point on the
interaction diagram is

Cu = (f, —0.85,)A

( lbf

53,000 1% — (0.85)(5000 lbf))(z.oo in?)

= 993,000 lbf

a=fc= (0.8)(6.56 in) = 5.25 in
G¢1 = 085f';b1 a
= (0.85) (5000 H)(16 in)(4.0 in)

= 272,000 1bf

ng = 085f’cb2a2
= (0.85)(5000 M) (24 in)(1.25 in)
= 127,500 Ibf

Pr=Ca+C+Cuy—T:—-T
= 272,000 Ibf -+ 127,500 1bf + 99,300 1bf
— 120,000 1bf — 120,000 1bf
== 258,000 Ibf (258 kips)

h

My= Ca(3-2) + Ca (——a;—?)+ c,4(--m)

+Ca(b- )+ Ta(d - 2) + 7 (0 - B)
(272,000 Ibf) (222 - 408)

% (20 in

+ (127,500 Ibf)

. 1.25 in
4in - —2——)

+ (99,300 IbF)

20 in
2

&
x (13.5 in -
(

x ~-25 m) + (120,000 Ibf)

20 in

) -+ (120,000 Ibf)

20 1n)

x [17.5in—

(12 E) (1000 %)

For design values, apply ¢ = 0.65 for compression fail-
ure (that is, above balanced strain) and ¢ = 0.9 for
flexure. ¢ varies linearly from 0.65 to 0.9 as sirain in
extreme tension steel varies from 0.002 to 0.005. A con-
servative, lower-bound design interaction curve for this
column is shown.

= 411 ft-kips

Pl » www.ppl2pasasiciomias




2-44 STRUCTURAL ENGINEERING SOLVED PROBLEMS

P {kips)
true nominal strength curve

2000

design strength curve
(conservative straight line
approximation)

500 [- P, = 1440 kips

iy &My, 6Py = (327 ft-kips, 327 kips)

P, = 100 kips /{¢M.¢P) = (370 fi-kips, 232 kips)
100 __—l__——l— 1 ] 1

100 200 300 400 500

M (ft-kips)

7.2. Compute the maximum value of M, that can be
applied simultaneously with an applied P, equal to
100 kips. From the interaction disgram for ¢P,=
100 kips, ¢ M, is approximately equal to 250 ft-kips.

Check slenderness effects using the approximate method

of ACI 318 Sec. 10.10. K1, is given as 18 ft (216 in) and

Bais 0.6. A, is 416 in® as calculated in the first part of

this solution. Cps equals Cp, which is given as 1.0, so

the column is part of a non-sway frame (that is, ACI 318
Sec. 10.12 applies). From ACI 318 Eq. 10-13,

- bhi + 26k3
T
(16 in)(20 in)® + (2)(4 in)(12 in)®
- 12
= 11,820 in*

I!'
TV,
B /11,820 in®
YV 416 in?

=533 in

_I&= 216 in

T 533 in
= 40.5

Thus, KL/r exceeds the limit of ACI 318 Eq. 10-7.
Slenderness effects must be considered.

E. = 57,000/f
= 57,000, /5000 ‘2
n

= 4,030,000 psi
04E,I
El= s
1+ 84

ibf ind
. (0.4)(4,030,000 inz)(11,820 int)
1+06

=11.9 x 107 in%-1bf

P = n*(El)
T(KL)

~ n2(11.9 x 10? in-Ibf)
(216 in)®
= 2,515,000 Ibf

Cm
6m=——-—-P—

L= 0.75P,

1.0
100,000 Ibf

" (0.75)(2,515,000 1bf)
=106

1

_ oM,
Me= i

_ 250 ft-kips
T 1.06

- [ o)
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SOLUTION 8

8.1. Basic load combinations for strength design are
calculated by ASCE 7 Sec. 2.3.2, with seismic load as
defined in ASCE 7 Sec. 12.4.2.3. For gravity loading,
load combination 2 gives
P,=12Pp+1.6P;
= (1.2)(150,000 1bf) + (1.6)(70,000 1bf)

= 292,000 1bf

M,=12Mp + L6M;
= (1.2)(100,000 ft-Ibf) + (1.6)(20,000 ft-1bf)
l = 152,000 ft-Ibf

For seismic plus gravity loading, two cases must be
considered. Load combination 5 gives

P,=1.2Pp+0.2S5psPp+0.5P, + Pg
= (1.2)(150,000 1bf) + (0.2)(0.50)(150,000 Ibf)
+ (0.5)(70,000 Ibf} + 0 Ibf
= 230,000 Ibf

M, =12Mp+025psMp+0.5M+ Mg
= (1.2)(100,000 ft-1bf) + (0.2)(0.50)
x (100,000 ft-1bf) + (0.5)(20,000 ft-1bf)
+ (450,000 ft-1bf)
= 590,000 ft-lbf

(R Load combination 7 requires

P.=0.9Pp - 0.25psPp + Pg
= (0.9)(150,000 Ibf) — (0.2){0.50)
x (150,000 Ibf) + 0 Ibf
= 120,000 1bf

M,=09Mp-—-0.25psMp+ Mg
= (0.9)(100,000 ft-1bf) — (0.2)(0.50)
: x (100,000 ft-1bf) + 450,000 fe-Ibf
= 530,000 ft-Ibf

n"
Thus, there are three loading combinations that might
be critical on the given column.

(152 ft-kips, 292 kips)

(590 ft-kips, 230 kips)

(530 ft-kips, 120 kips)

(Mu: Pu) =

STRUCTURAL CONCRETE DESIGHN

jr"’lot the i_nteraction diagram for the column. The follow-
ing are given.

Ay= A, =4A; = (4)(1.56 in?) = 6.24 in?

Ay =24, = (2)(6.24 in?) = 12.48 in?

Ay = bh = (14 in)(24 in) = 336 in®

fi. = 4000 psi

By =0.85

f, = 50,000 psi

For the concentric load case (M=0),

PD = 085f::(A9 - Ast.) + fyAst

IBEY (e - .

= (0.85)(4000 m_2) (336 in? — 12.48 in2)
Ibf L,
+ (50,000 —inz)(12.48 in?)

= 1,724,000 Ibf

For balanced strain conditions,

By similar triangles,

%+&_Q

“d ¢
_ Ed
_q+&
_ (0.008)(21.5 in)
~ 0.0017 + 0.003
=13.7in

-
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246 STRUCTURAL ENGINEERING SOLVED PROBLEMS

_ (13.7 in — 2.5 in)(0.003)
B 13.7 in
=0.0025 [g, > ¢,, so compression steel yields)|

[y =f, = 50,000 psi

T = A, = (624 in?) (50,000 M) = 312,000 1bf

V= {f, - 0. 35f' )A'
(50 000
= 201,000 lbf

— (0.85) (4000 M)) (6.24 in?)

a=f,c=(0.85)(13.7 in) = 11.65 in

C. = 0.85,ba = (0.85) (4000 M) (14 in)(11.65 in)

= 555,000 1bf

Pb = Cc + C: i T
= 555,000 lbf + 291,000 Ibf — 312,000 Ibf
= 534,000 Ibf

= 6§-2) seil-d) e x(a-

(555,000 1bf) (2512 _ 165 in)

2
-+ (291,000 Ibf) (M -25in)

+ (312,000 1b£)(21.5 in - 242“‘)

(12 1) (1000 ’Fbpf-)

= 763 ft-kips

The axial force corresponding to balanced conditions
(534,000 ibf) is more than twice the maximum factored
axial force applied to the column (294,000 1bf). Thus, for
this problem only the tension failure of the interaction
curve is needed. Calculate two points on this branch of
the curve, the points corresponding to pure bending and
to tension-controlled failure. For pure bending (P=0),

iterate to find the neutral axis position.

Trial 1: Assume [ is zero.

Cc = T
0.85/.ba = A.f,

A,
0.85b

(6.24 in?) (50,000 1bf )

(0.85)(4000 M)(14

= 6.59 in

i

By
_6.55in
- 085

=771 in

From similar triangles of the strain diagram,

E; _ €
c—d ¢
¢ = {c—de,
c
_ (7.71 in — 2.5 in)(0.003)
N 7.71 in

= 0.0020

¥
€,y == wm
v

E,

50,000 M

" 29,000,000 5’-5

=0.0017 e, < e;]

The assumption that f, is zero leads to a calculated
stress in the compression side steel that is above yield.
A second trial should assume a value of f, that is smaller
than the yield stress, because mcludmg stress in the
compression steel w1|l decrease the neutral axis depth
and hence give a lower calculated stress. (f), could not be
yleldmg, because in that case the force in the com-
pression steel would equal the tension force, leaving zero
force in the concrete.)

Trial 82: Assume f,=05f, =
25,000 psi.

(0.5)(50,000 psi) =

Gc = T - C;
0.85f ba = A,f, — (f, — 0.85f.) A,
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- STRUCTURAL CONCRETE DESIGN 2-47
. ; The stress calculated at this step is close enough to the
o= Asfy — (f, — 0.85f,) A, assumed value, so take the compression stress as
0.85f.b 30,000 psi. Sum moments about the tension steel to
determine the nominal moment strength.
(6.24 in?) (50,000 :.nt%)
- e '(d —
- (25,000 :g—,_f— (0.85) (4000 %))(6.24 in?) My C‘( 2) +C(d~d)
= _ 4 _a ' AWy A
| ] (0.85) (4000 26} (14 in) = 0.85/,ba(d - 5) +(f, ~ 085/ Ay(d - )
] =372in (0.85) (4000 %)(14 in)(3.06 in)
P 3.72 in _ 4.38 in " Ibf
T8 0.85 ' . 30,000 — — (0.85)
’ imi i x(215in-m)+ om
] From similar triangles, ' 2 y ( 4000 l_p_g.)
¢ . in
CTJE’ = ;‘ _ x(6.24in?)(21.5 in — 2.5 in)
— d)e, in ibf
‘= (c : Je (12 &) 1000 32
_ (438 in — 2.5 in)(0.003) = 505 ft-kips
4.38 in For tension-controlled failure,
= 0.0013 [¢,>¢)
Ibf b T IR
fi=E¢= (29,000,000 55) (0.0013) 5
r = 37,700 psi o= S8
€y + €c

Thus, the stress in the compression steel is between the .
assumed 25,000 psi and the caleulated 37,700 psi. = Mgl_ﬁ_m_)

. . ~0.005 + 0.003
Trial 8: Assume f, = 30,000 psi. .
_ Afy - (f’s — 0‘85f::)A:
B 0.85f.b a= f,c=(0.85)(8.06 in) = 6.85 in
.2 M = (C — d')E:
(6.24 in?) (50,000 :2;) f=—r—
~ (30,000 b — (0.85) (4000 25))(6.24 in?) _ (685 in — 2.5 in)(0.003)
— in = in 6.80 in
(0.85) (4000 m)(14 in) ~0.0019 [e>€)
= 3.06 in
em & _306in_ 500 fy=f, = 50,000 psi
A 08 T = A,f, = (6.24 in?) (50,000 &f
= A, = (624 in?)(50,000 )
E’ _ (C - d')ec = 312,000 lbf
3 ¢ B .
_ (3.60 in — 2.5 in)(0.003) C,=(f, - 085104,
3.60 in = (50,000 12 — (0.85) (4000 16} (6.24 in?)
=0.00092 [¢,>¢) m n
ot = 290,700 Ibf
Fy= By, = (29,000,000 -%;)(0.00092)
. C.=0.85f.ba
= 27,000 psi e =080/, .
= (0.85)(4000 ’uﬁ)(” in)(6.85 in)
— 326,000 Ibf

.

-~
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P=C.+C,-T
= 326,000 Ibf + 290,700 Ibf — 312,000 1bf
= 304,700 1bf

=049 +cif-) s (e

24in  6.85 in

(326,000 Ibf) (T - T)
24 in .

+ (290,700 Ibf) (-é— —-25 m)

24 in

7)

+ (312,000 1b£) (21.5 in -

(12 ‘?t‘l) (1000 %g)

= 710 ft-kips

For design values, apply ¢ =0.65 for compression failure
and ¢ =0.9 for tension-controlled failure. ¢ varies line-
arly from .65 to 0.9 between the limits for tension steel
strains that vary from 0.002 to 0.005 (¢=0.65-+
(83.3)(e,— 0.002)). The interaction diagram for the col-
umn is

P {kips)
nominal
strength curve
design
750 |- strength curve My, Py
500

combination 5

(590 ft-kips, 230 kips)
combination 7

(530 ft-kips, 120 kips)

[l [ 1 1 1 1 i

1
100 200 300 400 500 600 700 80O

250 coml;ination 2
{152 ft-kips, 292 kips}

M (ft-kips)

The column is governed by the seismic loading combi-
nation corresponding to P,=0.9P;— 0.25p5P;, and the
design is inadequate in that the point corresponding to
this set of axial force and moment falls outside the
design interaction curve.

8.2. The effect of vertical acceleration downward is
generally to increase the likelihood of failure by reducing
the design axial force on the column for the short dura-
tion loading. This is because the critical loading point is
near the tension failure side of the balanced point on the
interactionydiagram. In this region, axial compression is
beneficial in increasing the column’s resisting moment
strength (in a loose sense, the axial compression “pres-
tresses” the column in this region). Conversely, upward
acceleration would increase the moment resistance and
be beneficial.

SOLUTION 9

9.1. Analyze the wall and draw free-body diagrams of
the resisting elements. The lateral forces are reversible;
therefore, all elements act in both compression and ten-
sion. The wall panels are significantly stiffer in com-
pression than in tension, so the lateral force is
transferred from one level to the level below primarily
through compression struts with tension ties.

From the roof to level 4,

50 kips 10#t 101t 10 ft 50 kips
T —— 3 |
| 4 §
| 7 7 I
10 ft | / / )
I ‘o I
| 17 |
L C. L | . r}
100 kips
100 kips 100 kips
From level 4 to level 3,
100 kips 1100 kips
. 50 kips 50 kips (drag back)
__‘ao kips 10 ft = s . :
Ry, 10 ft <7 1| 40 kips
P 7 s /
k| ¢, g
£ 7~ / rd
- St 30 kips e
90 kips /r - A ‘ ’90 kips
90 kips
90 kips — 100 kips ' 100 kips — 90 kips
= 10 kips = 10 kips
{comprassion) {tension)

From level 3 to level 2,

o ———

,/’ 30 ki?asx\ 10kips |10kips  }90 kips
!/ 35kips ¥ 90 kips ° kips | 35 kips
<__L -] 1 Bkips _

|
) /
s
/ v i
- i

i
. :
~—— V;
1 177,
= == LN | WU
Q0 kips 250 klps

260 kips 260 kips

90 kips

Provide reinforcement at lavel 2
to transfer this force back to wall.
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From level 2 to level 1,

90 kips *260 kips A 260 kips ASO kips
V.
-(—vi- * —— —-E-vz— 60 kips

i

wall 1 18in % wall 2

20ft 18 in col.

15 ft 10 ft

2 T T,

Distribute the base shear, 310 kips, to the wall and
column elements from the ground to level 2 on the basis
of their translational stiffness. Wall 1 is cantilevered
from & fixed base and has a height, H, of 20 &; include
both shear and flexural deformations, and take
G=04E..

For wall 1,

Al = (zwl + hc)twl
= (15 £t + 1.5 ft)(1 )
=16.5 ft2

Loy + he)’t K
f = o he) bl "'1 2°) =+ 2(-1-5- + hﬁ(O.Stwl)z)

_ (15 /. + 1.5 f)°(1 f)
- 12

+(2) ((1'5 B)° 4 (15 R)20.5)(15 &)2)

12
= 459 ft!

3
K\ H + 126, H _ 1

3E.L GA,
K=

1

H3 N 1.2H
3E.I, ' (04E)A,

1
(20 f)* L_(1L2)(20 &)
3E.(459 ft*) ' 0.4E.(16.5 ft?)
=0.106E,

For wall 2,

A = (lwg + hc)twl
= (10 fe + 1.5 ®)(1 f)
=115 ft?

— (Iwz + hc)a w1 ht 2 2
Iy= iz + z(ﬁ + h2(0.51,) )
(10 ft + 1.5 f)°(1 ft)
- 12
(1.5 ft)* ) )
+(2) T + (1.5 ft)°(0.5)(10 )
= 165 ft*
1
Ks=
T L __L2H
3B, ' (0.4E.)A,
_ 1
(20 ft)? (1.2)(20 ft)
3E.(165 ft!) © 0.4E.(11.5 ft2)
=0.047E,

Consider the column to be fixed top and bottom and

only flexural deformations to be significant.

K.H _

26, ©
bR (L5 )15 R) A
= T =0.42 ft
4
s E_E‘C(Liﬁ‘) = 0.0015E,
(15 £t)

DK=Ki+K.+K,
= 0.106E. -+ 0.0015E; + 0.047E,
=0.155E.

_ K,V _ 0.106E,(310 kips)

LAt SK 0.155E,

= 213 kips

Vo= KV _ 0.0015E,.(310 kips) _
Yk 0.155E,

3 kips

_ K,V _ 0.047E,(310 kips)

Va= YK 0.155E,

= 94 kips
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%0 kips  |260kips | 260kips | 90 kips
Y -
__________ |- v=
310 kips

225
ft-kips

w1/
*W! 3 klpsT " 94—"“)35-—'

284 kips 284 - 90 260kips 188 — 260 188 + 50
=194 kips =72kips =278 kips

-

Check the equilibrium of the entire structure.

YF=V-V =-V.-V,
= 310 kips — 213 kips — 3 kips — 94 kips
=0

> Fy=Pi~Py+Py—Py—P;
= 284 kips — 194 kips + 260 kips
— 72 kips — 278 kips
=

ZMI = Vaohy + Vahy + Viha + Vshs
— Pyly + P3ly = My — Pyly — Pl
= (60 kips)(20 ft) + (70 kips){(30 &) + (80 kips)
x (40 ft) + (100 kips)(50 ft) — (194 kips})
x (15 i) + (260 kips){25 f) — 22.5 ft-kips
— {72 kips)(35 ft) — (278 kips)(45 ft)
= 38 ft-kips [=0 ft-kips]
The small moment (38 ft-kips) is trivial compared to the
total overturning moment, 50 the equilibrium checks.

9.2, Determine the boundary and trim reinforcement.
From the design criteria, neglect gravity loads and
assume that the given lateral forces are design level.
ACI 318 Sec. 21.4.4.5, requires that columns supporting
discontinuous stiff walls must be provided with trans-
verse reinforcement throughout their full lengths below
the wall. Check the compressive strength of the
18 in x 18 in columns using the minimum percentage
of longitudinal steel.

Ag = prin bk = (0.01)(18 in)(18 in) = 3.24 in®

Four no. 8 bars provide

Ay = 44, = (4)(0.79 in®) = 3.16 in®

This is close enough. The design compressive strength is

3P max = 0.86(0.85/L(Ag — Ag) + f, Au)
(0.85) (4000 :E—g)

= (0.8)(0.65) x (324 in? — 3.16 in?)

1bf
2

+ (60,000 o

)(3.16 in?)
= 666,000 Ibf

The columns have adequate compressive strength for
the design loading. The lateral force is reversible, so
each vertical boundary element must resist the same
magnitude force acting in tension. Calculate the area
of longitudinal steel to resist tension force of P,=
284 kips.

¢Tn=¢fy14n = Pu

o _ Pu ___ 284,000 Ibf
o=t =
¢f Ibf
y (0.9)(60,000 in2)
=5.26 in? [controls]|

Provide six no. 9 longitudinal bars in the outer columns.
Calculate similarly for other members.

For P,=278 kips,

4. = Pu_ _ 278,000 Ibf
8t =~ T ¢ —
of 1bf
v (09)(60,000 ;%)
= 5.15 in? [say six no. 9]
For P,= 260 kips,
i P 260,000 Ibf
SETE T
o of
y (0.9)(60,000 in2)
=4.8] in* [say six no. §]

For P,=194 kips,

4 Py __ 194,000 bf
o=Pu
of Ibf
v (0.9)(60,000 inz)
=3.59 in® [say, six no. 7|

For P, less than 150 kips, the minimum longitudinal
steel controls; use four no. 8 bars.
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Calculate for horizontal boundary elements. For P, =
250 kips at level 2,

Ay, o Pu _ 250,000 Iof

wp=tu o

2= g T
y (0.9)(60,000 ""inz)

=4.62 in® [say four no. 9]

For P,=90 kips + 35 kips =125 kips at level 3,

Ay Pu_ 125000 b€

pa=Pu_

Y TbE
v (0.9)(60.000 ;)

=231 in? [say four no. 7)
For P,=50 kips at level 4,
Py _ 50,000 Ibf
ofy (0.9) (60,000 I—E)

Ast.4 =

=0.93 in? [say two no. 7|

Provide transverse confinement steel (ACI 318
Sec. 21.4.4) in the form of closed hoops and crossties
for the full height of the center column from first level
to second level, and in the verticel boundary elements
(ACI 318 Sec. 21.7.6.4). Provide transverse confine-
ment steel in horizontal boundary elements wherever
an opening exists either above or below the element.

2-No. 7
hY

Fd
4-No. 8

y
4-No. 8

STRUCTURAL CONCRETE DESTGN 2;&1

SOLUTION 10

Assume that the given value of 0.75f,, is the temporary
jacking stress and that the specified loss of 10% in
prestress only pertains to strand anchorage, relaxation,
and elastic shortening at release. This solution will
assume an additional 12% loss to account for creep,
shrinkage, and additional strand relaxation before the
member is placed in service. Thus, for f,, = 270,000 psi,

fpe=0.75f,,(1 - 0.22)

= (0.75) (270,000 lb—f) (0.78)

in?
= 158,000 psi

Aps = Nggrands Ap = (6)(0.115 in?) = 0.69 in?

Paf, Ap= (158,000 "’—f) (0.69 in?) = 109,000 1bf

in?

_ P _ 109,000 Ibf

10.1. Compute the allowable service load under axial
compression (see Sec. 4.9.6 of the PCI Design Hand-
book). Loading is assumed to be due to sustained load
(ACI 318 Sec. 18.4.2).

f=Ffpe+ £ < 0.45f,
AQ

P< A,0.45f. - f,)
= (144 in2) ((0.45) (5000

=|(215,000 Ibf

This value is the structural capacity. In a real situation,
the capacity based on skin friction and/or end bearing
would also need to be considered, but in this problem
the information needed for this calculation isn’t given.

Ibf
m_2) — 757

Ibf )

in?

10.2. Calculate the moment strength about the z-axis
corresponding to an axial force of P, =150 kips.

.;1 P, = 150 kips
.~ e '-_':?".'-'

f. = 5000 psi {8, = 0.8)

fos = 25,000 e, if €55 < 0.01
= 244 + 666 €,y; if €5, > 0.01
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Use trial and error to establish the position of the neu-
tral axis so as to satisfy strain compatibility and equi-
librium. First, assume that the depth of the neutral axis

is 6 in from the compression edge.

Epsl = €pe T+ €ce + €qul

f, 158000 i—g-g
o= = = 0.00585

27,000,000 =%
1n

Ec = 57,000/, = 57,000,/5000 :2% = 4,030,000 psi
Ibf
fpc 757 F
€ce = z i A 0.00019
¢ 4,030,000
in

dl -C = ?
Coul = Ec__(_dl__—_ 'C)'
c
_ (0.003)(9 in — 6 in)
N 6 in
= 0.0015

€psl = €pe t €ce b €3ul
= (.00585 + 0.00019 + 0.0015
= 0.00754

Similarly,

_€cldy =)
===

~ (0.003)(6 in - 6 in)
B 6 in

€3u2

=0

€ps2 = €pe + €ce + Equt
= 0.00585 + 0.00019+0
= 0.00604

T
[+
_ (0.003)(3 in — 6 in)
- 6 in
= —0.0015

€pys = €pe + €ce * €3
= 0.00585 + 0.00019 - 0.0015
= 0.00454

The strain separating the two regions of the bilinear
stress-strain curve is found from the figure.

25,000¢, = 244 + 666¢,
¢, = 0.0100

The calculated strain for the assumed 6 in depth of
neutral axis is less than ¢, so

Fout = Epeepa = (27,000,000 %)(0.00754)
= 203,600 psi

fuz = Epstpz = (27,000,000 :z—g) (0.00604)
~ 163,000 psi

Foa = Epeepa = (27,000,000 ::—5) (0.00454)
= 122,000 psi

Neglecting the chamfers,

ZFlong = Pu+fon (244) + fpa2 (24,)
+ fps3(245) — 0.85f,ba =0

Py + (fpal +fps2 +fp33)2‘4b

0.85/5
203,600 12 + 163,000 B
150,000 1bf + T
+122,000 —
mn

x {2)(0.115 in?)
of
(0.85) (5000 E)(m in)
=514 in

‘WM_J

I

P —
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I
et

The calculated depth of the neutral axis is 10% greater

Figng= P 2A
than the trial value; compute it again using a trial value 2. Fiong = Pu+ fpa2As + f pe22As

between 6 in and 6.43 in; say 6.3 in.

* €sul  _ E¢
d1 - C c
Eyul = —Ec(dl =<
[
-~ (0.003)(9 in — 6.3 in)
B 6.3 in
= 0.00129

€psl = €pe T €ce T €3ul

= (.00585 + 0.00019 +- 0.00129
= (0.00733

Similarly,
s = ec(d: — ¢)

c
_ (0.003)}(6 in — 6.3 in)
- 6 in
= —(}.00015

€ps2 = €Epe + €ce + €aul
= (.00585 + 0.00019 — 0.00014
= {.00590

€:(d3 — ¢}
[ 14
_ (0.003)(3 in — 6.3 in)
- 6.3 in
= —0.00157

Eauy =

€ps3 = €pe + €ce T €na3
= 0.00585 -+ 0.00019 — 0.00157
= 0.00447

Fort = Epstpat = (27 000,000 ‘bf)
= 198,000 psi

Frea= Epsepa = (27,000,000 “’f)
= 159,300 psi

1bf

fys = Epuepn = (27,000,000 —) (0.00447)

= 120,700 psi

(0.00733)

(0.00590)

+ fo32As = 0.85f.ba =0

_ Pu+ (fon + friz + Fpia)24s
0.85/ b

198,000 M +159,300 1Bt “’f

+ 120,700 M

150,000 1bf +

x (2)(0.115 in?)

(0.85) (5000 M)(12 in)

=510in

a
£=—

By

- 5.10 in
0.8

=6.4in [close encugh]

The calculated depth of neutral axis is close enough to
the trial value of 6.3 in; therefore, the process converges.
Base the moment strength on a depth of 6.3 in.

M, = o.ssﬁba(g ~ &)t fn24s (- ’5‘)

+ Fpa2As(da =) = fpa24(ds - )

2
(0.85)(5000 M)(12 in)(5.17 in)

x (%ﬂ— 5'1'2’ ‘“) (198,000 M)( )

x (0.115 in?) (9 in - Lo

)
x (2)(0.115 in?) (6 in - 122“‘) + (120,700 %r)

1218) + (166,300 'bf)

x (2)(0.115 inﬂ)(3 in — 122111)

(12 %) (1000 M)

= 79.5 ft-kips

#M, = (0.65)(79.5 ft-kips)

= [5L7 Feing]
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SOLUTION 11 ..

41.1. Design on a per-linear-foot-width basis. Use the
strength design method in ACI 318 with f, = 3000 psi
and f,=40,000 psi. Analyze the live load pattern that
produces critical negative bending moment at joint A.
Live load reduction does not apply for loads in excess of
100 1bf/ft? (ASCE 7 Sec. 4.8.2). The moment of inertia
for each member is

bhdyy (12 in}(9 in)°

Tstap = 7 = B =729 in!
bh.'i 124 P |
Loty = —5 = ( ‘“)1(210 n)" _ 1000 in
bhd 12§ in)®
T2 = 1—’;2 = %2—'& = 1728 int

The relative stiffness of each member is

_ 4Elya1 _ 4E(1000 in')

K L 10 £t
= (400 = )E
Koe 4EIyan2 1 4E(1728 in‘)
UL T ut
(453 2
= (493 = )E
Koo 4B ey _ AE(T29 in%)
ST T, T 208k
_ (140
= (140 & ) E
4El,, 4E(729 in)
K4 p—t —

Ly 20 ft

- in

= (146 T ) E
The ratio of the relative stiffness of each member com-
pared to that of the upper wall is

p=0_) 40
K, inf
(400 —ft-)E
(493 E)E
b=H2oy B/ g0

=
-
=
o]
=[5
S
&

H |
(140 lE-)E
t"'.'l = % = &4 = 0.350
! (400 %)E
ind
(146 i)E
ft
'l&'-'4 = % = = 3 = 0.365
! (400 %)E

The factored load is

w, = 1.2wp + 1.6w,

ib Ibf
i 1213 Lot
(1:2)(120 =) + (1.6)(175 ft)
= 424 Ibf/ft
For dead load only, this is
2 = Ibfy _
wy = 1.2wp = (1.2)(120 &) = 144 Ibf/ft

So, the second floor slab loading for joint A is

— 2 v, = 0.424 Kiplft

Wy s
Wyq = 0.144 kipm\,
K1 = 100
0 ft
A
k, = 35 7’/;1:, =365% k =35
| |
14 ft E, = constant K; =123
— oo
[ 20.8 1t 20 ft 20.8ft |

11.2. The moment distribution is given in the following
table. (See Table for Sol. 11.2.) Moments are given in
foot-pounds; moments distributed to walls are omitted.

From this table, the moments may be shown as

424 1bfft

16,600 fi-lbf 8840 ft-Ibf
A 208ft 1\
Vag Vaa
8840 ft-lbf( 144 ibt/ft >aa40 fi-bf
A o0 4
Vec Ves
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Table for Sol. 11.2

walls A B B C C D walls
D0.39 0.13 0.49 0.51 0.51 0.49 0.13 0.29 DF
0.48 -~15,300 15,300 —4800 4800 —15,300 15,300 0.48 FEM
1990 985 Bal.A,CO
-2815 -5630 ~5865 ~2933 Bal.B,CO
3425 6850 6583 3292 Bal.C,CO
-1210 —2420 Bal.D,CO
366 183 Bal.A,CO
—884 -1768 —=1840 =920 Bal.B,CO
543 1086 1044 522 Bal.C,CO
—34 68 Bal.D,CO
115 58 Bal.A,CO
147  -294  -307  -153 Bal.B,CO
27 78 75 38 Bal.C,CO
-5 Bal.D,noCO
19 9 Bal.A,CO
-18 -18 Bal.B,noCO
Y = -16,600 8840 -B840 8840  -8840 16,600 final M
Find the shear forces. Therefore, the moment and shear diagram is
wLia 424 Ibifft : 424 Ibft
ZMA: Vealas — + Mpg— Mpa =0 )
16,600 { 16,600
ft-Ibf IR ! ft-Ibf
o 20.8 fi 2086 A 208t }
w I
uT‘m-MAB+MBA Vas =1 B = Vug+ Vio c, = v
Vea = " a78zlbfl Py Z 8% T6C) 5477 Ibf | Vea
I
(42 "’f) (20.8 t)? Ve !
7 — 16,600 ft-1bf + 8840 ft-lbf 4782 1bf :
= 208 ft
= 4037 lbf
M, |
2 Fy=Vap— wLas+ Vea =0
Vap= wylap — Vga
= (424 (208 tt) - 4037 1ot
= 4782 Ibf 16,600 ft-Ibf B840 ft-Ibf i
By symmetry, symmetrical
about centerline
Vaer = Ven = wylpg
BC cB 2 11.3. Check the flexural strength of the slab at the wall.
le)
(144 58 (20 &) ,
_ ft _ 12 in - . nfl2in _ . 2
- 2 A, A,,( ) (0.60 in )(—-—10 im) 0.72 in
= 1440 1bf
1bf{
A (0.72 in?) (40 000
Sy m’) =094 in

T8 (o 85)(3000 'bf)(lz in)

-

o1
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2.56 STRUCTURAL ENGINEERING SOLVED PROBLEMS

d = h — cover — 0.5d;
=9in — 1 in — (0.5)(0.875 in)

=7.56 in
a _094in
=—=——=1.11 0.3754, =0.
c 3, 0.5 in [c< so ¢ =0.9]

oMn=o4.f,(d - %)
- (0‘9)(0'72 in?') (40 000 @) (7.56 _ 0-9‘21 in)

(12 %) (1000 l'(b;)

= 15.3 fi-kips [per foot of slab width]

The design flexural strength is less than the calculated
moment at the centerline of wall. However, the moment
is reducible to the face of wall, and ACI 318 Sec. 8.4
permits a redistribution of the negative moment if the
strain in the extreme tension steel exceeds 0.0075.
] €c

d—c ¢

_&c(d—c)

- c

_ {0.003)(7.56 in — 1.11 in)

111 in

= 0.017

This is greater than 0.0075, so the percentage of redis-
tribution is

1000¢, = (1000)(0.017) x 100%

Jocedistribution < =17% [controls]
20%

The moment at centerline after redistribution is

- %mdmtnbutmn
M, = (1 100% )M"

_ 17%
= (1 1007)(16 600 f-Ibf)

= 13,780 ft-Ibf (M, <¢M,]
Therefore, ¢ M, > M, and | the slab is OK.}|
11.4. Verify the slab shear capacity.
¢Ve=20/Fbud

= (2)(0.75)/3000 12 (12 in)(7.56 in)

=7450 bf [>V,]

Therefore, | the shear strength is more than adequate. |

Check the moment transfer to the wall.

1.0
(m)(la 780 £t-1bf)

= 6180 ft-lbf

Neglecting axial compression in the wall (conservative),

A= A,,(%E) (0.20 i 2)(12 “‘) = 0.15 in?

Ibf
Ag, (015in?) (40,000 —)

" 085fb (0.85)(3000 M)(m in)

= (.20 in

d= h —cover = 0.5d,
=10 in - 1.5 in — (0.5)(0.50 in)
=8.25in

C_—

B

_020in
0.85

=0.24 in [c<0.3754, therefore ¢=0.9]

oMo = ¢A.f,(d-3)
Ibf

(0.9)(0.15 in )(40 000 —) (8 25 in

)

in
12 Tt

= 3670 ft-1bf [per foot of slab width]

The flexural strength of the wall above the joint is
not sufficient to resist its share of the end moment.

PPl # www.ppiZpass.com

T T e N s S



Either recompute ¢M, taking into account the axial
force, or increase the flexural steel in proportion to the
required additional strength. Try the latter option.

M = ¢M, = ¢pbd*f, (1 —0.59p (’;—”))

c

(6180 fi-lb) (12 £

N i in)? Ibf
=0.9p(12 in)(8.25 in) (40,000 in,)
40,000 Ef

1

3000 1of
mn

x gppbd’f, | 1 —0.59p

p=0.00258
A, = pbd = (0.00258)(12 in)(8.25 in) = 0.26 in?

Use no. 4 bars at 9 in o.c. on the inside face of the wall
above the joint.

For the wall below the joint,

i ) ‘
e (1[’1“"}-')2 M,

(123 ]
= (—1‘00 =3 3) (13,780 £t-1bf)
= 7600 Ft-Ibf

d = h — cover — 0.5d;
=12 in — 1.5 in — (0.5)(0.5 in)
=10.25 in

My =¢M,= ¢pbd2f,,(1 - 0.59p(:-;!))

(7600 te-lof) (12 %)

_ . . 12 &
= 0.9 (12 in)(10.25 in) (40,000 =

40,000 X
Il
3000 2%
m

x | 1-0.59

p = 000204
A, = pbd = (0.00204)(12 in){10.25 in) = 0.25 in?

Use no. 4 bars at 9 in o.c. on the outside face of wall
below the joint. The only revision necessary to the
detail provided is to extend the bottom reinforcement
6 in past the face of the wall, rather than the 2 in
extension shown.

STRUCTURAL CONCRETE BESIGHN

SOLUTION 12

12.4. Calculate the required prestress force in the com-
posite member. Assume unshored construction and use
the given section properties and strand stresses. Use the
ACI 318 strength design method, with f, =5 ksi and
fou = 260 ksi.

bE (s < o s
(150 w (6 in)(72 in)
Welahy = W:hs = )
(2%)
B
= 450 Ibf/ft
WD = Uit + Wprecasr = 450 ‘T + 440 2L = 890 Ibf/fe
wy = ws = (125 'é’—zf) (6 ft) = 750 Ib/f

w, = 1.2wp + L.6w,

= (1.2) (890 ) + (1.6)(750 ﬁ’f)

f &
= 2270 IbE/ft
o (2270 %) (65 £)?
M, =2el L — 1,200,000 f-Ibf

Approximate the required area of prestressing strand by
assuming that flexural strength governs design.

dp = Rgirder -+ hatah = COver
=42in+6in—4in
=44 in

@-gza%g
= (0.95)(44 in)

= 41.8 in
A My
M $fp,(0.95d,)
in
__(1,200000 ft—lbf)(l? E)
(0.9)(260,000 ::;5) (41.8 in)
= 1.47 in?

For Y2 in diameter strands,

.9
Tgtrand = ﬂ = —I-AHL =0.6 [say, 10 strands]
Ay in?
(.153
strand

PPl @« www.ppi2pass.com
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2.58 STRUCTURAL ENGINEERING SOLVED PROBLEMS

Apply ACI 318 Eq. 18-3, assuming a modern strand

(vp=0.28). The prestress force is

= tr(1= () (52) (7))

-
1= (%.238) ((72 ::3?4?0 in))

Ib
= (260000 ;) 260,000 12
x -—u.-.—_-_
5000 l%f
n
— (257,700 psi

Check.

I
Apf,, (1530 *)(257,700 ?)

a= =
0.85/5 (0.85) (5000 “’f) (72 in)

=1.29 in

a _1.29in .
=—=—"=1.61
) 0.8 1.61 in
€y — €
dp—c ¢
€= (dp — c)ec
c
_ (44.0 in — 1.61 in)(0.003)
- 1.61

= 0.079 [>0.005, therefore ¢ =0.9]
¢Mn = ¢Apufp¢ (dp - ';")

_09(1531n ?) (257,700 l‘:’—f) (44.0in~ 1_2%)

12—5

= 1,282,000 ft-Ibf [pMn> M,]

Thus, the fexural strength is adequate; use ten Y2 in
diameter strands: 4,,=1.53 in®.

12.2. Check the stresses at transfer. The critical loca-
tion occurs at the end of the transfer length
;=50d,=(50){(0.5 in) =25 in = 2 ft. Assume a straight
strand pattern with eccentricity, e.

®
I
=

— cover

W D
]
B

—4in

It
s
=

W
JTTT]
= ot = e T AR

j—.——t?—,.—o—.— IJ- a-?—q,.-.-o.-n _*__.-o—.--&-- P,'
ﬂ_ ———",—n—“—.‘a‘._& —OL‘—\———*_

i S

1\ \cgs cge A
f L (L) -
R= Woc 5 {0.44) o) = 143 kips

Pi= fphps = (167 000 M)(1 53 in?) = 255,500 Ibf

At a distance = [,=2 ft from the end of member,
MD = 0.5(wDLx — wm:z)

= (0.5)( (440 M)(65 0)(2 f) ~ (440 1?:)(2 f))
= 28,200 ft-1bf [compression top]

M,y = Pie = (255,500 Ibf) | 132

12
ft

= 362,000 in-lbf [tension top]

Determine stresses at transfer.

A= 420 in?
I, 6L600in* ... .3
S =0sh = (05)@2m) 233
_ P, Mp-M ps
fto - A + S
_ 255,500 Ibf
T 420 in?
(28,200 ft-1bf — 362,000 fe-1bf) (12 %)
+ 3933 in?
=|(—757 psi [tension]|
Fooa = i Mo = My
bottom A S
255,500 Ibf
T 420 in?
(28,200 ft-Ibf — 362,000 ft-lbf)(12 %)
- 2933 in?

={1974 psi [compression] |

PPl @« www.ppl2pass.com
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12.3. The strength of concrete at transfer was not
specified. ACI 318 limits the compressive stress at trans-
fer to 0.6f,;. This requires
1974 of
f, = ——I0% = 3990 psi
< 0 6 p

There should be no problem gaining sufficient strength
at transfer to satisfy the compressive strength require-
ment. However, the computed tensile stress at transfer
is limited to 6\/?;, which cannot be accommodated by
high enough strength. There are several options.

e Depress the strands to reduce the end eccentricity.

e Blanket several strands to reduce the prestress near
the end of member.

o Add mild steel to resist the total tensile force at the
top at transfer.

Any of the options could be chosen. This solution uses
the last option: to add mild steel at a working stress of
30 ksi {grade 60 rebars).

% fiop = 757 psi

42in

M £ ovom = 1974 psi
= ————pr h
f tap +f bottormn
757 %
(42 in)
757 lbf of 1974 2L 'bf
= 11.64 in
T = 0.5f gpbz
IbEY /o - .
- (0.5)(757 —)(10 in)(11.64 in)
= 44,000 Ibf
A= T 24000 BE 11:15 =147 in®
7. 30,000 bt

|£se two no. 8 top bars with 90° hooks at the bottom.

12.4. Calculate the stresses under dead plus live load,
assuming unshored construction.

lbf )

Pe= fo Ap = (147 000 (1.53 in?) = 225,000 Ibf

For the dead load acting alone on the precast section
under effective prestress, the critical stresses occur at
midspan.

(wslab + 'f-Uprm:nst.)«[l2
8
1bE Ibf 2
=+ 440 )(65 £t)
8

= 470,000 f-ibf

Mp=

(450

lcompression top|

Mg, = P.e
(225,000 Ibf)(17 in)

in
12 f

= 319,000 ft-lbf

[tension top)

P Mp—-M
f'..-:p,dud=T!+'—Sﬂ

225,000 Ibf
420 in?

(470,000 ft-Ibf — 319,000 &-lbf)( 12 %)

2933 ind
{compression]

+
= 1150 psi

_P, MD—Mps
fbotl.um.d "—A—"_S'

225,000 Ibf
T 420 in?

(470,000 t-Ibf — 319,000 ft-lbf)(12 i

ft
2933 in?
{tension]

= —82 psi

Superimpose the live load stresses acting on the com-
posite section.

w;L2
B

(750 %f) (65 £)?

M=

= 396,000 ft-lbf [compression top]

Mchrecnst

top,precast prlmmp

(396,000 ft-1bf) (12 %) (8.8 in)

184,000 in*
=227 psi [compression top]

2-50
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M Calab
Il.op,cnmp

. in
(396,000 £t-1bf)(14.8 in) (12 E)

184,000 in*
[compression)

ftop,slab =

= 382 psi

f = M 1 Coorrom
battom.p ' I bottom,comp

. in
(396,000 f-1bf)(33.2 m)(12 -E)
184,000 in?

[tension)

= —857 psi

382 psi
227 psi

382 psi

|
1150 psi
Losg P 1377 psi

+ =

82 psi 857 psi 939 psi

Thus, the calculated stresses are

Sbottom = f bottom,precast + £ bottom, dead

= —g57 bf_ gy Ibf
in? in?

=|—939 psi [tension] |

frop = fropprecast T Fropdesd

=207 f L 1950 1f
in? in?

=|1377 psi |compression]|

fropaiah = [382 psi [compression] |

(The calculated tension stress exceeds 7.5+/f., but is
less than 12\/7;. This classifies the member as Class T,
requiring that deflections be calculated per ACI 318
Sec. 9.5.4.2.)

12.5. Depending on the age of the precast at the time
the slab and closure are cast, the beam will experience
long-term deformation that will likely result in short-
ening and upward defiection (that is, additional cam-
ber). This will in turn cause a separation between the
precast member and the closure concrete. Consequently,
with application of the live load, there will not be sig-
nificant moment resistance at the connection. Thus, the
connection is flexible, behaving essentially as a simple
connection.

SOLUTION 13 s i,

Compute the top and bottom midspan stresses under
the specified loading. Because the beam is given as post-
tensioned, assume a parabolic strand profile with a sag
of y.—y.=11in=6in=>5in.

13.1. Under the dead plus effective prestress at the
midspan,

. = 8P.(sag) _ (8)(200 kips)(5 in)

[ — -
' (4083 £y (12 )
ke
The strand is concentric at the ends with the precast
beam’s centroid. Therefore, the equivalent load dia-
gram is

= 0.40 kip/ft

wp = 0.21 kips/ft

200 kips —=-

~=t— 200 kips

| 40831 We ™ 040 fikips

The net loading is

= w. — wy = 0.40 SP_g.0p KP
Wpet = W, — wp = 0.40 Tt 0.21 T

= 0.19 kip/ft [upward]

Whet L2
8

M D+ps =

(0.19 %) (40.83 ft)?

8
= 39.6 ft-kips [top fiber in tension]

Values given for the precast section are A =265 in?
5, =1200 in®, and S, =1250 in>.

f = .{)_E . M D+ps
top,! A Sg
. in
200 kips (396 ft-klps)(12 FE)
=~ 365 in? 1200 i

=10.359 ksi [compression] |

P, Mp
ji bottam,l = j + S:-pa
. in
200 kips |, (39-6 f-kips) (12 E)
~ 265 in? 1250 in3
=|1.135 ksi [compression] |

-
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43.2. With the precast section shored at midspan and
subjected to a wet concrete load of w= s =
(50 Ibf/&%)(15 ft) =750 Ibf/ft? applied after the shore is
positioned, calculate the midspan stresses and superim-
pose them with the stresses in the previously simply
supported member.

075 Kipsit

2041k ;ﬂ

) (0.75 %) ((0.5)(40.83 &)’

8
[tension on top fiber]

= 30.1 ft-kips

M
ftop.? - St
(39.1 ft-kips)(12 ‘-‘l)

ft
1200 in®
= -0.391 ksi ([tension]|

M-

f bottom,2 — S_b
. in

_ (39.1 ft-kips) (12 E)

1250 in3
==0.375 ksi [compression]

Superimpose the stresses.

pr = fl.op,l + fu:.p,z
= 0.359 EB -0.39 EIE

in? in?

=[—0.032 ksi |[tension} |

f bottom = f bottom,1 + f bottom,2

= 1135 T 4 o375 KB
10} m

=[1.51 ksi [compression] |

13.3. Remove the midspan shore after the concrete
hardens and compute the resulting stresses. This is
equivalent to applying a concentrated force at the mid-
span of the now simply supported member equal to the
reaction of the shore under the wet load. In all

computations for this problem, ideal linear elastic
behavior is assumed without adjustments for the effects
of creep and shrinkage.

Ranore = 2 (@)

(5) (0.75 %) (0.5)(40.83 ft)
=(2) 3

= 19.1 kips

Manore = Rs_h:;reé

_ (19.1 kips)(40.83 ft)
B 4
= 195.3 ft-kips

{compression on top]

The stresses caused by this bending moment are induced
in the composite cross section. Thus, the stresses at the
bottom and at the interface of the precast and cast-in-
place slab must be calculated using properties of the
composite section. The neutral axis location is not given,
but it can be found from the given section moduli and
dimensions.

= SgCg = Sbe
Sicr = Sp(h + by — c1)
o = Solht ha)
TS+ 5,

_ (2350 in®)(22.5 in + 5 in)
~ 13,500 in® + 2350 in®
= 4.08 in

I= 8¢
= (13,500 in®)(4.08 in)
= 55,080 in*
Therefore, the stress induced at the top of the precast

section when the shore is removed is

M
ft.op.S = ’l}ouy

(195.5 f-kips) (12 %) (5 in — 4.08 in)
- 55,080 in?

[tension]

= —0.039 ksi

i, —

Tt
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262 STRUCTURAL ENGINEERING SOLVED PROBLEMS

f - M shore
bottom,J S b

(195.5 fo-kips) (12 ﬂ)

ft
2350 in3
= —0.998 ksi {tension]

Superimposing on previous stresses,

fmp = fmp,! + ftop,2 + ftap,s

= 0359 22+ (—0.391 ‘-“-%) ( 0.039 k“’)
Hl n

=|-0.071 ksi [tension] |

Sottom = £ bottom,l T f bottom,2 + f houom.:l

=1.135

=10.511 ksi [compresaion]]

13.4. Apply the live load to the composite section.

W= ws
Ib
= (50 ) (15 )
= 750 IbE/f?

lb 2
(750 &f)(4o.83 )
Ibf
(8) (1000 l'aE)
= 156.3 ft-kips

M
fropa= _IL'q

(156.3 ft-kips) (12 ﬁ) (5 in — 4.08 in)
- 55,080 in?
= —0.031 ksi [tension|

k‘ps =P 375 ( 0.998 k‘p)

M.

fbonom.!l = Sb

. in
(1563 ft-klps)(12 E)
2350 in?
= —~0.798 ksi |[tension]

Superimpose on the previously computed stresses.
fr.op = pr,l + fr.np,z + fl.up..'! + fmp.4

= 0.350 ’“p (-o 301 "'P)

( -0.039 l“p) + (—0.031 Eg)
m

=[=0.102 kip/in® [tension]]

Foottom = foorom,1 + foottom2 + Foottom,s + f bottom,4

k‘ps =P8 L0375 k‘p

( 0.998 k“’) ( 0.798 k‘“’)

=(-0.286 kip/in® {tension] |

= 1.135

The stress at the top of the slab is
M;

f!,s=

. in
_ (1563 fe-kips) (12 E)
13,500 in?
= 0.138 kip/in? [compression]
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SOLUTION 14

44.1. Design the shear reinforcement based on the
given 10 in thick by 32 ft long wall.

Ay = tuly = (10 in)(32 &)(12 E) = 3840 in?

Try using the minimum percentages of longitudinal and
transverse wall reinforcement (ACI 318 Sec. 21.9.2.1).

V.= V.= 456,000 Ibf

24 /T = (2)(3840 in?), /3000 ;_g_g

= 420,000 Ibf [V,>24,/T.

Thus, two curtains of horizontal and vertical steel are
required by ACI 318 Sec. 21.9.2.2. Assume that the
nominal shear strength of the wall will exceed the shear
corresponding to nominal flexural strength of the wall.
ACI 318 Sec. 9.3.4 permits ¢ =0.75 for this case. The
height-to-length ratio of the wall is

hy _ 1252 f _
w32 f¢

Since 3.9 is greater than 2.0, use a,=2.0 (ACI 318
Sec. 21.9.4.1).

QS Vo= ¢Acu(ac\/?; + Ptfy)
= (0.75)(3840 in®)

Iof Ibf
x (2.0,/3000 o5 (0.0025)(50,000 m—z))

=[747,500 If_[$V,> V]

3.9

Thus, shear strength is adequate with minimum wall
reinforcement.

AJ,I = Aa,t = pibu
_ in\ 10
= (0.0025)(12 ft) (10 in)

=0.30 in?/ft {0.15 in?/ft in each face of wall]

Use no. 4 bars at 16 in on centers vertical and
horizontal in two faces.

14.2. Determine the boundary reinforcement per
ACI 318 Sec. 21.9.5. There are two loading cases to

consider (ASCE 7 Sec. 2.3.2 and Sec. 12.4.2.3). Load
combination 5 gives

Pus=12Pp+0.25psPp+0.5P, +0.2P;5
) Ibf
= (1.2)(21,000 ft)(32 ft)

+(0.2)(0.50) (21,000 M)(32 )

&
+(0.5)(2700 M) (32 ft) + 0 Ibf

ft
= 917,000 Ibf

Load combination 7 requires

P.,7=09Pp—025psPp

= (0.9)(21,000 @) (32 ft)

&
~ (0.2)(050) (21,000 ﬂ“f) (32 )

ft
= 538,000 Ibf

The seismic overturning moment, which is My,= + Mg =
+28,270,000 ft-1bf, acts in combination with axial com-
pressive force in combinations 5 and 7. Determine if
special boundary elements are required per ACI 318
Sec. 21.9.6.3 based on the critical compression loading,
combination 5. The index compression stress is

tol,
I=T72
PR
H k| in
_ (0 in)(32 ft) (12 E)
12
= 47.2 x 10% in*
_ Pu.5 Myc
fc - X; + Ig
(28,270,000 f-1bE)(16 ) (12 i-fi)z
_ 917,000 Ibf 2lU, =
3840 in? 47.2 x 106 int
= 1618 psi

0.2f, = (0.2)(3000 g—ﬁ) =600 psi [f,>02F]

Thus, boundary elements are required.
Try adding 24 in x 24 in elements at the ends of the wall.

PPl « wWww.ppl2Zpass.com
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264 STRUCTURAEL ENGINEERING SOLVED PROBLEMS .

24in 336 in 24 in
| ! | ||
°. ol o - f— AP
24in AR RGN A S L AR
PR | : | LSS
..___{ 10in
4 symmetrical

about centerline
The revised index compressive stress corresponding to
load combination 5 is

Ag=bly — (b— ty)lw
= (24 in)(384 in) — (24 in — 10 in)(336 in)
= 4512 in?

_ bl = (b~ tu)By

I 12
(24 in)(384 in)® — (24 in — 10 in)(336 in)®
B 12
= 69,000,000 in*
Pu.5 Muc
fc - Acu + Ig
917,000 Ibf
T 4512 in?
faay 2
(28,270,000 ft-1bf)(16 &)(12 %)
+ 69,000,000 in?
= 1150 psi

0.2f, = (0.2)(3000 1)

in?

= 600 psi Uc>f::l

Compute the longitudinal steel required at the bound-
aries based on the more severe overturning moment,
loading case 7. Assume that all vertical web reinforce-
ment resists overturning gtwo no. 4 bars at 16 in on
centers gives A,,=0.30 in®/ft).

P, ; = 538,000 Ibf
M, = 28,270 fr-lbf

B S R S e
- - I, )
':u_'.'O_-_:vnl wbt:\ . .U',';‘ . g.'ﬂ.D?; n'_° °.':J-'n..'b° ;
:.-_"'a|'-9.' ,-.‘a-_oa Tw'ﬁ'.‘;i_‘.‘. onll-Tu“i:.
LR U A PR T
5 ;-. D'.‘::I. a o A il o :,._.._{_-
Iy AR A I )

elevation

Tu= Aw(ls - 2h)],
_ in? Ibf
= (0.30 F) (32 & — (2)(2 ft))(ao,ooo m—,)
= 504,000 Ibf

ZMﬁSht = Tullever arm + (Py + Ty) (_Ilﬂ"e;um) - M,

=0
T — Mu — Pu + TW
\ =
tlever arm 2
_ 28,270,000 ft-lbf 538,000 Ibf + 504,000 Ibf
- 30 2
= 421,300 1bf
Ty= ¢’Anfy
T
Agp =2
st ¢'f,,
421,300 Lbf
- 1bf
(0.9) (60,000 m_z)
= 7.80 in®

Try eight no. 9 bars (Ag = (8)(1.00 in?) = 8.00 in?). Per
ACI 318 Sec. 21.9.6.4a, the boundary element must
extend horizontally from the edges for a distance not
less than ¢—0.11, or ¢/2, whichever is greater (c is the
largest neutral axis depth), which corresponds to load-
ing case 5, Compute the interaction values for the wall
when the neutral axis depth is at the extreme position
for a tension-controlled failure (that is, strain in the
extreme tension side steel equals 0.005 when concrete
strain reaches 0.003).

PPl ¢« www.ppiZ2pass.com
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) X Xy c _
e, = 0.005 '59 I | Ty= Amm2fy 2
s 5 in : Ibf
¢, = 0.00207 (0-30 -ft_) (1183 ln)(ﬁﬂ 000 ——)
| d, = 381 in | B 19 I
(a) strain variation T ft
Pa
Mnfl‘\ Cy = 0.85f (K = Ag) + f,An

Y

by

T Twze T ., &

(b} elevation

From similar triangles,

c_ d
€ €€

dee,
& €+
_ (381 in)(0.003)
~ 0.003 +0.005

e=f,c=(0.85)(143 in) = 121.6 in

Tension strains increase linearly from zero to the yield
strain, 0.00207, over a distance ;.

ni__¢
e, 0.003
(143 in}(0.00207)
0.003
Tp=ly—c—11—h
=384in—143in —98.7in—24 in
=118.3 in

T = =98.7 in

The forces in the segments of the wall are

T;= Auf, = (8.00 in )(60 000 M) = 480,000 1bf

Twl — A.nuxl (05fy)

(o 30 —) (98.7 in){0.5) (60 000 "’f)

o in
2%
= 74,000 Ibf

= (0.85) (3000 M) ((24 in)* - 8.00 in?)

+ (60,000 M) (8.00 in?)
— 1,928,000 Ibf

Cw = 0.85f,b{a — h} + (f, — 0.85f ) Asula — k)
= (0.85) (3000 M) (10 in)(121.6 in — 24.0 in)

+ (60,000 ‘—bi - (0.85)(3000 M))

in2
b (0.30 &)

= 2,629,000 Ibf

121.6 in—24.0 in
in
12 &

Y Fyen=Ci+Cu— Tt = Tup— Ty — Pp=0
Po=Ci+Cuo—Tuwi = Tz — Ty
= 1,928,000 Ibf + 2,629,000 1bf — 74,000 lbf
— 177,500 1bf — 480,000 Ibf
= 3,825,500 Ibf

The plastic centroid (pc) of the cross section is at mid-

length. Taking moments about this point,
ZM pe =10

= or(27) + OByt - 1)

s e tulf-hon-3)

PRI
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- o)« enfgt=) e (oY

+Twl(£2g"'h—12—%l)+Tuﬂ(_tg_ _I-z)

2 2
(1,928,000 Ibf) (w)

+ (2,629,000 Ibf) (334 . —2121-5 LY in)

+ (480,000 IbF) (§§i‘“‘;—24m) + (74,000 Ibf)
98.7 iny

384 in . .
x (——2— 24 in — 118.3 in S

+ (177,500 1oe) (212 _ 04 i - LIB212)

in
12 %

= 61,322,000 ft-1bf

The section is tension controlled, so

¢ P, = (0.9)(3,825,000 Ibf)
= 3,443,000 Ibf [>P,]
&M, = (0.9)(61,322,000 ft-Ibf)
= 55,190,000 ft-Ibf [>M,]

Thus, providing a boundary zone based on ¢=143 in is
conservative for all loading conditions. Let z be the
horizontal extent of the boundary element.

¢ — 0.5, =143 in — (0.1)(384 in)
> = 105in |controls]
0.5¢=(0.5)(143 in) =72 in
The vertical extent of the boundary element can termi-
nate when the index stress is less than 0.15f,. Design the
confinement steel using ACI 318 Sec. 21.9.6.4. Arrange

longitudinal bars such that h; =10 in. ACI 318 Eq. 21-5
gives

so=4in+ 2Bl
~ 444100
=53in

The maximum spacing of confinement steel is

h_24in

g~ ¢ —om
3% { 6dy = (6)(1.128 in) = 6.7 in
8,=2531in [controls]

Provide closed hoops at 54 in on centers.

A= 0.095b, (f—i")

¥

3000 1ot
= (0.09)(5.25 in){21 in) —-—%f
60,000 ]

= 0.50 in®

Use no. 4 hoops and crossties as shown to provide a
minimum A,,=34,=(3)(0.40 in®) =0.60 in® on faces
with three bars. Extend transverse reinforcement into
the wall web over a distance of 105 in at each end.
Extend the special transverse reinforcement into the

footing at least 12 in.

14.3. The anchorage of a no. 9 hooked tension bar in
footing (per ACI 318 Sec. 21.7.4) is

( 8dy=(8)(1.128 in) = 9.0 in
6 in
fyde _ (60,000 Ibf)(1.128 in)

657 65,/3000 L2
n

L =19.0in [controls]

Ign 2 ¢

The anchorage length for the boundary reinforcement is

14.4. A detail of the wall reinforcement is shown.

confinemant steel extends
minimum 105 in from edges

/ 8-No. 9 longitudinal |

L No. 4 @ 16 o.c. each face
R {develop into confined
cores at the end)

A By O ; ]
b= e o
ISR R N

* PR A e T |

A

\ No. 4 @ 16 o.c. each face
{confine with No. 3 crossties)

\ No. 4 closed hoops
and cross ties alﬁ% in o.c.

partial section through wall
{not to scale)

PPl ¢« www.ppi2pass.com
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STRUCTURAL CONCRETE DESIGN

| SORUTION 15 ) S G_A,fy—(f’,—O.BSfL)A’,

1 45.1. Calculate the effect that the actual material 0.85f.by

] gtrength will have on the shear requirements. For the ) Ibf

| . original design, f, = 3000 psi, f,=4000 psi, and f,,, = {4.00 m’)(72,000 ;;1—2)

5 1.25f,=50,000 psi. The test values indicate actual IbE b
strengths of f = 3400 psi and f,=72,000 psi. - (36,000 125 - (0.85) (3400 22))(3.00 in?)
Assume that top and hottom steel is fully developed at - ibf .

L faces of supports and includes the contribution of com- (0'85)(3400 i—n—z){ltl in}
pression steel to moment strength. For negative bending =~ 4.66 in
at the face of columns,

d=h-25iIn=245in-25in=22in et 4.66 0 _ e g
d=25in B 08 T
b=by=141in

1 AT = nipar Ay = (4)(L1.00 in?) = 4.00 in? & _ e

A’ = npe Ay = (3)(1.00 in?) = 3.00 in? c—d d(- ¢ o
: e . (e~
] As an initial trial, neglect compression steel. €= T
Auf, _ (0.003)(5.48 in ~ 2.5 in)
= 085 by T 22in-548m
= 0.00054 (< ¢, =0.0025]
- Ibf v
_ (400in )(72.000 23)
(0.85) (3400 M)(m in) Ib
' in? f.=Ed = (29,000,000 m—z) (0.00054) = 15,700 psi
-- =7.12 in
| Starting with a value of 36,000 psi resulted in a final
e 712 value of 15,700 psi. Try again with an assumed value
[ . c=5 = W =8.38in midway between these, such as f, = 25,000 psi.
- 1 J
1 ¢ . . Asf, = (f, ~0.85f) 4,
. $ _—_=¢ 0.85f.b
[ c—-d d-c febu .
s _tde=d) (4.00 inz)(72,000 m_z)
T d-c
1bf Ibf ,
_ (0.003)(8.38 in — 2.5 in) - (25,000 % - (0.85)(3400 ;) )(3.00 in?)
~ 22in-8.38in - IbEy ., -
00013 (0.85) (3400 Eﬁ)(“ in)
= 5.48 in
uels
E,
Ibf =2 54800 _eysin
72000 13 =5 " 08
29,000,000 B
" ee(c — d)
=00025 [¢<e,) ¢ =2
Recomputing the depth of neutral axis by including the (0.003)(6.45 in — 2.5 in)
compression steel will result in a smaller value of ¢ and - 22 in — 6.45 in
hence a smaller value of €|, giving a smaller f,. Assume 0.00076 - 0.0025

[ for a second trial a value of f, midway between zero and e [<ey=0

yield, f, = 36,000 psi.
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1= B¢, = (29,000,000 ::—5) (0.00076) = 22,000 psi

This is close enough to the assumed value of 25,000 psi.
Therefore, base the probable moment strength on a
stress in compression steel equal to 25,000 psi.

Mprpert = Cc(d_g) + C:(d— d’)

= 0.85fba(d - £) + (£, - 085/, A\(d — @)

(0.85)(3400 %%)(14 in)

x (5.48 in) (22.0 in — §;43J)

Ibf Ibf
+ (25,000 2 - (o.ss)(34oo m_z)

x (3.00 in?)(22.0 in - 2.5 in)

in
12 T

= 464,000 ft-1bf

For positive bending at the face of the opposite support,

dt=h-25in=245in-25in=22.0in

For positive bending, the slab contributes compression
resistance over a width b,.. The neutral axis will likely be
above the top steel, so treat this as a singly reinforced
beam.

in
_@n) (12 E)
4
=72 in controls|

ot~

beam spacing (not applicable)
bw + 16k, = 14 in + (16)(4.5 in)
| =86 in

. Ibf
Ag, (300 m?)(n,ooo F)

©=085rb (0.85) (3400 “’f) (72 in)

in?
= 1.04 in
a 1.04 in
—— =122
€=3." o085 -

Thus, top steel is below the neutral axis as assumed.

Mpr.right = A:fy (d - %)

bpy 2200 ——1'03 in
= (3.00 in2)(72,000 —2) -2
n in
j2 I
f
— 387,000 ft-1bf

From ACI 318 Sec. 21.3.4.1, the seismic shear is com-
puted based on the probable moments acting at faces of
supports in combination with the factored tributary
gravity loads.

Mpr.iaﬂ o MDI‘ right =
464.00(Elbf w, = 1940 Ibf/ft 387,000 ft-Ibf
A 24 ft A
v, Va

The gravity load acting in combination with earthquake
load is

w, = 1.2wp 4+ 0.5wy,
_ Ibf Ibf
_(1.2)(1200 = +(0.5)(1000 &)

= 1940 Ibf/ft

Maximum shear occurs at the left end when hinges form
in the pattern shown.

Vc= w,,l., + Mpr.leﬁ. + Mpr.righ:
2 I
Ib
_ (1000 2) (24 1) _, 464,000 f-lbf + 387,000 fi-lbf
N 2 24 ft
= 58,800 Ibf

Thus, the development of hinges in the beam at the faces
of the columns contributes the majority of the shear
(about 60%). Given that the member was designed based
on the specified material properties, it should have been
designed for probable moment strengths that were based
on 1.25f,=(1.25)(40,000 psi) =50,000psi and f,=
3000 psi. Considering that the f, has practically no effect
on moment strength, the probable moment strengths can
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be estimated in direct proportion to the yield stresses.
Thus,

o Wyln fy Mpr.left + Mpr.righr.
Vc,ongmul = 9 + ( f‘._m) ( tu

Ibf lbf
(1940 —ft—) (24 %) 40000 25

= +
2 72,000 24
m
5 (464,000 ft-1bf + 387,000 &-1bf)
24t
= 43,000 b

Thus, the effect of the higher material strength is to
increase the design shear by approximately 35% (from
43,000 Ibf to 58,800 lbf).

15.2. Calculate the spacing of no. 3 stirrups to resist
the shear. V,=58,900 Ibf with 4,=022 in®, f,=
3400 psi, f,=40,000 psi for the stirrups, b,=14 in,
and d=22 in. Per ACI 318 Sec. 21.3.4, because the
geismic contribution to the design shear exceeds one-half
the required shear and the factored axial force is less
than A,f./20, the contribution of V. to shear resistance
is to be neglected. Thus,

y
Vo=t
58,800 IbE
T 075
= 78,400 Ibf
4y/Fobud = 4, /3400 :1‘;—;"(14 in)(22 in)

= 71,800 bf [V,>4y/Fobed]

0.75/F, = 0.75,/3400 13

=44 psi {use 50 psi|

( d_220in
4~ 4
A, (022in?) (40,000

506s (s0 %)(14 )

=5.5in
lbf)

in?

559
=125 in
Ag,d (022107)(0,000 20Y(22.0 in)
Ve 78,400 Ibf
1 =25in [controls]

In the hinge regions, closed hoops are required at mini-
mum spacing (ACI 318 Sec. 21.3.3.2).

d_22in _ .
=4 =5.51in

5< Bds,t = (8)(1.125 in)=9in
24d,;; = (24)(0.375 in) = 8 in
12 in

Thus, shear requirement controls. Use no. 3 stirrups at

-

PPl #» www.ppiZpass.com

o et et

T



2-70

STRUCTURAL ENGINEERING SOLVED PROBLEMS

SOLUTION 16

Assume that the roof system is simply supported by the
walls. Use the ACI 318 strength design method, with
values of f, = 3000 psi and f,=40,000 psi. For the 8 in
slab with the given superimposed loads,

w, = 1.2wp + 1.6w, = 1.2(‘w,“p + w,lab) + 1.6w;
= 1.2('I.Usup + weh) + L6wy

_ Ibf ibfy| 8in
=(12)] 20 ft!+(150 &3) .
i
Ib
+(1.6)(50 o
= 224 Ibf/R2

16.1. For the case with a 30 in deep girder, compare
the stiffness in each direction. For this analysis, use an
effective flange width of

b= lﬁhf + by

= (16)(8 in) + 36 in

= 164 in

A= b.h,+ b{h = h,)
= (164 in)(8 in} + (36 in)(30 in — 8 in)

Iy= b—lg: + bch,(h - % _ !_,)2 . bw(h1—2 hs)?
+ bul(h — ha)(!l;_h, _3)2

_ (164 in)(8 in) 12)2(8 )’ 4 (164 in)(8 in)

. 8in . \2

x (30 in — = 20.35 1n)

(36 in)(30 in — 8 in)®
12

- . 2
x (30 in - 8 in) (M - 2035 in)

-+

+(36 in)

= 150,000 in*

Compare the moment of inertia of the beam to that of
an 8 in thick slab of the same width spanning the
perpendicular direction. Let r be the fraction of the force
(applied at the intersection) carried by the beam.

2
ﬂ
2
- behd (164 in)(8 in)® .
=Tz T 12 = .
rPL® _ (1 -r)PL}®
48EI,  48EI,
Ly

il T 7
_ (30 £t)*(150,000 in*)
(29.33 £t)°(6997 in) + (30 £)°(150,000 in?)
=0.96

Thus, the beam is rigid relative to the slab. Design the
slab as a one-way slab spanning from wall to beam. Per
the problem statement, use the moments at support
centerline and neglect alternate span loading conditions.
Consider a unit width of slab with values of b=12 in and

d=h,—cover-%=8in—l.Oin—l'OTin=6.5in

= 2104 in?
hs b(h - .h,)2
?= ZA:':‘_I;' - beh’ (h’ _?) +- —'2—
A A
. . PR
(164 in)(8 in) (30 . _Bﬂ) . (36i0)(30 in— 8 in)
= 2 2
2104 in?
= 20.35 in
E
PPl ¢ www.ppiZ2pass.com
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w, = 224 bf/it y in
. (6300 ft-1bf) (12 &)
- : Y 1bf
. T W = 0.9p(12 in)(6.5 in)* (40,000 ;)
30 L = 4200 Ibf 40,000 %
8 x | 1-059 "‘;;.
3000 =
Critical shear occurs d-distance from the face of the n
interior support. p =0.00430
s _Buul_ weby A, = pbd = (0.00430)(12 in)(6.5 in) = 0.34 in?
8 2 Minimum slab reinforcement (ACI 318 Sec. 7.12) is
Ibf Ibf .
_ (5)(224 )15 &) ) (224 27) (36 in) AL 0.002bh,
8 (2)(12 %) = (0.002)(12 in)(8 in)
= 1770 Ibf =0.19 in? {does not control main steel|
Use no. 5 bars at 11 in o.c. for top main steel.
V=20 b,d For bottom main steel,
= (2)(0.75), /3000 1212 in)(6.5 in) 0w, (9(224 %)(15 )
n Mi=—"T== = 3540 ft-1bf
= 6400 Ibf e 128
Slab has adequate shear strength. Check the serviceabil- M, _ 2 _ -ﬁ
ity requirements of ACI 318 Sec. 9.5. For the 8 in slab w = ¢Mn = dpbd'fy{ 1 - 059 "
with one end continuous, f, =40,000 psi. in
(3540 ft-1bf) (12 E)
he > (22) (0.4 sl ) 2 Ibf
= \24 100,000 = 0.90(12 in)(6.5 in) (40,000 I?ﬁ)
in 1bf
(15 it) (12 E-) 40,000 ) 40,000 E:'._
> | ———f | og 4 — 1 in?
. 24 Tbf x | 1-0.59p] ——8-
100,000 > 3000 1B
- in 7
26in p = 0.00237
The 8§ in slab is OK. Check the 30 in deep simple span A, = pbd = (0.0 12 in)(6.5 in) = 0.19 in?
I (ACT 318 Sec. 9.5). « = pbd = (0.00237)(12 in)(6.5 in) = 0.19 in
Use no. 4 bars at 12 in o.c. for bottom main steel. Use
B> ( Ay ) (0 44 fy ) no. 4 bars at 12 in o.c. for temperature and shrinkage.
T M6 100,000 For the beam,
i 1bf
(20.33 ft){12 2 40,000 =
> (28] (000 2% 4 0(75)- 10(g) -
16 100,000 £ Wap = FLowy =
in? 8 8
>18in + 1.2wbu(h ~ hs)
The 30 in depth is adequate and deflection calculations 224 Ibf
are not required. Calculate flexural steel for the slab. (10) : && (15 ft)
Ibf 2 Ibf
M= w.ll _ (224 F)(l5 ft) . + (1.2)(150 ft:,)
8 8 _ x {36 in)(30 in — 8 in)
= 6300 ft-1bf = — 2
My = ¢M, = ppbd’f (1 0.59 6})) (12 %)
A R A V] = 5190 Ibf/ft

-
r—
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lbf)

wapl? (5190 )(20.33 )’

= = 558,000 ft-1bf
B 8

M, =

d= h-—cover—%=30m 2m—%_275m

( in
(29.33 ft.)(12 E)
4
=88in [controls|
- ny _ .
s=(15 &)(12 ft) 180 in
by + 16k, = 36 in + (16)(8 in)
\ =164 in

M, = ¢M, = ¢pbd? f,(l - 0.59p(%))

(558,000 fc-lbfj(m %)

L
4

= 0.99(88 in)(27.5 in)? (40,000 M)

40,000 1of

2
x | 1—-0.59 — _in?
3000 IP—f

£ = 0.00286
A, = pbd = (0.00286)(88 in)(27.5 in) = 6.92 in?
Check the neutral axis position at ultimate.

Ibf
4, (6%2in )(40 000 m,)

_ - =123in
0.85f.b 1bf
(0.85) (3000 mD (88 in)
o _123in_ ..
= 7 =085 144 in [<h, <0.375d]

Therefore, beam behaves as rectangular and is a tension-
controlled section.

4

200byd __ (200 (36 in)(27.5 in)

fy 40,000 M

1bf )

=4.95 in®

Sl T
3v/Fobud _ 34/3000 {5(36 in)(27.5 in)

fy 40,000 1—‘35

L = 4,06 in?

The required A4, exceeds the minimum required; there-
fore, use seven no. 9 bottom bars.

Check shear at d-distance from face of support.

Ve= 2T bud
= 2,/3000 M(ss in)(27.5 in)
= 108,500 Ibf
L
Vy= "’; — wyd
ibi
(5190 F) (2033 /) by [ 27.5 in
= (5190 ) AL
. XA SR
ft
= 64,200 Ibf

Minimum stirrup spacing controls. Use no. 4 stirrups at
d/2=27.5 in/2=13 in o.c. Discontinue stirrups when
Ve<oV./2

w L v
Vu=w2 —wuz=¢2°
~u L - @V,
T 2w,

(5190 '—%‘) (20.33 ft) — (0.75)(108,500 Ibf)

(2) (5190 %f)

= 6.8 ft [from each end|

Therefore, the section may be drawn as shown.
No. 4 @ 18 (crack control; diagonal @ cornar)

5ft3in

\NCI 5@11
No.4@12\ng, 4 @ 127

[
8No.4a1ll@ 1295.end/ :
symmetric about

centerline

{not to scale)

16.2. Redesign for the case where the beam is 36 in
wide x 15 in deep. For the beam strip,
A= bk, + b(h — k)
= (164 in)(8 in) + (36 in)(15 in — 8 in)
= 1564 in?

PPl ©# www.ppi2pass.com
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hs b(h —h )2
S bhe(h-F) + =5
A A

if.:
(15 in — 8 in)®

_(asein)(8 in)(ls in_%) , (36in) 2

1564 in2
= 9.78 in

_ bh By ' bu(h—hy)®
Tomg 4 beb (b= 3 -7) 422

+b(h-m) (A g)
=Qﬁ—i‘i)2—w+ (164 in)(8 in)

. 8in Y
x (15 in - - 9.78 m)
L (86in)(15in — 8 in)®
12
+ (36 in)(15 in — 8 in)
15in—-8in
* ( 2

2
~9.78 in)
= 19,900 in*

rPL} (1-r)PL
48EI,~ 48EI,
L,
r=—gr——ri
L3+ 31,
B (30 ££)3(19,900 in?)
(29.33 £t)*(6997 int) + (30 £t)*(19,900 int)
=0.75

In this case, the system has similar stiffness in the two
directions; therefore, design it as a two-way beam-slab.
Use the distribution criteria of ACI 318 Sec. 13.6.

=EL _ D
N=Fr, 1,
19,900 in*
~ 6997 ind
=2.84
anm=2s
= EI,
=10

onla_ (2.84)(30 ft)
aply (1.0)(29.33 ft)
= 2.90

The stiffer direction will be designed to carry 65% of the
slab loading. Thus, for the 29.33 ft span,

wyy, = 0.65w,Ls + 1.2wy

= 065wy Ly + 1.2weby(h — hy)
- Ibf Ibf
- (0.65)(224 ftz)(30 ) + (1.2)(150 &—3)

N (36 in)(15 in — 8 in)

(2 )
= 4685 1bf/ft

Wy p L2
8

(1685 llftf) (20.33 ft)?

8
= 503,800 ft-1bf

My =

For the positive moment in an exterior span, ACI 318
Sec. 13.6.3.3 allocates 63% to the central strip and
ACI 318 Sec. 13.6.5.1 assigns 85% of this value to the
beam. The slab spanning parallel to the beam resists the
complementary portion.

M, = (0.63)(0.85) M,
= (0.63)(0.85)(503,800 Ft-1bf)
= 268,800 ft-1bf
For this system, the effective width of the slab is given
by ACI 318 Sec. 13.2.4.
- { bu + 2hy = 36 in + (2)(15 in} = 76 in [controls]
*= | by + 8k, =36 in + (8)(8 in) = 100 in

d=h—cover—%=l5 in—2.0 in—&

2
=125in

o= My = ¢pbd2f,(1 - 0.59p(%))

(269,800 Et-lbf)(12 iﬂ)

&
_ . . 42 1bf
= 0.90(66 in)(12.5 in)* (40,000 inQ)

40,000 2
1n

3000 X
m

x| 1-0.58p

p = 0.00834
A, = pbd = (0.00834)(66 in2)(12.5 in) = 6.88 in?

PPl @« www.ppi2pass.com
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Compute the neutral axis at ultimate.

Asfy
= 0.85/7b

(6.88 in?) (40,000 lb—f)

- (0.85)(3000 “’f)(ee in)
= 1.63 in

c=2

B
_1.63in
= 0.85

=192 in

[<h,<0.375d]

Therefore, the beam behaves as rectangular and is a
tension-controlled section. Use eight no. 9 bottom bars.

Check the shear at distance d from the face of support.

V= w;L — w,d
Ibf
(4820 )(29 33 f) (4820 lbk) 1250 5 "
= . z
&
= 65,700 Ibf
Ve= 2/ bud

= 2,/3000 l—b—f(36 in)(12.5 in)
= 49,300 Ibf

Stirrups are reql.ured Use no. 4 U-stirrups with
A,=2A4,=(2)(0.20 in?) =0.40 in*.

Vy
V= " Ve
65,700 1bf
T 075
= 38,300 1bf

— 49,300 Ibf

44/flbyd =2V, = (2)(49,300 1bf)
= 98,600 Ibf [>V,]

0.75y/F; = 0.75, {3000 124 Ibt

= 41 psi [use 50 psi|

12.5 in
2

. lbf
A, (040 m2)(40 000 —)

v,

500, (50 M) (36 in)

=89in
AJ,d (040 in?)(40,000 -IP—E—)(12 5 in)

v, 38,300 Ibf
L =15.2in [controls)

o
2

=6.3 in

Use no. 4 U-stirrups at 5 in o.c. at the critical location.
Terminate where V, < ¢ V_/2.
- WI=
2 u

_ wyl — 45 Ve
- 2un,

(4820 "’f) (29.33 ft) — (0.75)(49,300 Ibf)

(2) (4820 %f)

Vs wy L ¢;/=

= 10.8 ft

(from each end]

The slab must resist the remainder of the moment, M;.

(0.15)(0.63M,)
By
_ {0.15)(0.63)({518,300 ft-1bf)
- 15 ft
= 3300 ft-Ibf/ft

m =

_ 0.37My _ (0.37)(518,300 Ft-Ibf)
T By 15 ft
= 12,800 ft-1bf/ft

For the central regicn,

M, =¢M, = ¢pbd2f,(1 ~0.59p (%))

(12,800 fe-1bf) (12 %)

= 0.95(12 in)(6.5 in)* (40,000 l.b_f)

40,000 =
in?

3000 lbf

x| 1-0.99

p = 0.00906
A, = pbd = (0.00906)(12 in)(6.5 in)
=0.71 in® [per foot width]

-
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Minimum slab reinforcement is

Asmin = 0.0026h,
= (0.002)(12 in)(8 in)
=0.19 in? [does not control main steel]

Use no. 7 bars at 10 in o.c. for bottom steel parallel to
beam.

For the perpendicular direction,
0.35w, L}
8
(0.35) (224 "’f) (30 f)?

8
= 8800 ft-1bf

Mc=

M, =¢M, = qbpbdzfv(l - 0.59¢ (%))

(8800 fr.-lbf)(lz E)

ft
= 0.9p(12 in)(6.5 in)? (40 000 lbf)
40,000 l[‘:—f
x| 1-=0359p ———
3000 M
p = 0.00607
A, = pbd = (0.00607)(12 in)(6.5 in)
: =0.47 in® [per foot width)

Use no. 6 bars at 10 in o.c.

Even though simple support conditions were assumed,
provide minimum top steel (no. 4 at 12 in o.c. for crack)
control extending & nominal distance (for example,
0.2L) into the span. Also, diagonal top and bottom steel
is required at the corners (ACI 318 Sec. 13.3.6). Use no.
6 bars at 9 in o.c. The section may be drawn as shown.

No.4 @ 12

No.6 @ 10in o.c. (cont.)/No. 41T @5o0.c.

No.7 @ 10 o.c. (cont}

section
{wall reinforcement omitted for clarity}
j {not to scale)

SOLUTION 17

17.1. Design a composite beam for the specified con-
ditions. Check the adequacy of the given longitudinal
steel, assuming that composite action can be achieved
and that the shear strength of the section is adequate,
Use the ACI 318 strength design method, with
f, = 3000 psi and f,=40,000 psi. Allow 20 Ibf/ft? for
superimposed dead load. For ofﬁce occupancy, ASCE 7
Table 4-1 requires w, =50 Ibf/ft>. Reduce the live loads
per ASCE 7 Sec. 4.8.

15
L=17L, (0.25 + —) >0.5L
VELLA, ¢

Ibf 15
(50 ftﬂ) (0'25 M (2)(12 F)(35 &))

= 38 Ibf/ft?

wy, = 1.2wp + 16wy
= 1.2((wsp + w;)s + wp) + 1.6wgs
= 1.2((wsp + wehy)s + wcbhy) + 1.6wys

)

Ibf 6 in
27+ (150

20 = :
o 1o

lbf) (12 &)

&3
=(1.2) fe
16in | { 20 in

in in
12 2/ \12 2 )

+ (150 2 o

+ (L s)(sa (12 f)
= 2500 IbE/ft

The critical section is at the midspan where the opening
destroys the T-flange on one side.

' . ez
by + 7= 16 in + — 1
=35lin [controls]
b. < ¢ spacing plus edge=72in+ 8 in
= 80 in
by + 6h, = 16 in + (6)(6 in)
| =52 in
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f, = 3000 psi =
S1in /[ © P31 ¢, =0.003

T CC
TR TS W05 {6 in - -
: TR A G2 -
i RN 7 3T,
dy Ay =20in 7
Lei /
Agq =40 in? ‘," o En T
A ; 1y
f, = 2000 psi © o -

fy = 40,000 psi

dy = hy + hy — cover — 0.5d;
=20 in+ 6 in = (2.5 in +0.375 in) — (0.5)(1 in)
= 22.6 in

ds = h, + cover + 0.5d,
= 6 in 4+ (2.5 in + 0.375 in) + (0.5)(1 in)
=94 in

Assume that both layers of steel yield and that the beam
behaves as a rectangular beam of width 5=1b,.

PR (A.rl + Aﬂ)fy \/f_’

0.85/.0
(400 in® +2.00 in) (40,000 “’f)
(0.85) (3000 “’f) (51 in)
=185 in
_ o _L85in_,.,. o
c_ﬁl =085 22in [<h,=6in|

The neutral axis is within the flange; therefore, the
flexural behavior is the same as for a rectangular beam.
Check strains in the two layers of longitudinal steel. By
similar triangles,

€31  _ Ee
c—dy ¢
e = (c— di)e.
¢
_ (226 in — 2.2 in)(0.003)

2.2 in
= 0.028 [>0.005 so tension controlied; ¢ =0.9]

€52 _ €c
c—dy ¢
ca= (c— da)ec
[
_ (9.4 in — 2.2 in)(0.003)
- 2.2 in
= 0.0098

;. 40,000 Ef
v _

“=E " bf

29,000,000 24 1
=0.00138 |[ey < e,z]

Therefore, both steel layers yield at ultimate. The fiex-
ural strength of the composite section at the critical

location is
¢Mn=¢( .llfy(dl )"'As?fy(dz _E))

[ (4.00 in?) (40 000 “’f) \

185 iny
2
+(2.00 in?) (40,000 M)
\ X (9.4 in —

(12 %) (1000 l';’;)
= 311 fi-kips

The given 35 ft span is to the outside of the 8 in thick
walls, and the beam spans from center to center of the
10 in wide columns.

x (22.6 in -

1.85 m)

=Lty he
et loi

12& 12 2
=33.5 ft

Top bars in the existing beam fully develop into a rela-
tively rigid column-wall at both ends; therefore, both
ends develop negative bending moments. Calculate the
end moment based on =16 in, d=d;, —h=22.6in—
6in=16.6 in, and f, = 2000 psi. (The given compressive
strength of the existing beam does not meet the 2500 psi
minimum of ACI 318 Sec. 5.1.1; however, calculations
will be based on the existing condition.)

A, (20007 (40 000
T085fs (0.85) (2000 M)(15 in)

1bf )

=2.94 in

a 294in

=5 =%0g =46 [<0.375d, so ¢ =0.9]
)3

o= o (43

(0920 in 2)(40,000 “’f) (166 in —

)

12E

= 90,800 ft-Ibf (90.8 ft~kips)

-
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w,, = 2500 Ibf/ft

M{ = 90,800 fi-Ibf / Mj = 90,800 ft-Ibf
) In=335f 4\>
VL = 41,900 Ibf V.R

= 41,900 Ibf

—41,900 Ibf
M7, = 260,000 ft-|bf

—80,800 ft-1bf —90,800 ft-Ibf

17.2. Celculate the maximum positive bending
moment to determine if the composite section has ade-
quate flexural strength.

2
MY = ""é‘" — OM>
(2500 l-b-f) (33.5 £)?

8 — 90,800 ft-1bf
= 260,000 ft-1bf [< ¢M,=2311,000 ft-1bf]

Thus, the composite section has adequate flexural
strength. Check shear capacity of the composite section.
The existing smooth no. 3 bars are not acceptable under
current codes, so disregard them. The specified cover of
21/2 in clear to existing stirrups will permit slots 2 in
deep to be cut into the existing beam and new no. 3
stirrups installed. The new stirrups will perform multi-
ple functions: resist vertical shear, tie the precast and
cast-in-place sections, and increase horizontal shear
transfer between the two parts. For the vertical shear,
the critical shear occurs at distance d from support face.

Vu = Vlet’t - wud
_ _ M 22.6 in
= 41,900 Ibf (2500 ft) "
ft

= 37,200 1bf

Ve =2/ obud = 2,/2000 l—ti(m in)(22.6 in)
= 32,300 Ibf

Try no. 3 stirrups (4,=24,=(2){0.11 in®) =0.22 in?)

12 37,200 Ibf
V,=—t_y =202 0
T ¢ 0.75

— 32,300 Ibf = 17,300 Ibf

0.75/F. = 0.75, 2000 1

= 33.5 psi [use 50 psi]

[ d_226in

2= 2

=113 in -
A, (022i0%)(40,000 M)
= Ibf

s< 4 506, ( )(16 in)

=11in [cont.rols]

Auf,d (0.22 in )(40 000 H) (22.6 in)

Vo 17,300 1bf
| =115 in

Use no. 3 U-stirrups at 11 in o.c.

Stirrups are not required where V, < ¢ V,/2.

Vy= Vi —wuz = ¢:c
V] ¢ Vc
r= 2
Wy

41,900 1bf — (0-75)(322,300 Ibf)

- 1bf
2500 &

=12 ft

Stirrups are required nearly to midspan; therefore,
use 11 in spacing throughout.

-

e
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17.3. The required elevation is

o"_ L ] No.3 U"--_.. .(—l

?.. T e el B __p.\ I
B R B e
iy S "X D o FITE
N RXE B At A EREEY
._1 .-.: u;', -.-.-._ .glt _'- .-l_ a .'.I'n a .
CUPAN, IERRA O I ML IERE o PECIA T KR

LR B RS A S I o

Bl .

Cnt s Tegl8in]_1%in | _11in_|

L SO D typicall

. 4 ot of

s A
elavation
No.3 17 @Win 7 Na. 4 {cont.}
RN, TR SN =
B i et
new 6 in slab h ”°_‘:{ chip 2 iféd“p
E " g pocket @ 11 in o.c.
axisting Pjie ._.a. ?:;' |  embed new
16 X 20 beam -\’. ‘_‘_A_._ No. 3 U: patch w/

non-shrink epoxy
patching system
section A-A
{slab reinforcemeant and
existing beam reinforcement
omitted for clarity)

17.4. An additional required check is for horizontal
shear trensfer {ACI 318 Sec. 17.5). Let v, be the
required horizontal shear strength required (psi).

Vu< o Von = duppbyd
41,900 1bf < 0.75v,,(16 in)(22.6 in)
tUny = 155 psi

The required shear transfer can be accomplished by
deliberately roughening the contact surface and using
the minimum ties, which are provided by the no. 3
stirrups at 11 in o.c.

SOLUTION 18

18.1. Evaluate the proposed alteration to the struc-
ture. The column sizes are not given, and as the roof
may be assumed to be simply supported, moment trans-
fer from the central beam to supports is negligible. For
roof live load, use ASCE 7 Table 4-1, which gives
L, =20 Ibt/ft?. Base live load reduction on the tributary
area for the shorter cantilever.

Ac= Ba = (13 £)(25 £&)
= 325 ft?
200 ft < A, < 600 ft, so,

R, =1.2-0.0014,
= 1.2 - (0.001 £~%)(325 ft?)

= 0.875
_rise _30in e .
F_run R 2.3 in/ft
Ib
w, = Ry Ryw, = (0.875)(1.0) (20 =

= 17.5 Ibf/ft?
F < 4 in/¥, so,

Ra=1.0

w, = Ry Ryw, = (0.875)(1.0) (20 1%) = 17.5 Ibf/£?

Per footnote h to ASCE 7 Table 4-1, analyze for the
critical pattern of live loading on the structure. Critical
loading occurs with live load plus dead load on the
43.5 ft span and with only dead load on the cantilevers.
The problem statement indicates uniformly distributed
loading; therefore, possible snow drift accumulation
need not be considered. Increase concrete unit weight
of 112 Ibf/ft? to 115 Ibf/ft? to account for reinforcement.
The roof slopes 3 ft in 22.5 ft.

2218
225ft

L= Y Iﬁoriz + lsm

= /(225 &) + (3 &)
=227 ft

Wy = wch(th_ )B

_ Ibf\ | 6in | /22.7 ft
- (115 ft3/ ], in (22.5 &)(25 i

ft

3ft

= 1450 Ibf/ft
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Additional weight for the 24 in x 36 in beam on the
central span is

wy = web(hy — Ay)

by { 24in | {36in -6 in
- (12 55) 12 Ip 12 I
ft 3
= 575 Ibf/ft

For the cantilevers, w, varies linearly from 575 lbf/ft at
the supports to zero at the ends. Use the ACI 318
strength design method with values f, = 3000 psi and
f,=40,000 psi. For the 23.5 ft cantilever,

235 ft
low tbf
W= 12w, = (1.2) (1450 Z )
= 1740 [bf/ft
Ibf
wes = 12wy = (12)(575 F)
= 690 Ibf/tt
L Wy wypa
M == 6
(1740 M)(23.5 &) (690 ‘-b—f) (23.5 ft)?
- + ft
2 6

= 544,000 ft-lbf
For the 13 ft cantilever,

2
Wy s @ . Wy, pa

2 6

(1740 2)(13 t)° (690 lbf)(w £t)?

- 2 + 6

= 166,500 ft-1bf
Critical loading on the 43.5 ft span is

M =

wy, = 1.2wp + 1.6wy,

= (1.2) (1450 L+ 575 ) + (1.6) (438 )

= 3130 Ibf/ft

For the 43.5 ft span as originally built,

54-4 000
ft-Ibf
Vv,

L

3130 ft-Ibf M- =
166,500
ft-lbf

4351t Vi

wyl | My + My
5t
(3130 HJ—f) (435 ft)

2
544 000 ft-1bf + (—166,500 ft-ibf)
43.5 ft

right

Vier =

= 76,760 Ibf

The maximum positive bending moment occurs where
V=0.

V=V —wz=0
o Vleft 76,760 Ibf

=245 f
3130 7
o2
M"' = Vierz — w2 Mleft
= (76,760 1bf)(24.5 ft)
(3130 M) (24.5 ft)*
— 544,000 ft-lbf

2
= 397,200 ft-lbf

Compute the maximum positive moment with the
23.5 ft cantilever removed (that is, M4 = 0).

Vir= 5 T
Ibf
(3130 2)(43.5 &) , 0 fdbf + (166,500 f-1bf)
& 2 435 ft
— 64,250 Ibf

V=V —uyz=0
_ V]e& 64,250 lbf

= 20.53 &t
w3130 M
M: = V]e&:c-—% - M7
= (64,250 Ib£)(20.53 k)
(3130 @) (2053 ft)°
_ . — 0 #-Ibf

= 659,400 ft-1bf
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Thus, removing the cantilever causes a significant
increase in bending moment (66%).

659,400 ft-bf

modified
vy M,, = 397,000 ft-Ibf

-
- —

~

544,000 ft-Ibf R —-166,500 ft-Ibf

Deflection in the 43.5 ft span will also increase signifi-
cantly. The reaction on the right support will increase
about 10% from its original value, which might be a
concern. Check the capacity of the member to handle
the increased M,

=3in
Gink i
A, =
Bin
P °.
4 d= 32in

The beam is doubly reinforced at the critical section
with five no. 8 bars in the compression region and
14 no. 7 bars in two layers in the tension region. Neglect
compression in the slab and solve by trial and error. For
trial 1, assume £, = 30,000 psi.

Al = nparAp = (5)(0.79 in?) = 3.95 in®

Ay = npar Ap = (14)(0.60 in?) = 8.40 in?

C.=T-C,
0.85f.ba = A,f, — A,(f, — 0.85f)

A, = A, ~085[))

0.85/b
‘2 1bfy s 2
(8.40 in )(40,000 in2) (3.95 in?)
B (30,000 ::;g— (0.85) (3000 ::—:))
= TRV
(0.85)(3000 m_z) (24 in)
_ =3T2in
_ 8 _3720n_ .0
c= B, =08 438 in

From similar triangles in the strain diagram,

€,

s _ &
c—d

e
¢ = c—d)e.
c
_ {4.38 in — 3.0 in)(0.003)
- 4.38 in

= 0.000945

Ibf

€, = —=
E: 29,000,000 X
in

=0.00138 [>¢|

Ib
f= Esé, = (29,000,000 m_ﬂ)(0'000945)
= 27,400 psi

The difference between assumed and calculated com-
pression stress is about 10%. For trial 2, try a value of
f, about midway between the assumed and calculated
values, such as f, = 28,500 psi.

C.=T-C,
0.85/ ba= A,f, — A(f, - 0.85/)

Ay = AYf, ~ 0.85f,)
e 0.857.5

) 1bfy 2
(8.40 in )(40,000 inz) (3.95 in?)

x (28,500 L (0.85) (3000 “’f))

in? in?
TRV
(0.85) (3000 1;1—2) (24 in)

= 3.82 in

a 3.82in .
=——=——=449
¢ 3] 0.85 in

(c—de.
¢
_ (4.49 in ~ 3.0 in)(0.003)
4.38 in
= 0.000996 [<«¢,]

€ =

1= Bue, = (29,000,000 ) (0.00099)

in?
= 28,900 psi

-
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The calculated compression stress is close enough to the
assumed value. Therefore, compute the moment capac-
ity based on compression stress of 43,000 psi.
) Mﬂ=cc(d—§)+c’,(d—d’)
= 0.85/,ba(d - g) +(f, - 0.85f) A\(d - d)
1bf .
(0.85) (3000 m_z) (24 in)
. . 3.82in
x (3.82 in) (32 in — -—2—)

+ (28,800 :%5 - (0-85)(3000 lbf))

in?
x (3.95 in?)(32.0 in — 3.0 in)

(12 %) (1000 %)

= 837 f-kips

Check strain in the extreme tension steel.

di=36in—-3in=33in

3} = €e
di -C c
o= (d: = c)e.
C
_ (33 in — 4.49 in)(0.003)

4.49 in
=0.0190 {>¢,, tension controlled)

¢=109
¢M, = (0.9)(837 ft-kips)
= 754 ft-kips [pM, > M|

Thus, the section has adequate flexural strength to
resist the increased moment.

18.2, If it is necessary either to strengthen the beam or
to compensate for the increased deflection, it should
prove feasible to externally prestress the central span
between lines 3 and 4. Anchors could be positioned so
that negative eccentricity occurs at line 3 with a straight
tendon sloped to zero eccentricity at line 4. The pre-
stress force could be computed to induce an end moment
at line 3 equivalent to the moment produced by the
23.5 ft cantilever.

prrn / €.g.c.

18.3. Installation would require the design of special
anchorage blocks at lines 3 and 4. These could be
installed on both sides of the girder at line 4 using drilled
inserts. Slots would have to be cut through the slab to
permit the prestressing tendon to pass. Special closure
details would be needed to patch the slots after the
tendons were installed. There are several post-tensioning
systems that could be adapted for this type of application
(for example, the Dywidag “threadbar” system).
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SOLUTION 19

This problem relates to basic behavior of reinforced
concrete members; the stress-strain curves for the steel
and concrete are idealized and in some cases unrealistic
(for example, the modulus of elasticity of steel cor-
responding to the given curve is 40,000 ksi).

19.1. Compute the safe working load on the beam. The
effective depthisgivenasd=h - 3in=18in—3in=15in.
(The given stirrup spacing of 12 in o.c. does not conform
to the ACI 318 minimum of d/2=7.5 in o.c. In a strict
sense, the stirrups might not function as shear reinforce-
ment because a diagonal crack could propagate between
them. However, because this problem relates to theory
rather than code criteria, stirrup capacity is included in
the analysis.)

Ve=2y/fb,d
= 2,/3000 M(w in)(15 in)
= 16,400 Ibf
o _ Adyd
? 5
(0.20 in)(40,000 123) (15 in)

12 in
= 10,000 Ibf

Ve= ¢( Ve+ Vs)
= (0.75)(16,400 Ibf + 10,000 Ibf)
= 19,800 Ibf

For a live load factor of 1.6, the safe load based on shear is

_ Yy _ 19,800 Ibf _
| P= I A 12,400 Ibf
To determine the working load limit based on fexure,
use working stress design with an allowable steel stress
of 20,000 psi and concrete compressive strength of
0.45f..

g, 40,000 Kipe
3 1
n=fio T 0ty
Be 5000 kMBS
in2

(AN (2)(0.79 in?) B
on= (34) - (oo ) 0 =07
k= 1/(pn)* + 2pn — pn

= /(0.137)? + (2)(0.137) — 0.137
= 0.404

kd = (0.404)(15 in) = 6.06 in
d—kd=15in—-6.06 in=8.94 in

_ b{kd)®
Lo == )?

~ (10 in)(6.06 in)’®
B 3
= 2380 in*

-+ (13)(2)(0.79 in®)(8.94 in)*

Check the moment capacity based on an allowable steel
stress of 20,000 psi.

nM(d — kd)
H
(20 000 ng)I
<Nt/ -
Mk

(20,000 M)(2380 inf)

(13)(8.94 in) (12 1) (1000 M)

< 34.2 ft-kips

lbf

f,= < 20,000 =

<

Check the moment capacity based on an allowable con-
crete stress of 0.45f.

M(kd)

CI.'

< 0.45f;
i< 0.45f I er

STk
(0.45){(3000 M)(zsso O)
<

"~ (6.06 in) (12 E) (1000 l‘%)

< 44.2 ft-kips

PPl e www.ppi2pass.com




STRUCTURAL CONCRETE DESIGN

Steel stress governs: M =34.2 fi-kips. The safe working
load is

p=M_342 ft-kips
T e —Gft— 5i;1n
12 —

ft

=[6.12 kips _[control |

419.2. The stress at yield is 40,000 psi. Since behavior
up to the yield stress is linear, the preceding result will
jead directly to

Py P

40,000 12 29,090 1of
m n

P(40,000 lbf)

in?

20,000 1of
n

Py=
: Ibf

20,000 %
1n

- [@7En]

19.3. The given concrete stress-strain relationship
applies to the linear strain distribution that exists in
the compression zone. The usual assumptions of flexure
theory apply (no tension in concrete, complete bond
between steel and concrete, steel yields, and so on).
Thus, for the trapezoidal stress distribution,

o €, = 0.003
______ ___ neutral axis
€ > €y,
C. = ByBsfibe
Ba = 1-0
B2 f.bz = area of compression stress distribution
2f bz fobz
=T os(f7)
= 0.83f.bz
0.83f bz
By = Fbe 0.83

The position of the resultant with respect to the top
fiber is

foo= Y (force)(lever arm)
L compression force

)+ (B @)

0.83f bz

13f, bz

B, =—306__
2 0.83f ba?

=0.44

Thus,

> Froiz=0
Ce=T
Buf bz = A.f,
g Befy
Brfeh
_ )09 in?) (40,000 %:{-)
(0.83) (3000 M) (10 in)

in?
=2541in

Mn = Asfy(d s ﬁz-’ﬂ)
(2)(0.79 in?){40,000 120)

in®

x (15.0 in — (0.44)(2.54 in))

in Ibf
(12 &) (1000 kip)
= 73.1 ft-kips
The ultimate load for the beam is
M

P,==2
a
= 18.1 Rekips
12E

=113.1 kips

PPl ® www.ppli2pass.c oMl



2.84 STRUCTURAL ENGINEERING SOLVED PROBLEMS

49.4. The ductility ratio, g, is the ultimate curvature,
¢,, divided by the curvature at yield, ¢,.

¢, = 0.001
Y e
= 0.0114
b= —Sv_ _ 0001
VT d-kd 894in

= 0.000112 rad/in

Therefore, the ductility ratio is

rad
g, OO
by 0.000112%CI

19.5. The failure mode would be described as a
[ductile flexural failure. |

19.6. To determine adequacy of the column, apply the
computed maximum working load, P=6.12 kips, with &
load factor of 1.6.

= £ = 1.2 kips
Nl

\ ". primary
..

P=6.2 iy moment
fvael

4 LS 18 fi-kips

/ 18 ft-kips

Reksy /
{ 7
—e{ |=-- & = primary %7 (o secondary
1.2 kios \ deflsction moment
.2 kip _
*106.1 kips

The column is subjected to critical combined axial com-
pression plus bending,.

P,=1.6Pa
= (1.6)(100 kips + 6.12 kips)
=170 kips

M, = (1.6)(18 ft-kips)
= 28.8 ft-kips

Check the factored loading against the given interaction
diagram. The point (28.8 f-kips, 170 kips) is well inside
the curve; therefore, | the column strength is sufficient. |

Secondary moments, Pé, will increase along the column
(see preceding diagram), but not at the point of max-
imum moment. Thus, (it is not likely | that secondary,
or slenderness, effects wi come critical for this load-
ing. (This assumes that the column is braced against
buckling, as stated in the problem.)

19.7. If A, is increased to two no. 11 bars, then (as in
Sol. 19.3),

Ay
Buf.b
<, 1bf
@56 in )(40,000 inz)
bf\ 1 :
(0.83)(3000 F)(10 in)
=5.01 in
From similar triangles,
LT Y
d-z =z
~ (d—xz)ey
o A= Theu
x
_ (15.0 in — 5.01 in)(0.003)
- 5.01 in
=0.006 [e,>¢,)
€, = 0,003
X‘ d’u
————— neutral axis
e, = 0.006

Therefore, the beam will still show ductile behavior
(Pu = 5dy).

M,= Aafy(d = ﬁ!z)
(2)(1.56 in?) (40,000 %)
x (15.0 in — (0.44)(5.01 in))

(12 %) (1000 ‘—k:.’l—i

= 133 ft-kips

M, _ 133 fokips
8 gp_ 0D
in

12 8

The ultimate load computed on the basis of flexural
strength exceeds the shear strength. The failure mode
will be | brittle shear failure. |

EN= = 23.8 kips

PPI &« www.ppi2pass.com
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SOLUTION 20

Analyze the thin shell structure for gravity dead plus
Jive load using membrane theory.

C:yl=z50_30=15&—0ft=15ft

L=/ Chy + ¥ = /(15 £) + (50 &) = 522
Cymr= 20— 20 =20 f—0 f =20 ft

L= [ Chy + 22 = /(20 )2 + (70 1) = 72.8 ¢

cyﬂ=20—27u=l5 ft—-175=-251t

Lo=/Cly+ v = /(-2 )7 + (70 &)* = 70.04 f¢

Cop=2—200=20ft -175 =251t

Lp=1/C,+ ¢ = /(25 )" + (50 )" = 50.06 ft

Follow the conventional practice of expressing the grav-
ity load as an equivalent uniformly distributed load in
Ibf/ft? of horizontal projection. Include the extra weight
of ribs over and above the 3 in slab (that is, calculate the
rib weight based on 20 in—3 in=17 in of additional
depth x 20 in of width).

Wyip = Webh

_fia bfy[20in ) {1710
= (0 &) TEJASLE.

R f
= 260 1bf/ft

The service dead pius live load over the horizontal pro-
Jjection is

_ wi(Las + La)Bys + L)
= BW + wy
Ibf
(472 ?ﬁ) (72.8 ft + 70.04 ft)

x (52.2 ft + 50.06 £)

— Iot
= (100 7)(140 ft) 12

= 61 Ibf/ft?

The dead load includes the concrete, ceiling, roof mate-
rial, and ribs.

wy = wehy + Weeiling + Wroofing

+ wrib(2Lx2 + 2Ly2 + 4L_,-_1 -+ 4Ly|)
BW

_ (110 1bfy [ 3in Ibf o Ibf Ibt
= (110 £5) ryri Rk 3 or+ (260 )
f

(2)(70.04 &) + (2)(50.06 ft)

+ (4)(72.8 k) + (4)(52.2 ft)
(100 f£)(140 ft)

= 47.2 Ibf/ft?

Equilibrium of the shell membrane requires stress resul-
tants (force per unit length) uniformly distributed along
the edges of each quadrant of the shell. Ribs are axially
loaded by the equal and opposite stress resultants.

ZF, = Nyn Lz cosay — NynLacosan =0

70 ft
= Ny (728 1) (7'
70 £

= Nyza(70.04 ft) (70.04 ft)
Ny:l = Nyzﬂ

ZF,, = Nz Ly cosay — Nzypp Ly cos ayp = 0

ft
= Nan(522 ) (555 5)
50 &

~ Nz(50.06 ) (50.06 ft)
N:«v[ = N:yz

The sum of the moments about the z-axis equals zero, so

> M axis = NeypLip(cos @)z — NyzaLaa(cos z)y =0

= N2,2(50.06 ft) (55’%?&) (70 )

~ N,(728 f) (io—f‘-) (50 )

72.8 ft
Nup = Nyz2 = Ny

PPIL o www.ppizplsl.enﬂﬁ




2-86 STRUCTURAL ENGINEERING SOLVED PROBLEMS

Therefore,

ZF, = —p,ay+ NzyLy sinay + Ny Lo sinagg

Ib
= (61 -fﬁ) (50 £t)(70 f&) + N,

(72.8 &)(?2203_&&) +(50.06 )

o B ARG

— (70.04 k) (73:34&&)

N, = 6100 lbf/ft
20.1. The force per foot along the edges of the mem-

brane reacts equal and opposite on the perimeter and
interior ribs. Consider a free-body diagram of rib A.

_L/\
PA’il’*

‘-‘PA
IVA |
Ibf
Pa= Nayly = (6100 "fT) (52.2 ft)
= [318,420 1bf
o 15 &
Va= P,sina, = (318,420 1bf) (--—-52_2 t:t)
= 91,500 1bf

20.2. From the free-body diagram of rib A,

_ _ 1bf
Pp= Nyl = (6100 &f) (72.8 £&)
— [444,080 Tof
2

Vg = Pgsin = (444,080 Ibf) (7208&&)

=1122,000 Ibf

20.3. For rib C,

Pc = NuyLy = (6100 ) (50.06 ft)

=|305,366 1bf

20.4. For rib D,

Po = NoyLs = (6100 M) (70.04 £)

ft
= (427,244 1bf

20.5. Design membrane reinforcement using ACI 318
Sec. 19.4. Principal stresses have the same magnitude
as N, and occur on sections at 45° to the 7 and y-axes.
Place the main reinforcement in a single layer parallel-
ing the z- and y-axes and design this reinforcement to
satisfy shear friction requirements of ACI 318

- Sec. 19.4.2. Lightweight concrete weighing 110 ibf/ft>

is likely sand-lightweight; therefore, z = A=0.85.

1bf

5 L
P el
" ps GIM

ft2

fy=1=0,=1-02=08

Vu = l.2ﬂdN1-y + lﬁﬁ‘N:v
= (1.2)(0.8) (6100 lﬂ) +(1.6)(0.2) (6100 ‘b—f)

fe ft
= 7810 Ibf/f

oVi=uAyf, =V,

v
Ay=—1u
I ouf,
Ibf
) 7810 2
of
(0.75)(0.85) (60,000 m_z)
=0.20 in?/ft

ACI 318 Sec. 19.4.3 requires

Ay min = 0.0018bh
in .
- (0.0018)(12 E)(3 in)
= 0.06 in?/ft [does not control]
Therefore, the shear friction reinforcement controls.

——

l TNW = 6100 [bf/ft

e S

PPl » www.ppl2pass.com
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Check ductility requirements of ACI 318 Sec. 19.4.

Noux,e = $Pn = ¢{0.4f_}bh
1bf in .
= (0.65)(0.4)(3000 m_z) (12 -E) (3 in)
= 28,000 Ib/Ft

Nmnx.l = ¢(0'707Avf)fy

_ in® 1bf
= (0.9)(0.707) (0.20 2 ) (60,000 =)

= 7600 Ibf/ft [controls]

The tension resistance is well below the compression
strength; therefore, the steel will yield before the con-
crete crushes, The tensile strength, 7600 lbf/linear ft, is
close enough to the required strength; therefore, use no.
4 bars at 12 in o.c. (this is close enough).

ribB \

o I P

rib A \ e

No. 4 at 12 in o.c.

/‘-._.o-L/'\ —

partial roof framing plan

20.6. Check vertical equilibrium at the intersection of
ribs C and D.

ZF, = -2Ppsinan + 2Pcsinay

= (~2)(427,244 Ibf) (%84_&&)

2.5 ft
2 e-JRILI
+ (2)(305,366 1bf) (50‘ = )

=0

Therefore, equilibrium is satisfied; | the roof is stable. |

The total vertical reaction at the corner is

Vietn = Va + Vi = 81,500 Ibf + 122,000 Ibf
= 213,500 Ibf

Check vertica! equilibrium of the entire roof.
S F,=-=p,BW +4Viu
= (-81 ‘fi’—f)(mo £)(140 £t) + (4)(213,500 1bf)
=0

Thus, the vertical forces are transferred to the corners;
[ there is no need for a center column. |

PRI o www.pg_i:pan-..cpmﬁ"ﬁ







Structural Steel Design

PROBLEM 1 ..

€.1. When and why would the use of high-strength
friction bolts be specified?

41.2. How is the installation of high-strength bolts in a
friction-type connection different from their installation
in a bearing-type connection?

4.3. There are three methods for installing high-
strength steel bolts such as ASTM A325-5C. Name
and describe them.

1.4. Identify three possible corrective measures for the
aversized holes, as shown. Steel is ASTM A36.

4-A307 bolts

1.5. A contractor was to install ASTM A325 high-
strength bolts as required by the drawings. The heads
of the bolts already installed have marks as shown. Are
these the required high-strength bolts? Explain.

1.6. A rectangular steel tube spans between two rigid
supports as shown. A load of 12 kips is supported by
an outrigger at midspan. Assume that steel supports
are used and that support arms and connections are
adequate. What are the relative merits of each of the
following kinds of steel sections with respect to tor-
sional resistance? (No calculations are required.)

(&) rectangular tube sections
(b) pipe sections

(¢} wide flange sections

(d) channel sections

{e) angle sections

(f) square structural tube sections

10x 10 % 3in
{structural steel tube}

beam elevation

6 ft
|

—1 11t

12 kips i 1.0 kip/ft l

W — tube

I
section A-A

1.7. What is the P-A effect in high-rise design?
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STRUCTURAL ENGINEERING SOLVED PROBLEMS

{.8. What is lamellar tearing and where might it occur
in the joint shown?

3in

1.9. Moment-resisting steel frames are often used in
high-rise buildings to resist lateral forces. Should col-
umns or girders be designed to sustain inelastic
action, particularly plastic hinging, when under severe
earthquake motions? Explain.

1.10. What is a prequalified welded joint?

1.11. The W12 x 50 beams shown are loaded in such a
way that a moment connection equal in capacity to that
of the W12 x 50 beams has to be provided at the built-
up girder. Draw a moment connection. Describe briefly
the advantages of your solution. No calculations are
required.

built-up girder

W12 x 50

1.12. A beam-to-column connection is shown. Assume
the tab plate and welds are adequate. Steel is ASTM
A36. The web thickness of the supported beam is s in.
Determine if the design is adequate for & beam reaction
of 82 kips dead load plus live load. Use ASD.

5-1 in diameter
A325-N bolts

1.13. Compute the longitudinal shear capacity of a

516 in fillet weld made with E80XX series electrodes.
Show all calculations.

1.14. Using the AISC Manual and LRFD methods,
compute the ultimate capacity of each of the two
double-angle connections shown. Which would be
expected to fail first under inelastic seismic overloads?

Why?
/

3-1in diameter
HS bolts

5
2|.3X2Xﬁ

\ gusset plate

detail A

typical
gach £

s
2L3 X 2 X %
erection boit

gussat plate

detail B

PPl ¢« www.ppi2pass.com
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PROBLEM 2 .

Shown is one story of a column tier for & moment-
resisting space frame. This frame is the only bracing
system for the building. The girder and column sizes
given are the result of a preliminary design, and the
axial load and moments are the result of a computer
analysis. The moments given are center to center of
members and are for dead load plus live load plus wind.

* 380 kips

beams frame into
column web with .
simple connections

M, = 120 ft-kips

W14 x 80 column
{same size above and
below this story)

My = 0 ft-kips
12ft6in

all beams framing 10
flange of column ara §
connected to develop [
moment

calumns spaced @ 25 ft
center to centar

Design Criteria

® ASTM A992 steel

® neglect axial shortening of column

® do not investigate beam-to-column connections

2.1. Determine the adequacy of the column due to the
forces given. Use ASD. Show all calculations.

Hila

PROBLEM 3

The steel fabricator has submitted the following detail
for a steel beam-to-column connection. Calculations
show the beam to have a reaction of 16.0 kips.

W12 x 53 column

Design Criteria

ASTM A36 steel
E70XX welding electrodes
o /5 in diameter A325-X bolts

3.1. Evaluate the connection and determine if the
detail is acceptable. Use ASD. Show all calculations.

I

]
pl
L
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PROBLEM 4

The partial framing plan shown indicates a typical bay
in an existing floor system. The W18 x 35 beams were
designed to support a uniform dead and live load of
1 kip/ft including the beam weight. 18 studs, 3/¢ in in
diameter by 3 in and spaced at 20 in on center, were
welded to the top flange to accommodate a future addi-
tional load. It is now proposed to place two concen-
trated loads of 3000 lbf each at the beam's one-third
points.

H girder ~

HT

10f

4 in reinforced
concrete slab

10 f
concentrated
loads
10 ft
girder ~
H- H-
| |
3@aft=241t

plan of typical bay
showing locations of concentrated loads

Design Criteria
™ f; =3 ksi hardrock concrete
e ASTM A36 steel

4.1. Investigate the adequacy of the W18 x 35 beams
to support the original design load and the proposed
concentrated loads. Use LRFD. Neglect deflection and
assume the pin connection at the girder is adequate for
shear. Show all calculations.

PROBLEM. & i il

A bracket for a beam-to-column connection is shown.
Design Criteria

e P=20 kips

® ASTM A36 steel plate and column

* ET70XX welding electrodes

® tiensile strength range =70 ksi minimum

steel
column

10 in

3 in plate
flange, t= 2 in

5.1. Determine the size of fillet welds for static loads.
{See a on figure.) Use ASD.

8.2. Determine the size of fillet welds for 100% revers-
ible stresses for over 2,000,000 cycles. Show all
calculations.

PROBLEMG oo pitiisiiicsnid

The detail shows the construction stage at which a local
job was stopped. At this point, it was determined that
the steel beam will be 35% overstressed in bending when
fully loaded. Remedial action is needed immediately.
The beam cannot be replaced, and new columns may
not be installed. The beam spans 30 ft and was designed
for a uniformly distributed load.

1. . 3. 2in X 14in
15 in lightweight % in plywood @ 16in o.c.

concrete steel strap
lassumed to
stay top flange)

R
e

% 4 e
I N

PLLLLSLL LSS LSS LSS 4 Il
A AT TR [ LW i

future ceiling

13 i"T W16 X 40

clearance  ASTM A36

6.1. Recommend a remedial solution and draw a com-
plete detail. Show all caleulations. Calculate the max-
imum load (in kips per foot) that the reinforced beam
can safely support. Use LRFD.

PPL o ww\.w.pplz_glss.eam

v . F
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6.2. Describe briefly what instructions should be made
to the contractor regarding any action he or she must
undertake before proceeding with the remedial solution.

PROBLEM 7. i it i e

The figure shown represents a column splice detail. The
wide flange sections that are to be spliced are shown in
their relative positions.

centerline
|

W14 x 176
typical

milk A e

mill web plates
{incomplete as shown)
bolted plates are required
bolts are not shown

w14 x 233

L]
t=1 % in
{from AISC)

Design Criteria

o E70XX welding electrodes

® A325-SC (1 in maximum) bolts
e ASTM A36 steel (F,=24 ksi)

e column splice to be developed for 50% of moment
capacity and 50% of shear capacity

7.1. What should the size be for partial penetration
bevel weld shown on the figure as weld A?

7.2. Determine the web plates (sizes and thickness)
and the bolts to complete the detail. Bolts act in double
shear. Draw a detail showing the placement of bolts,
including spacing and edge distances.

PROBLEM 8

A partial floor framing plan of a typical office building is
shown. Girder G1 passes through an elevator core as
shown. Elevator operation requirements allow only a
7 in wide girder flange at the elevator core.

Design Criteria
® (31 is simple span girder
® girder self-weight = 100 1bf/ft

® maximum depth of girder =25 in
® built-up girder not acceptable
® o lateral ties within elevator core

® allowable live load reduction per ASCE 7

e ASTM A36 steel
® dead loads as follows:
— 34 in lightweight fill on 3 in steel deck = 48 1bf/ft?

— partitions=20 1bf/ft® (including wall weight
around elevator)

- ceiling, mechanical, and miscellaneous = 10 Ibf/ft*
— beam framing =5 Ibf/ft?
® live loads= 80 Ibf/ft?

nft
span of metal
deck {typical)
30t
9ft10in 19f
4in —= 4 $ l=— 4 in
- | slavator <
core opening
4 G1 LA
\~. maximum flange
width of girder
" at elevator
core=7in 20t
Bl H_
i 1 A ! 1
I |
W0fk6In ' 10f6in = 9ft
301t

8.1. Design girder G1. Use rolled section or modified
rolled section to meet the design requirements. Use
LRFD.

8.2. Explain how a rolled section could be modified to
satisfy the requirements.

PRI
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PROBLEM 9

A large clear floor area must be provided as shown. (See
IMiustration for Prob. 9.) Column 2 is to be supported on
a beam that spans columns 1 and 3.

Design Criteria

e ASTM A992 steel for W shapes

o ASTM A36 steel for angles and plates

o ASTM A307 bolts

e sidesway prevented in both directions at the roof

® gtruts shown on sectior X-X provide lateral support
normal to the beam

e ratio of dead load to total load =0.5

9,1. What is the lightest W27 member that may be
used for beam A7 Assume lateral support is provided at
midspan only. Use LRFD.

9.2, Draw a detail of an all-bolted unstiffened beam
seat connection at B. Show supporting data.

9.3. What is the lightest W8 member that may be used
for the column on line 1?7

Ilustration for Prob. 8

PROBLEM 10 =

A 12-story office building 90 f x 150 ft in plan dimen-
sion is to be designed using a structural steel space
frame to resist 100% of the lateral forces. A seismic
analysis has been made and the F_ forces tributary to
the typical interior frame are as shown. The given forces
are the strength level values.

Design Criteria

e ASTM A992 steel

® seismic design category D

e Sps=10

® special steel moment frame using beam sections
e use [BC and AISC

s /=10

® diaphragms are rigid

® field welding permitted

® ASTM A325 bolts

* top flanges of beams are continuously supported

14ft6in

strut at lines
1,2,and 3

.
!
|

]
I
I
column at I
1and 3 -/’:l
I
I

19ft6in

TP A T S e e e T T e T D B | s A M A LT e

X

section X-X 1 s

20 ft

=

—

I

E3 B8=

P ]
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typical W-frame elevation

= STRUCTURAL STEEL DESIGN
1 3@30ft=90H Pyoag = 222 Kips
- Five = 14B kips
Prolsmic = =46 kips
A B c D
o 15 : Hl e V= 10.4 kips
Vigead = 22 Kips
1+ H H 1 Vive = 15 kips
Vasiamic = 8 kips
=
J kb il o A
5@30#
=150 ft
H o 3 H
th HH H
] Mdﬂld = 90 f‘[-kips
My = 60 ft-kips
1L ot h 1 Mipismic = 120 fi-kips
] typical floor plan V=1 kips
Pdeid = 244 kips
Pive = 163 Kips
[ symmatrical Pysismic = 54 kips
about centerline .
: | saction A
_ A B | ¢ D
I
] F, {kips) 30H 30 ft 304t 10.1. Using an appropriate approximate method,
10.3 kips__ } oof compute
- . : ° (a) preliminary beam moments and shears at the tenth
] : oL o o 12th floor
i STW18x50 |Swiaxs0 | wisxso | ;
23kips o {xW1 X X X 11th (b) column axial loads, shears, and moments at the top
6.7 kips Swi18x50 2w13£<50 3| wiaxso |3 of the ninth story
) 9.7 XIS o |3W18x50 12W1BXS0 < 2 10th .
5 6.1 kips : {c) column axial loads, shears, and moments at the
b 9th bottom of the tenth story
) .
) 'y STkps,, - 8th Present answers in the form of free-body and moment
#| 5.1kips = diagrams. Show all calculations.
g = > 3 7th - :
®| 46kips = 10.2. Using the preliminary beam and column sizes
& 6th shown, estimate the story drift at the tenth story.
=] 4.0k X W24x76 | W24x76 . . .
1 DS . | W24XT o Sth 10.3. Design and draw a detail of the connection of
3.4 kips W24x84 |Tw24x84 | W24x84 girder G3 at the third floor to the exterior column. Use
———— X 4th . .
] 2.9kips TN = LRFD. Assume a dead-to-total gravity load ratio of 0.6.
" <
{ 3rd
by 2.6 kips JA 1L girder G-3
—.— S 2nd
&
] =
' — wmmm It

-

PPl ¢« www.ppi2pass.,.com
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PROBLEM 11

An existing steel beam must be modified to provide an
opening as shown. (See Illustration for Prob. I1.) The
beam is a W24 x 84 with a 30 kip load at midspan.

Design Criteria
e assume compression flange is stayed against buckling

e neglect beam weight
e ASTM A36 steel

Illustration for Prob. 11

11.1. Certain reinforcement plates are shown. Verify
the adequacy of the plates. Use LRFD.

$1.2. Determine the length of welds required.
11.3. Show the welding required (E70 electrodes).

11.4. Describe a construction sequence to accomplish
the desired changes.

L

elavation + 10 ft

flange plate 9 in X %in

beam alavation

Bin

6in

plate each side of web '

detail A
8in E
) 1l s
opening ! 4%in X 3 in plate
inweb each side of web

6in

section B-B

PPl ¢« www.ppiZpass.com
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PROBLEM 12

The following drawing shows a bridge supported by a
simply supported runway girder that spans 22 ft
between columns.
37t
{center to center of girders)

100 kips

cross section

12 ft
{center 1o center
of wheels)

22 ft
{center to center of columns)

girder elevation
Design Criteria
® girder is rolled W shape with standard channel cap

® cab-operated trolley crane rolls on 85 lbf/yd rail
fastened to top flange

e ASTM A36 steel
¢ impact and lateral loads to be considered

® maximum stresses occur infrequently, reduction in
stress range for fatigue not necessary

12.1. Design the runway girder in the most economical
proportions, taking into account both vertical and hor-
izontal loading. Only the top flange of the W shape may
be combined with the channel to resist horizontal load-
ing. Use ASD.

12.2. Design welds to connect the channel to the W
shape. Give type and length.

PROBLEM 13

An existing simple W18 x 46 beam is shown. The top
flange of the beam is laterally supported, and the sup-
port is not accessible. The existing load is 3150 Ibf/ft. A
tension cover plate is to be added to the bottom flange
so that a new concentrated load of 5150 Ibf may be
added at midspan. Before the plate is added, the beam
will be shored and the existing load deflection essentially
eliminated.

centerline
! new load = 5150 Ibf
. 10 ft : w = 3150 Ibf/ft existing
l : / W18 x 46 existing

20 ft

Design Criteria
® cover plate to be 7!/ in wide

® cover plate to be fastened with %3 in diameter high-
tension {A325-SC) bolts in two rows, 32 in gage

® cover plate and fasteners will add 350 Ibf to new load
at midspan
e for beam and cover plate, F,=36 ksi

13.1. Determine the minimum thickness (to the near-

est /s in) and length of the cover plate needed to resist
the new load. (Specify the cover plate in this form:
thickness x 7/2 in x length.)

13.2. Find the spacing for pairs of %8 in diameter
A325-SC tension bolts.

———

PPI ®» www.ppl2pass.clom .l
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PROBLEM 14 = .

An existing steel beam, which is continuous over one
support (at B as shown), supports a uniform load along
its full length. The load and spans are shown.

. 5t 15 ft '
3ft
w = 4.0 kips/ft |
existing W18 x 46
continuous {30 ft long)
A B D (proposed) C

Certain modifications require the support of B to be
relocated to D. Two procedures are proposed.

e Procedure 1: Snug the new support at D tight to the
existing beam soffit, and then remove the support
at B.

® Procedure 2: At point B, release restraints by sup-
port B against upward movement of the beam. Jack
up point D to the same elevation as A and C. Install
the support at D, and then remove the support at B.

Design Criteria
e ASTM AJ36 steel
e top flange of beam continuously supported

14.1. Determine the final reaction at D for each of the
two proposed procedures. Use ASD.

14.2. Verify that the existing beam section is adequate
for the modification, using the second proposal.

14.3. Determine the minimum column size for a new
support at D. The unsupported column height is 10 ft 0 in.

14.4. Design and draw a detail for a welded beam-to-
column connection at D.

PROBLEM A o ccisiiisssoiibimsmsiom s 555

A simply supported beam is shown.

140 Ibffft_

1.

1 in plate plate zin x ?

stiffeners top & bottomn
115 in plats web flange

5O ft

Design Criteria

e uniform load = 1140 |bE/ft (includes beam weight)
® top flange of beam is fully stayed

¢ allowable bending stress = 22.0 ksi

15.1. Approximately where is the critical depth?

15.2. What is the minimum flange width (to the near-
est Y4 in) at the critical depth?

15.3. What is the deflection of the beam at midspan
due to total load?

PROBLEM 16 st

The mechanical equipment shown has moving parts
that could subject the structure to an annoying
vibration.

aft

O O

opan | mechanical

equipment

B ft i e g L . — centerline

7 span and

beam 21 equipment
beam 1

o} O

plan
Design Criteria
e equipment weight = 300 1bf
e 1725 rpm motor
e ASTM A992 steel
® 10 in wide flange beams

16.1. Select the lightest W10 beams for beams 1 and 2
that will support the gravity load. Use LRFD,

16.2. In what ways can the beams be modified or
changed to eliminate the vibration problem?

16.3. What change could be recommended to mini-
mize or solve the vibration problem? Show calculations.

PPl ¢« www.ppliZpass.com
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PROBLEM 17

A high-rise steel frame will be erected on top of a rein-
forced concrete deck. All work is new. Full continuity is
desired from the steel column through the column base
to the concrete below. The design loads are shown.

Psad load = 500 kips

Piive 1oag = 400 kips

M, = 660 ft-kips {seismic)
M,,, = negligible

V, = 110 kips [seismic}

1

48 in wide X 24 in deep
beams (typical)

36 in square column

1 4
elevation

{not to scale)
Design Criteria
e f=3ks
o ASTM A36 steel
® seismic performance category D
® Sp=05
® redundancy factor=1.0

17.1. Design a square steel base plate and a base con-
nection to satisfy the design criteria. Use LRFD. Show
the plate thickness, stiffeners (if any), required welding
or other connection method, and size and placement of
anchor bolts. Draw a detail of your base connection
showing all the necessary information to complete the
installation.

PROBLEM 18

The cross section of a long covered walk between two
hotel units is shown. The bent shown is made of steel
tubing.

live load = 20 Ibf/ft?

wind load = 20 Ibf/ft dead load = 14 |bf/ft?

A e A oA P ]

= T v

joint

steel tubes
4inx3inx 1 in
spaced

10 ft o.c.
longitudinally

0f

AT T BT

fixed

|
L
:
|

LA

T T o el e o A I

N P fmiarr

10 #t
Design Criteria
® bents spaced 10 ft on center longitudinally
® column legs fixed at base
® neglect tube weight
e ASTM AS500 group B (F, =46 ksi)

18.1. Verify that the given tube sizes are adequate.
Use ASD. Consider both the vertical and lateral loads.
Show calculations for maximum moments, shears, and
any other critical design values, for both the beam
member and the columns.

18.2. Draw a detail of the joint at the upper right
corner of the bent. Show the necessary welding and
any other considerations to provide a completely fabri-
cated joint.

PPL » www.ppi2¢
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PROBLEM 19 . o st s dege o

One bay of an existing building is shown. Modifications
to the building require the frames to be altered. The
existing columns and horizontal top beam must remain
in the frame to minimize any disturbance to the struc-
ture and function of the building.

reinforcing of column not to
extend outside these lines

W14 x 26
/ 42.8 kips
T —~—————
W10 x 49
rh
existing
X-bracing
{to be removed)
/ pinned base {typical} |
A
existing frames
15 ft . 15 ft
68.5 kips 5.7 kips 68.5 kips
{dead load) (dead load} {dead load}
42.8 kips
%
. ] o {lateral}
4in X 4in X ;mtube
9.5t
— i
18 kips 18 kips\L4_
(dead W12 x 40 {dead A
load) load)
25 ft 15 ft 75 ft 2151t
pinned base (typical) i __g___
ﬁ.»: W

revised frames

- ASTM A36 steel

Design Criteria

e column bases and joints are pinned

e continuous full-height columns

® web members pinned at column connection
® dimensions to centerlines of members

® columns braced perpendicularly to frame between
floor and new lower beam

# frame weight to be ignored
e lateral force from wind
* ASTM AG92 steel

19.1. Determine the loads in all members of the mod-
ified frames due to the dead loads plus lateral loads.

19.2. Reinforce the existing columns as required, and
draw a detail of the proposed modification. Use LRFD,

19.3. Draw details of joint A and section B-B.

PROBLEM. 20 oot

A plan of the first floor framing designed for a live load
of 50 Ibf/ft? is shown. (See INlustration for Prob. 20.)
The office function of a local printing plant has been
occupying the first floor area shown. The building owner
has requested the following changes.

® (Convert the office area to a computer room with a
uniformly distributed live load of 100 Ibf/ft>.

® Remove the existing wood construction from the
floor and replace with metal deck and nonstructural
concrete fill to provide the same floor elevation as at
present.

e Strengthen the existing steel framing members and
connections, if necessary, to support the revised
design.

Design Criteria

e ASTM A307 bolts
e E70XX welding electrodes
¢ floor dead load =50 Ibf/ft? (partitions included)

20.1. Review the existing steel floor system and con-
nections. Use LRFD. Identify inadequate members and
connections, if any. Neglect column stresses.

20.2. Provide new details for the strengthening of
inadequate members. Provide calculations to support
your work and conclusions. Demonstrate adequacy of
members for deflection and for bending and shear
stresses. Neglect composite action between metal deck
and concrete floor.

PPl # www.ppiZpass.com
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Jlustration for Prob. 20

20 ft typical bay

building wall ~_

W10 x 26

2xX 6@ 16in o.c.

W10 x 26

2=

rr—>»<
<

W18 x 50

4 spaces @ 7 ft

W10 x 26
2]

x 60

=28f

W10 x 26

W10 x 26

column

i

W10 to column conneaction

similar to W10 to W18 girder

first floor plan

column

to framin
%in plywood s

& 2 x 6 joists
| bolted
# to framing

23x3x 7 X0f9in
{both faces with 3-% in dia. bolts)

Wi8 x 50 W18 x 80

R e S

saction X-X

2 X 6 joists bolted

[ r
7 b OO O

7

s

W10 x 26

%
Lol

section Z-Z

FL% X 3 % 0 ft 6 in near face
only with 2-2 in dismeter bolts

PPI
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3-14 STRUCTURAL ENGINEERING SOLVED PROBLEMS

PROBLEM 21 =

A portion of a roof plan is shown. This is a part of a
large single story industrial plant. Steel joists and steel
girders consisting of rolled steel shapes support an
incombustible roof and a hung ceiling.

f , continuous

| | girder

2 30n 3 aon 4 308 ° S inckcs

indicates

I l 8 it I"' —I/ column below

30ft A > girder lines
— -c
a0 ft (
75

mechanical load = 6 kips

partiat roof plan

_———built-up roafing 6 Ibf/t?
sy e 2in lightweight }
concrete 21 It

S 2 gage steel deck
joists and ceiling _5 IbfAt®
total 32 IbfAt?

typical section
Design Criteria

® continuous roof girders over supports on lines 3
and 4

e simply supported roof girders at lines 2 and 5
e ASTM A992 steel

® roof live load =12 Ibf/ft?

® estimated beam weight =50 Lbf/ft

21.1. Determine the lightest rolled shape steel girder
section along line C that will extend between column
lines 2 and 5. Use LRFD. Show calculations for the
maximum moment and buckling, and explain how lat-
eral support will be provided. Use plastic design.

PROBLEM 22 . e

A truss joint is shown.

160 kips
\ 160 kips /
rd
@

W12 x 53

Design Criteria
® ASTM A36 steel
e ASTM A325 slip-critical bolts

22.1. Design and detail the shown connection using
bolts to connect the angles to the gusset and welds to
connect the gusset to the bottom chord. Use ASD. Show
through calculations that the transfer of all the forces
has been accounted for, and that the stresses in the
critical sections are within the allowable limits.

PPI » www.pplZpass.com
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i —_ STRUCTURAL STEEL DESIGN
PROBLEM 23 23.1. Design the main roof girder using the most eco-

An aircraft hangar with a cantilevered roof is shown.
(See [llustration for Prob. 23} The main roof girder

. supports open web steel joists at 8 ft 4 in on center.
The indicated uniform dead load includes an allowance
for the weight of the main roof girder ABF.

Design Criteria
e ASTM A992 steel
o all joists are pinned

¢ loads are as follows

dead load  live load
P 9.5 kips -
w 0.62 kips/ft 0.63 kips/ft

HMlustration for Prob. 23

nomical W section. Use LRFD. Consider strength only
(i.e., do not check deflections and ponding).

23.2. Complete the details of section A-A. Add any

necessary items and state your reason for each addition
or modification.

A B F G
| 24.6ft 75.4 1t 53 ft
tension suspender tension
tieback
| P w
30
A —-—
. ¢ ' A —=— \ main roof girder W section
point of suspansion 28t
] 7 T
elevation—typical cantilever bant
symmetrical about
centerline
2% in
at bottom plate F]

typical welds

24 in open web joists
@8ftdino.c

saction A-A

|_|2—;:in

continuous -l— in bent plate

welded steel deck

W section main roof girder

PPl ©« www.ppl2pa




3-16

STRUCTURAL ENGINEERING SOLVED PROBLEMS

PROBLEM 24

The end of one wing of a two-story concrete hospital is
shown. (See Hiustration for Prob. 24.) The column
shown on line 2 must be removed to install a new
operating room. The existing ceiling line must be main-
tained, and the ceiling space cannot be used for the new
structure.

The 8 in exterior wall on line 1 and the columns on line 3
can support new loads. The roof deflection cannot be
increased from its current condition. A new steel beam
will be added above the roof line as indicated.

Design Criteria

e roof live load = 20 Ibf/ft? (not reducibie)
¢ [, =3 ksi stone concrete

o ASTM A992 steel for W shapes

o ASTM A36 steel for other shapes

Illustration for Prob. 24

gravel roof 6 Ibfft2
average 2 in lightweight 6 Ibf/ft®
concrete fill -
tota! roofing 12 b2

building
1t 8in centerline
|

LSRRI LT T E‘-'_-'

6in % 19 in beam [
across corridor [

8 in wall

24.1. Design a new steel beam to support the existing
roof in the region where the existing column will be
removed. Use LRFD. Show calculations for moment,
shear, and buckling. Determine an appropriate beam
size.

24.2. Design a suitable connection to support the
existing roof at line 2 after the new beam is installed
and the column removed. Draw a detail of the design
showing ali the necessary structural elements.

24.3. Describe steps to be followed during construction
to install and complete the structural requirements of
the beam and connection. Do not include finish work on
the roofing and waterproofing of the steel.

position of new
beam

4 in slab

T

4k s 14 ft 15 ft T 12ft6in
cross saction section A-A
PPl ¢« www.pplZ2Zpass.com
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SOLUTION 1

4.1. Friction type, or slip-critical, fasteners are used
whenever slippage of the joint cannot be tolerated. Uses
include applications where joints will be subjected to
stress reversals, where bolts share load with weld groups
in a connection, where oversized holes are used to facil-
itate erection, and where slippage would impair service-
ability (such as splices in long-span trusses}.

4.2. For friction-type connections, the condition of the
faying surfaces governs the coefficient of friction and so
has & significant effect on capacity. For most applica-
tions, faying surfaces are cleaned of mill scale and left
unpainted.

Proper bolt tension is also important in a friction-type
connection. For bearing-type fasteners, bolts need only
be tightened to snug-tight condition.

1.3. There are three methods of installing A325-SC
bolts.

o Turn-of-nut tightening. All bolts in the group are
brought to snug-tight condition, then each bolt is
tightened an additional turn (ranging from Y3 to 1
full turn depending on the length of the bolt).

¢ (alibreted wrench tightening. A torque wrench is
calibrated using a device that measures bolt tension.
Calibration is performed using the specific bolt and
surface conditions used on the job.

o Direct tension indicator tightening. A load indicator
washer or other device is used to gauge the tensicn.

1.4. Possible corrective measures for the oversized
holes include

* replacing the A307 bolts with appropriate friction-
type fasteners with hardened washers

® reaming the holes and using larger diameter A307
bolts

¢ field welding the shear tab-to-web connection to
carry the total reaction

1.5. These are not the required bolts. The markings on
the hexagonal head of an A325 are shown.

1.6. Closed cross sections are the most efficient in
resisting torsion. Of the given sections, pipe resists tor-
gion best, then square structural tube, and then rec-
tangular tube. The closed sections offer relatively large
resistance to torsional deformations. For the pipe, an

applied torque induces only shear stress. The square and
rectangular tubes can experience some warping stresses,
but these are usually not significant.

Open cross sections (for example, W, C, and L sections)
are relatively flexible and weak in torsional resistance.
Warping stresses may become significant for these sec-
tions and are additive to the normal stresses caused by
the bending moment. Of the given sections, the W shape
{wide flange section) offers the advantage that its shear
center coincides with its geometric centroid, which
means that for most applications, loading will not
induce torsion. The channel, on the other hand, has its
shear center outside the section, which makes it difficult
to apply transverse loading without causing torsion
(twisting). The shear center of the angle is at the center-
line junction of the two legs, and it is also difficult to
load without some twisting.

1.7. The P-A effect is the bending moment and defor-
mation (so-called secondary bending) that is induced in
a frame by the gravity forces (P-force) acting through
the joint translations (A) caused by the externally
applied forces.

1.8. Lamellar tearing is a separation in the through-
thickness direction of thick steel plates caused by
stresses induced by restraint to weld shrinkage. In the
detail shown, the potential for lamellar tearing exists in
both plates.

potential tears
" (tear in the 3 in PL is more
likely than in the 1% in PL)

1.9, Plastic hinges should form first in the girders of a
rigid frame, rather than in the columns. This permits
energy imparted by ground motion to be dissipated by
inelastic deformation without collapse of the structure.

1.10. According to the AISC Manual, prequalified
welds are commonly used joint details that are exempt
from qualification testing. However, prescribed form,
geometry, and procedures must be followed to deposit
sound weld metal.

e www.ppi2pass.com
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3-18 STRUCTURAL ENGINEERING SOLVED PROBLEMS

1.91. The best solution is to connect the flanges as
shown. A slot large enough to pass the connection splice
plate could probably be made without reinforcing the
web opening. This connection also has the advantage of
using field bolting rather than field welding.

built-up girder

cut slot in web
Pt & bolts to develop
moment

fF'L welded to
| flange to compensate
loss of flange area
greater than 15%, if
necessary

framing angles
shop welded or
bolted to W12 X 50
to resist shear

The alternatives to a plate through the web involve
either stiff tension hangers (structural tees) boited
through the web, or welded splice plates on opposite
sides of the web. The hanger type is inefficient and
would interfere with the shear splice in such a shallow
member. Welding splice plates to the relatively thick
(1.5 in) web would be a bad design choice because
lamellar tearing could occur.

lamellar tear

1.12. Using ASD, for A325-N bolts with a 1 in diam-
eter and in single shear, AISC Table 7-1 gives the avail-
able shear strength per bolt as

Q_ = 18.8 kips/bolt

v

For A36 steel (F,=58 ksi) and standard size holes,
AISC Table 7-5 gives

=2 = §7.4 kips/in-bolt

o

Since the web thickness of the beam is greater than

3/8 in, the bearing capacity of the bolts is controlled by
the /a in plate thickness.

Tn kips .
(2):= (674 22 oars
= 25.3 kips/bolt

The strength of 18.8 kips/bolt controls. There are five
bolts, so the total available shear strength is

ki .
R = nyoe ( ﬂu) (5 bolts) (18 3 5 pl:) = 94 kips

Given that the plate and weld are adequate, the capac-
ity of the bolts is more than enough, and it is not
necessary to check the bolts for eccentric shear.

The connection is adequate for 82 kips.

1.13. Use AISC Table J2.5. For a 516 in ESOXX fillet
weld, the strength per inch of weld based on the effective
weld throat is

R, = 0.707w(0.6 Fexx )L

= (0.707) (& in) (0. 6)(80 k‘ps) (1 E)
= 10.6 kips/in
By LRFD (¢ = 0.75),

= (0.75) (10 6 k‘ps) = 7.97 kips/in

By ASD (1 = 2.00),
klps

R. 10.6

ﬁ'—'2_00-_53 klps/m

1.14. Use LRFD to calculate the ultimate capacity of

the details. The gusset plate is not specified; therefore,
assume it is adequate. For the 2L3 x 2 x %15, with a
single gage of three 1 in diameter A325-SC standard size
punched holes, assume the bolts are at usual pitch 3 in
on centers and that the 2L shapes have short legs back
to back.

An= Ay —2(dy +0.125 in)t
= 2.92 in? — (2)(1.00 in + 0.125 in)(0.3125 in)
= 2.22 in?

The connection eccentricity, %, is found in AISC
Table 1.7. The shear lag factor, U, is calculated as in
AISC Table D3.1.

_ . _Z_ . 10lin
Ul L o 6 in
A= UAn = (0.83)(2.22 in?) = 1.84 in?

From the AISC Manua!l, Chap. D,

=0.83

¢F A= (0.9) (36 k'ps) (2.92 in?)

oP, < | = 95 kips
n =

dF.A.= (0. 75)(53 Kips) 1 g4 in?)

\ = 80 kips {controls]

-
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For the bolts, use the design strengths from AISC Table
7.3 and Table 7.5. For 1 in diameter A325-SC bolts in
double shear, AISC Table 7.3 gives

¢y = 40.3 kips/bolt

For two 516 angles, the equivalent thickness is 58 in.
AISC Table 7.5 gives

kips kips .
Pre (101 T bolt )t (101 _in-bolt) (0.625 in)

= 63.1 kips/bolt

The double shear capacity is lower and controls bolt
strength.

P | | SN | e e o
. .

S P = noodTy = (3 bolts) (40 3 :“i:) = 121 kips

Therefore, tensile fracture governs: ¢, =80 kips.

For the 2L3 x 2 x %16 attached with a single leg, using a
Y4 in E70XX fillet weld both sides, assume short legs
back to back and no end returns. (The capacity of the
erection bolt cannot be included per AISC Sec. J1.8.)
The length of the weld and sectior modulus of the weld
are

L,=2L=(2}6in) =12in

l Su (2)(6 in)* _ .

) 2 in?

2L _
6

0.52in

Calculate the shear flow from the force, the bending
moment, and their resultant shear flow.

fi= P, __P, _0.083P,
*" L, 12in in
f _M Pye _ Pu(0.52 in)_0043P
8. 8. 12 in? in
. 0. 083P 0 043P,
f= it o= yf (282 0083F.)"
_ 0.0936P,
in

For a minimum field weld of Y4 in, the weld capacity is
found by multiplying the number of sixteenths of an
inch in the weld size, D, by the weld capacity per six-
teenth of an inch. For an E70 fillet weld, the strength
per inch per Y16 in weld size is 1.39 k1ps/1n per Y16 in.
{See AISC Part 8.)

= Dg=(4) (1 39 k‘ps)

= 5.56 kips/in [each side]

Set the shear strength equal to the weld capacity.

f=a
%= 5.56 kips/in
P, =59 kips

Detail B would be expected to fail before detail A. The
weld would probably fail first, followed by shearing of
the erection bolt. The capacity of the eccentrically
loaded weld is significantly lower than the fracture
strength that governs the bolted connection of detail
A. Also, the eccentricity in the welded connection con-
centrates the inelastic demand near the ends of the weld,
which lowers the number of cycles that can be tolerated
before failure.

2.1. Check the adequacy of the W14 x 90 column. Use
ASD, and assume that the given loads represent the
oontrolling combination of ASCE 7 Sec. 2.4.1.

For the W14 x 90 column: 4,=26.5 in® 6/2t;=10.2,
h/t,=259, r,=6.14 in, 1, 2370 in, Z,=157 m“,

S.= 143 ind, L,=15.2 &, L, = 42.6 ft, and .= 999 in".

For the W24 x 68: I,=1830 in*.
For the W24 x 76: I.=2100 in*.

Per AISC Sec. C2.2b, for a frame with sidesway unin-
hibited and ignoring inelastic effects,

D 5 @ )(999 m")
Gy Lc 1258/ o5
Z“ 2) 2100 in*
I, 25 f
From AISC Fig. C-C2.4, these values of G, and Gg give

K:=1.3. The weak axis is braced at the floor levels, so
K,=1.0.

.-

(1.3)(125 ) (12 E)

614 n
=32 '
( ﬂ) _ (1.0)(12.5 &)(12 %)
/)y 614 n

=41 [controls axial compression capacity]
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For A992 steel (F, =50 ksi), compute the strength of
the column in the absence of bending. (See AISC
Sec. E3.)

4.71

KL/r < 4.71\/E/Fy, so use AISC Eq. E3-2.
B

(29 000 k‘ps)
“ —

(K_Lf (41)?

T
= 170 kips/in®

Far= 0.8587/FF, = (0.658) /'™ T‘%(50 lﬁgs)

c=

= 44.2 kips/in?

klps . 9
Fady (44 2 )(26.5 in®)
Q. 1.67

IBPR= = 701 kips
For bending about the z-axis, use the amplified first
order analysis of AISC Sec. C2.1b, and assume that
the given axial compression force is due to gravity loads
without joint translation.

(29 000 k‘ps) (26.5 in?)

2
_ B4, = 7400 kips
(KL) (32)°
ri/z
1 =
By = aZ P, T (16)@80kps)
Z P 7400 kips

M= Bo(My + My)
= (1.09)(130 ft-kips + 0 ft-kips)
= 142 ft-kips

Check local buckling using AISC Table B.4. For the
flange,

B

= (0.38)(24.08) = .15

b
-2—{f= 10.2 [> A,, so not compact]

For the web,

Ap = 3.76, /Fﬂ = (3.76)(24.08) = 90.5
¥

ti =259 (<A

w

The section is not compact, based on local buckling in
the flange. The flexural strength is governed either by
the flexural capacity in lateral-torsional buckling (AISC
Sec. F2.2) or by local flange buckling (AISC Sec. F3.2),
whichever is smaller. The unsupported length is

Ly=125ft {[<L,=15.2 ft, so use AISC Eq. F2-1]

From AISC Sec. F2.2, the plastic bending moment for
the unsupported length is

Mo=M,=F,2,= (50 k‘ps) (157 in%)

= 7850 in-kips

Checking AISC Sec. ¥3.2 for a rolled W shape with
noncompact flanges,

—2—102
2t
App= Ap =015

Aep=Ar = 10, /2 = 24.08
FV

—A
My = M, - (M, —0.7F,5.) (Q—_:\”;)

7850 in-ldps — (0.7)

= 7850 in-kips —
s (50 hps) (143 in%)

(10.2 — 9.15)
24.1 - 9.15
= 7650 in-kips [controls)

MC=%_M_4580 in-kips

Check combined axial compression and bending. (See
AISC Sec. H1.)

P, _ 380 kips _ ]
P, = 701 kps ~ 004 > 0.2 50 use AISC Fg. Hi-1o]
: in
£t (1) o o L2 D
P79 9 4580 in-kips

=087 [<1]

The W14 x 90 is adequate in combined axial
plus bending.
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SOLUTION 3

Check the given ¥ in E70XX intermittent fillet welds
using the elastic method. Use ASD.

W12 X 53
{by=10in)

k]
& 27

For the W12 x 53, b;=10.0 in and ¢,=0.34 in.

e=0.5(by — t,) + 1.5 in
= (0.5)(10.0 in - 0.34 in) + 1.5 in
= 6.3 in
M = Re = (16 kips)(6.3 in)
= 101 in-kips

Lo = 2(Ltop + Loowom) = (2)(2 in + 2 in) = 8 in

3
In= (2)(2)( + prcF)

=(2)(2) ((2 in) | (2in)(3.5 in) )

= 100.6 in®
_J, _100.6 in? 2
Su = 45m =224 in
R _ 16 kips < g
f.= .- 8m - 2 kips/in
M _ 101 in-ki
fb=§_= YT p = 4.5 kips/in
w

_ _ kips 2 klps
fr"'\/f?;""f%_\/(z'o T) +( m)

= 4.9 kips/in

For A36 steel, shear yielding controls the base material
strength. (See AISC Sec. J4.2.) Since welds are on both

sides of the ¥ in plate, only half the plate thickness is
available to resist stresses from one }J 16 in weld. From

AISC Table J2.5, the strength of the fillet weld on one

side is
' D(ﬁ“’) =3 )(0 928 klgs)

= 2.78 kips/in [controls]
gs T

(%) (%) _ (06) (58 l:;s) (0.375 'm)

1) 2.0 2

. = 3.26 kips/in

D is the number of si.;cteenths of an inch in the weld
length. The weld strength, g, is less than the required
shear strength, f, so the weld is overstressed.

[ The connection is no good. |

Even if the weld strength had been adequate, the detail
shows a poor design. Using the 9 in by 3/s in plate would
create high punching shear stress in the relatively thin
web of the column. A better detail would show a seated
connection, which would reduce the eccentricity and
transfer the shear closer to the column flanges. If, for
some reason, the connection must be made with the
given eccentricity, horizonta! piates should be welded
across between the flanges to provide resistance to the
bending in the plate.

SOLUTION 4

Check the beam for the proposed loading using LRFD,
and take the load factor, U, as 1.6 (conservative). Given:
A36 steel (Fy,=36 ksi), 4 in thick concrete slab, normal
weight concrete, f, =3 ksi, and eighteen 3/s in diameter
headed studs uniformly spaced. From AISC Table 3-21,
the nominal horizontal shear, @,, is 21.0 kips per stud.

Per AISC Sec. I-3.1a, the effective flange width is
in
0.25L = (0.25)(30 fe){12 -E)
=90 in [controls]

beam spacing = (8 ft) (12 %)

b, £

=96 in

PPI o wwv:._?plzpass.
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Shear and deflections are assumed to be adequate, so
only the flexural strength needs to be checked. For the
W18 x 35,

=107 [h/t.<3.76\/E/F,]

Per AISC Sec. 13.2a, use the plastic stress distribution
with ¢ =0.9.

w, = l.6w= (1.6)( %) = 1.6 kips/ft

P,=1.6P = (1.6)(3 kips) = 4.8 kips

Mg = Pua+(0.5) (o.aw..L + wy(5 &)) a
= (4.8 kips)(10 ft)

(0.5) (1 6 ’“;:5) (30 &)
+(0.5)
(1 6 k’ps) (5 £t)
x (10 ft)
= 208 ft-kips

My max = Pua + 0.125w,L?
= (4.8 kips)(10 ft) + (0.125)( 1“"3) (30 ft)?
= 228 ft-kips

Uniformly spaced studs are acceptable per AISC; how-
ever, AISC Sec. 13.2d(6) requires that the number of
studs between a concentrated load and a point of zero
moment must develop the moment at the load point.
Therefore, check the design strength, ¢M,, for the
W18 x 35 required to develop the moment at the load
point, Mjo=208 ft-kips. Over this length, there are six
uniformly spaced studs.

> Q, = (6 studs) (21 0 k:p;) = 126 kips
0%:5?’}, = 12;1:? =0.55 in
€ .
Y2=h—0.5a=4 in — (0.5)(0.55 in) = 3.73 in

C. = 126 kips

.

plastic neutral axis

‘elevation

The AISC Manual does not tabulate moment capacity
for composite beams of A36 steel. However, the strength
can be found from equilibrium of the plastic stress dis-
tribution. For the W18 x 35: A,=10.3 in?, d=17.7 in,
t,=0.30 in, b;=6.0 in, and #=0.425 in. Neglect the
fillets and assume the cross section to consist of two
flange plates and a web plate of uniform thickness (con-
servative). For horizontal equilibrium,

zFlmﬁz= Tf"‘Tw'"'Cw-Cf— C.=10
= Fy(bltf + tuhy ~ tyhs = b!t!) — 126 kips

126 kips
Fy

126 kips
36 k”’f
mn

tw(h — ho) = = 3.50 in?

tu(hy — hp) = tw((hl + hy = hg) — hz)
S tw((hl + hy) — 2h2)

= tu((d— 2t;) — 2h)

d tw(hy — hg)
=—-—ff - ———
TS
_177in . 3.50 in®
2 0.425 in (2)(0.30 in)
= 2.59 in
]
By = 3.50 in +hy
w
3 50 in®
= 03010 ——+2.59in
=14.26 in
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Taking moments about the force C,,

Fubptp(d = ) + Fytuly

X (Y?-!-d—tf—%)

— Fytoha( Y2+ t,+‘;')

(( k‘ps)(e 0 in)(0.425 in) \

(17.7 in — 0.425 in)

( klpS) (0.3 in)(14.26 in)

(0.9) 3.73in+17.7in
— 0.495 in _ 1426 in

2
(3 k’ps) (0.3 in)(2.59 in)

2. Sg in) )

¢Mn=¢

\ x 3731n+0425m+

in
12 &

= 268 ft-kips {> Mm]

The capacity at the concentrated load point is larger
than the M, max 8t midspan, and the capa.czty at mid-
span will be greater than at =10 ft, where nine studs
are effective, so there is no need to recompute the capac-
ity at midspan.

The W18 x 35 composite beam is adequate in
flexure.

SOLUTION. 8 ..o s

5.1. Determine the fillet weld size for static and fatigue
loading. Given: ASTM A36 steel (F,=36 ksi) and
E70XX electrodes. Assume given loads are service
values, and use ASD.

20 kips ASTM A36 (F, = 36 ksi)

E70XX electrodes

The one-sided fillet weld is not recommended. (See
AISC Fig. 8-8.) However, assume that lateral deforma-
tion cannot occur and that the detail is acceptable for
static loading. The following calculations are made
using the elastic method, based on the given weld pat-
tern. For the 20 kip static load, from AISC Table J2.4,
the minimum weld size iS wni, =16 in based on the
thinner /2 in plate. Assume that only the vertical weld
resists shear and that the vertical plus two returns resist
the bending.

Ly=101in
Ly Lo\?
=g+ 2’( 2 )
(10 in)? 10 in
o+ (2)(05 n)( )
= 108.3 in®
I, _ 1083in® _ .. ..
Se=0sL. -~ (050 m T ®
_ P _ 20 kips
fo= .~ 10m = 2.0 kips/in
s _M_Pe_ (20 kips)(6 in)
*= 8a  Sw 21.7 in?
= 5.5 kips/in
fr=yfi+h
- N2
= \/ (2.0 @) + (5.5 kl—ps-)
in in
= 5.9 kips/in

The weld size, in sixteenths of an inch, is

;89 kips
>—L= ——lf:i— =6.3 [say 7/16 in]
% (.928 .—p

For A36 steel (F,=36 ksi and F,=?58 ksi), the base
material strength is the lower of the values computed
for shear yield and shear rupture.

osF.; (@6 (36 ’“ps) (0.5 in)
Oly
Q 1.5
& = 7.2 kips/in [controls}
Theam = klpS )
06Ft_ (0.6)( 58 (0.5 in)
Q 2.0
g = 8.7 kips/in

IUse "6 in E70 fillet welds for the static coudition.|
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5,2, For 2,000,000 cycles of fully reversible stress on
the throat of a transverse fillet weld, AISC Table A-3.1
and Sec. 8.2 categorize the detail as stress ca.te%ory F
and give the fatigue parameters as Cy=150 x 10'°

Fry =28 ksi. For stress category F', AISC Eq. A-3-2 gwa
the design stress range as

(Cf)u.le? _ (150 % 1019\ 2167
v) - Tmﬁ)
= 0.6 ksi [controis]
Fry = 8 ksi

Fggp >

The actual stress range on the effective t.hroa.t of the
weld is

f
= <
fsn = g7 S Fsm

The needed weld size, then, is

lups
o’ @) (5 9 )
Y2 70T e K
HEESR 0.707) (9 6 ps)

=|1.73 in [impractical} |

The detail would have to be revised to accommodate
the fatigue loading.

SOLUTION 6

6.1. Prepare a remedial solution for the overstressed
beam. Use LRFD. The flexural strength at midspan
must be 35% greater than the nominal moment
strength, M, of the W16 x 40 of A36 steel: A,=11.8 in?,
=518 in®, Z,=73.0 in® b/24=6.93, h/t,=46.5,
r,=1.57 in, =700 in, {=0505 in, d=16.0 in,

t,=0.305 in, and ky.=0.907 in. From AISC
Table B4.1,
E
Apy = 038, /Flr =0.
b
2{ =693 [<Ay]
— £ _
Apw = 3.76, /Fv =
h_
«==46.5 [< Ape, compact]
w

The section is compact and laterally braced by the joists
spaced 16 in on center.

Ly= 1767, /F£
¥

= (1.76)(1.57 in)

=78.5in [>L;=16in]
Thus, the existing beam can develop its full plastic

flexural strength.
(36 k'ps) (73.0 in®)

in

12 T
The existing beam is 35% overloaded; therefore, the
beam must be modified to increase its flexural capacity
to at lesst (1.35)(219 ft-kips) = 296 ft-kips. One possibi-
lity is to create partial composite action with the 1.5 in
concrete slab, but the separation between the slab and
top of flange of the steel girder would make it difficult to
create reliable composite action. Another possibility is
to add a cover plate that fits within the 1.5 in clearance
between the existing beam and ceiling. Adding a plate of
A36 steel that has the same area as the W16 x 40
(11.8 in?) would move the plastic neutral axis to the
bottom of the ﬂa.nge Try a PL1Y2 x 8 (slightly larger in
area by 0.2 in%, which should be neglected when com-
puting M,).

M,=F,2, =

= 219 ft-kips

My = F,(4,(0.5d) + bt(0.5t))

(36 klps) ((11.8 in?){0.5)(16.0 in) + (8 in))

in? x (1.5 in)(0.5)(1.5 in)
12
ft
= 310 ft-kips [> M, required]
{
Kdes =
0.5d
b
Ay
——am— alastic neutral axis
I .’.__' e -t-———-plastic neutral axis
=
in

Check local buckling for the singly symmetrical section.
(See AISC Table B4.1, case 11.)

A= AppL + Awigxao = 12.0 in® + 11.8 in® = 23.8 in®
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ApL (0.5(d + t))
—

_ (12.0 in?)(0.5)(16.0 in + 1.5 in)
- 23.8 in?

A=

=441 in

2
I= (L4 AP wngnan + 25 + 01, (0.5(d + 1) - A7)

(8 in){1.5 in)’
12

2
+(12.0 in?) ((0.5)(16.0 in + 1.5 in) — 4.41 in)

=518 in! + (11.8 in?)(4.41 in)® +

= 976 int

(36 ‘“PS) (976 in‘)
Myo= FyI = -
05d+87  ((0.5)(16.0 in) + 441 n) (12 )

he= 2(Ay +0.5(d - kd.,))

= (2)(4.41 in + (05)(16.0 in - 0.91 im))
=23 in

hp = 2(d — kges) = (2)(16.0 in — 0.91 in)
=30.1in

he_ _23in
t, 0.305in

=754

/2
o)

kxps

s

23 in 29,000

30.1 'm.\ 36 klp;s
in

310 ft-kips 2
(00 (Gemts) -00)

=357

—s57.[E
Arw=5.7 F,=

=161 [Apw <A<Ar]

The section is noncompact. Check AISC Eq. F4-8b.

(M) (A2
Myc Myc Ar:.u""“pm

_ 310 ft-kips (310 ft-kips )

236 ft-kips  \236 ft-kips
Rpe < 4 75.4 — 57
X (161 - 57)

=1.26 {controls]

MP
=131
\ MFC
Mp = RpcMy. = (1.26)(236 ft-kips) = 297 ft-kips

The modified section has the required flexural strength.

Use PL1Y/2 x 8.

Compute the uniform load capacity of the strengthened

member.

M.= 0125w, [? = ¢, M,
= (0.9)(297 ft-kips)
= 267 ft-kips
K
0.125L°
_ 267 fit-kips
(0.125)(30 £t)°

y =

No connection or support information is given in the
problem statement, so assume these items do not need
to be checked. Theoretically, the cover plate can be

terminated where the bending moment is less than

#M, = (0.9)(267 ft-kips) = 197 ft-kips

)

uax

A)l.'

R

R=05w,L
= (0.5) (2 37 k‘ps) (30 ft)
= 35.6 kips
My = Rz - 0.5w,2%
= (35.6 kips)z — (0.5) (2 37 k‘ffs)f
= 197 ft-kips
z= (7.4 ft, 22.6 ft)

3-25

PPI ¢« www.ppi2pass.com/

r——
i




3-26 STRUCTURAL ENGINEERING SOLVED PROBLEMS

Extend the cover plate far enough beyond the theoret-
ical cutoff points to develop its share of flexural strength
at the cutoff location. The stresses at top and bottom of
the cover plate at the cutoff points are

M(0.5d — AT)
fau= —'["_‘
. in . .
_ (197 ft-klps)(12 E) ((0.5)(16.0 in) — 4.41 m)
976 in?
= 8.7 kips/in?
M(0.5d— AG+ 1)
fb2 e I
-\ [ (0.5 in){16.0 in)
197 ft-kips){12 2
( lps)( ft) ( —441in+15in
. 976 in?
= 12.3 kips/in®

Ter=0.5(Fp + frz)ArL
- kips e in?
= (0.5)(8.7 T +12.3 2 )(12.0 in?}
= 126 kips
For the thinner plate joined (t=¢=0.505 in), AISC
Table J2.4 requires /4 in fillet welds. For an E70 fillet

weld, the strength is 1.39 kips/in per 16 in of weld size.
(See AISC Part 8.)

_ 1, 1,
Qu= (no. of 6 m) (st.rength per 1& m)
- L]
- 0 (130'52)
= 5.56 kips/in
Tpr _ 126 kips

% (5.56 kies\ (19 im
(5.56 2 )(12 &)
= 1.9 ft [tota!, half each side]

However, AISC Eq. F13-7 requires that the welds
extend a minimum of two times the plate width beyond
the theoretical cutoff point; therefore, extend by a
length of (2){8 in)=16 in=1.3 ft. The actual cutoff
points are

Ly=

5 —05L,=7T4ft-13 &
=6.1f

T3 4+0.5L,=226ft+1.3 1§t
=23.9 ft

1
16
1 1 )
i 15 @6 \
! Y1las PL1Z X 8 x 17 ft 3in

6.2. The weld heat may be sufficient to lower the yield
point significantly, so shore the floor during installation.
Precautions must also be taken to protect the wood
floor joists during welding. The construction sequence
should be as follows.

First, shore the joists on both sides adjacent to the
W16 x 40.

Second, clamp the PL1Y2 x 8 to the lower flange.
Third, weld the plate.

Fourth, remove the clamps and shores.

SOLUTION 7

7.1. Per the problem statement, design the connection
to transfer 50% of the shear and moment strength of the
smaller (W14 x 176) section. The axial force is not spec-
ified and will not be included in the design. Use LRFD.
For the W14 x 176: Z.=320 in®, d=15.2 in, by=15.7 in,
t,=0.83 in, and {=1.31 in. For A36 steel, F},=236 ksi.
Calculate the required flexural strength of the
connection.

M, =0.5M, = (0.5) (36 l—:}f?) (320 in®) = 5760 in-kips
From AISC Table J2.1, for a partial penetration weld
with 45° bevel by the shielded manual arc process, the

effective throat is /s in smaller than the weld size. From
AISC Table J2.5, for tension normal to the weld axis,

,

$Fyt=(0.9) (36 %ﬁ) D

{ = (32.4 %)D [controls]
Hes 1 kips
$(0.6Fexx)t = (0.8)(0.6) (70 F) D

= (33.6 511’3)13

in?
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D is the required throat thickness.
0.5M, = ¢f b, D(d — D)
5760 in-kip = (32 4 k'ps) (15.7 in)

x D(15.2 in — D}
D? — (15.2 in)D + 11.36 in® = 0 in?
D=10.786 in

The required weld size is

s=D+0.125 in=0.786 in + 0.125 in = 0.911 in

[Use & weld /15 in long (BTC-P4). |

The size computed for strength exceeds the minimum
weld size required by AISC Table J2.3.

7.2. Determine the number of bolts required to transfer
50% of the shear capacity of the W14 x 176. The bolts
are required to be slip-critical. The factored shear force
to be transferred across the web splice is

Vu=05(8(0.6F,)dt,)

= (0.5)(0.6)(0.9) (36 k‘ps) (15.2 in)(0.83 in)
= 122 kips

Try 1 in diameter A325-5C bolts arranged as close
together as the code permits to alleviate the stresses
caused by eccentricity of the comnection. Per AISC
Sec. J3.10, bearing should not be critical on the
t,=0.83 in web material. Therefore, space the bolts at
2.67d, say 2.75 in o.c. Use 11 in wide plates with 4 bolts
BCrOSS.

c.g. of 12-bolt group

122 kips

edge distance = 0.5{w — 3s)
= (0.5)(11 in— (3)(2.75 in))
=1375in

The edge distance cannot be provided with a sheared
plate. (See AISC Table J3.4.) Therefore, specify that
plates be gas cut. Try a 12-bolt group on each side of

the splice. Use the elastic method of analysis for the
eccentrically loaded fastener group. (See AISC Part 7.)

e=3s = (3)(2.75 in) = 8.25 in
M= V,e=(122 kips)(8.25 in) = 1000 in-kips

= %‘“ = —1221;“"5 = 10.1 kips
>z +3?) = (8)(2.75 in)? + (6)(4.125 in)?
+(6)(1.375 in)*
=174 in?
- My (1000 in-kips)(2.75 in)
me = Y(2+18) 174 in?
= 15.8 kips
Mz (1000 in-kips)(4.125 in)
Z(f +3?) 174 in?
= 23.7 kips

Ty = \/(r,,,z +r)’ + ey

= /(15.8 kips + 10.1 kips)? + (23.7 kips)?
= 35.1 kips [per bolt]

From AISC Table 7-4, for a 1 in diameter slip-critical
A325 bolt in double shear, the tabulated capacity is
34.3 kips per bolt, which is close enough to be adequate.
Use twelve 1 in diameter A325-SC bolts on each side.

Check the ultimate shear in the plates.

Vep, =05V, = (0.5)(122 kips)
= 61 kips [per plate]

= (w— 4dpole )t

= (11 in — (4)(1.125 i.n))t
= (6.5 in)¢t

N
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Check AISC Sec. J4.2. For shear fracture (from AISC
Eq. J4-4),

Vi< $(0.6F.) A,
< $(0.6F,)(6.5 in)t
Vy
t2 506F.) (65 m)
61 kips
- kips .
(0.75)(0.6) (58 E?) (6.5 in)
> 0.36 in
For shear yield (from AISC Eq. J4-3),

Agy = wt = (11.0 in)¢

Ve < ¢(0.6F,)Ag,
< G(0.6F,)(11.0 in)t

> Vs
= $(0.6F,)(11.0 )

61 kips

(1.00)(0.6) (35 %)(11.0 in)

= 0.26 in
The larger value for fracture governs.

| Use two PLE x 11 x 1 ft 5 in.|

BTC-P4

al
~
]

finish

finish
to bear ] to baar

PLI X 11 X 1f5in
{one each side)

24 - 1 in dia, A325-SC
{23 in o.c. sach way)

SOLUTION 8 e
8.1, Design girder G1 using either standard or modi-
fied wide flange sections. Use LRFD. According to the

design criteria, the given 20 Ibf/ft? partition load is dead
load. The dead loads are

Wo = Wyeb + Wpartitions -+ Weeiling/mechanical *+ Wheam

=g B, 99 I g ol+s I

ft2 ft? ft2
= 83 Ibf/ft?
The live loads are
wy, = 80 Ibi/ft
105f 10.5# 94t
[ | ! i
H H —r
ot] I PP
Wy
19ft
I T—
W 20 ft
H

plan

For the girder, the tributary area is

A= (0.5L| + 0.51};)(0.581 + 0.532)
= ((0:5)(30 £) + (0.5)(20 &))

x ((0.5)(10.5 &) + (0.5)(9 )
= 245 2

Per Sec. 4.8.1 of ASCE 7, for A4, less than 400 ft2, no
reduction in live load is permitted, so use wr, =80 Ibf/ft2

wy) = 1.2wps + 1.6w;s

) (1.2)(83 %)(10.5 £) + (1.6) (80 1% (105 &)

1bf
1000 iop

= 2.39 kips/ft
w2 = 0.5wy,; = (0.5) (2.39 %’-S) = 1.20 kips/ft

Wyg = (ﬂ) Wy = (9—'7&) (239 EE) = 2.22 kipS/ft

52 10.5 & ft
_ (5 {451 kipsy _ .
Waa = (52) Wy = (——10_5 ft) (2.39 = ) = 1.02 kips/ft

-
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e

p, = 3501 e" + 05uually — a)(ln + a) 3 M= (P + Pa)a+ (Ps+ Po)(26) + 05wy, L? — Ral
. 1=
L =0
(0.5) (2 39 k—‘f’t’f) (11 &) + (0.5) (1 20 k'f‘t’s) o= (Py+ Py)a+ (P3 + Py)(2a) + 0.5, L?
L
_ % (30f—11ft)(30 ft+ 11 ft) (20.4 kips -+ 12.0 kips)(10:5 ft)
, s + (17.7 kips + 10.2 kips){2)(10.5 t)
=204 kips )
+(0.5) (0 12 f‘t") (30 ft)®
2 =
p, = 25Uu2la 30
] L2 = 32.7 kips
(0.5) (1 20 k“’s) (20 ft)°
= 20 ft > Fy=Ry—(P1+ P2) = (P3+ Py) — wyL+ Rp=0
= 12.0 kips Ry= P, + Py+ Py + Py + wyyl — Rp
= 20.4 kips + 12.0 kips +17.7 kips + 10.2 kips
] Pa s 0.5wy3a* + 0.5w,4(Ly — a)(L; + a) : i
‘. 3= I (o 12 R") (30 ft) — 32.7 kips
(0.5) (2 22 )(11 ft)? + (0. 5)(1 02 k’g:s) = 31.2 kips
Maximum moment at the left end occurs at z=10.5 ft
= x (30 fi — 11 £6)(30 ft + 11 ft) where the shear line passes through zero. For the simple
30 £ beam, the maximum moment is equivalent to the area of
= 17.7 kips the shear diagram that is under the shear line from the
point of zero moment to the point of maximum moment.
“ -y 1.02 klffs M,=03(R,+ Vyps)a
', . N
_ Py= (w,.z) Py= g Kis (12.0 kips) = 10.2 kips = (0.5)(31.2 kips + 29.9 kips)(10.5 ft)
R = 321 ft-kips
From the problem statement, L,=10.5 ft, C,=1.0, and
. wyy = 12w, = (1.2) (0 1 lup) = 0.12 kip/ft Fy,=236 ksi. Try a W24 x 62, with d=23.7 in, b,=7.01i in,
ft ki =1.08 n, by2t=5.97, h/ty=>50.1, Z,=153 in®,
§,=131in%, L,=3451 in?, r,_138 in.
P, + P, =324kips Py + P, =279 kips
Wy =
0.12 kip/t
Y Y
A wse | sk | sr A
RLI - Rﬂ =

31.2 kips 32.7 kips

_ [E _
Apr = 0.38 F, =

=10.8 [bf/?if < Ay

- E_
Apo= 376 [ 7 =376

=107 {h/t, < Ap, section is compact]

—~———
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Ly=L76ry, /=
¥

(1.76)(1.38 in)

29,000 k‘ps

,\ 36 klpzs
in

IQE

=5.Tft

Use the conservative simplification for L.

ho = d — 2kaea = 23.7 in — (2)(1.09 in) = 21.5 in

T,h, _ [(34.5 in*)(2L.5 in)

28, @D ) 8

T =
From AISC Eq. F2-6,

L= vy [T
N ¥

\© (36 %)

7(1.68 in)

=149 ft

Mpy=F,Z, = (36 k‘—pf) (153 in®) = 5500 in-kips

= _ Ly
¢Mu—¢Cn(M (M, —0.7F S,)(L —L))
(0.9)(1.0)
(5500 in-kips \
5500 in-kips
5 -1 - (36 k'ps)
x (131 in?)
10.5 ft — 5.7 ft
_ \ (14.9 ft—5.7 ft) /
in
12 B

= 326 ft-kips [> M,)

Check the live load deflection, A;. Approximate the
concentrated service live load as a percentage of the
factored loads previously computed.

_ -PL,lbl 2 9 PL22 y S
A= (—IZEI)(O.TSL b)) + (1251)(0'75"‘ az)

Ppy=[— YL
= (l.2‘wp + l.ﬁ‘wg,) (P1+ Po)

Ibf
80 27
Tof Tof
(1.2)(83 F) + (1L 6)(80 —)
% {20.4 kips + 12.0 kips)
= 11.4 kips

Pro=—2C_
= (1.2wp + I.GwL) (P3+ Py)

1bf
80 2

Ibf Ibf
e B+ oo B
x {17.7 kips + 10.2 kips)
= 9.8 kips

bp=L—a; =30 ft-105 ft = 19.5 ft
ap = {2)(10.5 ft) =21 ft
Therefore, the live load deflection (I, = 1550 in%) is

~ (Pib 2 3 Praap 2 _ 2
AL—(12EI)(0.75L—b1)+ 5] (0.75L% — a3)

(

(11.4 kips)(19.5 ft) \
(12) (29 000 k‘ps) (1550 in*)

x ((0.75)(30 )* — (19.5 &)%)

(9.8 kips)(21.0 ft)
(12) (29 000 k“’s) (1550 in?)

\  x ((0.75)(30 ft)2 = (21.0 ft)’) /

x (12 ﬁ)a

=0.38in

[ @0 &)(12 %)
360 360

[Use a W24 x 62 without modification. |

Ap < =1in

8.2. In this case, a standard shape with 7.0 in flange
width is available. If a standard section were not avail-
able, it would be necessary to select a heavier shape that
would furnish the required moment strength when
trimmed to a 7 in width. The flange tips could be gas-
cut by the same amount on each side to maintain a
doubly symmetrical cross section. The reduced section

PPl ¢ www.ppiZpass.com




|

e
e

STRUCTURAL STEEL DESIGN

3-31

would taper back to full width to alleviate stress con-
centrations as shown in the following partial plan view.

taper f1 each side

pariial plan

SOLUTION O e

9.1. Design the lightest W27 member for the transfer
girder. Use LRFD. Lateral support is provided at the
supports and at midspan, so the laterally unbraced
length of compression flange is L, =20 ft. From AISC
Table 3-1, for a concentrated load and lateral brace at
midspan, C,=1.67. Steel is ASTM A992 (F, =50 ksi).
Given that the ratio of dead load to total load is 0.5, the
controlling gravity load factor is

U=12D+1.6L = (1.2)(0.5) + {1.6)(0.5) = 1.4
P.,= UP = (1.4){60 kips)} = 84 kips
Approximate the girder weight as 0.1 kip/ft. Then,

w, = 1.2wp = (1.2) (0.1 %E) =0.12 kip/t

w, P“

7

!
M,=0.25P,L+0.125w,L?
= (0.25)(84 kips)(40 ft) + (0.125)

(O 12 )(40 ft)?
= 864 ft-kips

From AISC Table 3-2, select a trial section based on the
fully plastic capacity, then verify the trial using the
values of C, and L.

Try W27x84 ¢uMp=915 fi-kips, L,=73 f,
L.=208 ft, d=26.7 in, t,=046 in, by=10.0 in,
i=0.64 m:x kges=1.24 m, bf/2tf—7 78 h/t,,, 527
Z,=244 in°, I,=2850 in®, $;=213 in®, I,=106 in%,
and ry=2.07 in.

] 20 ft 20 ft |

The actual unbraced length of compression flange falls
within the range L, < Ly < Ly therefore, calculate the
moment strength using AISC Eq. F2-2.

[ kips .
M,=F,Z, = (50 m_2) (244 ind)
= 12,200 in-kips  [controls]
Ly— L,
Col My - (M, - 07F,8:) (7=
r= Lp
( 12,200 in-kips \
12,200 in-kip
<
Hn s —(0.7( 50 k"’s
9)1e7n)| ~
x (213 in®)
20t — 7.3 &
_ - (20.8 ft— 7.3 7 /
in
12 &
| = 12,900 in-kips

{0.9)(12,200 in-kips)
12 I8
ft
= 915 ft-kips [> M, so OK]

Check local buckling using AISC Table B-4.

oM, =

Aps =0.38

b
2ty

i B _
Aps = 3.76, /F,,_

h _
= 52.7

o

=778 [<Ay)

[< Asul

The section is compact for flexure (this can alse be
verified by AISC Table 3-2). Check live load deflection
(I,=2850 in*).

P}
48E1,

(30 kips) ((40 &)(12 -))3

(48) (29 000 k‘ps) (2850 in?)

Ap=

=084 in
g w2 g
T R 1.33in  [Az < L/360]

-
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3-32 STRUCTURAL ENGINEERING SOLVED PROBLEMS

Serviceability is OK. Check the shear {d=29.8 in,
t,= 0.55 in, h/t, < 260).

o V,=¢(0.6F,)di,

= (1.0)(0.6) (50 51;%) (26.7 in)(0.46 in)
= 369 kips

V.= 0.5P, +0.5w,L
= (0.5)(84 kips) + (0.5)(0.12 %) (40 )

=444 kips [<oV,)

[Use W27 x 84. |

9,2. Select a bolted seated connection. The required
bearing length for a W27x 84 end reaction with
V,=44.4 kips and N/d < 0.2 is found from AISC
Eq. J10.5-a.

1.5
PR, = V, = 0.40682 (1 +3 (-Nﬂ) (‘_'") ) ZEyuly
d Ly Ly

[
V“ —_—
_/d EFt t\
N“"‘"(?») 0igd, (tf)
_ (26.7in
"( 3 )
( (44.4 kdips) 0'46121_“ - \
(29,000 %)
mn
x (50 KPS
in?
y % (0.64 in) 0
(0.4)(0.75)(0.46)* ’

\ /

« (oo™
=-28in

The required length is less than zero, so web crippling at
the end reaction does not control. Select an unstiffened
seat from AISC Table 10-5 based on the shortest

required bearing length tabulated. For /2 in angle thick-
ness, all outstanding legs exceed the shear requirement,
For ¥ in A307 bolts in single shear,

@,rn=T7.95 kips [per bolt]
Ve _ 44.4 kips
$uTn  7gg KiDS
7.95 bolt
» use six bolts in type C
bl S {pattem of AISC Fig. 10-7]

Use an L8 x4 x'Y2 seat with six %« in A307 bolts.
Provide L3 x 3 x Y4 top angle to provide stability about
the longitudinal axis of the W27 x 84, and attach with
%4 in A307 bolts.

LBx3xg
4-1 in A307 (2 each side)

2-2 in A307 (1 each)
6-3 in A307 (3 each)
LB x4x1

9.3. Design the lightest W8 column for column line 1.
Assume an eccentricity of load from the new seated
connection to centerline of the column equal to 6 in,
which causes bending about the strong axis of the
column.

= B4 kips

Py
e
[ /|1 _— x-axis braced top & bottom only
,f’ y-axis braced @ intermediata lavel

t\ V, = 44.6 kips

158 ft

——

\
18.3 ft 1

\
)
\
’

My = Vaes = (4.4 kips) | 52
12 l—f’t'i

= 22.2 ft-kips
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Distribute the moment to the top and bottom column
segments.

K. . 3Bl _ 3BI
bottom = ctom  18.3 £t
. _3El_ 3Bl
Lo
P hep 158 f
- _ Kbouom
Mbott.um - M“(Kbotwm + Kwp)
3EI
= (22.2 fe-kips) | =7 }8-3 f‘é =
83 156k

= 10.3 ft-kips
The required axial compression strength is

P“ L UP"' Vu
= (1.4)(60 kips) + 44.4 kips
= 128 kips

The column is braced at the second floor about its weak
axis, but is braced only at the ground and roof about the
strong axis.

(KL)V = hbotmm =183 ft
Ly=183ft

Select a trial W8 column that has in excess of ¢ P, > P,
for the weak axis case. Then check and refine the trial
design using the combined axial compression and bend-
ing requirements. From AISC Table 4-1, a section larger
than a W8 x 31 is required (a W8 x 31 was tried and
found to be unsuitable due to flange local buckling
limits). Try a W8x35: '4,=10.3 in® by/2t=8.1,
h/t,=20.5, == 3.51 in, rv_2 03 in, S5,=31.2 m3
Z,=34.78 i in?, L,=717 ft, and L, --270ft

5.

(341 )(12 %)
T 35lin

=117 [controls axial compression capacity]

(18.3 &)(12 %)

2.03 in

),-

= 108

=113 [<KL/r=117, so use AISC Eq. E3-3]

\ (29 000 k‘ps)
E in?

T
(117)?

&

Fo = 0.877F, = (0.877) (20 9 "“’S) = 18.3 ksi

= 20.9 ksi

P.= ¢FqA, = (0.9) (18 3 k‘ps)(lo.a in?)
= 170 kips

For bending without axial load, L,=7.17ft < [,=
18.3ft < L, =27.0 ft; therefore, use AISC Eq. F2-2.
From Table 3-1, C,=1.67. Check local buckling (AISC
Table B-4.1).

Therefore, the section is compact.

(it~ 04, -075,80 (222))

( 1735 in-lps \
1735 in-kips — (0.7)

~ (50 m)
l'l.

= (L67)
M, <4 x (31.2 in®)
18.3 ft — 7.17 ft
\ X (27.0 ft—7.17 ﬁ;) /
= 2295 in-kips

M,=F,Z, = (50 k‘ps) (34.7 in®)

L = 1735 in-kips [controls]

(0. 9)(1735 in-kips)

12?‘;-

¢M, = ¢M, =

= 130 ft-kips

—

[
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The column can sway at the point of maximum bending
moment; therefore, compute a moment amplification

per AISC Eq. C2-3.
T EA,

(29 000 k'ps) (10.3 in?)

2=

(117)?
= 215 kips
1
chﬁ
_ 1
- (1.0)(128 kips)
215 kips
= 2.47

M,z = BaMiouom = (2.47)(10.3 ft-kips)

=254 ft-kips
P, = P, = 128 kips
P, 128 kips
P _lad dps.. 2, ISC Eq. H1-1
B, 170 ps 0.75 [>0.2, 50 use AISC Eq aj
P 8(M 8\ /25.4 ft-kips
P. T3 (M,,) =075+ g )(130 fb—kxps)

=094
Therefore, [use a W8 x 35. |

[« 1.0, so OK]

SOLUTION 10

10.1. Use the portal method to compute the prelimin-
ary seismic moments and shears at the tenth floor.

The distribution of shears shown is based on the portal
assumptions that exterior columns resist one-half as
much shear as interior columns and that points of inflec-
tion occur at midspan of columns and girders. There-
fore, the distribution of shears at the tenth foor is as
follows.

4.25 kips ———— 8.50 kips =3

* |3.34 kips]

T ——10th
3.B4kips|* l .84 kips foor

-t——— 10.72 kips

6.7 kips —3m-

—~— 5.35 kips

57.7 ft-kips

25,5 ft-kips i
32.2 51.0 ft-kips

ft-kips

84.4 ft-kip

57.7 fi-kips 57.7 ft-kips

portal method analysis bending moments at 10th floor
left half of symmetrical structure

10.2. Estimate the tenth-story drift. For a frame of
this proportion, axial, shear, and panel zone deforma-
tions are relatively small. The drift can be estimated
based on member centerline dimensions and flexural

deformations in the columns and girders (see Becker,
Naeim, and Teal).

F = 8.50 kips I;=800in*

W0 Byon

For the girder: W18 % 50 (I;=800 in*). For the column:

symmetrical W14 x 90 (I, =999 in%).
about celimerllna
0.69 ki . .
10.3 kips . .o 69 A Fh + FRhL
—™ T +|klp — roof 12EI  12E1gge
172 . 3.44
. —>=—ips 1.90 kips - kips |
DS ] H I * 190 __ 12t A3
——3.03 AT L (8.5 kips)((12 &)(12 E))
7.3 kips | kips AL _T"“PS 12,91 A= kl i
a | *.kips — th (12) | 29,000 — P (999 in4)
.25 Bk B850
" BAKIpS —gm kj |
87kips | P° ! | A2t — vom (8.5 kips) ((12 ft)(12 iﬂ))z((ao ) (12 1))
. 538 |_1072 (ks + f
ki ki [
L= L (12) (29 000 k"’s) (800 in¢)
30 ft 15 ft
=0.30in
PPI »«# www.ppliZpass.com
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This is an estimate of the elastic drift between floors 10
and 11 caused by the strength-level lateral forces. The
corresponding maximum inelastic displacement is esti-
mated using the coefficient C; from Table 12.2-1 of
ASCE 7. For a special steel moment frame, Cy=5.5
and the maximum inelastic displacement is

If the girder cross sections are reduced to assure that
plastic hinges occur away from the face of columns (as in
Sol. 11.3), the reduction in girder rigidity increases the
drift on the order of 5% (see Iwankin).

Ap0-11 = Cabro-n = (5.5)(0.30 in)

Aaao-11 = (1.05)(1.65 in) = 1.75 in

10.3. Design the connection for G3 at the third floor
level. Use ANSI/AISC 341. Of the nonproprietary con-
nections that have been tested, the reduced beam sec-
tion offers one of the more reliable approaches to
assuring that plastic hinges will form in the beams away
from the column faces, and is the choice for this
solution.

For the non-reduced W24 x 84 gu'der d=24. 10 in,
t,=0.47 m by=9.02 in, 4=0.77 in, Z,=224 in®, and
§,=196 in.

For the W14 x 176 column: A,=51.8 in2, d=15.2 in,
t,=0.83 m, by=15.7 in, tf_l 31 in, k= 1 91 in, and
Z.=3201i in3.

Try reducing the flexural strength 40% using an 18 in
long circular “dogbone,” starting 6 in from the face of
the column (so that the probable plastic hinge centers at
15 in=1.25 ft from the column face). The required
reduction in flange width, bg, is

Zaps=062;:= 2. — bgt](d - r‘.!}
by = Z,—0.62,
ty{d - ty)
_ (0.4)(224 in®)
(0.77 in){24.10 in - 0.77 in)
= 5.00 in

This results in a flange width at the plastic hinge loca-
tion of by— bg=9.02 in — 5.0 in =4.02 in. For yielding to
occur in the girders, the strength of the columns must
satisfy AISC Eq. 9-3.

%ﬁ" > 1.0 [M;:Z,(F,c—ﬂ)]

3-35

Seismic loads are reversible and the combination that is
critical for this check occurs when seismic loads are
additive to gravity loads.
Py3-4=12Pp+0.5P, +0.25psD + Pg
= (1.2)(222 kips) + (0.5)(148 kips)
+ (0.2)(1.0)(222 kips) + 46 kips
= 431 kips
Below the third floor, additional loads increase the fac-
tored load in the column.
Py2-3=12Pp+0.5P; +025psD+ Pg
= (1.2)(244 kips) + (0.5)(163 kips)
+ (0.2)(1.0)(244 kips) + 54 kips
= 477 kips

5 Pu,3—4 Pysa
e ) (- 2)

. kips 431 kips
J - _
(320 in )(50 in? 51.8 inz)
. kips 477 kips
+ 3 ———  §
3 EROf )(50 in? 518 inz)

2 &
! ft
= 2197 ft-kips

To determine ZM obs the probable moment strength of
the girders at the reduced section must be computed.

DM =D (M + M,)
Using Eq 2.4.3-1 from ANSI/AISC 358,

( k.ipS klps
Fy+ Fu 0 +65
2F kips
cp<d F (2) (50 p)
=1.15 [controls]
(12

From ANSI/AISC 341 Table I-6-1, Ry=1.1 for ASTM
A992 steel. Given that the reduced beam section has a
plastic moment capacity equal to 0.6Mp, of the full
section,

My = CorRyF, 2.

(1.15)(1.1) (50 k““s) (0.6)(224 in®)

in
12-E
= 708 ft-kips
PPI o www.pplZpass.cum-_
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3-36 STRUCTURAL ENGINEERING SOLVED PROBLEMS

The span between plastic hinges is
['=L-2(0.5d. + a+0.5b)
(2)((0-5)(15.2 in) + 6 in + (0.5)(18 in) )

12 1o
ft

=262 ft

The factored gravity load in combination with seismic is

(1.2+0.28ps) Vp + 0.5V,
Wy =
J2
(1.2 + (0.2)(1.0))(22 kips) + (0.5)(15 kips)
= 30 ft

= 1.28 kips/ft

Vhes Wy

_ {2)}(708 ft-kips)
T 262
=70.8 kips [up]

+(0.5) (1.28 k“’s) (26.2 ft)

—2M
’R-BS = L' d + 0.5wuL’

= (—2)(2735‘B ff*t’ki”s) +(0.5) (1 28 k‘ps) (26.2 ft)

= -36.1 kips [down|

For an exterior column, only M, and Vggs contribute
to the bending moment at the column centerline.

> My = Mg + Vias(0.5d; + a +0.56)
= 708 ft-kips - (70.8 kips)

(0.5)(15.22 in) - 6 in + (0.5)(18 in)

in
12 '

= 842 fi-kips

2 M 2197 fi-kips
ZM;b 842 ft-kips
Therefore, the weak beam, strong column criterion is

satisfied. Yielding at the reduced beam section is reason-
ably assured.

=26 [>10

Check panel zone strength. At the face of the column,

My >12Mp+05M +0285psMp+ Mg
> (1.2)(90 ft-kips) + (0.5)(60 ft-kips)
+ (0.2)(1.0)(90 ft-kips) + 120 ft-kips
= 267 {t-kips

ANSI/AISC 341 requires that, as a minimum, the panel
zone shear must be computed by projecting the prob-
able moment at the plastic hinge to the face of the
column.

M.,f = Mpr + Vmas(a'l'o.fib)
6 in + (0.5)(18 in})

12 i0
ft,

= (708 ft-kips) + (70.8 kips)

=797 fi-kips [controls]

M,.,
ds— i
. in
(797 ft-kxps)(lZ E)

2410in-0.77 in
= 410 kips

v 6Fd,e, (140
¢ n‘“¢‘0‘ pely +m

V=

= (1.0){0.6) (50 k‘p‘") (15.2 in)(0.83 in)

(3)(15.65 in)(1.31 in)?
X (1 + 241 m)(15.2 in)(0.53 in))

= 480 kips
o > et ws _ (ds — 2ty) + (de — 2ty)
=90 a0
_ 24.1 in —(2}0.77 in) + 15.2 in — (2)(1.31 in}
- 90
=0.39in (<t =0.83 in]
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The panel zone shear strength is adequate without
doubler plates. Check the need for continuity plates
(ANSI/AISC 358 Sec. 2.4.4)

F
0.4 \/ 1.8y tyy (ngb)
pedlyc

(1.8)(9.02 in)(0.77 in)
=04 (50 klps)“ 1

3

% | ———
ter 2 9 ( klpS)(l 1)
=141 in
by _ 9.02in
6 6

—15in [‘c!=1-31 in, so requir&i]

L continuity plates

ANSI/AISC Sec. 2.4.4a requires plates extending to
mid-depth of columns and with thickness equal to at
Jeast one-half the beam flange thickness. For this case,
ty="0.77 in, so use PLY2x 4 x 0 ft 6 in (ASTM A36).
Use E70 full penetration welds to develop strength along
edges, and full penetration groove welds to connect
plates to column flanges. (See ANSI/AISC Sec. 2.4.4b.)

Design the web shear connection to transfer the pro-
jected probable shear at the face of column.

2Mpr
Ve=—F

+ 05w, L

_ (2)(v08 f‘t-kips)
T 26.2ft
= 73.2 kips

+(0. 5)(1 28 k‘ps) (30 ft)

Use a single plate connection with 7/s in diameter A325-
SC bolts. Getting the value of ¢r, from AISC Table 7-4,

n> Vu_ 73.2kips _ — 6 bolts
éro 131 B
bolt
Six bolts at 3 in o.c. will fit between weld access holes in
the web of the W24 x 84 (say, an 18 in long plate).
Assuming A36 material for the connection plate
(F,=36 ksi and F,=>58 ksi), try a %s in plate. Check
shear yield in the plate.

V= $0.6F, Lt
= (1.0)(0.6) (35 %) (18 in)(0.375 in)

= 146 kips

Check shear rupture.

¢ Vo= ¢0.6F Lyt

= (0.75)(0.6) (58 k“’s) (18in~ (8)(1im))
x (0.375 in})
=117 kips
Therefore,

[use PLY x 41 x 1 ft 6 in with six § in A325-SC bolts. |

circular arc-reduction
/_ in flange width to 4 in

Ein R ft6in

PLIX Ix 1#8in
s-g in dia. A325-5C

PLi—x4x7in

SOLUTION 11 . it sisans

11.1. Verify adequacy of the reinforcement across the
48 in wide by 10 in deep web opening. Use LRFD. The
design criteria give that the compression flange is fully
braced, that beam weight is negligible, and that ASTM
A36 steel is to be used (F, = 36 ksi). Assuming 50% dead
load and 50% live load,

U=12D+16L
= (1.2)(0.5) + (1.6)(0.5)
=14
W24 % B4 P"

20 ft 2ft 4ft 14t
P, = UP = (1.4)(30 kips) = 42 kips
V.=10.5P, = (0.5)(42 kips) = 21 kips

———

o
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3-38 STRUCTURAL ENGINEERING SOLVED PROBLEMS

Calculate the bending moment at the centerline of the
web opening.

M, = V,z = (21 kips){16 ft) = 336 ft-kips

8in

1 3
PLag x 3

1
~wrrwdorwrwas

For the W24 x 84: A, =24. 7in2, d= 24 lin, t,= 047m,
by=9.0 in, t,=0.77 m S,= 1960 in® , and 2.=224 in®.
As the depl:h of the beam is 24 in, the height of the
spacing is 10.1 in. A section with reinforced opening
must safisfy the following interaction equation (see

Darwin).
oM\ ($Va)’
<L
(¢Mm) & (¢ 7e) st
The ¢-factor here is 0.9. M,, is the nominal moment
strength when the shear is zero (must be less than or

equal! to the plastic moment capacity of the section
without an opening).

(36 k‘ps) (224 in%)

2 —
lft.

M,=F,Z =

= 672 ft-kips

Locate the plastic neutral axis (PNA) of the reinforced
section.

(0°5)(Ag — twlthote + 4bptr)

_ (0.5 ( 247 in? — (0.47 in)(10 i
= (0-5)( .,_1(1‘11)(4.25 in)l([:3-75 i:ﬂn)))

= 16.35 in®

c T
—— =i —— PNA

I

Aten = Ammp =

Ag = (2){4.25)(0.75)
= 6.74 ~ A,

A/=693in?

g

L

drn =d— 0-5(dwmp -+ dten)
=24.1 in - (0.5)(8 in + 6 in)
=17.1 in

,
(36 k“’S)(ls 35 in?)(17.1 in)
FyAwend
in
M, < g 12 R
= 839 ft-kips
L M, =672 ft-kips [controls]

Compute V,,, which is the sum of the shear capacities of
the T sections above and below the opening in the
absence of a bending moment. Use the AISC Design
Guide 2 Sec. 3.6 (see Darwin).

V= Vai+ Vs

Vme and V,,, represent the shear capacity of the top and
bottom T sections, respectively. For the top region,

V6 + u
Vo
le < v+ \/§
Vo

thu,Sg
V3

(36 k"’s) (0.47 in)(8 in)
V3

Vpg =

= 78 kips

The area of reinforcement is

A = 2byty, = (2)(4.25 in)(0.75 in) = 6.38 in?

From the problem statement, the depth of the top
T section is s,=8 in. The shear parameter when rein-
forcement is used is

s g
§;=sg—£1=8in 6.38 in

2b ~ (2)(9.0 in)
The aspect ratio of the T section is

=764 in

[ F,A, = (36 k“’s) (6.38 in2)
= 230 kips |controls]

Fitus (36 k‘ps) (0.47 in)(48 in)

23 23
\ = 234 kips
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The distance from the outside edge of the flange to the
centroid of reinforcement is

dp = 5, — 0.5, = 8 in —~ (0.5)(0.75 in) = 7.63 in
_ 2P.d, _ (2)(230 kips)(7.63 in)

= Vom - (BEpEm) 0
Therefore,
V6 + u) (f +5. 62)
Vo 78 ki
(u +V3 63+ v3 )78 aps)
m = = 78.4 kips

Vet =78 kips [controls]

Similarly, for the T section below the opening,

kips . .
Fytuss _ (36 )(0.47 in)(6 in)
V3 V3

The depth of the top T section (from the problem
statement) is 5, =6 in. The shear parameter when rein-
forcement is used is

Vpb =

= 58.6 kips

s 2
—6in— _6.38 in*

A .
20 @Eom Hm

Sy =8y —

The aspect ratio of the T section is

_ 2Pd, (2)(230 kips)(5.63 in)

" Vusy (78 kips)(6 in) =553
V6 + u) (\/' +5. 53)
AA g b 720 58.6 kips
v (u+\/§ 851+\/'( )
mb = =45.7 kips [controls]

Vb = 58.6 kips

Thus, the moment-shear interaction equation, from
Eq. 3-3 in the AISC Design Guide 2 (see Darwin), gives

V= Vo + Vs = 78 kips + 45.7 kips = 123.7 kips

The points on the interaction diagram are

M, _ 336 HRkips _ 0.56
~ (0.9)(672 ft-kips)
Ve _ 21 kips —0.19

oVe  (0.9)(123.7 kips)

AR

M, JoM,,

1 1] 1 1 1 | 1 i [l

0.1 02 03 04 05 06 07 0B 0.9 1.0

SV /bV

The points fall well within the boundary of the interac-
tion diagram, so the proposed reinforced opening is
adequate.

Considering the low value of the interaction equation, it
is likely that one or both of the reinforcing stiffeners
could be eliminated. However, the problem statement
requires only verification of the proposed opening detail
and further refinement will not be pursued.

11.2. Design fillet welds to develop the full strength of
the plates beyond the end of the opening.

P,.=05A,F,
. kips
= 115 kips

Fillet welds are along a %4 in thick plate onto a 0.47 in
web. From AISC Table J2.4, use %15 in welds on each

side. One-half of t, is the available base material thick-
ness. For an E70 weld, the strength is 1.39 kips/in per
V16 in of weld size. (See AISC Part 8.)
kips
¢0 6F,(0.5t,) = (1.0)(0.6){ 3 I
x (0.5)(0.47 in)
= 5.1 kips/in
$0.6F ,(0.5%,) = (0.75)(0.6) (58 ‘“"3)
x (0.5)(0.47 in)
= 6.1 kips/in
Iups
nignadfw = (3){ 1.39

L =4.2 klps/m [controls)

¢Fy <
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3-40 STRUCTURAL ENGINEERING SOLVED PROBLEMS N

The required weld length is

P, _ 115 kips
PF, 49 kips

mn

Ly 2 =(27in {say 13.5 in each side]|

41.3. The required weld details are as shown.

1Ift 1.5_in 4ft0in

1f15in

alw

11.4. The construction sequence is to

® shore

e drill 2 in diameter holes at each corner of the opening
e weld stiffeners tangent to corner holes

& cut and remove the web portion

SOLUTION 12 =~ = . ..

12.1. Design the crane runway girder using ASD. Per
Sec. 4.10 of ASCE 7, the impact factor for & cab-oper-
ated bridge crane is 25%, which applies to the crane
bridge wheel load. The crane spans 37 ft simply sup-
ported and its maximum reactions occur when the trol-
ley and lift are at the limit, 5 ft from the end.

S5ft,

I._. 0.8 kip/ft

tlt v+ vyt oty
A Ylift + troltey = 119 kips

7t

HI'!'I!)( 1

elevation of bridge girder

> Mp= P(L-5 ft) + (wL)(0.5L) = RpaxL =0

P(L -5 ft) +0.5wl?
L
(119 kips)(37 ft — 5 ft)

Ropay =

' + (0.5)(0.8 %) (37 ft)*
- 37 ft

= 118 kips

Increase Rp. by 25% (impact factor) and distribute
equally to two wheels spaced 12 ft on center.

R=0.5(1 4+ I)Apax
= {0.5)(1 + 0.25){118 kips)
= 74 kips

The resultant of the two moving forces is midway
between them.

T = (0.5)(12 ft) = 6 ft

it gf 118

74 kipmﬂ =125 x Ty 74 kips

:
i A

‘tﬁ o ft 7

.
centerline

elevation of crane girder

The moving loads are supported by the crane girder, j

which spans 22 ft simply supported. The maximum
bending moment occurs under the wheel closest to the
centerline when the distance from girder centerline to
the resultant of the two moving forces is equidistant
from centerline to the nearest force, as shown. To find
the reaction at the left end of girder for this load
position,

Y Mg=2R(0.5L—05%) - RyL=0 !

g, - 2R(05L - 053) q
L=———7F" (1
(2)(74 kips) ((0.5)(22 ft) — (0.5)(6 ft)) a
22 ft
= 53.8 kips
Maximumn bending moment occurs under the wheel load 1

nearest midspan and includes the moment due to live
load plus impact, plus the dead load of the girder and

crane rail. |
My = Ry(0.5L = 0.5%) + My
= (53.8 kips) ((0.5)(22 ft) — (0.5)(6 ft)) + My
= 430 ft-kips + My

Anocther possibility for maximum bending moment !
occurs when only one force is on the span, positioned

at midspan, and the other force is off the span. For this

case,

Mo = 0.25RL = (0.25)}{74 kips)(22 ft) = 407 fi-kips

PPl # www.ppi2pass.com
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The case with both wheels on the span is larger and
controls. Maximum shear occurs when one wheel is
adjacent to a support.

S M= Vil - RL— R(L - 12 ft) =
RL+R(L—12 ft)
Vinax = 7
_ (74 kips)(22 ft) + (74 kips)(22 ft — 12 ft)
a 2 &

= 108 kips

By Sec. 4.10.3 of ASCE 7, apply a lateral force equal to
90% of the trolley plus lift at the top of the rail. Dis-
tribute half of the lateral force to each parallel crane
girder and half to each wheel.

= (0.5)(0.5) (02 Wicaey + Wi))

= (0.5)(0.5)(0.2)(19 kips + 100 kips)

= 5.95 kips [per wheel]

The maximum bending moment about the weak axis
occurs with wheel loads positioned as for critical strong
axis bending. The magnitude of this moment is in direct
proportion to the strong axis moment.

(2
M= ()M

_ {5.95 kips .

= (—-—-—7 4 Kips )(430 ft-kips)

= 34.6 ft-kips

Fallow the usual procedures for design of crane runway
girders (see Fisher and Buettner). The class of service
for the crane is not specified. Assume that maximum
stresses occur infrequently so that no reduction in the
stress range is required for fatigue. The recommended
limits on live load deflections are A,<L/1000 and
Az=L/400. Thus, with one wheel at midspan and the
other off the girder,

_RI*

= <
Ay= WBEL 0.001L
I _RL*
=2 0.048E

(74 klps)((22 t't)(lz —))2
(0.048) (29 000 k‘ps)

> 3705 in

HE
== 48EI

HL?
e
L2 0.12E

(595 kips) (22 ft) (12 %))2

(0.12)(29 000 k‘ps)

> 119 in?

<0.0025L

From AISC Table 1-19, try a W27 x 84 in combination
with 2 Cl15x33.9: [=4050 in®, 1,=420 in?
$. =237 in?, and S,g—403 in®.

Wy = WWaC -+ Wrail

1bf 1bf
118 =y +28 &

1000 Lof

kip
= {0,146 kip/ft
Calculate the dead load moment at the point of My,
3 ft from the centerline.
Vo= 0.5ul = (0.5) (0 146 k‘p) (22 &)
= 1.5 kips
Mp=0.5(Vp+ 0.5Twp)(0.5L — 0.5%)

= (0.5)(1 6 kips 4 (0.5)(6 ft) (0 146 kfltp))

X ((0.5)(22 i) — (0.5)(6 &))
= 8 ft-kips

M= M+ Mp =430 ft-kips + 8 ft-kips = 438 f-kips

85 Ibf

T 28 lbfift
10.0in E E a
x X
8 W27 x B4:
vy = 120in 1, = 0.46 in
b, 10.0in
I ty= 0.64in

For a single W27x84: A=248 in%, d=26.7 in,
t,=046 in, by=10.0 in, £{=0.64 in, kd=—124 in,
J=2.81 in, b,/zt,_'r?s h/tw 52.7, Z.=244 in®,
5.=213 in®, I--lOﬁm and r,=2.07 in.

For a single 015x339 A—100 in?, t,=0.40 m,
£=0.79 in, ;=315 in*, Z;= 50.8 in?, and J=1.01 in*.

——

oy
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3-42 STRUCTURAL ENGINEERING SOLVED PROBLEMNS 0l

For the C15 x 33.9 in combination with the W27 x 84
(AISC Table 1-19): L=4050 in‘, n=17.1 in,

1 =10.0 m, S,_t—f,/yl—237 ind, Spe= I/ =403 ind,
Z =316 in’, yp=23.9 in.

Check local buckling (AISC Table B-4.1). The critical
flange element is the stiffened web of the C15 x 33.9
between the flange tips of the W27 x 84.

\ 36 k“’s

- 11,376 in-kips
((0'54)( 8532 in-kips ) 0'09)

- E_
,\,_5.7‘/Fv_5.7

=162 [controls|

> = 383

he= 2(?/2 —tuo — kdes.w)
= (2)(10.0 in — 0.40 in — 1.24 in})
= 16.7 in

M,=F,2,= (36 ’“"S) (316 in®)
= 11,376 in-kips
My=F,S, = (3 klps) (237 in®)

= 8532 in-kips

hp= Z(d— Y — kda - tw.C)
= (2)(27.1 in — 23.9 in — 1.24 in — 0.40 in)
=3.12in

8363 [<X

The combination section is therefore compact, provided
that the C section is continuously attached to the
W27 x 84. Compute the flexural strength for bending
about the strong axis per AISC Sec. F4.2(ii).

tfbf
I:c+—12—

tu,w(0.54
\ 4o+ (b + 2GS

T =

0.64 in}(10.0 in)’
315 int 4 & "')1(2 in)

10.0 in’ + (0.64 in)(10.0 in)
(0.46 in)(0.5)(16.7 in)

N7 6

=4.65 in

L= 1lr, /FE
v

(1.1)(4.65 in)

29,000 k'PS

36 ‘f*—i’f
mn

in
12 e
=121f1t

The unbraced length, L,=22 ft, is greater than the
limiting length for full plastic capacity; therefore, calcu-

late the limit for inelastic lateral-torsional buckling per
AISC Eq. F4-8.

My.= F,Sy = (35 ’“ps) (403 in?)

= 14,500 in-kips
Ry.= Mp _ 11,376 in-kips
°" My 14,500 in-kips

=0.78

Sa_ 227 in° in3
S.. 403 in?

F,=F, (%—) (36 k‘ps) (0.56)
= 20.2 ksi

= (.56 [<0.7, so use AISC Eq. F4-6b]

ho = (d - 2kd=) W
=26.7 in — (2)(1.24 in)
=242 in
J=Jo+Jdw
= 1.01 in? + 2.81 in?
= 3.82 in*

-
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E J
Ly _1951';(FL) S ho

XJH\/HS-TG((%)(%))!

kips

29,000 7 5 3.82 in®

. in?
(1.95)(4.65 in) 0p.o KPS klps \/(403 in3)(24.2 in)
in®

1+ (6.76)

20.2 =2 k‘ps

l-us
x | \20.000 = p

(403 m3)(24.2 in)
x( 3.82 in? )

in
2%
=514 ft

For the wheel loads positioned to produce My, =

430 ft-kips,

M4 = Ryz =(53.8 kips)(5.5 ft)
= 296 ft-kips

Mg = Rrz — P(0.5%)
= (53.8 kips)(11.0 ft) — (74 kips)(3 ft)
= 370 ft-kips

Mc= Ryz — P(z - 8 ft)
= (53.8 kips)(16.5 ft) —
= 259 ft-kips

(74 kips)(16.5 ft — 8 )

12.5M max
2.5Mpax +3IM 4 +4Mp+3M¢

. (12.5)(430 ft-kips)
~ (2.5)(430 Bt-kips) 4 (3)(296 ft-kips)

+ (4)(370 ft-kips) + (3)(259 ft-kips)
=1.27

Co=

( Ly -
Cb(RPcMFc = (RpeMye — Fi5z) (Lb - i"))
r byp

(0.78)(14,500 in-kips)
(0.78)(14,500 in-kips)

(20 2 k“’s) (403 in%)

( 22 ft—-12.1 ft )
51.4 ft — 12.1 ft
= 13,340 in-kips

Ry My = (0.78)(14,500 in-kips)
\ = 11,310 in-kips

= (1.27)

[controls]

M,l 11,310 in-kips

= 564 ft-kips
T (1e7) (12 E)

Assume that the bending caused by the horizontal crane
force is resisted by the channel and top flange of the
W27 x 84.

. . Y
(36 1‘—‘%5) (50.3 ind 4 (064 in)(10.0 in) )
" in 4

= 120 ft-kips

Check combined bending about both axes, per AISC
Eq. Hl-1b.

Mp | Myy| _|438 fikips 346 fickips
M. ' M,| ™ |564 ft-kips = 120 ft-kips
=106 [>10]

The overstress (6%) is acceptable, considering the small
likelihood that absclute maximum bending moments
will occur simultaneously about both principal axes.
Therefore, flexural strength is adequate. Check shear.

V, _ {(06F,)dt,
Q. 0,

(0.6) (36 ’“PS) (26.7 in)(0.46 in)

1.5
=176 kips {> Vi, 50 OK]

=

[Use a W27 x 84 capped with a C15 x 33.9. |

s m——y

e
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STRUCTURAL ENGINEERING SOLVED PROBLEMS :

12.2. Design welds connecting the C15 x 33.9 to the
W27 x 84. Use fillet welds, E70XX. Per AISC
Table J2.4: wm, = Y16 in, and weld strength is governed
by the horizontal shear stress transfer under vertical
load.

J=1y, —Tc=10.0in —0.79 in = 9.21 in
Q= A7 = (10.0 in?)(9.21 in) = 92.1 in®

V= Viax + Vp = 108 kips + 1.6 kips

= 109.6 kips
vQ (109.6 kips)(92.1 in®)
=T, 4050 in?
= 2.5 kips/in

The maximum shear flow, 2.5 ksi, is shared by two
welds. Thus, the minimum size weld, %16 in, is adequate.

fu = Migwagu = (4) (0 928 klps) = 3.7 kips/in

Acys x 33 = 9.84in?

SOLUTION 13

43.1. Design a tension-side cover plate for the existing
beam.

w = 3,15 kips/ft + 0.046 kips/t
= 3.19 kips/ft

P = 5.15 kips/ft + 0.35 kips/ft
= 5.5 kips

/!\ 10 ft | 10t A

= (2.75 kips/ft + 3.19 kips/ft) x 10 ft
= 34.65 kips

max = 0.125wl? + 0.25PL
v = (0.125) (3 19 k‘ps) (20 ft)°

+ (0.25)(5.5 kips)(20 ft)
= 187 fi-kips

For the W18 x 46 of A36 steel: A;=13.51i in?, d=18.1i in,
ty,=0.36 in, by=6.06 in, t,-O 605 in, bf/2tf—-5 01
hit,=44.6, I.=T12 in", .S' 78.8 in?, and Z,=90.7 in®,
Check local buckling (AISC Table B4 1).

i3

w

=44.6 [< Apw, compact]

The section is compact before adding a cover plate.
(With a cover plate, a greater portion of the W18 x 46
web will be in compression and case 11 of AISC
Table B4.1 must be checked.) The compression flange
is fully braced (per the problem statement). Therefore,

(36 k"’s) (90.7 ind)

(1.67) (12 %)
= 163 ft-kips

Flexural strength therefore must be increased. The
problem requires & 7.5 in wide cover plate. Try adding
a plate that approximately matches the area of the
W18 x 46 web (making the plastic neutral axis (PNA)
at the bottom web-flange junction).

Ay= A, — 2ty
= 13.5 in? — (2)(6.06 in)(0.605 in)
= 6.16 in®
o Aw _ 6.16 in? _ ;
(=" oL =5 =0.82 in

Try & PLYi1x7.5. The area Of the cover plate,
Ap,=(7.5 m)(O 75 in) = 5.625 in?, is less than the web
area, A,=6.16 in?, so the PNA w1ll be above the web-
flange junction. Ignore the fillets and treat the W18 x 46
web as a uniform plate of equivalent width ¢,

Ay
d— 2tf

_ 6.16 in?
18.1 in — (2){0.605 in)
= 0.365 in

twe =

PPl # www.pplZ2pass.com
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Aoy = Aeomp
=1 brts + twehp = ApL + bty + tue(d = 285 — hy)

_ Apl, + tue(d — 2¢f)
- 2te
(5.625 in?) + (0.365 in)

x (18.1 in - (2)(0.605 in))

(2)(0.365 in)
=16.2 in

hy

ho=d - 2tf - hp
= 18.1 in — (2}(0.605 in) — 16.1 in
=08in

The PNA is 0.8 in above the bottom the web-flange
junction. Take moments of area about the PNA.

- 2= brty(d — ty) + ApL(0.5¢ + ty + h2)
2
+0.5¢twch; + 0.5tueh]
= (6.06 in)(0.605 in)(18.1 in — 0.605 in)
+ (5.625 in?) ((0.5)(0.75 in) + 0.605 in + 0.8 in)

+ (0.5){0.365 in)(0.8 in)®
+ (0.5)(0.365 in)(16.2 in)*
=122 in?

ki .
(36 %) (122 in®)
= in
(1.67)(12 E)
= 219 ft-kips

This is well in excess of the required flexural strength,
187 kips, which suggests that a thinner plate would
probably work. Repeat the calculations assuming a
PL%s x 7.5.

Apr = (7.5 in)(0.375 in) = 2.81 in®

Aten = Acump

brty + tue(0.5hy) = ApL + byty + tue(d — 2ty — 0.5h,,)

_ App + tue(d - 2t))
bue

2.81 in® + (0.365 in) (13.1 in — (2)(0.605 in))
- 0.365 in

hy

= 24.6 in

hy = d — 24 — 0.5k,
=18.1 in - (2)(0.605 in) — (0.5)(24.6 in)
=46 in

Zz= btp(d — ty) + ApL(0.5¢ + &y + hg)
+ 0.5tuehl + 0.5tueh?
= (6.06 in)(0.605 in){18.1 in — 0.605 in)
(0.5)(0.375 in)
+ 0.605 in+-4.6 in)

+ (0.5)(0.365 in)(4.6 in)?

+ (0.5)(0.365 in)(12.3 in)?
=111 in®

+(2.8125 in)(

My, M, F,Z;

— Y —

Qy L9 o &
(36 -kilf)uu in%)

in
in
(1.67) (12 E)
= 199 ft-kips

—

Yare
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3-46 STRUCTURAL ENGINEERING SOLVED PROBLEMS

This is close enough. Recheck local buckling for the
singly symmetrical section using AISC Table B4.1,
case 11.

A= Apy + Awiaxqs = 2.8 in® + 13.5 in? = 16.3 in?

APL(O.S(d + t))
A

_ (2.8 in?)(0.5)(18.1 in + 0.375 in)
- 16.3 in2

?:

=16in
—2 \?
= (s + A7) wigsia + Ar(0.5(d + £) - 7)
= 712 in* + (13.5 in?)(1.6 in)? + (2.8 in2)
2
x ((0.5)(18.1 in +0.375 in) — 1.6 in)

= 910 in?

F. I
YV 0Ed+7

(36 k’p‘") (910 in?)

- ((0 5)(18.1 in) + 1.6 1n)( 12 lfrtl)
= 256 fo-kips

(36 k'ps) (111 ind)

in
12 Tt

M,=F,Z, =

= 333 ft-kips

he= 2(§+ 0.5(d - 2::,))

= (2)(1.6 in+ (05)(18.1 in - (2)(0.605 in)) )
=20.1in

N
) o)

klps

29.000
36 k“’s

333 ft-kips :

=61.8
ﬁ 20.1 in
Ly 0.36 in

Therefore, the cover-plated section is compact and can
develop the required moment capacity.

20.1 in
24.6 in \

=558 [<Ap]

The plate is to be attached with %3 in diameter A325-SC
(slip-critical) bolts. The tensile rupture of the tension
flange must also be checked, per AISC Sec. F13.1.
Assume holes are drilled Yis in larger than the bolt
diameter.

Apn = bty — 2(dy + 0.125 in)y
= (6.06 in)(0.605 in) — (2)
x (0.625 in + 0.125 in)(0.605 in)
= 2.76 in®
kips

Fo36 =

Sioin? _ g6
£, 58 klps

in?

FuAp= (58 )(2 76 in?) = 160 kips

[<0.8,s0 Y, =1.0]

YiF A= Y\ Fo bty
= (10) (36 k“’*‘) (6.06 in)(0.605 in)

= 132 kips

Therefore, the holes in the flanges do not reduce flexural
strength. For the PLYs x 7.5,

Ag= (w —2(dy +0.125 in))t

= (7.5 in — (2)(0.625 in + 0.125 in)) (0.375 in)
= 2.25 in®

( kips . g
F A, (36 )(2.81 in?)
& 1.67
r = 61 kips [controls}
kips i 2
FUAn (58 - )(1.{})(2.25 in?)

Q 2.00
\ = 65.3 kips

Thus, the plate is limited by yielding of the gross area
and the plastic capacity can be attained.

Calculate the length of the cover plate required. The
theoretical cutoff points occur where the flexural

strength of the bare W18 x 46 equals the bending
moment.

M _ 163 f-kips
1)

M = Rz — 0.5wz?

163 ft-kips = (34.65 kips)z — (0.5) (3 19 '“é’s)f

M=
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- (163 ft-kips)(l %) - ((34.65 kips) (1 Eff-p))z- (0.5)

| () )

163 ft2 = (34.65 ft)z — 1.5951°
0 ft? = 1.5952% — (34.65 ft)z + 163 ft?
=22 - (21.72 ft)z + 102.2 ft?
z=6.9 ft [from left support}

From symmetry, the theoretical cutoff point on the
right side is 6.9 ft from the right support. AISC
Sec. F13.3, requires that the cover plate extend far
] enough beyond the theoretical cutoff point to develop

the plate’s share of flexural strength at the cutoff loca-
tion. At the cutoff points, M =163 ft-kips.

_ [ M(05(d+1) -7)
. fb = T
l (163 ft-kips)(12 ﬁ)
x ((0.5)(18.1 in +0.375 in) - 1.6 in)
. 910 in4
= 16.4 ksi

FpL = fyApL = (16.4 L-i‘;pz—s) (2.81 in2) = 46.1 kips

For %s in A325-SC bolts in single shear, r,/2,=35.01
- kips/bolt.

n> Fpy _ 46.1 ki_ps
TF s 2B
Q"7 bolt

= 9.2 bolts [say 5 rows of 2 bolts each (10 total)]

extension = (no. of spaces)s + end distance
_ I =(5)(3in}+1.5in
: = 16.5 in

total plate length = (L — 2z) + 2{extension)

- (20 ft — (2)(6.9 ft)) +(2) %

=9.0ft

|Use PLIx 7.5 x 9 ft 0 in. |

13.2. The total number of bolts required between the
point of maximum moment and the end of the cover
plate must develop the yield strength of the cover plate.

kips . 9
Py . FyApL (36 m_z) (2.81 in*) oy
Q.g - Qg - 1.67 - .
Py
0> &, _ 6l kiPs
TE 50
2, bolt
=12 bolts {say 6 rows of 2 bolts each (12 total)]

The bolt spacing required between the cutoff points
varies as the shear flow, V@/1I

Q= ApL(O.E\d +{.5tpL — ?)

_ _ (0.5)(18.1 in) + (0.5)
= ((7.5 in){(0.375 m)) ( x (0.375 in) — 1.6 in)
=215 in?

At the cutoff point, z=46.5 ft,

V=R-wz

= 34.65 kips — (3.19 %) (6.5 ft)

= 13.9 kips

_ VQ _ (13.9 kips)(21.5 in®) _ .
g=—F = 970 in? = (.33 kip/in

Two 3/ in A325-SC bolts will resist a lateral force of
(2)(5.01 kips) =10.0 kips. The bolts must be spaced no
farther apart than

Jpaic _ 10.0 kips
7 033 E
1n

=303 in

Per AISC Sec. J3.5a, the maximum spacing is

24 Lihinner plate = (24)(0'375 in)
Suax £ =9.0in [controls]

12 in

Use five rows of two § in bolts each at 3 in on center
at ends, and eight rows of two £ in bolds at 9 in on
center over the middle 7 ft of plate.
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3-48 STRUCTURAL ENGINEERING SOLVED PROBLEMS

SOLUTION 14 Thus, summing vertical forces at joint D gives the reac-
O N L e bl tion st D for constraction scheme 2.

414.1. Determine the final reaction at D for each of the

two proposed construction schemes. Use ASD. ZF!.' =—Vpa— Vpc+ Rp =0

Of the two proposals, the second one is simpler in that = =43 kips — 34.5 kips + Rps

the final vertical displacements at supports A, D, and C . ,

are identical; thus, the beam behaves as a two-span Rpy = 77.5 kips  [upward|

continuous beam on unyielding simpie supports. Any
method of linear structural analysis provides the reac-
tions and internal shears and moments. For this solu-
tion, analyze the two-span beam using moment
distribution.

The alternative construction sequence is to place the
new column in a tight fit and then remove the existing
column. Theoretically, this sequence will result in a final
deflection at the support D that is not the same as at the

4 kios/it end supports. Due to symmetry in spans and loading
i (assuming both spans simultaneously loaded with
: 4 kips/ft), the deflection can be calculated assuming a
A ) c fixed-hinged uniformly loaded beam of span 15 ft {AISC
7 7 Z Table 3-23, case 12). Solving for the deflection at point
! 18 h 2R | D in the existing condition gives
12 .
FEMDA=V%- _{wz \pa L=15ft=180in
%) aax 1B A= (48EI)|:L 3Lz +227) z=12 ft=144 in
o 3E 8
“kap = S8 = 162 ft-kips ( k:ps) (12 f)
3 122 =
koo = S FEMpc = —4 X =
oc= 3 Do it (48)(29 000 k“’s)(m in4)
= =72 ft-klps
fo4fos | ] y (180 in)® — (3)(180 in)(144 in)*
-36| -54 )
0 126 |-126 i) = 0.029 in [downwa.rd]
The change in reaction at D due to this residual deflec-
) ( tion equals the concentrated force that is applied at D in
A ¢ the released structure to produce the deflection. Thus,
‘|\ Voa Voc *
_ Pa?h? .
=3RIL = 0.029 in
From the free-body disgram of member AD, L is the full length of 30 ft=360 in, =218 in, and
b=144 in.
> M =05wlip + Mpa — Vpalap =0 1
_ (3EIL
= (0.5)( l“ffs) (18 ft)? + 126 ft-kips fo= ( 25 )(0 029 in)
— Vpa(18 it) (3) (29 000 kjps) (712 in*)(360 in) g '
Vpa =43 kips  [upward) = (216 m) (144 in)2 (0.029 in) l’
From the free-body diagram for member DC,
=07 kip
ZMC = —0.5wL-2DC — Mpe+ Vpelpe=0
ki Superposition gives the final reaction at D for construc-
= (—0.5)( ps)(lZ ft)* — 126 ft-kips tion scheme 1.
+ Vpe(12 ft) Rp; = Hpz — P =77.5 kips — 0.7 kip = 76.8 kips

Vpe=34.5 kips [upward}
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STRUCTURAL STEEL DESIGN 3.49
14.2. Venfy the W1B x 46 for the modified structure: c 12.5M max
d=18.1 in, b;=6.06 mj kaes =1.01 m by/2t,=5. 01 b 5 Muax + 3Ma + 4Mp + 3Mg
h/tw 44.6, Z;=90.7 in°, S, =78.8 in®, [,=225 in‘,
=129 in. _ (12.5)(126 ft-kips) - 1.48
(2.5)(126 ft-kips) + (3)(90 ft-kips) )
4 kips/ft -+ (4)(99 ft-kips) + (3)(27 ft-kips)
l'x A
29 kips 77.5 kips 13.5 kips 5
- =284
1. 1.29 in)(28.
___( 76)(1.29 in)( 84)=5'4 £
12 10
ft

Maximum positive moment occurs in span AD where
shear equals zero.

V= Vap — wz =0 kips

—Vap _20Kps_ o0
L 4@
ft

M* = 0.5V spz = (0.5)(29 kips)(7.25 ft)
= 105 ft-kips [with L, =0 ft)
M~ =126 ft-kips [with L, =0 fi]

M~ controls flexural strength. Compute Cj for the seg-
ment AD.

M= V,pz — 0.5wz*
= | (29 kips) (4.5 &) — (0.5) (4 %)

= 90 ft-kips
Mp = | (29 kips)(9.0 ft) — (0.5) (4 k‘T"S) (9.0 £t)?
= 99 ft-kips

= | (29 kips)(13.5 ft) — (0.5)( k‘ps)
= 27 ft-kips
Muax = M| = | —126 ft-kips| = 126 ft-kips

Check local buckling.

Y o s01<03s [E
2! Fv

t£= 4e<37s/ = (3.76)(28.4) = 107 = A,
w ln’

= (0.38)(28.4) = 10.8 = Ay

Therefore, the section is compact. Use the conservative
approximation for L, from AISC Eq. F2-6.

ho= d — 2kge = 18.1 in — (2)(1.01 in) = 16.1 in

(22.5 in*)(16.1 in) _

25, -\ @mswy Lo

L= o7
¢ ¥

29,000 k‘ps

\ (0.7) (36 klps)

in
12 &

n(1.52 in)

=13.5 ft

Since L;=18 ft > L,=13.5 ft, compute M, using AISC
Eq. F2-4.

L, (8 fr)(12 Ef%) i

T 1.52 in
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3-50 STRUCTURAL ENGINEERING SOLVED PROBLEMS

2 2
M, = FuS, M\ﬂ +0.078( Je ) (ﬂ) S,
Ly Szho/ \Tua
Tts
1.48n? (29,000 k'—pf)
n

- (142)°

(1.22 in*)(1)
\/1 ) ((78.8 w9)(16.1 in)) (142

x {78.8 in%)
= 2621 in-kips

kips .
M,,= F,,Z, £ (36 m—z) (907 m:')

= 3265 in-kips [M, < M,

Therefore,
2621 in-kips
Mn__ 167  _ 130 fi-kips > M~ = 126 fi-kips
b 12 2

ft

The W1B x 46 has adequate flexural strength. Check the
shear strength. (See AISC Sec. G2.)

Va=0.6F,dt,C,

=(06) (36 %) (18.1 in)(0.36 in)(1.0)

= 141 kips
141 kips
1.5

Therefore, the existing W18 x 46 is for the pro-
posed modification.

Yo =94 kips [> Vs =43 kips]
2y

14.3. Design a new column at D. P=Rp=77.5 kips
with KL ,=KL,=10 ft. Since the problem specifies
ASTM A36 steel and the AISC Manual does not contain
tabulated capacities of sections with F, =236 ksi, use a
trial-and-error approach to find an acceptable solution.
Try the following.

Fo=0.75F, = (0.75) (36 k’—‘f) = 27.0 ksi
in
kips
Py _Faly (27'0 —{"T)Ag>p—775k3
Q.. o 1e7 - v
Ag > 4.80 in?

Try a W6 x 20. A,=5.87 in®, ;=2.66 in, r,=1.50 in
(which controls).

kr, (10)(10.0 &)(12 %)

=80

Ty 1.50 in

T Ty

4.71\/1‘,E = (4.71)(24.8)

=134 [KL/r<471\/E[F,]
Use AISC Eq. E3-2.

I (29,000 %P;:)
=2E - L = 44.7 ksi
(ﬁ) (80)
=
ki ki .
Fer=0.658"/FeF, = (0.65836 /T ;ﬁg) (36 El‘:;f)
= 25.7 ksi
kips . o
Py Fady _ (25.7 2 )(5.87 in®)
Q2 1.67

=90 kips [> Rpy =77.5 kipsg]

-mw“ﬂ-wu

[Select a W6 x 20.]

14.4. The column-to-girder connection is to be made
by field welding. The top flange is braced; in order for
the W18 x 46 to be laterally braced on the bottom
flange at the support, provide fitted stiffeners to the
lower flange and web directly over the column. For
simplicity, use two sets of stiffeners directly in line with
the flanges of the W6 x 20 and furnishing roughly the
same area. :|

i s 3""“""'"—“-"—5.' -

Ag = 0.5b¢¢; = (0.5)(6.02 in)(0.365 in)
=1.1in* [say PLYs x3]

Since bearing stiffeners are used, local web crippling
cannot occur and does not need to be checked. Stop
stiffeners short of the top flange of the W18 x 46.

L=d— 2k =18.1 in — (2)(1.25 in)
=15.6in [say 15 in|

-
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Use minimum size fillet welds of Y4 in. To cap the
- W6 x 20, use a plate that is wider than the flange of
the W18 x 46 (by=6.06 in). Thus, the proposed connec-
tion is
PLIX 7 X 1f3in

[

[

[ ] (on each side)
[ .

connection at D-elevation
) (not to scala)

15.1. Compute the minimum flange width at the crit-
- ical section. Base the design on an elastic analysis with
maximum computed bending stress equal to fy= Mc/l
.} Because F} is already specified, local buckling of flange

and web need not be checked.
1.14 kips/ft
- 12 in
{
- _r 36in
o 28.5 kips

I 25 ft | 25 ft IR = 28.5 kips

resisting moment

bending moment

. . L
critical point =~ ry

The depth, d, varies hnea.rly from 12 in at the ends to
36 in at midspan; ty= 58 in; t,=%16 in; F,=22 ksi. As

l
]
l
|
]
|
{

e ai(g) +45

. 224 +57)
il d

M.=0.5wlz - 0.5wz?

= (0. 5)(1 14 k‘fps) (50 ft)z — (0.5) (1 14 ’“Efs)zﬂ

ft

To get a trial value of Ay assume that the critical
location for bending stress is at 0.25L from supports
where d=24 in.

= (28.5 kips)z — (0 57 hp):ﬂ

z=0.25L = (0.25)(50 ft) = 12.5 ft

M, = (28.5 kips)z — (0 57 kf‘tp)zﬂ

Mo125 5= (28.5 kips)(12.5 ft) — (o 57 kfltp)(12.5 ft)?

= 267 ft-kips
M ziase=Mp= F}S;
Ap(24 in)

. kips
267 ft-kips = (22 m_z) , (01875 in)(24 in)?

A;=35.31 in®

For the % in thick plate,

Compute the actual section properties based on the trial
dimensions. To confirm the location of the critical bend-
ing stress, check the actual bending stress in the vicinity
of 0.25L =12.5 ft; say at =10 ft, 12.5 £, and 15 ft. At
=10 ft,

d=d.+ mz
=12 in+(§%5:éﬁ)(1o )
=216 in

M. = (28.5 kips)z — (u 57 kf'tp)xz

Mo=10 ¢ = (28.5 kips)(10.0 ft) — (0 57 )(10 0 £t)°
= 298 ft-kips

to(d — 2t)°
1.=24;(0.5(d - 1)) +—(—-E—-’)—

= (2)((8.5 in)(0.625 in) }(0.5)(216 in - 0.625 in)”

3
(0.1875 in)(21.6 in — (2)(0.625 in))
12

+
= 1300 in®

P——

g
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2 int

i in
o Mg _ (228 ft-klps)(IZ ft)
b Sz 120 in3

= 22.8 ksi

[> Fy=22 ksi, so OK]

Similarly, using A;=8.5x 0.625=5.31 in? stresses at
other locations are computed and tabulated as follows.

z d M, I S. i

I
() (in)  (f-kips)  (n%)  (in) (ksi)
100 216 228 1300 120 228
125 240 267 1640 136  23.6 (max)
150 264 299 2010 152 23.5

This confirms that the critical point for bending stress is
near the quarter point (close enough for all practical

purposes).
Critical bending stress occurs at [12.5 & (and 37.5 ft).]
15.2. The actual bending stress exceeds that allowed

by roughly 7%; therefore, increase the flange width
proportionally.

£ b,max
= (5 s

23.6 %
—— 10" (85 in)
29,0 KBS

m

=9in {to nearest Y4 in)
Check the stress at =12.5 ft using &;=9 in.
to(d — 2t7)°
12
=(2) ((9.0 in)(0.625 in)) (0.5)(24.0 in — 0.625 in)*

1. =24;(05(d - 4)") +

3
(0.1875 in) (24.0 in — (2){0.625 in))
12

+
= 1720 in?

s _ERITIm) e i3
S:= 7 20 i 143.3 in

(267 ft-kips) (12 E)

fb=M:==lg._5_§_ ft

S. 143.3 in®
=223 ksi [reFy =22 ksi]

The minimum width for the %3 in thick plate is

15.3. Maximum deflection occurs &t midspan, where
the slope is zero. Various methods of linear elastic analy-
sis can be used to compute the maximum deflection
(virtual work, moment-area, etc.). Given that Ef varies
with d®, the simplest approach appears to be the con-
jugate beam method, using a numerical scheme to
approximate areas and moments of area under the
M/ El-diagrams. Therefore, break the beam into, say,
10 segments with M/ EI approximated as constant over
each segment. Using symmetry, factor E out to simplify
caleulations. Approximate the component areas of the
conjugate beam loading as the area of a trapezoid with a
base 0.1L =60 in.

symmetrical about
centeriine

location M I M A; a;
()  (f-kips) (in*) (kips/in®) (kips/in®) (in)
0 0 383 0 - -
1 1283 795 1.94 58.2 270
2 228.0 1370 2.00 118.2 210
3 299.0 2120 1.69 110.7 150
4 342.0 3050 1.35 81.1 90
5 356.0 4180 1.02 84.9 30

A= 0.5((—’14) S (%) '_) (0.1L)

_ 0 ft-kip A 128.3 ft-ldps
A"(O‘E’)(aaa it T 795 in? )

x (0.1)(50 ) (12 'E)z

ft
= 58.2 ksi
3 128.3 ft-kips , 228.0 ft-kips
A= (0'5)( 795 in 1370 in* )
s 2
mn
x (0.1)(50 &)(12 E)
=118.2 ksi
_ 228.0 ft-kips . 299.0 ft-kips
Aa= (0‘5)( 1370 in 2120 in? )

x (0.1)(50 £¢) (12 %)2
= 110.7 ksi

.
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a _ 299.0 ft-kips |, 342.0 fi-kips
| ] Ae= (0'5)( 2120 in? 3050 in* )
sy 2
n

|- x (0.1)(50 &)(12 E)

] =91.1 ksi

_ 342.0 ft-kips | 356.0 B-kips

i g (0‘5)( 3050 in? 4180 in® )
[ in\?

| x {0.1)(50 &)(12 E)

! = 84.9 ksi

=y
& F

.

58.2 klps+1182 kl"‘°’+1107 e
] +9111‘“’5+849klps

l 29,000 k‘ps

1 = 0.01596 rad

2, Aa;

Agax = 0.5, L = 3 =

=] E

I = (0.5)(0.01596 rad)((50 &)(12 %))

(53 2 k“’s) (270 in) + (118 2 k“"s)
\ lups .
% (210 in) + (110 7 )(150 in)
(91 1 k‘ps) (90 in)

(84 9 k’""‘) (30 in)
klps

29,000

hem

=12.45 in [downward]|

[

SOLUTION 16

16.1. Select the lightest W10 section to support the
gravity loads. Use LRFD. Per Sec. 4.7.2 of ASCE 7,
apply an impact factor of 1.2 for light machinery that
is driven by shaft or motor. For beam 1, estimate the
factored beam weight as 0.02 kip/ft.

| M

L

Pl.l
W s 0.02 kip/ft

|
!

8 i A

P, = 1.6(impact factor)0.5 W
= (1.6)(1.2){0.5)(0.3 kip}
= 0.3 kip

M,=025P,L +0.125w,?

= (0.25)(0.3 kip)(8 ft) + (0.125) (0 02 kf'tp) (8 ft)2

=0.76 ft-kip
Ly=8f Cy=1.0

The lightest W10 section of A992 steel is a W10 x 12,
which has a capacity of ¢ M, =28 ft-kips with L,=8 ft,
more than adequate. |Use W10 x 12 for all beams|
{lightly stressed in flexure).

16.2. Check the vibration potential with the machine
operating at 1725 rev/min. (1 revolution =1 cycle.)

725 =
B=1725 === m—sgm-— 29 rev/sec
min

Check the natural frequency of the beam-girder-motor
system. [dealize the system as a single degree of freedom
with its mass lumped at the load point. The weight of
the beams is significant relative to the motor weight.
Approximate the equivalent mass for vertical vibration
as that of the machine plus two times beam 1, plus the
central half of beam 2.

W= Wnachine + 2wl + 2(0.5105[:)
- Ibf
= 300 Ibf + (2)(12 ft‘) (8 £)

+@)(08)(12 1%? 8 )
= 588 Ibf

MW _ _ 5881bf _ 059 kip

g Ibf\ ¢
(1000 klp)
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To compute the equivalent stiffness, apply a concen-
trated force, K, at midspan {for the W10 x 12, .=
53.8 in%).

A=B8y+4,

KL} 0S5KL}
= +
48E(21;) = 48EI,

(s (2 )’

(96) (29 000 k‘ps) (53.8 int)

0.5((8 ) (12 E))a

(48) (29 000 k“’s) (53.8 in%)

+

= (0.01181 L")K
kip

Setting A equal to 1 and solving for K gives

A (0.01181 kip)K 1

K = 84.7 kips/in
For damping on the order of that in a steel frame (about

5% of critical damping}, the natural frequency is practi-
cally unaffected by damping. Therefore,

H=w
=1 [K
2nV M
kips in
Ir (847 )(12 E)
T on 0.59 kip
ft
322 ——
sec
=37.5 Hz

There is no lateral bracing in the system, so vibration
can occur in the principal horizontal directions as well as
vertically. In either direction, the stiffness is furnished
by two WIO x 12 beams bendmg about their weak axis
(I,=2.18 in").

300 lbf

Calculate the natural frequency for a beam with a
welght of w, and a midspan weight of W vibrating
laterally (see Young, Budynas, and Sadegh).

2 3.13
\/( W +0.486w, Ly) L}
48E[

W= Wrachine = 0.3 kip, w=2ugjuer = (2)(0.012 klp/ft)
=0.024 klp/ft [=2[,=(2)(2.18 in*) =4.36 in*, and
L=8 ft=206 in.

3.13 rev-in?3
fom — ) sec
0.3 kip + (0.486)

klp (96 in)3

(o 024 )(8 ft)
(48) (29 000 k’PS) (4.36 in%)

\

= 13.1 rev/sec

Thus, for vertical motion, w=237.4 rev/sec; for horizon-
tal motion, w=13.1 rev/sec.

The dynamic amplification factor, defined as the ratio of
deflection under dynamic loading to the deflection
under the same force amplitude applied statically, is
plotted as shown (see Paz and Leigh).

dynamic amplification factor
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For this system, the dynamic magnification of vertical
deflection will be large and likely objectionable. The
practical solution is to use a lighter, more flexible beam
that still has adequate strength and stiffness, but has a
lower natural frequency of vibration.

16.3. The maximum moment under design loads is
only 0.76 ft-kip, so & W6x9 has enough strength
(M, =14 ft-kips with Ly=8 ft), but with [;=16.4 in*
(roughly one-third the stiffness of the W10 x 12) and
with /,=2.2 in® (practically the same as the W10 x 12}.
For this member, vibration in the vertical mode gives

A=Abea.m+Agirder=1

KI}  05KL}
= +
BEQ2,) | 48EI,

)
- (96) (29,000 1“—”,”‘) (16.4 in%)

in

O.SK((S ft) (12 %))3

(48) (29,000 %) (16.4 int)

-+

- n\p_
= (0.03845 kip)K 1

K = 26.0 kips/in

W = Wgachine + 2Wheam L + 2(0.5%heam L)
= 300 Ibf + (2)(9 % (8 ) + (2)(0.5) (9 % @ &)
= 516 Ibf

W__ 5161bf _ 0.52 kip

g 1bf g
9(1000 kip)

m=

STAUCTURAL STEEL DESIGN 3-55
For the vertical vibration mode, fi=w
1 /K
rev =— /2
I 2e¥m
w 375 &Y : .
sec (26.0 @) (322 L) (12 1)
= 0.8 [too close to unity, no good| L n Sec ft
) ) 2n 0.52 kip
For the horizontal vibration mode,
=22 Hz
- 29X @_29
r=Zo__ s _99 [OK| B Rk

The dynamic amplification factor plot graph shows that
for this condition, the dynamic amplification is at a
reasonable level.

SOLUTION 17

Design the steel-to-concrete column connection using
LRFD.

1

A
T Baga - ",
O R Y
_,....nl-.
S \O_..'G-
T

]

gt A floor system &

column; f; = 3000 psi
By, =085

36in X 36in
S

Consider load combinations 2, 5, and 7 from Sec. 12.4
and Sec. 2.3 of ASCE 7.

Pu.z =12Pp+16F;
= (1.2)(563 kips) + (1.6)(400 kips)
= 1316 kips [controls]

My2=12Mp+16M,
= (1.2)(0 ft-kips) + (1.6)(0 ft-kips)
=0 ft-kips

Pus=12Pp+05P,+ Pg+0.25psPp
= (1.2)(563 kips) -+ (0.5)(400 kips) + 0 kips
+ (0.2)(0.5)(563 kips)
= 932 kips

PPl ¢ www.ppli2pass.com
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Mus=12Mp+0.5M; + Mg +0.25sMp
= (1.2)(0 ft-kips} -+ (1.6)(0 ft-kips) + 660 ft-kips
+ (0.2){0.5){0 ft-kips)
= 660 ft-kips [controls]

PuJ = 0.9Pp+ Pg —0.25psPp
= (0.9)(563 kips) + 0 kips ~ (0.2)(0.5)(563 kips)
= 450 kips

Myz=09Mp+ Mz —025:Mp
= (0.9)(0 ft-kips) + 660 fi-kips
+ (0.2)(0.5)(0 ft-kips)
= 660 ft-kips [controls]
Load combinations 2 and 7 are the controlling con-
ditions. Check bearing on the concrete for loading com-

bination 2 (uniform axial compression). Per AISC
Sec. J8, for bearing on less than the full area of concrete,

taking / A2/ A as its limiting value of 2.0,

dP, = $0.85f A, \/E

- (0.6)(0.85)( k‘ps) A1(2.0)

(3 06 k’l’s)Al > P, = 1316 kips
Ay > 430 in?

For load combination 7, the moment is best resisted by
a plate with a length as large as practicable. The anchor
bolts will extend through the floor and embed within the
confined core of the concrete column below. To main-
tain clearance within the column core, the maximum
distance from column centerline to anchor bolt is

a=——cover —d, — d; — d,
2 62 =15in—-0.5in~ Win —15in
=12 in

d, is the tie bar diameter, d;is longitudinal bar diameter,
and d, is the anchor bolt diameter. Therefore, try a
20 in x 28 in base plate with the longer dimension resist-
ing the moment.

A, = BN = (20 in}(28 in) = 560 in®

This is greater than 430 in?, the area required for unj-
form axial compression.

P, = 450 kips

[
/ concrete stress
distribution

?
8=
J L‘H'.I = 0.857,B(B, 1

u, (660 fi-kips) (12 %)

e=—

P, =2 450 kips

=176 in

y is the distance from the compression edge of base plate
to the neutral axis under the design loading.

Y Fu=T+P-C.=0
= T+ P, - 0.85{.(0.85y)
T = 0.85f.b(0.85y) — P
= (0. 85)( k‘p") (20 in)(0.85y) — 450 kips

(43 35 k“’s)y 450 kips

Take moments about the line of action of P,.

2.M=T(a+e€) - Cc(e—0.50+0.50,y) =
((43 35 k‘ps) y — 450 klps)
x (12 in + 17.6 in) — ((43 35 k‘PS) y)

x (17.6 in— 14 in — (0.5)(0.85);;)
y=16.0in

Therefore,

(43 35 k‘ps) y — 450 kips

(43 35 k‘ps)(ls.o in) — 450 kips
= 244 kips

PPl » www.ppiZ2pass.com
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Try four anchor bolts on each side (eight total). Assume
all bolts resist the seismic shear.

p=—==———=138k d
v ds 8 kips/ro

Try a 1.5 in diameter ASTM F1554 grade 55 anchor
rod. From AISC Table 2-5, F,,= 75 ksi.

Ay = 0.257d? = 0.25x(1.5 in)? = 1.77 in?

Per AISC Table J3.2, assume that the threads are
included in the shear plane.

Fp = 0.75F, = (0.75) (75 k‘ps) = 56.3 ksi

Fo.= 0.40F, = (0. 40)(75 k‘ps) = 30.0 ksi

v 13Sk1ps

For combined shear and tension (per AISC Sec. J3.7),

Fy
P =13Fn— ( ¢ F') fo < Fo

kips
56.3 —L°
- (1.3)(56 3 li‘ps) in?

(0.75) (30 0 k‘ps)
(7 8 l“ps)

=53.7ksi [< Fp=56.3 ksi

¢Rn= ¢F, Ay

_ klpS in*
= (0.75) (53 7 ) (1 7 bolt)
= 71.2 kips/bolt

T _ 244 kips

n>
9R. g Ee
bolt

_ use four 1.5 in diameter F1554 grade 53
Bt [ anchor bolts each side (8 total)

0.95d =

(0.95}(17.12 in} *

Check bearing pressure for loed combination 2.

f _ Py _ Py _ 1316 kips
P A BN (20in)(28 in)
=2.35 ksi [<0.85f, so does not controll

Therefore, plate bending stresses control. Determine the
required plate thickness (for A36 steel} based on the
compression side bending moment. The critical section
occurs at a distance, m, from the longer edge of the base
plate.

m = 0.5(h — 0.954)
= (0.5) (28 in — (0.95)(17.12 in))
—] 587 in

my = (0.5)(0.857.m?) (1 %)

" kdps in
= 0.5(0.35)( )(5 87 in (1 in)
= 44 in-kips/in

On the tension side,

7(o - 295)
s 2 1
B
(224 kips) (12 in — w)
- 20 in

= 47.2 in-kips/in

Therefore, the tension side governs.

Pt
M, = i L My
4
= Am, | (4)(47.2 in-kips) —9.49in

*Fv | (09) (36 %’nlf)

PPI o www.pplzpa-s.cumfln.am
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Use PL2'2 x 20 x 2 ft 4 in.|

13 in dia. ASTM F1554
anchor rods (4 each side]

13
.'I‘ ]
g"fm g e & PL23 X 20 X 2 ft4in
o — o e :‘la:,—v% °..
9 O e u T I
aeder LI eyt peda BT
PR T AT 13 AL
! Y o e kg 1
R PP 1 A
"-u. a-. .." ‘nl-ll$..'
el ;?,1—- confinement hoops
lo 2t (ACI 318 Sec. 21.4.4)

slavation
{not to scale)

Assume all shear transfers through the web. Per AISC
Table J2.4, use %16 in minimum size fillet welds. For
E7T0XX electrodw, the strength is 1.39 kips/in per Y6 in
of weld size. (See AISC Part 8.)

g < DpF, = (5) (1 39 klps) = 6.95 kips/in

Va 110 kips

Ly>—4
¢ g.gg M

=158 1in [<2T=(2)(10.0 in) =20 in|

Use 16 in fillet welds each side of web, For the flange
connection, mill the contact surfaces so that com-
pression stress is not critical. Follow FEMA 267A
recommendation and avoid partial penetration weld of
flange-to-plate connection for seismic loading. Transfer
the tension force, 244 kips, through side plates welded to
the column flange. Assuming the three plates are fully
effective,

_ T _ 244kips _ o
Ve= = 3 mide Dhates Dlates 81.3 kips/side plate
M= V,(a—05d)

= (81.3 kips) (12 in — (0.5)(17.12 in))

= 280 in-kips

Use plates thick enough to develop the strength of %16 in
fillet welds to both sides. From AISC Sec. J4.2, for
AJ6 steel,

4

$(0.6F,) = (1.0)(0.6) (36 k'p‘")
= 21.6 ksi

[controls]
@fem < § "
#(0.6F,) = (0.75){0.6) (58 =

\.._./

\ = 26.1 ksi

(2) (6 95 k“”s)
t>
= ¢f BM 21.6 kiPS

=0.64 in [say ¥4 in plate]

Determine the length required to resist the combined
shear and bending using the elastic method.

L, > V., _ 813 kips

2¢ _( )(695 klps)

>5.8in |[try 12 in long plates]|

_V, _8l3kips e
fu= L. D2 i) 3.4 kips/in

M, _ Ve _ (813 kips)(2 in)
5

v 2(%?”) - (2)((12 in) )

= 3.39 kips/in
=i+ 1
\/ (3 4 k'ps) + (3 39 k:ss)

= 4.80 kips/in [=~g, so OK]

fo=

For a minimum field weld of Y4 in, the weld capacity is

g < DpF, = (4) (1 39 k‘ps)

= 5.56 kips/in [OK]

Use three PL3 x § x 1 ft 0 in plates with the same
size bearing plate and -5- in fillet welds.

13 in dia.
ASTM F1554
anchor rods
(4 each side)

PLIxEx1ft
{3 aach side}

PPl # www.ppi2pass,.com
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SOLUTION 18

418.1. Verify the tube size shown for the structure. Use
ASD. For the given wind load,

20 oL
P=pys= —flth (10 £t) = 0.2 kip
1000 —
kip
Analyze the rigid frame for lateral load using the portal
method.
0.2 ki
ip c
5ft
5 ft
A Sl At
A kip D kip
lr YM=0.1kip x5t
! 108 I = (0.5 ft-kip

Each column resists an equal share of the lateral force,
0.2 kip (0.1 kip each). Assuming that the inflection
point is at midheight, the moment at the base of the
column is

M = V(0.5k) = (0.1 kip){0.5)(10 ft} = 0.5 ft-kip

S Mp=Ph—P.ywL-2M=0

. Ph-2M
Py = —I
(0.2 kip)(10 £) — (2)(0.5 ft-kip)
N 10 £t
= 0.1 kip

Use the moment distribution method to analyze the
gravity live plus dead loads (see Leet, Uang, and

Gilbert).
(14 %+20 lf‘t’—f)(m i)
w= (wp + wr)s =
1000 Bf
kip
= 0.34 kip/ft
, = (0.34 l1’13-)(10 ft)*
FEM = twl® _ it
12 12
= +2.83 ft-kips

Starting with the fixed end moments (FEMs) at joints
B and C, an initial distribution at B shows that
moments of +1.42 ft-kips at BA and BC are required
to balance the joint (indicated by underlined values in
the table). From the distributed moment at BC, one-
half carries over to joint C, which results in an unbal-
anced moment of (2.83 +0.71) ft-kips at C. Joint C is
then balanced by moments —1.77 ft-kips at CB and
CD; with one-half of —1.77 ft-kips carried over to joint
B. Successive balancing and carrying over is per-
formed between joints B and C until the final
balanced moments are insignificant (—0.01 ft-kip).
Summation of all moments (FEMs, distribution, and
carryover moments) gives the fnal moments of
1.89 ft-kips (positive when clockwise on a joint).

joint BA BC CB CD
DF 0.5 0.5 0.5 0.5
FEM: 0 —-2.83 2.83 0
Bal.B,CO 142 142 0.71
Bal C,CO -0.88 ~1.77 -1.77
BalB,.CO  0.44 0.44 0.22
Bal.C,CO -0.06 —0.11 =0.11
BalB,CO  0.03 0.03 0.02
Bal.C,Stop —0.01 =0.01
I= 1.89 -1.89 1.89 =1.89
Fog = 1.7 kips
0.28kip 1
1.89 ft-kips
0.95 ft-kip

1 0.28 kip
1.7 kips

Check loading combinations 2, 5, and 6 from ASCE 7
Sec. 2.4.1. The relative dead and wind load effects are
such that combination 7 clearly is not critical and is not
included in the combinations.

Py= P =17 kips [conttols|
My = 1.89 ft-kips

= (¥
o (D) +

Ib

4 23

= | =& | (17 kips) + 0.1 kip
Mg

= 0.8 kip

—
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Ms= M, + (%)M

IS
14 f Fy
=05 fiokip + | —E- | (1.89 fe-leips)
34 2 Check the compactness per AISC Table B4.1.
= 1.28 ft-kips
%_142<242‘/ = (2.42)(25.1) = 60.7
F,
Po= (%) P +0.75(%) P+ 0.75Py $_988<112,/F = (112)(25.1)
Ib !
4 == ft . =28.1 |[section is compact]
= | — b (1.7 kips) + (0.75)
34 =
ft2
20 1bf "’ KL_ KL ..108<471,/F = (4.71)(25.1) = 118
X ]bf (1.7 kips) + (0.75){0.1 kip) T T v
34 "
= 1.53 kips _ n’E
©T (KLN?
)
= (¥ W
Mo = (22) M +0.75(2E) M +0.75M (29000 k,ps)
Ib =
14 —
14 Fa . (108)>?
s 1.89 ft-kips) + (0.75
bt RS = 24.5 ksi
2
a0 Iof
x lftt’f (1.89 ft-kips) + (0.75)(0.5 ft-kip) Fe=0.6585/FF, |
34 = . g . i
ft2 - (0.65846 %5‘4/24.5 '-:-EF) ( 46 10_1325) .
= 2.0 ft-kips [controls] n
The gravity dead and live load controls. Check the el : £
HSS4 x 3 x 0.250. Section properties are as follows: :
A,=291 in% b/t=0.88, ht=142, L=6.15 in?,
r,_145 in, ry=1.16 in, Z; =3.12 in®, F,=46 ksi. For p _FaAg
the z-axis, using AISC Fig. C-C2.4, GA—I 0 because T,
the base is fixed. . kl s
(21 o B )(2.91 in?)
. 4 am—
G (-‘%)c (338;? )c 1.0 36.6 ld 1'67
= = = ]. = H S
? @) (aorin .
L/g 108 /, Compute the amplified moment for an unbraced frame
per AISC Eq. C2-3. It is conservative to amplify the end
From AISC Fig. C-C2.4, K;=1.3. The y-axis is braced moments in the reverse curvature colurmns by the ampli-
out of plane; therefore, K, =1.0. fication factor B, for the lateral translation case.
KL (1.3)((10 ft)(12 l&‘%)) . . Py=FA,
= = t
. 145 in [eontrols] (25 4 k’ps) (2.91 in?)
in
kL, (0 (G0 #)(12 E)) — 739 kips
= - = 103
Ty 1.16 in
PPl &« www.ppl2pass.com ..'J
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1
By = 1 aZP..
Pag
_ 1
(1.6)(1.7 kips)
© 739kips
=1.04

M, = BoM = (1.04)(1.88 ft-kips) = 1.97 ft-kips
Calculate the flexural strength per AISC Sec. F7.
My=M,=F,Z;
(46 E%) (3.12 in%)

in

in
12 &

= 12.0 fi-kips

Mu =T—1.—67=7.2 ft-klps

Combine axial compression and bending per AISC
Sec. H1.

P. _ L7 kips
P. 366 kips
=0.05 [<0.2, therefore, use AISC Eq. HI-1b)
P, + M _005 1.97 ft-kips
2P, M, 2 7.2 ft-kips
=0.30 [<1.0, 50 QK]

Therefore, the {HS54 x 3 x 0.250 is OK. |
18.2. Detail of the beam-to-column connection.

closure plate

erection seat-shop
weld to column;
weld nut for 3— in dia.
A307 bolt to seat

connection detail view
{not to scale}

SOLUTIONMOMIN . @ oo o s e
19.1. Analyze the modified frame for dead load and
lateral forces. The W10 x 48 columns are oriented to
bend about their weak axes. For dead load analysis,
the column shear is practically zero under the symmet-

rical loading, because of the flexibility of the W10 x 49
about its weak axis.

€8.5 kips b.7kips  68B.5 kips
’ \ g \8
1 }
\ /
95f] ST N
I A
"—-0 lb i -0
kips i kips
18kips | 1Bkips W10 % 49
|
L A982
215 #t 25ft 75 fu F, = 50 kips/in?
symmetrical
about centerline
L. —t— -0 kips

*39.35 kips 439.35 kips

The free-body diagram for the cut a-a is

5.7 kips

9.5 ft 12,10 ft
5t
A F
ZF,, = —2F cosa — 5.7 kips =0

Fy= —35.7 kips
2cosc
—5.7 kips

9.5 ft
@ (5re)
= -=3.63 kips
For the cut b-b,

|compression|

Fy 3.63 kips
O kips F

18 kips
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ZF = —18 kips — (3.63 klps)(19251 f;) Fy (%%)
=0

Fy=26.6 kips [tension]

SF,= —(172‘51 fftt) (26.6 kips)

7.5 &t
(12 - ft) (3.63 kips) + Fy = 0

F3=18.7 kips {tension}

For the cut c-c,

68B.5 kips

Fa

26.56 kips
89.35 kips

S F.=Fy+ (17251 f;t) (26.6 kips) =

Fy= =16.5 kips [compression]

For analysis of the lateral wind force, the distribution of
lateral force is distributed equally with each column
receiving 0.5 V= (0.5)(42.8 kips) =21.4 kips. Summing
moments about the left support gives
> My=Vh+PuL=0
= (42.8 kips)(31 ft) 4 P,(30 ft)
P = —-44.2 kips [44.2 kips downward|
> Fy= Py— 442 kips =0
Py=44.2 kips [upward]

21.4 kips 21.4 kips Fs
e i
:F 2
jref— F‘

21.4 kips —— 21.4 kips —3»—

#

44.2 kips

21.4 kips =3

?

44.2 kips 44.2 kips

From a free-body diagram cut adjacent to the left
column,

> Myo30 1 = (214 kips)(30 ft) — (9.5 ft)F, =
F; =67.6 kips [compression|
_ (851t
Y Fy= (150 g) Fa+442kips =0
Fy=156.3 kips [tension|

> F; = 21.4 kips — 67.6 kips + (172.51 f;,t)

x (56.3 kips) + F3 — 21.4 kips =0
Fq=327kips [tension]

Summarizing,
3.63 kips {c) +56.3 kips
26.56 Kips {c) *32.7 kips
P = B9.25 kips P = +44.2 kips
V=0 kips V= =46.2 kips
0 18.7 kips {t) 0 kips +67.6
P =89.25kips |kips | I kps|p= +44.2 kips
V= 0 kips | I = =214 kips
centerline  centerline
dead lateral

The lateral force is reversible; therefore, the axial force
in eech member due to lateral force alternates between
tension and compression.

19.2. Reinforce the existing column as required using
LRFD. The critical load combination is axial com-
pression plus bending.
P,=12Pp+1.6Pw
= (1.2)(89.35 kips) + (1.6)(44.2 kips)
= 178 kips
My=16Vh
= (1.6)(21.4 kips)(21.5 ft)
= 736 ft-kips

PPl ¢ www.ppi2pass.com
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L
i

Check bending about the weak axis at elevation 21.5 ft.
(WIO x 49 section properties: Z,=28.3 in®, §;=
18.7 in%.)

' (50 k‘ps)(zs 3 ind)
F,z,= =
= 117 ft-kips {controls]
My, < 4 kins '
(1.6) (50 P )(18.7 in®)
1.6F,8, =
12 -f-E
L = 125 ft-kips

The modified frame requires a substantial increase in
bending resistance at elevation 21.5 ft. The additional
strength needed is

My = ¢(Mpywio + AM,) = 736 ft-kips
PAM = ¢My — dMpy o
= 736 ft-kips — (0.9)(117 ft-kips)
= 631 ft-kips

Assume that the compression flange can be laterally
braced at y=21.5 ft, then L;=21.5 ft and the equiva-
lent of a W27 x 94 bending about its strong axis is
needed to furnish this strength. Therefore, try two
WT10.5 x 50.5 members welded to the web of the
W10 < 49.

WTB x 50

W10 x 49
7

{\f:’:ﬁ X 50.85

For the properties of the built-up section, use data for a
W21 x 101 as being approximately and conservatively
equivalent to the two WT10.5 x 50.5 members.

Ag= Agwio + Agwa = 14.4 in? + 29.8 in®
=442 in®
I = Iowa + I, wio = 2420 in® + 93.4 in*
= 2513 in*
I, =I,wa + Inwio = 248 in + 272 in! = 520 in*

_ Tz _ [2513int _ X
Va, = Vaazume - 4"
Iy /520 in* ]
A—g Vo= 3.43 in

Check axial compression without bending. Use the idea-
lized case of a column pinned at base with sway rota-
tional restraint at the top {from AISC Table C-C2.2,
case [, K=2.0). The column is assumed to be braced at
the base and at the elevation of 21.5 ft about its weak
axis.

(2.0)(21.5 &)(12 i—“)

KL, ft/ _
s 7.54 in =68
Kk, (Lo@ELs &)(12 1)

ry 3.43 in

=75 |controls axial compression capacity|

A W21 x 101 is slender in axial compression; however,
the built-up column effectively stiffens the webh at the
intersection, resulting in a stiffened compression element
with &/t half the h/¢t, for a W21 x 101. Thus, checking
AISC Table B4.1, case 14, gives

%’ =05 (ti) = (0.5)(37.5)
=188 [<1.49\/EJF,=(1.49)(24.08) = 35.9]

The section is not slender. Compute the axial com-
pression strength using AISC Sec. E3.

L, (29 000 k‘ps)

T in? .

Fo= = 50.8 ksi
(KL) (75)°

r

Fo =0.658F/F: F, = (0.658% Isi/50.8 i (50 kllnp—b)
= 33.1 ksi
P.=¢P,=¢FA, = (0.9) (33 1 k“’s) (44.2 in?)

= 1317 kips

e —
o
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I

Check bending without axial compression. For the
W21 x 101, Z,=245 in®, §,=227 in’, [,=102 R,
L,=30.1ft, and L,=21.5 ft; the section is compact for
F, =750 ksi. Per AISC Table 3-1, for moment varying
lmea.rly from zero to maximum at 21.5 &, C, equals 1.67.

My=F,Z, = ( k“’s) (245 in®) = 12,250 in-kips

M o= ¢c,( = (M, ows,)(L_i)){qu,,

/ 12,150 in-kips \
12,250 in-kips

- - (0.7) (so k‘ps)

(0.9)(1.67)
x (227 in?)
(21.5 ft —10.2 ft)
_ \ 30.1 ft — 10.2 ft /
in
12 T
= 1223 ft-kips

(0.9)(12,250 in-kips)

12E

= 919 ft-kips [controls because oM, > @M
M.= ¢M, =919 f-kips

Check the combined stresses from AISC Eq. H1.2. For
the sway moment, AISC Sec. C2-1b gives

oM, =

2RI,
(KL2),

(29 000 k“’s) (2513 in‘)

" (20) ((21.5 &)(12 %))2
= 2699 kips

=2=

aZP,u
Pa
1
(1)(1.2)(89.35 kips)
£ T 2699 kips
) =1.04

P.= Pu+ By Py
= {1.2)(89.35 kips) + (1.04}(1.6)(44.2 kips)
= 180.8 kips
M, = B\Mn + BaMy
= 0 ft-kip + (1.04)(736 ft-kips)
= 765.4 ft-kips

P, _ 180.8 kips

P. 1317 kips
=0.14 [<0.2, so use ASIC Eq. H1-1b]
My;_ 014 765 fi-kips |
2P. M. 2 911 ft-kips
=091 [<1.0,s0 OK]

Use two WT10.5 x 50.5 members combined with
the W10 x 49,

Size welds to attach each WT10.5 x 50.5 to the web of
the W10x49. Use % in E70XX (from AISC
Table J2.4) to weld both sides of the web of the
W10 x 49 (t,=0.34 in). For A992 steel, shear rupture
controls base material strength. Try 3/16 in fillet welds
on both sides.

D(4f,) = (3)(1 3 k"“)

= 4.17 kips/in [controls]

$(0.6F,) (%") = (0.75){0.6) (65 %”2—5) (—0-“3-;-1—19)
L = 5.00 kips/in

(50 kips )(14 9 in?)

(2) (4 17 '“ps)
=89 in [total required each side]

Connection of the W12 x 40 lower chord (£,="%6 in)

P, =1.6P, = (1.6)(67.6 kips) = 108 kips

The member is subject to tension at one end, and com-
pression at the other. For the compression loading,
brace the wesk axis at the panel points to provide
KL,=17.5 ft. Per AISC Table 4.1, the member has ade-
quate strength when braced.

i |
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. .‘W
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Use ¥4 in diameter A325 bolts to the flange of the
WT10.5 x 50.5 and design to transfer 108 kips tension.
Per AISC Table 7-2,

¢r, = 29.8 kips/bolt

ny Py 18P _ 56 bolts  fuse 4 bolts)
@Ta kips
29.8 =
bolt

Weld an end plate to the W12 x 40 to transfer P,. Use
ASTM A36 steel for the plate. For the end plate, 12 in
long, the force transfered by each bolt is 108 kips/
4 bolts=27 kips/bolt. Using a standard 5.5 in gage
between bolts, the bending moment is

E 0.25P,(0.5g)

™= 05d

(0.25)(108 kips)(0.5)(5.5 in)
(0.5)(12 in})

= 12.38 in-kips/in

oF, 2
4
(4)(12.38 in-kips)

kips
\ (0.9) (36 - )
=1.23 in

¢mp = = My

{Use a PL1.25 x 8 x 1 ft 0 in.|
19.3. The required details are

WT10.5 X 50.5 WT10.5 x 50.8

43 in dia. A325
{2 each sida)

detail-joint A
{not to scale)

SOLUTION 20 =
20.1. For a typical floor beam,

Ar= Ls = (20 ft)(7 ft) = 140 ft?
Ky Ar = (2)(140 ft?)
- 2 [ <400 ft?, so no live load
Sl [ reduction permitted ]
1bf
(100 ET) (7 £t)

1000 if

kip

Wy = Wys =

= (.7 kip/ft

The girder supports three beams per span, so

Ar= Ls = (28 f)(20 ft) = 560 ft?
K Ar = (2)(560 ft?)

— 1120 2 [> 400 ft2, so ASCE 7 permits]

live load reduction

15
e a( \/KLLAT)

a Ibf 15
= (100 ﬂ;2) (0.25 T &2))

= 70 Ibf/ft2

(0 %t’—f) (20 £)(7 £t)

1000 -l'b—f

kip
Use LRFD. For the W10 x 26 beam,

Pr=wils= = 9.8 kips

The floor dead load, including partitions, is given as
50 Ibf/ft?. The factored shear and moment that the
strengthened beam must resist are

wWp = WS -+ Wheam

tb Ib
B (s0 ) (T#)+26 2=
= b
1000 {2
= 0.376 kip/ft

.
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3.66 STRUCTURAL ENGINEERING SOLVED PROBLEMS

w, = 1.2wp + 1.6w,

=1 2)(0 376 kflf) (1 6)(0 70 k;tp)

= 1.57 kips/ft

Vy=0.5w,L = (0.5) (1 57 k"’s) (20 £)
= 15.7 kips

M, =0.125w,L? = (0. 125)(1 57 k‘ps) (20 ft)?
= 78.6 ft-kips

Properly installed metal decking will brace the com-
pression flange, so L,=0. For the W10 x 26 {compact
in A36 steel) d=10. 33 in, t,=0.26 1n, by=>5.77 in,
t=0.44in, Z;=31.3i in%, and L=144 in*.

Holes drilled in the top flange (compression flange) to
attach the clip angles for floor joists should not be
critical; therefore, assume the full plastic moment capac-
ity of the W10 x 26 is available (Z,=31.3 in%).

M,=M,=F,2,
(36 l“ps) (31.3 in?)

12 in
ft

= 93.9 ft-kips

$M., = (0.9)(93.9 ft-kips)
=85 ft-kips [> M,, so QK]
B Vo= B(0.6F,)dts
= (1.0)(0.6) (36 k“’s) (10.33 in)(0.26 in)
= 58.0 kips [> V,, OK]

Check the service live load deﬂectlon against the limit of
L/360.

Ap= (334;;""‘L4
(0.013) (o 7 )(20 ft)* (12 'f’t‘)
] (29 000 I'“‘F"‘)(m in4)

= 0.6 in

in
2 i=(%£-)—(—12i)=0.67in>4&;‘
360 360

Therefore, the W10 % 26 floor bea.ms m without
alteration.

Check the single plate shear tab connecting the
W10 x 26 to the W18 x 50 girder. According to the
AISC Manual, the fasteners for the single plate connec-
tion must be designed for direct shear and eccentricity,
e =244 in and the shear tab should have fillet welds on
both sides. Check the bolts {assume standard 3 in gage).

D d? = (2)(1.5 in)’ = 4.5 in?
V, 15.7 kips

y= ==t = 7.85 kips
n = Yued _ (15.7 kips)(2.25 in){1.5 in)
Y 4.5 in?
= 11.8 kips
R=\/R?+ R2 = /(785 kips)? + (1L8 kips)?
= 14,2 kips

From AISC Table 7-1, the capacity of a /s in A307 bolt
in single shear is only 5.52 kips/bolt, which is inade-
quate. To remedy the connection,

add an unstiffened seated connection designed to
resist the entire 15.7 kips reaction.

Per AISC Table 10-5, an L4 x 4x %8 x 0 ft 6 in with
2% in diameter bolts thmugh the web of the W18 x 50
girder will provide more than the needed 15.7 kips
capacity (AISC Fig. 10-7, type A, gives 31.8 kips capac-
ity). The existing shear tab will prevent rotation of the
beam about its longitudinal axis and all vertical force
will be assumed to transfer through the seat
(conservative).

For the girder (W18 x 50, A36 steel),

Py IPU'/ IPu
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Using the reduced live load on the girder, P;,=9.8 kips,
gives
={wp+ Wheam ) L

kip kip
(O 35 &) (0026 % )(20 ft}

= 7.52 kips

1.4Pp= (1.4)(7.52 kips)
= 10.5 kips
= 1.2Pp + 1.6 P = (1.2)(7.52 kips) + (1.6)(9.8 kips)
= 24.7 kips [controls]

V.= 15P, +0.5w,L

= (1.5)(24.7 kips) + (0.5) (0 06 )(28 ft)
= 38.0 kips

M, = 0.125w,I* + 0.5P,L
= (0.125) (o 06 )(28 ft)?
+ (0.5)}(24.7 kips)(28 ft)
= 352 ft-kips

For the W18 x 50 (compa.ct in A36 steel) d=18.0 in,
t,=0.36 in, b=7.50 in, ;=057 in, Z=101 in®,
S, =88.9in’, and I =800 in®. Check live load deflection.

Py =9.8 kips

0.0495P . L}
EI

(0.0495)(9.8 kips) ((28 ft) (12 %))3
(29 000 ‘“ps) (800 in%)

Ar=

=0.79 in
. (812 %)
e B =003 [>a1,50 0K

Check the flexural strength. For the fully braced com-
pression flange with L, =0,

Mn=M,=F,Z,
(36 k‘ps)(wl in?)

12E

= 303 ft-kips

M, = (0.9)(303 ft-kips)

= 273 ft-kips {< M, =353 f-kips, so no good]

Therefore, the flexural capacity of the girder will

need to be increased.

20.2. Strengthen the inadequate members. Since the
existing floor system is to be removed, both top and
bottom cover plates can be added to the W18 x 50 to
efficiently strengthen the beam. The increment on flex-
ural capacity required is

AM,= tﬁFyApL(d + tpL) =M,— oM,
= 353 ft-kips — 273 ft-kips
= B0 ft-kips

A trial cover plate size can be found by approximating
the lever arm between the top and bottom plates as the
girder depth, 18.0 in.

(80 fe-kips) (12 %)

(09) (36 k‘ps)us in)

Try a PLY5x6 on top and a PLYax9 bottom
(Apy =2.25 in® for each plate). The different sizes are
chosen to permit downhand welding of the plates to the
W18 x 50 (by="7.5 in).

= 1.65 in?

APL =~

Acnmp = Aten

The plastic neutral axis is at the middepth of the
W18 x 50.

GAM, = 6F, Ao (d + b "2' ‘2)

(0.9) (36 k’ps) (2.25 in?)

% (18.0 in+ 0.375 in 4+ 0.25 in)

2

1 I
ft

=111 ft-kips

oM, = 273 ft-kips + 111 ft-kips
= 384 fi-kips [> M,=2353 ft-kips, OK|
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3-68 STRUCTURAL ENGINEERING SOLVED PROBLEMS o

The cover plates can terminate beyond the points where
M, =273 ft-kips.

M, = V,z - 05w,
273 ft-kips = (38.0 kips)z — (0.5) (0 07 k‘p) 2

z=17.2 ft, 20.8 ft

The expression for M, is valid only where z < 7 ft, and
the calculated distance to the point where M, =273 fit-
kips slightly exceeds this limit. However, the equation is
conservative beyond 7 ft and the location is close
enough. To be conservative, extend the plates far
enough beyond these points to fully develop the plates.

Fpp = F Ap, = (36 “"’5)(2 25 in?) = 81 kips

Use w= Y4 in, which is greater than minimum per AISC
Sec. J2, but recommended for field welds.

D7) = (139 522)
= 5.6 kips/in
_ kips .
* $(0.6F,)t=(1.0)(0.6) (36 m_z) (0.25 in)
= 5.4 kips/in {eontrols]

#(0.6F,)t= (0.75)(0.6) (58 k‘ps) (0.25 in)

L = 6.5 kips/in
Ly = 0.5Fpy _ (0.5)(81 kips} _ 75 in
g 5.4 0P8
in

Therefore, the total length of cover plates is

Lpp=L—-2z+2L,

—@)(72 &)+ (2) | L21D

12 2
ft

=28 ft

=149 ft

Calculate the horizontal shear flow at the cutoff loca-
tions. Use elastic theory and treat the top and bottom
plates as 0.25 in thick (slightly conservative), which
simplifies computation of the section properties.
Viap=R— w,z -~ P,
= 38.0 kips — (0 07 )(7 2 ft) — 24.7 kips

=12.8 kips

I.= Iowigxso + 24p  (0.5d + 0.5!9]_,)2
= 800 in® + (2)(2.25 in?)
2
x ((0.5)(18.0 in) + (0.5)(0.25 in))
= 1175 in

Q= ApL¥pr = (2.25 in?)(9.125 in) = 20.5 in?
_ V22,@Q _ ((12.8 kips){20.5 in®) in
=" = ( 1175 in® (12 &)

= 2.6 kips/ft

o i e .'.‘ .
e e s S el

|

The horizontal shear flow is shared by two parallel
welds; therefore, use intermittent welds between ends
of minimum size and spacing.

—l

L> 4w = (4)(0.25in) = 1 in
1.5 in

[controls)

The maximum spacing for the compression side plates is
given in AISC Sec. E6.

tpy, (0.75‘ /'ﬁ@ ) = (0375 in)(0.75)

=8in [controls]

, 12 in a

For the tension flange plates, spacing is limited by AISC
Sec. D4 and Sec. J3.5. |

,

s < 24¢p, = (24)(0.25 in) =6 in  [controls]

centers. Thus, the details for strengthening the girders
are

Use Y4 in intermittent welds 1.5 in length at 6 in on a
B!

75 in at ands

PL3 X9 X 15ft9in

elevation
{not to scale)
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STRUCTURAL STEEL DESIGN 3-69

Check the framed connections at ends of girder: three
7fg in diameter A307 bolts in double shear. Using bolt
capacities from AISC Tables 7-1 and 7-5,

] 4R ¢R, = 21.6 kips [controls]
" | ¢Ry = 34.3 kips

V.= 38.0 kips < n(¢R)
= (3)(21.6 kips) = 64.8 kips [OK]

Check strength of the 2L3 x 3 x /4 x 0 ft 9 in.

dRn= ¢(0.6F )2t Langle

= (0.9)(0.6) (36 %) (2)(0.25 in)(9 in)
= 87 kips
V,=38.0kips [>é¢R,, OK]

Therefore, [the existing girder connection is OK. |

SOLUTION 21 == =

21.1. Deﬂgn the lightest rolled section for the roof
girder using plastic design. Use LRFD. To be conserva-
tive, consider the mechanical equipment as a live load.

w, = 1.2wp -+ 1.6w
= 1.2(gps + Woeam) + 1.6¢15

(1.2)((32 “’f) (30 &) + 50 “’f)

ft
12 %’5
+(1.6) | —= | (30 ft)
1000 =
kip

= 1.788 kips/ft (1.8 kips/ft)

P,=1.6P;
= (1.6)(6 kips)
= 9.6 kips

Analyze the continuous beam using plastic analysis.
Superimpose the simple span moment bending diagrams
and the moment diagram corresponding to plastic hinge
formation over the interior supports and locate the
point at which an additional hinge forms to produce a
J collapse mechanism.
o

w, = 1.8 kips/ft
\ F = 9.6 kips

J;U,,L

| | |
T30ft 40 ft '30f:'

w, = 1.8 kips/ft

| 9.6 kips

v,“ N I\Vd

[ P

40 ft

Y Mines= Vil — My + M, — 0.5w, L2
— Pu(L I 8 ft) =
0.5w,[? + P,{L -8 ft)
L
(0. 5)(1 8 “‘PS) (40 £)°

+ (9.6 kips)(40 ft — 8 ft)
40 £

V4=

= 43.7 kips

S Fy=Vi—wL—P,+ Vy=0
Vi=w,L+P,— Vy

(1 8 "“’s) (40 &) + 9.6 kips — 43.7 kips

=379 kips
V= V3— w,r=0kp
Yu 18 kips
TR
Momax=05V3z
= (0.5)(37.9 kips)(21.07 ft)
= 399.4 ft-kips

Mo, max —M = 202 fi-kips

———
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3-70 STRUCTURAL ENGINEERING SOLVED PROBLEMS ol

Assign Mp=0.5M; max=(0.5)(399.4 ft-kips) =199.7 ft- The plastic capacity is reached with simuitaneous for-
kips. The moment diagram at collapse is mation of plastic hinges over supports at lines 3 and 4
and at the intermediate point 21.07 ft from line 3. For
ﬂfp A992 steel, ¢ =0.9.
ey s R T
Y Y oM, = $F,Z, = 190.7 ft-kips
M M ki in
5 2 (199.7 ft klps)(l2 &)

=

(0.9) (50 "“’5)

The maximum simple span moment in the end spans is

202 ft-kips, which is only slightly larger than the = 53.3 in®
required M. Therefore, superimposing the M, diagram i
onto the end spans gives a moment that is well below 3l
M, Three sufficient hinges form and the moment does g‘ﬁ) a W1bﬁ Z?l f‘;”;h tfe following properties: Z,= :
not exceed M, at any point; thus, the failure mechanism in’, by/2t/=6.28, h/t,=5L.6, r,=1.17 in, and ¥,
has been determined. As a check, use the mechanism L,=4.13 fi. Check the local bucklmg provisions from 1 i
method of analysis. ATSC App. 1.4. ?‘
21.07 ft |
0 /1853 o = 130 |

A i -\X X F,-
R

21.07 ft 18.93 ft

by <)y =0.38,/E/F, i
5. =628 =(0.38)(24.1) '_
/ =9.15 .
At collapse, |
Wet = Uine For P, =0 kip, the limiting width thickness ratio for the g
web is
= (L - I)erg
(2107 /)8 E|
b= E 10T B < Apw =3.76,/E/F, 3
= 1.1138 t_=516 =(3.76)(24.1)
=90.6 ﬂ
Wea = wyz(0.528) + wy(L — 1) (0_5( L— n:)) The section is compact. The plastic hinges form first .
over the supports where the bottom flange is in com-
% 1.1130 + P,(8 ft)1.1866 pression. The maximum unbraced length of the bottom a
Kips flange in the vicinity of the supports cannot exceed Lya -
(1 g =P )(21 07 £t)(0.5)(21.07 £t)¢@ per AISC Eq. A-1-7.
1&;"“’s (40 ft — 21.07 £t){0.5) M E ‘
Lyy= (0.12 + (0.076) (Fl)) (F—) i
2
x (40 ft — 21.07 £t)1.1138 ! 1
+ (9.6 kips)(8 ft)1.1136 Locate the point of inflection with respect to line 3.
= (844 ft-kips)d

M= V3z - 05w,z ~ M, [0fR<z<21.07 Y

Usar = Mp(9 + 6+ L1136 + 1.1130) — (37.9 kips)z — (0.5) (1.8 @) 22 — 199.7 ft-kips

= 4.226M,6 R
o (844 Frkips)6 =0 ft-kip
S =62 ft

= 199.7 ft-kips [OK]
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Calculate the distance between braces when M,/M;
equals zero.

L= (0.12 +0.076 (%)) (Fﬁ) ry
2 v
20,000 2B
(0.12 + (0.076)(0)) —
50 2B

in?

(1.17 in)

12E

=6.8 ft

" Therefore, brace the bottom flange of the W16 x 31 at

no more than 6.2 ft to either side of lines 3 and 4. The
top flange in the vicinity of the last hinge to form in
span 3-4 must not exceed the value of L,=4.13 ft. If
lateral bracing in that region is furnished by the joists,
the joist spacing is limited to 4.13 ft.

Use W16 x 31 with top flange braced at 4 ft on
center and bottom flange braced at 6 ft to either side
of interior supports.

bracing struts

@ column and
at 6 ft to either
side of column

\ open web joist

section
{not to scale)

SOLUTION 22 il S i

22.1. Design the truss connection using ASD. Use
%1 in diameter A325-SC field bolts and E70XX shop
welds.

160 kips

160 kips

Assume holes are punched, not drilled.

Ahole = dbolt + 0.125 in
=0.75in+0.125in
=(.875in

Calculate the number of bolts required. Per AISC
Table 7.3,

Ta . standard holes, double shear
=2 = 14.8 kips/bolt ’ .
Q. ps/bo [ class A faying surface ]

Select a gusset plate thickness sufficient to provide bear-
ing strength greater than the shear capacity of the bolts,
From AISC Table 7-5 (F, =58 ksi, %4 in bolts, 3 in
spacing, 2 in edge distance),

S
Tn bolt
e~ 2.2 —
o < |5 o ¢
kips
kips boit
B8 — 2,2 ==
18 oot < %% 5 |®
14.8 Bk%
[ 1.0 | TR : 3 -
t> k_lp_s 0.28 in [say t>%5 in]
52.2 bolt
in
n> P _ 160 klPs =108 |5 12 boltls in 6 rows of
In 148@ 2 at 3 in spacing
Q0 % bolt

Check the strength of the 216 x 4 x /2. The gross area is
Ay=(2)(4.75 in") =9.50 in%; with long legs back to back,
the connection eccentricity is T = 0.98 in with a double
gage of ¥4 in diameter bolts (without staggering the
holes).

An=2(4 + Iy — t — 2dnoie)t
=(2) (6 in+ 4 in — 0.5 in - (2)(0.875 in) ) (0.5 in)
= 7.75 in?

The shear lag factor, U, is computed for a connection
length of

L= fgpacess = (5)(3 in) = 15 in

I
U=1-7
_ . 098in
I 15 in
= 0.93
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kipS ]
P4, (36 o2 )(9.50 in®)
Q 1.67
_ . controls; > P = 160 kips,
Pa < = 205 kips [ 0 OK
Q kl
ps
58 0.93)(7.75
FuUAnz( K5 (099175 i)
Q, 2.00
L = 209 kips

Design welds to connect the gusset plate to the flange of
the W12 x 53. Try a weld length of w = '/4 in to both
sides (exceeding minimum size per AISC Table J2.4).

k
e D(o 938 “’)

- )(o 938 ‘“")
= 3.75 kips/in [each side]

(2)(9u,each side)
(2)(3 75 k'f)
= 7.5 kips/in

Malke the gusset plate thick enough so that shear of the
base material is not the limiting criterion.

wsrye_©0(% )"

Q. 1.5
= 14.4¢ ksi [controls]

Tu,total =

,

0y <
kips
sr)e_ 00 (58 )
Q. 2.0
| =17.4t ksi
Qu.l wul 7.5 klps
t= 0__051in [sey05in plate]
Qw l_u_pg
14.4 =3

The gusset plate thickness required for weld strength,
0.5 in, is greater than required for bolt bearing; there-
fore, use PLY/2.

(160 kips}0.707} = 113 kips 113 kips

'

= 45°
113 kips

113 kips

work point

The weld attaching the gusset plate is subject to shear
and bending. The shear is

V =2Pcosax = (2)(160 kips)cos 45° = 226 kips

The minimum length required to transfer shear only is

Ly _V_ 226 Lups =31
G 74 JE2
in

— _ T ee———. i 2
Sy= 5 5 534 in
M, = Pdsina
= (160 kips)}{12.1 in)sin 45°
= 1364 in-kips
V__ 226 kips _
L= 3L, = o m) — 28 pe/in
_ M, _ 1364 in-kips _
fi= ST s 2.6 kips/in

VE+1h
\/ (28 '“ps) + (2.6 @)2
n

= 3.8 kips/in

f

For the Y4 in E70XX fillet welds, g, = 3.75 kips/in is
close enough. Make the gusset plate 3 ft 4 in wide and
/2 in thick. Check the strength of the gusset plate at the
bolt holes. Bolt pitch=23 in, gage=2%2 in.
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e
I

Use the Whitmore section to determine the effective
design width. (See AISC Part 9.)

L. = Trow{Tspaceas t80 30°) + g — 2(0.5d,)
= (2)(5)(3 in)(tan 30°) + 2.5 in — (2)(0.5)(0.875 in)
=18.94 in

A.= L.t = (18.9 in){0.5 in) = 9.45 in?

(58 k‘ps) (9.45 in?)
Pn__ FuAe —
o Q9 2.00

= 274 kips

Therefore, the /2 in gusset plate has adequate tensile
fracture strength. Check for block shear rupture {per
AISC Sec. J4).

A= nrow(nspwess) ~ (row) ;
e x (%m&! + 05) dhole + lev

((2 )(5)(3 in) — 5+(? .5) )(0.5 i)
x (0.875 in} + 1.5 in

= 10.9 in?

At = (g — dnote)t
= (2.5 in — 0.875 in)(0.5 in)
= (.81 in?
Agy= ("'roW("-upms) + lw)t
= ((2)(5)(3 in) + 1.5 in) (0.5 in)
= 15.8 in?

Ag = gt = (2.5 in)(0.5 in) = 1.25 in?

[ 0.6FyAny+ UpeFydn

= (0.6) (58 k‘ps) (10.9 in?)

+(1) (58 k’ps) (0.81 in?)

= 426 kips
0.6FyAgy + UpsFuAn

= (0.6) (36 %)(15.0 in?)

+(1) (58 )(O 81 in?)
L =371 kips [controls]

= = 186 kips [> P =160 kips, OK]

Therefore, the plate is adequate. Dimension the plate to

accommodate five spaces at‘3 in on center plus 1'%z in
edge distance. To allow for the minimum edge distances
of 1.25 in (per AISC Table J3.4), the overall width of
plate must be

W > 25edge + (g+ Tapace(3 in))cos 45°

> (2)(1.25 in) + (2.5 in + (5)(3 in)) cos 45°
> 14.8 in

[Use PLY2 x 15 x 3 ft 4 in. |

PL X 15X 3ft4in

SOLUTION 23

23.1. Design the main girder using LRFD. Consider
the effects of unbalanced roof live loads (ASCE 7
Table 4.1, footnote h). Provide lateral braces to the
bottom flange at 25 ft intervals and at each end.

wy = 1.2wp + 1.6wy,
- 2}(0 62 "f‘t") +(16) (o 63 kf'tp)
= 1.75 kips/ft
P,=12FPp
= (1.2)(9.5 kips)
= 11.4 kips

For loading applied over the entire length of the main
girder,

<

LY
q’,‘Z 30ft .
/154 w, = 1.75 kips/ft
Pk
/T,
V T, /"TL+' - C,
2461t 75.4 ft A
C,
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> M= P,L+05uw,L -~ T,b=0

2
T, = P.L +0.5w,L

b
(11.4 kips)(100 &) + (0.5) (1 75 k"’5)(100 ft)?

. 75.4 ft

= 131.2 kips

e (o

131.2 kips (75.4 ft)
30 ft 81.1 ft
8l.1 ft
= 330 kips

S Fy=—Py—uw L+ Ty+Cy=0
Cy=Py+wL—T,

=114 kips + (1 75 klps’)(100 ft) — 131.2 kips

= 55 kips

SF.=Ty+C:=0
C.=~Tj, =—330 kips 330 kips to the left]

76.9 Kips g

3141t

& _54.3 kips

M,
M,=P,a+ 0.5w, a®
= (—11.4 kips)(24.6 ft) — (0.5) (1 75 l“ps) (24.6 )’

= —810 ft-kips

Mt=05C,z
= (0.5)(55.0 kips)(31.4 ft)
= 864 ft-kips

For the pattern of live load with live load on the canti-
lever omitted,

11.4 kips 1.75 kips/ft
C
—————

—‘""“*Th A
TT, S

wup = (1.2) (o 62 kf‘tp) = 0.74 kip/ft

> M= P,L+0.5w,b* + wypa(b+0.52) — T,b=0

P.L +0.5w,b® + wypa(b+ 0.5a)
b

(11.4 kips)(100 £t) + (0.5) (1 75 “'ffs)

T, =

x (75.4 ft)° + (0 74 )(24 6 ft)

x (75.4 ft + (0.5)(24.6 ft.))
754 ft

= 102.3 kips

]

Ty
cos &
o

102.3 kips (75.4 ft)
30 ft 81.1 ft
81.1 £

= 257 kips ;

> Fy= =P, - wyb—wypa+ Ty+ Cy=0
Cy=Py+wb+wypae—T,

=11.4 kips + (1 75 k“’s) (75.4 ft)
+ (074 )(246 ft) — 102.3 kips

= 59.25 kips

ZF: = Th + C: =0
C.= —T,=-257 kips {257 kips to the left]

Cy,  59.25 kips
== T = 086
175 ==
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STRUCTURAL STEEL DESIGHN
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i

M!=05C,z

] = (0.5)(59.25 kips)(33.86 ft)
{ = 1003 ft-kips

. Select a trial section to resist M, =810 ft-kips with
L Ly=124.6 ft and C, > 1.0, and to resist M,* = 1003 ft-

: kips with P, =257 kips, C,=1.0, and L,=8.3 ft (top
flange is braced by joists).

larger for the combined axial compression plus bending;
say a W30 x 116. (Section properties of a W30 x 116
include: A4,=34.2 in%, d=300 in, ¢,=0565 in,
by=10.50 1n, tf—-O 85 m. r;=12.0 in, r,=2.19 in,
1_164 in!, 2,=378 in®, §,=329 m:‘, by/2t,=6. 17,
h/tu, 47.8 in, k-—l5 in, J 6.43 in*, C,=34,900 in®,
L,=T7.74 ft, and L,=22.6 ft.)

Check the cantilevered portion for L,=24.6 ft. Com-
pute the bending coefficient, C,.

i A W30 x 90 is adequate for bending only; try something

M 4 =0.25aP, + 0.5w,(0.25a)"
= {0.25)(24.6 ft)(11.4 kips)

+(0.5) (1 75 "“’S) ((o 25)(24.6 ft))
= 103 fi-kips

Mp=0.5aP, + 0.5w,(0.5a)
= (0.5)(24.6 ft)(11.4 kips)
+ (0. 5)(1 75 k‘Efs) ((0.5)(24.5 ﬁ:))2
= 273 ft-kips
Mc=0.75aP, + 0.5w,(0.75a)*
= (0.75)(24.6 ft)(11.4 kips)
+(0.5) (1 75 "'Ps) ((0 75)(24.6 &))

= 508 ft-kips

Mpae= 2P, 4 0.5w,a?
= (24.6 £t)(11.4 kips) + (0. 5)(1 75 k"’s)(zex 6 ft)°

12.5M max

20Mpay +3IM 4 +4AMg +3IM¢

a (12.5)(810 ft-kips)

~ (2.5)(810 ft-kips) + (3)(103 ft-kips)
+(4)(273 ft-kips) + (3)(508 f-kips)

= 2.05

Cy=

Check local buckling per AISC Table B4.1.

by [E _
2—£! 6.17 < 0.38 Fy (038)(241) =90.15 = ’\pf

t£-= 478 < 3.76, /F£ = (3.76)(24.1) = 90.6 = A,
¥

w

The section is compact for bending. Because L, = 24.6 1.
is greater than L,=22.6 ft, check AISC Eq. F24.

ho=d-2k=300in - (2)(L.5 in) = 27.0 in

‘/f NGa \/\/ (164 in?)(34,900 in®)

329 in3

= 2.70 in

L, (246 ft)(l2 E)

Mo 270m 09

_ Cin’E Je N (L\®
¢ 1+oons(e) (&)
("ts)

2.05x% (29 000 '“ps)

(109)?

6.43 in*)(1
X \/1 +(0.078) ((3:59 ini')(z’z’&])in)) (109)°

= 62.9 ksi

FeoS, = (62 9 k"’s) (329 in%)
= 20,700 in-kips
kips .
FyZ, = (50 m—z) (378 1n3)

\ = 18,900 in-kips {controls|

M, <<

(0.8)(18,900 in-kips)

1218
fe

= 1418 ft-kips [> M,, so OK]

M=
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376 STRUCTURAL ENGINEERING SOLVED PROBLEMS

Section is in the cantilevered region. Check combined
axial plus bending in the main span. For axial load only,
section is unbraced about the strong axis over the length
KL, 75.4 ft; assume that joists brace the weak axis at
KL, 8.3 fi.

in
ki, (154 ft)(l2 -f-t)
e 12.0 in
=75 [controls axial compression capacity]
ki, ®3 ) (12 )
ry,  219in

KL_ KL, =75 [<4.71/E[F, = (4.71){24.1) = 113]

r Tr

=45

Check local buckling for axial compression only. (See
AISC Table B4.1.)

tl‘..—_478>149‘/ = (1.49)(24.1) =35.9 = \,,,
!n'

u

Therefore, the capacity will have to be adjusted per
AISC Sec. E7. For a stiffened element, Q,= 1, the effec-
tive web width is

b, = 1.92¢,

=25.3 in

A= Ay — tulhy — b2)
= 34.2 in? ~ (0.565 in)(27.0 in — 25.3 in)

= 33.2 in?.
Aeg __33.2in° _
Q= 4, = 3427 0.97
T E

Fe = Q(0.6589FV/Fp)
= (0.97) (0.558“‘-9”(50?.5*)/?.5*) (50 @)

in?
= 32.5 ksi

Pe=¢Fy A
= (0.9) (32 5 k“’s)(:m 2 in?)
= 1000 kips
For bending only, C,=1.0 and L;=83 ft, AISC

Table 3-10 gives ¢ M,, = 1410 ft-kips. Amplify the bend-
ing moment per AISC Sec. C2-2.

Cm
l_aP,-

B, =

Cn=1.0 (single curvature bending), and e¢=1 when
using the LRFD method.

n’EA,
KL\’
Tz

(29 000 k“’s) (34.2 in?)

el

(75)°
= 1738 kips
Crm
B = P,
Pcl
_ 1.0
(1)(257 kips)
"~ 1738 kips
=1.17

M, = BiM, = (1.17)(1003 ft-kips) = 1174 ft-kips

Check using AISC Sec. H1.

P, _ 257 kips
P. 1000 kips
=0.26 [>0.2, therefore use AISC Eq. Hl-1a}

Pr 8(My 8\ (1174 ft-kips\ _
P. T3 (Mﬂ) 0.26 + (3) (1410 ft.-kips) =10

[Use W30 x 116.}

PPl o« www.ppl2pass.com
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3-77

23.2. Per AISC App. 6, take M. /h, as F bt; to be
conservative and design a brace to the lower flange to
resist this force.

P= 0.02Fyb]tf
= (0.02) (50 m)(10.5 in)(0.85 in)

in?
— 8.9 kips

The lower chord of the joists could be used provided
that the joists are designed to resist the compression

_that would develop in the lower chord. An alternative

is to provide a brace from the upper chord where the
decking will furnish the necessary strength and stiffness.
Place the braces on both sides of the W30 x 116 inclined
at, say, 30° to the horizontal and design to resist only
tension.

I\ ‘ Y /\
PN i \
——— - —_———

_ 89 kips _ .
Phrace = cos 30° =102 klpS

Use a single angle.
iny\ _ ...
L= (6 &)(12 R—) =72in
L 73
- — = i
e 300 [therefore, r> B0 0.24 m]
Try an L2Y2 x 22 x 316 (A,=0.90 in®). Use A36 steel

for the angle. Connect with a single row of two %4 in
diameter A307 bolts.

An= Ay — (dy +0.125 in)t
= 0.90 in? — (0.75 in +0.125 in)(0.1875 in)

=0.74 in?
) .
$F A, = (0.9) (36 ';‘T"f) (0.90 in?)
= 29.1 kips
oP, < (¢ I
$F.UA, = (0.75) (58 1_5') (0.75)(0.74 in?)
L = 24.0 kips [controls]

LUse L2Y2 x 22 x 3/16.[ Attach the brace at upper
point using %16 in plate welded to resist T,=10.2 kips.

1 1.3
L2 B x 2 3 X &
{typical)

3. .
23 in dia. A307 L6 x 3% x%

brace detail
{braces to be located at the end of cantilever
at the point of suspension and at quarter points
of the 75.4 ft span)
{not to scale}

SOLUTION 24 =

24.1. The new steel beam must support a concen-
trated load equal to the reaction on the existing column
at line 2. The spacingsof the 10inx 24 inand §in x L9 in
beams are not specified. From ACI 318 Table 9-5a, the
4 in roof slab will require support spacing no more than

h<2h=(2¢)| 22 =38
12%

Space the beams at 8 ft on center.

15 ft 12.5 ft

i f

141t

8t ]
I

1
| kll Mo
N W 1 S| T N Sy,

™ 4 in siab {typical)

141t

partial roof framing plan
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3-78 STRUCTURAL ENGINEERING SOLVED PROBLEMS o

The service load is the weight of the 4 in slab, the roof,
the ceiling, and the beams. For the 10 in x 24 in beams
at 8 ft on center,

_ wcb(hb - h,)
- 5

(150 lbf)(lO in}(24 in - 4 in)
(8 ft)(l2 ﬁ)
= 26 IbE/f:?

For the 8 in x 19 in beam at (14 ft + 8 ft)/2=11 ft on
center,

_web{hy = hy)
N s

(150 M) (8 in)(19 in — 4 in)

2
1n
(11 #)(12 E)
= 11 Ibf/ft?

Therefore,

wp = wch, + roofing + ceiling + beams

Ibf
144 =2} (4 in)
( ) AN AR PP lbf+ 12 1bf

in &2
12 i

Ibf lbf
+26 5 +11 o
= 107 Ibf/ft?
wy = 20 1bf/f?

Compute the column reaction based on its tributary
area, A, The first interior support supports approxi-
mately 58 of the load on the exterior span plus Y2 of

the load on the adjacent interior span.
A= (0.625L, +0.5L,)(0.625L; + 0.5L,)
- ((0.625)(15 ) + (0.5)(12.5 ft))
X ((0.625)(14 ft) + (0.5)(8 ﬁ;))
= 200 ft?

(107 E’-zf)(zoo £2)

Pop=wid, = o = 21.4 kips
1000 —
kip
(20 (200 £t2)
Py =w A= = 4 kips
1000 %

Design a new steel beam to span from line 1 to line 3,
The span length is

L=s+5=147Tft+125ft =272 ft

Use LRFD.

1.4Pp = (1.4){21.4 kips)

y = 30 kips

" 7Y 1.2Pp + 1.6P2, = (1.2)(21.4 kips) + (1.6)(4 kips)
= 32 kips {controls|

Estimate the factored weight of a new steel beam as
100 1bi/ft.

w, = 0.1 kip/ft

\

', = 32 kips

A 14.7 ft ] 1251 A
A, 272 ft A,
> M= P,a+05w,L? - R3L =0
_ P,a+0.5w,L?
Ry= -
(32 kips)(14.7 )+ (05) (o 1 "‘P) (272 &)
a 27.2 ft
= 18.7 kips
SF,=Ri-wL—P,+R3=0

Ri=w,L+P,— Ry
k!p
0.1 (27.2 ft) + 32 kips — 18.7 kips
=16.0 lups

= 14.6 kips

=18.7 kips

M,
M,

M,=0.5(V,+ Va)a
= (0.5)(17.4 kips + 18.7 kips)(12.5 ft)
= 226 ft-kips

PPl o« www.ppl2pass.com
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STRUCTURAL STEEL DESIGN 3-79

The beam is laterally unbraced over the full span.

L,=272 ft, C,=1.0, F, =350 ksi. Using the moment

charts from AISC Table 3-10, select W1d x 61 to try.

Verify the section properties for Wld x 61: d=13.9 in,

t=0.375 in, b/24=T7.75, h/t,=304, r,=2.45 in,

Ly =8.65ft, L,=275ft, Z,=102 in®, and ;= -92.1 in°.
heck focal buckling.

b 3 29,000 ‘B2
55 =7.75 < 0.38, [z~ = 0.38 “"% =915
2tf ¥ \ 50 I.pS

“in?

29,000 KBS

h E in?
£ =304 < 3.76, /= = 376 | —— 10— =906
b g \ 50 =

mn

Thetefore, the section is compact. Calculate the flexural
strength per AISC Sec. F2.

L,=865f<Ly=272ft< L, =275 f

Check AISC Eq. F2-2.

M,=F,Z. = (50 k‘ps)(loz in?) = 5100 in-kips

- (M, -0.7F s,)(L _ﬁ"))

{ 5100 in-kips \
5100 in-kips

- =(0.7) (50 kips

¢Mn = ¢CB(M

\..___/

(0.9)(1.0)
x (92.1 in®)
k « ((27:2ft — 8.65 Kt
= 27.5 ft — 8.65 ft J
- in
12 &

= 244 fi-kips [> M,, OK]
Check shear per AISC Sec. G2.

SV = $(0.6F,) C,dty
= (1.0)(0.6) (50 '“ps) (1.0)(13.9 in)(0.375 in)

=156 kips [> V., OK]

Section is adequate in shear. Since the construction
method will allow transferring the concentrated load
from the column into the new beam by tightening of
rods, the deflection will not be a critical consideration.

Therefore, [use a W14 x 61.]

24.2. Use four hanger rods to support the beam from
below,

T, = 0.25P, = (0.25) (32 k":) = 8 kips/rod

Per AISC Table J3.2, for an A36 threaded rod, F,
equals 58 ksi.

¢Tn = ¢(0.75F,) Ay
T, = ¢(0.75F,)(0.25n D?)

Ty
D= \/ #(0.75F,)(0.25x)
8 kips
(0.75)(0.75)(58 k"”) (0.25n)

=0.55 in

{ Therefore, use 4%s in diameter rods, A36 stc;el_._l

8in

|Wu|
Tu

R E . A J

| 11 in 1

= B kips

Provide two hanger rods on each side of the bewun. Place
the hanger rods outside the flange of the W14 - il and
position one pair of hanger rods to each side ol Lhe
column that is to be removed as close to face of column
as possible. Use C sections to span from side to sivke and
support the 32 kips reaction uniformly on an agproxd-
mate 11 in span. Each C section will «uppurt
0.5P,={0.5}{32 kips)=16 kips and will be bending
about its weak axis (y-axis}.

_0.5P, (0.5)(32 kips)
Wee p = 8in
M, =0.25P,(0.5L) = w,{0.5b)(0.25b)
= (0.25)(32 kips)(0.5)(11 in)
- ( klps) (0.5)(8 in){0.25)(8 n}

= 28 in-kips

= 2 kips/in

PM,=¢Z,F, =M,

M, 28 in-kips
=

*Fv (09 (36 l-‘ﬁ)

Use C6 x 8.2.

Connect the rods to the W14 x 61 web with vertical
plates using /4 in E70 welds at 5 in eccentricity

Z,= =09 in’

PPl www.pplzpals.coql,_
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STRUCTURAL ENGINEERING SOLVED PROBLEMS

I

fu=t=-(-2—)(§m=0.5 kip/in

Tue _ (B kips)(& in)
- 2(5;-) (2)((8 ;n)“)
f= \/f?,'*'fi = \/(0.5 %)2 + ([_9 %E;)z

= 1.96 kips/in

= 1.9 kips/in

For an E70 fillet weld, the strength is 1.39 kips/in per

/16 in of weld. (See AISC Part 8). Therefore, the capac-
ity of & minimum size field weld of /4 in is

- kips) _ fips
Qo = 9(1.39 = ) = (4)(1.39 — )
= 5.56 kips/in [OK|

Therefore, 1 use Vs in fillet weldslon each side as shown.

Details of the connection are

newWid x 61

barEXOﬁain

drill 1 in dia. holes Bt -~
e existing
. mitipy =N
___li-f [ _____K-_‘:P““e‘e

0ftdin Iy I

rod f;’ in dia,

1f3in

C6 x 8.2

saction at saddle support

24.3. The installation procedure is as follows.
First, drill four 1 in diameter holes in the 4 in thick slab,

Second, erect the new W14 x 61 bearing on lines 1 and
3. Let the s in diameter rods project through the holes
in the roof slab.

Third, place loose C6 x 8.2 members beneath the exist-
ing concrete beam. Tighten the nuts on the threaded
5/8 in rods to transfer the load from the concrete beam to
the new steel beamn. Monitor the deflection in the steel
beam.

Fourth, remove the column.

PPl @ www.ppiZ2pass.com
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PROBLEM 1

The two lines on the graph shown represent the elastic
response spectra for a structure with 2% critical viscous
damping subjected to the 1940 El Centro earthquake,
which had a Richter magnitude of 6.7, and the response
spectra used for design per ASCE 7. The structure
belonged to seismic design category D, and met the
seismic design requirements for & moment-resisting
frame building,.

14

L F] \
1.2 El Centro responsa

spectra: £ = 2%
1.0 f \

- \
0.8 i \

06 [ ¢/ \

seismic coafficient (g's)

0.4

<1
I
!

02

0.5 1.0 1.5 20
period (sec)

1.4. What are elastic response specira?

1.2. In terms of material behavior, what is the single
most important factor that reconciles the apparent dis-
crepancy between earthquake force level and structural
design level as illustrated by the preceding graph?

1.3. In addition to the factor referred to in Prob. 1.2,
name two other possible factors that might significantly
modify the response of a structure to an earthquake.

1.4. In terms of material behavior and the preceding
graph, what are two reasons that a building with a
bearing wall system is designed with a lateral force
coefficient, R, equal to 4, while a building with a special
moment-resisting space frame is designed with a coeffi-
cient of 87

Seismic Design

1.5. What is the fundamental requirement for the sur-
vival of moment-resisting frame structures during major
earthquakes if they are designed using ASCE 7 criteria
for forces?

1.6. What is the basic difference between one build-
ing with a lateral force coefficient, R, of 4.5 and
another building where the coefficient is 5.57 Why is
the building with the coefficient of 5.5 given the
higher coefficient?

1.7. What is the primary purpose of ASCE 7 earth-
quake regulations? In terms of life safety and property
damage, what performance should be expected of
structures designed in conformance with these regula-
tions in a

® minor earthquake?
® moderate earthquake?

* major earthquake?

1.8. Some generalizations can be made about how
foundation conditions will influence structural response
to an earthquake.

{a) What effect does increasing soil thickness have on
the predominant period of ground motion and on the
amplitude of this motion?

{b) What types of buildings are most likely to be sub-
jected to the greatest seismic force when underlain by
firm soils or rock? What period range defines this type of
building?

(c) What types of buildings are most likely to be sub-
jected to the greatest seismic force when underlain by
soft soil? What period range defines this type of
building?

1.9. Barthquakes are measured by various scales.
Name two of these scales, and briefly describe the basis
for each.

PPY @ www.ppiZ2pass.com ,,-,,.
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STRUCTURAL ENGINEERING SOLVED PROBLEMS

1.10. What minimum requirement must a structural
engineer consider in connection with horizontal tor-
sional moments and story shear of a building? How are
negative torsional shears considered?

1.11. What is critical damping? How is the amount of
damping related to the critical damping? In the normal
range of accepted values, what are the maxima and
minima of damping factors for building? What would
be a normal range for steel buildings?

1.12. What is meant by the term confined concrete?

1.13. In a typical framed structure, the period for the
first mode of vibration is 1.5 sec. How would the period
be expected to change for the second mode? How would
the period be expected to change for the third mode?

1.14. What is liquefaction? How might liquefaction
affect buildings?

1.15. What is a tsunami?

1.16. A single degree of freedom system is shown.
Write the equation of motion for this system when it is
subjected to the earthquake ground acceleration uyf¢).

fixed
reference

uglt)

1.17. How would a shear wall structure behave differ-
ently from a frame structure with respect to nonstruc-
tural seismic damage?

1.18. A building was built in accordance with ASCE 7
earthquake regulations and acceptably withstood a
magnitude 7.0 earthquake per these regulations. Briefly
discuss three reasons why its performance in a later
earthquake might not be acceptable.

1.19. An exterior wall elevation for a symmetrical
reinforced concrete building is shown. The elevation
shows all vertical and lateral force-resisting elements.
The building was designed in accordance with ASCE 7
requirements using a response modification factor, R, of
8.5. Briefly discuss reasons for its failure when subjected
to the horizontal ground motion of a magnitude 6.6
earthquake whose epicenter was 6 mi away from the
site.

ey OO
. .
]| concrete ||, E & 3rd
L | 2nd
¥ -. 4
; srr e e o 18t
" | _concrete :
' -4 columns X
e ~ ground

1.20. Dynamic analysis is used to evaiuate the behav-
ior of certain types of structures under seismic loadings.
Name three types of structures that should be subjected
to such analysis.

1.21. What is meant by the demping charactenstics of
a structure?

1.22. Briefly discuss the expected response of a
(a) tall building founded on soft soils

{b) low shear-wall building founded on stiff soils

1.23. Which of the two buildings in Prob. 1.22 will be
more significantly affected by a distant earthquake?
Explain what the effect might be and why.

1.24. (a) In a 10-story office building, what change in
the stiffness (if any) might be expected during extended
high-intensity ground motion? What effect accrues to
the period, T?

(b) Draw a typical code-specified seismic load distribu-
tion for a 10-story building. Draw a typical shear dia-
gram for the same building.

1.25. A choice is to be made between a 20-story build-
ing and a 3-story building on the same site. Assuming
that the basic frame for each is similar, why is it that the
20-story building may be designed for a lower base shear
factor?

1.26. For the joints in a lateral load-resisting concrete
frame, why would special care be exercised to confine
the concrete?

1.27. What is the approximate proportion of inelastic
strain to elastic strain if A36 steel fails in tension at 20%
elongation?

1.28. A member in a building (vertical load only) was
erected with A325 bearing type bolts loaded in shear. At
the time of erection, the impact wrench used was mis-
calibrated and the applied torque was 50% of the torque
specified. What is the resulting effect on the design
strength of the connection? Explain.

PPIL ©# www.pplZpass.com
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1.29. Identify three of the most important factors that
influence the magnitude of the available ductility in a
reinforced concrete frame.

1.30. During the San Fernando earthquake in 1971,
many engineered buildings were subjected to a base
shear in excess of the code design requirement. Many
of these buildings showed ouly limited distress. Give
three reasons why this may have been.

1.31. The second story of a four-story rigid steel frame
is infilled with an unreinforced tile wall design as shown.
The infill part was not considered in the lateral load
design. Describe two important effects on the behavior
of the building when subjected to earthquake motion.

infill wall

.

1.32. What are two of the major factors that deter-
mine the dynamic characteristics of a building?

1.33. A building site may have a deep, soft soil foun-
dation condition. What might be the effect of this con-
dition on the input ground motion to a tall flexible
building, and therefore on the seismic response?

1.34. A proposed shear wall arrangement is shown. Is
there anything wrong with this design?

shear walls

B
i
3
7
ii

ATt T TR T e

TR ST

PROBLEM 2

Around the square perimeter of a 12-story building is a
series of special steel moment frames. The floor loads
and the frame dimensions are shown.

height
above total story
first floor dead load

(ft) (kips}
roof 156 1500
12th 143 2000
11th 130 1500
10th nz 1500
9th 104 1500
8th 29 1500
7th 78 1500
6th 65 1500
Sth 3 R typical 52 1500
4th story haight 39 1500
3th 26 1500
2nd 13 1500

30ft 30ft 306
1st ”
A 8 Cc D

Design Criteria

¢ occupancy category II

® siteclass D

e importance factor=1.0

e S¢=1.0,5=04

2.1. Calculate the story shear at each floor.

2.2. Calculate the overturning moment at the first
floor due to seismic loads only.

2.3. Calculate the overturning moment at the fourith
floor due to seismic loads only.

PPl &« www.pplZpass.com




4-4 STRUCTURAL ENGINEERING SOLVED PROBLEMS

PROBLEM 3

The two walls shown are joined along the horizontal
plane A by an element that is inextensible, and which
distributes the force Fg between the two wall elements.

10 f ) 20 kit )
] W, | | W, |
o (HHITE A~ FTTITTIT
o Lo 0| 12inthiek |- e Lo S
: "'-‘:" ’j'-nzu.;".‘dn"'.‘.'o
- wall 1,- o .cwauz Tag' 1 20 ft
soil . ?.. -'0.‘_’ ] 2 ftwide - = ?.,.'-'o. g-ee} )
b+ ic" /foolings\ "_" '?n.-._ 'q:-'a; ?-.::
/5 -o..}'.".' 0. L0, o'".- AT 73
—f— ————
l \*/ \t/ 2ft
' 24t ' 241t

Design Criteria

® walls are 12 in thick reinforced concrete resting on
footings

e soil under footings will compress /100 in for each
increase of 1000 Ibf/ft? in soil pressure

¢ vertical loads W, and W, are sufficient to maintain
compression throughout length of both footings

e E.=3000 ksi
® G=1200 ksi

3.1. What portion of Fg is resisted by each wall? Con-
sider flexural and shearing deformations of the wall
above the footings, as well as rotation of the footings
due to soil compression. Neglect any deformation of the
footings themselves.

3.2. What proportion of the force Fg would each wall
resist if flexure and shear in concrete were neglected and
only soil compression were considered?

3.3. What proportion of the force Fg would each wall
resist if rotation due to soil yield were neglected and
" only fexure and shear in concrete were considered?

PROBLEM 4

The design for a symmetrical one-story structure is
shown. The roof girders have an infinite stiffness relative
to the columns. Dimensions are as shown. The structure
will be designed for earthquake ground motions that
might be expected to occur at the site. These motions
are represented by the elastic response spectrum shown.
Assume that the structure will remain elastic.

typical
girders

12 ft

e
™

e
a

S, lg's)

e
(]

spectral response acceleration,

0.2 0.4 0.6 0.8 1.0
structure period, T{sec}

{o)

Design Criteria
¢ total roof weight = 40 Ibf/ft?

e column stiffness is K'=25.0 kips/in, each way for each
column

e weight of walls =15 Ibf/ft? on all sides of building

4.1. Develop a lumped mass mathematical model of
the structure that will be suitable for use in the analysis
for the spectrum shown. Assume no damping. Explain
what is to be included in mass and stiffness.

4.2. Determine the maximum earthquake force in the
X-X direction applied to the roof level.

4.3. Determine the maximum column shear for the
force in Prob. 4.2.

4.4. Determine the maximum deflection of the roof in
the X-X direction.

PPl #» www.ppl2pass.com




SEISMIC DESIGN 4.5

PROBLEM 5

A one-story building contains a series of shear walls as
shown.

P A PR = BTN 4 o b kA e e P

section
Design Criteria
® relative stiffness, R, of each wall is as shown
® roof slab assumed to be infinitely stiff

e one-half of shear wall weight contributes mass at
roof level

o dead load of roof construction = 100 1bf/ft?
e normal weight concrete = 150 1bf/ft*

® occupancy category II

® importance factor=1

® site class D

® S55=0.65, 5 =0.25

S.1. For the forces in the north-south direction, calcu-
late the seismic shear carried by each wall.

5.2. For the forces in the east-west direction, calculate
the seismic shear carried by each wall.

PROBLEM 6

A two-story concrete building with shear walls at
three sides and a concrete rigid frame at the fourth side
{line J) is shown.

A J
160 ft
. A .(_l B
Ay=10.0=15 concrete rigid
frame A, = 0.70
64 ft R, = 20
A, = 15 \
; .
A~ B~

R = relative stiffness

concrete shear wall typical,
center of mass is on
centerline of building each
way

plan

kips/ft
16 ft

2.5
kips/ft

16 ft

concrete columns

section A-A @ 16 ft each way

; . 20in § : : 16 ft
: square § : \
: ! . RS
a : Lol TRl R e
i 20in B ‘ n
: square f

column J3

frame elevation B-B
Design Criteria
® rigid diaphragms at second floor and roof levels

® any frame-action resistance involving slabs and col-
umns at all other lines is to be neglected

PPI = www.pp.lzpa-s.com
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46 STRUCTURAL ENGINEERING SOLVED PROBLEMS

6.1. Calculate the maximum lateral forces Vy and V;
that result on the concrete frame due to the lateral loads
shown in section A-A. The center of mass coincides with
the centerline of the building for both directions. Neglect
accidental torsion.

6.2. Using the portal method, find the moment and
shear stresses in the first story column .J3. Assume that
the foundation at line J is sufficiently rigid to fix the
column bases.

PROBLEM 7

A steel frame is shown with its fundamental mode shape
and a design response spectrum. The frame has a funda-
mental period of vibration of 0.35 sec.

story first mode
weight shape
roof 100 kips 1.0
4th 200 kips
3rd 200 kips
2nd 200 kips
ground

m4 WA m}

frame elavation

0.30 -
0.20 (-

0.10

| 1 1 1 (1 ) 1 i ] 1

041 02 03 04 05 06 07 0.8 period, T{sec)

spectral response acceleration,
S, (g's)

response spectrum

7.1. Determine story forces and base shear.

PROBLEM.8 . . . .o

A two-story steel frame structure is shown. The struc-
ture has 7% damping, ¢, and each story is known to
deflect 0.1 in under a 10 kip story shear. Answer the
following for an z-direction response.

<
8
a
2 0.5 =
3
£ -
8 0.4
g= 03l
a® £ =0.02
g 02 §=0.05
S oal £=007
(1)
[:4]
a 1 1 1 L 1
0.1 02 03 04 05 0.6 0.7 period, T{sec)
response specirum
L 200 Ibf/fi? typical
rigid girders floor weight
50 Ibf/t typical — —2
column weight
|
h LY
I e
/|
Y 121 o /
s i
S A
x %
; b
7 121t % % "
— % %z
I’ 10 b2
i | nonstructural
20 ft square curtain walls

around exterior

symmetrical structure

8.1. Determine the mathematical model for dynamic
analysis. Summarize this in a drawing that indicates
story masses and stiffness.

8.2. Draw the approximate first mode shape, and cal-
culate the fundamental period of vibration of the math-
ematical model. Do not use IBC equations to calculate
the period; instead, use recognized approximate meth-
ods, such as the Rayleigh method.

wh?

gy fé

8.3. Assume that for the first mode, T, =0.5 sec, and
that the mode shape is ¢o=1.0 and ¢, =0.67. Calculate
the first mode story forces.

Hint: Ty =2n

Hint: F; = m¢;5, -Z—%)

mip;?

8.4. What is the peak ground acceleration?

PPl &« www.pplZpass.com
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SEISMIC DESIGN 4.7

PROBLEM 9

A three-story building with plan dimensions of 100 ft x
100 ft is shown, along with its design response spectra.
The effective dead load on each floor is also as shown.

wy = 180 Ibf/t?

wy = 120 IbFh2

w, = 180 Ibi/f?

100 ft x 100 ft

elevation

90 -

maximum spectral velocity, S, {in/sec)

0.5 1.0 1.5 2.0
natural period, T (sec)
Design Criteria

® assume the following matrices

2.860 -0.657 0.378
mode shape matrix ¢ = | 1.959  0.725 -1.610

. 1.000  1.000  1.000
(15.1

modal frequency matrix= | 38.5 | rad/sec
| 61.7

9.1. Determine the base shear for each mode by using
the design response spectrum with a damping ratio of
£ =0.05.

9.2. Determine the lateral load at each level for ench
mode.

9.3. What is the most probable design base shear?

PROBLEM 10

The existing steel frame shown is assumed to be
restrained perpendicularly to the plane at all joints.
The base connections are assumed to be perfectly
pinned.

50 kips | 12/

o

121t

PRt T

i

40 kips

AT e LT
by

10 R

B BT L SR P I e ) S5

[ g et b & et =2

sl

Design Criteria

e tributary dead loads at joints A, B, C, and D as
shown, weight of frame included

® F,=50 ksi steel

® S:=0.9¢ 5 =049

® site class D

® occupancy category II
® importance factor=1.0
o T;=12sec

10.1. Calculate forces in the frame due to horizontal
seismic loads. Neglect axial deformations.

10.2. Are the W10 x 45 columns adequate? Show
calculations.

10.3. How much live load can the frame carry at
joint D?

o N :




4—8 STAUCTURAL ENGINEERING SOLYED PROBLEMS

1

PROBLEM 11

A 9 in thick two-way fiat slab system is shown.

T A 8 c D € F G
N

[ | | ] 1
L =150 ft
b =50ft b=50hlb=50ft

| I

1 ) T —
175&_* -

2— | 15# ] . . e e o [
/ l'llft_ :I—- 25 ft o.c. {typical) 25 ft
3 ? = )
\b=50ft

uniform seismic loading = 4000 Ib#/ft

Design Criteria

shear wall braced building
shear walls 8 in thick and 10 ft high

e columns 14 in in diameter and 10 ft high

® ail walls fixed at bottom, pinned at top
® columns not part of lateral bracing system
® columas fixed at top and bottom

® columns, walls, and diaphragms have the same mod-
ulus of elasticity, £,

e gravity moments in column from frame are 38 ft-kips
top and 19 ft-kips bottom

® deflection in shear walls is
_(V 3 h
a=(g5) (s(4) +5(%)

Miustration for Prob. 12

8
wall A 24 1t

® deflection in diaphragm is

s = (72) (B +2(h)

® seismic design category D
e (Cy=50

11.1. Determine the moments at top and bottom of
column from seismic loading for column at line 2-D only.

PROBLEM 12

The interior shear wall shown (see [Mustretion for
Prob. 1£) is of 8 in thick (nominal) concrete block and
all cells are fully grouted. A seismic load from a fexible
roof diaphragm applied at the top of the wall is deter-
mined to be 30 kips.

Design Criteria
* A615 grade 40 reinforcing steel
e fi =15ksi

12.1. Determine the lateral load in each of the piers 1
through 6 due to the given load. Neglect weight of the
wall for seismic effects.

12.2. Determine the maximum anchorage load from
the drag strut to the wall. Neglect pin ends and axial
deformation.

12.3. Determine the axial load in pier 5. The seismic
load at the top of wall B is 25 kips. Neglect the weight of
the wall for seismic effects.

18 ft
wall B

4t Aft  4ft ' af l211

\ drag strut

16 ft @ e

® Bt

shear wall elevation

PP! ¢« www.ppi2pass.com
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SEISMIC DESIGN 4.9

SOLUTION 1

1.1. Elastic response spectre are plots of maximum
response (e.g., displacement, velocity, or acceleration)
of a single degree of freedom (SDF) linear oscillator that
is subjected to a specific load function (e.g., base
motion) over a practical range of periods of the SDF
oscillator.

£.2. The most important factor that reconciles the
discrepancy between the earthquake and the design
level of the response spectra is the inelastic behavior,
which results in hysteretic energy dissipation by the
structure.

1.3. Other factors that might medify a structure's
response to an earthquake are (1) changes in stiffness
and (2) changes in damping characteristics as the struc-
ture degrades.

1.4. The primary reason that a bearing wall and a
special moment resisting space frame will have different
lateral force coefficients is the superior energy dissipa-
tion capability of the special frame. A secondary reason
is that a special moment-resisting frame is typically
more redundant and can respond inelastically without
jeopardizing vertical capacity and stability. Bearing
wall systems have shown variable performance depend-
ing on quality of construction.

1.5. In addition to the requirements of strength, sta-
bility, and continuous load path, a fundamental require-
ment for survival of a moment-resisting frame during a
strong earthquake is sufficient ductility—that is, inelas-
tic deformation capacity—to dissipate the energy
imparted by the ground motion.

1.6. In addition to superior energy dissipation capabil-
ity, the building with a lateral force coefficient, R, of
5.5 has an essentially complete system to support grav-
ity loads independent of the lateral force resisting sys-
tem. Therefore, the difference is redundancy. If the
lateral force resisting elements fzil {that is, where R is
4.5), the structure—or a major part of it—might
collapse.

1.7. The primary purpose of the ASCE 7 earthquake
regulations is to prevent loss of life by setting mini-
mum standards to prevent structural collapse. Accord-
ing to the SEAQC Blue Book, the performance to be
expected in structures built to these standards is as
follows.

® minor earthquake: no damage

® moderate earthquake: no structural damage, but
damage to nonstructural elements is possible

® major earthquake: no collapse, but damage to both
structural and nonstructual elements is possible

1.8. (a) Increasing soil thickness generally increases
the predominate period of ground mation and amplifies
the structural response.

(b) Structures most likely to be subjected to greatest
seismic force when underlain by rock are the relatively
stiff structures with periods in the range of 0.1 sec to
0.5 sec.

(c) Conversely, relatively flexible structures, those with
periods greater than 0.5 sec, are more likely to experi-
ence greatest seismic force when underlain by soft soils.
The worst situation occurs when the building's period
and the predominate period of the ground motion nearly
coincide.

1.9. Two scales used to measure earthquake intensity
are the modified Mercalli intensity scale and the Richter
magnitude scele. The modified Mercalli scale assigns an
earthquake a level of intensity ranging from 1 (not felt.
except by a few under exceptionally favorable circum-
stances) to 12 (damage is total). The Richter scale
quantifies the earthquake's magnitude using a scale
representing the common logarithm (base 10) of the
maximum seismic wave amplitude recorded at a dis-
tance of 100 km from the earthquake epicenter.

1.10. With respect to ASCE 7 Sec. 12.8.4.2, the mini-
mum accidental eccentricity for torsional moment is 5%
of the building dimension perpendicular to the force
under consideration. For a building in seismic design
categories C through F, with torsional irregularity as
defined in ASCE 7 Table 12.3-1, the minimum eccentri-
city is further amplified by a factor ranging from 1 to 3.

1.11. Critical damping is the minimum damping that
prevents oscillation of a system when it is disturbed
from its equilibrium position. System damping is usually
expressed as a percentage of critical damping, called the
damping ratio. The damping ratio for real structures
varies from virtually 0% up to a maximum of about
20%. For most practical building structures, damping
in the range of 2% to 7% is more typical of steel struc-
tures (2% for rigid, welded structures; 7% for flexibie
structures riveted or bolted with A307 connectors).

1.12. Confined concrete is enclosed by hoops or spirals
in such a way that lateral strains are resisted when an
element is subjected to uniaxial compression. The com-
pressive strength and ductility are increased over those
of an unconfined concrete element.

1.13. A fundamental period of 1.5 sec corresponds to o
relatively flexible structure (for example, a 15-story
frame). For such structures, a reasonable approximation
to the periods of the higher modes is

Ty = 1.5 sec

Ty 1.5 sec
== = 0.5 sec
Ta==3 3
~T1_1.553C_
T3~5_———5 = (0.3 sec

PPl o www-ﬂﬂizﬂ""“q&
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STRUCTURAL ENGINEERING SOLVED PROBLEMS

1.14. Soil hquefaciion is the loss of strength and stiff-
ness that occurs in a loose, saturated soil (usually sand)
when the soil particles are jarred and this causes them to
compact more densely. The soil loses its shear strength.
That is, it behaves as a liquid—and so, loses its bearing
capacity. Buildings constructed on this type of soil can
settle, tilt, and sustain damage.

1.15. A isunami is a long water wave caused by sud-
den faulting of the ocean floor.

1.16. The system's equation of motion is
mu(t) + ci(t) + ku(t) = —muy(t)

4.17. In comparison to a frame, a shear wall structure
will experience significantly less drift and interstory drift
when subjected to lateral forces. As a consequence, there
is generally iess damage to nonstructural items in a
shear wall structure than would occur to similar items
in a frame structure.

1.18. An earthquake of magnitude 7.0 would likely
cause several cycles of inelastic response in the structure.
This would likely cause changes to the stiffness and
damping characteristics of the building (especially if it
is constructed of reinforced concrete). The building’s
response might then not be acceptable in a subsequent
earthquake for several reasons.

e The duration of strong motion in the second earth-
quake may be significantly longer, and site-specific
response more severe, than in the first earthquake.

#® The cumulative damage of inelastic response cycles
might be too much, causing the building to fail.

e The degradation of strength and stifiness caused by
the first earthquake might increase drift, causing
instability due to P-A effects.

1.19. The structure contains a vertical irregularity
called a soft story, which places too large an inelastic
rotation demand on the first story columns and beam-
column joints. Furthermore, the design based on an R-
factor of 8.5 yields a base shear that is too small for a
structure with this irregularity.

1.20. Structures that should be analyzed dynamically
include

e irregular structures (e.g., unusual plan configura-
tions, abrupt changes in strength and stiffness from
floor to floor, large variations in mass, or other irre-
gularities—see ASCE 7 Tables 12.3-1 and 12.3-2)

& tall, regular structures (i.e., those for which response
is significantly sffected by the higher modes of
vibration)

A

e structures founded on deep deposits of soft soil {e.g.,
where dynamic response may be amplified by soil-
structure interaction)

1.21. Damping characterisiics relate to the mechan-
isms that dissipate energy in an oscillating system
(examples include Coulomb friction and hysteretic
material behavior). To simplify computations, struc-
tural damping is usually approximated as viscous (that
is, directly proportional to velocity).

1.22. (a) Soft soil amplifies the dynamic response sig-
nificantly for structures with periods greater than
0.5 sec. Tall buildings generally have periods greater
than 0.5 sec; therefore, a tall building on soft soil would
experience greater lateral force and displacements than
if it were founded on rock.

(b) A low shear-wall building on stiff soil is likely to be
so stiff that it would move with the ground, and so
would experience nearly the same acceleration as the
ground.

1.23. A distant earthquake would more likely affect a
tall building founded on soft soil. The effective peak
ground accelerations diminish with increased distance
from the epicenter of an earthquake. However, the com-
ponents having longer periods transmit farther. Also,
the duration of strong ground motion is greater on soft
soil. The periods of motion for soft soil and a tall build-
ing are relatively close. All these factors can contribute to
create a measurable response in the tall building caused
by an earthquake several hundreds of miles away.

1.24. (a) Under extended high-intensity ground
motion, the stiffness of the 10-story building would
likely degrade. This would result in an increase in its
period.

(b) The typical code-specified seismic load distribution
and shear diagram for a 10-story building is approxi-
mately as shown:

T TN story shear

1.25. The 20-story building may have a smaller base
shear coefficient because its period of vibration is gen-
erally such that it is on the descending branch of the
design response spectrum (that is, a period greater than
about 0.5 sec for a building founded on stiff soil).

1.26. Concrete confinement increases the toughness of
the joints, and hence their ability to dissipate energy.

.~
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1.27. The strain corresponding to 20% elongation is
0.2. The yield strain for A36 steel is

kips
F,_ %37
€y = E = —kl—-s. =0.00124
* 29,000 EI;_

Thus, the proportion of inelastic to elastic strain is

€inelustic _ 0.2000 — 0.00124 _
€ 0.00124 = 160

1.28. Bearing type bolts depend on their shear sirength
rather than on the frictional resistance created when the
bolts are tightened. Thus, the bolts in this situation
would develop their design strength. The only effect
would be slippage in the joint (on the order of Y16 in),
which might affect serviceability. In general, bearing
type connections are required to be tightened only to a
“snug tight” condition, which is roughly the torque that
causes an impact wrench to impact.

1.29. Three factors that influence ductility in a rein-
forced concrete frame are

® the longitudinal steel ratio, p = A,/bd (the higher the
steel ratio, the lower the ductility)

e concrete confinement (that is, hoops or spirals)

e shear strength and development of reinforcement

1.30. Many buildings showed only limited distress
resulting from the 1971 San Fernando earthquake,
despite being subjected to a higher base shear than
prescribed. Some reasons for this include the following.

e Resistance was furnished by nonstructural elements,
such as partitions and curtain walls.

e Some buildings were designed to earlier, more con-
servative codes with respect to member strength (for
example, using working stress design).

¢ Some buildings were proportioned for nonseismic
loading conditions (for example, low, light-frame
structures that were governed by wind design rather
than seismic design).

1.31. The infill wall will

¢ stiffen the frame significantly, causing a change in its
dynamic response (for example, shortening its funda-
mental period)

® create an abrupt change in stiffness, producing high
inelastic rotation demand on the columns above and
below the in-filled story

1.32. The most influential factors affecting dynamic
response are the magnitude and distribution of mass
and stiffness.

1.33. The deep, soft soil can amplify the input ground
motion. Response is especially severe if the building's
period is close to the period of the soil layer, in which
case resonance may occur,

1.34. The wall arrangement has poor torsional rigid-
ity. A slight eccentricity in an applied lateral force can
cause a large twisting deformation.

SOLUTION 2

2.1. Compute story shears due to seismic loads per
ASCE 7. In the following solution, all equation ancl
table citations refer to ASCE 7. For site class D, "I'abiles
11.4-1 and 11.4-2 give Fy=1.1 and F,=1.6. Thus, the
design spectral response parameters are found using
Egs. 11.4-1 through 11.4-4.

Spus=F 85 = (L1){(1.0)=1.1
Sps =0.6675ys = (0.667)(1.1) = 0.73
S = F,5 =(1.6)(04)=0.64
Sp =0.6675y = (0.667)(0.64) =0.43

From Tables 11.6-1 and 11.6-2, occupancy category II,
with Sps less than 0.5 and Sp, greater than 0.2, the
seismic design category is D. From Table 12.8-2 and
Eq. 12.8-7, the approximate fundamental period of the
steel moment frame is

T, = Cih* = (0.028)(156)°® = 1.6 sec

(h, is the building height in feet, and T, is in scconds;
the formulia is not dimensionally consistent.) Clnk the
applicability of the equivalent lateral force prucedure
per Table 12.6-1. The limiting period is

35Ts =35 (ﬁ)(l sec)
Sps

— (3.5) (g—f‘,‘}%) (1 sec)

=207 sec [>T,

The structure is regular and the period is less than the
lititing value of 3.5T,, so the equivalent lateral force
method applies and will be used. For spectid =teel
moment-resisting frames, Table 12.2-1 specifies a
response modification coefficient, R, of 8. The seismic
response coefficient, C,, must be at least 0.0l and is
limited by Eqs. 12.8-2 and 12.8-4 (the units of 1" are
ignored).

Spsi _ (0.73)(1)

o > s =0.091
' SDII_ (043)(1) = i Lrols]
TR = (16)(8) ~ 0.034 [contruls]

nal9%amease - cam——
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The seismic dead load is the summation of the given
dead loads from level 2 to level 13, and is

i

W=D w, = (11)(1500 kips) + 2000 kips = 18,500 kips
=2

From Eq. 12.8-1, the total seismic base shear is
V = C,W = (0.034)(18,500 kips) = 629 kips

The vertical distribution of the lateral forces is given by
Egs. 12.8-11 and 12.8-12.

Fi=CV
h
Cup = 2t
Zw.hf
=l

n is the total number of levels, and { and zstand for the
particular level. The exponent k is found by linear inter-
polation between 1.0 at period 0.5 sec and 2.0 at 2.5 sec.

k =0.75 +0.5T, = 0.75 + (0.5)(1.6 sec) = 1.55

Values of the equivalent lateral forces, F., computed by
the above provisions are as follows.

Wy hy LSS Fs
level (kips) (fe) why (kips)
1 0 0 0 0.0
2 1500 13 79,929 2.4
3 1500 26 234,045 71
4 1500 39 438,775 13.3
5 1500 92 685,325 20.8
6 1500 65 968,516 29.4
7 1500 78 1,284,807 39.0
8 1500 91 1,631,569 49.5
9 1500 104 2,006,748 60.9
10 1500 117 2,408,681 731
11 1500 130 2,835,982 86.1
12 2000 143 4,383,297 133.1
13 1500 156 3,762,135 114.2

sum 18,500 20,719,809 629

The lateral force, F, and story shear at each floor are
shown.

Fia = 114.2 kips ———er——{
Fi2 = 133.1 kips ———1——
Fyy = 86.1 kips ————t—]
Fig = 73.1 kips ————§
fy = 60.9 kips ———
Fy = 49.5 kips ~——t—f 516.9
F; = 38.0 kips -——=1— 555.9
Fs = 29.4 kips ——1—/ 585.9
Fg = 20.8 kips “ee[——f 606.1
Fy = 13.3 kips ~=t— 619.4
Fy =71 kips —1—} 626.6
F; = 2.4 kips ~1— 629.0
g .
V = 629 kips story shear
{kips)

(

Mol

2.2. The overturning moment at the first floor due to
seismic loads only is

13
Mo,l = ZFaht’
=2

= (114.2 kips)(156 ft) + (133.1 kips)(143 ft)
+ (86.1 kips)(130 ft) -+ (73.1 kips)(117 ft)
+ (60.9 kips)(104 ft) -+ (49.5 kips)(91 &)
+ (39.0 kips)(78 ft) + (29.4 kips)(65 F)
+ (20.8 kips)(52 ft) + (13.3 kips)(39 ft)
+ (7.1 kips)(26 ft) + (2.4 kips)(13 ft)

= (74,200 ft-kips

2.3. Calculate the overturning moment at the fourth
floor. Use the value for M,, from Prob. 2.2, and take the
area under the shear diagram to get the change in
moment from the first floor to the fourth floor.

1
Moq= Mgy — D ViAk;
=2

= 74,200 ft-kips
(629 kips)(13 ft) + (626.6 kips)(13 ft)
T\ (619.4 kips)(13 ft)

=[49,800 fe-kips

PPl @« www.ppl2pass.com
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SOLUTION 3

3.1. Calculate the shear in each wall as a function of
Fg. Both shear and flexural deformations in the wall are
to be considered.

incompressible
10 f link 20 &t

_| il N | | W, |

i ’V * of o Q o *3 o e
AP )
12in Wlde___\a_"u ‘0-‘ >"d'a.'“ .o'.°?- .0
ttypicall ™1 wan'y 01 - wall 24 - ]
L B s’ 9
2 ft wide o o
Wplcall\ s e

l

29 ft ' ) 24 kt

Let aFg be the shear in wall 1, where o is a constant.
Then (1 ~ a)}Fg is the shear in wall 2. For wall 1, caleu-
late the peak change in soil bearing pressure, f,, caused
by the lateral force.

M,=aFgh=aF(22 ft)

bL? _ (2 ft)(24 &)’
% 6
_ M, _aFg(22 ft)
h="%="0w
Calculate the deformation in the soil at the tip of the
footmg caused by the change in bearing pressure. It is

given that the soil can compress 0.01 in for each
1000 1bf/ft? in soil pressure.

S= = 102 fit°

=0.1146aFq ft~2

Ap = kf, = 0.01in_ (1000 lbf)

1000 1Bf kip
1000 2
x (0.1146aFg ft=?)
= 0.001146a F g in/kip

The deflection at the top of the wall due to support

rotation is
_{8n
by =06h= (b.s_L)h

0.001146aFq kl
(0.5)(24 ft)

(22 ft)

= 0.0021aFg in/kip

4-13

Similarly, for wall 2 with the same size footing,

M, = aFqh= (1~ a)Fg(22 ft)
M, (1 =a)Fq(22 ft)

f2migris 192 3
= 0.1146aF ft~2
Ap = kfy = [ 0L ;gf (1000 l'{b—f)
1000 == P

x (0.1146(1 - a)Fq ft=?%)
=0.001146(1 - &) F in/kip

Ap
=6h =2
b (O.SL) h

0.001146(1 — a) Fq lz“
{0.5)(24 ft)

(22 ft)

0.0021(1 - a)Fg in/kip
The shear and flexural deflection in the walls occur only

in the regions above the top of the footing (that is, for
h=20 ft). For wall 1,

aFgh® 1.2aFgh
3EI GA

H 2
A= BL = (1 &)(10 ft)(12 ﬁ) = 1440 in?

B _ {(1 m)(10 &)° in\ ¢
I=T ‘( 12 )(12 En)

= 1,728,000 in*

A=

- aFQ((zo &)(12 %))3

1
(3) (3000 k‘ps) (1,728,000 int)

1.2aFq(20 f)(12 %)

(1200 "'ps)(mm in?)

= 0.001055a Fg in/kip




4-14 STRUCTURAL ENGINEERING SOLVED PROBLEMS

For wall 2,
e (1—a)Fgh® 12(1 —a)Fgh
*T T 3ES GA
. 2
P e my" _ s 2
A= BL=(11f)(20 ft)(l2 &) 2880 in

BLd  { (1 f)(20 f)° iny?
Ies ‘( 12 )(12 E)

= 13,824,000 in*

(1 - a)Fo((20 f){12 E)):1

Ay =
(3) (3000 k‘ps) (13,824,000 in?)

1.2aF g(20 ft) (12 %)

(1200 k'ps) (2880 in?)

= 0.0001943(1 — a)Fyq in/kip

+

The total deflections are

Ay = A+ A
= (0.0021 + 0. 001055)0:FQ l-:

= 0.003155a Fg in/kip

Asr= A2 + A'z
= (0.0021 + 0.0001943)(1 — a)Fq 'ik'i%
= 0.0022943(1 — a) Fg in/kip

For consistent displacements, make the deflections
equal, cancel the Fg factor, and solve for a.

A|T= Agp

0.003155aFq —=- kl = 0.0022943(1 — @) Fq % kl

0.0022943
0.003155 + 0.0022843
=0.42

1—-a=0.58

of the force Fg is resisted by wall 1, and the
remaining is resisted by wall 2.

3.2. If shear and flexural wall deflections are neglected,
then, as the footings are of identical size and are
assumed to be rigid, m 50% | of the force Fg is resisted
by wall 1, and [50%| m is resisted by wall 2.

o =

3.3. If soil compression is neglected, the compatibility
equation is

A' = 4
0.001055aF k—- = 0.0001943(1 — a)Fq k‘—‘;
_ 0.0001943
0.001055 + 0.0001943

= 0.16
Under this assumption, wall 1 resists only of the

force Fg, and wall 2 resists

SOLUTION 4

4.1. Develop a lumped mass mathematical model of
the structure. The structure is regular and symmetrical
and is assumed to remain elastic, so a two-dimensional
single degree of freedom model is sufficient. Lumped
masses should include the contribution from the roof
plus one-half the mass of the exterior walls (use the total
20 ft x 20 ft roof area).

W = wyBL + wean(2L + 2B)(0.5h)
= (10 M) (20 £6)(20 ) + (15 '&%
x ((2)(20 £t) + (2)(20 £))(0.5)(12 &)

= 23,200 lbf

W _ 23200 1t
9 300 S
5€C

M= = 720 Ibf-sec? /ft

The stiffness of each column is given as 5.0 kips/in per
column, so the total stiffness for four columns is

K = 4k, = (4) (5000 'bf)( &)
= 240,000 Ibf/ft
The equivalent lumped mass model is

X
M = 720 \bf-sec? Ibf~sec2

K = 240,000 Ef-
7 ft

4.2. Determine the maximum earthquake force in the
X-X direction. For a single degree of [freedom,
undamped harmonic oscillator, the natural frequency is

240,000 f

ft _
720 Ibf-sec?

ft

PPl # www.ppl2Zpass.com
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The period is

PSS )
“w 13322
sec

= (.34 sec

Reading from the given elastic response spectrum, the
spectral acceleration is

Sq = 0.45g = (0.45)(32.2 L) = 145 ft/sec?

Therefore, the maximum force is

2
(720 lbf-t::ec )(14 5 ftz)
V=M, = sec

Ibf
1000 —
0 ip
; =(10.4 kips
;
i 4.3. Determine the maximum column shear cor-
j responding to the force of 10.4 kips determined in
: Prob. 4.2. Assume a 5% minimum eccentricity to be
b consistent with building codes. The torsional moment is
B |
My= Veg = V(0.05L)
‘ = (10.4 kips)(0.05){20 ft)

= 10.4 fi-kips

2 +17) = @((10 ) + (10 &)?)
= 800 ft?

Therefore, the maximum column shear is

V Mz
Ve 05( ____ﬂyz))

= (0.5) (10-4 kips + (10.4 ft-kips)(10 ft))

2 800 ft?

- [ZTEm)

4.4. The spectral displacement is related to the spec-
tral acceleration by the equstion §;=S,/w®. The max-
imum displacement (deflection) of the roof in the X-X
direction is

ft i
s, (455828

= (18 3 %‘;—‘:)

SOLUTION 5

S5.1. All equation and table citations in this solution
refer to ASCE 7. Calculate the seismic shear in the wills
for north-south ground motion. Per the design crit iz,
include one-half the weight of the shear walls in the dead
load for computation of seismic base shear.

Woan = wc(05h)z &L,

1=l

(o 15 k"’)(0 5)(16 Ft)

(0.83 £t)(30 ft) + (0.83 £¢)(20 ft)
x +(0.83 ££)(10 ft) + (0.83 £)(8 1t

+ (0.67 ft)(40 Ft)
= 100 kips

Wosat = wp(BL) = (01 k‘p) (30 ££)(90 f1)

= 270 kips
W= Wit + Weay
270 kips + 100 kips
= 370 kips

For site class D, S5=0.65 and §, =0.25. Tables 11.1-1
and 11.4-2 give F,=1.28 (by linear interpolativn qiml
F,=1.9. The design spectral response paramoters are
found using Eqs. 11.4-1 through 11.4-4.

Sus= F 55 = (1.28)(0.65) = 0.83
Sps = 0.667Sys = (0.667)(0.83) = 0.55
SMI = F.,.S'l = (19)(025) = (.48

Spy = 0.66754 = (0.667)(0.48) = 0.32

From Tables 11.6-1 and 11.6-2, for an occupancy cate-
gory II, with Sps greater than 0.5 and Sp, greater than
0.2, the seismic design category is D. From Table 12.5-2
and Eq. 12.8-7, the approximate period of the concrete
bearing wall structure is

T =T, = C/h% =(0.02)(16 &)*"
= (.16 sec

(hy, is the building height in feet, and T, is in seconds;
the formula is not dimensionally consistent.) For a sin-
gle story building in occupancy category [I, Table 12.6-1
permits the use of the equivalent lateral force procedure
of Sec. 12.8 to calculate the base shear. For seismic
design category D, shear walls must be designed and
detailed as special reinforced concrete walls, for which
Table 12.2-1 specifies R=5. The seismic response

-
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4-16 STRUCTURAL ENGINEERING SOLVED PROBLEMS

coefficient, C,, must be at least 0.01 and is limited by
Eqs. 12.8-2 and 12.8-4 (the units of T are ignored) to

Spsl _ (0.55)(1)

c<) R 5
"7 Sod _ _(032)(1)

TR (0.16 sec)(5)

=0.11 [controls}

= 0.40

The base shear is

V=C,W = (0.11){370 kips) = 40.7 kips

The distribution of shear to elements of the rigid
diaphragm-shear wall system will be computed using
the centerline-to-centerline dimensions between walls.

296/ 30Rh  296f
[ I | b o
=
! g & 2l
ol|l|= == o= s lda =
<o n e 1 18
L - =! |& o | o
|| TS AN kS ~
* = LI RES x| |2
—f e ——— [ o S St
A = 10.0
W; = 32 kips

The center of rigidity is at the centerline of wall 5,
because it is the only shear-resisting element in the
east-west direction. For the other direction,

5
> R,;=6R+15R+48R+1.0R+0R=13.3R

@

Zz, Ry

R,

Mm

i=1
(0 ft)(6R) + (29.6 R)(1.5R) + (59.6 &)
x (4.8R) + (89.2 £)(1.0R) + (45 &)(OR)

13.3R
=316 ft [from centerline of wall 1}

The center of mass (including one-half the mass of the
walls) is located at

5
we(0.5h) D tiLiz, + Wioor(0.5(L - 1))

I =

W
(0 15 klp)(0 5)(16 f)
{0.83 ft){30 ft)(0 ft) + (0.83 ft)(10 ft)
x (20.6 ft) + (0.83 t)(20 Ft)(59.6 ft)
+ (0.83 ft)(8 £t)(89.2 ft) + (0.67 ft)
x (40 Ft)(45 ft)
+ (270 kips){(0.5)(90 ft — 0.83 ft))

370 kips

424 ft

5
wc(05h)z LiLiy; + Wioor(0.58)
i=1

ym= w

(0 15 l;.f) (0.5)(16 £)

(0.83 ££)(30 ft)(15 £t) + (0.83 ft)(10 £t)
x (5.33 ft) + (0.83 ft)(20 ft)(10.33 ft)
+ (0.83 £t)(8 ft)(25.7 £&) + (0.67 ft)
x (40 £t)(0.33 ft)
+ (270 kips)(0.5)(29.4 ft)

370 kips
13.2 ft

Tabulate the properties of the shear walls resisting the
seismic base shear.

d; d,
wall R, R, (ft) (ft)

R.d}+R,d}
1 - 6.0R -316 — (5990 )R
2 = 1L.5R -2.0 - (6H)R
3 - 48R 28.0 — (3760 RY)R
4 - 1.0R 57.6 - (3320 )R
5 10R - - 0 (0f)R
z 10R 13.3R (13,080 &%) R

PPl ©# www.ppl2pass.com
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SEISMIC DESIGN 4-17

Check for torsional irregularity by calculating the dis-
placement of the rigid diaphragm due to lateral force
plus torsional moment. Include the accidental eccentri-
city (0.05L), per Sec. 12.8.4.2.

e = 0.05L = (0.05)(90 ft) = 4.5 it
ot = (Tm — T) = (42,4 ft - J1.6 ft) = 10.8
M= V{ep + €acc) = (40.7 kips)(10.8 ft + 4.5 ft)
= 623 ft-kips
Calculate the shear in walls 1 and 4.
VR MR, d;
Vg — vl + t 2y.l A .
DR, 2R+ R
_ (40.7 kips)(6R) (623 ft-kips)(6R)(~31.6 ft)
- 13.3R (13,080 ft2)R
= 0.3 kips

vo_ VR MiByadsg
‘T3R, Y RAE+R.E
_ (407 kips)(1R) (623 R-kips)(LR)(S7.6 )

13.3R (13,080 ft2)R
= 5.8 kips

The relative wall rigidities are given in terms of R, which
has units of kips per unit displacement; therefore, only
relative displacements can be calculated, but these are
all that is needed to check for torsional irregularity.

AL R e
R, 4 kips
unit
Va 5.8 k.ipS .
8§y = — = ———— = 5.8 units =4,
4 R4 : ﬂ l mlxl
unit

&1 + 84 - 1.55 units - 5.8 units

Save 3 ) = 3.7 units

The ratio of maximum to average diaphragm displa-
cements exceeds 1.4, which defines extreme torsional
irregularity in Table 12.3-1. Section 12.8.4.3 requires
amplification of the accidental torsion by the factor A,

Sunx \* _ (L5T\? _
el (F) = () =17 conon

3.0

Therefore,

eace = A(0.05L) = (1.71)(0.05)(90 ft) = 7.7
M= V(ew £ enec)
= (40.7 kips)(10.8 ft + 7.7 ft)
753 fi-kips
- { 126 ft-kips

The larger value of M, applies when the torsional effect
increases the direct shear, and the smaller value applies
when the torsional effect reduces the direct shear. Recal-
culating with the amplified torsional moment,

_ VR, MRy, d;,

V= +
>R, Y R+ R.d
_ (407 kips)(6R) (126 fe-kips)(6R)(—316 f)
- 13.3R (13,080 ft2) R
=116.5 kips
Vs VR, M Ry2d:n

= +
ZRV zRvdi + Rxdi

_ (40.7 kips)(1.5R) N (126 ft-kips)(1.5R)(=2.0 ft)

h 13.3R (13,080 ft?)}R

VRy,II MtRy,J d:'a
Va= . 2 7
SR, TR+ R,
_ {40.7 kips)(4.8R) N (753 ft-kips)(4.8 R)(28.0 ft)
- 13.3R (13,080 ft2)R

=122.4 kips

- VRyi, MiRyadss
YR, Y.R,d+R.d
(407 kips}{(1R) _ (753 ft-kips)(1R)(57.6 k)
- 13.3R (13,080 ft2)R

- [ i)
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4-]8 STRUCTURAL ENGINEERING SOLVED PROBLEMS —
8y -6
Voo VR | MiResdys 6mu=93=(4L ,)B

YR, Znyd';' + R.d
_ {40.7 kips)(0R) | (126 fe-kips)(OR)(O ft)
- 13.3R (13,080 ft?)R

- [0 Kips]

5.2. Calculate the distribution of wall shear for east-
west ground motion. Check for torsional irregularity.

eace = 0.058 = (0.05)(30 ft) = 1.5 ft
Coct = Ym —T= 132 -0 ft = 132 ft

M,= V(encl + ence)
= (40.7 kips)(l3.2 ft +1.5 ft)
= 598 ft-kips

VR: 1 MlRy,ld:.l

TSR SRE+ R.d?
_ (40.7 kips)(OR) (598 ft-kips)(6R)(—31.6 ft)
- 10R (13,080 ft?)R
= —8.7 kips

VR: 4 Ml Ry.4 dz,d
TSR SR+ R
_ (40.7 kips)(OR) = (598 ft-kips)(1R)(57.6 ft)

10R (13,080 %) R

The relative displacements of the diaphragm for east-
west seismic force can be calculated from the rotation
caused by the applied torsional moment.

_Vi_—87kips .
6= R _—Iu_ps 1.45 units [downward|
unit
_ Vs _ 2.6 lf.ipS -
6y = R = ; Tp 2.6 units [upward]
unit

2.6 units -~ {~1.45 units)
E ( 90 fo )(30 )

1.35 units

o = Omax _ L1.35 units
ave 2 2

6mu — 1.35 uﬂits -
Oave  0.68 units

= (.68 units

The ratio of maximum to average diaphragm displa-
cements exceeds 1.4, which defines extreme torsional
irregularity in Table 12.3-1. Section 12.8.4.3 requires
amplification of the accidental torsion by the factor 4,

] 6|nax 2
6[11!.! o 6!\'& o 2.0 2 _
A:: S (1-265ve) h 1.2 - (1.2) =2.8 [CDﬂt[‘o]s]
3.0
Therefore,

€ = A:{0.05B) =
M= V(e T €acc)
= (40.7 kips){13.2 ft + 4.2 ft)
708 ft-kips
- {366 f-kips

(2.8)(0.05)(30 ft) = 4.2 ft

For east-west ground motion, maximum shear occurs in
all walls when M, equals 708 R-kips.

VR:I MtRy.ld:.l
ZR ZR,,di + R.d?
_ (40.7 kips){OR) = (708 ft-kips)(6R)(—31.6 ft}

10R (13,080 ft2)R
:
Vo= VR:.I + M tRy.Zd:,‘z
‘TR IRE+RA
_ (40.7 kips)(OR) . (708 ft-kips)(1.5R)(—2.0 &)
. 10R (13,080 ft2)R
-
VR::I MRy 3d;:3

"SR IRE+RE
_(40.7 kips)(OR) (708 ft-kips)(4.8 7)(28.0 ft)
- 10R (13,080 ft2)R

PPI ©# www.ppi2pass.com
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e SEISMIC DESIGN 4-19
VR, M!Ry,-l dz A 160 it 4
Va= T [ |
2R DR+ R.d o
_ (40.7 kips)(OR) _ (708 fe-kips)(LR)(57.7 £t) ‘;“_"23 =15 Ry = 0.7 —_
10R (13,080 ft2)R ea| 1.
=|3.1 ki -|\“- centerof  ™~— center of mass
- X rigidity
H4 =15 ""--r..
_ VR MR, sd,s
"SR, +ZR d® + R.d?
yd; + iy d; 4, RE
_ (40.7 kips){10R) _ (708 ft-kips)(10R)(0 ft) element R, R, () () (ft%)
7 10R (13,080 ft2)R 1 - 20 54 - 583
2 - 07 1546 - 16,731
= 3 15 - - 32 15,360
4 15 - - 32 15,360
sum 30 20.7 48,000
SOLUTION &

6.1. Calculate the lateral force acting on the rigid
frame at line J. The resultant lateral forces at the center
of mass are

Fg = sz

= (2 5 k'ffs)(wo ft)

= 400 kips
Fp=wgl
(2 0 k'ps)(leo ft)
ft
= 320 kips
Locate the center of rigidity, using the given rigidities

and overall dimensions. From the illustration, the sum
of the rigidities in the z-direction is

> R, =15+15=230

The sum in the y-direction is

> R, =20 +0.70 = 20.7

The center of rigidity is

ZR, % _ (20)(0 ft) + (0.70)(160 f)
SR, 20.7

e, is 32 ft (from symmetry).

=54 ft

The actual eccentricity is

e:=Zn~T=80ft—-54 =746 ft

Per the problem statement, accidental eccentricity is o
be ignored. In reality, an amplified accidental eccentri-
city would likely apply to this building, considering the
apparent torsional irregularity that exists. This solu-
tion, however, is based on the actual eccentricily.

M p= Fre, = (320 kips)(74.6 ft) = 23,870 ft-kips

v FpRyo My aRya2d:2
R= + )
2R, Rd
_ (320 kips)(0.7) _ (23,870 ft-kips)(0.7)(151 4 It
- 20.7 48,000
-
Similarly,
Mz = Fae; = (400 kips}{74.6 ft)
= 99,840 ft-kips
Vo = FoRya MioRy0dz2
2=

+
>R, DAL
_ (400 kips}(0.7) . (29,840 ft-kips)(0.7)(154.6 £)
= 20.7 48,000

(o5 s)

- —
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4-20 STRUCTURAL ENGINEERING SOLVED PROBLEMS

6.2. Analyze column J3 for the lateral forces using the
portal method (first story only).

64.6 kips
=
o
80.3 kips
=
o
J

v, —-— Y, ———

Ur

v, ——— v, ——— V, ——

\/\/u\'/

For a portal analysis, column shears on interior columns
are assumed to be twice the shear on the exterior col-
umns, and points of inflection are assumed to occur at
the midheight of columns and the midspan of girders.
Therefore,

Va+ Vs

n
_ (64.6 kips) + (80.3 kips)
- 8

Vm =

= 18.2 kips
Viot = 2 Vet = (2)(18.2 kips) = 36.4 kips

Points of inflection, PI, are assumed to occur at the
midheight of columns. The portal analysis yields zero
axial force in an interior column.

F \m
Bhrv PI
sn_l_

M\ _o

{reversible)

Therefore, the moment and shear stresses are

V = Vi =[36.4 kips
_ Vh _ (36.4 kips)(16 ft)
T2 2

- [P FF

SOLUTION 7 ..

7.1. Data are given only for the first mode. Therefore,
the modal analysis will be based on generalized

——

coordinates for a single degree of freedom system (sce
Naeim, Chap. 4}. The generalized mass is

é= (1.0, 0.8, 0.6, 0.3}

= g,m.fﬁf = i (—l;*') ¢

1=1
(100 kips)(1.0)* + (200 kips)(0.8)*
+ (200 kips)(0.6)? + (200 kips)(0.3)°
ft in
(322 25) (12 §)

= 0.823 kip-sec?/in

The participation factor for the first mode is

e Epo=3 (5

i=]
(100 kips)(1.0) + (200 kips)(0.8)
+ (200 kips)(0.6) + (200 kips)(0.3)
(22 ) (2

= 1.139 kip-sec?/in

level ¢, me/L
4 1.0 0.227
3 08 0364
2 06 0272
1 0.3 0.136
z 1.000

For the given fundamental period of 0.35 sec, the
response spectrum gives

5o =03g= (0.3)(322 i) (12 'f‘t‘) = 115.92 in/sec?

The peak lateral force at each level z is given by

¢(z)m(z) LS,

T ax ==

Thus, the story forces are
100 kips
386.4 —
sec

x (115.92 %)

kip-sec?
in

(1.0)

(1.139 ki?_s'ﬁ)
n

9(4)max =

0.823

- ([T
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||

q(s)max

[
=]
o
=~
&
=)
@

(0.6) 200 kl[.)S (l 139 kip-sec? )
386.4 —= i
sec

o x (115.92 %)

0.823

- [ ¥)

kip-sec®
in

- . 2
©03) 200 kl]i)s (1.139 klp'-sec )
386.4 — in
sec

x (115.92 i)

0.823 Kp-sec®

in

The base shear can be found either by summing the
story shears calculated above or from the equation

Vo WSy (§£)

q(L}max =

9 g
B \ gwi P (0939)

( (100 kips)(1.0) + (200 kips){(0.8)\ %)
+ (200 kips){(0.6)
+ (200 kips)(0.3)

SOLUTION 8

8.1. Determine an appropriate mathematical model for
the structure. For the two-story, symmetrical, regular
structure, an appropriate mathematical model is a pla-
nar structure undergoing horizontal displacements only
{that is, no torsion). Because girders are relatively rigid,
a two-story shear building with mass lumped at the
story levels is appropriate. Consider one-half of the
symmetrical building and take the weight of one-half
the exterior walls and columns as contributing mass at
each level. The mass and weight of a given leve! { are
W,

m=—

g
W,.= Wﬂoom + Wwall.t + wcol.s

For the second level,

Wi = wpeee BL + wwa“(O.Sh)(L + 28) + wcol(2}(0.5h)
( k’p) (20 f)(10 ft) + (0 01 ‘;:—f)
x (0.5)(12 £)(20 ft + (2)(10 ft))

(o 05 ‘“—") (2)(0.5)(12 £t)

= 43.0 kips
mg=~?~v—?-=£'—0-kl—gs— 1.34 kip-sec?/ft
7 2=
sec

For the first level,

W, = wpoo: BL + w,,,nh(L + 23) + wc.,|(2h)
(0 2 k“’) (20 £t)(10 ft) + (0 01 l;g’)
x (12 f)(20 ft + (2)(10 &)

(o 05 ‘f"tf) ()12 £&)

= 46.0 kips
my = &"'&’5 = 1.43 kip-sec?/ft
§ 322 —
sec

The column stiffness is such that 10 kips causes a trans-
lation of 1 in. The equivalent stiffness of the columns in
the model is one-half the stiffness of each story, so

k= k=05 (story shear)

= | (100 kipe) (L0 + 200 pey ) | ) arift
+ (200 kips){0.6)° = (0.5) (13 hﬁs)
\ -+ (200 kips)(0.3)° / - 50 kips/in
=183 kips
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Therefore, the equivalent model may be drawn as

m; = 1.34 kip-sec¥it

P Xy
ky = 50 kipsfin
m, = 1.43 kip-sec?/ft
= Xy
ky = 50 kips/in
T prosa

8.2. Approximate the first mode shape and funda-
mental period of the structure. Use Rayleigh's method.
Apply an arbitrary system of lateral forces (for example,
1 kip at the top and 0.5 kip at the first story to give a
triangular distribution).

e 1.0 kip
¢|

—)-DSlup

é 0.75 kip é 0.75 kip

Each story deflects 0.1 in per 10 kips, so each column
deflects 0.1 in per 2.5 kips.

koot = (2'5 k,ips) (12 ) = 300 kips/:

g.1 in ft
b =YL 075 KD _ g oooc g
kot k1P
300
i
v
bo=6; +—2
2 1 kool
= 0.0025 ft +-25KP E"
300 =2
R’
= 0.00417 £t

Using Rayleigh’s equation, the fundamental period of
vibration is

w,-ﬁf
QZf.'Ji

{46.0 kip)(0.0025 ft)*
+ {43.1 kips)(0.00417- ft)*

Tl=21t

man ((o 5 kip)(0.0025 f)
(322 1) )
sec + (1.0 kip)(0.00417 £t)
=|0.48 sec
3

B.3. The period is assumed to be T, =0.5 sec, and the
normalized displacements for the first mode are assumed
to be ¢ ={0.67, 1.00}. The story forces are to be caley- |
lated using

m
F, = mi$,Sa _Z_‘._z' ]
> m¢] i
S, is the spectral pseudo-acceleration corresponding to a
damping ratio (=0.07. The lowest curve on the given ]

response spectrum corresponds to 7% damping. Thus,
for a fundamental period of 0.5 sec,

S, =029 = (0.2)(322 -ft—) = 6.44 ft/sec?

Calculate the story shears.

= M) - _(w
Fo=mgS, (Zmid’? = m@; S, = ( g)¢i5nr
I, z(%)e
Z( g ) i
_ (46 kips}(0.67) + (43.1 kips)(1.00)

(46 kips)(0.67)* + (43.1 kips)(1.00)°
=116

e

-

The first mode story forces are
F| = (ﬁg'ﬁ) (0.67)(0.2¢)(1.16)

- (%]

Fp= (i:“g—kip‘")(LOO)(o.zg)(l.w)

- [0 %

8.4. Determine the effective peak ground acceleration.
For a rigid structure, T} approaches zero, so the accel-
eration of the structure is the same as that of the
ground. For the given response spectra, the curves
approach 0.2¢ as T approaches zero. Therefore,

Sglm“ ) 0.29

- [tz

PP » www.ppl2pass.com
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SOLUTION 9

9.1. The mode shapes are

wy = 18.1 rad/sec

= 2Eg 0.42 sec T, = 0.16 sec
s

wy = 38.5 radfsec 5 = 61.7 radisec

Ty = 0.10 sec

Velocity response spectra are given for £-values of zefo,
0.02, 0.05, and so on. Use the spectrum for £ = 0.05. For
wy = 15.1 rad/sec,

T 2m. . 2rtrad
“os =2
3€C

= 0.42 sec fread §, =25 in/sec|

So, for story 1,

Ser =Sy = (15.1 24 (55 o)

= 378 in/sec?

Similarly, for w;=38.5 rad/sec,

2 2
Tp=2= ura.d

w2 335 =
= 0.16 sec [rea.d Sv =10 in/sec]
So, for story 2,

Saz = w28, = (38 5 g)( s::c)
= 385 in/sec?

For w;=61.7 rad/sec,

2x 2n
Ty==— = ————
Tw g g ad
sec
= 0.10 sec [read Sy =8 in/sec)

So, for story 3,

Ses=wsS, = (617 %:i)(s ;c)

= 493 in/sec?

For the 100 ft x 100 ft floor plan and the given seismic
dead loads, the mass at each story is

U wd.IBL
M= — = ———
g

(u 18 k"’)(mo £t)(100 ft)

g
_ 1800 kips
g

ﬂ _ meL

My =
g q
(0 12 k"’)(100 ft)(100 ft)
- g
1200 kips
g
my = My
1800 kips
g

Use the response spectrum analysis outlined in App. D
in the SEA OC Blue Book for a two-dimensional huilding
model, with NP = N=3] (stories).

Sep= | —=EE 1 g =0.98¢

Sez= | —SCC. | g = 1.00¢

m=zmi=ml+m2+m:l

- 1800 kips + 1200 kips + 1800 kips
9 g g

_ 4800 kips

g

PPlL » www.ppl2pass.com, -
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$, = (1.000, 1.959, 2.860)"

3
M=) ¢t m,

=1
(1.00)*(1800 kips) + (1.959)*(1200 kips)
+ (2.86)*(1800 kips)

9
_ 21,128 kips
g

The participation factor for the first mode is

3
Z¢l,:m1
iz=1

3
Zﬁf’f.gm:
i=l

(1.00)(1800 kips) + (1.952)(1200 kips)
+ (2.86)(1800 kips)

— g
21,128 kips

g

=

=044

Similarly, for the second and third modes,
¢, = (1.000, 0.725, —0.657) T
3
My = Z¢§.;-mi
=1

(1.00)%(1800 kips) + (0.725)*(1200 kips)
+ (—0.657)*(1800 kips)

g
_ 3208 kips
g

3
Z¢2,£ma'

_ =l
T3
Z¢; i
=
(1.00)(1800 kips) + (0.725)(1200 kips)

+ (~0.657)(1800 kips)

g
3208 kips

g

p2

¢, = (1.000, —1.610, 0.378)7
3

MJ = Z¢'§‘,m.
=1

(1.00)*(1800 kips) + (- 1.610)*(1200 kips)
+(0.378)*(1800 kips)
g

5168 kips
g

3
Z¢J,:ml
__a=l

Py = 3
Z¢§_‘m;
=1

(1.00)(1800 kips) + (—1.610)(1200 kips)
+ (0.378)(1800 kips)

- g
5168 kips

g

={.11

Calculate the base shear for each mode.

Vo= P?,Mnsa.n
Vi = (0.44)° (%"—5) (0.989) =
V= (040" (kL) 1 00g) -

Vs = (011" (%}(1.309) =

9.2. Calculate the lateral force at each level.

For mode 1,
Fin= mipi¢i,n35.u

Fyy= (%k'—ps) {0.44)(1.00)(0.98g) = 776 kips

Fy, = (ﬁog—k’ﬂ) (0.44)(1.959)(0.98¢) = 1014 kips

Fy = (@) (0.44)(2.86)(0.984) = 2220 kips
Therefore, the lateral load is

Vi=2 Fiy = 776 kips + 1014 kips + 2220 kips

~ [k
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For mode 2,
Fiie (Emg—k"’s) (0.46)(1.00)(1.00g) = 828 kips
Faz= (‘—2-009—““’5) (0.46)(0.725)(1.00g) = 400 kips

Fia= (1—899%) (0.46)(—0.657)(1.00g) = —544 kips
Therefore, the lateral load is

Va = F.2 = 828 kips + 400 kips — 544 kips
-

For mode 3,
Py (1_80%) (0.10)(1.00)(1.30g) = 234 kips
Fan= (%f“"s) (0.10)(~1.610)(L.30g) = —251 kips

Fag= (1_89%-@) (0.10)(0.378)(1.30g) = 88 kips
Therefore, the lateral load is

V=2 Fiz =234 kips — 251 kips + 88 kips

- [Fi¥ie)

9.3. The most probable design base shear can be esti-
mated by combining the modal base shears, using either
the CQC method (from App. D in the SEAOC Blue
Book) or the square root of the sum of the squares
(SRS5) method. For the CQC combination and a 5%
damping ratio,

8EX(1 + r)r/?
(1= r)® +4€r(1 + 7
Pu=pn=py=1 [£=005

Py =

(8)(0.05)%(1 + 2.625)(2.625)2
(1- (2.625)2)2 + (4)(0.05)%(2.625)(1 + 2.625)
= 0.00880

=

[r=Ty/ T2 =0.42/0.16 =2.625)

P12 = gz = 0.00880

(8)(0.05)%(1 + 4.2)(4.2)¥*
(1 - (4.2)2)2 +(4)(0.05)%(4.2)(1 + 4.2)2
=0.00322 [r=T\/T3=0.42/0.10=4.2}

P =

My = py = 0.00322

(8)(0.05)%(1 + 1.6)(1.6)**
(1-(167)" + @)0.0521.6)(1 + 1.6)?
=0.04140

Py =

[r= T2/ T3 =0.16/0.10 = 1.6)

a3 = pyp = 0.04140
1.000  0.00830 0.00322
p= |0.00880 1.000  0.04140
0.00322 0.04140 1.000

By the CQC method,

33
V= 1}22 VipyV,
t=1j=1

(4010 kips){1.000)(4010 kips)
+ (4010 kips)(0.00880)(684 kips)
+ (4010 kips)(0.00322)(71 kips)
+ (684 kips)(0.00880)(4010 kips)
= + (684 kips)(1.000)(684 kips)
+ (684 kips)(0.04140)(71 kips)
+ (71 kips)(0.00322)(4010 kips)
+ (71 kips)(0.04140)(684 kips)
N+ (71 kips)(1.000)(71 kips)
= 4075 kips

In this problem, the higher modes have little effect on
base shear. The response can be cobtained accurately
enough using the SRSS method of combining modes.

V= 1/ V?
=]

= /(4010 kips)? + (684 kips)® + (71 kips)?

= (4059 Eips]

SOLUTION 10 oo

10.1. The given seismic data are S5=09, S, =04,
occupancy category II, seismic importance factor
I=1.0, and site class D. For these data, Table 11.4-1
from ASCE 7 gives

F,=1.14 [by linear interpolation]
Sus = F,Ss = (1.14)(0.9) = 1.026
Sps = 0.667S s = (0.667H1.026) = 0.68
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From ASCE 7 Table 11.4-2,

F,= 16
Si = Fu8 = (1.6)(0.4) = 0.64
Sps = 0.6675), = (0.667)(0.64) = 0.43

From ASCE 7 Tables 11.6-1 and 11.6-2, for Spy values
greater than 0.5 and Sp, values greater than 0.2, the
seismic design category is D. The trussed upper story
prevents significant story drift between levels 1 and 2, so
the system can be modeled as a single degree of freedom
system.

- Z
- 1

2 | E =29 % 10 ksi
o | 1=248in?
= Al
> -
L 4 !
X !
= i
3 g —— X

% 2

WA
Wd=50+20+20+40=130kips—-] L‘—A=1in

Axial deformation is to be neglected, so the equivalent
stiffness, k, can be computed using the equation for the
deflection of the tip of a cantilevered simple beam
(AISC Table 3-23, case 26), with the force at the tip
taken as 0.5kA to represent one of the two unbraced

legs.
(LT PO

g=_SBEl
a*(l + a)
(6) (29,000 m) (248 in%)

in

"~ (120 in)(144 in + 120 in)
=11.4 kips/in

The seismic dead loads are given as concentrated loads
at the joints.

2P

m= ;
_ 50 kips + 40 kips + 20 kips + 20 kips
g
=130 kips/g

The fundamental period is

=

From ASCE 7 Table 15.4-2, for an elevated tank, bin, or
hopper supported on unbraced legs, =2.0, {1,=2, and
Cq=2.5.

Sps! _ (0-63)(1.0)
R 2.0
Cy=min{ Sp ! _ (0.43)(1.0)
TR  (1.1)(2.0)
=0.20 [controls, C, 0.0

= (.32

V=_C,W=(0.20)(130 kips) = 26.0 kips

Distribute the base shear in direct proportion to the
structure's mass.

om (B0

__ {40 kips + 20 kips
- 130 kips
= 12.0 kips

)(26.0 kips)

e (B )

__ {50 kips + 20 kips
- 130 kips
= 14.0 kips

)(26.0 kips)

Analyze for the seismic lateral loads.

A c
— 14.0 kips —=
12 ft
+— 12 kips "—E (n]
10 ft
E| 172kips |F

-T ~mg— (0.5){26 kips) = 13 kips
E, F

12 ft

D Me= Viki + Vahy - F =0

F,= Vlhl'; Vahy
_ (12.0 kips)(10 £t) + (14.0 kips)(22 )
- 12 ft
= 35.7 kips

Y Fy=E,+F,=0
Ey=—~F, =|-35.7 kips

PPl ¢ www.ppl2pass.com
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10.2. Check P-A effects (ASCE 7 Sec. 15.7.10.3). The
center of mass relative to the base is

_  Pih 4+ Pehy  {Fp+ Fp)hy + (Fa + Fclin
y= = =
{40 kips + 20 kips)(10 ft)
+ (50 kips + 20 kips){22 ft)
130 kips

16.5 ft

Determine the deflection at the center of mass.

VvV 26.0 kips

frfe=—=—"1—=231n
k 11.4 kips
in
_ Cuabze _ (2.5)(2.31n) ]
5= = 0 =58in

The stability coefficient is

PA
=—3—— [9<0.
7] Voh,.Ca 8 <0.1j

_ (130 kips)(5.8 in)
(26.0 kips)(16.5 ) (12 lf%) (2.5)
= 0.059

Therefore, moments and shears do not require
increases for the P-A effect. Check the more heavily
loaded column for combined bending and axial! com-
pression. Maximum bending occurs at an elevation of
10 £t above the base. Per ASCE 7 Sec. 12.3.4.1, the
reliability factor may be taken as unity for the non-
building structure. For load combination 5 from
ASCE 7 Sec. 2.3.2,

P, =(1.2+40.25p5)P4 + P.
- (1.2 + (0.2)(0.63)) (40 kips + 50 kips) + 35.8 kips
= 155 kips
M.,= Mg =05Vh
= (0.5)(26.0 kips)(10 ft)
= 130 ft-kips

For a W10 x 45, A,=13.3 in?, b/2t,—6 47, hft,= 225
=4.32 m, = 201 in, Z.,=54.9 ln S5.=49.1 in®,
—71ft +=26.9 ft, and I.=248 in".

The weak axis is braced at the floor levels, so K,=1.0.
The connections of members framed to the columns are
assumed to be pins so the alignment charts in AISC
Sec. C-C2.2b do not apply. However, the deformation
of the column in its buckled configurations is such that
ATISC Table C-C2.2, case f, is a reasonable approxima-
tion and gives K;=2.0.

(KL)I B (2.0)(10.0 fe) (12 IFE)

re 4.32 in
= 56
in
(KL), _ {L.0)(10.0 &)(1‘2 R)
Ty 201in

= 60 [controls axial compression capacity|

For F, =50 ksi, compute the strength of the column in
the absence of bending (AISC Sec. E3).

E
4.71 Fy-.
kL (KL),

Use AISC Eq. E3-2.

nE
2
&)
(29 000 k'Ps)
Il

(60)°
= 794 ksi

e =

Fu= O.GSBF’IF' Fy

lﬂ
= 38.4 ksi
Pi: _ ¢FcrAg

= (0.9) (38 4 k“’s)(ls.a in?)
= 460 kips

For bending about the z-axis, use the amplified first-

order analysis of the AISC Sec. C2.1b.

_ mEA,
KL\’
Tz
(29 000 ‘“"s)(xa.a in?)

(56)?
1213 kips

PPl o www.pplzllu.-.com‘ 3
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_ 1
B = aZP (1.0)(155 kips + 83.4 kips)
L- S Pa 1213 kips + 1213 kips

=1.11

M, = B’E(Mll + Mm)
= {1.11)(130 ft-kips)
= 144 ft-kips

Check local buckling (AISC Table B4.1, case 1). For the
fange,

=9.15 l:ﬂ- <Ay
2t

For the web (AISC Table B4.1, case 9),

ks
tw
A, =376, [ £

= 90.6 I:t—t < Ap, 50 compa.ct]

The section is compact. Check lateral-torsional buckling
for L,=12 ft. Per the problem statement, assume the
member is laterally supported at base and joints only.
This is greater than L,=7.1ft and less than L,=26.9 ft,
so use AISC Eq. F2-2. For the linear moment gradient
over the unbraced length, C,=1.67 (AISC Table 3.1).

M,=F,Z.= (5 ‘“ps) (54.9 in%)

= 2745 in-kips [AISC Eq. F2-1]

c,.(M,, ~(M, —0.7F,,S,)(E: - 2))

( 2745 in-kips \
27435 in-kips
mo<{ =aenf ~| ~© 7’(50 )
x (49.1 in®)
\ (12.0 ft —7.1 ft) )
269 ft —-7.1 1t
= 4160 in-kips
| M, = 2745 in-kips [controls}]

{0.9)(2745 in-kips)

12
ft

oM, = = 206 ft-kips

Check combined axial compression and bending (see
AISC Sec. H1).

P, _ 155 kips

P, 460 kips
=0.34 [=02, so use AISC Eq. Hl-1a]

P 8({ M- 8\ [ 144 ft-kips
P. 9 (M ) 034+ (g) (206 ft;-kips)

=096 [<1.0,s0 OK]

The W10 x 45 is adequate in combined axial
compression and bending.

10.3. Determine the live load that could be applied at
joint D. Assume that no other live load is imposed and
that the nature of the live load is such that a factor 0.5
applies when combined with dead and seismic loads. The
amplified design moment is the same as for Prob. 10.2.
Solving for the value of P,= P, that corresponds to an
interaction value of unity gives

% > 0.2 [so use AISC Eq. Hl-1a]

- () (G ) ) a0

PPl ¢ www.ppi2pass.com
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Calculate the live load that the frame can carry.

P.=(124028ps)Py+ P, +0.5P,
P =2(P,- ((1.2 +(0.25p5) Py + P,))

= (2) (174 kips — ( (12 +(0.2)(063))
x (40 kips) + 35.8 kips
-

SOLUTION 11

11.1. Column D2 is not part of the lateral force resist-
ing system. The column is at the center of rigidity of the
regular structure, so the effects of accidental torsion will
not cause any displacement of the member. The dis-
placement at the top of the column is the sum of the
displacements of the shear walls and the midspan deflec-
tion of the horizontal diaphragm. The lateral force
resisted by the shear walls is

V =05wl = (0.5)( %) (150 ft) = 300 kips

Express deflections in terms of the modulus of elasticity,
E., which from the design criteria is the same for all
concrete in the structure. The elastic deflection at the
top of the shear wall is

o () (o +2)
inyy ?
((4) % +(3)\
(15 &)(12 E)
in
) (10 &)(12 E)

\ (15 f)(12 ‘E“) )

119 Kips
_ in
E.

The relative maximum elastic deflection between the
diaphragm and shear walls occurs at midspan (line D)
and is given by

s (52) (@ r2500)

(4 5) s ) { (108" 219

6.4E.(9 in) 150 £
% ( 50 ft)
348 Xips
— mn
E.

Thus, the top of the column on line D at line 2 will be
displaced.

348 —ki‘:S 119 —ki'r‘l’s ag7 ips
A, = Ay, + Ay, = + - in
twe e E. E. E.

A, is the elastic deflection based on the code-prescribed
seismic force. The actual response of the structure dur-
ing an earthquake will be inelastic and the actual deflec-
tion will be significantly greater than A, ACI 318
Sec. 21.11.1, requires that the column's vertical load-
carrying capacity be investigated under the design dis-
placement, é,, that is C, times the displacement canseil
by the code-prescribed lateral force.

467 KPS\ ggag Kibs
5;. T CdAz = (5.0) E L] = E‘ in

Assuming columns ate fixed top and bottom (per the
design criteria), then for the 14 in diameter circular
columns,

ExD'  Emx(14 in)*
64 64

El, = = (1885 in*)E,

ACI 318 Sec. 10.11.1, permits calculation of the elastic
response based on 0.7E.;, to account for the likely
reduction in column stiffness due to cracking. Therelore,
for the 10 ft long column at D2, the induced elastic
seismic moment is approximated as

. = OOTEL)b,
-4 hz
9335 Kb
(6)(0.7)(1885 in) B | ———10

(o)’
- [Tk

The moment M, is combined with the factored gravity
moment and axial force and checked against the inter-
action curve for the column. If the resulting momenl, is
less than the design moment strength under combined
axial and bending, and if the shear caused by the
induced moments is less than the member’s shear
strength, then the column is detailed to meet the con-
ditions of ACI 318 Sec. 21.11.2. If the resulting moment
exceeds the design moment strength or the induced
shear exceeds the design shear capacity, the member
must satisfy the conditions of ACI 318 Sec. 21.11.3. In
addition, the flat slab must be investigated for transfer
of moment and punching shear in accordance with
ACI 318 Sec. 21.11.5.

L . Ll | 'WWU-PDIZplul.cqm (1w
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SOLUTION 12

12.1. Let o represent the fraction of the 30 kip lateral
force resisted by pier 1. Then 1 -« is the fraction
resisted by piers 2 through 6. Piers are nominal 8 in
concrete block that has been grouted solid. Let E,,
represent the modulus of elasticity of the piers, and take
their shear modulus, G, as 0.4E,,

For pier 1,
Ay &L, = | 28 .‘“) (8 ft) = 5.07 ft?
12 &8
\"* &
7.6 ll[l‘ll (8 ft):l
=== =27 it
12 12
Thereiore,
- i 1.2h
A=a V(3E,,,Il 1 0.43,,,A1)
ol K ml.2h
EnA = aV(Ml +0-4A|)
—ayf L8 ft)? L, (1:2)(16 &)
(3)(27 /1) ' (0.4)(5.07 ?)

=60V
For piers 2 through 6,

{1 -a)V
—l
2 8f
4 5| 4ft
3
& 4t

,—]
!4&!4&[4&[4&! L-zn

Ap=tly = | 1800} (g ) = 114 12
12 8
ft
Z6in 118yt
e 12%‘
= —t = -— 1
= - 308 £

The bending deformation is small relative to the shear
deformation in pier 2 and will be neglected.

Ay=thy = [ 2838 | 4 &) = 2.53 2
T\ L
t
i \2% .
I;I—E'-— 12 =3.38 ft

Ay = A; =253 ft?
[4 = ;=338 ft?

As=tls = | 1810 1o gy 1 97 2
12t /
ft
L Gl
AT 12
=042 !
As=tlg = 7—6:% (10 £) = 6.33 ft2
\12 &/
== \'” &/ =52.8 ft*
12 12

The dimensions are such that only shear deformation is
significant in piers 2 and 6, but both shear and flexural
deformations are significant in the other segments. Let 3
represent the percentage of {1 — a) V that is resisted by
pier 3; then 1 — 4 is the percentage resisted by piers 4, 5,
and 6. Let r represent the percentage of (1 —a)(1 - 5)
resisted by pier 4; then 1 — ris the percentage of (1 - @)
(1 — 3) resisted by pier 5. Thus, treating piers 4 and 5 as
fixed-fixed,

ks 1.2k, hg 1.2k )
"(123,,,1. +0.4E,,,A4) =0 - NG5t T 0aE a4

-
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Multiply both sides by E,, and substitute known values.

(4 f¢)° RO
i (12)(3.38 ft)*  (0.4)(2.53 ft?)

4 fe)®
=-n ((12)((0.2% )
r(6.32 ft7') = (1 - r)(22.15 ft ")
r=0.78
|- r=0.22

(1.2)(4 ft)
(0.4)(1.27 ft%)

Calculate the distribution among piers 3, 4, 5, and 6.
5 A 4 L2k )
12E.17  04E,A;

h:l
r i 1.2h,
12E., 1,  04EL A4

A3 1.2h,
=(1-0) N ( 5 2hg
FO-"N\GET " aE.A

1.2hg

t04E. 4,

Multiplying both sides by E,, and using previously com-
puted results for piers 4 and 5 gives

(8 ft)* (1.2)(8 ft)
A (12)(3.38 ft4) * (0.4)(2.53 it?)
(0.78)(6.32 ft~!)
+ (0.22)(22.15 ft~')

(1.2)(4 K)
(0.4)(6.33 £7)

BA(22.1 ft=') = (1 - B)(11.7 &™)
=035
1-8=0.65
The final distribution can now be determined.

[ 1 1.2k \
ﬁ(le,,,I, +0.4Em::4;) +(1-5)

(r((”’3+ l.2h.,) )

=(1-5)

12Enly  0.4E, 44

+(l—r

E'(J_a=(1__a) X _-,)

Em . +_L:2hs
12E.Is | 0.4E,As
1.2k

\ F04E.4 ]
1.2k,
\ t0aE.4 /

(0.35)(22.1 ft!) + (0.65)

l -
a={—— (1.2)(8 ft)
60 Ny e
x (117 ft )+(0.4)(ll_4 )
=0.23
l - a=077

The drag strut is considered inextensible, so the latecal
force distributes on the basis of relative translational
stiffness. For the given lateral force, V=30 kips,

Vi=aV

= {0.23)(30 kips)

-
Vo=l —a)V

= (1 - 0.23)(30 kips)

- [T
Va=p(1-a)V

= (0.35)(1 — 0.23)(30 kips)

-
Vi=r(1-0)(} -a)V

= (0.78)(1 — 0.35)(1 — 0.23)(30 kips)

I
i

1.7 kips
V5= Vz = V3 - Vq
= 23.1 kips — 8.1 kips — 11.7 kips

~[33Hps

Ve= Vz - V3 =23.1 kips — 8.1 kips =15 kips]

12.2. Given that the lateral force transfers to the walls
by a flexible diaphragm, the shear is uniformly distrib-
uted over the full width of diaphragm.

-V

T Lo+ Lag+Ls

_ 30 kips
T8R+24ft+18 &
= 0.6 kip/ft

v
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4-372 STRUCTURAL ENGINEERING SOLVED PROBLEMS

V = 0.6 kip/ft
— e —— e —— e ——— P
-
LA'—ER: LAB=24h
-
|
e -
V, = 6.9 kips

N

The maximum anchorage load occurs at the connection
to wall B,

P= U(LA -+ LAB) -

f
- [23 %)

(For design of the connection of the drag strut, Sec.
12.10.2.1 of ASCE 7 requires application of an aver-
strength factor per Sec. 12.4.3 for structures located in
seismic design categories C through F.)

(o 6 k"’) (8 [t +24 f) — 6.9 kips

12.3. Determine the axial load in pier 5, given a 25 kip
force at the top of wall B and neglecting wall weight.
Cut a free-body diagram through the midpoint of piers
3, 4, and 5 (which are points of inflection and have zero
moments).

25 ki

From the distribution factors computed in Prob. 12.1,

V3= AV = (0.35)(25 kips)
= 8.8 kips
Vi=(1-B)rV
= (1 — 0.35}(0.78)(25 kips)
= 12.7 kips
Vs=(1-8)1-n)V
= (1 - 0.35)(1 — 0.78)(25 kips)
= 3.6 kips

Take moments about line A-A.

M= Vhy — V3(0.5h) - V4(0.5h,)
- V5(0.5hs) =D pd, =0
Y pido= Vhy — V3(0.5h8) — V(0.5h,) — Vo (0.5k;)

(25 kips)(8 ft) — (8.8 kips)(0.5)(8 ft)
— (12,7 kips)(0.5)(4 &)
— (3.6 kips){0.5)(4 ft)

132.2 ft-kips

Use linear elastic theory to compute the distribution of
axial forces in the three piers.

b
i

section A-A

The piers have the same thickness, ¢, so the centroid of
the group is located a distance T from the left edge of the
wall.

A=) Lt=(4ft+4ft+2ft)t= (10 fe)t

3= Z(I;t)f.
{4 B2 ) + (4 B)E(10 B) + (2 FE)E(1T )
. (10 ft)¢
=82 ft

- + (4 ft)4(2 ft — 8.2 £t)°

(4 ft)3e
12
(2 i)’
b 12

Aot (4 f)£(10 ft — 8.2 ft)°

+ (2 f6)¢(17 ft — 8.2 ft)?
= 333t

Thus, the axial load for pier 5 is

P MLst(fs —I)

~ (132.2 fe-kips)(2 Ft)e(17 ft — 8.2 ft)

333t
- ([

PPI ¢ www.ppiZ2pass.com
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Foundations and Retaining

Structures

PROBLEM 1

A pile cap and a system of batter piles, as shown, sup-
port a horizontal force of 138 kips, which is delivered to

the cap by a tension rod with a 3%/ in diameter.

1ft6in 2ft
| ground line
P R
2ftlin
- 138 kips
A
2ft1in ! \
[
A
+r f’ s
J \\
2 \

5
! \\
12 | \ 112
A
i \
)

compression piles \f "'\‘- tension piles

i
Design Criteria

® two batter tension piles and two batter compression
piles tied together by a cap

® each pile is 12 in square

® forces transmitted to soil through skin friction on the
pile with values as follows:

—~ 0 ft to 15 ft below bottom of cap =500 Ibf/ft?
— 15 ft to 60 ft below bottom of cap =900 Ibf/ft?
¢ all lateral loads to be resisted by piles
¢ dead load of pile cap to be neglected
® f.=3ksi
® f,=060ksi

t.1. Calculate the load carried by the tension piles, and
show a design for a 12 in square precast tension pile.

1.2. Calculate the necessary pile penetration measured
from the bottom of the pile cap to resist the forces in
tension.

1.3. Draw a section through the pile to show placing of
reinforcement. Identify and locate the proper position.
ing for all bars including ties. Show clearances.

1.4, Draw a detail in elevation to show the method ol
attaching the cap to the pile in order to transfer the
forces in tension adequately.

PROBLEM 2

The concrete retaining wall shown is to be supported by
concrete piles.

[+4
-,
front face Oy
vertical ke
i
e
Ea~
11 ft |  neglect . f'n
weight A
of sail e ; .
on toe el _/1 ft 3in @ bottom of wall
.':? g
1 3fr9%in
B /—-—--—- weep holes

1ft6in + continuous key

1f3in —aferf ) LY g 1f

for 12 in diametar concrete piles:
6 ft o.c. for front (battered) piles
12 ft o.c. for rear piles

{a) typical section of
retaining wall

PPl ¢ www.ppiZpass,.com
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STAUCTYTURAL ENGINEERING SOLVED PROBLEMS T

4k9in
—n
)
X
vertical piles
@12ft oc.
(typical}
—— X
6 ft o.c.
{typical) K=
battered piles
—_®

{b} pile layout plan

Design Criteria

e equivalent fluid pressure = 36 \bf/f:?
& concrete weight = 150 Ibf/ft*

e soil weight = 100 Ibf/ft?

e no surcharge, free-draining soil

o all loads that act on the retaining wall are to be
resisted by the piles

¢ piles take axial loads only
¢ passive pressure on key to be ignored
e friction on wall face to be ignored

e show all calculations
2.1. Find the axial loads on the piles.

2.2, If f. = 3 ksi and f,=40 ksi, what is the maximum
spacing for no. 5 vertical bars at the bottom of the stem?
Use spacing to nearest '/2 in.

PROBLEM 3

An exterior 24 in x 18 in column with a total vertical
load of 150 kips, and an interior 24 in x 24 in column
with a total load of 225 kips, are to be supported by a
pad footing at each column connected by & 24 in x 36 in
concrete strap as shown.

150 kips 225 kips

20 ft |

18in X 24 in extarior column

24in X 24in
interior column

1ft6in

¢ 24 in x 36 in concrete strap

o OB A O R e
D‘N.o a'o-‘n..o .b-o‘u.
d ke h e BN i -

pad footings

property line square

Design Criteria
® strap is placed so as not to bear directly on the soil
® concrete weight is 150 Ibf/Ft>

3.1. Determine the dimensions (width and length) for
each pad footing that will result in a uniform soil pressure
of 3000 Ibf/ft* under each pad footing. Neglect the weight
of the pad footings, but not that of the concrete strap.

3.2. Given the dimensions for the footings as deter-
mined in Prob. 3.1, determine and draw the soil pressure
profile under the footings for the total load combined
with an uplift force of 80 kips at the exterior columns
and an uplift force of 25 kips at the interior column.

3.3. Given the loading determined in Prob. 3.2, deter-
mine the maximum positive and negative bending
moments in the 24 in x 36 in concrete strap.

PROBLEM 4

The following illustration shows service loads for a com-
bined footing that cannot extend beyond the property
line.

1
:',- property line
l i 1
P g
il I columns
: : : are 16 in
1 : : square
|
gin——= t —i
1 20 ft
' part plan

dead load = 134 kips

live load = B4 kips live load = 168 kips

section

PPl ¢ www.ppiZpass.com
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FOUNDATIONS AND RETAINING STRUCTURES 5_3

Design Criteria
e f = 2500 psi
. jy = 40,000 psi

¢ maximuimn allowable soil pressure dead load plus live
load = 3000 1bf/6*

e total depth of footing =28 in

show all calculations

4.1. Design a rectangular footing for the column loads
and the altowable soil pressure. Proportion the footing
for the total load.

4.2. Determine the size and number of reinforcing bars,
and prepare a drawing to show location, size, and num-
ber of rebars. Do not calculate or show intermediate
cutoffs for the rebar.

SOLUTION 1

1.1, Calculate the load resisted by the two tension
piles, and design a 12 in square pile to resist the tension.

1#6in 20 in
138 kips ST
et

2R 1in

2 compression piles

12 12
ZFy =2Ccosac —2Tcosar=0
12 12
—a7(12) 1o
T(l.’}) u 0(12.165)
C=0936T

ZF,: —H +2Tsinar+2Csina., =0

__ : 5 2

= -138 klps+2T(13) +2(0.936T)(12_165)

[T =138 kips, C = 120 Kips|

Design the tension pile using grade 60 reinforivment.,
Assume that handling and driving stresses are uol il
ical. Therefore, design for the tension working luad of
128 kips. To control crack width, limit the rebar stress
to 24 ksi.

T - 128 kips
2=
fs 24 m
in?
Aa 5.33 in?
Sy KOO ME g ae 0.04
P9= %k = 12 m)(12 in) [< 0.0

An = 5.33 in?

Therefore, use eight no. 8 bars symmetrically placed.
Per IBC Sec. 1808.2, use no. 5 gage wire spiral. The
pitch is 3 in o.c. for the first 2 f; use 6 in o.c. elsewhere.

- No. 5§ gage wire splr.al

| Btuns@ | turns@

Qinoc.=2f0in 6in o.c.
elevation section

PPl ¢« www.ppi2pass.com




BH-4 STRUCTURAL ENGINEERING SOLVED PROBLEMS

1.2. Calculate the required tension pile penetration. The spacing satisfies the limit of ACI 318 Sec. 7.6. The
Assume that group action does not affect the given skin required section through the pile may be drawn as
friction values. The perimeter of the 12 in x 12 in pile is shown.

b, = 4h=(4)(1 ft) =4 &.

3-No. 8

T = 128 kips s=3in (typical)[ L]
bottom pile cap

elevation = 0 ft
f, = 500 Ibfth?

2-No. 8

3-No. 8

1} in clear
(typical}
No. 5 wire spiral

section

elevation = <15 ft

1.4. Detail the attachment of the piles to the pile cap.

f, = 900 Ibi/ft? After driving, the longitudinal rebars must be exposed
and extended past the point where lines of action inter-
sect for a distance sufficient to develop the tension force

\\ in the no. 8 bars. Use the strength design method with
U/=1.6 (ACI 318 Sec. 9.2.1).

16T _ (1.6)(128 kips)

The penetration of the pile in the upper stratum is Tu= n 8 =25.6 kips
L 15 ft
Li=t-="7 =162k ¢Tw = $Asf, = (0.9)(0.79 mz)(eo k‘ps) = 42.7 kips
13
For equilibrium, Per ACI 318 Sec. 12.2, the embedment length for & no. 8

“top” bar, with f,= 60 ksi and f, = 3 ksi is

AEAN

ZFlnng= T = filyby = f3lab, =0

=T"f1leo L= (
L2 f!bo ¢

. kip
128 kips — (0 5 )(16.25 ft)(4 ft) 1bf
_ kf“ ~ (25.6 kips) (s0.000 :2) 13100} {1540
1p © \42.7 ki in
( )(4 fc) P71 (20)(1.0),/3000 BE “’f 12 =

=265 ft =356 f

The required penetration is
The required length of straight development exceeds
Li4+[=1625ft+265f = available embedment length. Use standard 180° hooks
- on the tension bars {(ACI 318 Sec. 12.5).
1.3. Draw a section showing bar placement and clear

spacing. For a precast concrete element exposed to : ( G2 )(0'02fv'f’e)d
dh =

earth, the minimum concrete cover must be 1}/4 in 3 \/F—
(ACI 318 Sec. 7.6). For three no. 8 bars in a layer €

enclosed by no. 5 gage wire (dy= "4 in) and a 12 in wide

pile, the clear spacing between longitudinal bars is (25.6 kips) (0.02) (60 000 - )(1.0) (10in)
= Al
g 1= 2dpien + cover) + 3d Ll N o Lz
spaces
12 in — (2)(1.25 in +0.25 in) — (3)(1 in) =13 in
B 2
=3 in
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FOUNDATIONS AND RETAINING STRUCTURES 5_5

minimum
stirrups and
longitudinal
steel

138 kips

—
—

8~-No. 8

- |=—3 in clearance
{min.)

12in X 12in

12in x 12in _
lension pile

compression pile

section through pile cap

In the section shown, the reinforcement for the tension
piles must be developed above the line of action of the
138 kip force; otherwise, the concurrent force system is
not developed.

138 kips

T = {2}{128 kips}

= {2){120 kips}

SOLUTION 2

2.1. For the pilesupported retaining wall, calculate
the axial loads on the piles.

-“ |—-1.0ft

no#t
12.5ft

1.5 ft

0.75 ft
pile baners / 1 25 ft 3.75ft

D 1
.é‘ 3 125& 475 fit 1h
1

I/_- vertical pile

e

Consider a unit length of wall and footing. The latera!
force is

H = 0.5p,4* = (0.5)(36 M)(ms&)

= 2810 Ihf
The stem weight is

W\ = w(l f)hyt,

IbE
(150 ?—3)[1 f)(11 fe)(1 ft)
= 1650 Ibf
Wa = we(l ft)hy(0.58)

= (150 ﬂ’f) L f)(11 ££)(0.5)(0.25 ft)
— 200 Ibf
The footing weight is
Wi = w(l ft)Bty

= (150 '%)(1 ft)(7 6)(1.5 f)
= 1575 Ibf

The backfill weight is
Wy = ws(1 £)(0.5h,)bs
lbf)(l £)(0.5)(11 ££)(0.25 ft)

- (10
= 138 Ibf

Ws = wy(L ft)hybs
= (100 lbf)(l B)(11 £)(3.75 £t)
= 4125 1bf

Take moments about the point where the vertical pile
centerline intersects the bottom of the footing. Let
pys=the force in the batter piles per foot of wall length.
Hh
ZMﬁBht = (prOSG)ﬂ. e T et W[ a — Wgaz
- Wia3 — Wyas — Wsas =

%"' Wiay + Waas + Waeg + Wiag+ Wi

o (cosa)a

(G023 1), (1650 1be)(3:5 )

+ (200 1bf)(2.92 £t) + (1575 IbE}(2.5 ft)
+ (138 1bf)(2.83 Ibf) + (4125 Ibf)(0.875 ft)

(\%) (4.75 £t)

= 5770 Ibf  [per foot of wall]
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Equilibrium cannot be satisfied under the constraints of
the problem. Resistance to overturning requires a force
per foot in the battered piles of 5770 |bf, and resistance
to sliding requires a greater force of 8890 Ibf. To satisfy
equilibrium, one of the following must be done.

e Use additional mechanisins to resist sliding (c.g.,
passive resistance, adhesion at bottom of footing,
lateral resistance of the vertical pile).

o [ncrease the batter of the piles to match the force

polygon of 2810 Ibf (horizontal) and (3/V10)
(5770 Ibf) = 5475 lbf (vertical), which is approxi-
mately a 1:2 batter.

e Hold the batter at 1:3, and reduce the lever arm
between the two rows of piles to satisfy equilibrium.

e Batter both rows of piles, with the heel side piles
resisting the complement of the horizontal force that
is not resisted by the single row.

This solution uses the first option (use additional
mechanisms) to satisfy equilibrium. Therefore, the force
in the battered piles is 5770 Ibf, and the horizontal force
that must be resisted by other mechanisms is

ZF,: ppsina—H+AP =0
AP = H — py(sina)

= 2810 Ibf ~ (5770 Ibf) (J%)

= 985 Ibf
The force on the vertical piles is

ZF, =pcosa+p, — W, -
=0

Wy— W3- W,- W

po=W+ W+ Wi+ Wi+ W5 - pycosa)
= 1650 Ibf 4+ 200 1bf + 1575 Ibf

+ 138 Ibf + 4125 Ibf ~ (5770 Ibf) (\/il—o)

= 2214 Ibf [per foot of wall length|

The batter piles are spaced at 6 ft on centers and the
vertical piles are spaced at 12 ft on centers.

Poaser = Ppss =

(s770 -’ﬂ) (6 ft) =[34,600 1BF

Prertioal = DySy = (2214 (12 /) =

2.2. Calculate the maximum spacing of no. 5 vertical
bars at the bottom of the stem (f,=40,000 psi,
f. = 3000 psi}). Use the strength design method with
U=1.6 (ACI 318 Sec. 9.2). Calculate the required spac-
ing of no. 5 grade 40 rebars on a per unit length of wall
basis.

- No. 5
E 1% in
clearance
nf
- d
L . w0
c

For no. 5 bars exposed to earth, the minimum cover is
1'/2 in (ACI 318 Sec. 7.7).

d = h — cover — 0.5d,
=15 in — 1.5 in — (0.5}(0.625 in)

=132in
w, = Upghsl.em

= (1.6)(36 E’-f)(u k)
= 634 Ibf/ft

conn() )

= (@ B )

= 12,800 ft-1bf/ft

Per ACI 318 Sec. 14.1.2, flexural strength must satisfy
requirements of ACI 318 Chap. 10.

My=¢M,= ¢pbd2f,,(1 - 0.59;_;(%))

(12,800 fe-1bf) (12 E)

=09(12 ﬂ)(ls 2 in)? (40,000 “”f)
40,000 %‘
x | 1-059p| ——in?
3000 M

p=0.00207

A, = pbd = (0. 00207)(12 )(13 2 in)
= 0.33 in?/ft
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The ACI 318 flexural requirements include the mini-
mum steel requirement of Sec. 10.5.1. Therefore,

( libf

200 UL :

200) o | —_in? (12 2} (13.2im)
fy 10,000 fe

n

=0.79in?/ft

A! mn 2 <
37 3,/3000 X
(_..._e) bd= | 10

1210 (13.2in)
40,000 12 (2%)
mn

{ = 0.65 in?/ft

Alternatively, provide one-third more flexural steel than
is required by analysis {per ACT 318 Sec. 10.5.3), which
is (4/3)(0.33 in®/ft) = 0.44 in?/ft.

The best approach would be to reduce the stem thick-
ness at the base {e.g., by using a constant 12 in wall
thickness) to lower the effective depth so that ACI 318
Sec. 10.5 does not govern. However, if the given dimen-
sions must be kept, then increase the calculated A, by
444 and use 0.44 in*/ft.

The minimum horizontal steel per ACI 318 Sec. 14.3.3 is
A, =0.0025b¢ = (0.0025)(12 %‘)(15 in)

=0.45 in?/ft [say, no.5at 8 in o.c]
Use no. 5 bars at {7.5 in o.c.] (4,=0.50 in?/ft) vertical,
and no. 5 bars at |8 in o.c.| horizontal.

SOLUTION 3

3.1. Determine the pad dimensions that will produce
uniform bearing pressure under the given loads. Per the
problem statement, include the weight of the 3 ft x 2 ft
strap in the resultant, but neglect the weight of the
footings. From the illustration, the length of the strap
is 20 ft plus half the width of each column.

Lap = (3) (1.5 ) + 20 £t + (})(2 ) =21.75 ft

Using normal weight concrete,

Watrap = wc(th)a“w

150 1of

= [ — (2 #)(3 e)(21.75 £)
IbF
1000 1ot
kip

= 19.6 kips

The strap is stiff enough to permit treating the com-
bined footing as rigid. To achieve uniform bearing pres-
sure, the centroid of the two footings must coincide with
the center of gravity of the applied forces. Measuring

from the centroid of the exterior column, T,,,, which is
0.75 ft from the left end of the strap,
Tarap = 0.5L - 0.75 ft
=({05)(21.75ft) - 0.75 It
= 10.125 ft
R= Poe + Waypap + P
= 150 kips + 19.6 kips + 225 kips
= 394.6 kips

— _ Puxt.fcxt. + wstmpfstrap + le:'finl
Tpads = R

{150 kips){0 ft) + (19.6 kips)

x (10.125 ft) + (225 kips)(20 f1)
394.6 kips

=1191ft

Let A.,, and A4,,, be the areas of the exterior and inicrior
footings.

DFy =R+ Aeuf, + Ainf, =0

- _ R _ 3946 kips
Aext"'Amt—f—— 3 Kips
ft2

There are an infinite number of combinations f 4,

and Aj, that can give a total area of 131.5 it wil the
centroid . One simple possibility is

= 131.5 ft*

131.6 ft?
2

In this case, as the interior footing is to be square, it
would have a plan dimension of

B= /A = V658 ft? =8.11L fi

Find the eccentricity of the exterior footing, e.,, again
measuring from the centroid of the exterior column,

= 65.8 it”

Aext = Aint =

Acxt(Text + €ext) + AintTint
Ainr. + Aen
_ Tpads(Aint 4+ Aext) = AintTine
- Am ™ Lt
(11.91 £t)(65.8 ft* + 65.8 ft?)

— (65.8 ft2)(20 ft)
65.8 ft?

Tpads =

- 0ft

=3.82 it
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H-8 STRUCTURAL ENGINEERING SOLVED PROBLEMS

The exterior footing will extend 0.75 ft to the left of the
centroid of the exterior column, so length of the exterior
foating is
Lext = 2(eoxs + 0.75 ft)
= (2}3.82 ft +0.75 ft)
=9.14 ft

The required width of the exterior footing is

A _ 658 ft2 _

B =7 = 914 1t

Use 7.20 ft x 9.14 ft for the exterior footing (as a
practical size, say 7 ft 3 in x 9 ft 0 in). Use 8.11 ft x
8.11 ft for the interior footing.

3.2. Determine the soil pressure profile when the forces
from Prob. 3.1 are combined with 80 kips of uplift at the
exterior column, and 25 kips of uplift at the interior
column. For this analysis, use the theoretical dimensions
computed in Prob. 3.1 rather than rounding off to prac-
tical dimensions.

X=N9NKk 809k
I
720t (] o [ | |ena
9.14 ft
8.1 ft
For the combined footing,

A= 1316 k2
[=Y (I + Asdd)

B}

= Z (# + A.d?)
3
(7.20 £)(9.14 £)° (65.8 22)

12
x (11.91 ft — 3.82 ft)?
(8.11 £)(8.11 £t)°

+ 12

x (20 ft — 11.91 ft)?

+ (65.8 £t?)

= 9431 ft!

Pressures under the uplift force and moment combine
algebraically with the uniform 3 kips/Ft? pressure from

Prob. 3.1.
Tzs kips

80 kipst 105 kips = uT

o, v, o tu

M = (80 kips}11.91 fr) — (25 kips}(8.09 f1}

= 750 ft-kips
U, Mz
w=FET
4y = =106 kips _ (750 ft-kips)(1L.91 ft + 0.75 ft)
1316 ft? 9431 ftd
= —1.80 kips/ft?
4y = —105 kips
131.6 ft2
(750 ft-kips)(11.91 ft -+ 0.75 ft — 9.14 ft)
- 9431 ftd
= —1.08 kips/ft?
4 = =106 kips (750 fi-kips)(8.09 € — 4.06 ft)
131.6 ft? 9431 ft?
—105 kips _ (750 ft-kips)(8.09 ft + 4.06 ft)
= 1316 2 9431 fts
= 0.17 kip/ft?

Combining forces and pressures, the required pressure
diagrams are as shown.

150 kips — 80 kips 225 kips — 25 kips
= 70 kips = 200 kips

0.9 kip/ft

e S S —
1.20"\LLL \LLLL
xips/ft? 1.92 2.52
kips/ht? kips/ft? 347
kips/ft?

-t

——



| N

FOUNDATIONS AND RETAINING STRUCTURE S 5-9

3.3. Calculate the maximum positive and negative
bending moments for the loading in Prob. 3.2.

70 kips 200 kips
0.9 kip/ft
\l Y
8.64 JQJJ\L 1382 20.44 '
. 3. 0. 25.71
kips/ft kips/ft kips/ft L_LLLLJ Kips/ft
loading

-97.9 kips
shear diagram (kips)

M} = 204 ft-kips

Mg = =215 R-kips

bending moment diagram (ft-kips}

The maximum positive bending moment occurs at the
200 kips concentrated load, where the shear diagram is
discontinuous. By representing the linearly varying
loading to the right of that location as a rectangle plus
a triangle, the resultants of each part, W, and W, can
be calculated.

kips kips
e + wagne | 204 2571 T2
U 7 2
=23.0 kips/ft '

W, =wa= (23.0 I“T"S) (0.5)(8.11 &)

= 93.3 kips
Wiefy + Wright
Uy = Wright — —2_
kips kips
st kips _ 20.44 ft ——+ 25.71 -
- ’ 2

Wa = 0.5ua = (0. 5)(2 64 '“Ps) (0.5)(8.11 ft)

= 5.4 kips

M: == Wl(OSG) + Wz(ﬂﬁﬁ?ﬂ)
= (93.3 kips)(0.5)(4.055 ft) + (5.4 kips)
x (0.667)(4.055 ft)

- (o k)

The free-body diagram is cut at the point of maximum
moment (i.e., where Vis zero).

W
C_I - ]23 kips/ft

M) =
204 ft-kips

} 2.64 kipsift

W,
Negative bendmg is critical at 7.20 ft from the left end
where the shear is zero. Replacing the linearly varying

load agam by equivalent rectangular and triangular
loading gives

Wi = Wgap = (0 9 k'p)(? 20 ft)

= 6.5 kips [down|
g = wye = B.64 kips/ft

Wy = wyr = (8 64 k""”) (7.20 )

= 62.2 kips [up)
Wy = Wi p ~ Wek
kips kips
= 12. 4
7 S — 8.6 T
= 4.06 kips/ft

Wi = 0.5u3z = (0. 5)(4 06 k;fs) (7.20 ft)

= 14.6 kips
M, =-P(z-075ft) - W, (0.5z)
+ Wa(0.5z) + W3(0.333z)
= (=70 kips)(7.20 ft — 0.75 ft} — (6.5 kips){0.5)
x (7.20 ft) + (62.2 kips)(0.5)(7.20 ft)
+(14.6 kips)(0.333)(7.20 ft)

- )

PPI » www.ppi2pass.cam_,
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STRUCTURAL ENGINEERING SOLVED PROBLEMS

The free-body diagram at the point of minimum

moment i3
70 kips
_l *W1 M, = -216 ft-kips
0.9 kip/ft
A ' 18.6 kips/ft
|4.1 kips/ft
SOLUTION 4

4.1. Design the combined footing for full dead and live
load conditions.

Py = (Pp + Pr),,, = 134 kips + 84 kips = 218 kips
Py = (Pp + P}, = 210 kips + 168 kips = 378 kips
P = P.y + Pine =218 kips + 378 kips = 596 kips

L L 1l
I I

& R au - * @ a a ls'l-_”.a'a
8" crlet 8 N ot 28] o= 210 kips

of [ fom e 1L A L e
R i f; = 25 ksi
d ; g--.;- TRl d e f, = 40 ksi
067f |! 20 ft ;
Py = ! P, = 378 kips
218 kips :
+P=596kips
%
|
plan

Proportion the foot;m% length to achieve uniform bear-
ing pressure (3 kips/ft” net pressure).

= P ext Text + P int Tint
T —extext T 7 intlint
P
_ (218 kips)(0.67 ft) + (378 kips)(20.67 ft)
- 586 kips

=13.35 ft
Therefore,
L =2%=(2)(13.35 ft) = 26.7 ft [say 26 ft 8 in)

The width that is needed to limit the bearing pressure to
3 kips/ft® is

B=i= 596 kips

ok ( k""'*)(267&)

=T4ft [say7 £t 6 in]

Use a footing with plan dimensions of 7 ft 6 in x 26 ft
8 in.

4.2. Design the reinforcement using the strength
design method in ACI 318, with given values of
f. = 2500 psi, f,=40,000 psi, and A =28 in.

Piox=12Pp 4+ 16P,
= (1.2)(134 kips) + (1.6)(84 kips)
= 205 kips

Piin=12Pp+ 16P,
= (1.2)(210 kips) + (1.6)(168 kips)
= 521 kips

Pu= Puex + Puin

= 295 kips + 521 kips
= 816 kips

My = Puext(T — Text) + Puint(T — Tint)
= (205 kips)(13.33 ft — 0.67 )
+ (521 kips)(13.33 ft — 20.67 ft)
= —89.4 ft-kips

The bearing pressure is nonuniform under the factored
loads (slightly higher at the interior end than at the
exterior end}. It would be reasonable to ignore the slight
eccentricity and design for a uniformly distributed load-
ing, but for completeness, the variation is considered in
this solution. Calculate the loading in units of kips/ft at
the ends of the footing under factored loads.

L=26.7ft
(267 i) »
S= 5 = 5 =119 ft
P
e = 1"
_ 816 kips = —89.4 ft-kips
T 26,7 ft 119 ft2
= 29.8 kips/ft
w . = Pu_ My
u,int L S
_ 816 kips  —89.4 ft-kips
267 f 119 ft?
= 31.3 kips/ft

This is practically a uniform pressure distribution. How-
ever, to satisfy statics, the calculated values are used.

PPl ¢ www.pplZpass.com
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*295 kips *521 kips
n-ﬂbu.'r:\io.o‘ 0°¢1.-:\f"_’
28.85 kips/ft —[ 1 T U
ps 31.30 kips/ft
334 kips
v, !
=274 kips =188 kips
567 ft-kips
Mut\ I\

-1245 ft-kips

Check the punching shear at the interior column. The
intensity of factored bearing pressure at that location is

o = Wy ext (wu.int — Wyen)T
"= B BL
29 85 klfi)s (31 30 k;fs 29.85 k'ps) (20.67 ft)
65t T (6.5 7)(26.7 )

= 4.77 kips/ft?

d=h—cover—dy =28in—-3in~1lin=24in

by = 4(hcotuma + d) = (4)(16 in + 24 in) = 160 in
V= Pu.inl‘. - T-’-’l.l(hu:c.plurnn + d)2
2
=521 kips — [4.77 5P} [ 16in+ 24 in
=3 12 1o
ft
= 468 kips
$Ve=40/F b,d
(4)(0.75) , /3000 “‘f(lﬁo in)(24 in)
1000 M
kip
= 631 kips [>V,, so OK]

Check the punching shear at the exterior column. The
intensity of factored bearing pressure at that location is

(wu.int - wu.cxt)x

8L

_ Wyext

Wy, = B

+

29.85 kl_'é’ﬁ (31 30 k'ff's 29.85 k‘ps) (0.67 &)

= + (6.5 ft)(26.7 )

6.5 ft
= 4.60 kips/ft>

b, = (hcqlumu + d) + z{hﬂ!hlmﬂ + Osd)
= (16 in+ 24 in) + (2)([6 in + (0.5)(24 in))
=96 in

Vu =P, - wu(hculumn + d)(hcolmnn + O'Sd)

kips
I

16 in + (0. 5)(24 in)

1z
ft

16 in 4+ 24 in

= 295 kips — (4 60 -
128
ft

= 259 kips

V.= d0\/T bod

(4)(0.75) Ib

3000 —(96 in}(24 in)

1000 “’—f

kip
=379 kips [> V', so OK|

Check wide beam shear at the critical location, which is
at a distance d from the face of the interior column.

=T — (d + 0.5hco1umn)
24 in + (0.5)(16 in)

;o
Ift

= 20.67 ft —

=180 ft

Wyext — Wy,int

kips

= 29.85 T

kips
(31 30 e
+

= 30.83 kips/ft

—29.85 k“’s)(is ft)
26.7 &

Ve= Vu.int = Uy,18 &(d + o-sflcdumn)

kips) 24 in + (0.5)(16 in)
ft

in
12 &

= 334 kips — (30.83

2, /3000 M(u in)(7.5 ) (12 ‘f't')

1000 1of

kip
[V.> ¢ V., sostirrups are required]|

= 237 kips

PPl »# www.pplloass.com .
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Try a double set of no. 5 stirrups.

A, =44y = (4)(0.31 in?) = 1.24 in?

14 252,000 1bf
_ Vc —_—— X
V, 3 075 236,600 1bf
= 99,400 1bf
A /Tbd=2V, = (2 (236,600 1bf) = 473,200 b
8/ bud =4V = (4)(236,600 1bf)
e 946,400 Ibf
V, < 4\/f b,d, so
( d_24.0in _
2= o = 12.0 in
A, (1.24 inz)(40 000 M)
075y/Febu 075‘/3000 bt (7.5 fe)(12 “‘)
ft
= 13.4 in
Ibf
5 < { Al.lfy _ (1.24 in )(40 000 —)

50b, ( lbf)(7 5 &)(12 1;;)

=11.0in [controls]

Adyd (124 in?)(40,000 ll:’f)(24.0 in)

v, 99,400 1bf
{ =120 in

Use two sets of no. 5 U-stirrups throughout.

For the top steel, the flexural design, M, = 1245 ft-kips, is

M, = 6M, = ¢pbd2f,(1 2 o.sgp(%))

(1,245,000 Ft-1bf) (12 i_n)

ft
= 0.95(90 in}(24.0 in)* (40,000 M)
40,000 ot
x 11-0.59 —-—-—iﬁ.-
3000 X
m

p = 0.00859

Ay = pbd =

Use 15 no. 10 top bars. For the bottom steel, the
critical moment occurs at the interior column where
M, =567 ft-kips.

M, =o¢M, = ¢pbd2fy(1 - 0.59,;(/—,"))

in
(567,000 ft-lbf)(12 ?E)

= 0.9 (90 in)(24.0 in) (40 000 g)

40,000 ot

x | 1-059p| ——in?

(0.00859)(90 in)(24.0 in) = 18.55 in?

p = 0.00376
A, = pbd = (0.00376)(90 in){24.0 in) = 8.12 in®
Calculate the minimum footing reinforcement.

Ay min = 0.002bk = (0.002)(90 in)(28 in)

=5.04 in? {not critical]

Use 15 no. 10 top bars, eight no. 9 bottom bars, and
double no. 5 stirrups at 11 in o.c.

T 15-No. 10 extend 4-No. 10
M 1T £

. 11 1t _'? .‘-.'““-. ol .‘."-.".'
2"4!"]:;0_{..‘:.‘0: -:;:)_;‘ .“.c\bn”;“."‘,“g?a =

\No S5[LI] @ Nin

3inclear 8-No.9

{not to scale)
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PROBLEM 1

1.1. On the design specifications for a roof diaphragin,
structural [ plywood is specified. At the job site, it is
found that CDX plywood has been substituted. Is this
substitution acceptable? Explain.

1.2. A glulam beam certificate indicates that 24F-E15
hem-fir has been used in lieu of 24F-V8 Douglas-fir
members, which are the designed members. The beam
is cantilevered past a steel column. What action is

IHustration for Prob. 1.3

end of building
|/. 24 f 8t

Timber Design

indicated and what should be checked? No calculations
are required.

1.3. A portion of a wood-framed building wall is
shown. The plywood-sheathed wall panel must resist
all lateral loads shown. (See [lustration for Prob. {.3.)
Sketeh where horizontal and vertical ties are needed to
transfer the given lateral loads to the resisting elements
and into the foundation. Calculate the load for which
each tie must be designed. Do not detail the ties.

| seismic load
2 kips

O

1 ASH AN

2% 10 @ t6ino.c.
4 x 10 lintel

-— opening repeat to
end of building

4 X 4 column
blocking

seismic load plywood floor

2.5kips

2x12@16ino.c

4 % 12 lintel

4 % 4 column

concrete foundation

roof loads:
dead load = 150 1bf/ft of wall
five load = 200 Ibf/ft of wall

3

it

9h

| floor loads:
dead load = 250 Ibf/ft of wall
live load = 500 Ibfft of wall

10H

[ 2% 4studs @ 16in o.c.
and plywood sheathing

partial wall elevation

PP
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6-2 STRUCTURAL ENGINEERING SOLVED PROBLEMS

1.4. A building with wood roof framing and masonry 1.5. Calculate the allowable load on the designated
walls was constructed with roof-to-wall details as shown bolt shown. {See [ustration for Prob. 1.5} Consider
in details 1, 2, 3, and 4. (See fllustration for Prob. 1.4.) wood stresses only.

Design Criteria
s wood ledgers have no values in cross-grain bending
s plywood has no value in axial compression

Show how each of the details should be specified.

[llustration for Prob. 1.4

masonry wall

/- masonry wall /
% in plywoaod /

/Bd ®6in
iy
3 3

2x10@16in 2x10@16in

5.
3 X 10 ledger with %in 3 x 10 ledger with 3 in
diameter bolts @ 4 ft o.c. A diameter bolts @ 4 ft o.c.
detail 1 detail 2

gd@4gin

/ Bd@6in % in plywoad % in plywood

TR T L LU EA TR L T Ay i TP AT
PLESA LT H

X 10 in a.c.
2X 10 @ 16ino.c. 2 @16inoc
[~ 3 x 8 nailer with % in \ 3 X 8 nailer with % in
diameter bolt @ 4 ft o.c. diameter bolts @ 4 ft o.c.
| .—— masonry wall | .——— masonry wall
detail 3 y detail 4
Iustration for Prob. 1.5
splice
centerline
designated bolt ( 4 x 12 Douglas-fir No. 1

T 13 L T otk Tn
24ino.c. 24in 6in 6in \ 24 in 24 in o.c. {typical)
all bolts 1 in diameter machine bolts

PPl ¢ www.ppiZ2pass.com
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1.6. During the inspection of a building under con-
struction, the details shown are observed. (See [lustra-
tion for Prob. 1.6.) Comment on the suitability of each
member, and identify any potential problems.

[llustration for Prob. 1.6

6 X 14\ centerline

1’,'-.7.’?.'.'._.-__-__.. .

| — 6 x 6 Douglas-fir
column

{a)

new

1.7. Draw an example of a joint toenail and give the
reduction factor for lateral nail load. Do the same for a
slant nail.

1.8. How much of a clinched nail must extend beyond
the face of the material?

o
steel hanger with / N
two % in diameter F

machine bolts

(b}

steel hanger with
two 1 in diameter
machine bolts

(d)

existing

(1]

carpet

P N
EEELELL LTSI IIEESE S

existing floor framing

existing glulam

PPIL @« www.ppl2pass.com
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1.9. An anchor bolt designed to be a tie-down was
mislocated as shown.

tie-down angle
[bolts not shown}

!

4 X 4 end post

top of
congrate

N R NI S

anchor bolt
/_

d shear wall

Assume the anchor bolt capacity is adequate at the
position shown. What action is indicated and what
should be checked? No calculations are required.

elevation
{not to scale}

1.10. Inspection of a plywood shear wall reveals that
power-driven nails were used as shown.

nail heads penetrated first ply
1.
3
plywood

2 X 6 stud

ptan
{not to scale}

The plywood has five plies. The existing edge nails are
spaced at 4 in o.c. What action is indicated and what
should be checked? No calculations are required.

PROBLEM 2

A single-story wood frame building is 40 ft wide x 80 ft
long. It has 8 ft long shear walls at each end and a 12 f
long shear wall at the center of the building. The details
of the 12 ft shear wall at the building centerline are
shown. (See [lustration for Prob. 2.)

Design Criteria

® 120 mph basic wind speed

¢ exposure condition C

s K,=1

® cseismic design category C

* Sps=045

® importance factor =1

® diaphragm qualifies as flexible

® weight of exterior walls = 20 1bf/ft*

e roof weight = 15 Ibf/ft?

® roof and shear walls sheathed with C-C grade exter-
ior plywood

® Douglas fir-larch framing

2.1. What is the maximum lateral force that can be
carried by the shear wall at the building centerline?

2.2. What is the nailing required at the building cen-
terline to transfer the loads from the roof into the shear
wall? Use the nail values given.

2.3. A collection member is identified on the drawing
that ties into the wall framing at point A. Design and
draw a suitable detail for the connection at A.

2.4. During construction, it is discovered that the sheet
metal contractor has cut an opening in the shear wall at
the location marked X. The top plate has been cut to
pass an 18 in x 18 in duct. The top of the duct is set at
4 in below the soffit of the roof plywood. To avoid delay
at the job site, it is necessary to redesign a collection
member around the duct opening for the transfer of
lateral forces from the roof to the shear wall. Design an
installation that will transfer the lateral loads around
the duct opening.

2.5. Draw a suitable detail that shows the design and
intent needed to accomplish the tie.
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Illustration for Prob. 2

/ plywood sheathing 8 ft shear wall X

s N 18 in square

v o opening 8 ft shear wall -\:‘:
40 fi
point X L—‘J

v —— j-
/ din
/ A =TT :
N /I 12 in long shear wall
L / TN R L {see plan view 2nd
A1 . e ! = for elevation Y-Y}
b—— =1 s
Z 774l 5% | —— son
| |
|
|
|

N

key plan
40 it
12 ft
A
h 1l : ' :
shear wa
! [
¢
\ 7 )
centerline | |
:',::\'- ==f=o= - ] ':::::;Z_ - e
= - FETTQC Ty
: -G|n><10mbean;| *
| 2in x 10in @ 24in :
] |
1 1
1 A 1
part plan

Bin X 10 in beam

top of plate X 2in X 10 in blocking |
. N\ IT>] T TTIT T T
raood A =IHIN I |
panet not | o ML 1%
diagonal 149 ft IV IAAL window open
sheathing) A /’/'/a corridor
‘/ J/a/'/‘ ’/
a/ 1 /’ L/ /
tie-downs are—-"1 2in X 6 in stud wall
OK for lateral 12 16 ft 12 ft
overturning shear wall
elevationY-Y

PPl ¢ www.ppiZpass.com,
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PROBLEM 3

A portion of a wood framing system is shown.

A \ roof diaphragm is adequate
1 Bt
in plywood sheathing
1
5 In gypsum 10 f
board ceiling 8ftBin
- minimum
saction
8in concrete
" block
— O
17 it 17 ft
: | :
1 bridgin
. \Iedger : 9 g-\‘l
| 20 Poam toor B
I / |
] |
1 )
| H
. A
H ]
L /1 :
!
. [
post

plan
Design Criteria

¢ no. 1 Douglas fir-larch (north) used for floor joists
and ledgers

3.1. Design the floor joists for the minimum board
footage using standard dimension Douglas-fir and
ASD. Give size and spacing, and show calculations.

3.2. Calculate a size for the main wood girder. Assume

a simple span. No detail is necessary. Calculate all the

principal design considerations that may be critical.

3.3. Provide a suitable wall ledger. Give the size, and
show anchorage for vertical and lateral loads. Draw a
detail of the ledger showing all the principal elements
that will be required to complete the installation.

PROBLEM 4

A plan and cross section of a one-story frame building
are shown. (See [llustration for Prob. 4.)

Design Criteria

¢ 90 mph basic wind speed, exposure condition C,
Ka=1

e seismic design category C

o Sps=045

o Sp,=0.15

® importance factor=1

e diaphragm qualifies as flexible

e weight of exterior walls and shear walls = 20 1bf/ft?
® weight of removable partition = 12 Ibf/ft”

® weight of main roof = 16 Ibf/ft?

® weight of corridor roof =12 Ibf/ft”

10 1bf/ft?

¢ Douglas fir-larch framing; minimum no. 1

e weight of parapet =

4.1. Design the horizontal roof diaphragm for lateral
forces in the north-south direction. Show calculations
for maximum bending and shear stresses. Show nailing
and any other necessary requirements. Show the max-
imum stress in the chord. Detail an appropriate chord
splice.

4.2. Design the shear wall on line B; draw sufficient
details to show the principal structural elements. Show
calculations for the maximum wall shear. Carry the
loads down to the top of the footing. Select a suitable
plywood. Show nailing, and any other necessary require-
ments. Show an analysis of the tie-down requirements,
and design and detail a suitable tie-down, where
required.

PPl # www.pplZ2pass.com




TIMBER DESIGN

6-7

Nlustration for Prob. §

A B c D
* 13 spaces @ 10f1=130f
I | || N
| | roof diaphragm | |
N () [l L 1 1 L [ / [l L] L 1 1 i
10k Tt 1 Pror 7
s e O K i e —— —— —%— 1
i \ IR
ty collection member " H L shear wall
20t T :II AT
1
40 ft — e | 2T oosooos (==t 2
oo
20 ft | : : i glulam beams 1 : ] B
: : Il _4in X 12 in header (typical) 11 : :
—— ] I_l o —— — W — e —— e | - —1
10k )
b S v 2 S T B S T T Y B
1 ) i ] 1 ) ) I L L) i []
10 fi 40 ft 80 k 10 ho n
roof plan
corridor roof is not
part of diaphragm
10 ft 20 ft 20 ft 101t
typical parapet all N
Bin X Bin /around building \
beam r 1. n
H = in Douglas-fir
@10 fro.c. 3; in deck a 2lywood P glulam 5k
\_ . f 1
2in><12in@24in/
2t --I L—z ft | 9n
corridor ™~ removable partition carridor
* 1Y -
— | T U Lad
connection OK
cross section
Teble for Prob. 4
allowable nail shear for plywood diaphragms (ibf/ft)
cotumon nail size 6d 8d 10d
minimum nail penetration in framing (in) 1Y4 1Y2 1%/
nominal plywood thickness (in) e s 1z
lateral force wind seismic wind seismic  wind sl
nominal width of framing lumber (in) 2 3 2 3 2 3
blocked
pail spacing at i nail spacing at 6 188 210 270 300 318 360
diaphragm boundaries 4 other plywood 6 250 280 360 400 425 480
and continuous 2t panel edges (in) 4 375 420 530 600 640 720
panel edges (in) 2 3 420 475 600 675 730 820
unblocked (nails spaced 6 in max. at supported edge)
load perpendicular to unblocked edges and
continuous panel joints 167 187 240 267 283 320
all other configurations 125 140 180 200 212 240
PPl 8« www.ppl2pass.com
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PROBLEM 5 ¢ redundancy factor p= 1.3 in both directions ]

A roof plan of a one-story building and two connection ® seismic design category D 1

details are shown. 5.1. Determine if the connections are adequate for lat.

Design Criteria eral loads. Show calculations.

O A L T e e e 5.2. Should the details shown be revised or improved?

Explain.
o shear walls light frame wood construction
® f{lexible diaphragms 1
150 Ibftht h h )
north-sout
T 60 Ibi/ft rd earthquaka load \
NP TP T T ]
. BT LI SRR, 335053
= ;sz
b
| | ¥
60 Fil
bttt [ east-west 5 1%013 ft
1" earthquake load ]
] —>A
= & — 1
T ¥
- A '
150
Ibt wn
[2:2] PRI e _ ¥
| i
\ h }
5@ 10ft=50f fw:?;',‘;a" below )
plan
1 hent plate % X 6
4
ical :
6 in thick baam D _:. 4in beam

\ be;nt p!ate

18 in gage steel post 22 x 3
2-16d cap each side
6 X 6 post
4 in beam, perpendicular, not shown post cap not shown
section A-A section B-B

PPl @« www.ppi2pass.com mthe
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[lustretion for Prob. 6

new glass skylight

O Q O
Y V4
hY rs
.
\ ’ roof
N > joists 20 ft
N ;
b pd beams
N V4
40 R

roof slope R N

2in per 1t / 1

2 7 [Nsgx30

/ : : roof 20k
p) glulam girder {igists
I/ \\
, .
O | 0 | O
16k T
40 ft 40 ft

plan

PROBLEM 6

An existing warehouse roof is to be investigated with a
prospect to add a new opening for a skylight. (See
Mlustration for Prob. 6.)

Design Criteria

e 24F-1.8E stress class, western species (dry con-
dition), 5Ys in x 30 in

e roof dead load =10 tbf/ft?
® existing connections are adequate

o skylight dead load = 10 Ibf/ft? (uniformly supported
by beams)

6.1. What is the bending stress in the 58 x 30 in
glulam beam girder?

6.2. Will the 5Y8 x 30 glulam beam work for the new
skylight? Show calculations.

PROBLEM 7

The roof framing plan and the front elevation of a one
story building are shown. The original plans showed the
mullion A to be a piece of 4 % 6 stud grade lumber.

The builder has requested to be allowed to substitute
two 3 x ds stud grade in lieu of the 4 x 6 because the
3 % 4s are readily available. Other interested parties
have no objection to this substitution, and the engineer
is asked to approve the builder’s request.

Design Criteria

e Douglas fir-larch stud grade lumber

e gravity loads are concentrically applied to mullions
s column dead load = 3600 Ibf

e column live load = 2400 Ibf

7.1. Analyze the structural acceptability of the two
3 x 4s. Show all calculations. Are the two 3 x 4s satis-
factory? Should the change be approved?

A 9k , 9ft , 9f . 9ft ,
T | | | ! i
N I .T. ______ || § e ——— iy -
1
. |
i |
: r1oof slope |
-~ Zin:12in \ 4
2 . typical
| \ roof :
1 \/l joist I
typical T
roof
beam
— B e == EF et Junfnfiuiind su
5 ft .

_\\ /
overhang

mullion A / roof + ceiling dead load
below {including beams) = 24 Ibfffit?
roof framing plan

soffit of

fixed glass ~| mullion A ( roof beams
A yi %
10h
9f 4in
T
Ghidt floor line

south elevation
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PROBLEM B

Glulam beams Bl and B2 must be sized according to
ASCE 7 requirements to withstand loading. (See flfus-
tration for Prob. 8.)

Design Criteria

e roofing = 6.0 Ibf/ft*

e sheathing = 2.0 Ibi/ft?

e purlins = 2.0 1bf/ft*

e Dplaster ceiling = 10.0 1bf/ft?

e dead load (total) =20.0 Ibf/ft*

¢ live load = 20.0 Ibf/ft? (ceducible per ASCE 7)

* joists framing perpendicular to glued laminated
beams adequately stay beams at points B and C

e use 24F-1.8E western species structural glulam, dry
e use 1'/2 in laminations

Show all calculations.

8.1. Size beam B2 (span CD) for code requirements.

8.2. Size beam Bl for ASCE 7 requirements. Maxi-
mum deflection may be assumed midway between
points A and B.

8.3. Determine the camber for beam B2.

Nlustration for Prob. 8

PROBLEM 9

A second-floor balcony is shown in plan and elevation,
(See [Mustration for Prob. 9.) The balcony is supported
by a building wall and glued laminated beams with
wood posts at 10 ft o.c.

Design Criteria

® balcony dead load =20 Ibf/ft* {includes rails and
plaster ceiling for first floor below)

® balcony live load = 100 Ibf/ft*
® floor joists are spaced at 16 in o.c.

® glued laminated beamns are supported by wood posts
at 10 ft o.c. except at corner, where beams are
cantilevered

® adequate bracing for bottom of beams

® beams are connected at cantilever ends adequate for
distribution of vertical loads prior to application of
any dead and live load

® Douglas fir-larch {north) joists
¢ 24F Douglas-fir glulam beams
9.1. Determine the size of floor joists.

9.2. Determine the load to be transmitted through
connection at ends of cantilever beams.

9.3. Determine the size of beams with cantilever spans
for deflection and strength requirements.

symmetrical about

centerline .
A plaster cailing 1 . plywood diaphragm
5 3 l B2 - Sg in wide -
7 T " t i ]
I L 1
1
! | !
60 ft Tt 136 71 canterline of
I N
.16 in X 16 in pilastar ! pipe column
1
T
i
1

typical section through building
(based on 16 in centers)
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[lustration for Prob. 9

building balcony
A -
posts @
10 ft o.c.
(m]
building
10 ft
20ft
1 g long
| beam
glulam beam ———1—1""]
balcony joists @ 16ino.c. 10 ft
/
S T {1 / -
glulam Aﬁy A -
beams -
assume beams are
pasts @ 10 fto.c. 10ft 10f connected adequately
for transmitting load
20 ft long beam at cantilever span
sacond floor balcony plan
centerline of post
and building
|
roof | _
T T 1T 11 1T 1T 11 13 ;ll T AT I IT I T JT TF JT 17 11 111
—=1 —
= =
1
1
| - .
1ft 1 railing beam joint
{ /=
I L
I
1 Zl
2nd | | |
o
\ | l / | assume post resists uplift
L _/ due to cantilevered
lulam beams —1 .
1R l - giiam be : < unbalanced live load
1 |
T
0k : 10ft 1| posts @ 10 fto.c.
| 1
| |
1st 1 !
Y H

elevation A-A

._ppl ° vﬂ\n\n.ﬂp;_l!pl.l.cﬂll
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PROBLEM 10

A typical wood roof truss at 4 ft spacing is shown. The
bottom chord is raised above its usual location to satisfy
the architectural requirements. Assume supports offer
no horizontal restraint.

plywood sheathing
and 2 X 4 joists
(between 3 x 12

dead load + live load = 30 Ibf/ft?  are not shown)

CTTTITTTTTIT0) comen
T 4 ft
A! !E—
24 it

{cemerline to centerline of supports)
Design Criteria

® dead load=14 ibf/it? projected upon horizontal
plane

» live load = 16 Ibf/ft? projected upon horizontal plane
® Douglas fir-larch select structural

e 25% increase in allowable stress for roof live loads
10.1. Check the adequacy of member ABC.

10.2. Design and draw a detail of joint B.

PROBLEM 11

Two sections cut through a wood frame warehouse
building are shown. The plans and elevation are also
shown. (See Mustration for Prob. 11.)

Design Criteria

® seismic design category D
¢ roof dead load = 15 Ibf/ft?
¢ wall dead load = 12 1bf/ft?

11.1. Because a lateral load-resisting element (rigid
frame or shear wall) is not provided between lines 2
and 3, what structural elements would be needed to
maintain diaphragm integrity? Provide at least two.

By

11.2. Assume the lateral load on the roof in the north-
south direction is 190 Ibf/ft (working stress level}, and
no rigid frame or shear wall is to be used below the flat
roof at lines 2 and 3. Describe all the structural elements
needed to give the structure adequate resistance to lat-
eral loads. Determine the loads that the resisting ele-
ments should be designed for.

11.3. Should a stepped diaphragm be used? Observe
section A-A. There is no shear wall or rigid frame
located where the step in the diaphragm occurs.

beam at
opening

rafters @ 24in o.c.

S

AT R
= iy o e TR O

plywood

2 X 6studs @ 18 in sheathing

AR Y eyt T,

22

.t

B7 e
=
3

16 ft roof trusses @ 24 in o.c.

2o

mkifiz .

o

-
Iy

from glulam beam
finished

floor

section A-A
{not to scale)

8t

| shear wall | windowsﬁ______ 1
J N\

{
symmaetrical about
centerline

saction B-B
{not to scale)

PPl ¢« www.ppi2pass.com

s TPy



TIMBER DESIGN 6-13

Hlustration for Prob. 1!
120 ft

CURRANANNAN
WSJ

[
H plywood shear walls
shown as ZZZme g 40 Rt
fn
él 1
E rrs, £ _F FLLLS ot | [ ¢ T = 2 ~ e L. /7| I —_
floor plan
1 2 3 4
24t 72 ft {flat roof) 241t

A
————— roof trusses @ 2 ft ——
\

L/,smpe

S

i¥é;::____ —
_
T {
1 i
B -
roof framing plan
1 2 3 4
[ 24 ft
I

241t |
|

roof line

/” l
-~ | . L.
—] I._Zin

max.

N [
\ . '
3070 door I‘_" 10 X 12 door {typical of three)

10f

north and south elevation

-
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PROBLEM 12 ® seismic forces at the strength level

A partial elevation of a second-story wood frame build- * seismic design category D, Sps=1.0, p= 1.0

ing with a frame door opening is shown. The plywood 12.1. Give the nailing of the entire plywood wal|
sheathed wall must resist all the lateral loads shown. sheathing. Show all calculations.
Design Criteria 12.2. Design all boundary members below the second

floor and describe where they are located. Show all

150 3
e Douglas-fir structural [ grade plywood, %32 in caleulations.

e Douglas-fir construction grade framing

e F,=1000 psi framing

ft roof load
L 4 sheathi dead load = 250 Ibf/ft of wall
plywood roof , shear panel plywood sheathing . live load = 280 |bf/ft of wall

| 7

e
12 kips
seismic load
1
| floor load o
dead load = 240 |bi/ft of wall
plywood live load = 280 1bf/ft of wall
fioor ‘
- e Y
| || 1R6Ein 12 kips
— t saismic load

D,

E

] PIQT T
- //
2in X 6in
@16in | L/
/ —

concrete /

foundation 7 ft6in 5ft 7ft6in
door

12 ft
7 ft

wall load = 20 Ibi/ft2

elevation looking north
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PROBLEM 13

A pyramid-shaped wood roof is shown. The space
enciosed by the pyramid is clear and without any struc-
tural members.

1, o
eave beam 53 in X 16< in

2
glulam {typical)
centerline beam elevation = 0 ft
B C

32 h - Slope
square  typical

oof joist
cal layout

f=
3

A /
centerline of joint

elevation = + 6 ft

/e
hip bearm

53 inx16<in
{typical}
plan

|-

ERENNSENREEE

6 ft

\ wall support below

eave beam

TH?%?HH??

N2
{centerline to centerline of joints)

elevation
Design Criteria

® dead load =16 Ibf/R? projected upon a horizontal
plane

¢ live load =16 Ibf/ft® projected upon a horizontal
plane

¢ Douglas fir-larch no. 1 lumber

¢ 25% increase in allowable stress for roof live load
® unbalanced live load condition to be neglected

® design for vertical loads only

13.1. Find the forces acting at joint A.

13.2, Design and sketch joint A.

PROBLEM 14

An elevation of a glulam roof beam is shown.

symmetrical
about
centerline  roof framing is nat
0 attached to glulam
7h95in : beam
BRI

support is free
to deflect 1% in
clearance

. glulam beam
tangent point 1, .
R=132h 55 inx 18in

40 ft
elevation

Design Criteria

e [, =2400 psi glulam

® 5 in x 18 in glulam beam
e 1!/2 in laminations

o E=1.8x10°psi

o §=276.75 in®

® A=9225in?

® radial tension reinforcement available: %1 in lag
SCTews

— 5240 Ibf allowable tension

— 528 Ibf/in of penetration allowable withdrawal
® no increases are allowed for load duration
® 1o need to check deflection

® assume all adjustment factors except volume, staknl-
ity, and curvature= 1.0

14.1. Assuming that lateral bracing is sufficient, what
is the allowable bending stress?

14.2. What is the maximum spacing of the top flange
bracing to permit loading as shown in the figure?

14.3. Check radial tension (f; allowable =15 psi).

14.4. How could reinforcement for radial tension be
provided? Use a convenient scale.

e e—
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PROBLEM 15

An elevation of the end wall of a two-story wood frame
building is shown. The end wall is sheathed plywood.
The doors open out to a second-story balcony. The
rough door openings are 3 ft wide x 6 ft high.

11 11
Gin Ift 1 & 3R 6in
ard 5700Ibt_—:| [ 1 ™

10#h

8600
2nd uf

Y

104

1st /
/

ri i
dead load / \ concrete foundation

wall = 15 tbif? adequate for overturning
forces

elavation
Design Criteria

e structural [ plywood

seismic loads control

® seismic forces at strength level

® seismic design category D

* Sps=1.0

e p=10

¢ roof life load = 200 Ibf/ft

e roof dead load = 150 Ibf/ft

e second floor live load = 500 1bf/ft
¢ second floor dead load = 180 Lbf/ft

15.1. Compute the shear in the plywood wall sheath-
ing in the first and second stories. Determine the size
and spacing of nails.

45.2. Draw an elevation and show the location of tie-
down anchors. Show the load each anchor must resist.
Use load combinations in ASCE 7.

15.3. Sketch the various types of tie-down anchors
that may be used across the second and first foors. It
is not necessary to fully design and detail each one.

PROBLEM 16

The one-story wood frame building shown has its center
roof portion 4 ft above the building roof. (See [llustra-
tion for Prob. 16.)

Design Criteria

® all roofs level

® gccupancy category 1l

® site class D

o S5=12, 5 =06

¢ high roof elevation =16 ft
¢ low roof elevation =12 ft

® high roof and low roof dead load = 20 Ibf/ft? (includ-
ing beams)

e high roof and low roof walls dead load = 20 Ibf/ft?
& clevations are to bottom of joists
® roof and wall framing is plywood sheathed

e roof joists bear on top of glued laminated beams and
to plates of wall studs

® posts do not project above low roof

16.1. Compute and draw the load, shear, and moment
diagrams at low roof due to the seismic lateral forces.

16.2. Compute the maximum chord forces at the
exterior walis of the low roof.

16.3. Provide a sketch of details required at the cor-
ners of the opening for the tension forces due to the
lateral forces in both directions. Calculations are
required.

16.4. Provide a sketch of details for the chord splices
at the low roof exterior walls for the maximum chord
forces. Calculations are required.

PPl # www.ppil2Z2pass.com
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fllustration for Prob. 16

roof joists 2 X 12 @ 24 in
glulam beams 6% in X 24 in (typical)

below

B c
- [ e —— £y 2
|
post to beam I [~ wall below
: to low roof
i

__ glulam beam

\

I
1
|
]
|
32h8in| |L 63 in x 24in
square -:J
: roof joists
: 2x12@ 24in
|
L 3
high roof framing plan
A 2] c D
24 ft 2t 24 ft
| 1
SESs S e e ——— 1
| |
! {
| 1| roof joists 2 X 12 @ 24 in
24 ft | : glulam beams 6% in X 24in
: 1| (typical)
1
’ |
b
i J.| eams - A ,
| |
: posts below | posts below
|
l |
| |
326} |i ! T
80ft| square : beams H N
opsning | :
|
! open !
: : posts below
IRt i a
u; - [T O
| beams :
I |
| |
i 1
24 ft 1 1
i |
i |
i 1
' N
I i o o — D Ny S Y SR D EED D SED A Y S Gt i St A D A S e " — 4
8O ft ,Xbuilding lines
+12ft0in

low roof framing plan
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PROBLEM 17

An existing building includes one span that has six adja-
cent roof rafters showing distress. The present condition
is shown. (See fllustration for Prob. 17.) The six rafters
have failed and are sagging.

Design Criteria

* roofing and framing =9 Ibf/ft*

o ceiling dead load = 10 Ibf/ft?

s total dead load = 19 Ibf/ft?

o live load =20 Ibf/ft?

* total dead + live load = 39 Ib{/ft*
e F,=1500 psi (lumber)

e F,=95 psi

e E=1.8x 10° psi (lumber)

® use present lumber dimensions

¢ total load deflection fimited to L/180

17.1. Use the design loads given and check the bending
stress in the rafters. Assume dry condition of use, Com-
pare the computed stress to the allowable. [s the differ-
ence a probable cause of the failure?

17.2. Describe a step-by-step procedure for the repair
of the existing framing without removing the existing
roof. Assume the broken rafters have not deteriorated
and can remain in the repaired structure.

17.3. Give two possible reasons for the rafter failure.

Mustration for Prob. 17

2 X 10 rafters
scab splice

il bl et

=

PROBLEM 18

[nvestigate the glued laminated beans which have failed
and which are cotnected as shown. (See Hlustration for
Prob. 18.)

Design Criteria

® stress grade combination for beams A and B is 24F
Douglas fir-larch, glued laminated beam

® beam A is simply supported with a span of 35 ft

® reaction from beam B to connection at midpoint of
beam A = 16,000 Ibf (roof total load)

* neglect the effect of the eccentricity of beam B an
one side of beam A

® existing connection has been in place for two years
® present moisture content was measured at 9%

® job records show that beams had been exposed to
extreme wet conditions before final protection

e all bolts are 1 in diameter machine bolts

18.1. Describe briefly the probable mode of failure in
beams A and B. Show all necessary calculations that
will confirm your findings.

18.2. Draw a sketch showing a method of reinforcing
the connection. Beams must remain in place. No calcu-
lations are required.

ceiling

¥
LSS

detail A

existing rafters
2x10@ 24ino.c

\ failure

6 in sag in roof extends

for & 10 ft length
20 fi

flat roof

existing W-heams

section at roof

PPl ¢« www.ppl2pass.com
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Mustration for Prob. 18

PLI3 X 7 X 1f13in

3. :
67in 4in

o M

2zin L Woiil e

21in| 3@4in| [ AERESERE s
ey s ol LA =l (240n
-%.r!"-ﬁ'{ ' o
Y 2l W 1] el TE e
- W ~
13"1-'—- AL X 3 ™ Ly
1
/ X i
beam A Sl -1
; beam B
section
L6x4x 3 x1f3in
each side 1.
5—in
beam A

Fosard

splits following slope
of grain to glue joint

elevation

Mustration for Prob. 19

beam A

6-19

PROBLEM 19

The design for a two-span glued laminated beam instal-
lation is shown. (See fllustration for Prob. 19.) The bay
spacing is 18 ft. Loading is from floor purlins connected
across the top, spaced 8§ ft from the wall end support 1.
Lateral bracing of the bottom of cautilever beamn A is
provided at the interior column 2.

Design Criteria

¢ 24F-1.7E stress class Douglas fir-larch glulam beam
{dry use)

& floor occupancy = office with partitions

» total floor dead load = 30 Ibf/ft? (neglect weight il
glulam beam)

19.1. Investigate the design of beams A and B for
compliance with current IBC and NDS.

19.2, What changes or additions, if any, would you
require? Use Pyoag 1oad =4.3 kips, Plive 10aq = 6.8 kips

19.3. Specify the camber requirement for beam B. L=
the same loads as in Prob. 19.2.

19.4. Show the camber diagram shape appropriate for
fabrication of beam A. (No magnitudes are required.)

19.5. Draw a detail for connection of beam I tu
beam A (joint 3).

joint {hinge)

beam B

62 in x 33 in glulam

purlin loads, P

PL6 X 1 ftdin
perpendicular to

wall /I

perpendicular
10 beam

~ PL6F X 1 #10in

pilaster |

1

40 ft

|l
beam column /{"
2

9t

elevation

3k

[ ["
\ . 1,
6% in % 2B3 in glulam E\ PLE X 1 ftdin
4
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PROBLEM 20

The framing that supporis the ceiling of an existing
building is shown. It is necessary to add mechanical
equipment in the attic space above the ceiling framing.
The equipment loads are shown in elevation B.

Design Criteria

e additional framing limited to space of 5Y/2 in over top
of existing 4 x 8s

e existing 4 x 8s and ceiling joists cannot be removed
during construction

1. . .
53 in maximum available
for new framing

2xX 6@ 16i0n
detail A

4 X 8 beam
12 f1 typical

® equipment to be installed through existing skylight
in roof

e Douglas-fir no. 1 lumber (existing)
o ceiling dead load = 10 1bf/ft* (includes framing)

& assume ceiling dead plus equipment loads control
with load duration greater than 10 years (Cp=0.9)

20.1. Design a method to support the new equipment
utilizing the existing ceiling framing. Show calculations
for new or modified supporting members. Limit total
deflection of beam to L /240,

equipment loads

WLl 1000 Ibf

12 ft

4k af aft

= eeare e
e i b S P

2 X 6 @ 16in o.c. ceiling joist

L T I e T D S TR

4x8

elevation of beam B

attic space

4 X B beam

section through ceiling
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SOLUTION 1

1.1. Structural [ plywood is manufactured using an
exterior giue that gives it greater strength, stiffness,
and endurance than other grades of sheathing. Quoting
from the American Plywood Association's Engineered
Wood Construction Guide,

All-veneer APA rated sheathing exposure 1,
commonly called CDX in the trade, is frequently
mistaken as an exterior panel and erronecusly
used in applications for which it does not possess
the required resistance to weather.

The structural I plywood was probably specified for the
roof diaphragm because of its exterior rating, and

[the CDX plywood is not an acceptable substitution. |

1.2. A 24F-E15 combination of hem-fir compared to a
24F-V8 Douglas-fir will have a lower modulus of elastic-
ity about the weak axis (0.78x10° psi versus
0.83 x 10° psi), which will increase the lateral buckling
tendency. The allowable horizontal shear stress is lower,
so horizontal shear must be checked. The 24F-E15 has a
much lower allowable bending stress if the compression
zone is stressed in tension, as may be the case over the
cantilevered support. The species groups differ (per
AITC Manual Table 6.2), so connections involving
mechanical fasteners must be checked. A complete
check of the beam is necessary.

1.3. Show the required force transfers for all horizontal
and vertical ties in the lateral force resisting system.
Neglect gravity loads.

24 ft . 8t . 8ft
l‘— ,-IH __.—J—\.\
=2 kips RN @
, I\
1/ - 2 Sl .
3
. s~ s~ Ll . {\ré £
*2.5 kips i
\ ~L7 !
~ s \‘q = Bh N __//
7
7
\,-— 1 R "( [
’ \‘\ A g ™
.’ L4
— \ TSE_F\ /
Ty S =
elevation

The 2 kips in the roof diaphragm transfers to the shear
walls and collectors at the top.

_ Va2 _ 2000 Ibf _
t =g = S5 = 50 Ibf/f

The additional force transfers are keyed to the details
numbered on the preceding illustration.

First, the collector must be tied across the column to
transfer diaphragm shear distributed over the collector
length of 24 ft.

V = vl = (50 %){24 ft) = 1200 Ibf

Second, the collector to top plate of the upper shear wall

must transfer the diaphragm shear over a total length of
32 ft.

V = vila, = (50 %f) (32 ft) = 1600 Ibf

Third, tie across the second floor to connect the chord of
shear walls, to transfer the chord force in the upper
shear wall.

M, _ Vahy _ (2000 IbF)(9 ft)
L L 8 ft

Fourth, transfer V, = 2000 Ibf shear from the upper wall
into blocking plus an additional (8 ft/40 £t)(2500 1bf) =
500 1bf from the second-floor diaphragm into blocking
between the second-floor diaphragm and the top plate of
the lower shear wall.

T=C= = 2250 Ibf

L 8f
b+ ( =) vy _ 2000 b + ( = ft)(2500 Ibf)

L Bft
= 313 Ibf/ft

Fifth, tie the chords of the upper and lower walls to
transfer T=2250 Ibf; connect the second-floor collector
to the top plate of lower wall to transfer the remainder
of the shear from the second-floor diaphragm.

_ Vi 25001bf _
w == B0 _ 625 e/
V=L = (625 %) (32 £) = 2000 Ibf

Sixth, tie the collectors across the column to transfer.

V= oL = (625 %f) (24 ft) = 1500 Ibf

Seventh, tie the outside chords of the lower shear wall to
the foundation to transfer.

_ M, Valha+ k)4 Viky
T=C=g L
(2000 1b)(9 F& + 10 £t) -+ (2500 IbE)(10 )

B ft
= 7880 Ibf

Eighth, transfer V,+ V= 2000 Ibf + 2500 1bf = 4500 Ibf
of shear from the lower shear wall to the foundation
using anchor bolts,

b
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1.4. The appropriate details for the given criteria arc
as shown. Only the additional items required are listed;
other items are omitted {or clarity.

modified detail 1
{not to scale)

add wall anchors

RRRRRRRRR

add 2 x 10 blacking

modified detail 2
{not to scale)

A AL TR R A R R R LA

angle bracket balted
to framing and anchored
to masonry walls

modified detail 3
{not to scale)

add 2 % 10 blocking

add 2 x 10 ledger
anchored to masonry

modified detail 4
{not to scale)

1.5. Calculate the capacity of the designated 1 in
diameter bolt. From NDS Sec. 11.5.1, when the end
distance for parallel-to-grain loading is less than
required for a full load (i.e., 7d), the design value for
all bolts in the group must be taken as the lowest bolt
design value in the group. Assume dry use, and normal
load duration, single shear with 3'/2 in main and sec-
ondary member thickness, and no group action reduc-
tion. For the designated bolt, per NDS Table 11.5.1B
and Sec. 11.5.1,

Cy= actual end distance
minimum end distance for Cy = 1.0
_6.0in
~7.0in
=0.86
Z“ CaZ) = (0.86)(2260 Ibf) = 1940 Ibf/bolt

1.6. Comment on the given construction details (per
AITC 104).

(a) The primary problem is that the 8'/2 in gage fasten-
ers in the 6 x 14 will restrain cross-grain shrinkage and
likely cause splitting. Also, high support of the 6 x 14
may cause loss of bearing and hence overload of fasten-
ers as shrinkage occurs. A better detail—assuming load
transfer is primarily bearing rather than uplift—is the
T-plate shown in Fig. 5.3 of the AITC Manual.

PPl ¢ www.ppiZpasas.com
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(b) The location of bolts high in the beam will likely
result in loss of bearing in the beam seat. The effective
depth resisting shear, d., is 6 in. The end joint shear
capacity is
i B 3 d 2
v, =3Fede()

This would likely be too small, resulting in horizontal
shear failure at the level of the lower boit. Better details
are shown in Figs, 4.1, 4.2, and 4.3 of the A/TC Manuel,
in which the fastener is located near the bearing seat.

(c) Lack of support of the outer lams will create large
shear stresses, which will likely lead to splitting in the
glulam. Support should be provided over the full width
of the tapered cut, as shown in Fig. 2.6 of the AITC
Meanual,

TR
e - a o
‘concrate l."él 2

so 3 -

{c)

{d) The connection induces high eross-grain tension; so,
splitting failure at the level of the bolts is likely. The
best connection would be a hanger that crosses the top
of the beam and transfers force by bearing perpendicular
to the grain. If a bolted connection must be used, the
connection should be made well above the neutral axis.
Preferred types are shown in Fig. 10.1 of the
AITC Manual

(e) The new connection has the same potential problem
as in part b, with bolts located too high. An additional
potential problem is differential vertical deflection of the
new floor where it abuts the existing floor. This can be
caused by shrinkage of the new 4 x 14 if, as is generally
the case, the moisture content of the 4 x 14 is higher at
time of erection than it will be during service. Either thw
beam should Le allowed to reach its final moisture cou-
tent before the flooring is attached, or provision should
be made to compensate for the shrinkage.

1.7. For a toenail,

From NDS Sec. 11.5.4, the reduction factor, C,,, equals
0.83 for lateral loading and 0.67 for withdrawal. A slant
nail is driven at a 30° slant perpendicular rather thau
parallel to the grain (see Breyer et al.). The MDS iloes
not distinguish between toensils and slant nuils s the
same reduction factor, Cy,, applies in both cases.

1.8. From the AITC Manual, the minimum dimensions
for a clinched nail are as follows.

1.9. If the wall is long it may be practical to shift the
4 x4 post 3 in to the right to connect the post to the
anchor bolt. The connection will shorten the wall, and
therefore, it will increase the unit wall shear (pounds per
linear foot) and axial force in the boundary member. il
the increase is small, and there was some extra margin of
safety in the original design (as is frequently the (ase),
the movement would not overstress the componcuts. {I
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this is the case, two 2 x 4 studs can be used to fill the
3 in gap caused by shifting the 4 x 4. If it is not possible
to move the post, a stiffened connection angle could be
designed to handle the force transfer with the additional
3 in eccentricity.

1.10. The penetration of the nail head past the outer
ply reduces the lateral resistance of the nail to about
half of its intended value. If the same problem exists at
the top plate and sills, providing companion studs and
renailing will not solve it. Since the nailing shown is 4 in
o.c., additional nails driven into the nominal 2 in studs
might cause splitting (need 3 in or wider for spacings of
3 in or less). The only obvious solution, if the sheathing
is on only one side, is to sheath the other side to resist
one half or more of the wall shear. If this is not possible,
alternative force paths or replacement of the wall would
need to be considered.

SOLUTION 2

2.1. Compute the lateral force resisted by the center
wall using the current IBC with loading criteria from
ASCE 7.

40 ft

1
an”

12 ft shear wall

40 ft

40 ft

Bft>_I

Use method 1 from ASCE 7 Sec. 6.4 to compute wind
forces on the diaphragm. Assume that exterior walls are
11 ft tall from ground to roof level. The end zone
extends a distance of 2a, where a is defined as

(0.1 x least building dimension
= (0.1)(40 )
a< =4 ft [controls|
0.4k = (0.4)(11 ft)
=44 ft

-

From ASCE 7 Fig. 6-2, a roof with a slope of less than 5°
is classified as exposure condition C.
pm.A =228 lbf/ftz
Pawc = 15.1 Ibf/ft?
A=121

The wind forces to the diaphragm at the end region A
and at middle region C are

wy = 0.5h)\IKsz.|JU.A

= (0.5)(11 ft)(l.21)(l.0)(1.0)(‘22.8 l—‘ﬁ)

= 152 Ibf/ft
we = O.ShAIKztpﬁulc

Ibf
= (0.5)(L1 &)(1.21)(1.0)(1.0)(15.1 ft—?)
~ 100 Ibf/ft

W, = 152 Ibfift

W, = 100 Ibi/kt

2a=8Hk 3z 40 #

Calculate the dizphragm shear to the left of the wall's
midpaint, B.
S Ma=((wa - uc)2a) a+ (weL)(05L) - Vasenl =0

(wp — we)2a? + 0.5wg L?
VB e = 7

(152 bf_ 100 M) (2)(4 tt)?

f
+(05)(100 M) (40 ft)?

40 ft

= 2042 1bf
The shear to the right of B is

ZMC = —(wCL)(0.5L) + VB.righLL =0
0.5100L2
L

Vﬂ.ﬁgth = = O.SWCL

= (0.5)(100 "’f)(40 i)
= 2000 Ibf
Thus, the total wind force to the middle wall is
Vew= Vi + VB‘rishg = 2042 1bf 4 2000 Ibf
= 4042 1bf

For seismic loading in the longitudinal direction, the
seismic dead load to the diaphragm, per foot, is
W= 2wWya{0.5h) + Wroer B

= (2)(20 M) (05)(11 &) + (15 M) (40 £)

= 820 Ibf/ft
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From ASCE Eq. 12.8-7, the approximate period is

Te = ChE = (0.02)(11 )™ =0.12 sec

For this short period, ASCE Eq. 12.8-1 controls the
seismic base shear.

C, = % = 06% = 0.07 |design level|
fi 1.0

The seismic force to the diaphiragm on a working load
basis is

wg = 0.7C,w = (0.7)(0.07) (820 %) = 40 Ibf/ft

The seismic shear transferred to the middle wall is

Vag=wsl= (40 "%)(40 ft) = 1600 Ibf [< Vgw]

Va= Vpw = 4042 Ibf

Thus, wind controls lateral force on the middle wall.

2.2. Determine the nailing required to transfer the
shear from the roof diaphragm to the center shear wall.
The diaphragm shear to the top plate is transferred in
part through the connection of the collector {see Sol. 2.3)
and from the plywood-to-blocking-to-plate by toenails,
which must transfer 4042 Ibf/40 ft = 101 Ibf/ft. Use 8d
nails with joists spaced at 2 ft on centers.

{2 f1)(101 IbW/ft) = 202 ibf
—

- |1 I rd
LY i

For 8d common nails loaded laterally in Douglas fir-
larch framing (NDS Table 11N), with adjustment for
toenails (Cin =0.83) and load duration (Cp=1.6) and 2
projected penetration of greater than 104,

- 3 I
Z'= CunCpZ = (0.83)(1.6) (97 mﬂ)
= 129 Ibf/nail

nzg—,=@g-ll—bh%= 1.6 nails
129 —
nail

IBC Table 2304.9.1 requires a minimum of three 8d
common toenails to fasten the blocking to the top plate.

Use 3 x 8d (toenails) for each 2 x 10 blocking over

the center wall.

2.3. Design the connection of the collector at point A.
Assume a 2 ft lap length between the 6 x 10 beam and

the top plates (total length = 14 ft). The shear force
transferred is

1%
P= (-Bﬂ)b =(4(314{?f:.bf)(12 ft+2 ft) = 1414 1bf
The force is eccentric to the top plate by a distance
equal to the depth of the nominal 10 in beam. Assuming
an effective span of L3 ft and neglecting dead weight, the
uplift force experienced by the connection can be found
from the equation

D Mea=Pd-WL=0
Pd _ (1414 1bf)(9.25 in)
W= T = in
(13 ft)(l2 E)

Tty "/ts in diameter lag screws laterally loaded parallel
to grain in Douglas fir-larch. Assume a group factor of
Cy=0.95 {conservative for five or fewer screws), a load
duration of Cp= 1.6, and adequate penetration into the
main member. From NDS Table 11J,

=84 Ibf

Z'= C,CoZ) = (0.95)(1.6)(310 E%%)

= 471 Ibf/screw
1414 Ibf

471 1bf
screw

n> g = = 3.0 screws

The reference withdrawal value for a /16 in lag screw in
Douglas fir-larch per inch of penetration is 342 Ibf/in
(NDS Table 112A). Thus, compared to the uplift foree:
of 84 Ibf shared by the three lag screws, the withdrawal
effect is negligible and it is not necessary to check com-
bined lateral and withdrawal forces (NDS Eq. 11.4-1).
Provide a minimum end distance of 74 =(7E)(z7/16 in) -
3.0 in and a minimum spacing of 3 in o.c.

Use three {% in diameter x 6 in lag screws to connect
the top plates to the collector.

plywood diaphragm
{nail to transfer
146 (bffft!2 = 73 Iblfft each side}

J 6 X 10 -
-

4-Lindia, X 6in |
lag bolts | !

4lin 3sp@3in |

2
{min.) 5 :
45in {min.)

detail-connaction at A
{not to scale}

PRI = w\nw.pplz.p,l,-s,..w
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2.4. Design to transfer the force at the cut top plate
(point X).

=,

@ i 2830 Ibf
!

e

‘s

1bf
P=ybs= (101 = )(28 ft) = 2830 Ibf
The more direct path for force transfer is above the
duct. However, at this stage of construction framing
over the duct is probably difficult; therefore, transfer
the 2830 Ibf (reversible) force into the shear wall
beneath the duct. The proposed scheme is as follows.

re: detail 2

1T Frerdetail 1 = g:::__f" 2830 Ibf

bty oo =t — — — ——
T arn T
TR k= 2
S Ismirminml = Ml
AR EIENREE
': :I ll " !'4 IS ] B TR T

2830 Ibf

The duct extends 9.75 in below the bottom of the top
plates. Install 2 x 12 blocking beneath the top plate of
the 2 % 6 stud wall 16 ft long (effectively 14 ft long with
the cutout for the duct). Install a new 2 x 6 beneath the
blocking face nailed into the blocking. Thus, each 2 ft
long blocking piece must resist a shear force of

_Ps_ (2830 bR &) _
=2 =R 404 16

Nominal shear stress in the blocking is

preyre 404 Ibf
Y bs (1.5in)(24 in - 2.5 in)

= 13 psi
F,=CoF, = (16)(180 ) = 288 psi [>/,]

404 Ibf
———

A b

.
404 Ibf

Toenail the top and sides of the blocking with 8d com-
mon nails. 2’ = 129 Ibf/nail (from Sol. 3.2).

Y Miep=Fd— Vs =0
Fd _ {404 Ibf)(11.25 in)

V= 7 22.5 in = 202 Ibf
Ny > —29—2—-11-%% = 1.6 nails
129 —
nail

Use two 8d nails on cach side face of the blocking into
the studs.

404 ibf

129 1ot

nail

ny > = 3.1 nails

Use four 8d nails between the blocking and the top
plates. Add a 2 x G block beneath each 2 x 12 face nailed
with 8d nails.

= - 1Y _ 5 ‘
Z'= CoZy = (1.6)(97 na“) = 155 Ibf/nail
n2£;=M=2.6 nails
Z' 55 1oL
nail

Continue the 2 x § blocking beneath the duct and into
the shear wall at the same elevation. This blocking must
extend far enough across the shear wall to transfer the
force P=2830 Ibf. If the same nail pattern used is
the same as for the shear wall boundary, the required
length is

L= (%) = (%:)(12 ft) = 8.4 ft

The 2 x 6 block transfers force in compression only.

P
£ A B825in?

Provide a steel rod to resist the 2830 Ibf tensile force.
Drill through the center of the studs as close to the new
2x6 as practicable. For an ASTM A36 rod with
threaded ends, AISC Table J3.2 gives the nominal ten-
sile strength as 0.75F,, which is converted to working
stress by the factor ! = 2.0. Thus,

=343 psi [< F., =625 psi, so OK|

PQ _ (2.83 kips)(2.0)

™= GI5F, '
0.15F 9 75) (58 k'—pf)
i

A =0.13 in®

= 0.25n0?

_ f0.13in? _ . :
D= 0.%5n = 0.41 in {say 0.5 in]

Use a Y2 in diameter rod and try a 2 in diameter plate
washer.

foBm P
LT A7 0.25n(D2 - DY)

_ 2830 Ibf
0.25n((2 in)® — (0.625 in)2)

= 1000 psi
Fiy = CFer = (1.19)(650

=775 psi [not OK]

P _ 2830 Ibf .

Arq = = =4.35 in
For g5 ot
in

lbf)

in?
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Use 3 in wide (9 in%) plate washers with the Y2 in
diameter rod. In addition to the force transfer, there is
a moment created by the 2 ft lever arm between the two
forces to transfer into the wall. One possibility is to use
the header over the corridor opening to produce a coun-
teracting couple.

shear panel designed for
v = 2830 Ibf/6 it = 472 Ibl/ft

2830 Ibi _
A i W N e
____‘-I __u _&:l 7 Bt
B B e e s
2830 ibf ] ) i1 il g+
o (1l )1 i
M S £ SN SO
V* header|- :*
LR B R N I I I V
! |
a8ft

For example, assuming an 8 ft corridor width, the shear
in the header needed to counteract the couple is

> Mg =Pd-VL=0

_ Pd _ {2830 1bf)(2 ft)
T L 8 &
=708 lbf |[reversible}

U i

7 A

\ same nail pattern
N as boundary

v

2 X blocking {same
width as wall}

plywood
in dia. steel rad (ASTM A36)
PLZ X 3 X O ft 3 in {washer)

M-

detail - [
{not to scale}

Y e 2 x 10 blocking
p [~ {typical)
2-8d l
sides — 3
: S e B g 7 in dia. steel rod

(I 3—8d) \I

2 X 6 blocking (typical)

detail - Il
{not ta scale)

This force can be transferred into the adjacent chord of
the shear wall using bearing blocks above and below the
header and in combination with the lateral forces gives
the same overturning moment as would exist if the
original top plates had not been cut. However, the equal
and opposite shear at the opposite end of the header
would have to be investigated and the column support
ing the header might require supplementary tie-down
anchorage if the gravity loads are not sufficient to conn-
ter the uplift. Since the span of the 2 x 10 joists is not
given, this check will be omitted.

SOLUTION 3

3.1. Design the floor joist using no. 1 Douglas fir-Lurch
{north). Take the allowable stresses for visually graded
dimension lumber no. 1/no. 2 (NDS Table 4A).

Fy = 850 psi
F, =180 psi
Fey =625 psi

E = 1,600,000 psi
Estimate the dead loads.

wp = 34 in plywood + floor finish + ceiling
+ partitions + joists

Ibf , . bf, | Ibf, o Ibf  , fbl
=3+l i+l 48 k2

f2 ft2 ft2
1bE .
=15 =
3 2 [to joists|

The live load (residentiat) from ASCE 7 Table 4-1, wy,
equals 40 1bf/ft?.

Try joists spaced at 12 in on center. The influence area
for a joist, K . AT, is less than 400 ft?; therefore, no
reduction in live load is permitted for the joist.

bt

w= (wp +w)s = (15 2

= 55 Ibf/ft

Ib
10 25)(1 )

Assume the size factor, Cp, is 1.0. For joists spaced 12 in
on center, the repetitive use factor, C,, is 1.15. For this
application, all other adjustment factors are equal to
one and the adjusted allowable bending stress is

Fy= C,Fy = (1.15) (850 1) = 978 psi

in?/

| L]
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The section modulus required to resist bending is

lbf

Moae = 0.1250L° = (0.125)(55 =

)(17 ft)?
= 1987 ft-Ibf

87 fi-lbf) (12 1B
Mma.x — (19 )(12 ft.)

=243 in*
Fy g7g 1of
n

Sn.-q =

Limit the live load
(E'= E=1,600,000 psi.)

deflection to  L/360.

A = 0.013w, L* L
: E'leq ~ 360

= (0.013)360w, L

Teq — E.,

(0 013)(360)(40 M)(17 fc)-"(lz i—“)2
i ft ft

1,600,000 2k
mn

=83 in?

Therefore, try 2 x 12 (per NDS Table 1B, S=31.6 in®
and =178 in*). Assume the size factor is 1. Check
shear.

V= w(05L—d)= (55 %‘) (0.5)(17 fr) - LL23.0n
1 In
fo

= 416 Ibf

15V (L.5)(416 Ibf)
fo=4a = (1.5 in){11.25 in)

=37 psi [« F, =180 psi|

Checl bearing length, M.

R=0.5uwL = (0.5) (55 %)(17 ft) = 468 Ibf
R _ 468 Ibf .
= — < =
fu =N = s mn S Fer =625 psi
N>05in

Any reasonably sized joist seat or ledger will provide
this length of bearing.

| Therefore, use 2 x 12 at 12 in o.c. for the joists. |

3.2. Design the girder assuming a simple span. For the
span and loading, a glulam or other type of member
might be preferable, but the problem statement implies
a solid sawn member. From NDS Table 4D, for beams
and stringers, F,=1300 psi (single member use),
F,=170 psi, F.; =625 psi, and E=1,600,000 psi for
no. 1 grade Douglas fir-larch (north).

A = (17 ££)(20 Ft) = 340 £2
K Aiv = (2)(340 £t?)

= 680 ft? [> 400 2, so reduce nve}

load on girder
Per ASCE 7 Sec. 4.8,
15
wy = L,[0.25+ ---—-—-)
‘ ( VK AT
_ b€ 15 ft
= (10 ftz) (0'25 * 7680 ft?)

= 33 Ib/t2

The load to the girder is essentially uniformly distrib-
uted. Estimate the girder weight as 25 Ib{/ft.

Ibf Ibf
WP girder = WPS + Weirder = (15 &—2)(17 ft) + 25 -f-t..-
= 280 Ibf/ft
WL giter = w0y = (33 %)(17 ft) = 561 Ibf/f
W= W girder + W girder = 280 % -+ 561 %
= 841 Ibf/f
Mase = 01250 L2 = (0.125) (841 %)(20 ft)?
= 42,000 ft-Ibf
Assume Crequals 0.95 as a trial value; thus,
” o b - i
Fy= FyCr = (1300 :)(0.95) = 1235 psi
in
M, (42000 ft-lbf)(lz E) »
S":q -~ = = 408 in
Fy 1235 B
n
0013w, L' _ L
= oem———— o —
A Eleq — 360
(0.013)360w, L*
[req = ——"'E,—
Ibf 3f1s in)?
) (0.013)(360)(561 F)(20 £t) (12 ﬂ;)
1,600,000 -2
n
= 1890 in*

Per NDS Table 1B, an 8 x 20 is adequate (§=475 in®
and I=4634 in*). Check the size factor.

Cr= (12 di“) P (1—;25‘—1“11) " os
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The assumed allowable stress is correct. Check shear.
V=uw(0.5L-4d)

Ibf

= (841 =

)| (05)(20 ft) — 1228 1n

= 7340 1bf

_ L5V _ {(L.B}{7340 Ibf)
fo="pa = (7.5 in)(19.5 in)

Check bearing length, N.

=75 psi [< F, =170 psi|

ibf
Tt

R 8410 Ibf .
= ==t <« =
N BN~ (7.5 im)N ~ Fey = 625 psi

N>18in

R=05wl = (0.5)(841 )(20 ft) = 8410 Ibf

[no problem]

Therefore, use 8 x 20 no. 1 Douglas fir-larch (north)
for the girders.

3.3. Design a wall ledger to support the joists. Try a
3 x 12 no. 1 Douglas fir-larch (north) and /s in diameter
anchor bolts. For gravity loads, the reaction from joists
spaced 12 in o.c. gives R=467 Ibf/ft of ledger length.
Provide joist hangers to support the 467 Ibf reaction
from joists. For a /s in diameter bolt bearing perpen-
dicular to the grain (per NDS Table 11E and assuming
bolts embed a minimum of 6 in into masonry or concrete
with a minimum of 2500 psi compressive strength), the
single shear capacity is 920 Ibf/bolt.

", = 1000 Ibf/bolt
The spacing of bolts is

_Z, 1000 tbf _
S—T—W—-z.l‘iﬁl
T

Check the shear stress near the end of member for a
3 x 12 ledger with the bolt supporting its maximum
capacity of 1000 Ibf.

([say 2 t 0.c]

i tV= 1000 {bf

Assume the worst case with the bolt positioned five
diameters from the end of the member. NDS Eq. 3.4-6
gives

V= §F’ubd,(%)2 = 1000 IbE

4= E/F‘,vdI _ | (1000 lbf)&jll.25 in)?
V3 (3)(170 inz)(z.s in)
= 7.6 1in

Therefore, position the /s in diameter anchor bolts at
7.6 in below the top of the ledger and space them at 2 ft
o.c. No information is given regarding the lateral loads
in this problem. However, if diaphragm shear is trans-
ferred into the top of the ledger by nails through ply-
wood, then the anchor bolts would resist the shear by
parallel-to-grain loading. Lateral forces in the other
direction (i.e., out of plane) would be resisted by ties
anchored into the reinforced masonry wall that are
designed to resist the larger of the code specified forces
(ASCE 7 Sec. 12.11, for seismic forces). An acceptable
detail is

juist hanger
wall anchor

:[7.5 in

%in dia. anchor bolt
@2ftoc,

3 X 12 ledger

masonry wall ..--/
.__Ar_

section at extarior wall
{not to scala)

SoLutioN4 .

4.1. Design the horizontal roof diaphragm using IBC
and the loading criteria from ASCE 7. To account for
wind loading on the parapets, use method 2 frum
ASCE 7 Sec. 6.5. Given V equal to 90 mph and from
ASCE 7 Table 6-4, Ky=0.85. For exposure condition C,
ASCE 7 Table 6-3 gives K, as 0.85 when z is between
0 ft and 15 ft. For the design of the main lateral force
resisting system, only external pressure coefficients are
required. For the building, L/B=40 /130 f < I;
therefore, C, is +0.8 for the windward face and —0.5
for the leeward face. The combined net pressure coeffi-
cient for the parapets, GCp,, is given in ASCE 7
Sec. 6.5.12.2.4 as +-1.5 on the windward parapet and
—1.0 for the leeward parapet. Since the tops of the
parapets and roof are less than 15 ft above grade, the

PPl & ww
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same velocity pressure, ¢., given by ASCE 7 Eq. 6-15,
applies to all elements.

quspn=0.00256 Kisr Ko K V21

(o 00256 1o )(0 85)(1.0)(0.85) (90 ) (1.0)

=15 lbf/ft“
G= =G =9=Ns~ 15 lbf/f"-2

— —élev. 14 ft
1.5quan TRl _;1“"1‘41 RYREN | 11014 0
T m ke b TR elev. 10t
0.5Ggn| o *:!"EL f‘rﬁiﬁ- Jfﬁ' ] vﬁf}ﬁ 0.5q10¢
Y b "3**‘:*?.

Assuming exterior walls span 10 ft from base to roof and
that all force on the parapets transfers to the roof dia-
phragm, the force per foot on the diaphragm due to
wind is

ww = 0-5h( Cpc,windward - Cpe.leeward)le

+ hp( chn.windward - chu Ieewud)QIs

= (05)(10 &)(0.8 - (~0.5)) (15 M)(1 £t)

+(d &)(1.5 3 (-1.0)) (15 LA TIN
= 248 TbE/It

For seismic dead load in the north-south direction,
include one-half of the weight of exterior walls and the
movable partition plus the weight of the roof and para-
pet. Express per foot of diaphragm length.

wp = 26Weonidor + LWmain roof + 2hpwpmpet
+ O-Sh(zwex!. wall + wpmitinn)
= @0 &)(12 1) + (40 £) (16 "’f)

ft2
+ (@4 f)(10 M) +(0.5)(10 £t)

(( )(20 lf't’—.f)+12 1&%
= 1220 Ibf/ft

The approximate period, from ASCE 7 Eq. 12.8-7, is

T, = Cih% = (0.02)(10 )7 = 0.11 sec

For this short period, ASCE 7 Eq. 12.8-1 controls the
seismic ba§§ shear.

Sps _ 045
C,= —f =55 = 0.07 [design level]
I 10

The seismic force to the diaphragm on a working load
basis is
1bf
wg = 0.7C,w=(0.7)0.07)(1220 2°) = 60 bi/ft

Thus, wind controls the design of the diaphragm in the
north-south direction. For the flexible diaphragm, the
critical regions are adjacent to shear walls on lines B and
C, where the diaphragm spans 80 ft. The shear per foot
at these locations is

_05w,s _ (0.5) (248 E) (80 £t)

L 40 ft

From the table provided with the problem statement, a
56 in exterior grade sheathing nailed to 2 in nominal
framing in a blocked diaphragm furnishes 250 Ibf/ft
allowable shear with 6d nails at 4 in on center on the
boundary and continuous panel edges. Blocking can be
eliminated where the shear is less than 167 1bf/ft. This
occurs in the 80 ft span at a distance of

= 248 Ibf/ft

Ibf (248 l?tf)
v= 248 T - S = 167 Ibf/ft

=13 ft [from lines B and C]

A B Cc

EEEE [TT
] Il

|
1 13k

13ft
unblocked | {min.) | _unblocked | {min.)
blocked blocked

/-Gd@dmon

boundaries and
continuous edges

'\f_ad@mn

| Q‘\-_ 2 % 4 blocking
2x12@24in

The maximum chord force is

oooooooooooo

Muax = 0.125w,,5* = (0.125) (248

= 198,400 ft-1bf

_ Mugax 198,400 fi-Ibf
SO L 40 ft
= 4960 Ibf

(80 ft)*

PPI ¢« www.ppiZpass.com
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For the chords, try 4 x 12 dimension lumber Douglas fir-
larch (A =39.4 in®). Assume % in diameter bolts with
steel side plates are used to splice the chords. For the
4 x 12 no. 1 Douglas fir-larch in tension, Crequals 1.0,
Cp equals 1.6, and all other adjustinent factors
equal 1.0

Fy= CoF: = (1.6)(800 'bf) = 1280 psi

Ap= A — bdyge = 39.4 in? - (2.5 in)(0.69 in) = 37.7 in?
T=FA, = (1280 M) (37.7 in2) = 48,300 Ibf

The chord is laterally braced about the weak axis and is
subjected to combined bending and axial compression
that should be checked at its midspan. This check is
omitted in this solution.

7d~ -

N

= =3

G-
\4x12

2-; machine bolts
PL} X 4 (each side)
Try PL'/4 x 3 each side {ASTM A36 steel). Check allow-
able tension.

An= A, — (dy +0.125 in)t
=0.75 in? — (0.625 in + 0.125 in}{0.25 in)
=0.56 in?

[ klps .9
F A, (36 )(0.75 in%)

Q, 1.67

3o 4 = 16.1 kips [controls]
Q" kips
1.0)(0.
P UA, (58 )( )(0.56 in?)
Q 2.0
\ = 16.2 kips

Check compression strength of the side plates assuming

an end spacing of 7 bolt diameters, /2 in clearance
between members, and an effective length factor for
fixed-fixed condition (k=0.65).

KL_K (14dp + clearance)
r 0.25¢
(0.65)((14)(0.625 in) + 0.5 in)
= (0.25)(0.25 in)

= 96

From AISC Table 4-22, £, /Q.=13.3 ksi.

Pu _ (g‘r)A (13 3 k"’S)(o 75 in?) = 10.0 kips

Compression in the splice plates controls strength. Fach
plate can resist 10.0 kips; thus, two plates will be more
than adequate to resist the total 10 kips. From NDS
Table 11G, with 2.5 in main member and G=0.5, each
bolt can resist

Z' = CpZ) = (1.6}(2190 1bf) = 3500 Ibf
n> g, = 4960 Ibf = 1.4 [use 2 bolts each side]
Z 1bf
3500 —
bolt

Use two 2 in diameter bolts with 3 x 1 in steel side
plates.

4.2. Design the shear wall at line B.

v = 14,880 |bf/40 ft = 372 Ibf/ft

1440 ibf

St
S

9k

{ 20 ft |

14,880 |bf

The total shear contributed by the diaphragms on either
side of line B is

Vi = (vBlek + vBrignt} L

= (124 l—a—f+248 'ﬂf)(eto f)

= 14,880 Ibf
The unit shear at the base of the 20 ft long shear wall s

Vg _ 14,880 Ibf
. Lwau 20 it L b /

Per IBC Table 2306.3, %32 in plywood siding with 10d
at 6 in o.c. furnishes 812 Ibf/ft with sheathing applied to
both faces of wall (allowable shear =406 Ibf/ft on cach
face), and including the 40% increase in tabulated capa-
cities for wind controlling (IBC Sec. 2306). Nailing into
2 in nominal studs, sills, and blocking is QK. Nuil spac-
ing on intermediate supports at 12 in o.c.
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nail boundaries with 10d @ 8in o.c. SOLUTION 5
intermediate (field} nail with
note 2 10d @ 2ino.c. 5.1. Check the adequacy of the given connection
TN ~-.hote 1 details. For the existing connection A under north-south
,'==|:'I——-T—"" / A ) lateral forces,

Pl = u
SRR NS
! ! & 1op of

+ + PR 4 4
! t t £ —+¢ i
N U % \\ ; U concrete
- ——
note 4 note 3
elevation

{not to scale)

Note 1: Connect the collector to the top plate to transfer
7440 1bi.

Nate 2: Provide blocking from the horizontal diaphragm
to the top plates to transfer 372 Ibf/ft.

Note 3: Provide anchor bolts to transfer the total base
shear of 14,880 lbf. {(For %/ in diameter bolts in a 2 in sill
plate, from NDS Table 11E, the single shear parallel to
the grain for ¢{,=1.5 in is 2’ =(1.6)(930) =1490 1bf/
bolt. This is not critical in concrete per IBC
Table 1911.2.) Therefore,

n> 14,800 Ibf

= 1bf
1490 ol

= 10 bolts

Note 4: Design the end posts and tie-down anchors to
resist the overturning moment, My = (14,880 Ibf)(9 ft) =
133,900 ft-Ibf. Neglect gravity loads.

_ Mo
T=C= Lw_.u
= Veh
" Loan
(14,800 £-IbE)(9 )
- 20 ft

= 6600 1bf

Therefore, the anchorage and end post must be designed
for 6700 Ibf.

150 |bf/ft

60 Ibfrit

| S R

30 ft

A A

(2
[=]
-

2940 |bf

1860 1bf

<4 2940 1bf

Mo = {0.5){2940 Ibf)}{19.6 ft}) = 28,812 ft-1bf

I O N

2940 1bf

v = 60 |bf/20 ft = 3 Ibf/ft
\

3
T

/

“~\
1
-ls—ﬁ'--(—-(—-q—

v = 60 Ibf/S0 ft = 1.2 Ibf/ft
1860 Ibf *
drag strut

plan

The force transfer across the connection shown in sec-
tion A-A must tie the collector for resistance to north-
south lateral forces and tie the chord for resistance to
east-west lateral forces. Since the structure is braced
entirely by light frame shear walls, the collector ele-
ments and splices are exempt from the load combina-
tions with overstrength factor {ASCE 7 Sec. 12.10.2.1).
However, the splices occur at a reentrant corner irregu-
larity as defined in ASCE 7 Table 12.3-1, horizontal
irregularity type 2, which requires that the computed
forces in collectors and their splices must be increased by
25%. Furthermore, since the splices are not designed
based on the overstrength factor, the redundancy factor
of 1.3 must be applied (ASCE 7 Sec. 12.3.4.1). For the
forces acting in the east-west direction, the force trans-
fer across the connection shown in section A-A functions

PPl &« www.ppliZ2pass.com
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to tie the diaphragm chord, where the moment essen- Taking moments about point F,
. tially is the maximum.
Mi= Felyg + 05w L}, =0
F =+1 25p(£!.'.‘;‘.“.) Z ) 2 e
. Achord = L. g _ —0.51”75 L’Ilg
Fo= ——"% = —05urs Ly,
N 28,812 ft-lbf he
= BN " tof
= (-0.5)(75 —)(20 ft)
= +2340 Ibf ft

= ~750 Ibf (750 Ibf upward]

When lateral forces act in the north-south direction, the

tie force that must transfer across the connection shown Foon=V+ Foe Fg = wmsbly, =0

in section A-A can be estimated from a free-body dia- Z vert © 1 Shg

gram of the wing above the diaphragm. Lateral seismic Fr=V+ F,—wsly

forces are distributed according to the mass distribution Ibf

of the structure rather than concentrated along one = 2940 Ibf + 750 Ibf — (75 E) (20 ft)
edge, as is typically shown for simple diaphragm analy- _

sis. For the purpose of computing the tie force, split the = 2190 Ibf  [downward]

given lateral force into distributed forces that act on

e b e As a check, applying equal and opposite forces F, and F;

to a free body of the lower portion, abedef, and taking
moments about corner d gives

75 Ibift 2. Ma= FiLt — FeLer - 0.5wgo L,
— wrs Ler(Lar — 0.5 Ler)
= (2190 1bE)(50 ft) — (750 IbE)(30 £t)
1bf 2 Ibf
(05)(60 )(30 f)? - (75 F)

i
2o x (20 £t)(50 £ ~ (0.5)(20 £))

30 Ibi/ft =0

: leHHH

Thus, the computed tie force satisfies equilibrium.
Applying the redundancy and 25% increase required

i by ASCE 7 Sec. 12.3.3.4 gives
1860

l b v * e ( e ) ( . )( 50 lbf)

30 Ibi/f Therefore, the controlling force accurs when the member
75 I/t acts as a diaphragm chord. The dimensions and applied
forces are such that the forces for the connection shown
in B-B are the same, that is, the forces are obtained by
simply interchanging the above results. Thus, the con-
] trolling force is

76 ibfrt

Fachord = Fpehorg = £2340 Ibf

2640 |bf Both connections shown must provide a tie for
+2340 1bf. Check the splice shown in section A-A. Tie
strength is furnished by six 16d nails (three on each
side) through 18-gage steel side plates. For this con-
dition, NDS Table 11P gives

Ibfy _ .
l free-body diagram of portion efgh Z'=CpZ = (16) (137 na.il) = 219 Ibf/nail
) e Ibfy
Puax = nZ' = (6 nails) (219 m) = 1314 Ib
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and needs an additional tie capacity of

Therefore, the connection in A is inadequate
2340 1bf — 1315 ibf = 1025 Ibf.

For the connection shown in B-B, there is no mechanism
to transfer the axial tension out of the 4 in beam into the
PL6 % /4 that serves as a bearing cap.

Therefore, connection B needs a tension tie to
develop the full 2340 tbf.

5.2. The following revisions are proposed.

add strap tie to
develop +1026 Ibf

——gryr g
g

= IR L e
"2 —" ‘-=" - _R e

“'-"\".M
E::u\:ﬁ_ﬂ'ﬂmﬂ

section A-A

provide 2-12 Ga straps (one each side)
to transfer a total seismic axial force
of 2340 ibf

section B-B

SOLUTION 6 i

6.1. Calculate the maximum bending stress in the
5!/5 x 30 glulam beam. Per ASCE 7 Table 4-1, take L,
as equal to 20 Ibf/ft®. Using ASCE 7 Sec. 4.9.1,
the load is reducible. The tributary area to the glulam
girder is

A, = wh = (40 £t)(40 f) = 1600 >
The roof slopes 1/2 in per 12 in; therefore, F equals 1.
R, =06 [for A, > 600 it?]
Ry =10 ffor F=1/2}

Le= RyRaLo = (06)(1.0) (20 LS

o) = 12 Ibf/ft?

Given that all dead loads are uniformly distributed, and
assuming that the given 10 1bf/ft? roof load includes the
beam weight,

_ (10 4 1o 1ot
w= (wp+ L)L = (10 23 + 12 23)(20 f)
= 440 Ibf/ft

From NDS Supplement Table lc, for the 578 x30
girder,

A= 154 in?
S = 769 in?
[ = 11,530 in*

5.125 in){30 1
Weirder = Attlyood = ( )( in) (36 @)

() v
Ibt

P=wL= (440 F) (40 ft) = 17,600 Ibf

— 38 Ibf/ft

3g by | 17600 Ibf

A 20 ft 20 A

!
|

M pax = 0125w, L +0.25PL

= (0.125)(38 % (40 ft)?

+ (0.25)(17,600 Ibf)(40 £t)
= 183,600 ft-Ibf

The maximum bending stress in the girder is

o (183,600 f-ibf) (12 %)
fim=g"= 769 in3 ={2865 psl

6.2. Check the adequacy of the glulam girder as mod-
ified by the skylight. The skylight eliminates the lateral
support to the top {compression) flange. Lateral support
is now present only at its ends and at midspan. Check
the slenderness effect (NDS Sec. 3.3.3) with [,=20 f,
Cp=1.25, normal temperature, and dry use. For a beam
laterally supported at ends and midspan and subjected
primarily to a concentrated force at midspan, the effec-
tive length of the compression flange is found from NDS
Table 3.3.3.

le = L1112, = (1.11)(20 £) (12 E) = 266 in

PPl @« www.ppli2pass.com
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Lateral buckling occurs about the weak {i.e.,, yaxis);
therefore, use Ey min.

266 1 :
R = /.[e_:i _ {266 in)(30 ;n) ey
b (5.125 in)
/54

yanin = Ey.min = 830,000 pbl

Fi,=CpFy = (1-25)(2400 :f:—ﬁ) = 3000 psi

Ibf
_ L20B) iy _ (1.20)(830,000 1)

2
Fup = 077 = 3290 psi
bE Rzg {174)2 p
g 3200 2
L — e I 1))
Fic 3000 1o
1
1+Fa£ 1+Fas 2 P
CL= br Fb: _ F;:
1.9 1.9 0.95

= 0.85

Compute the volume factor, Cy, and compare to the
stability factor, Cr. From NDS Sec. 5.3.6,

= ((2)(2) (1) " 1

_ ({21 ft\ (12 in\ /5.125 in}\ V"0
- ((40 ﬂ:) (30 in) (5.125 in))
=086 [>Cy

The stability factor controls. Therefore,

Fy= CpC1Fy = (1.25)(0.85) (2400 :';—2‘) = 2550 psi
fy=2865 psi > F, [14% overstress)

Therefore, the proposed skylight modification is
no good.

SOLUTION 7 o oot

7.1. Determine whether the proposed two 3 x 45 have
axial compression strength equivalent to that of the
original 4 x 6. Use the allowable stress design method.
Assume the given roof live load qualifies for a duration
of load factor, Cp=1.25. Per NDS Table 4A, the 4 x 6
and 3 x4 do not have the same size factor for com-
pression parallel to grain: Cp=1.05 for the 3 x 4 and

Cr=1.0 for the 4 x 6. All other adjustment Ffactors
except the stability factor are equal to 1.0.

Per NDS Sec. 15.3, for the built-up column, assume the
most [avorable case, which is the two 3 x 45 bolted in
accordance with NDS Sec. 15.3.4. For this case, the
stability factor will be computed for an equivalent solid
section and reduced by the factor K;=0.75 to account
for diminished shear transfer in the built-up metuber.
For stud-grade Douglas fir-larch,

F .= B50 psi
Emi“ = 510,000 pSl
For the 4 x 6 in the original plans,
A =19.25 in’

The 4 x6 column is braced about its weak axis and
unsupported over 9 ft about the strong axis.

in
I—’:—-—-------(g &)(12 E) = 19.6
d= " 55m :
Fy= CoCrF. = (1.25)(1.0) 850 %5) ~ 1063 psi
E'. = Emin = 510,000 psi

From NDS Sec. 3.7.1, with ¢=0.8 for sawn lumber,

osoom,  (0.822)(510000 1)
Fp== P = 5 LD 1090 psi
(5) (19.6)
d
o 1000 2
ek _ - _
o b= M08
1063
n
Fee Fee\? Fu
G—HF; L+ T
F= 2c 2c [
_14+103 (1+1.03 ? 103
(2)(0.8) (2)(0.8) 0.8
=0.70

F.= CpCpCrF. = (0.70)(1.25)(1.0) (850 i:—g)

=744 psi

P=rA= (144 %)(19.25 in?) = 14,300 Ibf

Ppaz, = 3600 Ibf + 2400 Lbf
= 6000 Ibf [P> Pp,y,, so OK]

PPIL www.gnlz.nw-ﬁm L
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[Therefore, the original 4 x 6 is adequate. |

Check the proposed two 3 x 4 substitution.

A=2bd = (2)(2.5in)(3.5 in) = 17.5 in®

The area of the built-up column is about 30% that of the
4 x 6. Check bearing perpendicular to grain on the sill
plate and beam above.

_ Pore. _ 6000 IbE
LT 4 17.5 in?
=343 psi  [< F.L =625 psi, so QK|

The equivalent depth about the strong axis is
(2)(2.5 in)=5.0 in, which is smaller than the cor-
responding depth of the 4 x 6 and which results in a
larger slenderness ratio. NDS Sec. 15.3 requires a further
reduction in the stability factor by an adjustment of
K;=0.75 for a properly bolted built-up member. Thus,

L &)(12 %)
d  5.0in
F'= CpCrF. = (1.25)([.05)(850
El .. = Eqin = 510,000 psi

= 21.6

Ibfy .
Eﬁ) = 1116 psi

Per NDS Sec. 3.7.1, with ¢=0.8 for sawn lumber,

tbf
08228 (0.822) (510,000 =) .
cE= 7 = = = 899 psi
(I_c) (21.6)
d
Ibf
Lo - P _ 0.81
Fo e
1n
1+E | (14 Fe\? Fe
Cp=K F‘ - Ff-‘ _ Fc
P=a 2¢ 2¢ c
— (o7s) | 1081 _ (1 +0.81\" _0.81
T (2)(08) @)(08)) " 08
= 0.46
F,, = CpCpCrF. = (0.46)(1.25)(1.05) 850 :f;_g)
= 513 psi
P=F.A= (513 %)(17.5 in2)

=8980 Ibf [P> Ppyc,=6000 Ibf, so QK]

The proposed substitution significantly reduces the col-
umn’s axial compression strength (8980 Ibf versus
14,300 Ibf}; however, the compression strength is ade-
quate for the given axial loads.

[ The change should be approved. |

SOLUTION B8

B8.1. Design beam B2. Per ASCE 7 Sec. 4.9, for a flat
roof, Ry = 1.0. For member CD,

A, = Ls = (36 ft)(16 ft) = 576 ft?
For 200 ft? <= A, < 600 ft?,
ol 1o (0.001 )
Ry =12—00014, = 1.2 (——l - )(576 ft2)

= 0.624
Le= LR Ry = (20 21)(0.624)(1.0)
= 12.5 Ibf/f?

Estimate the member weight as 50 Ibf/ft for beam B2.

wep = WpS + Wheam + WL

_ (20 ot Ibf , (1.5 1bf
= (20 ftz)(16 fe) +50 2=+ (125 ftz)(16 )
= 570 1bf/ft

Beam B2 has full lateral support. Take Cp=1.25 (roof
live) and estimate the volume factor, Cy = 0.85.

Fy= CoCv Fy = (1.25)(0.85) (2400 ::—5) = 2550 psi

M e = 0.125cp Lp, = (0.125) (570 M) (36 £)?

fe
= 92,340 ft-Ibf
M. (92340 ft-lbf)(u iﬁ)

_ R
Fy 2550 1of
1

5> = 435 in®

Try 5'/s x 22.5 in (§=432 in®, I=4865 in*). Check the
assumed Fj.

ov=(E)(E ()" <10

-(@BHEEE)"

=0.89

Fy= CoCyF, = (1.25)(0.89) (2400 :—g) = 2670 psi
Mo, (92390 b)) (12 %)

= X _ = 1
Check the deflection between the hinge points. Per IBC
Table 1604.3, the limit is Ay = L/360. Ay, <L/240 for
plastered ceilings; however, footnote d permits using the
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deflection from 0.50+4 L in lieu of the deflection from
the total load.

wec = wes = (125 M)(lﬁ 0 ft) = 200 Ibf/ft

F' = E = 1,800,000 psi

in
360 360 ’

0.0[311.!30 ["480
h="Fr

G 013)(200 Ibf)(36 ft)* ( ’f")sl

(1,800,000 "1)(4365 4
=0.86 in [< L/360, so OK]

wosos = (0.5)((20 25)(16 ) + 50 ) + 200 1L

it R
= 385 Ibf/ft
(36 ft) (12 12
i:——-—-—( i) =18 in
0 340
ibf
385 WDt
By = (M)AL = lf;f (0.86 in)
We 200 &=
t

=166 in [< L/240, so OK]

Check the assumed weight (36 Ibf/Et*).

125 in)(22.5 i
Gream = bdUiwond = (5.125 m).(2225 in) (36 g)
()
ft
=20 Ibf/ft [<50 Ibf/ft, so OK]
Check shear.
V= Vop - wecd = 10,260 ibf ~ (570 M) @ )
= 9120 Ibf
15V (L.5)}{9120 Ibf) _ .
fo=T3d = G.am my@as im) - 19 PS
F,= CpF, = (1.25)(265 M) =331 psi [>f))

Therefore, | use 5} x 22§ for beam B2.|

8.2. Design the cantilevered member Bl. For mem-
ber ABC, the tributary area is

Ay = Ls = (60 ft)(16 ft) = 960 ft?
For 4, > 600 ft?,

R =06

Le= LRy = (20 2
Per ASCE 7 Table 4.1, footnote h, the reduced live loads
must be applied to adjacent and to alternate spans to

produce the most unfavorable effects.

) 0.6)(1.0) = (2 Ibf/f2

Weo

A Leo lr
Veo Voc

Wapg Wac j ‘ VDC

lr Lan AN

Estimate the member weight as 100 lbi/ft for beam B1.
The maximum positive bending occurs with the dead
load only on span B to D.

WaAp = WPS + Wheam + WES

= (20 M)(16 ft) + 100 ‘?f + (12 M)(ls k)
— 612 IbE/t
wee = DS + Wheam = {20 M)(16 ) + 100 %
— 420 Ibf /¢
weD = WpS + Uneam = (20 M)(16 ) + 50 lfbtf
= 370 Ibf/ft
Ib

Vep = 0.5wep Lap = (0. 5)(370 —) (36 ft) = 6660 Ibf

3 Ma= RyLps - 0.5wapLip — wac Lac(Lac — 0.5Lsc)

— VepLac =0
0.5wsB LzAB + wpcLpc(Lac — 0.5Lac)
+ Veok
RB = CD&AC A
AB
Ibf
(0. 5)(612 F)(60 )2 + (420 (7 &)
x (67 & - (0.5)(7 ft) ) -+ (6660 IbE)(67 ft)
= 60 fo
= 28,900 1bf

PPL o w'.F-M
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Y. Fy=Ra+ Ra — waaLas — wecLac — Vep =0

Ry = wasLap + wecLlnc + Vop — Rp
(o121t It
= (6[‘2 2 )(60 ft) + (420 - )(7 ft)

+ 6660 Ibf — 28,900 1bf
= 17,420 1bf

Maximum positive bending moment occurs where shear
is zero.

Vo RA — WABT = 0 Ibf
Ry _ 17,420 Ibf

z=—A = = 28.46 ft
wap  gp 1of

ft
M* = 0.5Rsz = (0.5)(17.420 Ibf)(28.46 ft)

= 247,900 fc-1bf

The distance from the left support to the point of inflec-
tion for this loading condition is 2z=(2)(28.46 ft)=
57 it. The critical negative moment and maximum shear
occur with the live load on both spans.

wpe = wap = 612 Ibf/ft

Wep = TJ'JDS+ Wheam + WL

_ (90 1bf Ibf Ibf
- (20 &2)(16 ft) +50 =+ (12.5 &2)(16 ft)
= 570 Ibf/t

Vep= 0.5ucp Lo = (0.5)(570 %‘) (36 £t) = 10,260 Ibf

ZM*‘ = Rplag — 0.5wABLic =~ Veplac =0

_ 0.5wanlic + VeplLac

R =
e Lap
(0.5)(612 %‘) (67 £t)? + (10,260 Ibf)(67 £)
- 60 ft
= 34,350 Ibf

Y F,=Ra+ Rg —wapLlac— Vop =0
Rao=1waglac+ Voo — Rp
= (612 %) (67 £t) + 10,260 1bf — 34,350 Ibf
= 16,910 Ibf

Maximum negative bending moment occurs over the
support.

M-, = Voplac +0.5wec Ly
= (10,260 IbE)(7 £t) + (0.5) (612 1_3_[) (7 &)°
— 86,800 ft-Ibf

There are two flexural checks: First, with =0 ft,
M} =247900 ft-Ibf; second, with L=7 & (and
L.=(1.87)(7 ft) = 13.09 ft), M . = 86,800 ft-ibf. Select
a trial section based on the positive moment and £

approximated as 2200 psi.

Mr (247,900 ft-lbf)(lQ ’f_")
S > max _ o t = 1352 inu
2200 =
mn

x

Try 631 x 36 in {S= 1458 in®, [=26,240 in'). The ten-
sion region extends from the end support to the point of
inflection, but it is conservative and practically correct
to use the full span length, 60 ft, to compute the volume

factor.
o= () () E) " <10

; : /10
-(GREDGEED)

=0.78

Fy= CoCvFy = (1.26)(0.78) (2400 ::—E)

= 2340 psi
in
[ M (247,900 ft-lbf)(12 E)
S 1458 in3
= 2040 psi [< Fy

Check the overhang. For a cantilever with [,/d=
84 in/36 in=2.3, and primarily loaded by a concen-
trated force at its unsupported end, NDS Table 3.3.3
gives {,= 187, = (1.87)(84 in) = 157 in.

(157 in)(36 in) 22001

.d
R [eC
TV (6.75 in)?

E’y.min = E} min = 830,000 psi

Fi,= CoFy = (1.25)(2400 21) = 3000 psi

in?

Ibf
L20E) y _ (120) (330,000 27
Ry (11.1)?

Ibf
Fog %05 2.69
Fi. 3000 f

in?

bE = = 8080 psi
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1+ Loe L4 e ’ F‘:E
C = Fb! - th Fb:
2 1.9 1.9 0.95

_1+2.69_\/1+2.692_w_
T19 ( 1.9 ) 0.5 = 097

The tension region for negative bending is the length of
overhang plus distance from support to point of
inflection.

L=Lgc+Llpp=70+30t=101Mt

G- (@) <10

- (BHEDeEE)"

= 0.94

[« Cy, so Cy controls|

A 24F-1.8E stress class glulam for a simple beam layout
has an allowable bending stress of 1450 psi when the
norral compression region is stressed in tension. On this
basis,

Fy = CoCyFy = (1.25)(0.94) 1450 lﬂf)
= 1700 psi
M- (86,800 fe-bf) (12 ‘&'l)
h==g = 1458 ind
=Tl psi <P

Therefore, bending is OK at the overhang. On span AB
{simple span condition), check deflection with live load
only.

was = wes = (120 M)(m 0 ft) = 192 Ibf/Fe

E = E = 1,800,000 psi
A= 0.013wpcLic
Er
ibf
3 (0.013)(192 —)(60 f)° ( ﬂ:)
(1,800,000 "’f) (26,244 in*)
=1.18 in

. Gom)(12 ‘-f'E‘)
gﬁ—O_T—ZO m [>AL|SOOK]

The total load deftection is affected by the dead load
bending moment at the support.

Mp =0.5wpcLic + Veplac
Ibf
= (0. 5)(429 —)(7 ft)® + (6660 Ibf)(7 ft)
= 57,100 ft-lbf
The total load deflection is found by superposition of
the deflections caused by uniform total load minus the

upward deflection caused by negative bending over
the support, which can be approximated at midspun.

Wap = WpHS + Wyeam + WLS

= (20 M)(lﬁ ) +

= 612 Ibf/ft

Ibf , () Ibf
100 24 (12”)(1“)

0013waplip  Maalip
ET 16E1

(0.013)(612 "’f)(eo f)* (12 ‘f—“)a

(1,800,000 'bf) (26,244 int)

Aty =

(57,100 1bf)(60 &)2(12 i—“-)2

i
“’f)(zs 244 in)

T )(1 800,000
=317} in

(60 &)(12 %)

A Sl T

{
740 ) [< A, not OK]

Therefore, the beam needs to be stiffened.

(3.73 in)(26,244 in?)

> At Firiat _
3.0in

> = 32,630 in*
1= Astiowable

Select 6%4 x 39 in (I=33,370 in*). Check the assumed
weight (36 1bf/ft%),

_ _|6.75in|{ 39in ibi
Woeam = bdttvong = 1o D 1o in (36 ft“)
f .

= 66 IbE/ft  [< 100 Ibf/ft, therefore OK]

_-w
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Check shear. Maximumn shear occurs adjacent to sup-
port B for load case B above.

Vanx = Ra = wacLas = 16910 bt - (612 -‘%)(so ft)
~ 19,810 Ibf
V = Voux — wapd = 19,810 Ibf — (612 %) (3.25 ft)
~ 17,820 Ibf

_ 15V _ (1.5)(17,820 Ibf)
fo=4g = (6.75 in){39.0 in)

F,= CoF, = (1.25)(265 ::—g) =331 psi [>f,, so OK|

= 102 psi

ﬁherefore, use 63 x 39 for beam Bl.l

At this stage, it would be reasonable to revise the design
of beam B2 to match the 6.75 in width of beam Bl in
order to simplify the connection at the splice. This
requires a 6%1 x 22'/2, which furnishes f,=6407 in*
and §;= 569 in’.

8.3. Compute the required camber for beam Bl. Per
AITC Manual Table 5.9, the recommended camber is
1.5A,.

wap = WpS + Wheam + WLS
_ Ibf Ibf
= (zo ft2)(16 fe) +66 -
= 386 Ibf/ft

Ay o 2:013WAB Lin  Msalia
oI 16E'T

(0.013) (386 M) (60 ) (12 %)J

ft

Ibf . 4
(1.800,000 ilrl2)(33,370 in%)

L2
2 mn
(57,100 1bf)(60 f) (12 E)
(16) (1,800,000 '—t%) (33,370 in?)

in
=18in

Therefore, the camber for beam B2 is (1.5)(1.8 in)=
[2.71n (2.75 in).]

SOLUTION S = .

9.1. Design the joists spaced at 16 in on center. Try a
2x10 no. 1 Douglas fir-larch (north). From NDS
Table 4A, F,=1150 psi, F,=180 psi, and E=
1,800,000 psi. For normal load duration, Cp=1.0. From
Table 4A, the repetitive use factor is C,=1.15 and the
size factor for flexure is Cp=1.1. Members are exposed
to weather and CpF,=(1.1)(1150 psi) > 1150 psi;

therefore, from Table 4A, the wet service factors are
Chy=0.85 (for flexure}, 0.97 (shear), 0.67 {compression
perpendicular to grain), and 0.9 (modulus of elasticity).
Thus,

F'g. = CDCMCFCer
o 1bf
= (1.0)(0.85)(1.1)(1.15)(1150 il12)
= 1237 psi

The tributary area to the joists is less than 200 ft?;
therefore, no reduction in live loads is permitted.

Ibf Ibf

w=(wp +u)s = (100 w7 +20 &—2)(1.33 ft)

= 160 Ibf/ft
Moax = 0.125wL? = (0.1‘25)(160 %)(10 ft)?
= 2000 ft-1bf
in
o Mo _ (2000 ft-lbf)(l2 E)
] 21.4 in?

=1120 psi [< F))

Check shear (reduce to d=0.83 ft from support).

Lo=L-2d~10 ft - (2)(0.83 ft) = 8.3 ft
V=05uL. = (0.5)(160 1?{)(8.34 ft) = 667 Ibf

_ 15V _ (L.5)(6671bf)
fu= bd ~ (1.5in)(9.25 in)

72 psi

o p Ibf
F,=CuF, = (097)(180 ;)
=1746 psi [f,<F,, 50 OK]|

Therefore, OK in shear. Limit the live load deflection to
L/360.

w= wgs = (100 ‘f‘t’—f)(l.ss ft) = 133 Ibf/kt

B' = CuE = (0.9)(1,800,000 :‘;—5) — 1,620,000 psi

4
- o.og}uL
_(0o13) (133 %’t—f)(lo i) (12 ‘R‘E ?
(1,620,000 ::—.f) (98.9 int)
- 0.19in
%= % —033in [>Ay, so OK]




by e

T
| S — |

e s

TIMBER DESIGN

6-41

Serviceability is OK. Check bearing length required at
Supports.

R=0.5uL = (0.5)(160 'F—f)(lo ft) = 800 Ibf
= CuFey = (0.67)(625 1'3!) = 419 psi
R____ 800 Ibf

N2Fs (419 lbf)(l 5 in

Therefore, use 2 x 10 (§ = 2t.4in%, 7 = 98.9 in')
with a minimum 1.5 in bearing.

=13in {say 1.5 in|

9.2. Compute the shear that must transfer between the
two cantilevered beams at their intersection.

To simplify the representation, develop the two canti-
levered beams into a planar idealization.

|_to# | won | 1ok | 1on

The influence line {qualitative sketch) for maximum
shear at C is

—————
- -

=
-
-

Thus, to produce maximum shear transfer, apply live
and dead load on spans BC and DE, and apply the dead
load only on span AB The tributary area, 4, is
(10 f)(10 ft) =100 ft% Kyod,=(1)(100 &%) < 400 &2
therefore, no live load reduction is allowed (ASCE 7
Sec. 4.8.1). The dead load reaction from the joists on
span AB is

w=0.5uwpL = (0. 5)(20 (10 ft) = 100 Ibf/ft

Joists span parallel to CD; therefore, the load on mem-
ber CD is zero. For spans, the comnbined dead and live
load is

w=0.5(wp + w,)L

= 05)(20 25 b\ 100 lbf)(m ft)

= 600 Ibf/ft
600 Iblift 600 Ibf/Ht
100 Ibf/Ht
o ¥
A 2 _{D"] S ez -

El = constant

The structure is statically indeterminate to one degree.
Treat the shear between the two cantilever tips as
unknown, and use the consistent displacement method
to solve for the shear. Release the connection at point C,
fetting [Dyg equal the relative deflection between tips of
the cantilevers caused by the applied forces. The deflec-
tion at the tip is

Using the deflection equations for cases 24, 25, and 27
from the AISC Table 3-23, and expressing in terms of
a=L=10 ft, the relative deflection between the
released tips is

wac(6a') + wac(7a?) + wpea?
24E]
(100 lb-f) (6)(10 &)* + (500 M)(?)

x (10 ft)* + (600 M)(10 £t)*

24E1
ft3-Ibf

qu=

_ 1.958333 x 10°
EI

Apply & unit shear at C in the released structure.

o —

i, 7
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The relative displacement between the tips is found
using case 26 from the AISC Manual, with P=1 1bf
and a= L=10 fi.

: 3
. 2(P_é4§a[_)) - ((1 Ibr)((;g?o ft) )

_ 1333.33
- El

For consistent displacement,

fe*-1bf (per Ibf)

DlQ + VCf“ =0 ft:,-lbf
—1.958333 x 10°
Vo= —Dio _ El

Fr 133333 .3
i ft*-1bf (per lbf)

= —1470 Ibf

ft3-1bf

Therefore, the required shear transfer is
Ve =|1.47 kips

9.3. Design the glulam beams for appropriate strength
and deflection limits. Critical bending moment occurs at
support B with dead load plus live load on spans AB
and BC, and with dead load only on span DE.

600 Ibf/ft
100 1bfift
i Y O
“““““ - \\\ -—--.__‘—,-—' “
10 &t 10 ft 10 ft 10
A B c D E

As in Sol. 9.2, release shear at joint C, and use the
equations from AISC Table 3-23.

wac(6a?) + wpga'
94E1
lb ) Ib
. (600 —&—f) (6)(10 £)* + (100 )(10 £t)*
24ET
ft3-1bf

Dig=

_ 1,541,666.7
- EI

Thus, for consistent displacement,

Dig + Vefyy = 0 #3-1bE

—_DQ —1,541,666.7 f_1bE
Vo= EI
fu = 1333. 1333.33

3
=22 f-IbE (per 1bf)

= —1156 Ibf

Thus,

M}_] = 0.5wa: ] V._r-a

= (0.5)(600 M)(w &)?

= 18,440 ft-Ibf

— (1156 I1bf)(10 ft)

Per NDS Table 5.3.1, for bending under normal load
duration, the smaller of C;, and Cy applies in combina-
tion with a wet service factor that is 0.8 for bending and
0.833 for Eiiny (NDS Table 5A}. Compute a trial size
assuming an adjusted bending stress of

F, = (0.8)(0.9)(2400 psi) = 1730 psi

(18,440 ft-lbf)(lz %)

1730 E’—f

=128 in®

M
Steial = o

Try a 3%2 x 15 glulam (S;= 131 in®, [;=984 in"). For a
uniformly loasded, cantilevered 10 ft span, NDS Table
3.3.3 gives

[, 120in _
d=Tsm o BT
l.=09,+3d = (0.9){120 in} + (3)(15 in) = 153 in

(153 ln)(15 in)
e _\/_ V (351n =187

B, in = Cnt Eymia = (0.833)(830,000 '—""’—f)
= 691,000 psi
Fi, = CoCuFs = (1.0)(0.8) (2400 E)
— 1920 psi

bE =

Ibf
1208, ., _ (1. 20)(691 000 m2)

R, (13.7)!
= 4420 psi
a420 Bf
Fog i _ g3

. lbf
Fi 1920 =

i+e | (1 De\® P

CL= F [} 3 bz = Fi

19 19 0.95

_ 14230 \[(1 + 2.30)2 230
19 19 0.95
=097

PPl » www.ppi2pass.com
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Compute the volume factor, Cy, assuming that the ten-
sion flange extends essentially the full length (20 ft) of
the member (conservative).

o= ()

- (@EDER)”

1.02 [<1.0)

The adjusted allowable bending stress is

Fy= CoCuC1Fs = (L0)(0.8)(0.97)(2400 M)
= 1862 psi

Thus, bending is OK. Check shear (per NDS Table 54,
Cyy=0.875).

V=wla—d}—

= (600 1bf)(lo ft — 1.25 ft) — 1156 Ibf

= 4094 tbf

15V _ (1.5)(4094 Ibf)
fo="54 " (3.5 in){15.0 in)

F,= CoCuFy = (1.0)(0.875) (265 M)
=232psi [>f,]

= 117 psi

Limit live load deflection to L'/360. For live load only
on span BC of the released structure, AISC Table 3-23,
case 26, gives

wpo(7at) (300 ) (110 f)°

UET 24E[
_ 1,458,333.33 _,
= o ft2-1bf

0 ft>-1bf

DP =

DP+ Vefy =
o  1:458,333.33
-Dy El

= fu 133333 .3
=57 f-Ibf (per Ibf)

= —1093 lbf

ft-1bf

The live load deflection at the tip of the cantilever is
found by superimposing the deflections caused by the
uniform live load with the shear at the tip.

A, = wsc(7a) _ Ve(dd')
24ET 6Bl
1bE
(500 )Mo &' _ (1093 1bE)(4)(10 &)°
24E] 6EI
_ 72966667 .5

El

For deflection, use E' = CyyE = (0.833)(1,800,000 psi) =
1,500,000 psi. For the cantilever, limit the deflection to
L’,-’360 where ['=2L=(2)(10 ft)=20 ft. Find the
required moment of inertia.

729,666.67 L

Ap = —— 7 bl < 2
L El =360
/> (729,666.67)(360)

- EL
(729,666.67)(360)(]2 ‘—")"

ft
(1,500,000 ‘-‘i)(zc;o in)

fe3-1bf

2 ft3-1bf

> 1261 int

Thus, serviceability pgoverns design. Select o - Lifiq
32 x 16'2 glulam (I;=1310 in%), which is adequate
for bending and shear.

|Use 33 x 167 stress class 24F-1.8E.|

SOLUTION 10

10.1. Check member ABC of the roof truss.

(30 Ibfft2)(4 f) = 120 Ibffft

S S N T N

4 it

4t
£

1
i
j
12/t | 126 ___\f
I
[#= (120 Ibtm12 1) = 1840 16 1840t

CK
1440 Ibf
CY

Teo
A
fnuo Ibf otk
NS,
8
12
sina = (.555
cosa = 0.832

Pl e www.ppiZpass. co_ﬂ“
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The dead and roof live loads are given as service loads
per lineal foot of horizontal projection. The equivalent
load on the truss is

w= (wper)s = (30 M)m ft) = 120 Ibf/ft

From a free-body diagram of the left rafter,

S Mc =05w(0.5L)" — Ra(0.5L) — Tap(0.5h) =0

0.5w(0.5L)% — RA(0.5L)
0.5%
(0.5)( 120 M) ((0.5)(24 ft))
— (1440 1bE)(0.5)(24 £t)
©5)(@8 f)

[tension]

Tpp =

2160 Ibf

ZF,= C:+Tpp=0

C:= —Tap = —-2160 Ibf [to the lef|
Y Fy=Ra—w(05L)+Cy =0

C, = w(0.5L) - Ry

= (120 M) (0.5)(24 ft) — 1440 Ibf

=0

Resolve the forces into components parallel to and per-
pendicular to the rafter.

opp 8 ft

siha=—=——0—1—— =(.555
hyp VB RZ+12 2
cosa=ﬂ=—1—2&_-——0.832

hyp 8 ft2 + 12 2
wy = weos?a = (120 M) (0.832)7 = 83 Ibf/ft

w = weosasing = (120 lbf)

= 55.4 Ibf/ft

(0.832)({0.555)

Critical axial compression and bending moment occurs
at midlength where the crosstie connects to the rafter.
Shear, moment, and axial forces for the left rafter are as
follows.

120 coszu = B3 bkt

o L

+—(——(—-—(_— l 797 Ibf
L) 'b‘ 1797 Ibf
1195 Ibf
"98 ot 198 Ibf

120 cosasina = 55.4 |bf/ft

v L 1198 1bf
599 ibf
H AP T 21 R
] —_— ]
il ~1198 |bf
M 6480 fi-ibf
st R
P

~799 1bf 3
—2197 Ibf

Check the rafter using ASD. For select structural Dou-
glas fir-lacch, NDS Table 4A gives F,=1500 psi,
Fy,=180 psi, F,=1000 psi, F;, 625 psi, F,=1700 psi,
E=1,900,000 psi, and E;,=690,000 psi. The trussed
rafters are spaced 4 ft o.c.; therefore, they do not qualify
for the repetitive use factor, C, for establishing bending
stress. For the roof live load, Cp=1.25 and Cr=1.0for
alt quantltles for 3 x 12. For the 3 x 12 rafter, b=251i in,
d=11.25in, A=28.1in% §,=52.7 in®, and I,=297 in*.
Check shear.

ViV S, dis 1198 Ibf & (83 M) 1125 in
A I
f
— 1120 Ibf
15V (15)(1120 Ibf)

fo=
=60 psi [<F,

d  (2.5in)(11.25 in)
, 50 OK]

Check combined axial and bending stress at the critical
point (point B). The rafter is braced about its weak axis
and at its ends and midspan for bending about the
strong axis.

I,=0.50=(0.5)(14.42 ft) = 7.21 ft

in
(2 &)(12 E)
d 11.25 in

=177

Fi= CpCrF. = (125)(1.0)(1700 M) = 2125 psi
El. = Enin = 690,000 psi

PPl @# www.ppiZ2pass.com
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For NDS Sec. 3.7.1, with ¢=0.8 for sawn lumber,

IbE
osnE,, (0822)(6%0000 )

€= = w7 2 = 9566 psi
(@)
o 9566 1
feg_ W1 _ 450
Fo grzs 1
n
Feg Fee\* Feg
1 < Lek
o + 5 L+ 7
P= e 2c ¢
_1+450 (1 + 4.50)"’ _ 4.50
(2)(0.8) (2)(08)) ~ 08
=0.95

_ i, ibf
F.= CpCpCrF, = (0.95)(1.25)(1.0)(1700 in2)
= 2019 psi

For bending ebout the strong axis, F.g = F.g= 9566 psi.

NDS Sec. 3.9.2 requires

2
(f—‘) +—————f"i <1.0
Fo/ o p (1o de )™
4 FcEl
_ P _ 2197 1bf _ :
fe=g= T8~ o2 psi
o (6480 ft~lbf)(12 %)
fy = Hmax : = 1476 psi
S 52.7 in®

Fy = (1-25)(1500 ::—5) = 1875 psi

&)2_'_ fu
(% A(-22)

FcEl
2

782 o 1476 2L

i + in
2019 £ 78.2 of
it/ (1875 2D 1 - —0
in?/ " Ibf
" 9566 —
1

=080 [<10, s0 OK]|

Check transverse deflection under the total load.

g (e ft.)(12 lf’t-‘)

limit = - =
™= 120 120

= L.44 in

Are = 0.013wl 4 0.02083 PL°
TL = El

((0.013)(83 "’f)(m.zm ft)*

“ (2
+(0.02083)(1198 1bf)(14.42 ft)° ft

(1,900,000 2%
mn

[< £/120 = 1.44 in|

) (297 in')
=037 in

[ Therefore, the 3 x 12 rafter is OK.]

10.2. Design the connection of the 2 x 6 to the 3 x 12
rafter. Try 2'/2 in diameter split rings in single shear.

Per NDS Table 12.2A, for group B species, bearing 33.7°
to grain,

Z) = 2730 1bf
Z, = 1940 Ibf
242,

= Z)sin?@ + Z cos? @

B (2730 1b£)(1940 Ibf)

~ (2730 1bf)(sin? 33.3°) + (1940 1bf)(cos? 33.3°)
= 2432 Ibf

Z'= CpZ = (1.25)(2432 Ibf)

2160 Ibf
% loaded = 3r0nre

=T71%

x 100%

|4 in end distance is adequate|

[ Use one 2} in diameter split ring. |

Check the end joint shear in the rafter (per NDS
Sec. 3.4.3).
de = 0.5(d + dying) = (0.5)(11.25 in + 2.5 in) = 6.9 in

f, =15 v _ (1.5)(599 Ibf)
" bd, (2.5 in){6.9 in)
=52 psi [« F,, so OK]

o

[ N R R R I eee————
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Check tension in the collar tie (2
bolt hole diameter and 1.10 in

ring).
An =A- Aring - (b - tring)dh
= (1.5 in}{5.5 in) — 1.1 in?
— (1.5 in = 0,375 in)(0.56 in)

=6.5 in?
T _ 2160 lbf _ . )
[i= A" 6sm 333 psi |< F}, 50 OK]|

[The connection is adequate. |

SOLUTION 11

1 241 2 72 ft 3 24n 4

N "

™~ steps of elev. 24 ft ~

low roof {elev, = 16 ft}

Wy
plan

shear from north-south lateral force resisted
by walls @ lines 1 and 4: V, = V,; = 60w,

Mo = Wiyl 1200278

M, = 0.5(60 + 36)w,,(24)
= 1152w,,

cut to right of line 2 and
cansider portion to the left
as a free-body diagram

per NDS App. K, %5 in
projected area of split

8 ft

The stepped diaphragm has a vertical irregularity, an
in-plane discontinuity in vertical lateral force resis.
tance, as defined in ASCE Table 12.3-2. The elements
that support the discontinuous walls at lines 2 and 3, as
well as the connections, must be designed for load
combinations with overstrength factors per ASCE
Sec. 12.3.3.4. Forces calculated in the following solu-
tions are based on the given lateral forces with the
understanding that the overstrength and redundancy
factors will be applied in assessing the load combina-
tions for element design.

11.1. Name two structural elements needed to main-
tain diaphragm integrity at the step (lines 2 and 3).

First, a vertical shear wall to transfer the shear from the
low roof diaphragm, V,=236wu,,, up to the sloped roof
diaphragm at elevation 24 ft.

Second, the chord force, T= C'=28.8uy,, must transfer
from the low roof at elevation 16 ft up to the sloped
boundary member 8 ft above.

11.2. For a given lateral load w,= 190 Ibf/ft (working

stress level), determine the forces to transfer at lines 2
and 3.

Viiee 1 = Viines = 0.5wl = (0.5)(190 M)(120 ft)
= 11,400 Ibf

Vine2 = Viines = 0.5wl’ = (0. 5)(190 (72 ft)
= 6840 Ibt

M nas = 0125w, 17 = (0.125) (190 !P-f)(lzo %
= 342,000 ft-1bf

My = M3 = 0.5wlz — 0.5wz>

= @5)(190 B (120 )24 1)
- (05) (190 2 (24 1y?
— 219,000 ft-Ibf

The required force transfers for elements of the lateral
force resisting system {without increases for over-

—m = T = M,/A40 = 11582 40
S0 _ zaﬁawﬂ, (reve::'i‘;,lel strength and redundancy factors) are as follows.
i First, for low roof diaphragm at lines 2 and 3,
Vz * 36W'“

= = c o e V“Bf“ - 58:;) flt"f =171 Ibf/k
Was Second, beams &t lines 2 and 3 serve as collectors for the
partial plan 171 1bf/ft low roof diaphragm shear and they support
the shear walls (gravity load plus overturning moments)

that transfer the shear up to elevation 28 f.

PPl ¢ www.ppiZpass.com
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Third, two shear walls {each 8 ft long) between eleva-
tions 16 ft and 24 ft on lines 2 and 3 must transfer a
total horizontal shear in each wall equal to

Viar = 0.508 = (0.5){171 %)(40 ft) = 3420 Ibf

filler panels  detail 'A’

= %
3420 Ibf 3420 Ibf
3420 lb# ; * ? *
3420 Ibf 6840 1bfr? = 3420 Ibf

The nomina! shear in each shear wall is

Vol _ 3420 1bf
= —wall _ 2acV W 49
v o B R 8 1bf/ft

The top plate over the full 40 ft width will transfer the
diaphragm shear, 171 1bf/f, into the sloped diaphragm.
Connection of the top plate to the shear wali (detail A}
must transfer

Fdrag = v(O.SB - L,,.u)
= (171 %) ((0.5)(40 fe) - 8 ft.)

= 2050 lbf

3420 Ibf
3420 bt

Y *3420 Iof

3420 II:JI'*v

——— | 3420 ibf
elevation 16 kt

Fourth, end walls (north and south between lines 1 and
2) must transfer the chord force from the low roof
diaphragm to the higher roof at elevation 24 ft. The
chord forces at the step locations are

T=C=22=2200 00 5480 1f

The transfer results in an overturning moment of
(8 ft)(5480 1bf) =43,340 ft-lbf that must be resisted
(e-z., by a couple F; and F, as indicated in the figure
below). This will be difficult given the location of the
window and door openings and that the load combina-
tions with overstrength factor apply.

T i
. Y

Fifth, the sloped diaphragms between lines 1 and 2 and
between lines 3 and 4 must resist

_ Viine1 _ 11,400 Ibf _
V=T =T aon 280 bl/f
Sixth, the end shear wall at lines 1 and 4 must transfer

the 11,400 Ibf shear from elevation 16 ft to the base.

11.3. The stepped diaphragm amplifies and compli-
cates the force transfers needed to bring the lateral force
from the roof to the ground. Costs and failure risks are
greater for the stepped diagram than they would be for a
horizontal diaphragm at one level. The ideal case would
be to maintain the diaphragm at the level of the low
roof. If this cannot be done {as is the case for this
problem), a better structural solution is to provide shear
transfer to the ground at lines 2 and 3 in addition to
lines 1 and 4, perhaps by rigid frames spanning 40 ft at
those locations.

SOLUTION 12

12.1. Determine the nailing required for the plywood
wall sheathing. Use the ASD design method.

wp = 250 {bf/ft

o == *12,000 Ibf

] {strength level)
10H#

filler

1 BN ]2 12,000 Ibf
pane

{strength level}
124

A A At e R o

|78 |56 |75+ | %in structural [

1 ' ' ' plywood aver

2 X 6 @ 16 Ibf 0.c. studs

For the upper level, with the full length of the wall
resisting shear,

o= 07Va _ (0.7)(12,000 Ibf)
L 20 ft

From IBC Table 2306.3, for '5/32 in structural I sheath-
ing, use 10d nails at 4 in o.c. along panel edges and 10d
nails at 12 in o.c. at intermediate supports to give
v=510 Ibf/ft. For a 10d common nail through Y2 in

= 420 1bE/f

PPl o wwv:.pplzpasl.cog'._;
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sheathing, penetration is 2'/2 in, so this is OK. The IBC
requires when the shear design value exceeds 350 Ibf/ft
for seismic design category D, E, or F, the framing mem-
bers receiving nailing from abutting panels must have at
least a nominal 3 in width. Therefore, change the 2 x 6
studs to 3 x 6 studs within the length of the shear wall,
and use 3 x 6 blocking at the horizontal panel edges.

For the bottom story,

L= 07(Va+ Vi) _ (0.7)(12,000 Ibf + 12,000 lbf)
= 2L, B (2)(7.5 ft)

= 1120 Ibf/ft

The shear is too large to resist with sheathing on only
one side, so sheath both sides (v=1{(0.5)(1120 Ib{/ft) =
560 1bf/ft each side). For 3 x 6 studs, with '*2 in struc-
tural I sheathing, use 10d nails at 3 in o.c. along panel
edges and 10d nails at 12 in o.c. at intermediate supports
to give v==665 Ibf/ft. There are several alternatives for
designing the lower shear wall containing the door open-
ing (see Breyer et al., Chap. 10). Generally, it is possible
to couple the two walls by designing the panel over the
door opening to transfer forces between the two side
panels. Considering the magnitude of the overturning
moment on the lower wall and the resulting chord forces,
it is unlikely that the 5 ft % 5 ft panel could transfer the
vertical shear between the two side panels. Therefore,
design each side panel to act independently to resist one-
half of the total lateral force and use the panel over the
door as a filler panel with sheathing on one side and
minimum nailing (6d nails at 6 in o.c. at edges and at
12 in o.c. at intermediate supports}.

12.2. Design the boundary members for the lower walls.

centerline
10 ft .
1
Wz I
6000 Ibf
{strength level} |
|
|
I
1
|
|
Wy I
6000 1bf
(strength level)
12,000 Ibf
T 1
|
Y G

For combined seismic and gravity forces, from ASCE 7
Sec. 12.4.2.3, the maximum axial compression in the
shear wall chord is controlled by either case 5
(D+0.7E) or case 6 (D+0.75(0.7E) +0.75(L, or L)),
For the lower level, case 5 (with p=1.0) gives

Ibf
wy = wpp(l + 0.148ps) = (250 E—t)(l.O + (0.14)(1.0))
— 285 Ibf/ft
w = wpi(1 +0.148ps) = (240 %) (Lo+ (0.14)(1.0))
— 274 |bf/Et

0.5(1!}2 + wl)L2 + 0.7 Vg(hz + h|) +0.7Vhy

Ci= B
tbf Ibf >
(0.5) (285 274 F)(10 £t)

+ {0.7)(6000 1bf)(10 ft + 12 ft)

+ (0.7)(6000 Ibf)(12 ft)
7.5 ft

= 22,800 Ibf
Load case 6 with floor live load taken as 0.5L =
140 bt/ gives

i wm(l + (0.75)(0.145ps) ) +0.75w,
= (250 ’—;’Ef) (1.0+ (0.75)(0.14)(1.0))

Ibf
+(0.75) (280 F)
= 486 Ibf/ft

wn = wp 1+ (0.75)(0.14Sps) ) +0.75u,

= (240 M) (10+(0.75)(0.14)(1.0))

ft
+(075)(140 M)

&
= 370 Ibf/ft

0.5(ws + wy )L +0.7(0.75 Vo X(hy + k)
+0.7(0.75 V Ay )
L

(0.5) (486 %+ 370 20) (10 £’
+(0.7)(0.75)(6000 1bE)(10 ft + 12 ft)
+(0.7)(0.75)(6000 IbF)(12 ft)

75 R

C|=

= 20,000 1bf
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Case 5 gives the higher value and thus controls axial
compressions in chords. Loading combination 8 controls
uplift on the wall.

up = wp(0.6 — 0.145ps)

(250 '-ft;—f) (06 - (0.14)(1.0)

115 Tbf/ft

w, = wp (0.6 — 0.145 ps)

= (240 %) (0.6 s (0.14)(1.0))

= 110 Ibf/ft

_0.7Va(hy + hi) +0.7Vihy = 0.5(u, + )L
- 7
(0.7)(6000 Ibf}(10 £t + 12 ft)
+ (0.7){6000 tbf)(12 Ft)

T

- (035)(115 '—:’t-fa- 110 %)(10 ft)?
- 75 It

17,500 bf [controls uplift)

Design the diaphragm chords for the countrolling
conditions.

17,500 Ibf  [tension|
22,800 Ibf  [compression]
From NDS Table 4A, for construction grade Douglas
fir-larch, 6 in and wider,
F.= 1650 psi
Fg =650 pSi
Emin = 550,000 psi
F., =625 psi
For seismic loading, Cp=1.6, Cr=1.0 for all sizes con-
struction graded dimension lumber, and all other
adjustment factors=1.0. For compression parallel to

the grain controlled by a nominal 6 in wide member,
[, =clear height = 10.5 ft.

. (1058)(12 %)
L~ DL =229

d 5.5 in

. - Ibfy _ .
F.=CpCrF,. = (1.6)(1.0)(1650 inz) = 2640 psi

E.;, = Emia = 550,000 psi

From NDS Sec. 3.7.1, with ¢=0.8 for sawn lumber,

_ospr,  (0822)(550.000 )

£ = 862 psi
(g)z (22.9)° pet
d
g2 1of
Feg _ in? _ g5
Fo aggo L
in?
14 LeE {4 Eeg\ " Fee
F: F* F:
CP i - ____C_
2 2c c
_ 14033 _ [{1+033\* 033
(2){0.8) 2)(08)) ~ 08
=0.30

F,= CpCpCFF. = (0.30)(1.6)(1.0)(1650 :‘;—5)
= 792 Ibf/in®

—FA= lbfy , _
P=F.A= (792 =) 4 = 22,800 bt
= Cmu

A =288 in? = bd

po A 2880
d” 55in

=5.25in [say two 4 x 6y

Check the bearing perpendicular to grain against the
3 x 6 sill.

F. = F. =625 Ibf/in?
P 22,800 Ibf 9

= e I ee———— K

Sfer 1= 385 1 592 Ibf/in® < F,,, so OK|
The member is adequate in axial compression. Check

tension, assuming 34 in bolts for hold-down anchors
through the (2){3.5 in) dimension (hole diameter =
0.81 in).

Fi= CoF, = (1.6)(650 “’f) = 1040 Ibf/in?

in?.
An= A— bdy, = 38.5 in? — (7.00 in)(0.81 in) = 32.8 in?
A = (1040 ) (325 12
T = FiA, = (1040 inz)(az.s in?)

= 34,000 Ibf [> Toax = 17,500 Ibf]

Use two 4 x 6 construction grade DF-L for shear

wall chords, and use 3 x 6 sill and top plates.

e

-
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tie for
T=3.1kips

7— 6 x 8 (typicall

anchor bolts
for V = 8.4 kips
{service lavel)
each wall

’ hold-down
! i’, anchors for

b LS 17500 Ibf

(service level;

typical)

T

SOLUTION 13

13.1. Find the forces at joint A of the pyramldal roof
under a symmetrical gravity load of 32 Ibf/ft® on the
horizontal projection. Neglect unbalanced loading per
problem statement. Consider the hip rafter AE and
assume that roof joists are spaced closely encugh so that
the load on the rafter is uniformly distributed. The load
on AE varies linearly from its maximum at the top to
zero at the bottom.

l ] V16 + (167 = 22.63 ft

The roof joists are simply supported and span from the
exterior walls to the hip rafters. They support an
equivalent 32 lbf/ ft> over the horizontal projection.
One-half the reaction from each joist bears on the exter-
ior wall; the other half bears on the rafter. Each quad-
rant measures 16 ft x 16 ft; therefore, the horizontal
projection of the hip rafter is

=/2(05L) = \/ (2)((0.5)(32 ft))2 =22.63 R

Ehorit

tributary area of rafter,
A= 128 f?

16 ft

plan of quadrant A

The resultant force acting on each hip rafter is

4, =0.5(0.50)° = (0.5)((0.5)(32 h:))2 = 128 ft?

lb
fi2

For the symmetrical loading, there is no shear transfer
at the peak E; only horizontal force acting parallel to the
horizontal projection of the hip rafter acts at E. Thus,
equilibrium of the hip rafter gives

W= wpypd, = (32 )(128 £t2) = 4096 Ibf

ZM.»\ = Eporigh — W(O'BGTLP"U) =0

W (0.667 Loro;)
Ehoriz £ —h_—_—

__ (4096 1bf){0.667)(22.63 ft)
- 6 ft

= 10,304 Ibf
SF,=4,-W=0
A, = W = 4096 Ibf
Summing forces in the direction of the hip rafter projec-
tion gives
ZF,\E = Tapcos45® + Tapcosds® — Eygriz =0

Tip = Eporiz_ _ 10,304 IbE — 7987 1bf

E

Tan

-— 32 X 16/2 =
256 Ibf/ft

rafter
reactions

A, = 4094 Ibf

Check the vertical equilibrium in one quadrant.
2 2
= (05L) = ((0.5)(32 &)) = 256 ft?

ZFv = —wper Aquad + Ay + 2(0.5Wwa]l(0.5L))

= (-32 M) (256 ft2) + 4096 1bf

+(2)(0. 5)(256 1bg

(0.5)(32 ft)
=0
Equilibrium is satisfied.

13.2. Design the connection at A using ASD. Use a
welded steel assembly with the rafter cut to transfer
4096 1bf vertically and 10,300 Ibf horizontally in the
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direction of the rafter projection. Weld steel side plates
and transfer 7277 Ibf into the eave beam. For the rafter
bearing,

10,300 Ibf | [4F &

h/22.6 = 16.5/23.4

f h=16in
4096 |bf
The slope of the rafter is
a = arctan L::oj = arctan 22(.56f3t i 14.9°

Maximum axial compression in the hip rafter occurs at
the support

_ Bhoriz _ 10,300 1bf
" cosa cos14.9°
P 106601bf . ,
== Gl mem 0P [<Fd

= 10,660 Ibf

Compression parallel to grain is not a problem. For the
vertical reaction, the angle of load to grain is 75.1°, but
use F.,, which is conservative and close enough.

F, =625 psi [no increase for load duration]
A
Np . OB,
1 i LS
“ (5.125 in) (625 )

Use a minimum beariog length of 6 in as a practical size.
Connect across the back with steel plate, one side only,
using two %8 in diameter shear plates. Per NDS
Table 12.2B, group B wood has

2 = 2670 1bf
2'= CpZ = (1.25)(2670 Ibf) = 3338 Ibf
. _é; _ 7280 1:;;f

3338 ———

connector
= 2.2 connectors {therefore, use 3 shear connectors|

6-51

Check tension in the 5Y8 x 16'/2 glulam {per NDS
App. K, "6 in bolt hole diameter and 1.18 in® projected
area of split ring).
Ap=A - Armg - (b - tﬂng)dh
= (5.125 in)(16.5 in) — 1.18 in?
~ (5.125 in ~ 0.42 in)(0.81 in)

=79.6 in’
T _ 7280 Ibf _
=a. - =91 <0 OK
=3, = 796w =0 st [<Fus0 OK]

Design the steel plates using AJ6 steel and Lhe AfSC!

ASD method. Try PLY¥s x 5 with the single gage of Y1 in
bolts.

Ap= Ay — (dy + 0.125 in)¢
= 1.875 in? — (0.75 in +0.125 in}(0.375 in)

= 1.55 in?
F A, (36 ,mz)(l.875 in?)
Q 1.67
P, < | = 40.4 kips [controls]
Q- kips)
58 — }(1.0)(1.55 in?
S (58 522) o )
Q, 2.00
\ = 45.0 kips

Strength is adequate. Detail the connection as {rliows.

3-2; india.
shear plates

plan view
hip rafter to eave beam connection

SOLUTION 14 = .

14.1. Compute the allowable bending stress given a
2400F-1.8E stress grade glulam with 1%/2 in lamnations,
E=1.8 x 10° psi, and no increase for load durution.
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277 | P = 4900 tbf

1
|
|
1
|
|
|
1

symmelrical about
the centerline

Because lateral bracing is assumed to be sufficient,
Cv < Cy; therefore, reduce for volume effect and curva-
ture {NDS Sec. 5.3.8}.

Co=1 - 2000(153)2

1.5 in

= 1 — (2000) W

=0.97

o= () () (22) " <10

- (GHEERD)"

= 0.90

The allowable bending stress 1is

Fy=C.CyFy=
(0.97)(0.90) (2400 psi) =

14.2. Check the bending stres including the member
weight based on v = 36 Ibf/ ft®. Approximate the equiva-
lent dead load per horizontal foot and ignore the slight
variance due to the curvature in the central region.

_ (hyp
Wheam = (adj)bd'y

_ (112;1&&) (512512m£)1§ in) (3 6 lf%f.)
ft

— 24 Ibf/ft

Mpax= 0.].25‘!111,‘,4,,,,,1::2 +0.25PL
= (0.125)(24 %’t-f) (40 £t)? + (0.25)(4900 Ibf)(40 ft)

= 53,800 ft-1bf

For a pitched and curved beam of constant depth,

(53,800 i-lbf) {12 i—“)
Jo= M f/ _ 9330 psi
5 2777 i

fs > F, (11% overstress}), so in a strict sense there is no
value of I, for which the given loading is acceptable
(F, = 2100 psi is an upper bound to the allowable
stress). However, the problem can be regarded as finding
the maximum unsupported length for which Cp2C\.
For a 24F-1.8E stress class glulam, NDS Table 5A gives
E, min = 830,000 psi. Setting C}, equal to 0.90 gives

L 14 Lot ’ LY
CL= Fie _ Fia | _ Fi _ 0.90
1.9 1.9 0.95 &
Fie\? Fug Fiye 2
I +—== = (1 + =
F&I __F:_Lt-_ FﬁI _090
1.9 0.95 1.9 '
( Fug
1+ —
—_ Fb::
K 1.9
1+%
- 18— 9'” +0.81

1.8(1 + ’;‘;E) - fgf@ = (1.9)(0.81)

Fig

e =1.305

Fj, = C.Fy = (0.97)(2400 ::J) = 2330 psi

Fiz= 1305F}, = (1.305)(2330 l-tﬁ) = 3040 psi
P rin = Eymia = 830,000 psi
{18 in)
- [t =, [L181)_ 0508
b (5.125 in)? vk
o _L20B,  120Bm oo
bE = = S
ESTR (0828VT)° P
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1.20E"

y.amin

(3040 "’r)(o 828)?

€

a 20)(830,000 M)

(3040 M) (0.828)2

=478 in

Assuming lateral bracing at the ends and load point,
NDS Table 3.3.3 gives
f.=1.114,
[ = le 478 in
"Tin T in
(1.11)(12 &)

The actual unbraced length of 20 ft is well below the
maximum 35.9 ft for which stability would control.

[ Bracing at the ends and at midspan is adequate. |

=359 ft

14.3. Compute the radial tension stress {per the AITC
Manual). The problem statement stipulates that there is
to be no increase in allowable stresses for load duration:
therefore, F. = F, = 15 psi.

f= 3Mmax _ (3)(53,800 ft-1bf)
"7 2Rmbd  (2)(32.75 t)(5.125 in)(18 in)
=26.7 psi [> F. =15 psi

14.4. Radial tension stress is excessive. Use lag screws
to reinforce the curved central region. Orient the lag
bolts radially, and install from the top flange into pre-
drilled holes to within 2 in of the soffit. In this
way, the allowable radial tension stress s
0.33F, = (0.33)(265 psi) = 88.3 psi, which is accept-
able. The effective penetration of the %a in lag bolt into
the member is given in NDS Table L2 as T— F=5.5 in,
which includes the threaded portion but excludes the
tapered tip. Thus, the allowable tensile strength of the
radial reinforcement is

( tensile strength of bolt = 5240 1bf
given withdrawal strength

x penetration of threads

= (513 M)('1' E) =
| =2820 1bf

Let s be the spacing of lag bolts measured along the arc
of radius R, Provide bolts to resist the total 26.7 psi
computed radial tension stress.

D Fugm=T-fbs=0
T 2820 Ibf

S=—=

fr (5.125 in) (267 “’f)

(513 lbf)

(5.5 in)

[controls]

= 20.6 in

6-53

For the curved central region,

¢ = arcsin opp
yp

7.8 it
32 ft

= 0.246 rad
arc length = 2R,,¢
in
(2)(32.75 ft)(lz R)(0.246 rad)
193 in

= Arcsin

s arc length
s
_ 193 in
20 6 in
=904

2R.¢

[say 10 screws

5 =

~ (2)(402 in)(0.246 rad)
- 10
=201in

Use 10 fully threaded $ in diameter lag screws in the
central region spaced symmetrically at 20 in o.c.
along the top flange.

20 in {typical)
1

%in {dia.) x 16in lag

centerline bolts (typical)

partial elevation

SOLUTION 15

15.1. Compute the wall shears in the upper and lower
stories and determine the required nailing. The maxi-
mum length available to resist shear is 11 ft in the upper
wall and 15.5 ft in the lower wall. However, if the max-
imum length is used for each level, the ratio of their
lengths is 15.5 ft/11 ft =1.41, which exceeds the 130%
limit that triggers a vertical structural irregularity, type
3, in ASCE 7 Table 12.3-2. To simplify design and to
provide a direct load path for the chord forces from the
upper level, align the upper and lower shear walls with
an overall length of 11 f in each and treat the remaining
regions as filler panels sheathed on one side with miui-
mum nailing.
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I'LT . < 0BunL? +0.7Vohy
53700 11 I T T sheathed : Ly
| | / filler 1bf o
panels (0.5)(342 F)(“ ft)? 4 (0.7)(5700 Ib)(10 ft)
wh = R
=B8600 Ibf = 5510 Ibf
= shear wall Load combination 6 gives
10 ft e
wy = (1+0.75(0.14505) ) (won + weanhe) +0.75u,
A T = (1 + (0.75)(0.14)(1.0})
foundation
(adequate) x (150 %+ (18 %)(10 i)
Ibf
+(0.75)(200 ==
For the upper wall, using ASD, the shear is ( )( ft )
= 482 Ibf/ft
0.7V, (0.7)(5700 Ibf) _
=22 o = 363 Ibf/ft
For the lower wall, Co= 0.5weLZ + 0.7(0.75 Vo hy)
i L
0.7(Vy + Va)  (0.7)(8600 Ibf + 5700 lbf) Ibf 2
= = . = 7
o - . (05)(482 ft)(u f)? + (0.7)
=910 Ibf/ft _ % (0.75)(5700 1bf)(10 ft)
- 11k

From IBC Table 2306.3, for seismic design category D
and higher, walls with v> 350 Ibf/ft require nominal = 5370 Ibf [
3 x framing where panels abut; therefore, use 3 x studs

and blocking within the confine of the shear walls.

= 5510 bf, case 5 controls
axial compression in chords

Loading combination 8 controls uplift on the wall.

For the top wall (v = 363 Ibf/ft), use a single
sheathing of % in structural [ plywood with 10d nails wy = (0.6 — 0.145ps)(wp2 + Weanha)

at 6 in o.c. along panel edges (furnishes 340 1bf/ft; lbf Ibf
close enough); 12 in o.c. along intermediate supports. - (0-6 = (0-14)(1-0)) (150 Y + (15 ﬁ) (10 ft))
= 138 lbf/ft

For the lower wall (v = 910 Ibf/ft), use §2 in
structural I plywood on both sides with 10d nails at

4 in o.c. on panel edges (furnishes 510 Ibf/ft on each )
o 0.7 Vzhz - 0.51!?2L2

side for a total of 1020 Ibf/ft); 12 in o.c. along Ty
intermediate supports. Ly
(0.7)(5700 1bF)(10 f) - (0.5) (138 %)(11 £)?
145.2. Determine loads on tie-down anchors. For com- l_l &
bined seismic and gravity forces {(using ASD), per ASCE = 2870 Ibf  [controls uplift]
7 Sec. 12.4.2.3, the maximum axial compression in the L . _ .
shear wall chord is controlled by either case 5, D+ 0.7E, UL S DR SO N
or case 6, D+ 0.75(0.7E) +0.75(L, or L). wn = (1 + 0148 ps) (wpa + w1 + weathis2)
For the upper level, combination 5 (with p=1.0) gives (l 0+ (0.14) ))
= { 1.0+ (0.14){1.0
wy = (14 0.145ps)(wp2 + Wwanhe)
(L0+ (01900 0)) (150 L (150 "’f)(lo f)) (g % 180 % +(1s ll:_"f) (20 &)
AT ke TR = 718 Ibf/ft
= 342 Ibf/ft
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2 The lateral forces are reversible: therefore, design chords
C =0.5w|L +0'7(v2(h2+hl)+ V'hl) to resist both 16,700 Ibf compression and 11,000 Lbf
! Ly tension at the lower level.

(0.5)(718 %)(u ft)? + (0.7)

((5700 Ibf}{10 £t + 10 &))
x

+ (8600 Ibf)(10 k)
Tt

15.3. Twao types of tie-down anchors across the second
floor {T= 2870 Ibf) are shown as follows.

= 16,700 Ibf

Load combination 6 gives

W= (1 + 0‘75(0.14305)) (woe + wpy + Waanhisz)
+0.75w,

- (1 + (0‘75)(0.14)(1.0))

x (150 2 + 180 BEy (18 '&’-{)(20 ft))

Ibf Ib
+ (0.75)(200 T +500 K)
= 1220 Ibf/ft

2nd floor

05w L +0.7(075( Va(hy + o) + Vii))
C| = Ll

)(11 )2 + (0.7)(0.75)

IbE
f
x ((5700 1bf)(10 f + 10 £t) + (8600)(10 t))
11 it

= 16,300 1bf | < !6:700 Ibf, case 5 controls
axial compression in chords

(0.5) (1220

metal strap

2nd floor

Loading combination 8 controls uplift on the wall.

wy = (0.6 — 0.14Sps}{wp2 + wp) + weauhy4a)

Ibf Ibf
150 -E-'- 180 Tt
1bf
+ (15 F) (20 &)

= (0.6 — (0.14)(1.0))

= 290 Ibf/ft

0.7(V2(h2 +h)+ Vlhl) ~0.5u, L?
L
©.7) ((5700 ibf)(10 &t + 10 ft) -+ (8600 Ibf)(10 ﬂ:))

- (0.5)(290 M)(11 ft)?

ft
11 £
=11,130 Ibf  [controls uplift)

Tl=
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Two types of tie-down anchors at the first floor
(T'= 11,130 1bf) are shown as follows.

metal strap

angle and
anchor bolt

SOLUTION 16

16.1. Compute the load, shear, and moment diagrams
for the low roof due to seismic forces. The structure is
symmetrical about its principal axes; therefore, consider
the seismic forces in the north-south direction and use
identical loads for east-west ground movement. For the
north-south direction, the seismic dead load to the dia-
phragm consists of the weight of the high roof and the
walls between the low and high roofs, plus the weight of
the low-roof diaphragm and one-half the exterior walls
each side. For the low roof portion,
Wap = Weop = 2(0.510“1;’1) + Weoot L
Ibf Ibf
= (2)(0.5)(20 E)(12 ) + (20 E?) (80 ft)
= 1840 Ibf/ft

wpe = 2(0.5wwanh) + Wroor(L — Lopen)
= (2)(05)(20 )12 £)

i+ (20 %,f) (80 ft — 32 )

= 1200 Ibf/t

For the high roof and walls, take one-half the total
weight as concentrated on each line B and C.

Wg= Wc= Wugit i Lopt:n + 2wwanha (O-Sancn)
+ Uhoar Lupcu (05Lﬂp(‘l'l)

Ibf lbf
(20 n_z)(" [1)(32 ft) + (2)(20 W)(“ t)(0.5)

x (32 ) + (20 'f‘:—f)m [t)(0.5)(32 Ft)

= 15,360 Ibf

Calculate the seismic forces per ASCE 7. For site class
D, S¢=1.20 and §, =0.60, ASCE 7 Table 11.4-1 and
Table 11.4-2 give F, = 1.02 (by linear interpolation) and
F,=1.5. Thus, the design spectral response parameters
are found using ASCE 7 Eq. 11.4-1 through Eq. 11.4-4,

Sus = FoS5s = (1.02)(1.20) = 1.22

Sps = 0.6675ys = (0.667)(1.22) = 0.82
Sui = F,5 = (1.5)(0.60) = 0.90

Sp1 =0.66751 = (0.667)(0.90) = 0.60

From ASCE 7 Table 11.5-1, with occupancy category II,
the importance factor is 1.0. From ASCE 7 Table 11.6-1
and Table 11.6-2, with occupancy category II,
Sps> 0.5, and 5p, > 0.2, the seismic design category
is D. From ASCE 7 Table 12.8-2 and Eq. 12.8-7, the
approximate period of the light-frame-bearing wall
structure is

T = T, = Cih* = (0.02)(16 £t)*™ = 0.16 sec

For a single-story building in occupancy category II,
ASCE 7 Table 12.6-1 permits the equivalent lateral
force procedure of Sec. 12.8 and that method will be
used to calculate the base shear. For light-framed walls
sheathed with wood structural panels rated for shear
capacity, ASCE 7 Table 12.2-1 specifies R=86.5,
39=3, and (y=4. The seismic response coefficient,
C,, must be at least 0.0l and is limited by ASCE 7
Eq. 12.8-2 and Eq. 12.8-4 to the following.

% - ‘g? =0.13 [controls]
T 1
C. <
*29 5, 0.60

T(fT?) ) (0.16 sec) (61_5) =0.58

The seismic loading to the diaphragm is uniformly dis-
tributed over the low roof and concentrated shear wall
reactions at lines B and C from the upper roof. Calcu-
lating first the uniform loads,

wy = Cyunp = (0.13) (1840 %‘) — 239 Ibf/ft
Vie = C, Wp = (0.13)(15,360 Ibf) = 2000 Ibf
wy = C,wec = (0.13) (1200 %) ~ 156 Ibf/ft
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The ratio of the area of opening in the low roof to the
gross enclosed diaphragm area is

Apen _ Lopen _ (32 f1)?

Agoss  L* (80 ft)?

= 0.16 |[<0.5]

Therefore, the diapliragm is not penalized for a horizon-
tal structural irregularity type 3, ASCE 7 Table 12.3-1.
The discontinuous shear walls from the high roof will
impose penalties on their supporting posts and connec-
tions, but not on the diaphragm and chords. The dis-
tribution of shears to elements of the diaphragm shear
wall system will be as shown.

A B C w2 D
Wzlz
. 1
24 it
2 —4—
32h Vhrt tvht
34—
24 ft
4 ——
{ ¢ ¢
szz
wyf2

The resulting shears and moments in the flexible dia-
phragm are

239 (bf/ft 239 bfift
156 Ibifft
t 14
10.232 lbf' 24 f lr ™AW | 24kt y 102320
2000 Ibf 2000 Ibf

north-south seismic forces on low roof

10,232 Ibf

—2496 Ibf
—4496 Ibf
10,232 |bf

north-south shear on low roof diagram

north-south moment on low roof diagram

Vag = w Lag + Vir +- 0.5wp Lpc
= (239 %) (24 £t) + 2000 Ibf

+(0.5) (156 M) (32 ft)

ft
= 10,232 ibf

Voa = Vo - wiLao = 10,232 Ibf — (239 %) (24 ft)
= 4496 Ibf
Voc = Vaa = Vie = 4496 Ibf — 2000 [bf = 2496 [bf

Mg =Mc=05(Vap + Vaa)Las
= (0.5)(10,232 1bf + 4496 Ibf)(24 ft)
= 176,740 ft-1bf
Minax = Mp + 0.5 Vpc(0.5Lgc)
= 176,740 fe-1bf + (0.5)(2496 £t-15E)(0.5)(32 ft)
= 196,200 ft-lb

16.2. Compute the chord forces at lines B and C (and
2 and 3 by symmetry).

Tg=Cg=— = —lee—_— =2209 Ibf

Draw a free-body diagram for the portion of the roof
between lines B and C. The shear just to the left of line
Bis

V= (L8, = (#4356 160 (54 ) = 1348 Ibf

L 80 ft
B c
| {0.5}(156 Ibl!ft||
1 — 2209 Ibf —e e 2209 |bf
V= 1349 |bf¢ : V= 1349 Ibf
|
4
2 —— T : —aut
Hgs ]f | ]f Hep
Va2 : Vea
centerline
8
|7a Ibffit
81 '
1 —— 2209 Ibf —= — 2208 Ibf + AT
- 126 |
Vim; 1343 ""* PN v = 0 Ib (line of symmetry)
I |
H
—
Hyy lr :
Vo2
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ZMBZ = 0.5wz(0.5Lpc }{0.-25 Lpe)
+ Tly = (T+ ATy =0
_ 0.5w9{0.5Lgc)(0.25Lpc)

Ly

(0.5 (156 M) (0.5)(32 £)(0.25)(32 ft)

ft
24 ft

AT

= 416 Ibf
Thus, the maximum chord force is

Cunx = Tmax = T + AT = 2209 Ibf + 416 Ibf
= 2625 |bf

16.3. From a free-body diagram taken through the
middle of the building (between lines B and C), sum
moments about & point on line A, say at Al.

A B
239 b/t l
156 Ibifft
i ' 1 ' t ! 2625 bl
]
]
i
]
1|3z
|
|
:
72— ———
4
10,232 ibf A i
]
I
i
|
|
1
}
|
Y V = 2000 Ibf \
1
3— -
]
1
|
|
|
|
|
|
I
4 | —ag— 2625 Ibf
24 ft

{not to scale}

> Mar= w1 Lap(0.5Lap) + wa(0.5Lac)( Lag + 0.25Lye)
4+ Viellap = Coax L+ HLips =0
Cumx L = w Lap(0.5Lap) = w2(0.5Lac)
% (Lag +0.25Lnc) — VieLag

Lz
lbf
(2625 Ibf)(80 ft) — (239 3

x (24 ft) — (156 %

H=

)(24 )(0.5)
)(0.5)(32 ft)

x (24 ft + (0.25)(32 fc))

— (2000 1bf)(24 )
32 ft

= 416 lbf
Thus, from the free-body diagram in Prob. 16.2,

ZF‘::TB" Tmu+H_'HBZ=O
Hpr=Tg - Toax + H
= 2209 ibf — 2625 Ibf + 416 1bf
=0
There is no horizontal tie force at B for north-south
ground motion. However, summing forces vertically
gives
> Fy=05uy(0.5Lpc) - V — Vg2 =0
Var = (0.5)(156 % (0.5)(32 ft) — 1348 Ibf
= 100 1bf

By symmetry and considering both north-south and
east-west ground motion, a tie force of 100 1bf is required
in both directions at all corners of the low roof opening.

1% in strap
tie with
2-12d nails
each side
corner @ opening—detail

16.4. Splice the top chords for Ta, = 2625 Ibf. Specify
chords as two 2 x 6 no. 1 Douglas fir-larch and splice
using Y1 in diameter bolts. If the length of the chord
pieces is relatively long and precsutions are taken to
ensure maximum distance between splice points, then
it is reasonable to assume that each piece resists an
equal share of the axial force between splice points and
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the connections can be designed to transfer one-half the
total force. However, if only minimum lap lengths are
used (see Breyer et al ), then the connection must trans-
fer the full force. Assume the latter, more conservative
situation and design a single shear lap splice to transfer
the total 2625 1bf force.

Per NDS Table No. 4A, F,=675 psi, Cr=1.3, and
Cp=1.6.

Fy= CrCoF. = (1.3)(16)(675 ::—,_f) = 1400 psi

A, = bd — d(dy + 0.0625 in)
= (1.5 in)(5.5 in) — (1.5 in)(0.75 in + 0.0625 in)

= 7.03 in?
fo= T _ 2625 Ibf
™ 4, 7.03in?

=373 psi [<F)

Per NDS Table No 11A, for a 1.5 in main member,
estimate C,=0.85 (group action) and Cp=1.6.

2= CoC,2 = (16)0.89) (720 {20)

= 979 Ibf/bolt

N> 1, 252025 1bfe 2.7 bolts  juse 3 bolts]
Z 1bf
I 979 —
bolt

Provide minimum 7d, end spacing and minimum 44,
between bolts. From NDS Table 10.3.6A, for A,/A,, =1,
D<1 in, 4,=8 in® and C, < 0.98; therefore, the
assumed value is conservative.

{ Use three § in diameter bolts each splice. |

| lap splice l

SOLUTION 17 ..

17.1. Check the bending stress in the rafters using
ASD and the given allowable stresses. The scab splice
provides negligible restraint to rotation; therefore,
assume that rafters are simply supported. For the given
allowable stresses,

Fy = 1500 psi

Fy =95 psi
E=1.8 x 10° psi

6-59

For the 2 = 10 rafters,

b=15in
d=19.25in
S5=214in’
[=99in

The distressed rafters have fractured at midspan where
shear 15 zero and bending moment is maximum. This
suggests a flexural failure. Check flexural stresses under
the design load of 39 Ibf/ft?. For a 20 Ib{/fi? live load, a
load duration factor Cp= 1.25 should apply; repetitive
members spaced at 24.in o.c. qualify for a factor
C. = 1.15; for a nominal 2 x 10, NDS Table 4A pernuts
a shape factor Cr= 1.1; all other adjustment factors are
assumed to be 1.0. Therefore,

Fy=CoCrC,Fy = (1.25)(1.1)(1.15) (1500 %%)

= 2370 psi
w= wpyys = (39 M) (2 ft) = 78 Ib/1t
ft2
Mas = 0.125wl? = (0.125) (78 %)(20 ft)°
= 3900 ft-bf
in
o M _ (3900 ft-lbf)(12 ft)
TS 21.4 ind
= 2187 psi [« F}, so OK in flexure]
Check deflection. The type of supported ceiling i. not
specified, but whether it is plastered or anothit 1, of

ceiling would not be relevant to the failure. Totil load
deflection is limited to L/180 (IBC Table 1604.3}.

E' = E = 1,800,000 psi

Ay = 0-013uLt
TL Eg I-_
Ibf Ao i)
) (0.013)(78 —&-)(20 ft) (12 H)
) o0 1ot
(1,800,000 :23)(99 in)
=1.57 in
L _240in_ ..
'18—0——180 =133 in [<Ar]

The deflection is more than is usually allowed (L/152
compared to L/180). The roof shown is flat and ponding
is a potential problem. A detailed check of ponding
cannot be performed because the complete framing sys-
tem is not specified. However, assuming that the stiffness
of the steel beams is adequate, a simple check on ponding
is that the deflection under a 5 Ibf/ft? loading does not
exceed 0.25 in (see the AITC Manual), where 5 Ibf/ft? is
the weight of 1 in of water uniformly distributed over the
full length of the member. By proportioning the

P&IM
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deflection computed above for 39 Ibf/ft?, the deflection-
caused by 5 Ibf/ft? is

1bf
°
AS pst = —W ATL = (0[28)( 1.57 iﬂ)
fe2
—020in [<0.25 in}

Therefore, ponding should not be a problem.

The failure was not likely caused by application of
the design loads.

17.2. Describe a repair scheme. Assume that the bro-
ken rafters have not deteriorated and can remain in the
repaired structure. The repair will consist of providing a
companion 2 x 10 rafter for each broken rafter.

Check the shear and bearing stresses in the 2 x 10s.

V=050l — wd
Ibf Ibf
= (05)(78 F)(20 f) - (78 .77 8)
= 720 Ibf

L5V _ (1.5)(720 Ibf)
fo= S “Os B m)

F\,= CpF, = (1.25)(95 :-:-g) =119 psi [>/,]

78 ps

Check the required bearing length for a nominal 2 in
width distributed over the bearing length, N.

R=05uL = (0.5)(78 %) (20 £t) = 780 Ibf

Take F,, =625 psi.

R 780 Ibf

N>R o
bFes (1.5 in) (650 :ﬁ'—g)

=0.8in

End bearing should not be a problem. For properly
installed rafters, lateral support for a d/6=10/2=5
(per NDS Sec. 3.3.3) requires that only one edge be held
in line. Thus, it may not be necessary to remove the
intermediate bridging to install the new 2 x 10s from
below,

First, insert new 2 x 10s, flat, adjacent to damaged
rafters. Use the maximum length (approximately
20 t —1.5 ft =18.5 ft) that can be tilted to clear the
flange of the supporting W section.

Second, use two-point jacking to raise the damaged
2 % 10s to the horizontal. Force tilt the new 2 x 10s to
the vertical (so that they will be loaded to bend about
the strong axis) and position them alongside the
damaged members. Jack the members to provide a mid-
span camber of about /2 in.

Third, nail the damaged 2x10s using 20d nails
(clinched) in the following pattern.

4in ~n-n / 5-20d {typical at end and break)

A= s

]
T 3in N\ 200 @ 32ino.c. {top & bomom) ¥

elevation
{not to scale)

Fourth, remove the jacks.

17.3. There are several likely causes of the localized
failure.

® Local overload (e.g., construction materials may
have been concentrated over a relatively small area
during a roofing operation}.

¢ Cuts or holes {e.g., for electrical or mechanical instal-
lation) that weakened a series of rafters and was not
detected until after failure.

¢ Water damage caused by roof or drain leakage that
significantly weakened several rafters.

e Substitution of an inferior grade of dimension
lumber.

SOLUTION 18

18.1. Describe the probable mode of failure in beams A
and B. Check the shear stress in beam B. Assume the
most favorable case of a 24F-1.8E stress class for which
F, = 265 psi. For the roof live load, take Cp=1.25. For a
connection less than 5d from member end, NDS
Eq. 3.4-6 gives

d.= 16 in
d=24in
_ - Ibfy _ :
F.=CpF, = (1.25)(265 inz) =331 psi
d 2Fl d: :
V=0 (3)
(2 Ibf . .+ (16 im\?
i (3) (331 inz)(5.125 in)(16 in) (—2 ; in)
= 8042 Ibf
16,000 Ibf
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Thus, even for the most favorable assumption for an
allowable horizontal shear stress, the applied shear,
V= 16,000 Ibf, is nearly double the atlowable and this
is the likely cause of splitting of beam B (i.e., a poor
connection detail). Restraint to cross-grain shrinkage as
the wood dried from its as-built condition to its present
moisture content would be an additional contributing
factor.

For splitting in beam A,

6.75 in

L) Ty

,.kj_.g

A ‘3'%_.
J V1 21 in
wit\R

Consider each bolt to resist an equal share of the reac-
tion from beam B.

r=f_ @QQL—M = 2000 1bE/bolt

Take a free-body diagram of the crosshatched region.

vl’
2000 ibf * rooo Ibf
T | 9.0 in |
45in =0in
v, v,
| 10125in |
A
v b
CpoVa
I RV L — neutral axis . {
=X -6 a
Vi
v=[ T
-10.5

For the 16,000 1bf reaction from beam B at the midspan
of beam A, the shear to either side of the connection is
8000 Ibf. The portion of the resisting shears in beam A
below the lowest bolt is obtained by integrating the
shear flow, ¢=vb=VQ/I, from the lowest fiber,
y=—10.5 in, to the level at the bottom of the bolt,
y=—6.0 in.

-6.0 in =60 in
vy=[ TRy Qdy
10.5 in —105 in
_bd _ (6.75 in)(21.0)° -
I= 12 12 5209 in?
- 105in—y 105in+y
Ryt T T T

6-61

Q= A7 = ((6.75 in)(105 in - 1)) (10.5 ;n + y)
= (3249)(105 in — 1)(10.5 in + y)
=372 in* - (3.375 in)y*
Thus,

372 in® — (3.375 in)y?) dy

=6.0
y
f / LS in

=60 in
- (800160 (375 ) _ (3.375 in)y?
5209 in? S Ry

= 944 1bf

Take a summation of the vertical forces.

2F =2V, —2r+fbL =0
2r -2V,
Jo=——r

_ (2)(2000 Ibf) — (2)(944 Ibf)
- (6.75 in)(9 in)

=35 psi

The cross-grain tensile stress is about twice what is
allowable for Douglas-fir (from the ATTC Menual).
This is the likely cause of the splitting in beam A.

18.2. Proposed in-place repair: Fabricate a bearing
seat assembly for beam B that uses the same bolts as
the present web connection. Reinforce the web of beam
A using lag bolts,

beam A

beam B

l lag screws

welqed tensile strength
bearing and withdrawal
assembly capacity = 8000 lbf

detail of proposed repair
{not to scale)

SOLUTION 19

19.1. Investigate the comphance of beams A and B
with the current IBC and NDS. Include a 20 lbf/ft”
movable partition load as part of the total live load

PPL o W*M
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(IBC Sec. 1607.5): w,=50 Ibf/ft®+20 Ibf/ft®=
70 Ibf/ft?, wp=230 Ibf/ft*. Reduce live loads in accor-
dance with the alternate method of IBC Sec. 1607.9.2.

A = sL = (18 ft){d0 ft) = 720 ft?
L, =70 1bf/f? [< 0O Ibf/ft?|

(> 150 ft?]

Therefore, live loads are reducible.

[ r(A, — 150 ft*) = (0.0008)(720 ft® — 150 ft2)
=0.46
Ibf
30 =
R<
*1 oz +2) = 02m |1+ —L
L 70 1of
&2
L = 0.33 [controls}

P=sL{wp + (1 — Ryw)
Ibf Ibf
= (8 £¢)(18 ft) (30 e+ —0‘33)(70 ﬁ))
= 11,070 Ibf [say 11.1 kips|

For the beam between lines 3 and 4,

=1}
-

)

~I
-

o
1— [-==—11.1kips

=]

=
1 w111 kips
L=~ 11.1 kips

-]
=
=3

&

Vi

ZM4 = VL — P(sl + 5 +33) =0
(111 kips)(8 ft + 16 ft + 24 f)
- 31k

D Fy=Vi+V3—3P=0
Va4 = (3)(11.1 kips) — 17.2 kips = 16.1 kips

V3 = 17.2 kips

Maximum moment occurs where V is zero (that is, at
16 ft).

M;; = V452 - P31
= (16.1 kips)(16 ft) — (11.1 kips)(8 ft)

For the cantilevered span from lines 1 to 3, the member
is loaded by concentrated forces at joist locations plus
the shear from member 3—4. Per the problem statement,
the beam weight may be neglected. Maximum positive
bending moment occurs when the dead load only acts
over the region from 2 to 4; critical negative moment
occurs when the live and dead loads act on that region.

For the dead load only, compute the loads on the region
from 2 to 4 by proportion.

%D = Yo
(wn +(1 - R)wg,)
30 1of
= 1% =0.39
ToF oy,
30 g5+ (L= 0.33)(70 W)

Vip = (%D) V3 = (0.39)(17.2 kips) = 6.7 kips
Pp=(%D)P = (0.39)(11.1 kips) = 4.3 kips

1.1 111 w1 111 11 43
kips kips kips kips kips kips

gft|8ft | 8t 8ft| Ve = 1718 ki
V “ * v = 17.19 kips

fr| at
Yy Y

8
|
A a0t
|

o ol

aRt

Ay fy

ZM1= R, L - P(s;+52 +53+34+55)
- Ppsg — Vip(L+a)=0

Ry = P(s; 4+ 53 + 53 + 54+ 55) + Ppsg + Vap{L + a)
2.—
L

(11.1 kips}(8 ft + 16 ft + 24 ft + 32 ft + 40 ft)
+ (4.3 kips)(48.0 ft)

+ (6.7 kips)(40 ft + 9 ft)
40

= 46.7 kips

> Fy,=Ri+Ry~5P-Pp—Vyp=0
Ri=58P+Pp+ Vap— s
= (5)(11.1 kips) + 4.3 kips -+ 6.7 kips — 46.7 kips
= 19.8 kips
Maximum positive moment occurs where V=0 (that is,
at 16 [t from the left support).
M}, = Rys; — Psy
= (19.8 kips)(16 ft) - (11.1 kips)(8 ft)
= 228 ft-kips
Critical negative bending occurs over the support with
live and dead loads on the region from 2 to 3.
M; = Ps + Vza
= (11.1 kips)(8 ft) + (17.2 kips)(9 ft)
= 243.6 fi-kips
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r P+ Vy=11.1 kips + 17.2 kips
= 28.3 kips [controls]
Ve € ¢ R = P = Pp — V3p = 46.7 kips — 11.1 kips
—~ 4.3 kips — 6.7 kips
L = 24.6 kips

For the proposed 6%1 x 33, §=1225 in®. For the top
fiber of a 24F-1.7E stress class (compression zone
stressed in tension), Fy=1450 psi, E=1.7 x 10 psi,
load duration is normal, and all other adjustment fac-
tors except stability and volume are taken as 1. The
critical condition for flexure is at the overhang. From
NDS Table 3.3.3,

L em(12 i—“)
2o~ RI_33 (<7
d 33 in ’

Therefore,

I, = 1.87L, = (1.87)(9 ft)(12 -) =202 in

f(202 in}(33 m)
e \/b_2 (6.75 m)2

E .= Ey min = 670,000 psi

y.min

Fi, = CoFy = (10)(1450 M) = 1450 psi

Ibf
p _ L20E, (1.20) (670,000 1)
TR (12.1y°
= 5490 psi
o 5400 XX
b ol _379
be 1450 lbzf
m
14+ e 14 £ee\ " Fig
CL —3 bz = Fﬁ-’ F;::
19 1.9 0.95

_1+379 \/(1 + 3.79)2 _3.79
1.9 1.9 0.95
=0.98

Fromm NDS Sec. 5.3.26, check the volume factor. Take
the length of tension region as the span AR
(conservative).

v (()(2)E2) " 10

- (BHE R

=0.82 [« Cy.so Cy contrals|

Fy= CvFy = (0.82) (1450 M) = 1190 psi

in
M; (243500 ft-lbf)(12 'fE)

fo=5= 1225 ind
= 2385 psi [> F,, 100% overstress|

Check shear.

fo=Lsv (1.5)(28,290 Ibf)
*" bd  (6.75 in)(33.0 in)
F,=F,=210psi [>/]

= 190 psi

Shear is OK. Check bearing perpendicutar to grain.
Maximum occurs with live and dead lowbs on Loth

- spans. From a free-body diagram of the region [rom

1to 3,

ZM1=R2L-—P(51+52+53+S4 + 85 -+ Sg)
- Vi(L+a)=0
P(3y + sy + 534 84 +35+55)+ V(L ¢ it)
L
Bft+ 166 +24 f
+32 (440 ft + 48 ft)

+ (17.2 kips)(40 ft + 9 ft)
40 ft

Ry=

(11.1 kips) (

= 67.7 kips

F, = F. =500 psi

No B __ 67,700 Ibf
Fo b (500 "’f)(s 75 in)

=20 in [at support 2|

For the exterior supports, support 1 with R, is more
critical than at 4 with R;=16.1 kips.

N>_R____ 19800 Ibf
Foub (500 lbf) (6.75 in)

=59in [at support 1]
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Thus, the specified bearing lengths of 6 in at exterior
supports and 20 in at the interior support are adequate
assuming plate thickness is adequate and length pro-
vided at exterior supports is adequate for masonry
bearing.

For beam B, 6%1 inx28.5 in, /,=13,020 in*, and
§.=914 in®.

oe (B)(2)E2) " <10

. o
- ((gi Eft) (2:3?51%) (56-172555:1))1 ’

= 0.86 [controls|

Fy= CvFy = (086)(2400 ::;5) = 2064 psi

e-ibf) (12 18
, My (169,000 f Ibf)(l &)
] 914 ind

= 2220 psi [> F}, 8% overstress|

_ 1.5V __ (1.5)(17,200 Ibf)
fo= bd ~ (6.75 in)(28.5 in)

F =F,=210psi [>f)]

= 134 psi

]Both beams A and B are overstressed in ﬂexure.I

19.2. Recommended revisions include the following:
Shortening the length of overhang will reduce the con-
trolling negative moment and increase the positive
moment in beam A, and result in an increase in bending
moment in beam B. This may make more efficient use of
material but considering the magnitude of the overstress
(100% in beam A) it will not resolve the problem.
Changing the specified 24F-E4 to 24F-E1] alleviates
problems at the cantilever by making the top and bot-
tom allowable fiber stresses equal to 2400 psi (rather
than the 1450 psi limit for the compression zone stressed
in tension in a 24F-E4).

Relocating the splice to 8 ft to the right of line 2 changes
the shears and moments as follows,

SMy=ViL-P(si+n+85)=0

_ P(S1 + 59 < 83)

- L

_ (11.1 kips)(8 ft + 16 ft + 24 )

- 32 ft

= 16.7 kips [Vap=0.38V3 =6.5 kips|

Vs

D Fy=V i+ V;=3P=0
Vi=3P -V,
= (3)(11.1 kips) — 16.7 kips
= 16.6 kips

M;:‘ = V.]SQ - Psl
= (16.6 kips)(16 ft) — (11.1 kips)(8 ft)
= 177 ft-kips

> My = RyL — P(s) + s34 53 + 54 + 55)
— Ppsg — Vap(L+a)=0
_ P(sy+ s+ 53 + 84+ 55) + Ppsg + Vap(L + a)
L
(11.1 kips)(8 ft + 16 ft -+ 24 ft + 32 ft + 40 Ft)
+ (4.3 kips)(48.0 ft)
+ (6.5 kips)(40 ft + 8 ft)
40 ft

Ry

= 46.3 kips

Y Fy=Ri+R~5P~Pp~V3p=0
Ry=5P+Pp+ Vip— R
= {5)(1L.1 kips) + 4.3 kips + 6.5 kips — 46.3 kips
= 20.0 kips

Maximum positive moment is at 16 ft from the left
support.

M, = Ris; - Psy
= (20.0 kips)(16 ft) — (11.1 kips)(8 ft)
= 231 f-kips
My = Ps + Via
= (11.1 kips)(8 ft) + (16.7 kips)(8 ft)
= 2224 ft-kips
The positive and negative bending moments are more
nearly equal in magnitude in beam A and now con-

trolled by positive bending. The required section
modulus is

in
o Mpy (281000 o) (12 1)

F 1970 1t
m

= 1407 in®

Increase member size for beam A to 62 in x 36 in

4
(S; = 1458 in?, I, = 26,240 in%).
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o= (@) (B)E)" <10

- (GHEDEZE)”

= (0.82

{practically no change|

Check total load deflection against limit of L/240.
Superimpose case 5, AISC Table 3-22a, with dead and
live load of L1.1 kips, and case 26, AISC Table 3-23,
with dead loads on the overhang.

ePI} 0.0208Ppal’
EI EI
{0.063)(11.1 kips)(40 ft)* (12 i_n)n
— (0.0208)(6.5 kips)(8 £t)(40 ft)* fe

Ay =

(1700 k‘ps) (26,240 in%)

= 1.6 in ([L/240=2.0 in]

For beam B,

in
o Mh_ (177,000 ft-lbf)(12 E)
Ibf

= 1029 in®
F, 2064 12

Increase member size for beam B to 62 in x 31} in
(§; = 1116 in®, I; = 17,580 in*).

19.3. Determine the camber for beam B. Use 1.5 times
the dead load deflection (AISC Table 3-22a, case 4).

(0.05)(4.3 kips}{32 &)3(12 1f%)a

Ao = EPDLY _
LT B T kips
(1700 b )(17 580 in?)
=0.41 in
Acamber = 1.5Ap, = (1.5)(0.41 in)
=0.62 in [upward)

19.4. The feasible camber diagram for beam A is sim-

ply a mirror image of the deflected shape under the dead
load. Thus,

19.5. Design the connection at point 3. Compute the
bearing length required for a total shear of
V= V3 + FP=16.7 kips 4+ 11.1 kips = 27.8 kips. Take

F., =500 psi for a 24F-1.7E stress grade glulam.

6-65

N> _R___ 27800 1bf
Feib (500 "’f)(s 75 in)

=8.2in

[say 8 in|

L=8in
| |

=
by

Use !/4 in side plates of ASTM A36 steel, and use LRFD.

Ay = 2wt = (2)(0.25 in}(8 in) = 4 in?

$Pr = A, F, = (0.9)(4 m?)(sﬁ k‘ps)

= 130 kips |more than adequate]

The factored load on the bearing plate is

w, = L2wp + 16wy _ 1L.2(%D)R + 1.6(1 — %D)R
‘o b B b
(1.2)(0.39)(27.8 kips)
+(L6)(1 — 0.39)(27.8 kips)
6.75 in
= 5.95 kips/in

M, = 0.125w,L? = (0.125) (5 95 k‘ps) (6.75 in)?
= 33.9 in-kips

wi? . .
¢M.= pF, o )= M, = 33.9 in-kips

(4)(33.9 in-kips)
PFw

(4)(33.9 in-kips)
(0.9) (36 k"’s) (8 in)

=0.72in [say 3/4 in]

Bin

To resist the couple formed by the equal and opposite
shear transfer, use bolts placed approximately 4 in from
the top and bottom edges of the connected mewmibers;
that is, from the depth d=31.5 in of beam B, deduct
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two times 4 in to obtain a lever arm of a=31.5 in — (2)
(4 in) =23.5 in.

ZMWP =Rw-Ta=0

From NDS Table 111, %1 in bolts with steel side plates in
double shear for a 6%4 in main member will furnish
Zi_ = Z) = 3340 Ibf /bolt; therefore, use three %3 in
bolts on each side.

PL;X 8 X 0ftBin
PLyx 8

3-:—’ in diameter bolts

detail of connection at 3
{not to scale}

SOLUTION 20

20.1. Modify the existing ceiling framing to support
the new equipment loads. Use ASD.

w=wps = (10 'EE’—,f)(lz ft) = 120 Ibf/ft
Mpae = 0.125wl? + 0.33PL
_ IBE) 15 oy
= (0.125)(120 2 )12 &)

+ (0.33)(1000 1bE)(12 ft)
= 6120 ft-lbf

For a 4 x 8, no. 1 Douglas fir-larch, NDS Table 4A gives
Fy=1000 psi (Cr=1.3), F,= 180 psi, F,, =625 psi, and
E=1.7 x 10° psi. For the existing 4 x 8 beam, b=3.5 in,
d=7.25 in, /=111 in*, and §=30.7 in®. Check the
existing 4 x 8 under the proposed loading,.

(6120 fe-Ibf) (12 -‘E)

— Mm 3 H
fy= s - 307 ind = 2392 psi
_ _ Ibf
P = CpCpFy = (0.9)(1.3)(1000 in2)
= 1170 psi [<f)

V=05wl-wd+ P

bf
= (0.5)(120 F)(12 ft)

- (120 %) (0.60 ft) + 1000 Ibf

= 1648 Ibf
_ L5V _ {1.5)(1648 Ibf)

fo= e T Gsmgmm P

Ibf . .
F = CpF, = (0.9)(130 m—2) =162 psi {>/,|
E' = E = 1,700,000 psi

1 3
Aq, = 0-013uL!  0.036PL

El ET
1bf 1 in3
i (0.013)(120 F)(12 ft) (12 n )

ft
IRV
(1,700,000 inz)(m int)

(0.036)(1000 Ib£) ((12 ft) (12 iﬂ))a

+ i
B (111 ime
(1,700,000 22)(111 int)
= 0.30 in +0.57 in
=0.87 in
L _l4din_, ..
240 = 240 =06 in I<A'r|_]

Thus, the 4 x 8 is overstressed in bending and the deflec-
tion is excessive. Since the beam is accessible from
above, try to reinforce the beam by adding a 4 in wide
piece at top. Assume that the 4 x 8 is deflected by the
uniformly distributed load (no increase applied for
creep).

Aunit = 0.30 in

The beam stiffness must be sufficient to limit the deflec-
tion due to the 1000 lbf equipment loads.

Acone = L/240 - Ayyir = 0.60 in — 0.30 in = 0.30 in
Therefore,

_ 0.0417Pa(3L* — 4a°)

Aone = Pl =0.20 in
0.0417Pa(3L% — 44?)
Treq= _
(0.30 in)E

(0.0417)(1000 Ibf)(4 )
x ((3)12 &)* — ()4 )?) (12 g)a
(0.30 in) (1,700,000 'bf)

in?

= 208 in!
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Let h be the overall depth.

bH’
=1
bh?
>,
j2 =™

127 3 (12)(208 in*) .
> ! ! = =19
hz \/ b 35in 9-0n

Try adding a 4 x G above the existing 4 x 8, which takes
advantage of the available space and provides more
than adequate stiffness.

h=hg+h=72510+55in=1275in
bh? _ (3.5 in)(12.75 in)°

- — 605 in*
[ = 12 T = 605 in
[_605in' _ . .3
= e"6375m  Afdin

Superimpose the stresses due to 120 Ibf/ft acting on the
existing 4 x 8 with the stresses due to the 1000 Ibf
equipment load on the built-up section.

p, (2160 ft-lbf)(12 iﬂ)

_M M ft
fh=3 +73, 307 i
(4000 ft-lb!‘)(12 i—“)
N e
94.9 in3

= 1350 psi  [> F}, = 1170 psi|

This is no good because stresses due to the ceiling load
are too high. Shore up the 4 x 8 prior to installing the
top piece and then release the built-up section. The
deflection will obviously be acceptable. The built-up
section will resist stresses of

(2160 felbf + 4000 fr-1b) (12 E)

M+ M,y _ ft

fo= S, 94.9 in3
=780 psi (< F,=1170 psi]

Shear stresses are OK by previous calculations. Try
connecting the two pieces with 16d toenails as shown.

From NDS Table 1IN for a 16d common nail (D=
0.162 in), toenailed (G, = 0.83),

= CpCuy = (0.9)(0.83)(141 Ibf)
= 105 Ibf  jper nail|

Critical shear flow occurs at the interface between the
4x8 and 4x6 near the supports where shear is
maximum.

V=R = 1720 Ibf

7=0.5(h — dg) = {0.5)(12.75 in — 5.5 in)
=3.625 in

Q = bdg§ = (3.5 in)(5.5 in)(3.625 in) = 70 in®

_ V@ _ (1720 Ibf)(70 in)

e =5 1 = 199 Ibf/in
z 105 i'fl
s=— = —'l‘;;. = 0.5 in/nail
q 199 —

Even with nails on opposite sides, which would increase
the spacing along each side to 1 in, the spacing is too
close to be practical. Therefore, try attaching the fwn
pieces using lag screws installed from above and pene-
trating the existing 4 x 8. The resulting loss ol cross
section should not be critical because the bending
stresses are only about 75% of that allowable in the
built-up section.

From NDS Table 11], try %1 in diameter x 9 in lag
screws and assume a group factor, Cg, of 0.7.

Zy = CpCqZy = (0.9)(0.7)(960 Ibf)
= 605 Ibf [per lag screw]
Near the supports,

¢= 199 Ibf/in
Zy _ 605 Ibf
=— o =3in [=4d|
7 199 o

Near the load point,

(1000 Ib£)(70 in?)

=— = f/i
q T w05 It = 116 Ibf/in
zl'
.'.'=—Jl 605 ll';t;._ 5.25 in
7 116 =
in

In the 48 in end regions, the spacing averages more than
4 in o.c., requiring 10 lag screws. Therefore, per NDS
Table 10.3.6A, A,=(3.5 in)(5.5 in) =19 in% the group
factor for 10 lag screws equals 0.7 and is conservatlve for
the fastener diameter and spacings used. Start. |he first
lag screw at 3 in from the end, then vary spacing linearly

PPl o www.pplZpats.co e
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from 3 in o.c. to 5.25 in near the load point; no lag
screws are required in middle region (where Vis zero).
Minimum penetration into main member (NDS
Sec. 11.1.3) is 4D =23.0 in; therefore, the overall length
of 9 in is adequate.

2in x 0 ft 9 in lag bolis

— - — —

f) — - axisting:4 X8,
" space 2@ 3in, 2@ 35in,
e — 3] 2@4in,2@45in,2@5in

{not to scale} —=iinl

Recalculate the flexural stresses assuming that the por-
tion of the lag bolt in the tension zone resists no tension
{per the AITC Manuel). Let ¢ equal the distance from
the bottom fiber to the neutral axis.

_bd? = b4 ba?
C = T e
2(bd ~ b'c+ b'a)

(3.5 in)(12.75 in)® — (0.75 in)e? .
+ (0.75 in)(3.75 in)*

- - ((3.5 in)(12.75 in) — (0.75 in)c)
+(0.75 in)(3.75 in)
0 in® = (0.75 in)® — (94.875 in?)c + 579.516 in®
¢=6.07 in

Using the parallel axis theorem and treating the area of
the hole below the neutral axis as negative contribution
gives
! 3
I'=1+bd(0.5d - ¢)? - icl-fﬂ)—
2
- ¥{c— a)(((}.S)(c - a))
= 604.5 in® + (3.5 in)(12.75 in)
2
x ((0.5)(12.75 in) - 6.07 in)

_(0.75 in)(6.07 in — 3.75 in)®
12
- {0.75 in)(6.07 in — 3.75 in)

2
X ((0.5)(6.07 in ~3.75 in))
= 602.6 in®

The top fiber stress is more critical than the bottom.

Ciep = 12.75 in -~ 6.07 in = 6.68 in

in
(2160 fi-lbf +4000 &-lbf)(m E)

N 90.2 in?
=820 psi |< F'y=1170 psi|

Therefore, the built-up beam is OK.

The following illustration shows an alternative way to
strengthen the beam and stay within the 5.5 in addi-
tional depth limit. This option may be feasible, but it is
not investigated in this solution.

2-2 X 8 inew)

2 X 4 blocking

It

T

¥

Ty

B

[

connect to transfer
shear flow, Va/[

section—alternate detail
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PROBLEM 1

The north wall of a building contains a number of
masonry piers. A portion of the wall elevation is shown.
The seismic forces indicated were computed using
ASCE 7, and are given as strength-level loads.

_'_/

27z

grade beam

.,.:Z_:.

aft Bft
{typical} |tvpica.ll
part north wall elavation

Design Criteria
¢ seismic design category D
* Sps=1.0
¢ redundancy factor=1.0
® dead and live loads acting on wall to be neglected
¢ width of grade beam=1 ft 4 in

® masonry units are 8 in concrete masonry units (CMU)
solid grouted hollow concrete block

o fI =15 ksi

e grade 60 reinforcement

e f =3 ksi standard weight concrete
e V =128.6 kips

e M =+57.1 fi-kips

1.1. Design a typical wall and a typical grade beam.
Use horizontal wall steel at 32 in on centers,

1.2. Provide detailed sketches of sections A-A and B-B.

Masonry Design

PROBLEM 2

The retaining wall shown is to be constructed with
concrete masonry units (CMU) in conformance with
the IBC.

level {no surcharge)

concrete masonry units
{CMU) as required

10 ft

4i

L
1

1ftdin

1ft as raquired
to nearest half-foot

Design Criteria
® equivalent fluid unit weight, kv, = 30 Ibf/ft3

® resultant of soil pressure is to be in middle third of
footing

® maximum soil bearing pressure = 2500 1bf/ft?

o coefficient of friction (soil to concrete), p,=0.4

® soil unit weight, v, =90 Ibf/ft*

® 12 in (CMU) by 8 in high (unit weight =100 Ibf/ft”)
® fr =15 ksi

® grade 60 reinforcement

e f =2 ksi normal weight concrete

2.1. Design the masonry cantilever retaining wall, and
size the concrete footing. Do not design the footing
reinforcement.

2.2. Provide a sketch detail indicating all dimensions,
reinforcement, and any other pertinent data. Show rein-
forcement for the wall as designed. Indicate the place-
ment of footing reinforcement, but do not design steel
for footing.




7-2

STRUCTURAL ENGINEERING SOLVED PROBLEMS

PROBLEM 3

The uniform tributary roof load on a fully grouted
exterior bearing brick masonry wall is shown. The brick
wall is 13.5 in thick, and the wall weight is 135 1bf/ft’.

uniform roof dead load = 380 Ibf/it
uniform roof live load = 300 Ibf/ft

_______________________ ] 3ft
11 ft
30 ft
A; *A F 16 ft
16t 4ft8in 16ft
wall elevation
b=4ft8in
Jin
T | [t

Design Criteria

seismic design category D
Spg = 1.0 ksi
redundancy factor=1

fi, =2.5 ksi

f, =60 ksi

importance factor = 1.0
use strength design

neglect eccentricity

3.1. Calculate reinforcement at pler A-A to satisfy
combined vertical and seismic forces perpendicular to
the wall.

3.2, Sketch a plan detail showing vertical and horizontal
reinforcing steel.

PROBLEM 4

Shown is an exterior wall of regular weight hollow con-
crete block with all cells filled.

*1000 Ibffft dead load

Ton =
J

50 Ibf/fi? o 9 ft
wind load RE

—ty = 7.83in

Design Criteria

® assume connection of slab to wall is adequate
e f =14ksi

® f, =060 ksi

weight of ungrouted masonry units = 35 Ibf/ft?

4.1. Determine the adequate reinforcement to be
placed in the center of the wall for the loads shown.
Show all calculations.

PPl ©# www.ppiZ2pass.com
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SOLUTION 1

1.1. Design a typical grouted masonry shear wall for
the given seismic forces. Neglect the gravity loads, and
use grade 60 reinforcement and f/, = 1500 psi, per the
problem statement.

Use the working stress design method from either
ACI 530 Chap. 2 or IBC Sec. 2107. Convert the strength
level seismic loads to working stress level. Use the basic
load combinations of IBC Sec. 1605.3.1 (with no increase
in allowable stresses, per IBC Sec. 1605.3.1.1). According
to ACI 530 Sec. 1.17.3.2.6.1.2, shear must be increased
by a factor of 1.5 when checking shear strength, but no
increase is required for the overturning moment.

V = (0.7)(£28.6 kips)

= +20 kips {working stress level|
M = (0.7)(£57.1 ft-kips)

= +40 ft-kips {working stress leve]|

40 ft-kips

M=
V= =20 kips

Bin CMU: £, = 1500 psi

10 ft grade 60: F, = 24,000 psi

At the base of the wall,

Mo,= M + Vh=1(40 fi-kips + (20 kips)(10 ft))
= +240 ft-kips (240,000 ft-1bf)
Try d ~ 0.9k = (0.9)(8 ft)(12 in/ft) = 86.4 in.

in
M _ (240,000 fgf)(m —)
oMo

ft
F.d Tot :
(24,000 inz) (86.4 in)

=139 in®> [say two no. 8 at each end|

Two no. 8 bars would give an area of A, = 1.58 in.
Check stresses based on this trial value of A, (see
ACI 530 Chap. 2). Calculate a more accurate estimate
of d. Position the bars 4 in and 6 in from the end of the
wall. The centroid of the bars is (4 in+6 in)/2 = 5 in
from the end of the wall.

it

]

Sin

d= (8 &)(12 %) _5in=9lin

_ A 1.58 in? — 0000
£ 5d = 7625 (ol ) . 00228
g 29,000,000 2
(e NGO {

En 900/,
29,000,000 ::—f

= Ibf
(900)(1500 m_2)

=215

pn = (0.00228)(21.5) = 0.049

k= \/(pn)? + 2pn — pn

= /(0.049)" + (2)(0.049) — 0.049
= 0.268
j=1-0.333k = 1 - (0.333)(0.265) - 0.}

in

;oM _ (240,000 ft-lbf)(l2 E)
*= 4,jd ~ (1.58 in?){0.81)(91.0 in)
=22,000 psi [< F, = 24,000 psi|

- ()

(240,000 fi-1bf) (12 ﬂ) (

ft
(7.625 in)(91.0 in)?

2
(0.91)(0.264 ))

374 psi

= - Ibf
F.=0.333f, = (0.333)(1500 in'z)
=500 psi [f,< F
Per IBC Sec. 2107.3, the required lap splice length is

f . 9
- in . 1
0.002d,f, = (0.002 —Ihf)(l m)(zz,mm ,m_z)

=44 in |[controls)
40d, = (40)(1 in)
=40 in

lg >

\12 in

However, the stress in the no. 8 bars is f, = 22,000 psi,
which is greater than 0.8F, = (0.8)(24,000 Ibf/in*)
= 19,200 psi, so IBC Sec. 2107.3 also requires that this
value for ; be increased by at least 50%.

I > (1.5)(44 in) = 66 in

[ Use two no. 8 bars on each side. |

Check shear. According to ACI 530 Sec. 1.17.3.2.6 1.1, »
50% increase in shear is required for a special reinforecd
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masonry wall, so use 1.5V in calculations instead of V.
From this and ACI 530 Eq. 2-23,

_ 1.5V _ (1.5)(20,000 Ibf)
=== (7.625 in)(91.0 in)

=43 psi

Check whether ACI 530 Eq. 2-25 or ACI 530 Eq. 2-26
should be used to calculate the allowable shear stress.

in
p, (240,000 Ft-lbt‘)(12 E)
1.5Vd "~ (1.5)(20,000 Ibf){(91.0 in)
=1.05 [> L0, souse ACI 530 Eq. 2-26)

From ACI 530 Eq. 2-26,

VI = /1500 B =39 BL 1oontrols
Fu < n 1mn
- IbE
5 2

f, > Fy, so shear reinforcement is required. ACI 530
Eq. 2-29 gives

1.5/ fm = 1.54/ 1500 &g = 58 % [controls]
in in
Fy
75 of
in

f. < Fy, so this is OK. Using horizontal wall steel at 32
in on centers, then from ACI 530 Eq. 2-30, the required

area is
_15Vs _ (1.5){20,000 Ibf)(32 in)

shariz = =
: F.d BE o1 -
4 (24,000 23) (910 in)

= 0.44 in?

A

The corresponding area of vertical steel placed at 32 in
on centers is

s _ (20,000 1bf)(32 in)

A ==
s,vert F bf
e I )(910 il'l)

=0.29 in®
d (24,000

in2

For the horizontal steel, try no. € bars (nominal area of
0.44 in?) at 32 in. For the vertical steel, try no. 5 bars
(nominal area of 0.31 in®) at 32 in. From ACI 530
Sec. 1.17.3.2.6(c), for seismic design category D, the
minimum vertical and horizontal wall reinforcement
must satisfy

Ayporiz + Asyerr > 0.0024,
> 0.002bs
0.44 in® 4-0.31 in® > (0.002)(7.625 in}(32 in)
0.75 in? > 0.48 in® ([so OK|

Use no. 6 bars at 32 in o.c. horizontally and no. 5
bars at 32 in o.c. vertically (anchor horizontal bars
with standard hook).

1.2. Design the typical interior portion of the 16 in x

24 in reinforced concrete grade beam supporting the .
wall. Use the strength design method from ACI 318, ]
with f, = 3000 psi and £, =60,000 psi. |

- y

-

—~
-?;.—,.‘:--..._T__r (LR

Points of inflection occur at the midspan of the grade
beam. )

i

c
166t - 6.8 ft

6.8ft
typical)

(240,000 fe-lof) (12 %)

(0.91)(81 in)
= 34,800 Ibf [working stress level]

16ft -~ 68f=92H

D Mu=2M, - (92 f&)V,=0

22)

> Mg = —240,000 ft-1bf + V(6.8 ft) + 2M, = 0

= —240,000 E-Ibf + (g—g’—;t) (6.8 Ft) +2M

e

240,000 ft-lbf

(ML&) (6.8 £t) + 2

= 69,000 ft-1bf

_ (2)(69,000 ft-1bf)
- 92 ft

My=

Vy

= 15,000 IbE
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Design flexural steel.

d = h — cover — 0.5d,

=24in-3in-1in

=20 in
M. = M, _ 69,000 fi-ibf
T oT 0.7
= 98,600 ft-lbf

M, =o¢M, = ¢pbd’fy(1 - 0.59p(.%))

in
(98,600 ft—lbf)(lz E)
= 0.99(16 in}(20.0 in)*
Ibf
X (60,000 '171-2')

60,000 2t
x [ 1-0.59p =
3000 12
n
p = 0.0036

A, = pbd = (0.0036)(16 in)(20.0 in)
= 1.15 in?

200b,d
/y

(200

A.l.min =

;’j—g)(lﬁ in)(20.0 in)

60,000 1
1n

=1.07 in? {[does not control]
Therefore,

A7 = At =1.15in’

Use two no. 7 continuous top and bottom bars.

Design for shear based on the probable flexural strength,
treating the beam as singly reinforced for flexural
calculations.

1.25f,A,
% = 0.85f.b
Lbf

(1.25) (60,000 —) (1.20 in?)

in?
)(16 in)

Tof
in?

(0.85) (3000

My = 1.25f,A,(d - =)

f l_hi o
(1.20)(50.000 _m2)(l.20 in?)

X (20 in —-—-—2'2; in)
12 0

ft
142,000 ft-1bf

Add the gravity load shear of the grade beam.

wy = w.bh

=(150 M) 16in | [ 24

fe? in in
12 2/ \12 2
= 400 Ibf/ft
V= “g"’ + (1.2 +0.25ps)w(0.5L)
_{2)(142,000 f-1bf)
B 9.2 ft
+(1:2+(02)(1.0)) (400 %f) (0.5)(9.2 £t)
= 33,400 Ibf

More than 50% of the design shear is due to seismic
effects; therefore, neglect V. and design stirrups to resist
the entire shear. Use no. 3 hoops.

A, = (2)(0.11 in?) = 0.22 in?

v, = Ve _ 33,400 Ibf

0o 44,500 1bf

,

- =5in [controls|

8d, = (8)(0.875 in) = 7 in
24d), = (24)(0.5 in) = 12 in

d_20in
4

s<
Af,d (022 n%)(60,000 ::—f,) (20 in)
Ve 44,500 1bf
=59in

oo
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For simplicity, use 5 in spacing throughout. There is
only about 1 ft over which the spacing would be allowed
to increase to d/2.

__A
2-No. B vert. each end,

No. 4 vert. @ 24 in o.c.

dowels Jwe match venicals

72 in No.4 @ 24ino.c.

o _— 2-Na. 7 top (cont.)

|__—No.30 @S5inoc.

|/ .
— L 2-No. 7 bottom (cont.)

section A-A
{not to scale)

2-No. 8 {grouted cells)

e e E

section B-B
{not to scale)

<

SOLUTION 2

2.1. Design the masonry retaining wall and size the
footing. Given: The unit weight of the soil is 90 1bf/ ft,
the equivalent fluid weight is 30 lbf/fts, the allowable
soil bearing pressure is F, =2500 Ibf/f?, £, = 1500 psi,
and f,= 60,000 psi.

h=10*%

Tt Lyew

{not to scale}

Per the problem statement, the looting is to be rein-
forced concrete, but design of the footing reinforcement
is not required. The stem is to be reinforced concrete
masonry with f;, = 1500 psi. The toe of the wall is to be
1 ft forward of the outside face of the stem. The com-
pression resultant is to pass through the middle third of
the footing (that is, within the kern so that there is
compression beneath the footing throughout). Provide
a factor of safety against sliding of 1.5 (friction coeffi-
cient is 0.4) and provide a factor of safety against over-
turning of 2.0. Try a 12 in wall uniform thickness, but
vary the vertical reinforcement. The unit weight of the

reinforced masonry is 100 Ibf/ft". Design on a unit
length basis. The force of the compression resultant
per foot of wall is

P =0.5(k,y,}H*(1 £t)

= (05)(30 ‘f‘z—:f)(u.ss f)2(1 ft)

= 1926 tbf

The overturning moment created by this force is

m—r
— (1926 lbf)(”':;a ft)
= 7267 ft-Ibf

Neglect the passive resistance to sliding and provide a
factor of safety of 1.5. Find the minimum vertical force.

p,W 2> (FS)P
(FS)P

Wo—
K,

 (1.5)(1926 1bf)
= 0.4
> 7223 Ibf

The stem weight per foot of wall is

W\ = wuath(l ft)

= (100 lf‘z_:f)(l £)(10 fe)(1 ft)
— 1000 Ibf

The weight of the backfill plus footing per foot of wall is

w= 7, hloe(L &) + wetLue(l &)
= (%0 M)(10 &)(1 )L )

&3
+ (150 25 (133 )1 )1 )

ft?
= 1100 Ibf

To provide the required factor of safety against sliding,

o)z w

Lo > (W = Wi laor
w
(7223 1bf — 1000 IbA)(1 )
= 1100 Ibf
>5.7 &

PPl @ www.pnol2oass.com
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The total required footing width is

* B= Lige +t+ Lyea
=1ft+1ft+57"%
- =77 ft

Try 7 ft 8 in total width of footing. The total vertical
force per foot of wall is then

W= W, + W, + W,
= Wy + v, Lyeah(E {t) + wtB(1 ft)

1000 1b + (90 'f':—j)(s.'f f)(10 FL)(L fe)

+ (150 'f:’—f)(l.as R)(7.5 FE)(1 ft)

= 1000 1bf + 5130 1bf + 1496 ibf
= 7626 1bf
Calculate the factor of safety against overturning. The
moment resisting overturning per foot of wall is
M, = W\T1 + WiotingZe + WriZa
= W) + wctB(1 ft)T + y,Lneah(l ft)Z;

= (1600 1bf)(15 &) + (150 ‘f‘t’—:f)

x (1.33 £6)(7.5 f)(1 ) ((0.5)(7.5 ﬂ:))
+ (90 '&% (5.7 ££)(10 ££)(1 £)

x (7.5 ft — (0.5)(5.5 ft))
= 31,480 ft-1bf
M,

FSovert.urning =37

M,
31,480 ft-Ibf
7267 ft-lbf
=43 [OK}

The resultant vertical force acting on the soil beneath
the footing is located at

M. -M,
w

_ 31,480 ft-Ibf — 7267 ft-Ibf
- 7630 ft

T=

=32f
One-third of the footing width is

The resultant falls within the middie third of the foot-
ing, as required. Check the bearing pressure.

W/Z’;/;/.w- 7724
i

&
1000 Ibf :
rmb I

|
1926 Ibf

1496 Ibf
!
f

Pl

.
Bal LI

fort+ Il {

fP. 2

With the resultant within the middle third, the footing
exerts compression throughout the width. Properties of
the footing per foot of wall are

A= B(1 ) = (7.5 ft)(1 ft) = 7.5 ft?

BA(1ft) (7.5 ft)’(1 &)
6 6

Take moments about the midwidth (7.5 fit/2 or 3.75 ft
from the toe).

S= =9.38 i’

M=M,+ Wz — Wy,
= 7267 ft-Ibf + (1000 Ibf)(2.25 ft)
~ (5130 b)(1 ft)

= 4387 ft-1bf
o= W _ M _ 7626 Ibf _ 4387 fi-lb(
PLTA 8 T 7.5 2 9.38 ft?

= 506 Ibf/ft2 [< F, = 2500 Ibf/ft?|

W, M _ 7626 Ibf , 4387 ft-Ibi

fie= g+ =75 T ommw

= 1480 Ibf/ft? [< F, = 2500 Ib(/IL’]

|Use a footing width of 7 & 6 in. |

2.2. Design the wall reinforcement at the base of stem.

Pstem = 0'5(k07J)H§tem(1 &)

= (0:5)(30 ﬁ-f)(w.o B)2(1 )

= 1500 1bf

= Pacn (P52

= (1500 Ibf) (%)

= 5000 ft-lbf

PPI » www.ppl:pall.eom’[.j
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For a 12 in (nominal) block, allow 2 in from the back
face to the centroid of steel. Use grade 60 rebar
(F,= 24,000 psi) with d=9.63 in.

d= taceyat — 2 in

=116 in—-21in
=9.63 in
in
M (5000 &-lbr)(lz E)
=T Tof -
(24,000 1n2)(0.875)(9.63 in)
2= 0.30 in®

Try no. 5 bars {nominal area of 0.31 in’} at 12 in on
centers. Check stresses based on this trial value, A, =
0.31 in?, using ACI 530 Chap. 2.

0.31 in®

A, 03lin?
P=4d = 2 in) (063 m) _ 000

29,000,000 2
n

(900) (1500 ::—E)

=215

pon = (0.0027)(21.5) = 0.058

k= \/(m‘t)2 + 2pn — pn

- \/ (0.058)° + (2)(0.058) — 0.058
= 0.287
j=1-0.333k = 1 — (0.333)(0.287) = 0.90

o (5000 Et-lbf)(12 %)
¢~ Agd  (0.31 in2)(0.90)(9.63 in)

= 22,300 psi [< F, = 24,000 psi|

- (4

(5000 ft-lbf)(lz 'E“) ( ) )
(12 in)(9.63 in)? (0.90)(0.287)

= 417 psi
B} i Ny
F.=0.333f, = (0.333)(1500 inz)

=500 psi {f,<F

Check the shear using ACI 530 Sec. 2.3.5.2.

=V _ 1500 Ibt
"~ bd ~ {12 in)(9.63 in)

= 13 psi
F": V-fm U,,(Fu<50 PSi]
= /1500 1o
in
= 39 psi
Per IBC Sec. 2107.3, the required lap splice length is

0.002dsf, = (0.002 g) (0.625 in) (22,300 :';’—2)
=279 in [controls|
429 404, = (40)(0.625 in)
=25 in
| 12 in

However, the stress in the no. 5 bars is f, = 22,300 psi,
which is preater than 0.8F, = (0.8)(24,000 1bf/in?)
= 19,200 psi, so [BC Sec. 2107.3 also requires that this
value for I; be increased by at least 50%.

Iy > (1.5)(27.9 in) = 42 in

Check the minimum steel area required by ACI 530
Sec. 1.17.3.2.6(c}).

As.min > 0-002btu:mal
Ay vert + Agporiz 2 (0.002)(12 in)(11.63 in)
> 0.28 in?

The value for A, . (0.31 in?) by itself exceeds A, min-
However, according to ACI 530 Sec. 1.17.3.2.6(c), at
least one-third of A, 5, must be in the horizontal steel.

0.28 0%
£t — 0.093 in?/tt

As,lwriz 2 3 . e 3

This could be no. 4 bars (nominal area of 0.20 in®)
spaced at 24 in on centers. Number 5§ bars at 12 in on
centers for the full height are needed to satisfy the
minimum steel requirement.

Use no. 4 bars at 24 in o.c. horizontal and no. 5 bars
at 12 in o.c. vertical.

PPI » www.pplZpass.com
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Tt

QinQin 5ft6in

No.5 @ 12in o.c.
No.4 @ 24in o.c.

1.
25 tn clearance

W hOin ]
No. Ell @ 12in o.c.

1hain] [T
-

3 in clearance

saction

{not to scale)

SOLUTION 3 =

3.1. Calculate the reinforcement for the 4 ft 8 in wide
pier under the dead gravity plus seismic loading. Per the
problem statement, assurne that the given dead and live
loads are applied concentrically. Check load cases 5, 6, and
8 of ASCE 7 Sec. 2.4.1. For seismic design category D,
ASCE 7 Table 122-1 requires a special reinforced
masonry bearing wall for which the out of plane forces
are determined per ASCE 7 Sec. 12.11.1.

0.45ps  wwan = (04)(1.0)(1.0) (135 M)

ft2
w> = 54 |bf/ft?  [controls|
0. Lwywu = (0.1) (135 ';;_5) — 14 Ibf/82

For the cantilevered parapet, ASCE 7 Table 13.5-1 gives
a,=R,=2.5, and the lateral force on the parapet is
given by the equations in ASCE 7 Sec. 13.3.1.

[ (0.48,5ps ]y W 2z
(—-—-—-—Rp (l + -'h—)

(0.4)(2.5)(1.0)(1.0)

|- (135 lf%r)

2.5

(o

= 162 Ibf/ft? |controls]

_ Ibf
0.38 03/ phean = (0‘3)(1.0)(1.0)(135 &—2)
i = 41 lbf/ft?

For design of the structural bearing wall, it is not neces-
sary to include the peak loading from the parapet (a
nonstructural component}, but it is conservative to do
so and that approach is used in the following analysis.
For vibration in the fundamental mode, the force in the
parapet acts in the opposite sense to the lateral force on
the wall. This loading creates maximum bending
moment in the wall pier, but it underestimates the
reaction that must be transferred between the wall and
the roof diaphragm, which would be calculated for a
higher mode shape with wall and parapet forces in the
same direction. Also, the special coundition of IBC
Sec. 1604.8.2 must be met. The tributary wall width is
4.67 ft in the lower 16 ft, and 4.67 f + 16 ft =20.67 ft in
the upper region and parapet.

Ikg Wi [=———] L Hooot

1 ft W2

16 ft — W

—E—— HMygor
wy = wh = (54 i:%f) (4.67 ft) = 252 Ibt/ft
w5 b (54 ‘f':—f)(zo.a? f) = 1116 IbE/ft
IbE
= wpby = (162 28) (20,67 £) = 3350 Ibf/kt

wy = wpby = (162 27)(20.67 ft) = 3350 bt/

> Muoot = Huooeh — wya(h — 0.5a)
— unb(0.50) = wyc(0.5¢) =0
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wyalh - 0.5a) + w2b(0.58) + w3¢{0.5¢)

h
(252 l-%f)(lﬁ fe) (27 fe - (0.5)(16 ft})

Hﬂour =

+ (116 ‘?—tf)(n )(0.5)(11 ft)

+ (3350 %)(3 £6)(0.5)(3 £t)
27 1t

= 5896 lbf

Y Fhoiz = w1a + w2b — wyc — Hacor — Heoot = 0

Hioot = wia + wpb — w3c — Hpoor

= (252 %)(16 ft) + (1116 %)(u ft)

Ibf
- (3350 E) (3 ft) — 5896 Ibf
= 362 Ibf

Maximum bending moment occurs where shear is zero.

Visr = Vbouom — w1 (16 ft)
1bf
= 5896 Ibf — (254 E)(u;‘. ft)
= 1832 Ibf
V= Vus[; = WQ(:L‘— 16 ft) = (
Ibf
= 1832 Ibf — (1116 —&—)(z — 16 ft)
z=17.6
Therefore, maximum bending moment occurs above the

top of the pier, which is not critical. Check combined
stresses at the top of the pier, 16 ft above the base.

Mg = 0.5(Hgoor + Vier)a
= (0.5)(5896 IbE + 1832 Ibf)(16 i)
= 62,000 ft-1bf

— 3350
IRT b [T 362100 .
']
nh 1116 Ibifit |
1864 Ibf Mres .
16 ft x =
252 |bfrft e
5896 Ibf [ |
5896 1bf ¥ Ly

The service axial loads at the critical section are

Pp = (wp + weancls

= (360 Ibf . (138 M)(n f)) (2067 ft)

ft2 ft2 "
— 38,140 Ibf .
Py = wys = (300 %) (20.67 ft) = 6,200 Ibf

With the redundancy factor, p, taken as 1.0, the load
combinations can be simplified. For case 5,
(1.2+0.25p5) D + pQg + L= (1.2 + (0.2)(1)) D
+1Qg+ 1L
=14D+ Qg+ L
P,=14Pp + Py,
= (1.4}(38,140 1bf)
+ 6200 1bf
= 59,600 Ibf
M,= M, =62,000 ft-1bf

For case 7,

(0.9 - 0.28p5) D + pQgp = (0.9 — (0.2)(1.0)) D+ 1Qg
=07D+ Qg
P, = (0.7)(38,140 1bf)
= 26,700 lbf
M,= M. = 62,000 ft-1bf

PPl » www.pplZ2pass.com
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MASONRY DESIGN 711

Place the reinforcement in two faces and consider only
the far face to resist tension. Per ACI 530 Sec. 1.15.3.5,
allow a minimum of | in grout cover between the inside
shell and the reinforcement, and estimate the effective
depth based on an assumed dy= 1 in.
d = t — shell = cover ~ 0.5,
=13.5in -3 in - 1.0 in — (0.5)(1 in)
=9.0in

Try the minimum reinforcement as required by ACI 530
Sec. 1.14.1.2.

Ay = 0.00254, = 0.0025b¢
= (0.0025)(56 in}(13.5 in)
= 1.89 in?
A, > 054, = (0.5)(1.89 in?) = 0.95 in?

Try four no. 5 bars in each face.

A, = (4)(0.31 in?) = 1.24 in®

For a tension-controlled flexural failure, case 7 is
critical.

A, + P,
0.8fb

a=

Ibf
in?

Ry
(0.8)(2500 m_z) (56 in)
= 0.90 in

(1.24 inz)(G0,000 ) + 26,700 Ibf

¢M, = ¢(A.f,(d - 0.5a) + P,(0.5t - 0.5a))
[ (1.24 inz)(G0,0DO ::—5) \
9.0 in — (0.5)(0.9 in
00) x (9.0 in - (0.5)(0.9 in))
+ (26,700 lbf)((o.s)(13.5)

\ - (05)(09 in)) )
in
12 2
= 60,325 ft-lbf <M, = 62,000 ft-lbf]

Flexural strength is inadequate, so increase the area of
steel. Try four no. § bars in each face.

Ay = (4)(0.44 in®) = 1.76 in®
Check case 7.

A.‘lfy + Pu
08/ b

a=

(1.76 in?)(60,000 '—b—g) +26,700 Tbf
— 1n

TRy
(0.8)(2500 in—z)(ss in)
=1.18in

$Mo = $(Af,(d —0.52) + Po(05¢ - 0.50))
[ (1.76 in?) (60,000 25) \

X (9.0 in = (0.5)(L.18 in))
(0.9)

+ (26,700 Ibf) ((0.5)(13.5)

\ - (05)(1.18 in)) )
in
12 B
= 178,900 ft-Ibf  [> M, = 62,000 ft-Ibf]

Verify that tension steel yields.

a _1.18in .
o e— e e = ]_,
c A, 0.8 48 in
L _ Emu
d—c¢ c
(= (d - c)emy
c
_ (9.0in — 1.48 in)(0.0025)
- 1.48 in
=0.0127
;. 60000 f
=¥ = in
Bs " 29,000,000 L
m

= 0.00207 [e,>¢,]

Tension steel yields as assumed and the flexural
strength is adequate. Calculate the nominal axial
strength meodified for slenderness in accordance with
ACI 530 Sec. 3.34.1.

=2 f—12 @ _ -
"= bt Gem)(135m) —ooin

PRI o www.pplzlgl-l,ggng_..:'
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Use the full unsupported height of wall to compute {con-
servatively) the axial compression capacity of the pier.

%= (27 ft)(12 E) L

390 in {< 99, so use ACI 530 Eq. 3-16}
901

¢Pn = WB(O-Sfm(An - Asl) +fyAst)

E 2
T

140

(0.8)(2500 “’f) (156 in)

= (0.9)(0.8)] x(13.5in)-352 inz)

2 Ibf
+(3.52 in )(60 000 |n2)
83
X (1 (140) )
= 801,300 Ibf  [> P, = 59,600 Ibf|
Therefore, the design is OK. Provide minimum lateral

reinforcement for a special column per ACI 530
Sec. 1.14.1.3; that is, no. 3 ties at 8 in on centers.

Provide no. 3 ties at 8 in o.c. Use 4 no. 6 vertical bars inl
each face.

3.2. A plan detail showing the vertical and horizontal

\ 4-No. 6

steel is shown.

No.3 @ 8ino.c.

\ fully grouted

SOLUTION 4. s

4.1, Design the wall reinforcement for the given load-
ing using grade 60 steel. f], is given as 1400 psi and end
connections are adequate. Design according to ACI 530
Chap. 3, using strength design theory based on a unit
width of wall spanning simply supported from the base

to the floor above. Per ACI 530 Sec. 1.13.1, the span
length of the wall is
r

clear height +2¢=9 ft + M
12 2
5 < 4 ft
e =10.3 ft
center to center 22 9.5 ft [controls|
L of supports

For factored load combination 4 of ASCE 7 Sec. 2.3.2,
U=12D+16W
Per foot of wall,

wy = L6w(l ft) = (1.6)(50 B’—f)(l ft) = 80 Ibf/ft

Py = 1.2Pp(1 ft) = (1.2){1000 %f)(l ft) = 1200 Ibf

Per the problem statement, use a single layer of steel
positioned at the middle of the wall.

d = 0.5t = (0.5)(7.63 in) = 3.8 in

For design of walls for out-of-plane loads, ACI 530
Sec. 3.3.5.3 applies. Per foot of wall,

A, bt (12 in){7.63 in)
= 13 psi
0.0/ = (0.05)(1400 M)
|.l A 1
= 70 psi i/ 4s _
50 ACI 530 Sec. 3.2.5.4 applies

Calculate the deflection at midheight based on the gross
area and the factored wind loading. Per foot of wall,

= 1.6w(l ft) = (L. 6)(50 (1 ft) = 80 Ibf/ft
B = 900/, = (900){ 1400 '—'35)
= 1,260,000 psi
b
I=3
_ (12in)(7.63 in)°
- 12
= 444 in*
5. 0013w At
“ Enl
Ibf in)3
_G 013)(80 )(9 5 ft) (12 E)
(1,260,000 “’f) (444 in%)
= 0.026 in

PPl &« www.ppl2pass.com
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Try no. 4 bars at 24 in o.c., so A,=0.10 in*/ft. Per
Table C3-1 in ASCE 7, nominal 8 in ungrouted masonry
units weighing 35 Ibf/ft? have an average weight of
approximately 50 Ibf/ft? when cells are grouted at 24

in on centers. So, per foot of wall,

Py = 1.2P,(1 &) = 1.2w,(0.50)(1 ft)

_ Ibf
i (1.2)(50 ﬂ:2)(0.5)(9.5 fe)(1 ft)
— 285 Ibf
Pu"_‘ Puf + Puw
= 1200 Ibf + 285 Ibf
= 1485 Ibf
2
M,= ‘LU,,.SL +Pufeu+Pu6u
Ibf 2
(80 Z )(95 &)

= 5 + (1200 1bf)(0 ft)

+ (1485 Ibf) | 2926 in
1218
f
= 906 ft-Ibf

Alfy+Pu

T 0.8f,b

» IbE
(0.10 in?) (60,000 :23) -+ 1485 Ib

(0.8) (1400 M)(12 in)

in?
= 0.56 in
¢M, = ¢(Af,(d — 0.5a) + P,(0.5t — 0.5a))
[ (0.1 inz)(G0,000 M) \

in?

x (3.8 in — (0.5)(0.56 in))
(0.9)
+ (1485 1b£) ((0.5)(7.63 in)

The flexural strength is more than twice the design
moment. Try increasing the spacing of the no. 4 bars
to 48 in on centers (A, =10.05 in®/ft). There is negligible
change in P,,. Therefore, check capacity using the pre-
viously computed values of M, and P,. Per foot of wall,

Af, + P,
= ———
0.87b
in? Ibf
_(005in )(60,000 27 + 1485 bt

By,
(0.8)(1400 ?)(12 in)
=033 in

oM, = ¢(A.f,(d — 0.5a) + P,(0.5¢t — 0.5a))

( (0.05 in?) 50,000 }:—5) W
x (3.8 in ~ (0.5)(0.33 in))
(0.9)
+ (1485 lbf)((0.5)(7.63 in)
\ - (05)(0.33 in)) /
} 12 0
fr

=1224 ft-Ibf  [> M, =906 ft-1bf]

The wall is adequate with no. 4 bars at 48 in
on centers.

\ - (0.5)(056 in)) /

12 B
ft

= 1978 ft-Ibf [> M, =906 ft-1bf]

-~
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