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Preface

The Task Group 1.1- Design Applications was established in 1998 within fib Commission
1 Structures. The present Technical Report summarises the work developed by the Working
Party Design Examples of that Task Group. The Working Party started in fact as a FIP Task
Group immediately after finalisation of the 1996 FIP Recommendations Practical Design of
Structural Concrete (published by SETO in September 1999). These Recommendations are
based on the CEB-FIP Model Code 1990.

The main objective of this Bulletin is to demonstrate the application of the 1996 FIP
Recommendations Practical Design of Structural Concrete, and especially to illustrate the
use of strut-and-tie models for designing discontinuity regions in concrete structures. These
examples form also a continuation of the 1990 FIP Handbook on Practical Design that was
based on the first version of the Recommendations from 1984.

Most of the examples are existing structures recently built. Although some of the presented
structures can be considered quite important, the chosen examples are not intended to be
exceptional. This Technical Report does not deal with the discussion of aesthetic or general
conceptual aspects. The main aim is to treat particular design aspects, by selecting local
regions of the presented structures that are designed and detailed following the proposed
design principles and specifications.

It is hoped that this document will be of interest to those engaged in the design of
structural concrete, supporting the use of more consistent design and detailing tools like strut-
and-tie models.

We acknowledge the contributions of all members of the Working Party listed below, and
especially the tremendous work of the authors and their co-authors in preparing these
examples. The editor also wants to thank Dipl.-Ing. Duc Thanh Nguyen for his contributions
to the example 1, and Ms. cand.-ing. Radoslava Guizdachka for thoroughly editing the final
version of the Bulletin.

November 2001

Jodo F. Almeida Karl-Heinz Reineck Jean-Frangois Klein
Convenor of TG 1.1 Convenor of WP Design Examples Chairman of Commission 1
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Introduction

Karl - Heinz Reineck

1 Development of design models

The last decade brought a major breakthrough in the design methods for structural concrete.
The term "structural concrete” is the unifying term for all kinds of applications of concrete
and reinforcing steel in order to overcome the traditional divisions between reinforced concrete,
prestressed concrete and partially prestressed concrete and even externally prestressed con-
crete or unreinforced concrete. These differentiations were identified as artificial, leading to
confusion in codes and in teaching as well as to unnecessary restrictions in practice, as pointed
out at the IABSE Colloquium ,,Structural Concrete® April 1991 in Stuttgart [IABSE (1991 a,

b)).

The limitations of purely empirical design procedures were increasingly realised, and more
and more it was accepted that clear design models should be developed. The theory of plastic-
ity was applied for the design of members under shear and torsion, like e.g. by Thiirlimann,
Marti et al. (1983)], Nielsen and Braestrup (1978) and others, and this formed also a basis for
developing the design concept with strut-and-tie models, which is a valuable design tool gener-
ally and especially for discontinuity regions (D-regions). These regions are up to now very
poorly covered in codes although improper design and detailing of such D-regions led to many
damages and even failures [IABSE (1991 a, b]). The design concept of the strut-and-tie mod-
els, as developed by Schlaich and Weischede (1982), Schlaich, Schéfer and Jennewein (1987),
Schlaich (1991) and others, brought the unique chance to gain consistency in the design con-
cept covering the D-regions with models of the same accuracy like in the B-regions for the de-
sign for flexure, shear and torsion. Furthermore, the application of strut-and-tie models em-
phasises the essential role of detailing in design.

This development in research was to some extent reflected in several codes like the CEB-
FIP Model Codes 1978 and 1990, the Canadian Code CSA (1994) and the AASHTO (1994).
Presently the design with strut-and-tie models is implemented in the new German code DIN
1045-1 (2001-07) as well as in Appendix A of the ACI 318 (2002) in the USA, and it is also
to be expected in the forthcoming Eurocode 2. This triggers the hope that other codes will fol-
low and that many code makers and engineers are not any more reluctant to accept the neces-
sity to use clear models instead of sticking to "well known* rules.

2 The design concept of the 1996 FIP Recommendations
Practical Design of Structural Concrete

The 1996 FIP Recommendations Practical Design of Structural Concrete are a revision of
the edition from 1984 and were presented at the FIP Symposium in London by Miehlbradt as
chairman of the Working Group [Miehlbradt / Reineck (1996)], as well as at the fib Sympo-
sium in Prague [Reineck (1999)].
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These recommendations are based on the CEB-FIP Model Code 1990 and its design con-
cept. However, some further developments were made, and this especially refers to the full
implementation of the concept of the design with strut-and-tie models. This is already obvious
from the list of contents shown in Table 1. After stating the principles and defining the mate-
rial characteristics as well as the technological and durability requirements in the chapters 1 to
4, the elements of strut-and-tie models are given and defined in chapter 5. The list of contents
of chapter 5 is given in Table 2 and shows that also the basic requirements for bond, anchor-
ages and splices are defined, because these are fundamental design requirements and cannot be
regarded as "detailing rules®. Therefore, all requirements and principles for the design and de-
tailing are given before the rules for the dimensioning of sections and members, which thus are
based on a consistent basis.

1 Principles

2 Material characteristics

3 Prestressing

4 Technological details and durability requirements

5 Strength of ties, struts and nodes of strut-and-tie models
6 Ultimate Limit State Design

7 Serviceability Limit State

8 Structural members and structures

Table 1: List of contents of the 1996 FIP Recommendations "Practical Design of Str. Concr. *

5 Strength of ties, struts and nodes of strut-and-tie models
5.1 General
5.2 Strength of steel ties
5.3 Strength of struts
5.4 Strength of concrete ties
5.5 Transfer of forces by friction across interfaces
5.6 Strength of nodes and anchorages
5.7 Reinforcement splices
5.8 Special rules for bundled bars

Table 2: Chapter 5 of the 1996 FIP Recommendations “Practical Design of Struct. Concrete

It is noteworthy that one classical chapter in all codes does not appear in the list of con-
tents of the FIP Recommendations, and this is the chapter ,,analysis“. The requirements and
rules for the analysis are directly given along with those for dimensioning in the chapter 6 re-
spectively in chapter 7. This emphasises the close connection with the dimensioning, because
at ULS and SLS different design procedures may be used: at ULS the theory of plasticity may
be appropriate, whereas at SLS the theory of elasticity is normally used and is near to reality.
By not allotting a separate chapter for the analysis it is also pointed out that the analysis
should not be overemphasised as it is presently often done in practice and research.

The list of contents of chapter 6 is given in Table 3. After stating the general requirements

and definitions in section 6.1, the sections 6.2 and 6.3 briefly describe the actions and action
effects as well as give the requirements for the structural analysis. This is directly followed by
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the sections with the dimensioning requirements, i.e. the section 6.4 “Design of B-regions* and
section 6.5 “Design of D-regions“. This points out that both sections are closely related and
are equally important.

6 Ultimate Limit State Design
6.1 General requirements and definitions
6.2 Actions and action effects
6.3 Structural analysis
6.4 Design of B-regions
6.5 Design of D-regions
6.6 Design of slender compressed members
6.7 Design of slabs
6.8 Plate and shell elements
6.9 Fatigue

Table 3: Chapter 5 of the 1996 FIP Recommendations "Practical Design of Struct. Concrete

6.5 Design of discontinuity regions (D-regions)
6.5.1 Requirements and general criteria for modelling
6.5.2 Statical discontinuities: beam supports and corbels
6.5.2.1 Direct supports of beams
6.5.2.2 Indirect supports
6.5.2.3 Point load near a support and corbels
6.5.3 Deep beams
6.5.4 Deviation of forces
6.5.5 Frame corners and beam-column connections
6.5.5.1 Frame corners with negative (closing) moment
6.5.5.2 Frame corners with positive (opening) moment
6.5.5.3 Beam-column connection for an external column
.6 Half joints and steps in members
.7 Point loads in direction of member axis and anchorage zones of
prestressing reinforcements
6.5.7.1 D-regions at end-support of rectangular members
5.7.2 End-support of a beam with flanges
5.7.3 Interior anchor zones and construction joints with prestressing anchors
5.7.4 Deviators for external tendons

6.5
6.5

6.
6.
6.

Table 4: Section 6.5 on D-regions of the 1996 FIP Recommendations

The survey of the contents of section 6.5 is given in Table 4 and demonstrates already that
the treatment of D-regions plays an important role in the chapter 6 on dimensioning. This is in
contrast to former and most present codes where these problems are scarcely addressed. It is
also far more elaborated than the corresponding brief section 6.8 in the CEB-FIP MC 90. A
few items are presently dealt with in codes as shear problems, like e.g. the case of a point load
near a support, but they can only be dealt with properly by looking at the whole D-region.
Even though some parts of section 6.5 may be regarded as having a textbook character, this
section covers the most common problems occurring in practice and should be of great help for
designers.
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3 The aim and scope of this Bulletin

In point (3) of the scope of the FIP Recommendations 1996 “Practical Design of Structural
Concrete* the following is stated:
(3) The Recommendations are intended for use by practising engineers to enable them to
design according to modern concepts. The rules are given in a concise form suitable for
qualified engineers with adequate experience in design and detailing.

Following this statement, the primary aim of this Bulletin is to present examples where the
application of the design with strut-and-tie models is demonstrated as presented in the chapter
6.5 of the FIP Recommendations 1996 “Practical Design of Structural Concrete*. Whereas in
previous publications mostly simple "academic" examples were selected in order to explain
and demonstrate the use of strut-and-tie models, the six examples in this Bulletin are struc-
tures taken from the practice of the members of the Working Group, and they cover critical
details of several bridges, of two prestressed beams and even a concrete offshore platform.
This demonstrates the conviction of each designer of these examples as well as of all members
of the Working Group that strut-and-tie models are a helpful tool and indispensable to solve
difficult problems in practice. This should enhance the wish that for this Bulletin also applies
what was stated in the foreword of the FIP Recommendations itself by the Chairman of the
FIP Commission 3 on Practical Design, Prof. Jilio Appleton:

It is the wish of (FIP) Commission 3 (now the fib Task Group 1.1) that this document
will be of direct interest to consultants, contractors and authorities and that it will help
the use of a consistent design and detailing tool like the strut-and-tie-models.

Apart form the examples, a second group of five papers are included in this Bulletin, which
were called "Background papers", which aim at giving some background and explanations to
the FIP Recommendations 1996. Generally, the rules of the FIP Recommendations 1996
“Practical Design of Structural Concrete" are based on the CEB-FIP Model Code 1990 (MC
90), but there are some items where new development were taken up. The justification and
reason for this was already stated in the above citation of point (3) of the foreword of the FIP
Recommendations, that practising engineers should be enabled to design according to modern
concepts. Challenging structures and difficult design problems require the best knowledge
available and force designers to solve problems even before codes may offer guidance.

In this sense the overall concept of the MC 90 was further developed to the design concept
of the FIP Recommendations being fully based on the design concept of strut-and-tie models,
rather than sticking to an isolated additional chapter or an appendix of the code, as it is pres-
ently done in some codes.

There are two further topics where FIP Recommendations technically differ from the rules
of MC 90 and where justifications for these changes are given in background papers of this
Bulletin, and this refers to the design for shear forces and to the design of columns (buckling).

The shear design of the FIP Recommendations 1996 is further explained in the background

paper 10 and with the practical example of paper 11. The main reason for introducing new de-
sign rules was to comply with the main aim of the FIP Recommendations, which is to present
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simple design rules for practising engineers. The treatment of prestress and of axial compres-
sive forces in MC 90 is inconsistent and rather complicated, whereas the beneficial influence
of these effects may simply taken into account by flatter angles of the inclined struts in the
truss model as compared to reinforced concrete members. The shear design in the FIP Recom-
mendations just means that the unknown angle 8 of the inclined struts of the truss model is
determined, and it is not a separate chapter purely to design for shear forces, but it is inte-
grated into the design of B-regions for the combined actions of moments and shear forces. Fur-
thermore, the shear design of the FIP Recommendations is clearly restricted to B-regions, and
topics like "point load near support" or "indirect supports” are dealt with in the chapters for
D-regions, where they belong to. Additionally to the presenting explanations, the background
paper 10 presents comparisons with MC 90 as well as with EC 2 with respect to the required
amount of transverse reinforcement and the required web width respectively the maximum al-
lowable strength of the struts.

The column design of the FIP Recommendations 1996 is further explained in the back-
ground papers 7 and 8, which also give examples. The example 7 on column design uses and
compares different methods:

- Methods based on stiffness (improved and simplified).

- Methods based on curvature (improved and simplified).

- General method.

Of these methods, the simplified “curvature method” is basically the same as the model
column method in MC90 and in EC2 (ENV 1992-1-1). There is one difference in the FIP Rec-
ommendations, however: a factor is introduced to take into account creep explicitly in the
value of the curvature. There is a creep factor in the design method of MC90 also, but it is not
correct, since its value becomes < 1. The Eurocode EC2 (ENV) states thar creep should be
taken into account, but gives no indication of how to do it.

The improved “stiffness” and “curvature” methods were introduced since the simplified
versions are sometimes very inaccurate (conservative).

The general method is basically a “rigorous analysis” according to MC90, but using design
values of both strength and stiffness (i.e. ¥, = 1,5 for both f; and E;) throughout the analysis.
(It can be mentioned that in the prEN version of EC2, final draft October 2001, the partial
safety factor for £, is set at 1,2 in connection with second order analysis.).

These explanations for the topics with changes in the FIP Recommendations 1996 “Practi-
cal Design of Structural Concrete" as compared to the CEB-FIP Model Code 1990 (MC 90),
which formed the basis for it, clearly demonstrate that there was a clear need for these

changes.

In the end of the Bulletin a summary and some conclusions are given.
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EXAMPLE 1
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1 Description of the bridge

1.1 General description

The bridge of Lekeitio, which lies between the towns of Lekeitio and Ondarroa in Vizcaya,
serves a local road which was closed in 1991 because of a landslide.

190,00

47,00 96,00 47.00

T T

JRiNsNSaRRasansssunannasnanRUARRANE]

111

Fig. 1. Longitudinal elevation.

The bridge of prestressed concrete and has an overall length of 190 m., which is divided into
two spans: the central span 96 m. and two side spans each of 47.0 m. It was constructed in

cantilever with prefabricated segments and continuity exterior prestressing. The segments have a
thickness of 2.40 m.

The cross-section has an overall width of 11.40 m. and is made up of a mono-cellular box with
transversal cantilevers. The depth varies from 4.75 m. at the pier to 2.50 m. at the middle span.

The piers are double reinforced

concrete  walls, of wvariable 11.40 .
thickness with a maximum height 050 | 9,00 [ 1,90

of 28.5 m. The thickness at the pier )
crown is 1.30 m. and this goes up to
the base with a gradient of 1/200.
The foundation of these piers is
direct to rock by means of
reinforced concrete. There are
hydraulic cylinders at the crown of
the piers to support the deck
during construction and when

this is concluded, the Freyssinet

hinges are concrete filled. 5,40

CANTO
2,50

CANTO 4,75

Fig. 2: Cross-section.

The abutments are also reinforced concrete and include corridors for access to inside the
bridge, so that during and after construction it is accessible to perform inspection and
maintenance work.
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1.2 Construction process

1.2.1 Prefabrication

The Prefabrication area counts on a mould to start making the segments by the conjugated
procedure, that is to say, each segment acts as mould of the rear face of the next segment. For the
geometric control of the shape which each segment must have there are computer programs which
control their performance.

Fig. 3: Anchorage blocks.

The segments have the same cross-section as the bridge and in addition incorporate all the
anchorage blocks of the isostatic prestressing, the provisional prestressing and the external
prestressing. There are also deviators on the lower slab for this external prestressing.

1.2.2 Steel launching girder of segments

The launcher of segments used in the Bridge of Lekeitio is a steel trussed beam 100 m long
and 2.6 m deep.

The launcher has two basic working forms: on the one hand it is capable of advancing the
trussed beam, with the load hook of segments fixed on a support. And on the other hand it is
capable of advancing the load hook with the trussed beam fixed on a support. It can thus carry its
own supports and the different segments of the bridge, including the segment on the pier.

1.2.3 Positioning and orientation of the cantilevers

Segment O is positioning on the pier by means of four jacks of horizontal and vertical
movement so that it can be orientated. Once two more pairs of segments are placed, the assembly
is orientated by means of topographic measuring which take into account the shape of the
cantilevers.

fib Bulletin 16: Design Examples for the 1996 FIP Recommendations ‘Practical design of structural concrete’ 9



Generally speaking, the fixture by means of markings of the segment 0 and the reorientation
with topography of the unit of the first five segments should be sufficient to procure closure. If
closure is not achieved within acceptable limits, an orientation of the complete cantilevers in
elevation, super-elevation and plant can be realized.

100,85 n.

f
h 4

11,9570 45,505 n. , 37.71n.

y

11 R I I I S i e

- — o — s e | e

47,00 n. I 96,00 n.

Fig. 4: Construction system.

r

The deck will advance in cantilevers, supported on these four jacks. The segment which is
going to be placed meets the end of the cantilever, and is kept suspended from the launcher at a
small distance placed flat and slightly higher than the already constructed deck, and epoxy resin is
then applied. The epoxy resin is applied to the rear side of the segment which is going to be
placed, and is spread by hand.

Once the resin has been applied, the segment is made to coincide with the cantilever and the
Dywidag bars of the provisional prestressing are inserted. The isostatic prestressing is retarded
two segments in respect of the fitting with bars. The isostatic prestressing operations are normally
started in the afternoon and concluded at night.

In this interval, there are unbalances between the front arm and the rear; these unbalances
cause a turning moment on the front two jacks. To have safety factor enough against overturning,
fourteen Dywidag bars have been arranged tensioned at 95 T./unit on either side of the pier
segment.

When the cantilever has been concluded continuity is established with the previous cantilever.
This continuity is achieved with the external continuity prestressing cables. That mean that the
cables are outside of the concrete cross-section. The layout of these cables is that show in the next
page figure. The tendons go inside the cellular box. In plant the cables are deviated in such a way
that all of them can anchored on proper blocks at the corner between down slab and web. In
elevation they go parallel to the elevation of the down slab.

When there is continuity with the precedent span, the jacks are lowered and the deck is
supported on the definite supports.
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Fig. 5: External Prestressing layout.

1.3 Prestressing of external continuity

The continuity prestressing of the central span has been designed with external prestressing
and is made up of 18 tendons of 15 strands of 0.6" diameter tensioned at 340 tons each. Only 6
tendons of like composition are used on the side spans.

The cables are arranged inside the box and on the lower slab. The respective deviators have
been prepared on each segment. These are placed in a cross-beam which is assembled on the
prefabrication area.

The deviators of the outside prestressing are made up of a cross girder placed on the lower slab
in the interior of the box which contains a number of cylindrical hollows to deviate the layout on
plant and elevation cables. These cross girders will be concreted in a second phase after the
segments is stocked. For a correct positioning lost metal forms are prepared at the workshop
which incorporate the cylindrical deviators of the cables. By means of these deviators, the cables
follow a parallel layout in elevation to the lower slab without touching it and arranging the strands
of each cable. The deviators moreover allow the plant layout to be adjusted, so that each cable is
anchored on the respective anchorage block at the corner of the lower slab with the core.

The tendons are made up of mono-protected strands with grease and a coat of high density
black polyethylene. At the deviators strands are separated by special device and grouting with
epoxy resin. There is an injection on the anchorage block effected with petroliferous wax for rust
protection.
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Fig. 6: Beam deviator device.

1.4 Outputs, quantities and other data

Nine men were in segments production at the precast area. These men have manufactured
segments at a consistent rate of one segment per day and formwork.

Seven men were employed in placing the segments on the Bridge of Lekeitio, at an average
rate of two segments per working day.

Quantities of Materials:

- Concrete 0.677 m*/m?.

- Internal prestressing 284.5 N/m?.

- External prestressing 117.0 N/m”.

- Ordinary reinforcement 1400 N/m’.

Other data:

- Owner: Diputacion de Vizcaya.
- Constructor: Ferrovial, S.A.

- Prestressing system: Tecpresa
Year of Construction: 1994

Fig. 7: External prestressing.

12 1 Bridge of Lekeitio



2 Tension stress limitation serviceability limit state

Table 1. Deck section geomechanical properties.

Centre Pier In segmental construction bridges it
Span Section is usual to check the stress condition in
Area (m?) 6.0195 9 7498 S.L.S. Normally it is imposed no
— tension in rare combination of actiones.
Inertia (m") 5.3815 34.6784
Deck Depth (m) 2.50 475 The properties of the section, taken
— in account the concrete and the steel
Vi Distance 1.5565 2.5139 area in the table number 1.
Prestressing recovering 0.34 0
(m) The axial forces and bending

moment due the different actions

including isostatic and hiperstatic from
internal prestressing are in table number 2. Note that prestressing figures are this of inferior
characteristic (coefficient= 0.9) and after loses of forces due to steel relaxation, and concrete
creep and shrinkage.

To take in account the hyperstatic bending moment from external prestressing a calculation has
been made with its isostatic bending moment equal 100 mT The result of this calculation has been
an hiperstatic bending moment equal to 73.91 mT.

So we assume a ratio between isostatic and hiperstatic external prestressing moment of;
Miip =-0.7391" Misen

Misost = -Pext. presteo (Vi)

Miip = 0.7391 Pgyy presioo

(Vi-n)= 1.05 * Pext presieo

Being Pgy. prests the axial force with average figure from external prestressing.

Table 2: Internal forces at centre span after initial losses.

N M

(kN) (kN- m)
Cantilever Prestressing (Ki =0.9) | 3067.99 2548.98
Superior Continuity | 6514.94 3483.61
Prestressing(Ki=0.9)
Self Weight Static Changes 0 27234.30
Prestressing Static Changes 0 -29193.42
Dead Loads 0 9845.08
Live loads (4 kN/m®) 0 12373.48
Live loads (600 kN) 0 5365.5
TOTAL 977.84 3230.36
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So the total internal forces at centre span with characteristic inferior figure are:
N= 09" Pegxt presto + 9582.83

M= 09 Mgy prest + 31657.53

Taken in account that
MExt. Prest = Misost+ N[hyp= - Pext. Presteo (15565 - 034) + 1.05 Pgy. Presteo = -0.1665 PExt. Prest

The internal forces are:
N = 0.9 ) PEx[ Prestee + 9582.83

M =-0.1665 0.9 Pgx presteo + 31657.53 = - 0.14985 Pyt preste + 31657.53

The tension at the bottom fibre will be = 0 T/m? so:
N M 09P,, +9582.83 3 31657.53—-0.14985 P,,..

:0:——-—

' A W 6.0195 3.4575

l

Peo =39220.58 kN

If we supposed that Pgy presi= 0.75 - 0.85 fx Ap
0.75 - 0.85 fy=12.2 T/cm*; 1195.60 MPa

~39220.58/1000
’ 1195.60

=3.2804-107%m* =32804 mm*

3 Ultimate limit state of bending

In this paragraph we calculate first by a section model and second by a whole structure plastic
model

3.1 Section elastic model

In this approximate model we assume that the increasing of force at the external prestressing
will be 70 MPa (This is a figure from the external prestressing bibliography)

The equilibrium condition are:
C = Npret pond prest+ (P+AP)

Mg + Miond prest = C* (216 - 0.4x) - Npreq (2.16 - 0.9435)

-
Noged prest My In U.L.S. we use the average figures for prestressing
B internal forces:
M

0,8X

C

2,50

Nbond prest = 9582.832/0.9 = 10647.6
bond.prest Mbond prest = 6032.59/0.9 = 6702.9

P+,P

Fig. 8
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The expression of C will be:

C:0.85-%-11-0.8x=l74533.3x

And the expression of Mg + Moy aan Will be:
Mg+Mbond prest = 6702.2-29193.22+1.35(27234.249845.08)+1.5(12373.48+5365.5) +Mp;p

Mg+Mouond prest = 54175.4+1.05 (Peo+AP)

so the equilibrium equations will be:
174533.3 x =10647.7 + (Poo +AP)
554175.38 + 1.05 (Poo +AP) = 17453.33 x (2.16 -0.4 x) - 12952.9

From were:
x =0.3352
C =57328.0
P +AP = 57328.0 - 10647.7 = 46680.3

= 46680.3/1000 _ ) 003602 m? = 36925 mm?
1195.60+ 70

This area 36925 mm?® is greater that we get in paragraph 2. for S.L.S. 32804 mm?, which is
very usual in isostatic structures with external prestressing or in hyperstatic one with elastic
section model calculation.

3.2 Plastic model
In this paragraph we use a plastic model that supposed pier sections has been plastified.
3.2.1 Plastic moment at pier

Plastic moment at pier section has been calculated with a computer program:
M,=361361.378 kN- m

o . 11,00 )
o T 8( ’l ‘[
R R N - ] ) #
5
":’_ >Mu : § 0.80
] S / g
4o e a4 I =
0,85 oy €. L 540

Fig. 9
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3.2.2 X from axial force and bending moment at centre span

The bending moments from different actions will be:

SW+RDL
VLl
. S v600 uLL Mcssw= 1796948
i ! [ " Mega= 47133.1
' : ' ! Mo 4= 45679.8
M ( )M csulld
P A A P Moo= 13219.2
Fig. 10

Where the meaning of the text shown in subscripts is:

CSSW: at centre of span due to self weight.

csrdl: at centre of span due to rest of dead load.

csull400 : at centre of span due to the uniform live load of 4kN/m2.
csV600 : at centre of span due to a vehicle of 600 kN.

And the total bending moment at centre span will be:
Mg = 1.35(179694.8 + 41733.1) + 1.5 (45679.8 + 13219.2) - 361361.4 =33204.8 kN m

J The equilibrium equations will be:
4 M c C=Nyond presc(P+AP)
Lﬂ S Md +Mpond presi= C (h - 0.4x) - N (h - Vs)
E‘ S | N ‘\\ ‘\ M
bond.
8 = A 4——1“: / d  The figures from Nopret sup and Mpeey sup are:
~N
_ M. Nprer sup= 9582.8/0.9 = 10647.6 kN
B i PsA P Mpret sup=6032.59/0.9 = 6702.9 kNm
&
o
Fig. 11

By the other hand if we assume x <0.25 m the expression from C will be:
C=0.85- (35000/1.5)- 11- 0.8 x=17453- x

And so the equilibrium equation will be:
174533.3 x = 10647.6 +(P + AP)
33204.8 + 6702.9 =174533.3 x (2.16-0.4x) - 10647.6 (2.16 - 0.9435)

from where:
x=0.1471m Po + AP = 145128 kN C =25160.5 kN
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3.2.3 Centre span deflection calculation:

ok First we calculate the curvature
§X7 ZE J 0092 135
> A o
__________ ) Then the rotation at the pier section
0 =x -h=0.0136-2.50=0.034 rads Ard

by trigonometrical calculation the deflection

8 4 0 - .
»’wﬁ will be:
I, L L A:% L=96-3.94=92.06

o= XN ©92.06-0.034

A=9-L/4 A :07824

Fig 12
3.2.4 Tendons elongation due to the deflection

As we have a deck with variable deep the calculation of the tendons elongation is not easy. So
we use a simplified method that consist to use the equivalent tendon and simplified

trigonometrical relationship.

| L medio L

Fig. 13

Lave= 55.37
d = 0.7824=27.685/46.03=0.4706
AL 5 (y 27.685° % 0.4706° & 27.685) 2> 0.008 m

so we get AL: AL =0.008

3.2.5 External prestressing tension increasing

From external tendon elongation we get directly the tension increasing

Ao, A 191052998 _ 745 Mpa
8 L 55.37

and the total tension at the ultimate limit state will be:
6% Ac > 1195.6 % 27.45 5 1223.05 MPa
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By the other hand the (P + AP) force has been calculated in paragraph 3.2.2
(P +)P)=14512.8 kN

So the steel area for external prestressing will be:
4 145128 107

) =1.1866-1072 cm?* =11872 mm*
1223.05

This area is less that we get in paragraph 2 because of the plastic calculation and so is the
S.L.S. which determine the steel area for external prestressing.

4 Shear force ultimate limit state

Table 3: Internal forces at joint besidepier section

Action M (kNzm) | V (kN) N (kN)
Weight Load as - 143799.3 | 12691 0
construction

Prestressing Load x 0.9 | 147090.16 |-8071.3 66288.18
(1)

Dead load -25228.14 |2930.2 0

Live load (4 KN/m2) -30012.5 |[54214 0

Live load (600 kN) -8106.56 | 1232.84 0

In hyperstatic segmental bridges it is necessary to check the shear force U.L.S. at the joint
beside de pier. Especially when this joint is open by the action of the concurrent bending moment.
In this case the transmission of shear through the joint will be only for the compression zone of
the webs and for the compression zone of the slabs which is near enough of the web to have the
same rigidity. Table number 3 show the internal forces for this section.

So the design figures are:
Mg = 1.35(- 143799.3 - 25228.14)+147090.16+1.5(-30012.5 - 810650)=138275.5 kNm

Qa=1.35 (12691 + 2930.2) - 8071.3 + 1.5 (5421.36 + 1232.84) = 22998.64 kN
Ny = 66288.2 kN

As the My and Ny are associated and not
ultimate forces it is necessary calculate the
concrete compression stresses with parabolic
diagram. This has been done with a computer

d program and we get X:
M, X =2430m

‘-é\ The ultimate shear strength 1s shown in Figure 14

G (left) for each zone of the section according MC
%L 90 paragraph 6.10.1

A
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To get this figures we take in account the characteristic compression strength of the concrete
see FIP Recommendations sect. 6.4.7.

v T Oy KN/ ) — T KN/

T, g=04 g+ 090,

14871

T ¢=02 {4+ 0604

4

12182

Fig. 15

fctd = fctk,min/1 5
fctk min — 0.7 fctm = 2.2 MPa
faa = (2.2/1.5) = 1.47 Mpa

We calculate the joint ultimate shear capacity by integration of the shear strength over the
effective compression area.

The effective compression area is the compression area of the webs and the compression area
of the slabs which is between the nearest face of the web and one slab depth.

So we get: T =23949.3 kN ’

bw
Design shear force is Vg = 22998.6 kN NEUTRAL |

AXIS .5 I

EFFECTIVE WEB AREA

x

So we find that V4 < T

Now we need to calculate the hanger reinforcement

beside the open joint to translate the shear force to Va. (h-X)
the next segment. Se="7
Fig. 16
Oy = 66288.2/9.75 = 6798.8
SUSPENSICN

cotg0 = 1+o,,/f, =2.02 g?%msgﬁmm
L=xcotg0=2022430492 REINFORCEMENT
S, = Vv, (hl— x) _ 22998.64(14&755 -243) 11232.9 kN

1 ' h=x
8 x 2 stirrups & 14 en 5.0 m ,///

ey X
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5 Centre span external prestressing deviator (D region u.l.s.)

At the centre span it is necessary to design a deviator for external tendons. Otherwise due to
bending deflection the lever arm of this tendons decrease. In this paragraph calculate this deviator
as a D region by strut and tie model.

>
=

oo momoacg

ﬁ
|
:
J

Fig. 18 Fig. 19

To design the strut and tie model it is necessary take in account that, in bending U.L.S ., the two
Joints beside the centre span diaphragm will be open and so the strut are going to upper corner of
the cross section .

So taken from the figure the trigonometrical relationship we get:
tano = 226 =1425
1.586
C,sen V=R =31.215 C,=373.7kN
Cycos V=T T=2147kN
CicosV =2191=0C,

So we need a ordinary transversal reinforcement in top slab of 3 @ 16

6 External prestressing anchorage block

The Lekeitio bridge external prestressing anchorage blocs are isolated and situated on the
corners between the bottom slab and the webs. They are submitted a very big longitudinal forces
from the tendons and also transverse forces because tendons are paralell to the bottom slab but not
parallel to the webs. It is necessary calculate the necessary reinforcement at U.L.S. and also check
the S.L.S. crack width.

All the components of the anchorage forces (horizontal (x), longitudinal (y) and vertical (z) can
be considered at the same time and we can apply the following procedure to develop strut-and-tie-
models:

- Idealised that the anchorage block is supported by some supports on the web and the bottom
slab. These support reactions can be found by solving a static spatial problem.

- For the anchorage block under the anchorage force and the support reactions, we can find a 3D-
model within the block.
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- Further, we develop 2D-models for the web and bottom slab for the spread of the reacting forces
from the block to the neighbouring B-regions.

6.1 Isolating the anchorage block from the web and bottom slab

In bottom slab the anchorage block is supported statically undeterminate by the web and the
bottom slab. For simplicity and based on the real spread of the anchorage force we can suppose
suports as shown in Figure 20 . As result nof the combined action of P, and Py, (P,=0 assumed).
The components of the anchorage force are:

P=4828 kN
PYfron=3370 kN
Pyrea=1444 kN
Px=370 kN

X,=-980 kN

X4=-370 kN

Z4=-1660 kN

X=980 kN 2
Y¢=-2490 kN >
Y=-880 kN

Zs=-1660 kN

Fig. 20: Block reactions

Pyrear is not including in the model to avoid increasing the complexity of the equations. In fact
this force is used to set the rear reinforcement of the block.

6.2 Developing a model for the block

It is clear that we need a spatial model for the anchorage block. In fact, there are many
possibilities to model the block . The model we choose (Figure 21) has four vertical and
horizontal ties (T4,-T44) and one diagonal strut (C3) in the rear face. This model can be explained
as follows:

The force Py is directly transferres to the support 4 by a tie. Therefore, Py can be separately
dealt with from force Py,

Where:
C=X,/cos((atan(0.4/0.675))=1139.1 kN

T=C,=sin((atan(0.4/0.675))=580.7 kN
C4=T\/sin(atan(0.4/0.6))=1047 kN
Py=Cs=cos(atan(0.4/0.6))+Cs=cos(atan(0.675/0.6))

C5=3761.2 kN

T3=Y3-Cs=cos(atan(0.675/0.6))=1618 kN
Z4=C;=sin(atan(0.4/0.675)+C,=sin(atan(0.4/(0.6"2+0.675*2)"0.5))
C,=2665.1 kN

fib Bulletin 16: Design Examples for the 1996 FIP Recommendations "Practical design of siructural concrete’ 21



Fig. 21: Strut and tie model

X4=T,-C;=Cos(atan(0.4/0.675)-Co=cos(atan(0.4/(0.6"2+0.67572)"0.5))=cos(atan(0.6/0.675)
T>=3171.2kN

Ts4=Zg=Cs=sin(atan(0.4/0.675))=T4=1660 kN
Cs5=3256.1 kN
T4,=T4=Cs=cos(atan(0.4/0.675))=2800 kN

6.3 Spread of reactions in web and bottom slab

We need in our case a spatial model. However, for simplicity we can develope models for Px
and Py separately and superpose them later.

Now, we can develop plane strut-and-tie models for each web and bottom slab. Figure 22 is a
suggested model for the web and Figure 23 for the bottom slab. In this example we use average
segment which has a depth of 2.918 m.

U

20 302

\
T12=302
1230

S

302

2740
\\\
4

1649

138

/
orf
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/ 7

T11=1660
Q
8

e
c21 P
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r13=80

y
]l-_ A T10=604 X8=830
hY

~
v BOTTOM SLAB AXIS 2 N __cm 128

Z4=1660  Z8-1660 100

< 600,‘615)|

Spread of block reactions in web

Fig. 22
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Fig. 23

Where:
v=70.00°

C16=1660/sin70°=1766 kKN

T10=Ci6=c0s70°=604 kN

C,7=C,3=604/2/c0s45°=427 kN ; T, =C,7=sin45°=302 kN

Ca0=C19=C7=c0s45°=302 kN

C21=C»=276/2/cos(atan(400/615))=164 kN ; T3 =C,=sin(atan(400/615))45°=89 kN
Cy3=C54=Cys=cos(atan(400/615))=138 kN

In bottom slab:
C|5=1820 kN

C10=C,scos(atan(0.275/0.675)=1965.2 kN
Cy=100/cos45=141.4 kN
980=-T5-Co=sin45+C10=sin(atan(0.275/0.675)=1660; Tc=1620 kN
2490=T+Co=c0s45+1820; T; =570 kN
Ty=Co=sin45=100 kN

(C74+Cg)=sin45=980 kN

(C7-Cg)=c0s45+Ts=0; C;=290kN ; Cg=1100kN
T7=C7=c0s45=200 kN

Ce=C7=c0s45=200 kN

Ci4=570 kN

C11=C4/c0s45=800 kN
Ts=T6+C1=sin45-C8=sin45=1410 kN

C,5=100 kN
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Taking the tie forces, we get the tension T2 2x12@20
of the ties and assign the steel to these ties
in the block. 040 0874

e

T, = 580.00 kN; 5320
T, = 3170.0 kN, 24@20
Ts = 1610.0 kN; 5332
Taa = 2800.0 kN; 20020
Tae = 2800.0 kN; 20520 /
Ta = 1660.0 kN; 123320 g

T4d - 16600 k.N; 12®20 T3 5032 /T1 5020

Fig. 24

0.40

oo™ Qg O

D.353

6.4 Model for the spread of transversal component P,

In addition to the longitudinal component of the anchorage force there is a transversal
component as a consequence of the general layout of the cable. Taken into account the tendon
layout and block geometry we get. We take the model from Recommendations paragraph 6.5.7 4.
figure 6.36 which is for a deviator of external prestressing tendons.

We suppose that the model take the shear force in the web and the reaction on the bottom slab
as in the elastic model. And we suppose also that the model take the web and bottom slab bending
moments as in the elastic model. To calculate the web and bottom slab bending moments we use a
computer program.

The model for bending is quite simple . It is a rectangular frame with the rigidity of 2,395
width (one segment) submitted a two external forces at the point of the anchorage transverse
force. This frame has a bending moment distribution and we take the ratio between the moment at
the corner bottom slab and the moment on the web over the transverse force point. so we get that:

Mpe= -106.32 kN=m

M; =20.85 kN=m

To get the figures of the reactions we assumed that the shear web and the bottom slab reaction
are proportional to the distances from the transverse force point to top and bottom slab
respectively.

L=2616,d=0.3975
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Both the reaction R and the Moment M are for 2.395 m width, so the stresses are:

b
A
N=315.3 kN
o
|4 AL o, =23 | 20856 g5 k8 m?
‘‘‘‘‘ ) h 2.395-0.353 2.395-0.353
15. .85 3
§ o, = 315.35 B 208562=—46.2kN/m“
P 2.395-0.353 2.395.0.353
Fig. 25
. _“'.;_"_’ TOP 8LAS .
l:‘u!!'_...‘ﬂl ¢ ——f- P M
51 1{ A
Y
:cu/&;: weB
YTy Px=370_
AN v
' G ‘ ii . Px=370
I Nl e ] s B
BOTTOMSLAB | gv g 318 )
oy BOTTOM BLAB Mbf=20.88
Model in the cross section Distribution of Px to the top and bottom slabs
Fig. 26
Where:
Cy=315.0 kN
Cys=cos(atan(0.40/0.35))=Cyq; Cp5=478.3 kN ’ "o
T5=C;s=sin(atan(0.40/0.35)=360.0 kN
T7=370 kN

C29=(370-315.0)/c0s45=78.0 kN
C23=C;s=sin(atan(0.40/0.35))-Cz9=c0s45=304.80 kN

Reinforcement at the wall of 4 @ 16 @)
Block width: 0.80 m I |

S5¢cr 12
T horizontal total = 3170 + 370 kN = 3540 kN L)L

added 2¢c @ 12
27 20

14co 20

7 CVCI'[ g 20
7x2C""* g20

4616
Fig. 27
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6.5 Idea for a simple design

From the above models it is realised that the geometry of the anchorage block leads to
complicated models, especially in the block. The idea to make the behaviour of the D-region and
consequently its strut-and-tie models simpler is follows:

Geometry of the anchorage block should be chosen in such a way that the longitudinal
component (Py) of the anchorage force can spread in a plane paralell to the bridge axis. That
means, the block then can be idealized to behave as a deep beam and transfer the longitudinal
component of the prestressing force to the web
and bottom slab only in two points.

Consequently the block must be bigger than in
the provided design.

In Figure 28 we can see a geometry of the f
anchorage block. The length of the block /)
should be so chosen that the tension force of tie !
T1 is not too high and we are able reinforce it 7 &
well. The size of the block can only be kept /
small if the anchor is as near as possible to the %0
corner of the box.

i
——
—

850

Now we can develop models for the spread
of the force Py in the web and bottom slab with
the same procedure in the above example.

Fig. 28
6.6 Orthogonal field of tension and compression

When there is a compression field that came from two opposites concentrates forces a some
distance between. The isostatic lines of compression can be represented for two opposite neck
bottle shape. So between them there is a field of orthogonal tension that must be reinforced
properly. Figures 29 and 30 show the model for one segment.

e . ) I

TemrsannsneN - I TN I

P=370kN
CROSS SECTION A-A

;L‘:: w
T

Fig. 29

Width =1 segment = 2.39
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The force that produce this field is in this case not very high but in another case could be

important.

Fig. 30

The transverse force is:F=0.85 -

b/4
A - e -~
A 1= v T e A
.z ) z - — = a
—— iy, -t L il
b/4 -+ @
~ [ F/2
b/4

b2 a4
| 238=b L—"**"f

L4

CROSS SECTION B-B

370 = 314.5 kN

The geometrical relationships are: b=239L=540-0.40=5.0
So: b<l/2

52.25

And the expression to use is: T = i -[1—%)-F =5225&N ; 230 =21.86 kN/m 1 10/m

"7 Anchorage block crack control region D model for

serviceability limit state

The external prestressing anchorage blocks are submitted to very high forces. So it is usual that
these elements have actually cracks. So it is necessary during design to control the width of these
cracks between a model. We will take 7.5.6. paragraph recommendations model. These crack
control for D region model is a strut and tie model. In these case ties and struts must have areas.

8x2c @ 20

| x

]

0=59.5°

Fig. 31

7x2c O 14

The areas of the ties are the actual areas of steel
and the areas of strut are the effective areas for
crack control 7.54. and 7.5.1 of the
recommendation

In our case the tie model is coincident with
the actual reinforcement. We have disposed
two sets of bars, horizontal and vertical. So we
assumed that the tie area is the add of the two

projection from the actual reinforced an its
effective areas.

So we have 0.80 m of width with a: T =1611-2=3222 kN
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And the actual reinforcement is:
- Horizontal Stirrup : 8 x 2 320 5026 mm?
- Vertical Stirrup: 7x 2@ 14 2155 mm?®

The characteristic crack width is:
Wy =S¢ Em

where: s; is the average distance between cracks

ss=2c+ o, DIp according to eq. (7.6 a) in the FIP Recomm.:
with 4, =0.125
¢ =40 mm

The effective area is calculated as follows:
Acer = (0.374 c0s59.5 + 0.4 5in59.5)-0.8 =0.534-0.80=0.427 mm®

Ag=7-2-2-154¢0859.5+8-2-2-3145in59.5 = 2188 + 8659 = 10846 mm’

10850

= =0.025
P 0.427-10°

_14.2188+20-9659
10846

=18.8 mm

So the average distance between cracks 1s:

s, =2-40 +0.125ﬁ =174 mm
0.025

The average strain of the steel Yy, 1S given by eq. (7.6 b) of the FIP Recomm.:

Ysm = Ys - 0.40 Ysrl
Ysr1 = steel strain at the crack point under the force that produce the first crack:
_ fcl.min
En=—71"
pE,
Fcl.min = 07 : fam = 07 : 32 = 2'24 M.Pa
2.24

=0.000448

gsrl = 3
0.025-200-10

And ¥, = Steel strain under the force T at the crack
e o 3222 10°

* 10846-200-10°

g =0.00148-0.40-0.000448 =0.00131

sm

=0.00148

So we get the characteristic width that is nearly equal that the limit which is permitted
w, =174-0.00131=0.228 mm f_ 0.20 mm
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EXAMPLE 2

Viaduct over the Ribeira de Grandola

Miow,

i ‘
s,

Jilio Appleton Joao F. Almeida Miguel Sério Lourenco
Instituto Superior Técnico  Instituto Superior JSJ Consult

A2P Consult Técnico Lisbon, Portugal

Lisbon, Portugal JSJ Consult

Lisbon, Portugal

Summary

The Viaduct over the Ribeira de Grandola in the South Motorway A2 in Portugal
was designed by A2P Consult in 1996 and its construction finished in 1998. One special
aspect of this viaduct is the seismic design, which lead to the use of seismic control
devices in the connection between the deck and the south abutment and to the use of
fixed bearings at the six central piers.

In this example two basic and common structure elements were chosen to illustrate
the Recommendations: the design of a pier column head and of a pylon cap. For the
pier column head the models presented are the ones for the design for service loads and
for the construction phase only with prestressing applied.
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1 Description of the structure

This viaduct has a total length of 620.50 m with spans of 34.00 m + 13 x 42.50 m +
34.00 m and two twin decks of variable width from 18.85 mto 21.10 m.

Each deck is a prestressed concrete slab with two longitudinal prestressed beams,
3.20 m high.

The columns have an hollow section with external dimensions of 5.00 m x 2.20 m
and 0.35 m/0.70 m thick walls. At the top a column head gives support for the deck
beams.

<%<///i ‘ / /%/ ( v—k/w{x

R 0O SAL
ALCACE p=i] s

== =

o o ‘—M “"5‘/// // { {/ "\/ ‘/’// ‘/l/ H( ~V ///%’/’//é/* ‘1/"‘== e
el v ’ e K/?%/j/

VERTICAL SECTION

@ » 4 @ 3 620,50 @ > ? > kg
34.00 42.50 42,950 ~2,50 42.50 42.50 42.50 42.50 42.50 42.50 42.50 42.50 42,50 42.50 34.00
ALGARYE c==p>

——

Q= ALCACER DO 8AL

SECTION A - A’
_Il 39.95
L 3 ade wo

Fig. 1: Geometry of the structure

2 Column head - design for service loads

This example refers to the calculation of the column head and it is an illustration of
the FIP Recommendations chapter 6.5.2.3. Corbels.

The load transferred by each beam is F = 16 095 kN and the dimensions of the
column head are presented in Fig. 2.1.
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Fig. 2.1: Geometry of the corbel

2.1 Design model

Design calculations according to chapter 6.5.2.3

| °%1+d1 colg 89 \ i
o 1
‘ P
I t -
/
/
~ / =
/.
/,/l .
/ .
/ .
el NG
,NI ‘;;Q); Aee
) °‘ V27 T ige=0508
A
o %
¥ 4
| bt %(02 colg 82+a1)=0.70

Fig. 2.2: Design model
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2.2 Data

F=16095 kN
b=2.20m, d=3.635m, a.=3.025m
fox = 30 MPa, flea=0.85 % %= 17 MPa (eq. 2.1)
2.3 Design calculations
2.3.1 Geometry of the model
Step 1 a F = 16093 =0.489 m

bVifer 5 o139 \x17x108
250

fck

vi=1]-—
250

a; assumed as 0.70, the thickness of the column wall.

Step 2 ay=d- Jd2-2aal =3.635- +/3.6352—2x3.27x0.70 =0.695 m

a=ac+i‘2L =3-025+9§7—Q ~3375m

z:d-"'—22-=3.635-ﬁ:3.285m

L

Step3  colg B = —2 =0.993 (0 = 45.2°)

a,

Since =1.6425<a=3.375<2z=6.57 (6.5.2.3 (1))

N

Part of the load F shall be transferred by a beam type mechanism (F;) and requires
shear reinforcement, and the other part (F,) is transferred by a direct inclined strut.

- 221
F]: 23 . ie. F =0352F=5665kN

F,=10430 kN

32
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2.3.2 Transfer of load F1

Transverse reinforcement (F; - V) - 6.5.2.3.(1)

To be distributed over
z
ay=085a- Z =20475m

From the figure

F
Vee= —— . tga= 3665 X 0.5963 =2 182 kN
tgf 1.548
B Ve 3665-2182 ) 067 inim < Do £
a 2.048 s 7

w

A
For fyq = 348 MPa — —= >48.9 cm?¥m (distributed in a,,)
S

2.3.3 Strength of the inclined strut at load transfer F (node N1)

This check is satisfied if the width of the bearing plate ag fulfils

\Y
ap> — ——— —cos0,
sin®, | 0.6cos 06,
cotg 0= 2 =1.027;x =040 m

z
ap 2 0.7631 m (bearing plate provided with 0.90 m)

2.3.4 Transfer of load F (node N1)

Ty =F cotg 6 = 15 800 kN < F,
Fspr (6 cables of 19 strands 1.4 cm¥each, fs; = 1 670 MPa) = 23 180 kN

2.3.5 Check of node N1

According to 5.6.2. - CCC Node, considering the effect of the prestressing anchorage:

F Acl

O = AL <o A (eq. 3.20)
< f3e4 (eq. 5.19b)

A =T X % =0.636 m?

A =T X 178 _ 2.49 m?
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Oc0 = 16095 =25 306 <12x17x103 1{ 249 =40 364.4 kN/m?
0.636 0.636

<3.88 x 17 x 103 = 65 960 kIN/m?2
2.3.6 Check of node N2

According to 5.6.2. - CCC Node.

A
Cco = F <fiea < (5.20)
al AcO
O = 1—6015— =10451 kN/ m2<fiqq .1 =17 000 kN/m?
2.2x0.70

(incorporated in Step 1 - see 2.3.1).
2.3.7 Check of inclined strut (at node N2)
According to 5.3.2.:

This verification is not required if the nodes are checked. It is presented to illustrate
the recommendations:

G¢ = CW <V fcd V1=0.88

X b

<V, fcd v, =0.8
F

Cy=— =22 324 kN

sin O
X¢ (at node N2) = 0.986
b=22m
O = ﬂ =10291.3<0.8x17x10%=13.6 MN/m?

0986x2.2
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3 Prestressing in the column head -
Model for construction phase

3.1 Introduction

Prestressing in the corbel was designed imposing no tension under rare combination
of loads (P’o = 18183 kN). As a consequence, tension occurs, temporarily, during
construction phase, at the bottom region of the corbel.

3.2 Geometry and loads

Prestressing cables are modelled by a resultant cable and the cable-layout is
simplified by considering a bilinear profile. Fig. 3.1 shows the geometry of the corbel,
the bending stresses at the central zone and the equivalent effects of the cable-layout
considered (anchoring and deviation forces).

14810.317 kN ‘
4810317 &N

2

1.89

- 19368 kN/m2 N B
T
\ d; ~18183 kN

3.84

é 1
3632.1 KN/m2

Fig. 3.1: Geometry and loads

3.3 Geometry of the model

The model presented in §6.5.7.1 should be adapted to fit with the geometry of the
corbel (Fig. 3.2). The position of T, and C; is defined by the centroid of, respectively,
the tension and compression zones of the stresses diagram. C; is related with the
deviation of the tension bottom force and C; should split in three parts, to equilibrate the
anchoring and the deviation forces. Local splitting forces near the prestressing anchor
are not represented.
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-7836.8

1481&517

14810.317

Fig. 3.2: Geometry of the model

The inclination of Cj is not predefined having no significant influence on the tension
forces in ties T4 and Ty. In the present case the direction of C3 leads to similar T} and Ty

forces.

The model presented before can be refined following the principles of the general
model proposed in §6.5.7.1. As illustrated in Fig. 3.3, the stresses compression zone
should then be divided in three blocks: the first one (C;) is equivalent to the tension
force (T)), and the remaining part, having a force resultant equivalent to the prestressing
force, further sub-divided in the zones above and below the prestressing cable (C; and

Cy).

148104317 T
; 4810317

Q"

\
®\
\

I® -

-1§183
<Y

Fig. 3.3: Refined model
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The forces TS and C7 should have the same intensity and direction in order to ensure
that the vertical resultant force (“shear in the corbel”) is null.

3.4 Design of steel reinforcement

T1 and TS

A, = 4816x10° / 348 = 13839 mm?* => 28 ¢ 25
T12

A= 1918x10° /348 = 5511 mm® => 12 ¢ 25

oy
3.5 Detailing
SECTION A - A’ 100 SECTION B - B’
100 ... 10 Al
Bl 3 canotes #12//215 T s S |
31/? 12925 $20//0.15 +#20//0.30 Ver pormenar =g 1
— ] Dol 10420
T D T % - "5 |
S T ST e e e g
st = i
St ST
By I %miazu
] ; 7 £ n&ﬁa% I
CAL : E;;/ {
g ™4 | Xk
g
j
:
uﬂyﬁo‘o{ &R0
2025 —
T '
e sl b s
1= = =4fli2s25 -
I ] I
— i i
TN Arwaoors 00 AR — l —
. —
— [
\‘k ) ) 1 A -
i
2.50 448 045.0 o.uot_g..s.spv.z&..g.-‘ﬁo 925033 jpao
5,98 2.20
. . ;
I
al

Fig. 3.4: Reinforcement layout

4 Pylon Cap Design

4.1 Geometry and Loads

The present section refers to the design of the pylon cap at the base of the columns.
Figure 1 shows the geometry and the design actions (ULS) for the load case considered.
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Fig.4.1: Geometry and loads

4.2 Geometry of the model

In order to simplify the model a solid column section was firstly used for the calculation
of the normal stresses at the column base. Fig. 4.2 shows the geometry of the model.
Taking into account the reinforcement layout, tension forces are considered along the
pylons alignments. The corresponding element forces are indicated in Fig. 4.3.

38 2 Viaduct over the Ribeira de Grandola



6007 kN/m2

—
~ . ; ,,/ m
S 5 e e ol b
M
4 /’ \\ \\\ YN
m
AL AL AL AL
Plan
(CTITTTTTTT1711]6007
6007 527 6705\[/ 57113 6103 l6703
5703i l/4764 ST TR
y / \ \
/ / \ AN
7~ ’ / \ \
/ \\ /’ | \
/ \ < 4 Y AN
/ \
/ \ l | l [
/ \ 6703 6703 8703 6703
/ \
/ \ )
4 S Section B-B
[6703 T4764
Section A-A
Fig. 4.2: Geometry of the model
Element Force [kN]
1 2917
® R ® 2 2917
o= ~ \ / 3 5414
~ \ 4 -
~2 Y Vi - 4 3848
[ i el s o 8 S )5
o cl_@ i— _ﬁ @-f 2 2917
e e KT 3 414
®.7 y \ @ 4 -3848
g /@ \ AN 5 9097
7
& 4 ® / \ ® 6 -6784
© 7 -7530
8 -5732
Fig. 4.3: Element forces 9 7219
10 5131
11 -7219
12 -5131
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4.3 Steel reinforcement design

Longitudinal reinforcement

F’ .. =7219x10°/ 348 = 20744 mm? => 3 x 9 ¢ 32 (three layers)

Transversal reinforcement

F! .. =2917x10°/ 348 = 8382 mm* =>2 x 9 ¢ 25 (two layers)

4.4 Check of node N1

f1ca = 0.85%fek / y. = 0.85%30/1.5 = 17.0 MPa
fcd,eff = VzXf[cd =0.85x17 = 14.5 MPa (§564)

G 3x9232 T3
—_—
'/\ AN
|| N
AN
" cs
N\
\\\ \

SECTION A—A 1 \‘A

PRRY

Z]

Fig. 4.4: Node N1

The equilibrium conditions lead to the equations:

&:(Hixixtg(p]xaosz(p and T=,T+T;
c, T a

a;=10m

u=025m

@ = 45°

o1=8.5 MPa

6>=129 MPa< fcd.eff
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Anchorage of reinforcement (§2.4.1)

~ 1900mm, 932

0 fu_o 348 _ [700mm,¢25
4 471.05%2.9

fo, =1.05xf,,

Since horizontal tension occurs in both directions the favourable effect of the vertical
transverse pressure should not be considered. On the other hand, the anchorage length
of longitudinal reinforcement can be reduced (Ageq<Asprov, §5.6.4). In fact, the steel
reinforcement design was performed considering for the maximum tension force
occurring at the central zone and then extended all along the longitudinal direction.

Iy = 900 mm
Agreq = 5414x10% /348 = 15557 mm* (Element 3)
A prov = 3x9x804 = 21715 mm®

lb,net = As.req / As,prov X lb =645 mm

In both directions the tension forces can be anchored inside the node.

4.5 Transfer of the strut force Cs across the interface (§5.5)

. mal
A =—j—1+al xuxtgp = 1.035 m? (see fig. 4.4)

T= T} +T} =6149.8 kN

Tea = 0.5 fum + 1.2 ¢ = 9.25 MPa
o= 6703.05%10/ 1.035 = 6.5 MPa
1a=T/A’, =6149.8 x 10>/ 1.035 = 5.9 MPa < Tz
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4.6 Detailing
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Fig. 4.5: Reinforcement layout

42 2 Viaduct over the Ribeira de Grandola



4.7 Final Remarks

Fig. 4.6 and 4.7 shows the model geometry and forces if normal stresses at the
column base are considered assuming the box section shape. The section column
geometry was considered as a box section with constant thickness walls.

The resulting model is slightly more complicated because equilibrium of transverse
moments needs for struts C;3 and C4, at the bottom and top horizontal planes.
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Fig. 4.6: Column box section stresses
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The resulting forces are not substantially changed (T, and T, are no more equal),

having no practical influence on the calculations previously presented.
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Fig. 4.8: Element forces
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EXAMPLE 3

Vallhall Monotower Platform — design of D-regions

Ketil Neerum
Stein Atle Haugerud

Dr. techn. Olav Olsen a.s.
Oslo, Norway
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1 General description

1.1 Description of the structure

The rotational symmetric monotower concept for Valhall consists of a deck support-
ing shaft and a foundation structure, which gives a simple transfer of shaft loads to the
ground. The foundation structure, consisting of two conical walls on a circular base
slab, is based on principles adopted from conventional onshore tower structures (fig. 1).
Stiff ring beams are introduced at connection shaft/cones and inner cone/slab connec-
tion to take horizontal force components. The total height of the concrete substructure is
87.5 m. With a water depth at site of 70 m, the substructure will tower 17.5 m above the
main sea level.

The cone compartment (annulus) will
serve as oil storage in operation. Four radial
walls in the cone compartment are intro-
duced to ensure floating stability in the con-
struction phases only.

The shaft configuration is selected com-
promising the buoyancy requirements at tow
to field and the wave loads during Opera-
tion. The minimum shaft diameter, @; = 13.5
m, 1s selected to accommodate the necessary
mechanical outfitting.

The minicell with internal diameter @; =
16 m is included to provide space for pre-
drilled wells and passive installation piles. A
dome is selected to minimize weight. The
dome will have penetrations for conductors
and for instrumentation necessary for instal-
lation.

The entire base area will be grouted dur-
ing installation at field, thus ensuring an
even distribution of ground pressures into
the base of the structure. The bottom slab
has ribs underneath the cone walls for tem-
porary support on the seabed at installation.
Around the inner and outer periphery of the
base slab, steel skirts are provided in order
to prevent leakage during grouting. Outer
diameter of the base slab is 54 m.

Figure 1. Valhall Monotower Platform —
270° cut-out sector.

To ensure required minimum submerged
weight in Operation, the shaft is ballasted
with olivin reaching up to the top of the
minicylinder.

48 3 Vallhall monotower platform



A general section of the monotower structure is shown in fig. 2 together with main

dimensions and key figures.
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= Structural concrete : 7600 m3
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-5000 tons
iR Submerged platform weight : 210 MN
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Figure 2: General section with main dimensions

1.2 Construction

The construction of the foundation and lower part of the shaft will take place in a dry
dock. Subsequently, the structure is towed to a deep water site for completion (fig. 3.b).
The rest of the shaft will be slipformed while the structure is lowered in the water in or-
der to ensure adequate floating stability. Before the platform is towed to the field, me-

chanical outfitting and a deck module supporting frame (MSF) will be installed.
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At the field, the structure will be lowered down over the predrilled wells, grouted and
ballasted. Finally, the deck module will be mated onto the MSF in a lifting operation.

a)

AvLoid 3

a7

/NN

Figure 3: Construction phases - a) Out of dock and b) Filling of annulus (cone compart
ments)

2 Loads and response

2.1 Typical loadings

2.1.1 Construction stages

In the construction- , transportation- and installation-phases, the governing loadings
are water pressure and dead weight. For the phase “Tow out from dry dock™ eccentricity
between the resultants from dead weight and buoyancy will introduce hoop tensile
forces due to global flexure of the structure. During slipforming of the shaft, the struc-
ture is lowered by waterfilling of the cone compartments (annulus). When the annulus is
completely waterfilled, the compartments will be opened to sea. At this moment the
outer cone wall and the base slab are subjected to maximum pressure differences. The
shaft, minicylinder and the inner cone wall will be subjected to the highest pressure dif-
ferences during the installation-phase.

2.1.2 Operation (environmental loads)

The governing loadings in the Operation phase results from the environmental loads
such as waves, wind and current. In addition, the structure must resist accidental loads
from ship impact and dropped objects. Minor pressure differences are set up in cone
walls from ballast in lower part of the shaft and also from oil storage in the cone com-
partments.

The maximum environmental overturning moment at mudline is predicted to 2’527
MNm for a 100 year return period including dynamic amplification factor.
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Figure 4: Governing loadings in the Operation phase.

2.2 Response predictions

2.2.1 Global FE analysis

In final design of concrete offshore platforms, several numerical analyses are per-
formed. The response predicted from a linear global finite element analysis (GA) serves
as the main basis for the structural design of the platform. The model built from higher
order volume elements represent the entire structure for the actual phase of construction.
Built in stresses are included by combining results from previous construction phases.
Integrated stress resultants, i.e. sectional forces, from the GA are then used as input for
design code check by use of post-processing program and also for the design of D-
regions by strut and tie models.

Supplementary analyses for input to GA and for scaling of GA results are:
a Dynamic analysis: Calculation of the dynamic amplification factors and
the natural period of the structure during operation.
a Wave analysis: Basis for design wave selection and generation of wave
loading for structural analysis (GA)
Q In addition, Earthquake analysis and Soil-Structure-Interaction analysis might
be performed for the Operation phase.
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Additional non-linear analyses are either performed for refined calculations of cut-
out models from GA (e.g. design of D-regions) or on full structures of limited extension
( e.g. implosion of empty shaft and ship impact).

For the conceptual study of the Valhall platform, the basis for the design is an GA
analysis of a %4 model of the platform fixed in the shaft top. The load response in lower
part of the structure is simulated by putting soil reactions from dead weight and wave
onto the bottom slab (fig. 4). Equilibrium is established by scaling the ground reactions
to balance the results from the wave and dynamic analysis. For the design of the lower
part of the structure this method gives an adequate simulation of the load response. For
the design of the shaft however, the vertical tension caused by the unphysical restraint
in top of shaft will require a more refined method.

2.2.2 R-plots

One barrier for a successful analysis and design of D-regions is the selection of the
governing load case(s). In order to be able to evaluate and sort the vast information pro-
vided by the GA, special emphasis has been put on to systematize and ease this selec-
tion process. This resulted in the introduction of R-plots, which is simply a graphical
visualization of the cross sectional response expressed by a global resultant and the as-
sociated eccentricity. The method was initially developed for the design of ring beams,
but is also applicable for other structural elements subjected to high axial compression.

ReANTV o e

N

The procedure can be described with the
_e_ | aid of a structural member subjected shear,

f '~ moment and axial compression
subsequently increasing the eccentricity of
the axial force. The structural action is
described by stress fields in accordance
with the theory of plasticity (rigid-plastic
solution). Taking the non-linear behaviour
into account, the transmission of the load
will set up transverse tension in the
member (fig. 5). For small eccentricities
however, the transverse tension can be
carried by the concrete itself or taken by
the  nominal  stirrup  reinforcement.
Employing the rigid plastic solution for an
unreinforced member, the maximum
eccentricity is found by exploiting the
compression zone simultaneous utilizing
the yield strength in the compression field.
Smaller eccentricities allows for direct load
transmission without any reinforcement
statically required.

Figure 5: Structural action for a member
subjected to shear and axial
compression with moderate ec-
centricity
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Figure 6: Structural action for a member
subjected to shear and axial
compression with increased ec-
centricity

3 Prestressing

3.1 Design for prestressing

If the eccentricity exceeds the
maximum, a direct load transmission may
no longer be possible. This can be seen
from the structural action illustrated in fig.
6. The stress field solution discloses the
need for transverse as well as longitudinal
reinforcement.

As shown from the example, the need
for statically reinforcement can directly be
related to the eccentricity of the resultant.
The procedure can be extended to capture
biaxial shear and the presence of torsion.

The R-plots serve a useful aid for the
investigation of D-regions. The selection of
the governing load combination can be
further  strengthened by establishing
qualitative truss models/stress fields for the
different loading actions, from which the
critical elements can be spotted (e.g.
splitting reinforcement, anchorage details
etc.).

The degree of prestress is mainly determined by the water tightness requirement. The
prestressing loads are modelled as separate unit load cases in the GA. The final degree
of prestress is found by scaling the prestressing loads so that the design criteria in each
section is met. Although this is an complex and automated process, an adequate esti-
mate of the required amount of prestress can be won by means of simple (long-hand)

calculations.

3.1.1 Vertical tendons in shaft and outer cone

The requirements for the vertical prestress in the shaft and outer cone are:

0 No tensile membrane stress is allowed to occur for a load level of 90 %
of the characteristic ULS-environmental loads combined with minimum
weight. No water pressure is let into cracks.

0 No through cracks shall occur for the SLS environmental load. The SLS
load is conservatively assumed to be 70% of the 100 year characteristic
environmental loads. Water pressure in cracks is taken into account.

a In SLS the stresses in the prestressed reinforcement shall for no combi-
nation of actions exceed 0.8 fy, alternatively 0.8 f;,.
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3.1.2 Hoop tendons in ringbeam dome / minicylinder

Phase : Installation
Loads : External water pressure Ahy =-55m
Requirement : No tensile forces in SLS

Neglecting the ring stiffness of the
cylinder wall restraining the hoop ten-
sion, an upper estimate for the hoop
force in the dome can be found from:

Nembrane, dome = My Pw* Rodome /(2 Rmgome)=-55° 10.052- 10*/(2- 9.75)=-2835
kN/m

Nhoop,n'ngbcum = Niembrane, dome * €08 [asin ( Ry, ringbeam/ R dome)] - Rm,ringbeam
= 2835 cos[asin(8.4/9.75)] - 8.4=12091 kN
Prestressing: Pegr = 2900 kN/tendon (19 x 0.6” strands)

Required numbers of hoop tendons:

1 = Nhoop! Perr = 12091 /2900 = 4.2 =419x0.6”

3.1.3 Hoop tendons in minicylinder

1
|

EEEREEREEERARE

Phase : Installation
Loads : External water pressure Ah,, =-55m
Requirement : No tensile forces in SLS

T

|

N
Nhoop = Ahy - Pw - Ri minicyy = 35+ 10.052 - 8 = 4423 kN/m

Prestressing: P = 2900 kN/tendon (19 x 0.6” strands)
Required spacing between hoop tendons:

¢ = Pegi / Nnoop = 2900/ 4423 = 0.656 m= 19 x 0.6” @ 650 mm

3.1.4 Vertical tendons in minicylinder

Phase : Installation
Loads : External water pressure Ahy =-55m
and selfweight of dome
Requirement : No tensile forces in SLS ‘ i
Uplifting force on dome:
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Fopin=p' A=Ahy- py T Ri,miuicylz =55 10.052- n- 8=111.16 MN
Selfweight of concrete above el. 11.48 m :
G.=217m’ - 2.65#m’=5.6 MN

Required numbers of vertical tendons:

n=(Fupiin - G)/ Per= (111.16 - 5.6)/29=364 =4219x0.6”
@ 1240 mm

3.1.5 Vertical tendons in lower part of shaft and outer cone

Phase : Operation

Loads : Environmental loads, selfweight

Requirement : No tensile membrane stresses is allowed to occur in SLS for a load level
of 90% of the characteristic ULS-environmental loads combined with
minimum weight. No waterpressure is let into cracks.

Base of shaft, elevation +12.5 m:

Global overturning moment 100 years wave : M = 2040 MNm

Min. deck weight : 245 MN
Weight of shaft . 43.8 MN (submerged to el. 69.5 m)
Equipment and nonstructural concrete . 16.6 MN

Nprestressing =Moo/ (- Rmz) -N/2 n- Ryp)
=(0.9 - 2040 - 103)/(n' 18.052)~(24.5 +43.8+16.6)" 103/(2' - 18.05)
=1794 - 749
= 1045 kN/m
Required center distance:
¢ = Petr / Nprestressing = 2900/ 1045 =277 m

In outer cone and base of shaft:

n=2 " Rny/c=2- m 18.05/277=409 =4019x0.6"
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Hoop 19x0.6”@0.65m
6 loops 19 x 0.6

loops 9x 0.5 @20m

40 19x0.6"
4019x06”@1.30m

Figure 7: Prestressing configuration

4 Design of D-regions

4.1 Design aspects

In a ground based offshore structure (GBS) consisting of its typical structural parts
such as skirts, lower and upper domes, cell walls and shafts the major D-regions are
recognized by the structural elements junctioning these parts. Characterized as
geometrical discontinuities, these typically are tricells, cell joints and ringbeams. Top of
shaft is representing another important D-region due to the local introduction of the top
side footing loads (ststical discontinuity). In case of the Valhall platform the identified
D-region are highlighted in fig. 8. Furthermore, a platform consists of various D-regions
of minor structural importance such as prestressing anchorages, secondary castings,
corbels for miscellaneous items etc. These are normally designed with the aid of
standard provisions or related solutions known from the literature.
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Statical boundary conditions for the D-

® Ql E regions are provided by the overall
structural analysis (GA) as integrated

stress resultants. These are transformed
into statical equivalent truss forces,
whereby the inner lever arm z normally
can be adopted from the previous
automatic design of the adjacent regular
shell sections (B-regions). The inclination

¥ of the shear diagonal is derived from the
shear design.

In most cases the D-regions to
investigate have variations in loads as
well as geometry. In the modelling
process it may turn out to be difficult to
match these complexities thoroughly.
Simplifications introduced often implies
the transformation of the problem into the
2-dimensional plane, where plane models
are established for cut-out segments or
"freebodies" with a unit depth. Such
compromises are only then justified if the
global structural action coincides with the
truss plane and the forces acting lateral to
the plane are insignificant for the internal
Figure 8: Identified D-regions resistance of the model.

Discrepancies between the direction of the global principal compression and the
idealized truss plane are caused by the presence of in-plane shear. For the compression
members the allowable concrete stresses have then to be reduced by the relation
between stresses in the plane and the principal stresses out of the plane. The reduction
can be calculated based on the sectional forces from the adjacent B-regions and be
averaged over the D-region in question. Accordingly, the forces in the reinforcement
ties are to be superimposed by the tie force required for carrying the in-plane shear. The
above simplifications are rough and should be used with care when the ‘out-of-plane’
action is significant and governing for the ultimate resistance.

One important item highly relevant for the design of offshore structures is the
implementation of water pressure in cracks. Truss models are due to their caracteristics
not ideal for assessing the effect of water pressure, and so far no standard procedure or
unique analytical model for addressing this effect has been developed. An approximate
method commonly used is to introduce water pressure in potential cracks predicted with
basis in the obtained internal stress distribution. The applied water pressure is then to be
taken locally by the reinforcement. The estimation of the ultimate failure load is hence
encumbered with uncertainties as it tends to be very dependent on the estimated crack
pattern.
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Lastly, adopting the statical boundary conditions from the GA, one will often notice
that the equilibrium conditions are not always satisfied. This common problem can
usually be traced back to the stress integration routine. Normally, the stress resultants
are derived from integration of the stresses in the Gauss points. As the equilibrium
conditions in the FE-analysis are formulated for the joints, equilibrium is not
automatically warranted in the integration points. Hence, if one should eliminate this
problem, the stress resultants will have to be deduced from the joint forces.

4.2 Minicell - dome connection

For the inner ringbeam the Installation Phase represents the governing load action.
During installation the dome and minicell will be exposed to increasing water pressure
difference in pace with the increasing draft. Maximum water pressure is reached at
touch down prior to the shaft is waterfilled.

T34 5000 (kN/m)
FORCE SCALE

Inner ring beam zoom up

i [

Figure 9: Response plot - installation phase (blue = compression, red = tension)
As can be seen from fig. 9 water pressure on the dome sets up a radial compression

which is supported by the ringbeam. The hoop tension in the ringbeam resulting from
the outward directed compression is balansed by hoop prestress (see sec. 3.1.2). The
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eccentric introduction forces the ring beam to rotate, causing an opening moment in the
bay between the dome and the cell wall. Analogous with a frame corner, the moment
will introduce a principal splitting force in the haunch. The vertical component of the
dome thrust is transferred via the ring beam and into the cylinder wall as vertical
tension, for which vertical prestress is needed (sec. 3.1.4).

4.2.1 Loads

For the strut-and-tie analysis a finite beam sector
with a unit arch length is considered. In case of a
plane model the curvature is taken into account by
scaling the forces acting on the D-region
proportional to their relative radius of action:

Y =R;/Ry

Sectional forces:

® Dome: R, =7393 m = Y = R/ Ry =0.860

N; =-3097 kN/m N, =-2663 kN
V1 = 465 kN/m = V] = 400 kN
M; = 209 kNm/m M, = 180 kNm
@ Minicylinder: R;=8.300 m = W = R,/ Ry =0.965
N, = 387 kN/m N, = 373 kN
Vo = 418 kN/m = Vo, = 403 kN
M, = 541 kNm/m M, = 522 kNm

Prestressing:
® Hoop prestressing — radial deviation force: 3 19%x0.6”
R3 =8.600 m = Y = Ri/ Ry =1.000

AFpn =Y, Pyor W/ R3 =0.90-(0.95-3-2900)-1.0/8.60
= 865 kN

@ Vertical prestressing minicylinder: 40 19x0.6” @ 1.304 m
Ry =8300 m = Y = R4/ Ry =0.965

Fo v =Yp Perr - Y /8=1.0-2900-0.965/1.304 =2146 kN
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External water pressure:
® Water pressure in haunch: Ahy, =58.52 m
Rs =7.791 m = Y = Rs/Ry =0.906
Fuw =Yw Pw " bhaunch * Ahy, - Y
=1.2-10.052-0.418 - 58.52 - 0.906
=267 kN
Selfweight:
® Selfweight of ring beam: A.=1.442m
Rs =8.058 m = W = Re/Ry =0.937
Ge =Yg P Ac- ¥

=1.2-255-1442 0.937
=4] kN

2146 kN

l
Fe - 267 kN %
Fa - 959 kN —
} ————— 1
/

Fon = 3x2BB kN Fa= 959 kN

Fov * 2146 kN

L
’

Figure 10: Acting loads and corresponding force diagram

Force equilibrium of the D-region is established with the introduction of the radial
force Fy (see fig. 10). The force is partly associated with the curvature of the ring beam,
where the inward radial deviation results from a net hoop tension. The ’eccentricity’
expressing the rotation of the ring beam, is found from moment equilibrium:

EM® =180 +2146 - 0.907 - 864 - 0.535 + 373 - 0.907 — 403 - 0.163 — 267 -
0.399 - 522

= 1308 kNm
a =SM®/ FA=1308/959=1.364m
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Relating Fj to the idealized ring beam geometry in the GA (hatched contour, fig. 11),
the eccentricity becomes:

e = 1364 +0.163-1.397/2=0.829 m
And hence the corresponding moment:
My =Fp - =959 -0.829 =795 kKNm

A further simplification is introduced by applying the deviation force Fa as descrete
forces distributed over the hight of the ring beam as shown in fig. 11.

Fa=- 959 kN S_{
—_— ]

- 886 kiN/m 2444 KN/m

(I> 174 kN o 320 kN o 854 kN

O —-—— 320 kN = 30N,

<-1L—\j O 534 kN o 320 kN o\ 854 kN
)
v

Figure 11 Distribution of the hoop deviation force Fy

1.397 m

4.2.2 Strut-and-tie analysis

Justified by the global rotational symmetry a plane strut-and-tie model is established
for the ringbeam (an idealization which to some degree is disturbed by the singularity
and hence the out-of-plane spreading of the vertical prestressing).

The small eccentricity of the compression force in the dome allows for a direct load
transmission without any reinforcement statically required (e = 209 /3097 = 0.067 m <
h{6). For the cylinder wall the response is transformed into statical equivalent truss
forces, whereby the inner leverarm z is adopted from the adjacent B-region design. Due
to the prevailing axial tension, the inclination & of the diagonal stress fields is chosen to
45°. The inclination © of the fan shaped stress field then equals 56.2°.

Chord forces:
Fr=M/z +Ni(z-2)/z +Vicot® (z-2,)/z2
= 522/0.426 + 373 (0.426 —0.213) / 0.426 + 403 - cot 56.2° (0.426 —
0.254)/0.426

= 1520 kN
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Fo=M/z-Nz/z-Vicot® z,/z
522/0.426-373-0213/0.426 —403 - cot 56.2°-0.254/0.426

880 kN

>
Il

Figur 12: Equivalent truss forces - top of minicylinder wall
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Vi/sin ®’ = 403/sin 56.2° = 484 kN

F,

Zs

v

The obtained strut-and-tie model is shown in fig. 13, the associated stress fields in
fig. 14. The internal force distribution is characterized by the deviation of the incoming
compression strut from the dome into a compression ‘arc’. The deviation is achieved,
concentrated, by the reinforcement ties (splitting reinforcement and the vertical bars
from the cylinder wall) and more uniformly by the vertical prestress. The ultimate load
resistance of the region will primarely depend on the anchorage of the reinforcement
ties.

Figur 13: Inner ringbeam — stress field resultants
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4.2.3 Concrete capacity check

The stress field, disclosing a moderate stress level varying from 5.1 to 9.4 MPa, is
constructed by exploiting the available concrete area. The effective crushing strength for
the struts taking the hoop tension into consideration is given by:

fica =0 fex/Ye =0.85-60/1.5=34.0MPa ; Grade C60
feaeft =Vv2 * fiew =0.80-340 =272MPa

A specific check of the compression stress in the nodes is considered redundant as T-
headed bars preferably will be used for the anchorage of the reinfocement ties (fig. 15).

9.4 MPo

5.4 Mpf{lr]' ‘ k§

9.2 MPa }:{ ~~—
———
——

T1 1 t 1 V%‘ f "::]75.1 MPa

A ;
AW
i

s

Figur 14: Inner ringbeam — stress field
4.2.3 Reinforcement capacity check
Splitting reinforcement:
req. as= Fs / fya =551 - 10*/(500/ 1.15) = 1267 mm%m (see sec. 4.2.4)
Vertical reinforcement:

req. as=F,/ fya = 1520 - 103/ (500/1.15) = 3496 mm?/m ;overruled by the SLS
crack width criteria
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Figur 15: Principal reinforcement layout and potential crack pattern

-

4.2.4 Water pressure in cracks

Cracking in the bay is likely to generate an increase of the tensile force in the
splitting reinforcement due to the ingress of water. The crack is conservatively assumed
to develop up to the compression ‘arc’. The additional force due to water pressure is
calculated as:

Fow = pw-hy-alz=12(70.0-11.48) - 10.052 - 1.10/ 1.065 = 729 kN/m

Hence,

req. as = (Fs + Fo) [ fya= (551 +729) - 10°/ (500 / 1.15) = 2944 mm*/m
= 12025 @ 200 mm

In addition the splitting reinforcement will have to comply with the general crack
width criteria under service conditions (SLS). For simplicity, the crack control is here
performed on basis of the same force distribution as obtained for the ULS (fig. 13).

Crack width control:

1’Vk =Sr 'Esm
ss =2c+ 0y DIp

where:
¢ = 50 mm
o =0.125
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@ = 25 mm
p =As/Ac,eff

Acett =(6.5@ +¢) s =(6.5-25+50) - 1000 =212 500 mm>

Assume 2 @ 25 @ 200 mm:
p =5-2-491/212500=0.023
st =2-50+0.125-25/0.023 =236 mm

Average steel strain:
Em =€ — 0.4 g

, . FAF, _ _(5514729)10°

s = = 1-086'10_3
Y. EA, 1.2-200000-4910
2/3 2/3
frt min — J erko,min ka =0.95 @ =3.13 MPa
' ‘ fdm 10
— fa.min _ 3 13 — 068 . 10_3

E = =
" p-E,  0.023-200000

Em = 1.086-102-0.4-0.68-10°= 0.814-10°

Characteristic crack width:

we =236-0.814-10°=0.192 mm < lim w, = 0.20 mm

=2025 @200 mm OK!

Note also that due to the presence of inclined shear cracks in the cylinder wall, the

water pressure is here acting as suspended load (see fig. 13).
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EXAMPLE 4

Precast pretensioned beam
in composite action with in situ concrete

Bo Westerberg

Tyrens Byggkonsult AB
Stockholm, Sweden
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1 Introduction

The example is a precast, prestensioned beam in composite action with in situ
concrete.

The beam is part of a floor in a tennis hall, built in Stockholm a few years ago. The
example has been used also for comparisons with Eurocodes 1 and 2. Therefore, this
FIP calculation can be compared to calculations with both Swedish code and Eurocodes.

The floor structure is characterized by large spans, 18 m both for the beam and for
the precast, pretensioned double-T slabs carried by the beam. Another characteristic
feature is the composite action between the 1,5 m deep beam and in situ concrete,
adding another 0,64 m to the depth. See front page and figures 1 and 2.

Two stages have to be considered:
L. the construction stage with the full weight of the slabs and the in situ concrete but
without composite action
2. the finished building with additional imposed load and with composite action.

2. Summary of results

The object has been primarily to compare the design models, and therefore the same
loads have been used in the FIP calculation as in the ECI calculation. The main results
are summarized in table 1, including those according to Swedish code and EC 1 and 2.

Table 1: Summary of main results.

Sweden ECI1/EC2 FIP
Concrete Precast element C50 C60 C60
grade In situ concrete C25 C25 C25
Design load | Construction stage 144 175 175
in ULS, kN/m | Finished building 194 230 230
Required area of prestr. st., mm? 2860 3170 3850 (3170)
Total shear reinforcement, mm° 6900 8200 9900
Total joint reinforcement, mm’ 17600 26900 21400

The high area of prestressing steel is obtained with simplified models in FIP
Recommendations. The same value as in the EC2 calculation can be obtained, if one
uses a ’realistic” stress block for the concrete and a stress-strain diagram for the
prestressing steel with an ascending branch up to the design value of the ultimate
strength. See clause 8.1.

Apart from this the result of the FIP calculation is rather close to that according to
Eurocodes. A somewhat higher area of shear reinforcement is obtained with the FIP
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model compared to the “standard method” in EC2. This is because the standard method
gives a higher “concrete contribution” in uncracked regions, and because EC2 gives
somewhat less minimum reinforcement. A lower amount of joint shear reinforcement
according to FIP is due to a somewhat higher shear friction coefficient.

The Swedish calculation is more favourable in all respects, which is due to partial
safety factors, design criteria and design models.

I

| || 1 1]
;] ..... Column " I'beam IJ; -------- Column 600x900 |
S 00x900 h=1500, b=500 - ’

18000 | 18000

A

}

Figure 1: Outline of floor structure
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Figure 2: Cross section of beam including adjacent slabs and in situ concrete (shown
only on one side).
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3 Material values

In the original structure, designed according to the Swedish code, concrete grades
C50 in the beam and C25 in the situ concrete were used. In this calculation, like in the
one according to EC2, it is necessary to use a higher concrete grade with regard to the
compressive stress from prestressing; C60 is chosen. Prestressing strands with fu/fpu =
1680/1860 MPa. Ordinary reinforcement with fyx = 500. Design values according to
2.1.2:

fea = 60/1,5 = 40,0 MPa (beam)

f.a=25/1,5 16,7 MPa (in situ concrete)

fya = 500/1,15 435 MPa (ordinary reinforcement)
fya=1680/1,15 = 1461 MPa (prestressing steel)

fua = 1860/1,15 = 1617 MPa (prestressing steel)

4 Loads

4.1 General

The aim of this example is to demonstrate the use of design rules in FIP
Recommendations, and to compare with other codes, with which calculations were
already made. These are the Swedish code (BBK 94) and Eurocodes 1 and 2
respectively (ENV 1991-1and 2 and ENV 1992-1-1 and 1-3). The same load values as in
the Eurocode calculation will be used. For comparison, a calculation of loads according
to FIP Recommendations is shown in Appendix.

4.2 Imposed load

According to EC1 part 2-1 table 6.1 the structure belongs to category C4, which
gives the characteristic load value 5,0 kN/m?. Table 9.3, gives the following y-values
for catergory C:

Yo=Y =07,y2=06.

Reduction factor depending on loaded area according to EClpart 2-1:
aa = (5/7)yo + A/A = (5/7)-0,7 + 10/(2-18-18) = 0,515

The characteristic load on the beam is then gx = 18:5,0-0,515 = 46,4 kN/m
4.3 Permanent load

According to EC1, selfweight of reinforced concrete is taken as 25 kN/m’.

Flooring g = 3,6 kN/m
In situ concrete g = 4,6 «
TT-slabs g3 = 914 «
In situ concrete at slab ends (cf fig 2) g = 259 «
Beam, middle part (web thickness0,1m) g5 = 80 «
Total permanent load g = 1335 «
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Within 0 - 1,2 from the ends, web thickness is 0,5 m and the selfweight increases by
10,7 kN/m. Within 1,2 - 3,6 m web thickness is 0,2 m and selfweight increases by 2.4
kN/m.

4.4 Design values of load

4.4.1 Serviceability limit state

During construction:

qa=133,5-3,6 =129,9 kN/m (add 10,7 and 2,4 kN/m respecitively at ends)
Finished building, quasi-permanent load:

qa = 133,5+0,6-46,4 = 161,3 kN/m -« -
Finished building, frequent load:

qa = 133,5 +0,7-46,4 = 166,0 kN/m -« -

4.4.2 Ultimate limit state

For load combinations in ULS EC1 gives two basic relations, (9.10a) and (9.10b). In
(9.10b) the factor & has been given the value 0,89, a value given in the Swedish NAD to
ECL1.

During construction:

Qsa = 1,35:129,9 = 175,4 kN/m -« -
Finished building:
Load combination 1, ECI part 1 (9.10a):

Qsa = 1,35-133,5 + 1,5:0,7-46,4 = 228,9 kN/m -« -
Load combination 2, EC1 part 1 (9.10b):

gsa = 0,89:1,35-133,5 + 1,5-46,4 = 230,0 kN/m -« -

5 Calculation of load effects

5.1 Serviceability limit state

During storage:
M =8,017,2"8 +2,42,424 +10,7-12:0,6 =295,8 + 21,5 = 317 kNm
During construction:
M = 129,9-16,9%/8 + 21,5 = 4638 kNm
In finished building, permanent load only (for calculation of prestress losses)
M = 4638 + 3,6:16,9%/8 = 4767 kNm
Finished building, quasi-permanent load
M = 161,3:16,9%/8 + 21,5 = 5780 kNm
Finished building, frequent load
M = 166,0-16,9%/8 + 21,5 = 5948 kNm

72 4 Precast pretensioned beam in composite action with insitu concrete



5.2 Ultimate limit state

During construction:
Vsa=175,4-16,9/2 + 1,35-:(2,4-2,4 + 10,7-1,2) = 1507 kN
Mgy = 175,4-16,9%8 + 1,35-21,5 = 6291 kNm

In finished building:

Vsa = 230,0:16,9/2 + 0,89-1,35-18.6 = 1966 kN
Msq = 230,0-16,9%/8 + 0,89-1,35-21,5 = 8237 kNm

Table 1. Summary of action effects

Serviceability limit state Ultimate limit state
(kN, m) Mquasi-permanen( I Mfrequem VSd MSd
During construction 4638 1507 6291
Finished building 5780 | 5948 1966 8237

6 Preliminary estimation of prestressing steel

ULS during construction:
Mgq = 6291 kNm (table 1)

z=13m(=1,5-0,1-0,1)
A, = Mgg/zfy = 6291-10%/1,3/1461 = 3312 mm® 32 strands ¢ 13 & 100 mm?

(4 ¢ 16 in bottom flange can also be utilised, which will give suffucient tensile force)

ULS in finished building:
Mgq = 8237 kNm (table 1)
z=13+0,64=194m
A = Mgy/zfy = 8237-10°/1,94/1461 = 2906 mm?> (not governing)

Section data are given in table 2 below, calculated for 32 strands and E, = 39 GPa.

Table 2. Summary of cross section data for uncracked section, web thickness 0,1 m.

Beam only |Beam + in situ conc.
Area m’| 0351 1,151
C.g. distance from bottom m 0,740 1,574
Eccentricity of prestressing force m 0,585 1,419
Moment of inertia m" 0,111 0,473
Moment of area w.r.t. top of in situ concrete m" 0,836
Moment of area w.r.t. top of beam m’ 0,146 -6,360
Moment of area w.r.t. c.g. of strands m’ 0,190 0,333
Moment of area w.r.t. bottom of beam m° 0,150 0,300
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7 Serviceability limit state
7.1 Stresses

7.1.1 Initial prestress

Gpo <0,75-f,4 = 1395 MPa (clause 3.2.1 in FIP Recommendations)

In this case 32 strands are required in ULS compared to 30 according to the Swedish
calculation. In order to have the same total prestressing force as in the Swedish
calculation, the prestress is proportioned with regard to the number of strands:

Opi = 1395-30/32 = 1310 MPa

Even with this reduced prestress the compressive stresses in the concrete become
high, and non-linear creep has to be considered. See the following subclause.

7.1.2 Stresses at release of prestress

Transmission length according to equation (2.13) in FIP Recommendations:

lp = 0400 03¢~ O / (4-Tpa(t))

]

where o 1,0 (gradual relase is assumed)
oy = 1,0 (verification in ULS)
o 0,5 (venfication at release)
o3 0,5 (strands)
¢ = 13mm
opi = 1310 MPa
fopa = 1,9 MPa, assuming concrete strength corresponding to C40 at release

lppe = 1,0-1,0-0,5-13-1310 / (4-1,9) = 1120 mmin ULS
lppe = 1,0-0,5-0,5-13-1310 / (4-1,8) = 591 mm at release of prestress

The selfweight of the beam is
g=77172+2-(10,3-1,35+2,3-24)=171,3 kN

Moment of selfweight at the end of the transmission length:
M; = (171,3/2)-0,59 - (7,7 + 10,3)0,59*/2 = 47 kNm

Compressive stress at the bottom of the beam due to prestressing force and self-
weight, with cross sectional data for web thickness 0,5 m and with reinforcement
included (A = 0,779 m?, Wguom = 0,204 m®, W, = 0,203 m®, e = 0,593 m):

Py = 1310-3200-10° = 4,19 MN
P, Ppe-M_ 419 419:0593-0,047
A W 0,779 0,204

bottom

=-17,3 MPa
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Stress at a distance 1,35 + 2,4 m from the end (where the web thickness is 0,1 m),
with cross sectional data according to table 2:
M; = 85,6-3,75 - 7.73,75%2 - 10,3-1,35-(2,4 + 1,35/2) - 2,3-2,42/2 =217 kNm
B 4,19 B 4,18-0,585-0,217

o= =-26,8 MPa
0,351 0,150

The FIP Recommendations give no definit limit for the concrete stress at release. It
has been assumed above that the concrete strength has attained the equivalence of C40
at release. Then the above stress is 67 % of fi(t). According to 7.4.3 non-linear creep
should be considered if the compressive stress exceeds 45 % of f.,(t), but no model for
this is given. However, a model in MC90 can be used (a similar model exists in ENV
1992-1-3):

fem(t) = fe(t) + 8 = 48 MPa
ko = 0./ fem(t) = 26,8/48 = 0,56
Qox = Po-exp[1,5(ks - 0,4)] = 1,27-¢p (MC90, 2.1.6.4.3 (d))

Thus, the creep coefficient should be increased by 27 % during storage. @ is the
creep coefficient for linear creep, i.e. for stresses below the limit. At later stages the
stress will fall below the limit due to increased external load, decrease of prestress and
increased concrete strength.

7.1.3 Time dependent prestress losses and stresses at different stages

Creep coefficient and shrinkage are taken from clause 2.1.5 in FIP
Recommendations. Release of prestress is assumed to take place after 2 days, loading
during construction after 28 days and loading in the finished building after 90 days. The
equivalent thickness 2A/u is 300 mm. Outdoor conditions are assumed during storage
and construction, indoor conditions in the finished building. This gives the following
final values of creep and shrinkage after interpolation in table 2.2 and 2.3:

During storage 0=297 €5=0,26 o0

During construction @ =1,70 €,=0,26 /oo

In the finished building @ =1,87 ¢€5=0,46 °/oo

Relaxation is assumed to be totally 6 % (low relaxation steel, initial stress < 0,7 f,u).
During storage and construction, Y4 of the final values are assumed to be reached in
each period; thus 1/2 remains in the finished building. During storage the creep
coefficient is multiplied by 1,27 with regard to the high compressive stress at release of
prestress, see the preceding clause. The following values of creep, shrinkage and
relaxation are then obtained for the different periods:

Storage ¢©=1,272974=094 £,=0,26/4=0,07 °/oc0 x=6/4=1,5%

Construction ¢=1,70/4=0,43 €5 =0,26/4=0,07 °/o0 ¥ =6/4=1,5%

Finished building¢ = 1,87/2 = 0,94 €s=0,46/2=0,13 °/00 x=6/2=30%

Prestress losses are calculated according to equation (3.2) in FIP Recommendations
(some symbols are simplified):
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Ao

_Eg t+o-a- (ocg + ocp0)+ 0.8-Ac,,

P

where

1+oc-(1+0,8-(p)-Ap-C

= 200 GPa

shrinkage (to be inserted with negative sign)

E¢/E. = 200/39 = 5,13
creep coefficient

concrete stress at level of prestressing steel due to permanent actions

= concrete stress at level of prestr. steel due to prestressing alone
relaxation loss (to be inserted with negative sign)

relaxation
VA, + y, /1,

area of cross section
= eccentricity of prestressing force
moment of inertia

area of prestressing steel

Calculated losses are summarized in table 3. Calculation details are not shown.

Table 3: Prestress losses. 0 means beginning and 1 means end of the respective stage.

Finished building
During During Quasi- Fre-
storage construction | permanent |[quent
load load
0 1 0 1 0 1
Prestressing force kN || 4190 3810 3740 3660
Prestress MPa| 1310 1189 1169 1145
Prestress loss « 121 20 24
Moment, external load kNm 317 4638 5780 5948
- permanent load only*)  « « « 4767
Top of in situ concrete  MPa| - - - - 2,7 | -3,1 | -3,5
Bottom of in situ concr.  « - - - - 2,0 2,1 2.4
Top of beam « 2,7 22 1-2741-2741-2541-253|-25,0
Level of strands « [[-23,21-209| 19 23 1142 1155|173
- permanent load only*  « « 3,6
Bottom of beam « [-26,2 -23,6] 5,2 5,7 | 18,7 | 20,2 | 22,1

*) In the calculation of the effect of creep on the time-dependent losses, the concrete
stress under prestressing force and permanent load only is used. Quasi-permanent
load and permanent load is the same during storage and construction, whereas quasi-
permanent load in the finished building also includes a part of the imposed load; o

then has two different values.
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The highest compressive stress under quasi-permanent load is 25,4 MPa, which is
below the limiting value according to 7.4.3: 0,45f = 27,0 MPa for C60.

The beam is cracked in the finished building. Stresses in table 3 are calculated for an
average depth of the cracked zone = 0,6 m (= average for quasi-permanent and frequent
load). The high tensile stresses in table 3 are ficitious values corresponding to the
theoretical strain in the cracked section. These values have no physical meaning, but can
be used in the calculation of crack width. Cross sectional data for this case are
summarized in table 4.

Table 4: Cross sectional data for cracked cross section

Depth of cracked zone 0,60
Area 1,007
Center of gravity level 1,772
Moment of inertia 0,155
Eccentricity of prestressing force 1,617
Moment of area w.r.t. top of in situ concrete 0,421
Moment of area w.r.t. top of beam -0,571
Moment of area w.r.t. bottom of beam 0,088

7.1.4 Control of crack width

FIP Recommendations, like EC2, has a requirement on crack width for prestressed
concrete, even for indoor conditions. The maximum crack width under frequent load is
0,2 mm according to table 4.10. Crack widths are calculated according to equation (7.5):

wi = 1,7-81&m

Sr=2-C+ 0 d/p

¢ = concrete cover = 33 mm at bottom

oy = 0,19 for good bond conditions

¢ =13 mm

P= Ad Ac et

A, = area of bonded reinforcement (ordinary reinforcement in bottom can be
included)

A. i = effective concrete area according to figure 7.6, in this case = 120000 mm?

p =(4201 + 32-100) / 120000 = 0,0334

sy =2-33+0,19-13/0,0334 = 140 mm

€m = & - 0,4-8¢

€ = strain in reinforcement in a crack

€1 = fermin/PEs = 3,2/(0,0334-200) = 0,48 °/oo

The strain in the reinforcement should be measured from zero strain in the concrete,

i.e. the prestrain should not be included. It can be calculated as the (fictitious) concrete
strain at the level of reinforcement, in this case the bottom layer; see comments after
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table 3. Creep of concrete under under quasi-permanent load should be considered,
whereby an effective creep ratio can be used:

Pef = P-Oquasi-permanent / O'frequent

where ¢ = 0,94 (see page 6)
Oquasi-permanent = (14,2 + 15,5)/2 = 14,9 MPa (mean stress under quasi-perm. load)
Ofrequent = 17,3 MPa
Per=0,94-14,9/17,3 = 0,81

The crack width at the level of the bottom reinforcement layer can now be calculated,
with values taken from table 3:

oc =173+ (22,1 - 17,3)-(155 - 40)/155 = 20,9 MPa (at level of bottom layer)
€ = (1 + @ef)-0/Ec = (1 + 0,81)-20,9/39 = 0,97 00

€m=0,97 - 0,4:0,48 = 0,77 %00

wy = 1,7-140-0,77-10> = 0,18 mm

The crack width requirement is fullfilled.

Note. The calculated crack width according to EC2 is 0,19 mm.
7.2 Deformations

According to 7.6.2 (2) deformations need normally not be checked for simply
supported beams, if the span-depth ratio is less than 25. For the beam in the example the
span-depth ratio is clearly below this limit: I/h = 16,9/1,5 = 11 during construction and
16,9/2,14 = 8 in the finished building.

The deformation of the beam due to prestress and moment during storage and
construction may be of practical interest, however. Thus, the situation at the end of the
construction period will be studied here. The deflection can be calculated in the
following way, if constant stiffness is assumed along the beam:

1 12 1 1?
y  —
'Mm 9,6 Ip 8
where 1/ry = M/EI = curvature due to external moment
l/rp = Pe/El = curvature due to prestress

During storage:
P =381 MN, e =0,585, M =0,317 MNm
El = I-E/(1+) = 0,111-39000/(1+0,94) = 2230 MNm?
1/rp = 3,81-0,585/2230 = 1,00-10* m!
1/tm = 0,317/2230 = 0,14-10° m™!

Construction stage:

In this case no composite action is assumed, since this is the case when the dead load
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of the floor is applied. To assume this for the whole period is a simplification, since
composite action will affect part of the creep deformation.

P =3,74 MN, e = 0,585, M = 4,64 MNm
El = IE/(1+¢) = 0,111-39000/(1+0,43) = 3030 MNm>
1/rp = 3,74-0,585/3030 = 0,72-10° m™*
1/ry = 4,64/3030 = 1,53-10° m*
Total: 1/rp=100+0,72=1,72-10m’
l/ry=0,14+1,53=1,6710>m"
18 182

y=167-—-1,72-— =-13 mm
9,6 8

Thus, after construction the beam will have an upward deflection of 13 mm, which is
very little compared to the span (span/1400).

8 Design in ultimate limit state

8.1 Bending moment

The prestressing reinforcement assumed so far is 32 strands (3200 mm?) and the
concrete grade is C25 in the in-situ concrete, C60 in the beam. At first a stress-strain
diagram of the prestressing steel according to figure 2.9 is used together with a
rectangular stress block in the concrete, FIP Recommendations 5.3.2. All the ordinary
reinforcement is included, see figure 2. The effective compressive strengths for in-situ
concrete (compression zone in finished building) and precast concrete (construction
stage) are:

feaeff = Vi-fica

Finished building: Construction stage:
vi=1-14/250 =1 -25/250 = 0,90 1 - 60/250 = 0,76
f1ca = 0,85-fg = 0,85-16,7 = 14,2 MPa 0,85-40 = 34 MPa
federr=0,90-14,2 = 12.8 MPa 0,76-34 = 25,8 MPa

This gives the following design values of the bending moment capacity:
Mgq = 5902 kNm in construction stage
Mgg = 9723 kNm in finished building

Design moments are Mgg = 6291 and 8237kNm respectively (table 1). Thus the
estimated reinforcement 32 strands is not sufficient in the construction stage with the
models used. In order to obtain the required moment capacity with the simplified
models, it would be necessary to increase the area of prestressing steel to

A= 3850 mm’

According to EC2, on the other hand, the same concrete grades and the originally

assumed reinforcement area (3200 mm?) give the following moment capacities:
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Mzgq = 6429 and 10714 kNm respectively.

There are two reasons for the FIP calculation to give lower moment capacities:

1. The strength in the compression zone is reduced by the factor v, if a rectangular
stress block is used. There is no such reduction in EC2; instead a reduction 0,8 of the
depth of the compression zone is used. In this example the stress in the rectangular

stress block has a significant influence, particularly in the construction stage.

2. The simplified stress-strain diagram for the prestressing steel according to figure 2.9
has a horizontal upper branch, whereas the simplified diagram in EC2 has an inclined
upper branch. The ascending branch has a significant influence in this example,
particularly in the finished building.

Thus, the simple models in FIP Recommendations may give quite conservative
results. In order to obtain a sufficient moment capacity in this case, one has to use a
more realistic” stress block, e.g the bilinear one according to figure 2.2, and a more
realistic stress-strain curve for the prestressing steel, including an inclined upper branch
based on the design value of the ultimate strength. In that case, the result will be very
close to the one according to EC2. Key parameters according to the different calculation

alternatives are compared in tables 5 and 6.

Table 5: Comparison between key parameters in different moment capacity

calculations.

In all cases the prestressing reinforcement is 32 strands = 3200 min’.

Construction stage.

Calculation alternative

FIP EC2

Simplified More realistic
Compressive stress (rect. block) 25,8 34,0 34,0
Depth of compression zone x 0,63 0,40 0,40
Internal lever arm z 1,18 1,25 1,25
Stress in prestressing steel O 1456 1490 1494
Ultimate moment capacity Mgq 5902 6417 6429

Table 6: Comparison between key parameters in different moment capacity

calculations.

In all cases the prestressing reinforcement is 32 strands = 3200 mm?. Finished

building.
Calculation alternative
FIP EC2
Simplified More realistic

Compressive stress 12,8 14,2 14,2
Depth of compression zone x 0,15 0,19 0,19
Internal lever arm z 1,94 1,94 1,94
Stress in prestressing steel O 1456 1617 1617
Ultimate moment capacity Mgg 9723 10706 10714
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8.2 Transverse shear

Shear design according to 6.4.3.2 in FIP Recommendations is summarized with
certain key parameters in tables 7 and 8. Required and chosen reinforcement is shown in
figure 4. The details of one calculation for the construction stage are shown below.

Geometrical parameters:

Design shear force:

Prestress:

Crack angle:

Friction in cracks:

Shear reinforcement:

Upper limit:

bw=0,1m; d=139m; z=0,9d=125m,x=3.6 m (dist. fr. supp.)
Vsa =851 kN

P = 3,74 MN; 0, = P/A = 3,74 /0,353 = 10,6 MPa

cot By = 1,20 - 0,2 0,y / fom = 1.20 + 0,2:10,6 / 4,60 = 1,66

Via = 0,10(1-cot B/4)byzfeg = 0.10-(1-1,66/4)-0,1-1.25:20,4 = 149 kN
Vewd = Vg - Vig = 851 - 149 = 702 kN

Asls = Ve ! (fyua Z cOt By) = 702 7 (435-1,25-1,56)= 0,778 mm*/mm
Aswmins = 0,2 by, fem / £ = 0,2:100-4,60 / 500 = 0,184 mm*mm
cot 8 =cot B,/ (1 - Vi Vsger) = 1,66 / (1 - 149/ 851) = 2,01

Vidmax = by Z foya 500 cos8 = 100-1,25-20,4-0,44.0,90 = 1010 kN

Table 7: Summary of shear design, construction stage. d = 1,39 m, z = 1,25 m.
The first value of x (2,17 m) is d-cot(B.,).

X m 2,17 3,6 6,66 7,60
Vs kN 1106 851 314 149
by, m 0,2 0,2 0,1 0,1 0,1
A m’ 0,449 0,449 0,353 0,353 0,353
Ocpm MPa 8,33 8,33 10,6 10,6 10,6
cot(Ber) 1,562 1,562 1,661 1,661 1,661
\7 kN 310 298 149 149 149
Viw kN 796 553 702 166 0
Ay/s-req  mm/mm 0,938 0,613 0,778 0,184 0
Ag/s-min - mm7mm | 0,368 0,368 0,184 0,184 0,184
Table 8: Summary of shear design, finished building. d = 2,03 m, z = 1,94 m.
The first value of x (2,69 m) is d-cot(,,).

X m 2,69 3.6 6,40 731
Vs kN 1327 1116 472 262
b,, m 0,2 0,2 0,1 0,1 0,1
A m’ 1,246 1,246 1,151 1,151 1,151
Gepm MPa 2,94 2,94 3,18 3,18 3,18
cot(Ber) 1,328 1,328 1,338 1,338 1,338
\ kN 529 529 263 263 263
Vw kN 799 587 852 208 0
VRd,max kN 2976 2710 1704 1177 -
Aw/s-req  mm7/mm | 0,713 0,524 0,755 0,184 0,000
Agw/s -min mm*/mm | 0,368 0,368 0,184 0,184 0,184
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Figure 4: Required shear reinforcement. The increased minimum reinforcement for x <
3,6 m is due to the increased web thickness (b,, = 0,2 and 0,5 m respectively).

No difference has been made here between areas with and without flexural cracks. In
this example, rather long parts of the beam near the supports are uncracked due to the
high prestress (e.g. 3,5 m in the construction stage). The shear reinforcement in this area
could be reduced, but there is no rule for this in FIP Recommendations. For the
“standard method” in EC2, a higher concrete contribution is given for uncracked parts
(part 1-3, resistance to diagonal cracking, see V[Rd in 8.4 below). This is one reason why
EC2 gives less total shear reinforcement in this example (see chapter 2).

8.3 Longitudinal shear (joint between element and in-situ concrete)

Joint reinforcement is designed according to 6.4.7. The width of the joint between
precast element and in situ concrete is 200 mm, see figure 2. The shear stress in the joint
is:

Trsa = Vsa/zZbg = Vs4/(0,9dby)
The maximum value at the beam end is:

Trsa = 1,966/(0,9-2,03-0,2) = 5,38 Mpa
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The upper surface of the beam is assumed to be “rough” according to table 5.1. This
gives § = 0.4 and u = 0,9 in equation (6.29). Furthermore 64 = 0, ¢ = 90° and

foa = fenco00s/e = 0,21-fu /1,7 = 1,06 MPa
for in situ concrete C25. The required reinforcement is then

P = (Tesa - B-fewa) / wofya = (5,38 - 0,4-1,06) / (0,9-435) = 0,0127
A, = brp = 200-0,0127 = 2,54 mm*/mm

The minimum area is
Pmin = B-fea / posingfyg = 0,4-1,06 /0,9-1,0-435 = 0,0011
A min = 200:0,0011 = 0,22 mm*/mm

The upper limit of the resistance according to equation (6.30) is
0,25-f1ca = 0,25-14,2 = 3,55 MPa < Ty5q

Thus the simple criterion is not fulfilled. A check according to 6.4.3.4 is done.

TRdmax = YRd.max/bwZ = fewa-sinB-cosO
Here 0 should be the angle according to figure 6.10. The reinforcement ratio with 2 x
¢ 16 s 200 is p = 2-201/200/200 = 0,0101.

0 = arctan(Fy/V¢) = arctan(pf,q/tssq) = arctan(0,0101-435/5,38) = 39,2°
fewd = Vaficd = 0,80-14,2 = 11,4 MPa with v, according to 6.4.3.1 (1)
TRd.max = 11,4-81n(39,2)-c0s(39,2) = 5,6 MPa > 1,5¢ OK

Figure 5 shows the required joint reinforcement and one example of reinforcement
that will cover the necessary total amount with a reasonable distribution.

| i |

0] 1 2 3 4 5 6 7 8 Xxm

Figure 5: Shear reinforcement in joint
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8.4 Anchorage of reinforcement

There are no bending cracks within a distance of about 3 m from the support. A
diagonal crack could theoretically form close to the support, depending on the principal
tensile stress. There is no criterion for a direct check of this stress in FIP
Recommendations. There is one in EC2 part 1-3, however. A check according to this
criterion will be shown below for the finished building. The capacity with regard to
diagonal tension is defined as
I'b 2
Tw'\/fctd + 0 Ocpm T
where I =moment of inertia = 0,724 m* at the end of the beam

1 _
VRa1 =

bw = web thickness = 0,5 m

S = moment of area on either side of CG = 0,457 m” in this case
fea = foulYe = 0,7-4,6/1,7 = 1,89 MPa

Ocpm = P/A = 3,66/1,58 = 2,32 MPa

o=xly <1

lppt = transmission length value for ULS = 1,12 m (7.1.2)

x = distance from face of support to centroidal axis=1,35m=a=1

It can be discussed if the lower tensile strength for the in-situ concrete should also be
considered. However, it seems reasonable to use only the strength of the precast
concrete, since the crack will hardly start to form in the in situ concrete. With the above
values the following capacity is obtained:

Vgl = %2:—5'70—’5 1,897 +1-2,32-189 = 2,23 MN > Vsqmax (1,966 MN)

Thus, the capacity can be considered to be sufficient with regard to diagonal tension.
This means that it should not be necessary to check the anchorage according to 6.5.2.1
(It can be mentioned that the same capacity calculated according to EC2 part 1-3 would
be 2,66 MN, due to a lower partial safety factor for the tensile strength, y, = 1,5.)

However, since there is no ’diagonal tension criterion” in FIP Recommendations,
and in order to demonstrate the calculation, an anchorage check according to 6.5.2.1
will be shown, despite the fact that it is not necessary in this case. The calculation is
done "backwards”, to verify that a certain anchorage reinforcement is sufficient.

It is assumed that the strands have an anchorage length of 150 mm outside the center
of the support, see figure 6 This is within the transmission length, and therefore the
stress that can be anchored in this length is, cf section 7.1.2 above:

Gpa = Gpo-150/lppe = 1310-150/1120 = 175 MPa
F1 = AyGpa = 3200-175-10° = 560 kN

At the botton of the cross section there are 4 ¢ 16, which will normally be welded to
a support plate at the bottom of the beam. These bars will then be end anchored for a
force
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F, = 4-201-435-10” = 350 kN

Thus the total anchored force 1s
Fs=F; +F,=910kN

The maximum shear force in the finished building is
Vsaq = 1966 kN

This shear force and the tensile force Fs correspond to a strut inclination of, cf
6.5.2.1 and figure 6.11:

cotfa = Fy/Vgq = 910/1966 = 0,46

The corresponding strut inclination in the truss will be, cf equation (6.32):
cotd = (cotB4 - 0,5a,/z) / (di/z + 0,5)

Here z = 1,94 m (see table 6), a; = 0,1 m, d; = 0,13 m (figure 2), which gives
cotd = (0,46 - 0,5-0,1/1,94) / (0,13/1,94 + 0,5) = 0,77

The amount of stirrups necessary for this follows from equation (6.11b):
Aguls = Vsa/ (cotO-fyug-z) = 1966 / (0,77-435-1,94) = 3,03 mm?/mm

This is quite a heavy shear reinforcement, e.g. 4 x ¢ 10 s 100. An alternative solution
is to add a couple of loops in the end of the beam, see figure 6. With 4 ¢ 20 an
additional 556 kN is taken, and the total anchored force is

F; =560 + 350 + 550 = 1460 kN

cotBs = Fy/Vgq = 1460/1966 = 0,74

cotd = (0,74 - 0,5-0,1/1,94) / (0,13/1,94 + 0,5) = 1,26

Aguls = Vg ! (cotO-fyyg-z) = 1966 / (1,26-435-1,94) = 1,84 mm?/mm

Either stirrups 2 x ¢ 10 s 85 or 4 x ¢ 10 s 170 over a distance z-cotd = 1,24 m from
the support is needed in this case. (The joint reinforcement connecting the precast beam
with the in situ concrete, cf figure 2 and clause 8.3, is 2,54 mm?/mm which also covers
the need with regard to the anchorage.)'

150 ‘_—I Ve

Figure 6. Extra reinforcement 4 & 20 for anchoring the tensile force. This
reinforcement would have been needed according to 6.5.2.1, unless it had been shown
that neither flexural cracks nor diagonal tension cracks will occur near the support.

! Extra shear reinforcement for the anchorage is not included in the total area given in
table 1. The reason is that this is not necessary, and that it was not included in the
comparison between EC1/EC2 and the Swedish code.
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8.5 Spalling reinforcement in beam end

8.5.1 Simple check

According to equation (6.37) local transverse stresses (splitting) can be assumed to
be taken by the concrete if the following simplified conditions are fulfilled:

c/d > 2,5 and ce/P > 2,25

¢ = concrete cover =40 - 13/2 =33,5 mm; c/¢p = 2,6 OK

Cett = [2:c + 1,5:(n-1)-s4] / 2n

Sy = clear distance =50 - 13 =37 mm, n =32

Cefr = [2:33,5 + 1,5-(32-1)-37] / 2:32 = 28 mm; ceg/Pp = 2,15 < 2,25

The simplified condition is not fulfilled. Therefore, transverse forces are calculated.

8.5.2 Transverse forces

FIP Recommendations figure 6.28 gives a model for calculating the transverse force
T, ("splitting” force). The following value of the force can be derived from this model,
with d; = 131 mm and a = 2-(131 - 40) = 182 mm:

Ty = (P/4)(1 - a/2d;) = (4,19/4)-(1 - 182/2:131) = 0,32 MN = A, = 735 mm*

According to figure 6.28 the vertical force T, (“spalling” force) at the end of the
beam can be assumed equal to the horizontal force T3, which in turn is equal to the sum
of the tensile stresses in the upper part of the beam. The maximum tensile stress is, cf
7.1.2:

&+ Pp-e-M _ 419 N 4,19-0,593 - 0,047
A W 0,779 0,203

top
In the same section, the stress at the bottom is, cf 7.1.2, o, =-17,3 MPa
The depth of the tensile zone is thus

x =ho/(o,- o) = 1,5-6,6/(6,6 + 17,3)= 0,41 m

o, =- = 6,63 MPa

The stress exceeds the tensile strength of the concrete. However, it can be used as a
basis for calculation of the tensile force. Of course, this force has to be taken by
reinforcement also in the horizontal direction. The tensile force is

T, =T =06¢b-x/2 =6,63-0,5-0,41/2 = 0,69 MN
A, = Tyffyq = 1580 mm’®

This reinforcement could be partly concentrated to the end and partly dispersed along
the transmission length, e.g.

2020+4x2¢12

The 2 ¢ 20 could be welded to the plate in figure 3 and bent horizontally at the top of
the section, figure 7:
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|

Figure 7: Example of spalling reinforcement. (No other reinforcement is shown.)

APPENDIX. Load values according to FIP Recommendations
Imposed load

The real structure is part of a tennis hall. The nearest category in FIP
Recommendations, table Al, Appendix 1, is dance halls, with characteristic load 5,0
kN/m?* m.

Clauses 6.2.2 and 7.2.2 give the following y-values for offices, which seems to be
the nearest category here:

Wo =1 = 0,6,y = 0,3,
FIP gives no reduction of the load intensity with regard to the loaded area. Without
this, the characteristic load on the beam would be

qc = 18:5,0 =90 kKN/m
Permanent load

Selfweight of reinforced concrete is assumed to be 25 kN/m>. Then the permanent
load will be the same as according to EC1.

Load values

Serviceability limit state

During construction:

qQa=133,5-3,6=1299kN/m  same according to EC1
Finished building, quasi-permanent load:

qa = 133,5 +0,3:90 = 160,5 kN/m 161 according to EC1
Finished building, frequent load:

qa = 133,5+ 0,690 = 187,5 kN/m 166 according to EC1
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Ultimate limit state

During construction:

qsa = 1,35:129,9 = 175,4 kN/m  same according to EC1

Finished building, clause 6.2.2:
gsa = 1,35:133,5 + 1,590 = 315 kN/m 230 according to EC1

There are two reasons for the FIP load in ULS of finished building to be 37 % higher:
¢ no reduction of intensity of imposed load with regard to area is given (EC1: o =
0,515)

e no reduction of permanent load combined with variable load (EC1: & = 0,89 used
here)

As regards the reduction of imposed load for large areas, FIP gives no specific rule
but refers to other codes, e.g. Eurocode 1. It is obvious that such a reduction is
important, and justified, since such high load intensities as 5,0 kN/m? are very unlikely
to occur all over large areas like, in this case, 650 m?.
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EXAMPLE 5

Design of the D-region of a precast post-tensioned I-beam

Jean Marc Voumard

VSL
Lyssach, Switzerland

Summary

1  General
2 Local zone design
2.1 Check of the minimum local zone
2.2 Check of the confinement reinforcement
3 General zone design
3.1 In vertical direction
3.2 In transverse direction
4 Sketch of end block reinforcement
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1 General

For the Sungai Terengganu Bridge in Malaysia, on the east coast of Malayan
peninsula, an alternative design with 520 modified I-beams replaced the originally
designed I[-beams and eliminated the deck slab formvork. The area of the river mouth is
generally shallow, traversed by a series of islands and crossed by a line of bridges. This
consists of the North Bridge I, the Toll Plaza on the small island of Pulau Besar, the
North Bridge 2, the Pulau Duyong Interchange with the Interchange Bridge and the
South Bridge. The latter is subdivided into the South Channel Approach Bridges 1 and 2
and the Main Spans. In the above sequence the bridges have the following lengths (and
spans): 240 m (6x40m);320 m (8x40m); 40 m; 1.195 m (11x40-40.15-39.85-3x65-
39.85-40.15-10x40m). Each bridge comprises a north-bound and a south-bound half,
each 12.65 m wide (in the standard section). Typical spans were 40 m with a cross
section consisting of six girders spaced at 2.1 m, placed by a specific launching girder
allowing transverse movement. The continuity is done with longitudinal reinforcement
in the composite deck slab. The end block design for the typical post tensioned T girder
will be investigated in this example.

GIRDER SYMMETRICAL
L/2 =20.000 ABOUT MIDSPAN

I
1
i
|
|

(
150
"”_ A) ELEVATION OF PRECAST POST-TENSIONED GIRDER
L 2000 500
2100
o 2070 Cast-in-place
D 705 660 705 composq;a concrete
- deck slal
3 © 2.5% / 3 2
o™
/
O ——— e !
©| N *&“ r"‘-r ____________
— N —
o ©, c—~— —
1 o 3 R ‘?
5 S bt o @ Lo /
7 g ¢ g S | /
g ~ - A . /
: SN . S —
. / 8 o ~— L«:________:::——
< It} ———— —_—
< 1 ——————
g 220 | | 220 oo 7

220
B) CROSS-SECTION GEOMETRY C) END BLOCK SIDE ELEVATION

Figure 1: Hlustration of the geometry of the girder and the overall tendon profile

2 Local zone design

The local zone is the region immediately surrounding each anchorage device. It may
be taken as a cylinder or a prism with transverse dimensions equal to the size of the
bearing plate plus the side or edge cover.
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In general, for the design of the local zone, the priority should be given to the
standard data sheets available in the technical approval (documents) of the post
tensioning systems.

The simplified models given in this example are similar to those used as a basis for
the calculation of the standard data sheets, however, they may differ slightly because the
data sheets are based on experimental results and more comprehensive analysis.

As in this case, the dimensions of the end block do not allow the use of the standard
elements, some adaptations have been necessary, based on the simplified models.

2.1 Check of the minimum local zone

The local zone may be assumed to be a cube with side dimensions of b determined by :

2

42
0.85-fd(b2—7r%)=1‘1P" or

1.1P d,?
b= P, +
0.85-f, 4

fei = min required concrete cylinder strength at stressing
d4q = external duct diameter

P, = specified tensile strength of the cable

fei = 45 N/mm?2

(C50 is required in this area with fo,=50N/mm?)

dq = 87 mm (for the VSL unit 5-19)

P, =19- 1860- 100- 107 = 3534 kN

=328 mm < 660/2 = 330 mm

b_\/1.1~3534-103 , T8
0.85 45 4

2.2 Check of the confinement reinforcement

For practical design, the confinement reinforcement can be determined with the
following equation :
0.85f;+4f) A, .=11P,
f. = min required concrete cylinder strength at stressing
fi = force acting on the confinement reinforcement
A = area of concrete core encompassed by the confining transverse
reinforcement

f = 2 Asw O
p= o m
d.s
A,y = cross sectional area of the reinforcement used to form the confinement
[mm?]

o5 = stress corresponding to a steel strain of 1% or 200 N/mm?
d. = inside diameter of the reinforcement used to form the confinement
(p-ex.spiral) [mm)]
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s = pitch [mm]
_2-200-200
' 288-50
Agw =200 mm? for 16 mm - rebar
os = 200 N/mm?
de =320-2- 16 =288 mm
s =320/6 = 53 mm, say 50 mm

= 5.55N/mm?2

(0.85- 45+4- 555)- 651 - 10*- 10°=3935kN>1.1- 3534

20— 2
_,(320-32)

A =6.51- 10*mm?

cC

Note that the spiral diameter given in the standard data sheets for stressing at
fei = 22.4 N/mm? is 365 mm and the minimal spacing of anchorages is 385 mm

320

3 Design of D-region
The D-region is the region in front of the anchor which extends along the tendon axis
for about a distance equal to the overall depth of the member. In accordance with the

St Venant's principle, the length 1 of the dispersion zone or D-region is approximately
equal to the height h of the member.

When detailing the end block, all forces acting on the concrete must be considered.

3.1 In vertical direction

DL+LL | N
E:m:cm:%m:m' ote :
— i In N, M, V the effect of P4, Pg
R —— | ) % and Pc is included
4 A AL%N /
| v )
PoPo/ — —mmdeyy %
— R
Ry P
. Figure 2: Loads in D-region
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The height of the centroidal axis of the cross section varies from the end block to the
typical cross section producing an additional deviation force which is small and has
been neglected.

The tendons introduce point loads P4, Pg, ¢ into the concrete at their respective
anchorages. In addition, due to changes in the tendon direction with respect to the
centroidal axis of the concrete section, deviation forces are imposed in the concrete.

The stress resultants N, M and V in the section at the end of the D-region can be
determined from equilibrium.

In a variety of load cases, 4 cases of interest for the design of the end block were
adopted :

a) load case 1 : after final tensioning of first tendon

b) load case 2 : after first stage post tensioning

¢) load case 3 : during erection

d) load case 4 : ultimate loads acting on the composite cross section

The general approach to the analysis is to use a truss model to deal with the primary
forces as well as with the secondary spalling forces (see section 6.5.7 in the FIP
recommendations). The deviation of the force is assumed to take place on a distance 2 1
from % | to % 1. As the vertical forces are taken into account, the equilibrium is done at
% 1 in the D-region.

,,,,, I
LT e ¥
— - |
R DI
- — | TTes<T R
—=-L TR — — _T_
T~ I
~—2Z
: e // - 2
< YAy |
L7 s ] —
//|/ /// //I +
- -~
-~ I Ve | 13
I///// I
T —— —— - - [
\\ b 4l
/4 1/2 /4
I I
I=h

Figure 3: Model representing the flow of forces

The following loading cases shows some possibilities to determine the forces.
a) graphically

b) calculated at each node (£ H=0, £ V=0)

¢) and d) with help of a computer calculation
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Node ® a:0'355_0'256=0.099 o= 5.65°
1.0

sin o0 = 0.0985 cos a=0.9951
2H=0 -2046+H - 0.9951=0 H=2018 kN
2V=0 440 -2018 - 0.0985+V =0 V=-240 kN
Node @ tga= L2316 _ 4oy o= 15.109°

sin o = 0.26066 cos o = 0.9654
2H=0 -445+H - 0.9654 =0 H = 460 kN
2V=0 -17.5+460 - 0.26066 + V=0 V=-102 kN
Node @ tga = 100148 1g o = 10.204°

sinoe=0.1772 cos 0. =0.9842
2H=0 4114+H- 0,9842=0 H=418 kN
2V=0 102 + 188 -157.5-418- 0.1772+V =0 V =-59 kN
Node ® ga = 1000867 _ 793 o= 38.41°

sin o= 0.6213 cos ot =0.7836

gf =2807-03%5 451 B=27.11°

1.0

sin 3 = 0.4557 cos B =0.890
>H=0 -626+Acosa - Bcosf =0
2V=0 240 - 157.5 + 59 - Asino + Bsinf =0

-626 +0.7835- A+0.89B=0
141.5-0.6213- A+0455B=0 x1.26

B =448/1.463 B =306 kN
A =353/0.7836 A =450 kN
Node ®
2V=0 350-440-306 - 0.4557+2018 - 0.0985+V =0 V =-30kN

Calculation of the forces for load case 2 using equilibrium at each node
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3.2 In transverse direction

3.2.1 In web
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Figure 8: Transverse reinforcement requirements in the girder web

3.2.2 In girder flange
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Figure 9: Transverse reinforcement requirement in the girder flange
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4 Sketch of end block reinforcement
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Figure 10: Comparison of the reinforcement actually used and the requirements for the
load cases 1 to 4
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EXAMPLE 6

Slender piers design according to FIP Recommendations
1996 and comparison with non-linear analysis

- Viaduct over the Alberche River

by ‘24' ¢
g LY e 1YE .
e

Alvaro Ruiz Herranz
Hugo Corres Peiretti
Alejandro Pérez Caldentey

Dpto. Mecénica de Medios Continuos y T* de Estructuras
Universidad Politécnica de Madrid
Madrid, Spain

fib Bulletin 16: Design Examples for the 1996 FIP Recommendations ‘Practical design of structural concrete’ 103



1 Introduction

In this paper the design of the supports of the Viaduct over the Alberche river is
undertaken, using the method proposed by the FIP Recommendations 1996 (FIP 96) [1].

The solution, thus obtained, is then compared with two non-linear analysis, taking into
account non-linear material behaviour, as well as non-linearity due to changes in
geometry, with different degrees of simplification.

In a first non-linear analysis, the supports are considered as cantilevers in the
transversal direction and as simply supported at one end and embedded in the other end in
the longitudinal direction. Transversal loads transmitted to the supports by the deck are
obtained considering a linear behaviour of the structure. Wind loads acting directly on the
columns are also considered. In the longitudinal direction a displacement of 100 mm is
imposed on the top of the column to take into account a displacement-limiting device
installed at the abutments (the maximum displacement allowed is 100 mm).

In a second non-linear analysis, the whole structure is modelled. In this case, a linear
behaviour of the deck has been assumed, while geometric and material non-linearities are
considered in the behaviour of the supports.

Finally, the same columns have been designed according to the procedures proposed by
Eurocode 2 (EC2)[2] and Model Code 90 (MC90)[3].

2 Description of the structure and loads considered

The Viaduct over the Alberche River is a five span composite structure. The length of
the spans are 38.00, 56.00, 66.00, 52.00 and 34.00 m with a total length of 246 m (figure
1). The layout in plan is complex, beginning with a straight line, followed by a transition
curve and ending in a circle with a radius of 350 m. The cross-section is composed of two
double T steel beams with a height of 2.30 m connected to a reinforced concrete slab of
variable depth from 0.15 to 0.30 m (figure 2).

The four columns have a hollow rectangular cross section of exterior dimensions
4.00x1.80 m* and a wall depth of 0.30 m. The columns are ended at the top by a
composite steel-concrete structure designed to extend the width of the columns in order to
support the deck. The two central columns, P2 and P3 (figure 4) have a height of 40.92
and 44.05 m, respectively. The two exterior columns, P1 and P4, are 23.04 and 22.58 m
high.

The deck is fixed in the longitudinal direction to piers P2 and P3, and supported on
neoprene bearings at piers P1 and P4 as well as at the abutments.

At the abutments, a special system is installed in order to limit the maximum

longitudinal displacement of the deck (and therefore that of the more slender columns as
well) to 100 mm (figure 5).
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The material properties of the piers, as well as the partial safety factors, are given in
table 1.

Table 1. Pier material properties and partial safety factors.

Material fex, fyx [MPa] Ec, Es [MPa] Y
Concrete
C250 25.0 30000 1.50

Reinforcing Steel
3500 500.0 200000 .15

For the design, the loads and load combinations required by the Spanish Standard of

Loads on Road Bridges IAP [4] have been considered. In table 2, a brief summary is
presented.

Table 2: Loads considered.

Loads

- Permanents (G)

Deck self-weight 95.0 KN/m
Pavement, sidewalks and safety barriers | 45.0 KN/m
Pier self weight 25.0 KN/m
- Free shrinkage of deck slab (G*) - 260 pe
- Variable actions
Traffic
Vertical
uniform load 4.0 KN/m®
concentrated load 600.0 KN
Horizontal
braking 2.5 KN/m
centrifugal force 1.2 KN/m
Other external loads
Longitudinal or transversal wind +2.0 KN/m®
Temperature on deck
concrete +17.3°
steel + 35.0°
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Figure 1: Plan view of the structure.
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Figure 3: Piers P1 and P4. Elevation and cross-section
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Figure 5: Detail of displacement-limiting system.

The load partial safety factors and the load combinations considered are described in

tables 3 and 4.

Table 3: Load partial safety factors

Load

Favourable effect

Unfavourable effect

Permanent

Variable

ya=yG+=1.00

¥e=0

ye=yc=1 .35

vo=1.50
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Table 4.: Load combinations considered

Combination |Description and combination factors

1 Permanent load, traffic load on half of deck width and transversal wind

1.35 (G+G*) + 1.50- Qtruﬂ‘ic load on half of deck width + 045 Qu‘ansversa] wind

I Permanent load and transversal wind
1.35 (G+G*) + 1.50 th'ansversal wind

I Permanent load, traffic load on full deck width and transversal wind
1.35 (G+G*) + 1.50° Quraffic load on full deck + 0.45° Qiongitudinal wind

v Permanent load, traffic load on half of deck width and longitudinal wind
1.35 (G+G*) + 1.50° Quraffic load on half of deck width + 0.45- Qlongimdina] wind

A% Permanent load and longitudinal wind
1.35 (G+G*) + 1.50 Qlongitudinal wind

3 Design according to FIP Recommendations 1996

FIP 96 establish a simplified procedure for slender supports subject to non-skew
bending, which allows the design of reinforcement by adding an additional eccentricity ea,
obtained in a simplified manner, which takes into account second order effects. For skew
bending, the use of a simplified interaction diagram is proposed:

M
Msd.x + sd.y < 1
MR(I.x MRd<y

where:

Maax Design bending moment in the x direction, including second order effects

Msay Design bending moment in the y direction, including second order effects

MRax Ultimate bending moment in the x direction resisted by the cross section, for the
given normal force, Nsq.

MRay Ultimate bending moment in the y direction resisted by the cross section, for the

given normal force, Ngq.
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To determine Msax and Msay the procedure established in paragraph 6.6.6 of FIP 96 is
used. In each direction:
Mua = M’ + Mz
M2=Ng' e
e2= (1) - 1%/10
where:

Ms’  First order desi gn bending moment

M Bending moment due to second order effects
) Second order eccentricity

lo Equivalent support length (buckling length)
1/r Reference curvature

defined according to FIP 96.

In the case of bridge piers, the worst design combinations usually involve skew
bending. The value of lp depends on the type of connection between pier and deck, as well
as on the boundary conditions of the structure as a whole, making it difficult to determine
this parameter. Furthermore lo, usually, has a different value in the longitudinal and in the
transversal direction. Finally, the forces transmitted to the piers by the deck are a function
of the general behaviour of the structure, and, in particular, of the stiffness of the piers.

For this example, the first order forces have been determined assuming a linear
behaviour of the structure, using the non-cracked stiffness for both deck and piers and
modelling the connections between deck and piers in a realistic way, taking into account
the different characteristics of the bearing supports. In tables 5 and 6 the first order forces
for each combination group are shown for piers P1 and P4, and piers P2 and P3,
respectively. For each group of piers, the worst combination considering each two piers is
shown in each case.

Table 5: First order forces. Piers PI and P4.

comlf)(i)sgtion Nsa [KN] Mid.ansversal’ [MKN] | Midongitacinal ° [mKN]
I 14900 11300 1100
II 13250 13500 2150
I 16700 1950 3800
v 14900 7450 3400
Vv 12900 200 6100
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Table 6. First order forces. Piers P2 and P3.
comlf)(i)::tion Nsa [KN] Mg ransversal. [MKN] Mad ongitudinal© [MKN]
I 20900 19950 700
I 17700 40950 1250
m 23150 6100 2950
v 20900 8200 2800
\% 17650 750 5000

In the transversal direction, for the determination of the second order forces, the piers
are considered as cantilevers and, therefore, lo=2- 1. In this way, any contribution of the
deck to the transversal stability of the piers is neglected.

In the longitudinal direction, in order to take into account that the longitudinal
displacement has been limited to 100 mm, e; has been taken as 100 mm for both groups of
piers, P1-P4 and P2-P3. Besides, the favourable effect of the bending moment, due to the
horizontal reaction at the displacement-limiting system, is neglected.

In tables 7 and 8, the resulting design forces for the embedded section of the pier are

shown. Since the reinforcement is constant along the full length of the piers, the
embedding is the critical section.

Table 7: Design forces, including second order effects. Piers P1 and PA4.

Comﬁzgﬁon Nsa [KN] Msd transversal [MKN] | Mid,longitudinal [MKN]
I 14900 14035 2595
1l 13250 15925 3470
I 16700 5045 5460
v 14900 10160 4890
v 12900 2540 7390
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In order to determine the required reinforcement, an iterative procedure is necessary. A
certain amount of reinforcement is firstly proposed. For this amount, Mrq and Msq are
determined for each direction and the condition established by the proposed interaction
diagram is checked. The procedure is repeated until the interaction condition is strictly
fulfilled.

Table 8: Design forces, including second order effects. Piers P2 and P3.

comll;(i)g:tion Nsa [KN] Mid,transversal [MKN] | Msd,longitudinal [MKN]
I 20900 30400 2780
I 17700 51685 3025
I 23150 16830 5255
1\Y 20900 18650 4890
\% 17650 10480 6760

Table 9: Interaction diagram. Piers Pl and P4.

M M
Load sd.t sd.l
COmb(i):a[ion Nsa [KN] MRd'U'a“SVﬂSRJ [mKN] MRd.longitudinul [mKNI ( + ]

I 14900 30000 15210 0.64

I 13250 28870 14160 0.80
16700 30920 16240 0.50

v 14900 30000 15210 0.66
A% 12900 28595 13935 0.62

Tables 9 and 10 give the values of Mra (in each direction) and of
(Misax/MRax+Midy/Mray) for each group of piers, for the different combinations and for the
proposed reinforcement. For piers P1 and P4 the proposed reinforcement As = 12480 mm’
(w=0.11) 1s the minimum reinforcement required by the Spanish reinforced concrete
Standard [5]. For piers P2 and P3, the proposed reinforcement is As = 65663 mm’
((0=0.56), results from combination II, as can be seen in table 10.
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Table 10: Interaction diagram. Piers P2 and P3.

080N TRN] | Mgt [MKN] | Mrgsorgina [KN] [:;R: + 11\\44R:1J
I 20900 57260 31210 0.77
I 17700 57435 31090 0.99
I 23150 56780 30655 0.46
v 20900 57260 31210 0.48
v 17650 57435 31085 0.40

4 Design according to EC2 and CEB-FIP Model Code 90

EC2 and MC90 establish, for the design of slender columns subject to compression and
non-skew bending, similar criteria between them. These criteria are also similar to the one
proposed by FIP 96.

For skew bending, an independent check for each plane of bending is allowed, only if
there is a predominant eccentricity, as shown in figure 6.

This type of proposal is clearly insufficient for the design of bridge columns since, in
many cases, the design combinations involve skew bending without a predominant
eccentricity and, therefore do not fulfill the above condition.

In this example, however, load combination number II, which governs the design of
piers P2 and P3, is a combination with a predominant eccentricity in the transversal
direction, and fulfills the condition established by both EC2 and MC90. Table 11 shows
the amount of reinforcement obtained with EC2 and MC90. These are compared to the
amount of reinforcement determined in paragraph 3 '\

' For the design according EC2 and MC90, the piers are supported as explained in paragraph 3. In the
transversal direction, the piers are considered as cantilevers and the second order eccentricity in the
longitudinal direction has been taken as 100 mm.
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Figure 6: Condition which must be fulfilled in order to be allowed to
check each bending plane separately.

Table 11: Design of piers P2 and P3 according to FIP Recommendations 1996,
EC2 and CEB-FIP Model Code 90.

As [mm’] ®
Eurocode 2 64171 0.55
CEB-FIP Model Code 90 69965 0.60
FIP Recommendations 1996 65663 0.56
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In this case, where the criteria of EC2 and MC90 is of application, similar results are
obtained.

5 Non-linear check

In order to check the reinforcement obtained using FIP 96, a non-linear computation
was undertaken.

For this check a finite element program was used taking into account both the
mechanical non-linearity, due to the non-linear behaviour of the materials, as well as the
geometrical non-linearity, due to the effect of the displacements on the forces.

The non-linear behaviour of concrete was modelled using the parabola-rectangle
diagram shown in figure 7, with a maximum stress of feq. It is well known that this
diagram was developed in order to determine the ultimate limit state due to normal forces
and that it underestimates the stiffness of the cross-section for the lower range of stresses.

However, taking fcq as maximum stress, instead of 0.85- fcq (see figure 7), it has been
shown [6] that, for the ultimate limit state of instability, the parabola-rectangle diagram
leads to adequate results, similar to those obtained with more precise diagrams, such as
that also shown in figure 7, proposed in the paragraph 2.1.4.4.1 of MC90 .
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Figure 7: Constitutive relations of concrete

Tension stiffening is neglected. For steel, a bilinear diagram has been used, considering
a maximum stress equal fya.

116 6 Viaduct over the Alberche River



In all cases, load combination II, which governs the design of the slender columns, was
checked. A first analysis is undertaken with the same loads used to determine the amount
of reinforcement. Then, the wind load is increased until the collapse of the structure comes
about.

Two different structural systems were studied. The results of table 12 correspond to the
analysis of the pier alone, supported in the same manner as considered for the design of
the reinforcement, as explained in paragraph 3. In this case, the vertical and the transversal
horizontal loads are determined through linear analysis using the non-cracked stiffness of
deck and piers. In the longitudinal direction, an imposed displacement of 100 mm is
considered, in order to take into account the limit to the displacement allowed by the
structural system (see figure 8).

The results show that the system is stable under combination II, and reaches a collapse
only after the wind load has been increased by a factor of 1.20.

Table 12: Analysis of the ultimate bearing capacity of an isolated column. Piers P2 and

P3.
Nsd [KNI Msd,lmnsversal [mKN] Msd,longitudinal [mKN]
First order design 17700 40950 1250
bending moments
Ultimate Load
Capacity 17700 62280 1535
B=1.20

Finally, a non-linear analysis considering the whole system (see figure 9) was
undertaken. The results of this analysis are shown in table 13. In this case, a linear
behaviour of the deck was assumed, while both the mechanical and the geometrical non-
linearities were considered in the piers. Other results [6] show that the non-linear
behaviour of the deck is of little importance in the results of this type of structural analysis.

Table 13: Analysis of the ultimate bearing capacity of the structure. Piers P2 and P3.

Nsd [KN] Msd,transversal [mKN] Msd.]ongitudinal [mKN]
First order bending 17700 40950 1250
moments
Ultimate Load
Capacity 17700 60815 1345
B=1.80
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Figure 8: Structural Model. Non-linear analysis of the isolated column.

Figure 9: Structural model. Non-linear analysis of the whole structure.
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As in the previous analysis, the structures is first checked for the initial loads of

Combination II, which proves stable. Then, the wind load is increased until the collapse of
the structure is attained. Table 13 shows that the wind load has to be multiplied by 1.80
before the structure collapses.

6 Conclusion

The method proposed by FIP 96 allows the study of slender bridge columns, subject to

skew bending. This method has been applied to a real structure having very slender piers.
In this case, it has been shown that this method leads to results which are both reasonable
and on the safe side, according to the more precise non-linear checks carried out.
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Part 1: Example

1 Basic assumptions

1.1 Geometry

Cantilever column with rectangular cross section, figure 1 — 1

I=60m,bxh=04x0,6m
Slenderness: ly/h =2:6,0/0,6 =20 = L =1y/i=20-4/12 =69,3
1st order eccentricity: eg = 120 mm = 0,12 m (incl. all imperfections)

1.2 Loads
Ultimate limit state (ULS):

Axial load: Ngg = 1600 kN (design value for one load combination)
First order moment: Mysq = 1600-0,12 = 192 kNm

Serviceability limit state (SLS) (quasi-permanent load):
Axial load: Ny, = 800 kN, first order moment: Mggp = 96 KNm

1.3 Material parameters /

Concrete grade C35:
fox = 35 MPa, fiqg = 0,85-f /1,5 = 19,8 Mpa

Note. All calculations in this example will be based on the uniaxial
concrete compressive strength fi.q according to equation 2.1 in FIP
Recommendations

Ecn=35GPa, E=35/1,5=23,3 GPa

fetkmin = 0,7-3,2 = 2,2 MPa

4

Reinforcement: Figure 1: Geometry
fyx = 500 MPa, fyq = 500/1,15 = 435 MPa and loads
Eg4 = Eg =200 GPa

1.4 Creep

Basic creep ratio: ¢ = 2,0 is assumed
Effective creep ratio: Qer = @-Mogp/ Mosq = 2-96/192 = 1,01

The effective creep ratio Q¢ is based on first order moments throughout this example. It
can also be based on total moments including second order moments. This is less
conservative, but would require iterations, since second order moments depend on
creep. Such iterations will not be made here.
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2 Resistance of cross section in ULS

For simplicity, the edge distance of the reinforcement is assumed to be ¢ = 60 mm
regardless of the area of the reinforcement, see figure 2. (In a real case, the edge distance
used would depend on the diameter, number and placing of bars.)

o L
@ e /,/// o
b =400 - A
ﬂ.// W\\
o ™~ @
o L
t=60 t=60
h =600
Figure 2: Cross section and reinforcement.

The resistance of the cross section to bending moment and axial force in ULS is
shown in figure 3 for different values of the mechanical reinforcement ratio @ = A,
fya/bhficq. The moment capacity for axial force Nsg = 1600 kN is plotted separately
against the reinforcement ratio in figure 4. The relationship is practically linear, there-
fore a linear function has been given.
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Figure 3: Interaction curves for cross section according to fig 2-2 with f;.q = 19,8 MPa
and fya = 435 MPa. All curves are based on t/h = 0,1, cf. figure 2
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Figure 4: Moment capacity in ULS for Nsq = 1600 kN as a function of @ .

3 Calculation methods for ULS

The following methods will be used and compared:
1. Method based on linear analysis with reduced stiffness (6.6.5)

2. Method based on curvature (6.6.6)
3. General method (6.6.1 (6))

3.1 Method based on stiffness and linear analysis
3.1.1 With stiffness according to 6.6.5 (6):

El =0 0Bl +E;
E.IL = 23300-0,4-0,6>/12 = 168 MNm?*
EJl, = 200000-A,(0,6/2 - 0,06)° = 11520-As MNm? (with A, in m?

If expressed in terms of the mechanical reinforcement ratio :
A; = mbhf|c/fyg = ©-0,4-0,6-19,8/435 = »-0,0109
EJ = 11520:0-0,0109 = »-126
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The relative axial force is Vv = Nsd/(bdfi¢q) = 1,6/(0,4:0,6-19,8) = 0,336

The calculation is shown in detail for an assumed value of ® = 0,1:
O =1 - 0,8¢cr(1 - 1/200)-0™% =1-0,8-1,0-(1 - 69,3/200)-0,1°% = 0,706
O = 0,08-v-f1cs"0-e¥1%2% = 0,08.0,336-19,8%6.5%¥10-20.1 _ g 764
EI = 0,706-0,264-168 + 126-0,1 = 44,0 MNm?

The cnitical load corresponding to this stiffness is
Ner = WEI/I? = 1%44,0/12% = 3,01 MN

The design moment is calculated by means of the magnification factor, see Appen-
dix, A.2.4:

Msa = Mgsa-[1 + B/ (Ne/Ng - 1)]

In this case the first order moment is constant. Then the following value of § should
be used:

B=n%8=1,234
Msa = 192.[1 + 1,234/ (3,01/1,6 - 1)] = 460 kNm

The moment capacity for w = 0,1 is, cf. figure 4:
Mpgra =308 + 1142:0,1 =422 kNm < Mgq

Thus, the reinforcement ratio has to be somewhat increased. By iteration the rein-
forcement that gives Mgg = Mg = 450 kNm is found to be

®w=0,124 = A,=w-bdf/fyq = 1357 mm’®

3.1.2 Comparison with simplified stiffness method according to
6.6.5 (4)

Bending stiffness:

El = 0 0 Ecle + Egls where o = 0,2, 0 = 1/(14@cs)

Calculation is shown for w = 0,2:
EI=02-168/ (1 + 1,0) + 126-0,2 = 42,0 MNm?
N, = °El/I* = 1%42,0/12% = 2,88 MN
Mgq = 192:[1 + 1,234/ (2,88/1,6 - 1)] = 488 kNm < Mgq = 536

The reinforcement can be reduced to the following amount, giving Msg = Mgg = 520
kKNm: 0 =0,186 = A= wbdf./f = 2032 mm>

Thus, in this example the stiffness method with simple coefficients requires 50 %
more reinforcement.
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3.2 Method based on curvature

3.2.1 Curvature method according to 6.6.6 (7)

Estimated curvature:
1/r = O(.(O'U,r'l/ro
1/rg = 2‘8yd/ Zg
€ya = fya/Esqa = 435/200000 = 0,00217
z; =000 -2.60 =480 mm
1/ro = 20,00218/0,480 = 0,00906 m™’
0p =1+ (20/A)@=1+(20/69,3)-1,0=1,289

In order to calculate o the reinforcement ratio must be known. ® = 0,1 is used in a
first attempt:
vw =1l+mw=1,1
o =2(1 - vivy)-e M0 = 5.1 _0.336/1,1)-¢ 005 = 0,744
1/r =1,289-0,745-0,00906 = 0,00869 m™'

Second order deflection and design moment:
e, = (1/r)-12/c

With a constant first order moment ¢ = 8 should be used, cf. 2.3.1.
e, = 0,00869-12%/8 = 0,156 m
M, = Ngg-e; = 1600-0,156 = 250 kNm

The design moment is
Mgy = Mpsqg + My = 192 + 250 =442 kNm

This is more than the moment capacity Mgq = 422 kNm for ® = 0,1. The reinforce-
ment must be increased to the following value, giving Mgq = Mg = 449 kNm:

0=0,123 = A, = wbdf./fq = 1348 mm’

3.2.2 Comparison with simplified curvature method according to
6.3.3.2¢)

Calculation is shown for 0w =0,2:
Op=1+@cfd=1+1,0/4=1,25
0= (Va-V)/(Vy-0,4)=(1,2-0,336)/(1,2-0,4)=1,08< 1,0
1/r = 0ty0- 1/19 = 1,25-1,0-0,00906 = 0,0113 m'*
e;=0,0113-12%/8 =0,204 m
M, = N-e; = 1600-0,204 = 326 kNm

Mgg = Mo+ M, = 192 + 326 = 518 kKNm < Mgqg = 536. The reinforcement can be
reduced:
Msq = Mgq = 518 kKNm for 0 = 0,184 = A, = o-bdf/f = 2010 mm?
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Thus, the simplified curvature method in this case gives 49 % more reinforcement
than the improved version.

3.3 Comparison with general method

Calculations with the general method are based on a stress strain curve for the con-
crete according to 2.1.3.1 (2), i.e. MC90 2.1.4.4.1. All strain values are multiplied by 1
+ (s to take into account creep, see 6.6.1 (6). The curvature is determined for agreement
with the axial force and the moment in 13 points along the column, and the deflection is
calculated by numerical integration of the curvature, assuming linear variation between
the points. The load capacity is found by varying the maximum curvature as an inde-
pendent variable. The calculations are very extensive and can not be presented in detail.

The load capacity with a constant first order moment corresponding to eg = 0,12 m is
calculated for different reinforcement ratios. The reinforcement ratio which gives a ca-
pacity equal to the actual load 1,6 MN is found to be

0 =0,124 = A, = 0bdfe/fy = 1354 mm’
The required reinforcement ratio for N = 1,6 MN according to the different methods

is summarized in table 2-1.

Table 2-1: Summary of results.

Method Required reinforcement area, mm-®
General method: 1354 (100 %)
Stiffness method in 6.6.5 (6) (improved) 1357 (+ 0%)
in 6.6.5 (3) (simplified) 2032 (+50 %)
Curvature method in 6.6.6 (7) (improved) 1348 (- 0%)
in 6.6.6 (6) (simplified) 2010 (+48 %)

The improved stiffness and curvature methods give results very close to the general
method in this example. (The agreement is almost “too good”; one should not always
expect such close agreement.)

The simplified versions of these methods, based on BBK 94 and EC2/MCO respec-
tively, give rather conservative results. They may be even more conservative in many

cases, particularly for higher slenderness and/or smaller eccentricity.

See Part 2 for the background to the methods, references etc.
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4 Concrete stress in SLLS

The concrete stress under long-term load may have to be limited in order to avoid ex-
cessive creep deformations. A stress limit with regard to linear creep is given in 7.4.3

Q):
| 6. 1< 0,45, = 0,45-(fo + 8) = 0,45:35 + 8) = 19,4 MPa

Cracking is considered if the stress exceeds the value according to 7.4.2 and 2.1.4
4
Oc < fe0.05°(1 - veed/h) / (1 - c/h)

This stress limit will always be greater than fy 005 in the case of a compressive axial
force. Thus, if 6¢ < f 005 = 0,7-3.2 = 2,2 MPa no further check is necessary.

First the bending stiffness for uncracked section is calculated. The reinforcement is
included and the modular ratio is based on the full creep coefficient ¢ = 2:

o= Ey/Eer = (1 + @)-E/Ec = (1 +2)-200/35=17.1

A, = 6873 mm? (the area required in ULS according to general method)
A=Ac+(0-1)A;=0,40,6 + (17,1 - 1)-1354-10° = 0,262 m*

I=L+(o- 1) =0,4-0,6>12 + (17,1 - 1)-1354-10°-(0,3 - 0,06)* = 0,00846 m*
EI = E.I = 35000-0,00846 = 296 MNm?

The moment including second order is calculated in the same way as in ULS:
Ne = EL (/1) = 20,3 MN
M =Mp[l + 1,234/(N/N-1)] = 0,096-[1 + 1,234/(20,3/0,8-1)] = 0,101 MNm
N _M-h/2__ 08 _|_0,101'O,6/2

. =——*= +
¢ A 1 0,262 0,00846

= -6,6 and + 0,5 MPa respectively

The tensile stress is less than f 00s. Thus, the cross section is uncracked and the
compressive stress is far below the limiting value.

(If no tensile strength is considered, i.e. the cross section is assumed to be cracked,
then the compressive stress becomes higher; however, still far below the limit. The cal-
culation then involves an iteration, since the stiffness will depend on the stress distribu-
tion.)
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Part 2: Background to design methods for slender
compression members

1 General

The so called stiffness and curvature methods in FIP Recommendations (FIPR) are
explained in detail in a report [1], which was prepared as a background document for
both FIPR and HPC Design Handbook [2], where the same methods are included. This
Appendix gives a shortened description of their background.

2 Calculation methods in FIP Recommendations

Three methods for the design/analysis with regard to second order effects are given in
FIPR:

1. General method based on non-linar analysis (6.6.1 (6))

2. Simplified method based on linear analysis and reduced stiffness (6.6.5)

3. Simplified method based on estimation of curvature (6.6.6)

2.1 General method

The general method is an application of non-linear analysis, and it is described in
detail in [3]. Extensive comparisons with tests were presented in [3], showing that the
method is a reliable tool for predicting the behaviour of slender columns. Comparisons
within the recently finished national Swedish research project High Performance
Concrete indicate that this is true also for high strength concrete [4].

For non-linear analysis as a design tool, the safety format has been the subject of
various proposals e.g. in connection with EC2 and MC90?, see e.g. [5]. In the author’s
opinion, the only reasonable safety format, at least for second order analysis, is to use
design values of material parameters for the limit state in question [6]. The correct
design value of the load bearing capacity is then obtained as a direct result of the
analysis, and no further factors are required. This format is in line with the general
concept of partial safety factors, and has been taken for granted in FIPR 6.6.1 (6) (in
other words, it is not explicitly mentioned). There appears to be no reason to use a
different safety format only because the analysis is “non-linear”.

The general method can be used for direct design applications, but its main
application is probably to serve as a basis for simplified methods. The “stiffness” and
“curvature methods” given in FIPR have been calibrated in this way.

% Eurocode 2 and CEB/FIP Model Code 90 respectively
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2.2 Creep

The effective creep ratio @.r defined in 6.6.3 is inspired by BBK 94* although with a
slightly different definition. Thus, @, is here based on bending moments; the deflection
is connected to the curvature, which is primarily influenced by bending moment. (In
BBK 94 @ is based on the concrete compressive stress, which may give an undue
influence of the axial force on the curvature.)

In the general method, creep can be taken into account by multiplying all strains in
the concrete stress strain diagram by (1 + @.f). In the simplified methods, @ is explicitly
included in the expressions for stiffness and curvature respectively.

2.3 Background to simplified methods

Methods based on stiffness or curvature exist in various simple forms in codes and
handbooks, e.g. in BBK 94 and EC2/MC90 respectively. These methods are often very
conservative, and the aim here has been to improve them in order to avoid unnecessary
over-dimensioning.

The capacity of slender members can be illustrated in a diagram like Figure A-1,
showing relationships between axial force and bending moment.

Bending

7 \Q\
SR

Axial force

\

/

40

Figure A-1: Interaction curves for different slenderness ratios and a given mechanical
reinforcement ratio. The curves are based on calculations with the general
method

3 The Swedish code for concrete structures
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For slenderness lg/h = 0, the interaction curve represents the ultimate capacity of the
cross section. For slenderness > O the interaction curves represent the maximum
combination of axial force and first order moment.

Note. The slenderness is here expressed as lg/h for rectangular section. In the methods
presented below, which are not restricted to rectangular sections, it will be expressed as lo/i.

The thinner curves in figure A-1 show the total bending moment for an increasing
axial force with a given first order eccentricity eq. For slenderness = 0 this relationship is
simply a straight line corresponding to the first order moment. For slenderness > O the
relationship is non-linear, due to the additional second order moment caused by
deflection.

For low and moderate slenderness ratios, the capacity of the member is limited by the
capacity of the cross section, as for lp/h = 10 and 20 in figure A-1. For higher
slenderness ratios the maximum capacity of the member may be reached before the
capacity of the cross section, as for lo/h = 30 and 40 in figure A-1. This can be defined
as a stability failure.

The interaction curves for different slenderness ratios are obtained by plotting the
maximum axial force on the straight line for the first order moment, for different eccen-
tricities.

The difference between total and first order moments (represented by vertical lines
Q-—nmm 0) is equal to the second order moment. For low and moderate slenderness, this
second order moment is also equal to the difference between ultimate moment and first
order moment:

Mz'—'Mu-Mo (A—l)
where:

M, is the ultimate moment capacity of the cross section for a certain axial force N
My is the maximum first order moment for same N and a certain slenderness

For higher slenderness ratios, lo/h = 30 and 40 in figure A-1, the second order
moment is less than M; according to equation (A-1), and then M, does not represent the
“true” second order moment. However, it can be used for design purposes as a nominal
second order moment, if it is defined to give a correct end result, when the cross section
is designed for a design moment:

Mgi=Mp + M, (A‘z)
The links between general and simplified methods are further explained below.

2.4 Stiffness method

In this method (FIPR 6.6.5) the nominal second order moment is determined by
linear analysis. The design moment can then be expressed by means of a magnification
factor:
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p
M, =M, |l+—MM A-3
. O( Ncr/l\ISd_1 ( )

where Mg = first order moment
f = factor depending on the first order moment distribution, see below
Ngq = design value of axial force
N, = nominal buckling load (ly = buckling length, EI = stiffness):

N, = n’El/1,’ (A-4)

N, is a parameter, or symbol, in the above formulation of the design moment, based
on a reduced stiffness influenced by cracking, creep and non-linear material behaviour.
Thus, it is not a "true” buckling load, for which the stiffness should not be reduced by
cracking and creep.

The factor B is defined as follows:
B =mco (A-5)

where co depends on the first order moment distribution, e.g. ¢co = 8 for constant
moment, co = 9,6 for parabolic distribution, cg = 12 for triangular distribution etc.

The expression for N is inserted in expression (A-3), and the design moment is
replaced by the cross section capacity M, to which it should be compared. The stiffness
EI that would give the correct end result can then be found, if the correct values of M,
and M are known:

EI:N-I—O,—- 1+——9—— (A-6)
" M, /M, -1

For design purposes a simple expression for the stiffness is needed. The following
format has been chosen here:

El=a, o, -EL +E] (A-T)

in which the coefficients ¢, and o, can be calibrated for agreement with the “correct”
value according to equation (A-6). See clause A.3.1.

2.5 Curvature method

In this method (FIPR 6.6.6) the nominal second order moment is estimated by means
of a deflection or second order eccentricity es:

M2 = N'Cz (A'S)

The second order eccentricity can be expressed in terms of a curvature 1/r and the
buckling length lo:

1

C

e»)=

(A-9)

| —
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By combining expressions (A-8) and (A-9), and assuming that correct values of M,
and My are known, the proper value of the curvature can be found:
1_ &_*Z_MO (A-10)
r Nl /c

In these expressions ¢ (§ in FIPR) depends on the curvature distribution. It is similar
to co in A.2.4, but ¢ refers to the total curvature or moment whereas ¢ refers to the first
order moment only. Examples: ¢ = 8 if 1/r is constant, ¢ = m* = 10 if 1/r is sinusoidal.
See 6.6.6 (4).

Note. By substituting 1/r by M/EL the link to the stiffness method can be found. Equation
(A-3) can then be derived from (A-8) and (A-9), if 1/r is subdivided into parts corresponding
to the first and second order moments My and M,, often having different distributions.

For design purposes the following simple format for estimating 1/r has been chosen:

1 1
— =0, 0, — (A-11)
T T,
where:
1_ 2.
r[) Zs
Zg = 24

is = the radius of gyration of the reinforcement area

The coefficients o, and o, can be calibrated for agreement with the "correct” value
according to equation (A-10). See clause A.3.2.

3 Calibration of simplified methods

3.1 Stiffness method

3.1.1 Stiffness factors

The formulation of stiffness in equation (A-7), with correction factors for the
concrete term but not on the reinforcement term, has been taken from Swedish code
BBK 94. Of course, other formulations are possible, for instance with a correction factor
also on the reinforcement term. However, this would be more complicated and it is
found that a function like equation (A-7) works quite well.

The simple factors in 6.6.5 (3)-(5) are taken from BBK 94. Improved values of o,
and a. in equation (A-7) can be derived from

OO = (EI - Egl) / Ecle (A-12)
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where EI is obtained from equation (A-6) on the basis of calculations with the general
method. a. is first determined from calculations with @¢; = 0, since o, should be = 1,0 in
this case. Figure A-2 shows one example of a. as a function of the relative axial force

V= N/Acflcd (A-l3)
for different values of the slenderness ratio 1/h. The curves in figure A-2 are based on

fica = 38,9 (K100 = CBO), fyg = 362 MPa, 0 = Af/Acfec = 0,2 and @,r = 0. Design values
are based on Swedish partial safety factors; see A .4.

0,7

YA
D
N A/ N
Ny

Y A
N/
N/ v

0 0,2 0.4 0.6 0,8 1

0.2

Figure A-2: Example of factor o, in the stiffness derived "backwards” from
calculations with the general method.

After testing different types of functions, the following expression for o, has been
found to give good agreement with the general method, also for other values of
reinforcement ratio and concrete grade than those represented in figure A-2:

O = 0,07-v-£, 00 eM0-20 <y y (A-14)

where:
A = lo/i, slenderness ratio (= V12 1, / h for rectangular cross section)
Equation (A-14) is based on Swedish material parameters, see A.4. With material

parameters according to EC2/MC90/FIPR, the constant 0,08 instead of 0,07 will give
better agreement.
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3.1.2 Comparison with general method

Interaction curves based on the reduced stiffness can be calculated, with the first
order moment derived from equation (A-3):

My= ot = (A-15)
L+B/ (N, /N=D | B

nEl/1,’N - 1

where EI is the stiffness according to equation (A-11). Figure A-3 shows such
interaction curves in comparison with curves according to the general method. Figure
A-3 also includes curves where the reduced stiffness is calculated in the simpler way
according to 6.6.5 (3) in FIPR.

0.2

0,15

0,1

0,05

0 02 04 06 08 1 12

Figure A-3: Interaction curves for Q. = 0 calculated on the basis of a reduced stiffness
(- - -) in comparison with curves according to the general method ( ).
For comparison, curves based on simplified stiffness factors according to
FIPR 6.6.5 (3) are also included (—- —). Both N and M are expressed in
relative terms: v = N/ (bhflcd) and u = M/(bhzf]cd).

Figure A-3 shows that the “improved” stiffness method gives results in good
agreement with the general method. With the simple coefficients according to FIPR
6.6.5 (3), the result is very much on the safe side in many cases, particularly for
moderate to high slenderness ratios in combination with a small eccentricity. For more
extensive comparisons, see [1].
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3.1.3 Taking into account creep
The next step is to find an expression for 0, to take into account creep. Figure A-4
shows interaction curves for the same basic parameters as in figure A-3, except that they

are based on an effective creep ratio @.; = 2. Figure A-5 shows the product of factors 0
and 0, cf equation (A-12), based on figure A-4.
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0

Figure A-4: Interaction curves for @,p = 2. vV and W are relative axial force and
moment resp.
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0,2 / /
lo/h = 40 / 30
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0 0,2 0,4 0.6 0.8 1
Figure A-5: Correction factors for stiffness based on interaction curves for @, = 2.
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Division of 040, according to figure A-5 by o according to equation (A-14)
provides the basis for factor oy. The following expression has been found to give
acceptable results:

0y =1 -0,8-@cr(1 - A/200)-0"? (A-16)

Figure A-6 shows the same comparison as figure A-3 but for @¢r = 2,0. It should be
kept in mind that this value of @ is comparatively high; in many practical cases it is
lower.

0,2

0,15

0,1

0,05

0 0,2 0,4 0,6 0,8 1 1,2

Figure A-6: Interaction curves for Qs = 2,0 calculated on the basis of a reduced
stiffness ( - -) in comparison with curves according to the general method
( ).For comparison, curves based on stiffness factors according to FIPR
6.6.5 (3) are also included (— - —).

The agreement between the stiffness method and the general method is good. With
this high effective creep ratio also the simplified coefficients according to 6.6.5 (3) give
quite a good agreement. It could then be argued that it is not worth while to use the more
complicated coefficients according to equations (A-14) and (A-16). However, this
conclusion should not be drawn from just one example. Considering a wide range of
values of slenderness, reinforcement ratio, concrete grade and creep coefficient, the
improved coefficients generally give a much better agreement than the simple ones. See
[1] for extensive comparisons between general and simplified methods.
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3.2 Curvature method

Combining equations (A-10) and (A-11), the correction factors for curvature can be
derived in the following way:

M -M

o, O = —4—— (A-17)
R
T, ¢

The first step is to determine o, based on calculations with @ = 0, for which
0 = 1,0. Figure A-7 shows o, as a function of relative axial force v for different
slenderness ratios, based on the interaction curves in figure A-1.

1,4 \
L l \ lo/h = 10
e N

TN
40 \\k

—

04 =
\ \
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v ~
0
0 0,2 0,4 0,6 0,8 1 1,2

Figure A-7: Coefficient ¢, derived from interaction curves for @, = 0 according to

figure A-1 (—). The dashed lines (- - -) are calculated according to equation
(20).

The following expression has been found to be a good approximation of a, see
figure A-7, also for other values of reinforcement ratio and concrete grade than those

represented in the figure (w = 0,2 and concrete K100 = C80):

(1 - w)-A/100

oy =2-(1 -vivy)e (A-18)

Interaction curves for @.r = 0 based on a curvature according to equations (A-11) and

(A-18) are shown in figure A-8, together with curves according to the general method.
The figure also includes curves with ¢, according to 6.6.6 (6) in FIPR.
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Figure A-8: Interaction curves for @, = 0 calculated on the basis of an estimated
curvature (- - -) in comparison with curves according to the general method
( ). For comparison, curves based on simplified curvature factors
according to FIPR 6.6.6 (5) are also included (— - —).

The “improved” curvature method gives results in good agreement with the general
method, in most cases a bit on the safe side, in some cases slightly on the unsafe side,
however within acceptable limits. With the simple coefficients according to FIPR 6.6.6
(5) the result is extremely conservative for high slenderness ratios, particularly in
combination with a moderate to small eccentricity.

3.2.1 Taking into account creep
The next step is to find an expression for the coefficient o, to take into account

creep. Figure A-9 shows the “correct” product of correction factors ¢ and o, cf
equation (A-17), as a function of v, based on figure A-4, i.e @ =2,0.

fib Bulletin 16: Design Examples for the 1996 FIP Recommendations 'Practical design of structural concrete’ 139



24 y
\ %.af
2,2

\ \
. //\\\// T
N <

\

20

- —_
n >
s S

1 —
C ™~ |a0
08 N
40 v
06
o o1 02 03 04 05 06 07 08 09

Figure A-9: Correction factors for curvature based on interaction curves for Qo = 2.

By dividing 00, according to figure A-9 by o according to equation (A-18), values
of oy can be found. After studying different values of reinforcement ratio and concrete
grade, the following simple expression has been found to give acceptable results:

Op = 1 + (20/A)-Qes (A-19)

Figure A-10 shows the same comparison as figure A-8 but with @ = 2,0.

Figures A-9 and A-10 indicate that better agreement could have been obtained by
making o, depending also on v. However, such high values of @ as 2,0 are rare in
practical cases, and therefore equation (A-19) will give satisfactory agreement in most
cases. See [1] for extensive comparisons.
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Figure A-10: Interaction curves for @, = 2,0 calculated on the basis of curvature (- - -)
in comparison with curves according to the general method ( ). For
comparison, curves based on simplified factors o, and y according to
6.6.6 (6) are also included (— - —).
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4 Calibration calculations

In the calibration of the simplified methods along the principles described above,
comparisons with the general method have been made for more than 3000 combinations
of different concrete grades (C30 - C100), reinforcement ratios (® = 0,1 - 0,4),
slenderness ratios (lp/i = 0 - 140, first order eccentricities (0 - ) or moments, creep
coefficients (@f = 0 - 2), cross sections (symmetric rectangular and circular) and first
order moment distributions (constant and triangular). For further details, see [1].

Material parameters have mostly been according to the Swedish code and HPC
Design Handbook, but parameters according to EC2, MC90 and FIPR have also been
considered. The material factors are summarized below:

Factor | Parameter Swedish code + HPC Handbook | EC2, MC90 and FIPR
Ye Concrete strength 1,5Yn 1,5
Concrete modulus 1,2y, 1,5
Ys Steel strength 1,15, 1,15
Steel modulus 1,05, 1,0

Yo is an additional factor used in Sweden, with values from 1,0 to 1,2 depending on the
so called safety class. Since it is applied to all material parameters it does not affect the
relationship between factors, and therefore it does not affect the calibration.

In EC2, MC90 and FIPR the concrete modulus has a higher factor, whereas the steel
modulus has a lower factor, compared to the Swedish values. Despite this, it is found
that the same stiffness and curvature coefficients can be used as those calibrated against
calculations with Swedish safety factors, with one small exception: as mentioned before
the agreement with the general method can be further improved by a slight adjustment

of the expression for ¢ in the stiffness method, changing the constant to 0,08 instead of
0,07.

In conclusion, the main restriction for the stiffness and curvature methods is that the
cross section and reinforcement should be symmetric. Thus, different types of cross
sections can be treated as long as this condition is fulfilled. Furthermore, the calibrations
cover a wide range of concrete strengths, reinforment ratios, slenderness ratios, creep
coefficients, first order eccentricities and moment distributions.
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Part 1: Example

1 Basic assumptions

1.1 Geometry

The example deals with a cantilever column with rectangular cross section and
loading according to figure 1.

y ifi‘:»f
5
: ndi | =
i i >m
0
il 4
o o
Figure 1. Geometry of column I 7
1.2 Load values

ULS:
Nsg = 2000 kN, Hgy =150 kN, e = 0,15 m

MOSd.x = HSd'l =100-5 =750 kNm
MOSd‘y = NSd'C = 2000'0,15 = 300 kNm

SLS (quasi-permanent):
Ngp = 1500 kN, Hy, =30 kN, e =0,15m

Mogp.x = Hgpl = 30-5 = 150 KNm
Mogpy = Ngp-e = 1500-0,15 = 225 KNm
Note. The example is schematic and primarily intended to show the application of

design methods. Therefore, the effects of imperfections are assumed to be included in H
and e respectively, and values of imperfections are not shown explicitly.
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1.3 Material parameters

Concrete grade C35:
fox = 35 MPa, f14=0,8535/1,5=19,8 MPa
Ecm=35GPa, E.4 =35/1,5=23,3GPa
fetkmin = 0,7-3,2 = 2,2 MPa

Reinforcement:
fx = 500 MPa, fyq =500/ 1,15 = 435 MPa

1.4 Creep

The basic creep ratio is assumed to be ¢ = 3. The effective creep ratio is calculated
on the basis of first order moments, and will in this case be different for the x- and y-
directions:

Qcfx = (Mogx / Mosax)-¢ = (150 / 750)-3 = 0,6
Qcfy = (Mogy / Mosay) @ = (2257 300)-3 = 2,25

2 Resistance of cross section in ULS

Without going into the detailing of reinforcement, it is assumed that it is concentrated
to the corners with a relative edge distance tv/h = t/b = 0,1, regardless of the
reinforcement area. The resistance of the cross section to axial force and bending
moment can then be shown in one and the same interaction diagram, with relative
parameters

v=N/Acfq and p=M/ (hAfiq) (for M, use b instead of i)

See figure 2. The amount of reinforcement is expressed as a mechanical

reinforcement ratio: @ = Agfya / (Acfica)

0,30 T
H L o =040
=036
=032
w=0.28
w=024

025

| o =0,20

0,20 \\g w=0,16
N/ SE
N
N

N N
N /A NN

0 0, 0.4 0,6 0.8 1 1,2 14
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|

N

Figure 2: Resistance of cross section to axial force and bending moment, expressed in
relative terms v = N/ (A fica) and =M/ (hA, fica)
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The relative axial force is
Vsg = Nsa / (Acfiea) =2,0/(0,48-19,8) = 0,210

For this relative axial force the bending moment resistance can be expressed as a
linear function of w, cf figure 2:

HRra = 0,0815 + 0,3959(0

Now the full moment capacities Mgax and M4, can be expressed:
Mzgax = Uraxh-Acfica = u]{d,x-0,8-0,48-19,8'103 (kKNm) = prax-7603 = 621 + 3015-w
MRdy = HR(l.y‘b'Ac‘flcd = M]{d,x'0,6'0,48'19,8'103 (kNm) = uRd.x'5702 =466 + 22610

3 Design in ULS

3.1 General

Design will be based on the interaction model in FIP Recommendations 6.6.7.
Exponents a and b in equation (6.54) will be assumed to have the same value, a = b = n.
In a first step n = I will be assumed, which is a simplification on the safe side. In the
next step refined values of n according to Appendix will be used.

3.2 Interaction method with simple exponent n =1
The practical design procedure according to clause A.3 in Appendix is followed here.

1. Calculate first order moments Mosa and Msa, in the respective direction
MOSd‘x = HSd-l =150-5 =750 kNm
MOSd.y = NSd-C = 2000-0,15 =300 kNm

2. Calculate design moments Msq, and Ms,, including nominal second order moments
For this the “’stiffness method” according to 6.6.5 will be chosen. The design moment
can then be determined by means of a magnification factor (see e.g. Appendix to column
example 1):
Msq = Mgsa-[1 + B/ (Ne/Nsgq - 1)]
The mechanical reinforcement ratio is first estimated at w = 0,2.

x-direction:

Stiffness parameters:
EL = 23300-0,6-0,8° / 12 = 597 MNm’
Eqls = E¢ Ag (h/2-1) = Bg 0 (Acfica/fya)-(h/2-1)
= 200000--(0,48-19,8/435)-(0,8/2-0,08)
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El, = 448-0

A=lo/i=o/h)N12=(25/0,8)V12 =433

Oy = 1 - 0,8@crr(1 - A/200)-w** =1 - 0,8-0,6-(1 - 43,3/200)-0,2°% = 0,749

O = 0,08-v-g"0-eM%2¢ = 0,08.0,210-19,8%6.¢43/190202 _ g 1043

El = 0ty 0 Ecl. + Els = 0,749-0,1043-597 + 0,2-448 = 46,6 + 89,6 = 136 MNm®
Nerx = TEUl? = 72136 / 10> = 13,4 MN

In this direction the first order moment has a triangular distribution. Then
B, = ©/12 = 0,822.

Msax = Mosax-[1 + Bx / (Ne;x/Nsg - 1)] = 750-[1 + 0,822/ (13,4/2,0 - 1)]= 858 kNm
y-direction:

E.l, = 23300-0,8-0,6° / 12 = 336 MNm*

Ed, = Eg A¢-(h/2-t)* = 200000-m-(0,48-19,8/435)-(0,6/2-0,06)* = 252
A=1ly/i=(o/b)N12=(25/0,6)V12 =577

0= 1 - 0,8@es(1 - A/200)-w™* =1 -0,8-2,25(1 - 57,7/200)-0,2°% = 0,144
Ot = 0,08 -f1%eM1%02® = 0,08-0,210-19,8%6.¢77/100-202 — ¢ 1205

El = 0y 0 El; + EI, = 0,144.0,1205-336 + 0,2:252 = 5,8 + 50,4 = 56,3 MNm’
Nery = TEVlg® = n%56,3 / 10° = 5,55 MN

In this direction the first order moment is constant. This gives B, = /8 = 1,234.

Msay = Mosay [ 1 + Bx / (Nerx/Nsa - 1)] = 300-[1 + 1,234/ (5,55/2,0 - 1)]= 508 kNm
3. Calculate magnified design moments Msq/u and Mgg/v

Here u and v should satisfy the condition #" + V' < . In this case n = I,
thusu + v <1.

In order to obtain the optimum result, where the moment capacities are fully utilized
in both directions, # and v can be determined through a parameter m according to the
Appendix. In a case like this, where the reinforcement is assumed to be concentrated to
the corners with equal relative edge distances, the optimum result is then obtained
directly.

m = (Msa,/Msq,x)-(h/b) = (508/858)-(0,8/0,6) = 0,790
u=(1+m")"=(1+0,790""" = 0,559
v=mu=0,441 (check: u+v=1)

Msax/u = 858/0,559 = 1535 kNm

Msqy/v = 508/0,441 = 1152 kNm
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4. Check moment resistances

The magnified design moments should be compared to the moment capacities for the
assumed reinforcement ratio @ = 0,2:

Mgax = 621 + 3015-0 = 1224 kNm < 1535
MRgay = 466 +2261- 0= 918 KNm < 1152

Thus, reinforcement has to be increased. This requires an iteration. The next value of
o can be obtained in the following way:

oy = (1535 - 621) /3015 =0,303
wy = (1152 - 466) / 2261 = 0,303

Note. Due to the “optimum choice”of u and v we obtain the same result for both
directions.

5. Repeat calculation from step 2 with new value of @

After a few iterations the following end result is obtained:

»=0.271 s= 0 Acfiea / fya = 5920 mm’
Msx = 839 kNm Mgy =448 kNm  m =0,712
u=20,584 v=0416

Msgx/u = 1436 kNm Msgy/v = 1077 KNm

Mgax = 1438 kKNm Mggy = 1078 kNm

3.3 Interaction method with refined exponent

The exponent in the interaction formula are now determined according to the
Appendix. The method in Appendix assumes one and the same value n for the two
exponenets in 6.6.7:

n=1+(0,5-ap)(l+0,006:A)>1,1
where O =Eg/ Eef, Bt =Ecq/ (1+@¢s) and p = Ag/ A,

The calculation will be shown in detail for the reinforcement that gives the correct
end result; previous steps are not shown. The required reinforcement is found to be

w=021; p=wfieq/fya=0,0096; As=p-A.=4590 mm’
The calculation steps according to the Appendix are shown below.

2. Calculate design moments Mga, and Mg, including nominal second order moments
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x-direction:

O = 1 - 0,8-@er-(1 - A/200)-0"% =1 -0,8:0,6(1 - 43,3/200):0,21%% = 0,745
Ot = 0,08-v-f1cs"0-€1002% = 0,08.0,210-19,8%6.¢433/1902021 - ¢ 1022

EI = oy 0 Ecle + Egly = 0,745:0,1022-597 + 0,21-448 = 45,5 + 94,6 = 140 MNm?

Nerx = TEl/,* = %140/ 10° = 13,8 MN

Misax = Mosax-[1 + Bx / (Nerx/Nsa - 1)] = 750-[1 + 0,822 / (13,8/2,0 - 1)] = 855 kNm

y-direction:

O = 1 - 0,8-@ur(1 - A200)-0w>* = 1 - 0,8-2,25-(1 - 57,7/200)-0,21%% = 0,133

O = O’Og.v‘flCdO.ﬁ.eNIOO—Z'(D — 0’08.0’210_19’80,6_657,7/100-2-0,2] — 0’1 181

EI = 0y 0¢ EcL + Egl; = 0,133-0,1181-336 + 0,21-252 = 5,3 + 53,0 = 58,3 MNm*

Nery = WElly* = n-58,3 / 10° = 5,75 MN

Msay = Mosay[1 + Bx / (Neru/Nsa - 1)] = 300-[1 + 1,234/ (5,75/2,0 - 1)] = 497 kNm

3. Calculate magnified design moments Mg, / u and Msay /v

Parameters « and v should satisfy #" + v < 1. Exponent n is first calculated for each

direction:
ne=1+1[0,5- (1 +0,6)-(200/23,3)-0,00963]-(1 + 0,006-43,3) = 1,46
ny=1+1[0,5- (1 +2,0)-(200/23,3)-0,00963]-(1 + 0,006-57,7) = 1,31

Either the lowest value is chosen, which is on the safe side, or a mean value:

n = (nen,)"? = 1,39

Parameter m for optimum result:
m = (Msgy/Msax)-(h/b) = (497/855)-(0,8/0,6) = 0,776
u=(1+m""=(1+0,776'""""* = 0,681
v=m-u=0,529
(u"+v"=0,681"" +0,529'% = 1,00)
Mgqgx/u = 855/0,681 = 1255 kNm
Mga,y/v =497/0,529 = 941 kNm

4. Check moment resistances for v = 0,21

The magnified design moments are compared to the moment capacities for @ = 0,21:

Mpax =621 + 30150 = 1254 kNm = Mgy4x/ u OK
Mggy = 466 +2261-0= 940 kNm = Mgq,/ v OK

No further calculation is necessary.
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4. Comments

The calculation with the refined interaction exponent (in this case n = 1,38) gives A;
= 4590 mmz, whereas the simple exponent n = I gives A; = 5920 mmz, about 30 %
more. The difference is not dramatic in this example. However, under other
circumstances the refined exponent n may have higher values, in which case the
difference increases. This would be the case with lower load values and/or higher
slenderness ratios. The physical background to this is explained in the Appendix.

If the reinforcement had not been concentrated to the corners with equal relative edge
distances, then the optimum result result would not have been obtained directly. The
parameter m can always be used for a first estimate of the magnification factors « and v,
but corrections may have to be made in order to fully utilize the moment resistances in
both directions, if considered worthwhile. It should be noted that any combination of u
and v that fulfils the condition «” + V' <1 is permissible, even if it might not be the
optimum.
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Part 2: Background to design methods for biaxial bending

This is a translation and adaptation of [1].

1 General

An accurate calculation of a slender column for bending in two principal directions is
very complicated. It is complicated even for uniaxial bending, but in this case a further
complicationis that bending in the two directions mutually affects the stiffness - and
thus second order moments - as well as the ultimate moment capacity in the other
direction.

Extensive non-linear biaxial calculations were made by the author in the mid 70’s'.
The calculations were based on the following assumptions:

linear strain distribution

the effect of torsion is negligible

a curved stress-strain curve with a descending branch for the concrete
elasto-plastic stress-strain diagram for the reinforcement

the tensile strength of concrete is neglected

rectangular cross section with the reinforcement concentrated to the corners

The corresponding method for uniaxial bending has been described in [2]. See also
[3] about the so called ’general method”. Given the assumptions above, extending this
method to biaxial bending is basically a mathematical problem. Therefore, reference [2]
and [3] should suffice.

Figure 1 shows one example of results from the non-linear calculations, the load
capacity as a function of the first order eccentricities in the respective direction for a
certain value of slenderness, reinforcement ratio and creep (the latter is taken into
account by means of different values for the concrete strain at maximum stress). In the
calculations these parameters were varied within a wide range. Figure 1 is only one
example of how to present the results; another possibility would be interaction curves
for moment and axial force.

The amount of parameters involved (type of cross section, width to depth ratio,
concrete strength, reinforcement strength, reinforcement ratio, creep coefficient,
slenderness ratio, distribution of first order moment, boundary conditions etc) excludes
the possibility of presenting a complete set of diagrams - this is not practicable even for
slender columns in uniaxial bending.

The alternative is to use the non-linear calculations as a basis for a simplified
procedure, in which the design can be brought back to current methods for uniaxial
bending in each direction. In the following an interaction procedure is presented, which

' These calculations were never published, but they were later used as a basis for the method included in

[1].
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takes into account the non-linear nature of the problem in an empirical way, based on
the above mentioned calculations.

Ve T
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Figure 1 Example of diagram over the load capacity as a function of the first order
eccentricities in the respective direction. l¢/h = 10, b/h = 1,0, ® = 0,3.

2 Basic principles

The design method is based on checking the combined effect of bending in the two
principal directions by means of an interaction formula. It is also based on the use of
some practical design method for uniaxial bending, in which the stability check is
transferred to an ultimate moment check, including a nominal second order moment (see
the Appendix in example 1).

The following condition should be fulfilled in the design (FIP Recommendations
6.6.7 indicates the possibility of having two different exponents, but here one and the
same exponent n will be used for both directions):

Mo )" (Mggy )
(——Sd") +(——de] <1 1)
MRgx MRgy
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where Mggx
MRax

Mgqgy = design moment in y-direction, including nominal 2nd order moment

design moment in x-direction, including nominal 2nd order moment

uniaxial moment capacity in x-direction

Mggy = uniaxial moment capacity in y-direction

The exponent n accounts for the influence of bending in one direction on the capacity
and stiffness for bending in the other direction. For a high reinforcement ratio combined
with a small slenderness, the non-linear properties of concrete and reinforcement will
come into play, in which case bending in the two directions will have a strong mutual
influence on each other. Then the exponent should have a low value. For a low
reinforcement ratio combined with a high slenderness, on the other hand, the strains will
mainly stay in the elastic range, in which case this influence is less. Then the exponent
should have a high value.

These circumstances are taken into account in the following empirical expression for
n, based on comparisons with non-linear calculations according to the general method:

n=1+(0,5-ap)(l +0,006:A)>1,1 (2)
where A = lo/i = slenderness ratio
lo = buckling length in the respective direction

._..
|

= radius of gyration in the respective direction

o = Ew(l+ (Pef) / Ecq

Eq¢ = design value of steel modulus

E.q = design value of concrete modulus

¢ = effective creep ratio for the respective direction
P = AJA.

A; = total area of reinforcement

A. = area of concrete cross section

Normally there will be different values of A and @ in the two principal directions.
Then one can either conservatively choose the lower of the two n-values, or a mean
value

n = (n,ny)" 3)

3 Practical design procedure

The following procedure is suitable in practical design, either to determine the
necessary reinforcement for a given cross section, or to check the capacity for a given
reinforcement.

1. Calculate first order moments Mo, and My, in the respective direction

2. Calculate design moments Msax and Msg,, including nominal second order moments

This can be done according to some current method, eg. the “curvature method” or
the "stiffness method” in the FIP Recommendations. Like in the design for uniaxial
bending with these methods, a first estimate of the reinforcement has to be made.
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5.

4

154

Other methods can be used, if based on nominal design moments compatible with the
ultimate section capacity.

Calculate magnified design moments Msqy/ut and Msg/v

The “magnification factors” u and v should satisfy the following condition,
corresponding to equation (1):
u'+vi<1 4

with n according to eq. (3). When reinforcement is not known, n = 1,5 can be used on
trial.

In principle, the choice of u and v is arbitrary within the limits of eq. (4), but the
following choice is optimal under certain conditions (see comments under 4. below):

u=(l+m"'"" (5)
v=mu ©)
where m = (Msqy/ Msax) - (h/b)

h
b

is the cross section dimension in direction X
is the cross section dimension in direction y

It

Check the uniaxial moment resistances Mgq, and Mgy against moments Msa/u and
Mgsq/v, separately for each direction. If necessary, change the reinforcement

If u and v have been determined according to eq. (5)-(6), and if the reinforcement is
concentrated to the corners with about the same relative edge distance, then only one
direction has to considered here, since the parameter m is based on the condition that
the magnified moments should require the same amount of reinforcement for each
direction.

For other conditions of cross section, this way to determine # and v may not lead
directly to the optimum result. Then, either the reinforcement is determined for each
direction and the highest amount is chosen, which is conservative, or a few iteration
steps are made with different sets of u and v values in order to optimize the result.

Repeat the calculation from step 2

The new reinforcement obtained in step 4 may change 2nd order moments and
exponent 1, which may necessitate further iteration.

References

Westerberg B. Design of concrete columns with regard to biaxial bending. (In Swedish). Clause
6.3:47 in Betonghandbok - Konstruktion (Concrete handbook - Design). 1990

Westerberg B. Computerized calculation of slender concrete columns. (In Swedish). Nordisk Betong
nr 4, 1971.

Westerberg B. Design Methods for Slender Concrete Columns. Background to design methods given
in HPC Design Handbook and FIP Recommendations. Tyréns Technical Report 1997:1.

8 Slender column with biaxial bending



Background paper 9

Interface between old and new concrete
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Summary

In this example transfer of loads from an enlargement structure of a small archbridge across
the construction (shear) joint to an old structure is studied. A strut and tie model is developed to
illustrate the path of forces and to dimension the reinforcement of a new structure.
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1 Introduction
In conjuction with making a main road broader a small arch bridge was enlarged.
The bridge is located in southern Finland. (Fig. 1)

The bridge is a reinforced concrete arch bridge. Its’ horizontal clearance is 3.00 m
and the effective width of the deck is 8.00 m. The skewness of the bridge is 300.

________________ ELEVATION _ .
- |
| |
‘I 14700 i
i Enlargement beam i
E |

|
|

A - A:seeFig. 2

Fig. 1: The arch bridge and it’s enlargement structures
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The enlargement structure consists of two reinforced concrete cantilever beams, one
an each side of the bridge. Both beams are supported by two supports. The spans of the
beams are (3.60) + 5.84 + (3.26) m and the total length is 14.70 m. The increase of the
effective width of the deck is 2 x 1.50 m being totally 11.00 m after the construction
works.

The supports of the enlargement beams are sort of reinforced concrete corbels. They
were cast against the faces of the old arch and anchored to it by prestressing tendons
and reinforcing bars. Prestressing tendons were placed in holes (#100 mm) which were
drilled through the walls of the arch from one side of the road to the other, about 10 m
distance. The surface of the old structure was roughened before casting the corbels.

In this example the transfer of the loads from an enlargement beam into one of the
corbels and across the construction (shear) joint into the old structure is studied. A strut
and tie model is developed to illustrate the path of the forces.

This problem of anchoring a new concrete member to the old one is one of the most

often encountered in the reparation and strengthening works of the old concrete
structures.

2 Design information

2.1 Intended use of structure

A member of an enlargement structure of an old arch bridge.

2.2 Materials and their design parameters

Concrete: - Arch bridge C20
(FIP Recommendations (Rec.) 2.1) f =20 MPa
fctm = 2.2 MPa
fred = fex Ve =0.85x20/1.50=11.3 MPa
- Corbel C30
fo =30 MPa
fc[m = 2.9 MPa

f1ea =0.85x30/1.50 = 17.0 MPa

Reinforcing steel: S500
(Rec. 2.2) fyx =500 MPa

fya=fyudys =500/ 1.15 =435 MPa

Prestressing steel: St 1570/1770
(Rec. 2.3) foic = 1770 MPa

Fara =0.90 X foulys = 0.90x1770/1.15 = 1385 MPa
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2.3 Main Loads

Permanent actions: - an enlargement beam and a corbel, surfacing, prestress
Variable actions: - vertical traffic load, breaking of the vehicles, uneven
temperature

3 The ULS and SLS verifications in the interface

3.1 The structure and the loads

The size of the rectangular corbel is 4.30 x 2.00 x 1.00 m® and the area of the
construction joint, the interface is 3.50 x 2.00 m? (Fig. 2)

The main loads from the enlargement beam are the vertical load V and the bending
moment M that acts in the parallel plane with the construction joint. These loads result
primarily shear in the interface.

The line of prestressing tendons form an angle of 60° with the plane of the joint.
Therefore the prestressing load P has two components, perpendicular to and parallel
with the plane of the construction joint.
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Fig. 2: The concrete corbel
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3.2 Check of the maximum shear stress ( ULS )

The maximum shear stress to be transferred across the interface is
Ta=0.25 X f1ca =0.25 x 11.3 =2.8 MPa (Equ 5.17 in Rec.)

The distribution of the effects of the torsion and the shear force to the interface is
done according to the model given in the CEB/FIP Model Code 1990 (sect 6.3.5.2).

Torsion + Shear = Summation

e

=
[

0.50
|

h=3.

=150
2.50
|
I

0.50
I\

[
1ef=050] 1.00 [050

b=2.00

Fig. 3: Summation of torsion and shear

The design values (ULS) of the resultant actions including the prestressing are
V4=221 MN
T4 =5.39 MNm

Shear stress due to the torsion Ty is
Tra = Ta/2XAggxtes = 5.39/2x1.50x3.00x0.50 = 1.20 MPa < 154 (Equ 6.23 in Rec.)

Shear stress due to the shear force Vg is
Teg = ValAc = 2.21/1.00x2.50 = 0.88 MPa < Ty

3.3 Check of the serviceability limit state (SLS)

To quarantee an efficient transfer of the forces across the construction joint the
corbel was compressed against the face of the old arch.
The order of magnitude of the compression stress in the joint is

(250 Ga12=PL/A+M/W; A =3.50x2.00 = 7.00 m*
Nt W =3.50%%2.00/6 = 4.08 m’
| Pl =Psinec
g2 = 4.08 x sin 60° =3.53 MN
22 Vimax= 0.88 MN
L I M  =3.53x0.50 - 0.88x0.50 = 1.33 MNm
7
o Gui2=-3.53/7.00 £ 1.33/4.08 = -0.83...-0.18 MPa
s < Ojim = 0 MPa
2

Fig 4: Compression in the interface
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4 Design of the reinforcement

4.1 Modelling the flow of forces

The anchorage of the corbel is provided by transverse steelbars (S1...S16) which are
distributed evenly in the peripheral zone of the interface and two prestressing tendons
(S17) in the central part of the construction joint.

The shearforce in the construction joint is transferred across the interface by means
of inclined concrete struts which together with the ties - steelbars (S1..S16) and
prestressing tendons (S17) - form the supports (,,small corbels™) of the corbel.

The loads V and M are taken into the corbel by resultant forces F; and F derived by
ULS design at the top of the corbel. (Fig. 5). The resultant of the tension steel is placed
at the distance of 0.25 m from the edge of the corbel - it is in the same vertical line with
the supports S9...S14.

The model is developed keeping in mind that the ties should be arranged with
consideration of practicality of the reinforcement layout (parallel to the corbel edges).

It is then assumed that the path of the vertical resultant force F; - having now the
magnitude C1 because of the slight inclination - leads first to the support S1. The
reaction force of the support S1 equals to its load - bearing capacity. As the support S1
deforms, part of the rest of the load F, is transferred into the next supports (S2...S5) in
the vertical line. It is considered that the structure is ductile enough to make this
redistribution possible.

The magnitude of the force in the strut C2 is defined by the united capacity of
supports S2...S5. The remaining part of the load F. is then led to the support S17 in the
middle of the construction joint by the strut C6.

The vertical resultant force F; is taken into the corbel by reinforcing steel. Supports
S9...813 act like supports S1...S5 but in opposite direction.

Changes in the direction of forces in some nodes result in horizontal forces which are
resisted by the supports S6...S8, S14...S16 and S17.
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4.2 Determining the forces in the struts and ties

The capacities of the individual supports (S1...S16) are determined first to make it
possible to calculate the forces in the struts (C1...C8) and ties (T1...T13) of the model.

The rules given in Rec. 6.5.2.3 ,,Concentrated load near a support and corbels” are
applied in calculating the load-bearig capacities of the individual supports.

The capacities of the invidual supports S1...S16

Construction
joint
S G Qe
| SLLIIII IS A
/////////////////3
SISO /
| F 2050%0500.0000,.1  Table 5.1/ Rec. 5.5
| //////////////aV/A L
IR z /s —_
| = = ] B = 0.4 (Interface condition rough)
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Fig. 6: Model for the individual supports S1...516

Let us suppose, that the capacity of the corbel is defined by the capacity of the tie
Tra=AsX fya =491 x 435 x 10°=0.214 MN

Let us choose tan 6 = z/7a = 2 = 0 = 63.4° (Limitation for 0 in the strut-and-tie
model in Fig 6.15/Rec. 6.5.2.3)

The load carrying capacity of the corbel is
Fra=Traxtan 6 =0.214 x 2 =0.427 MN

The force in the strut is
Cy = Trg/cos 6 =0.214/0.447 = 0.478 MN

The capacity of the strut is defined by the capacity for the transfer of compressive
forces across an interface by means of concrete to concrete friction (Rec. 5.5)

fcd» eff = V3 xflcd

V3=PB X fom = frea X (1 + tan®oyy) + (tancy-p) = 0.4 x 2.2 = 11.3 x (1 + tan® 63.4°) =
(tan 63.4°- 0.9) = 0.35

fed, er =0.35x 11.3 =3.96 MPa
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The dimensions of the strut in the old concrete are
a1 =F + (fcd, eff X b) = 0.427 + (3.96 x 0.50) = 0.216 m

h=a;/sin8=0.242 m

h x b=0.242 x 0.500 m* (These dimensions are realistical)
The capacity of the supports S1...S4, S6, 87, 89...S12, S14, S15 is Frq = 0.427 MN.

In the supports S5, S8, S13 and S16 the angle between the inclined strut and a tie 6,
<0 because of the location of the support near the transverse edge of this corbel. From
that follows that the capacity of the support is less than calculated Fq.

4.3 Forces in the struts C1...C8 and ties T1...T13

Forces in the struts C1...C8 and ties T1...T13 in the table below are calculated in
order of appearance.

Strut/Tie Cl csV|ca |3 2 C6 Tl T2? | T3 T4 | C7

Fo a [MN] -3.11 |0 043 | -0.86 | -1.29 | -1.98 | 1.06 [0.79 | 036 |037 |-1.65

Strut/Tie TS5 T6 T7" | T8 T9 T10 C8 T11 | Ti2 |TI3

Fac.« [MN] 3.83 |383 (383 [340 [297 |254 |[-2.17 |049 1022 |O

1) It is supposed that support S5 (S13) does not carry any load because 8, < 8. This assumption is clearly
on the safe side.
2) Support S16 has smaller capacity (F4 = 0.27 MN) because 0, < 0.

4.4 The check of the capacity of the support S17
Vertical and horizontal force resultants V¢4 and Hgq in support S17 are:
Vsa = 0.86 MN
Hsq =0.57 MN

Tension force in the tendons:
Cwa  Tw

Hsd OC:6OO

Tea = Hea/cos o + Vg/tan 6= 0.57/0.50 + 0.86/2.00 = 1.57 MN
< Tra = Ap X foua = 0.003600 x 1385 = 4.99 MN

4.5 Reinforcement layout of the corbel
In order to transfer the tension forces of the ties the reinforcement must have the
dimension A, so that

Tsa < AgX fya (fya = 435 MPa) and be anchored properly in the nodes.

Reinforcement is symmetrical, because the bending moment may also be applied to
the opposite direction.
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Fig. 7: Reinforcement layout in the corbel
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1 Introduction

The shear design of structural concrete members, i.e. reinforced and prestressed
concrete members, has been a fascinating and heavily disputed topic from the beginning
of reinforced concrete. Even nowadays, the codes all over the world still reflect the
controversial views or researchers and code makers. In the following some contributions
to the state-of-the-art are made, which supplement the surveys given by ASCE-ACI
Committees 426 (1973) and 445 (1998), in the CEB 223 (1995) and also by Marti
(1991, 1999).

The oldest and mainly empirically derived approach is to add a “concrete term* V to
a “steel term* like e.g. in the old codes DIN 1045 and SIA as well as traditionally in the
ACI 318, and more recently in the EC2, part 1 as the so called “standard method*.
Thereby the steel term is for the capacity of a truss with parallel chords, in which the
web is formed by ties, representing the transverse reinforcement and inclined struts,
which are assumed to be inclined at an angle of 45°. The concrete term has been derived
empirically, although several explanations by means of models were given, e.g. by
Leonhardt (1965, 1977).

The alternative approach “variable strut angle method” is based on the theory of
plasticity, as e.g. developed by Thiirlimann et al. (1975, 1983) or Nielsen (1984) and
Nielsen/ Braestrup (1976). It is assumed that the inclination of the struts in the web of
the truss may be freely selected, and only lower bounds for it as well as for the strength
of the struts are given. However, the proposals for these lower bounds vary in a wide
range: like e.g. for O from 18° (cot® = 3), like in the CEB-FIP Model Code 1990, up to
30° (cotB = 1,75), like in Germany for the application of EC 2, part 1.

In view of two available methods the questions arises: “has the addition of a concrete
term V. any physical meaning 7, and is really a controversy necessary “V¢-term* versus
“variable strut angle method*? Furthermore, the question is, how these methods for
shear design comply with the main development of the last two decades, which is to
develop a consistent design concept based on strut-and-tie models covering as well the
B-regions as also the D-regions. In the following it is shown, that the state-of-the-art on
the shear design now allows to give a practical solution, which likewise complies with
the need for clear models so that designers can cope with problems when designing
structures. It is hopefully shown that the practical shear design method of the FIP
Recommendations 1996 “Practical Design of Structural Concrete” solves or makes
futile the above cited controversy.

2 Theoretical background for the different approaches

The failure of members or structures is mostly determined by the formation of cracks,
from which one opens widely due to the strains of the reinforcements crossing the crack,
and this eventually leads to crushing of the compression zone over the crack tip. There
are critical cases of unreinforced members, where cracking leads to non-ductile
behaviour and yielding of the reinforcement is not reached at failure of the member. It is
therefore understandable, that designers first looked for the weakest sections along the
cracks and determined the required reinforcement there, and this has been done for the
flexural design since the beginning of reinforced concrete.
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For the shear design, the thorough observation of cracking and failure of beams led
Morsch (1909,1922) to regard the concrete between the inclined cracks as struts of a
truss (Fig. 1). This demonstrates that Morsch looked at the equilibrium along the failure
surface in the B-region, initially by means of graphical statics. The same approach was
later used by Lessig (1959), who proposed skew, spatial failure surfaces for reinforced
concrete beams subjected to torsion, respectively to torsion combined with shear forces
and bending moments.

Fig. 1: The approach by Morsch (1909,1922) for the shear design

The ASCE-ACI Committee 426 in their State-of-the-Art Report on Shear from 1973
also was guided by the idea of looking at failure mechanisms, and they extensively
reviewed the shear failure modes and the possible mechanisms for the shear transfer at
cracks. The research of the last 20 years has enabled an even deeper insight into the
shear behaviour and into the shear transfer mechanisms. Especially the transfer of forces
across cracks has been identified as a main shear transfer mechanism and its behaviour
been clarified to a large extent.

Generally, the "failure mechanism approaches" are not restricted to the kinematic
method of the theory of plasticity, but are approaches characterised by the modelling of
the actual failure surface in a member or the critical crack and the localised crushing in
the concrete compression zone. This approach has been followed for members without
transverse reinforcement by Kani (1964), Fenwick and Paulay(1968), Taylor(1974),
Hamadi (1976) and Reineck (1990, 1991 b, 1991 e), and for members with transverse
reinforcement by the researchers given with the later explained "truss model with crack
friction". In this sense, the failure mechanism approaches have a common feature with
fracture mechanics approaches, where the localisation of the failure zone either in
tension or compression plays the major role.
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The assumption for the failure surface, for the shear transfer mechanisms as well as
those for the material properties influence of course the failure load. With respect to
shear, it is important to note that rarely all the shear transfer mechanisms were modelled
in the theories presented in the past. Despite the fact that a failure mechanism approach
is used, it may well be that a lower bound estimate of the failure load is attained, like for
any other non-linear analysis, if safe assumptions for the material characteristics and
shear transfer mechanisms are made.

The "truss model with crack friction" for members with transverse reinforcement is
such a failure mechanism approach and a "discrete" approach with respect to cracking. It
is based on the works by dei Poli et al (1987, 1990), Gambarova (1979), Kirmair
(1985/87), Kupfer and his coworkers Mang, Bulicek, Moosecker and Karavesyrouglou
(1979, 1983, 1991), Bulicek (1993) and Reineck (1990, 1991 a, 1995). The shape and
the geometry (inclination) of the crack is modelled and also the spacing. Therefore, this
approach is in principle different from the following smeared approaches.

In the "smeared approaches" the compression fields are modelled independently from
the crack pattern, like in the cases of the shear-compression field theory by Collins
(1978) or Collins and Mitchell (1980) and the rotating-angle softened truss model by
Hsu(1993). These works are based on earlier works by Kupfer (1964), Baumann (1972),
Potucek (1977). Only Hardjasaputra (1987) differs from that by considering the cracks
in a smeared approach. The smeared approaches are extensively discussed in the ASCE-
ACI Committee 445 State-of-the-Art Report (1998), so that only the main difference of
these approaches is pointed out here, and that is the relationship between the crack angle
B: and the angle 6 of the compression field. These angles are clearly identified and are
different in the above described approach of the "truss model with crack friction* as
well as in the ,.fixed-angle softened truss model* by Hsu (1993). This is not the case for
any of the smeared approaches.

Therefore, Reineck (1995) classified the different approaches accordingly as shown
in Fig. 2. If the assumption is made that both angles are equal, i.e. §; = 0, like in all
smeared approaches, then this also means that no slip occurs and thus the friction cannot
be checked directly. Furthermore, the angle of the principal strains complies with that of
the principal compressive stresses, i.e. the strut angle. Despite of all these relations,
Vecchio and Collins (1986) attempted in the modified compression field theory a check
of the friction, even though the assumption was remained that the angles P, and 0 are
equal. This is of course a gross simplification or a mistake, since it is not really possible
that friction forces can be transferred at cracks which are assumed parallel to the
compression field. In the discrete approaches of the truss model with crack friction no
kinematic assumptions are made and constitutive laws for friction have to be
formulated.

The emphasis of the truss-analogy or generally of strut-and-tie models is to describe
the load transfer in the member, whereas a failure mechanism approach aims directly at
determining the failure load or at designing the reinforcement for given ultimate loads.
Probably the best known application of this approach is the "truss model with crack
friction", because it explains the traditional concrete contribution V. in the shear design,
The advantage is, that the essential dimensions for the reinforcement and for the
concrete are directly determined, and so this very practical design method was selected
for the FIP Recommendations 1996.
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Thurlimann (1975, 1983); Kupfer, Kirmair (1983});
Kupfer (1964); Baumann (1972}, ) Kirmair, Mang (1987); Bulicek (1991);
Authors | Potucek (1977); Collins (1978); | Hardjasaputra _
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Hsu (1993); Reineck (1990,1991)

Fig. 2: Comparison of smeared and discrete approaches in shear design

3 The truss model with crack friction in the FIP
Recommendations 1996

3.1 Equilibrium

The shear design method “truss mode!l with crack friction* was implemented as shear
design in the FIP Recommendations 1996 “Practical Design of Structural Concrete®,
and the background for this method has already been explained by Reineck (1995) as
well as in ASCE-ACI 445 (1998), This approach starts from the fundamental free-body
diagram in Fig. 3, which is obtained by separating the member along an inclined crack
in the B-region of a structural concrete member with transverse reinforcement, like it
was done by Morsch (see Fig. 1). The forces acting on the free body are the forces at the
end support, the chord forces, the forces in the stirrups and the friction forces along the
crack, which are given in Fig. 3 b.

In Fig. 3 the dowel force of the longitudinal reinforcement is neglected, which plays a
role in members without transverse reinforcement. Furthermore for simplicity of Fig. 3,
the chords are assumed to be parallel to the axis of the member, so that there are no
vertical components of an inclined compression chord or an inclined tension chord of
the truss.

The basic requirement for the shear design is:

VRra 2 Vsqg ()

where: Vgq = shear force at about a distance (z cot) from the face of the support.
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Fig. 3: Free-body of an end support of a beam with applied forces

The basic equation for the shear resistance follows directly from the vertical
equilibrium:
Vka = Vswa + Vig + Vpa + Ve (2)
where: Vgwa = shear force carried by the stirrups across the crack
Vi = vertical component of friction forces at crack (Fig. 3 b)
Vpa = vertical component of force in prestressing tendon

Vccd

vertical component of the force in an inclined compression chord.

From the equations (1) and (2) a design shear force for the web of a structural
concrete member may be defined:

Vsdweb = Vsd - Vpa - Ve 3)
Therefore, the web must provide the following resisting shear force:

Vidweb = Vswd + Via 2 Vsaweb 4)

The shear force component Vg carried by vertical stirrups across the inclined crack
is at ULS:

Vowa = (Asw /8w) fywa z cotP; 5)
where: Ay = area of transverse reinforcement
Sw = stirrup spacing in the longitudinal direction
fywa = design yield strength of transverse reinforcement
z = inner lever arm
B: = crack angle
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The shear force component Vg, is known at any load level (not only at ULS) if the
shear force component V; due to friction is known, as well as of course the amount of
transverse reinforcement and the crack angle. The force Vi is the vertical component of
the combined friction forces Tr and N¢ across the inclined crack in the web, as shown in
Fig. 3 b. It should be noted, that normally only a part of the force T combines with Ny
to an inclined compressive force, but additionally a component without axial stresses on
the crack surface exists. The shear force component V¢ due to friction represents the
"concrete contribution" appearing in many codes such as ACI 318, as later explained in
Section 4.1.

3.2 Inclination and spacing of inclined cracks

The crack inclination as well as the crack spacing must be assumed or be determined
by a non-linear analysis. It may be noted, that relatively little attention has been given to
these important parameters in previous research.

The angle of the inclined cracks is normally assumed at 45° for a reinforced concrete
member. Only Kupfer /Moosecker (1979) pointed out, that it could be up to 5° flatter,
due to a reduced modulus of elasticity caused by micro-cracking. Flatter angles will
appear for prestressed concrete members or for members with axial compression, and
steeper angles occur for members with axial tension. For such members, commonly the
angle of the principal compressive stress at the neutral axis of the uncracked state is
assumed as the crack angle.

The spacing of the inclined cracks is mainly determined by the amount of
reinforcement and relevant formulae have been proposed by Gambarova et al. (1979,
1991), dei Poli et al. (1987, 1990) and Kirmair (1985/87) amongst others.

3.3 Constitutive laws for crack friction

Any approach like the "truss model with crack friction", relies on constitutive laws
for the transfer of forces over cracks by friction or interface shear. This shear transfer
mechanism was clearly defined by the works of Fenwick/ Paulay (1968) or Taylor
(1972, 1974) and others, but only few tests and no theories were available for
formulating reliable constitutive laws. This has considerably changed through the
research in the last 20 years including works by Hamadi (1976), Walraven (1980),
Walraven/ Reinhardt (1981), Gambarova (1979), Daschner (1980), Nissen (1987),
Tassios/Vintzeleou (1987). An extensive state-of-the-art report on interface shear was
presented by Gambarova and di Prisco (1991). The constitutive law proposed by
Walraven (1980) has been used very often by others because it completely describes not
only the shear stress - slip relation for different crack widths but also the associated
normal stresses.
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3.4 Shear force component V; due to crack friction

The shear force component Vyin Eq. (1) or (2) transferred by friction across the
cracks depends on the available slip and crack width, so that these displacements have
to be calculated, and this requires to determine the strains in the chords and in the web.
In return, the displacements and the strains must be compatible with the forces in the
model according to the constitutive laws for the shear force components. The force V¢ is
plotted in Fig. 4 and it depends on the magnitude of the shear, on the strain conditions in
the member, on the longitudinal strain €4 in the middle of the web, and on the crack
spacing. However, for simplicity a constant value V¢ may be assumed for code purposes,
as indicated in Fig. 4 a.

Vq A Vv,
by z fi by z fic

0.08 ; 0.08 6, =a5°
00671 , 006 ——— "~ .
0.0471 ! r.c. {ex =0) ; 0.04 1 \_._\

. , ' ! 35°
0021 : 0021 .

| _ , VY DIN 4227 Teill 30°, V.
0 010 020 0.30 bw z fic 0 010 020 030 Dbwzf

a) reinforced concrete members b) prestressed concrete members

Fig. 4: Results of parameter studies for the shear force component V¢ [Kirmair
(1985/87)]

The practical result for the shear design is a constant value for the shear force
component V¢ and in the FIP Recommendations 1996 the following value was defined
along with the crack angle for r.c. members without axial forces:

Vi

cotp;

0.070 (by Z fewa) (6 a)
1.20 ie. Br=40° (6 b)

The result of the Eq. (4), (5) and (6) is plotted in the simple, dimensionfree design
diagram in Fig. 5, which is well known and used in many codes. The friction in the
cracks governs the design for low and medium shear, and only for a small range of very
high shear, the strength of the compression struts fewg is reached, which is characterised
by the quarter circle in Fig. 5.

For low shear or reinforcing ratios p, the diagram is limited by the minimum
reinforcement ratios Pwmin Specified in codes, and the corresponding values Oy min
therefore represent the lower limit for applying Eq. (6). For members without transverse
reinforcement the capacity Vgg is far lower than the value for Vi For members with
lower amounts of transverse reinforcement than My min NO shear design is available, and
the scatter of the tests in this range does not support the idea, that it is possible to
develop one.
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Fig. 5: Dimensioning diagram for the design of vertical stirrups for r. c. members
without axial forces

The approach “truss model with crack friction* considers the influence of axial forces
as well as prestress, because flatter cracks appear and V¢ may be reduced as consequence
of the negative longitudinal strain €. The influence of the crack inclination is very
pronounced as Fig. 3b and Fig. 4 b show, and for cracks flatter than about 30° the shear
force component V¢ plays no role any longer and the struts are parallel to the cracks. In
the FIP Recommendations 1996 the following relationships are proposed for members
with axial compression or prestress, and the practical results are shown in the
dimensioning diagram in Fig. 6.

COtBr = 1.20 - 0.2 Gxd / fc[m (7 a)
Vg = 0.10 (1 -cotP; /4) (by z fowq) = 0 (7 b)
where: 6, = Ngq/A. = axial stress [(-) in compression]

fows = 0.80 ficg = compressive strength of inclined struts

In the case of axial tension the cracks may be steeper than 45° and the strain & is
positive. In the FIP Recommendations the following relations were given for members
with axial tension:

cotB, = 1.20 - 0.9 Oxq /feim >0 (8 a)
Vi = 0.10 (1 - 0.36/ cotf;) (by z fewa) >0 (8b)
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Fig. 6: Dimensioning diagram for vertical stirrups for prestressed concrete members
and members with axial compression

The influence of axial tension is quite noticeable, because the V,, = 0 is already
attained for a valued of o,,=0.933 f  with a crack angle of about 70°, corresponding
to a value cotf, = 0.36. This leads to high amounts of stirrups. It must be pointed out
that this proposal may be on the safe side, because the crack angle is evaluated on basis
of the uncracked state. Unfortunately there are too few tests to compare with and to

propose a better relationship.

3.5 The truss - model

When the shear force component V; is known, all the forces are defined at the crack
or failure surface, so that the state of stress in the struts between the cracks is also
known. The obvious action of the solid concrete between the cracks is, that it represents
the struts of a truss formed together with the stirrups (Fig. 7 a). This was the action,
which Morsch only utilised in his truss analogy (see Fig. 1). The additionally friction
forces acting result in a biaxial state of stress as shown in the Fig. 7 b. Therefore, the
combined state of stress is biaxial with a principal compression field at a flatter
inclination than that of the cracks, and a tension field perpendicual to it.

However, it should be noted, that for high shear forces the minor principal stress
turns into compression, because the normal stresses due to friction prevail. However,
these compressive stresses are so small, that they are usually neglected, so that only the
truss of Fig. 8 a remains with a uniaxial compression field, which is the usual model of
the theory of plasticity.
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a) truss action b) biaxial stresses due to friction

Fig. 7: Forces and stresses in the discrete concrete struts between the inclined cracks

The minor principal stress is tension for small shear forces, so that the state of stress
may be visualised by the two trusses shown in Fig. 8. The usual truss - model with
uniaxial compression inclined at the angle 6 in Fig. 8 a is superimposed by a truss with
the same direction of compression struts and concrete ties perpendicular to the struts
(Fig. 8 b). So there are two load paths for the shear transfer, as defined by Schlaich/
Schifer/ Jennewein (1987), and as also earlier shown by Reineck (1982) and with
different explanations by Lipski (1971/72) and Vecchio and Collins (1986) in their
"modified compression field theory". The model in the Fig. 8 b is the same as that
proposed by Reineck (1990, 1991 b and e) for members without transverse
reinforcement, so that the transition from members with to members without transverse
reinforcement is consistently covered.
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Fig. 8: Models for B-regions with shear force
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For simplicity mostly only the truss with a uniaxial compression field is taken as
model, since it applies well for the medium and high range of shear forces vy = Trq /
fowa. With the shear force components Vs, and V¢ defined by the eqations given above,
the angle 6 of the inclined struts in the web may be derived as follows:

cotl = Lﬁ’— (9 a)
-V
VS(I,web
or
Vi
cotf = - Sd web (9 b)
Sw.web
(—S__—]fywd Z

with  Vedaweb = Vewd + Via 2 Vsgwen

This means that the angle 6 varies with the magnitude of the applied shear force, i.e
the angle 0 increases with increasing Vsq veb.

The upper limit of the resistant shear force may then be derived as follows:

VRdwebmax = Dw Z fewa SINO cosO =byw z fowa/ (cotd + tanB) (10 a)
For 6 = 45° and f.wg = 0.80 ficq (v = 0.80) the highest value is reached with
VRd.web.max = 0.5 bw Y/ fcwd =04 bw Z flcd (10 b)

However, this check is rarely required, because it is only relevant in a small range of
very high shear forces, as it can be seen from Fig. 5 and Fig. 6 and Figures 9 to 11. For
example, for r.c beams the web compression failure only occurs for values vq > 0.472.

3.6 Strength of concrete between cracks

The concrete between the cracks is uncracked and forms the strut. However, apart
from the compressive stresses due to the truss action there are also transverse tension in
the struts, due to the friction stresses and due to the forces induced by the bonded
stirrups. This leads to a strength reduction in comparison to the uniaxial compressive
strength allowed in compression chords. Further reasons for such a reduction are also
the smaller effective width of the strut (rough crack surfaces) and the disturbances by
the crossing stirrups. Altogether it was found by Schlaich/ Schifer (1983), Schifer/
Schelling/ Kuchler (1990), Eibl/ Neuroth (1988) and Kollegger/ Mehlhorn (1990) that
the following value may be assumed for the concrete strength of the struts:

fewu = 0.80 fi¢ (1D)
with  fj. = uniaxial compressive strength of concrete (strength of slender prism)

This is a relatively high value compared to lower values proposed elsewhere as so-
called “effective strengths” of e.g. v fic = 0.60 f. or 0.50 f. used in the theory of
plasticity. This illustrates that these lower effective strengths are meant also to cover the
insufficient transfer of forces across the cracks by friction. The practical outcome of the
above higher value for the compressive strength is, that for high ratios of transverse
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reinforcement the capacities are far higher compared to the variable truss angle method
in the EC 2 respectively the theory of plasticity, as pointed out by Reineck (1991 a) and
demonstrated in the following (see Fig. 10).

4 Comparison of shear design methods for members with
vertical stirrups

4.1 The concrete term V. in shear design of codes

The so-called "concrete contribution” in codes is added to the resistance of the truss-
model with 45° - struts, and so the resistance is for members with vertical stirrups
(perpendicular to member axis):

Vid = Vewa + Veu = (Agw /Sw) 1cywdz + Vg (12)

This is the basic equation of the “standard method* of the EC 2, respectively it is
sometimes referred to as ,,modified truss model* approach, as e.g. by Ramirez/ Breen
(1991). This concrete contribution V. was controversially discussed in the past and has
mostly been taken as either the shear force at cracking or the ultimate shear force of the
relevant member without transverse reinforcement. Therefore detailed expressions have
been given for V. in terms of the same parameters as are relevant for the capacity of
these member. The current ACI 318 design procedures give the most detailed
expressions for V. of all codes by considering most of the possible parameters such as
the influence of axial compression, axial tension and of prestress. All such values for the
concrete contribution have mainly been justified empirically.

However, it must clearly be stated, that none of these two explanations for the
concrete contribution V. is valid, as has often been pointed by Leonhardt (1965, 1977).
The physical explanation for the V.-term is obvious when comparing Eq. (4) and (5)
with Eq. (10): both have a "concrete term" added to the shear force carried by the shear
reinforcement crossing the crack or failure surface. In the case of 45° for the crack
inclination, i.e. cotf; = 1 in Eq. (5), the two equations (4) and (10) are identical, so that
the V. really is the shear force component V; transferred by friction across the cracks.
Therefore, it can be stated that the approach "truss model with crack friction" offers a
clear physical explanation for the concrete contribution and for the addition principle of
steel term plus concrete term in the shear design.

4.2 Comparisons of the shear design methods of FIP
Recommendations with EC2

In the following the design method for shear "truss model with crack friction" of the
FIP Recommendations 1996 is compared for members with transverse stirrups with the
different proposals of the EC 2, part 1, which are just discussed for the future revision.
The results are plotted in the well known dimensionfree @y, - Vg - diagrams of the
required amount of transverse reinforcement versus the dimensionfree shear force,
which are defined as follows:

Oy = Pw Fywd ! fewd = mechanical reinforcement ratio
y
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with: pw= Agw/ (by sw) = geometrical ratio for vertical stirrups
Vg = VRra/ (by z fewa) = design valued of dimensionfree shear force

fewa = 0.80 ficq = strength of struts
flea= 0.85 fox /e = uniaxial compr. strength with y, = 1.50 normally

In these diagrams the relationship for the 45° truss of Morsch appears as the
diagonal, and the theory of plasticity as quarter circles depending on the given value for
the strength of the struts v = feya / fica-

The first comparison of the shear design of the FIP Recommendations 1996 is carried
out with the standard method of the EC 2, p. 1, and this is in principle also relevant for
ACI 318. The results in Fig. 9 for reinforced concrete members without axial forces
shows that the FIP Recommendation is far more economical over the whole range of the
dimensionfree shear force. It is especially noteworthy that far higher values are possible
for the maximum shear force due to the high value for the allowable strut strength of
v = 0.80 as compared to a value of about v = 0.50 in the EC2.
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Fig. 9: Comparison of the required transverse reinforcement between the FIP
Recommendation 1996 and the “standard method" of the EC 2 for r.c.-members
with vertical stirrups for the concrete class C50

The comparison of the shear design of the FIP Recommendation with the “variable
strut angle method* of EC 2 is carried out in Fig. 10 for reinforced concrete members. It
shows that the FIP Recommendations are considerably more economical in the low
shear range up to values for the dimensionfree shear force of about vq = 0.18. This is
relevant and important for beams in buildings as well as for and slabs with transverse
reinforcement like for foundations and soil covered structures like e.g. subway tunnels.

In the medium shear range around vgq = 0.25 the EC 2 requires slightly less stirrups,
but this range is very small, because the maximum shear force is reached due to the low
value for the strength of the struts. The latter values are plotted in Fig. 10 for the
concrete classes C20 and C50, and slightly higher values are attained for the lower
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concrete class. However, the FIP Recommendations allow far higher values for the
maximum shear force, and this is relevant for prefabricated beams.
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Fig. 10: Comparison of the required transverse reinforcement between the FIP
Recommendation 1996 and the “variable strut angle method" of the EC 2 for
r.c.-members with vertical stirrups and without axial forces

For prestressed concrete members and members with axial compression the
comparison is shown in Fig. 11, and generally the same conclusions as above can be
drawn. The “variable strut angle method” does not consider the influence of axial
compression, and it is therefore uneconomical in the whole shear range, until again the
low value for the maximum shear force is reached. This also applies to the “standard
method*, unless for the high value for the compression shown in Fig. 11, which may
yield lower values for the transverse reinforcement for a small range around vyq = 0.12.
Thereby it must be mentioned, that the influence of the prestress or axial compressive
force was considered by an increase of Vg by the value (0.12 6.4 by, d), which is
slightly less than that in the EC2 (1991).

Again the fact should be pointed out that the FIP Recommendations 1996 allow far
higher values for the maximum shear force, because this is especially relevant for
prestressed concrete members like prefabricated beams or bridge girders. This means
practically for example that free cantilevering bridges may be built with thin webs up to
high shear forces, whereby of course high amounts are required for the transverse
stirrups depending on the amount of prestress, as Fig. 11 shows.
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Fig. 11: Comparison of the required transverse reinforcement between the FIP
Recommendation 1996 and the “variable strut angle method" for p.c.-members
and members with axial compression with vertical stirrups

4.3 Comparisons of the shear design methods of FIP
Recommendations 1996 with the CEB-FIP Model Code 1990

The comparison of the shear design methods of the FIP Recommendations 1996 with
that of the CEB-FIP Model Code 1990 may be briefly done, because the design rules of
MC 90 are almost the same as that of the previously compared "variable strut inclination
method" of the EC 2, p.1.

The first important difference between the FIP Rec. and MC 90 lies in the limiting
value for the strength of the struts in the web:

- FIP Rec.: fowd = 0.80 fieq
~ MC 90: fowd = 0.60 (1 - fuc/ 250) fog

Referring both to the uniaxial design strength of fiq = 0.85 foq = foi/ 1.50 of the FIP
Rec., which complies with MC 90, gives the relationships shown in Fig. 12 plotted
versus the concrete class. The strength value of the FIP Rec. is independent of fy and is
far higher than that in MC 90, especially for high strength concrete. The reason for this
is, that the friction is explicitly checked in the FIP Rec. and this leads to the limitation of

the angle 6, as described before.
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Fig. 12: Comparison of the allowable values for the strength of the struts between the
FIP Recommendations 1996 and the CEB-FIP Model Code 1990

The obvious result of this fact is that the maximum allowable shear force is far
higher, as demonstrated in Fig. 13, where for reinforced concrete members the amount
of required transverse reinforcement is plotted versus the shear force in a dimensionfree
format. The quarter circles of MC 90 for the different concrete classes mean that
according to MC 90 the strength of the struts determines the ultimate capacity, until the
lower limit of 6 = 18,4° or cot® = 3,0 is reached. In the medium range of the
dimensionfree shear force vy between about Vg = 0.12 and vg = 0.20 (for C80), respec-
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Fig. 13: Comparison of the required transverse reinforcement between the FIP
Recommendations 1996 and the CEB-FIP Model Code 1990 for r.c.-members
with vertical stirrups
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tively Vg = 0.25 (for C20), the MC 90 requires less transverse reinforcement than the FIP
Rec. However, it can be shown that this is unsafe, i.e. there are tests points over the
design curves of MC 90; this cannot be further dealt with here.

A similar comparison for prestressed concrete members is beyond the scope of this
paper, because it would require too much space due to the fact that rules in MC 90 are
so complicated. It takes 9 pages in MC 90 to explain the design rules for p.c.-members,
whereas in the FIP Rec. the effect of axial compression is taken into account in 2 design
equations which are anyway required for r.c.-members.

4.4 Conclusions of the comparisons
Summarizing the following conclusions may be drawn.

The shear design according to the "truss model with crack friction" as defined in the
FIP Recommendations 1996 is economical in a wide range for r.c.- and p.c.-members.
The values for the maximum shear forces are considerably higher than in present codes
like in MC 90 or in the EC 2, p.1, which is important for prefabricated members and for
wide span structures, like free cantilevering bridges.

The main feature of the shear design in the FIP Recommendations 1996 is that axial
compressive forces are considered, and this makes the method far more versatile than
the presently in Europe favoured “variable strut angle method”. In the latter method
lower limits for 6 and low values for v have to be linked to secure a safe design,
because a lower limit of e.g. cot® = 2 is unsafe for values of about vg > 0.30 to 0.35.
This is the range which is opened by the FIP Recommendations 1996 due to limiting the
angle 6 depending on the design shear force vq.

It should be mentioned that the FIP Recommendations 1996 did not deal with
lightweight aggregate concrete because of its rare use. In principle, the concept of the
“truss model with crack friction® is still valid, but the contribution of the crack friction
and thus that of Vg may be lower in comparison to the equations given above.

5 Members without transverse reinforcement

The design model for members without transverse reinforcement. i.e. mainly slabs,
has been presented with Fig. 8 b, as also explained in the keynote lecture for the fib
Symposium in Prague 1999 [Reineck (1999)]. However, the capacity of this model is
not determined by the concrete ties attaining the axial tensile strength, but by the failure
of the friction forces and dowel forces at the cracks. The cracks are roughly inclined at
60° in r.c.-members, i.e. members without axial forces. There are some proposals for
theoretical models as e.g. summarised in the recent state-of-the-art report in CEB
Bulletin 237 (1997), but the issue is still controversial. Therefore, the empirical formula
of the CEB-FIP MC 90 was taken in a slightly revised form:

Vi =[0.10k (p1 fu)'” - 0.12004] by d (13)
where: K=1++ (200/ d ) <2 = factor for size effect
d [mm] = effective depth
fex [MPa] = characteristic cylinder strength
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ol [-] = A;/bd = longitudinal reinforcement ratio
Ocd [MPa] = N/bd = axial stress (- for compression)

The factor of 0.10 in the above equation is based on a recent evaluation of 282
reliable tests out of more than 600 tests on r.c.-members without axial forces, which
showed that the factor 0.12 of the CEB-FIP MC 90 was unsafe. The characteristic value
for this factor was only about 0.13, so that in comparison to the above value of 0.10 only
a resistance (material) safety factor of y; = 1.30 is given. Thereby, this safety factor y, is
applied to the resistance Vgq of the whole member, but this is disputable and Konig
(1999) showed with more refined safety considerations that the above value of 0.10 may
be justified.

6 Typical D-regions associated with shear

The basic concept of the "truss model with crack-friction” may not only be regarded
as a refined design method valid only for B-regions, but similar procedures may also be
used for the design of the D-regions. In D-regions and especially in those with
geometrical discontinuities the formation of a single crack initiating a failure surface is
very likely, so that investigating the equilibrium of the free-bodies formed by such a
crack is a safe procedure and almost an indispensable requirement. Windisch (1988)
applied this approach to a dapped end of a prefabricated girder. The pedagogical value
of such a procedure is the same as for any failure mechanism approach: it leads the
designer to think of likely cracks and to avoid models with overoptimistic redistribution
capacities after cracking.

Typical examples for D-regions are presented, which are presently dealt with as shear
design problems, such as indirectly supported members or point loads near supports. A
very critical case is the dapped beam-end, especially in case of slabs or slab bridges
without transverse reinforcement. Such problems have been dealt with on basis of the
FIP Recommendations 1996 “Practical Design of Structural Concrete, which are fully
based on the concept of designing concrete structures with strut-and-tie models, and
some examples are given by Reineck (1999).

7 Concluding remarks

The "truss-model with crack friction” is a failure mechanism approach, where the
expected failure cracks are considered discretely. The possible transfer of forces over the
crack due to friction or interface shear is explicitly modelled. The approach gives
directly the possible shear capacity respectively the required transverse reinforcement.
The contribution of the friction across the cracks gives the physical explanation of the
"concrete term V." as being the vertical component V¢ of the forces transferred across
the crack. For practical design it may be assumed as a good approximation that this
shear force component Vs is independent from the applied shear force V. This yields
for a reinforced concrete beam the dimensioning diagram in Fig. 5, which is similar to
the well proposals (standard method) by Leonhardt (1965, 1977), the EC 2 and the ACI
318. Similar diagrams (Fig. 6) may be derived for members subjected to shear and axial
compressive forces or prestress, the influence of which is covered consistently.

The state of stress is defined at the crack, and from this definition the principal
stresses between the cracks may be evaluated. The resulting biaxial stress field is
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represented by the superposition of the two trusses in Fig 8. These trusses are statically
admissible stress-fields for the web in the B-region of a beam, so that the "truss model
with crack friction" fulfils the requirements of a lower-bound method, if safe strength
limits are defined in the constitutive laws for the shear transfer mechanisms at the crack.

These models demonstrate that both approaches, i.e. the discrete and smeared ones,
result in the same design models, and only the failure criteria are different. In discrete
approaches the shear transfer mechanisms like the friction are explicitly checked,
whereas the smeared approaches give empirically derived limits for the strut angle or the
strength of struts. Important is to state, that with respect of the design models a common
view is gained in the shear design, so that the controversy over “standard method* ver-
sus “variable strut angle* is futile and unproductive. More important is whether the be-
haviour and the test results are realistically and economically covered, and this is the
case with the design method presented in the FIP Recommendations 1996 “Practical
Design of Structural Concrete®.
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Shear design of a bridge girder

The following completes the example B included in the FIP Handbook on practical
design (Telford, London, 1990): Bridge near Yverdon (CH) composed by single-span
beams for multispan continuous road bridge.

The figures Bl to BS are taken from the Handbook as well as the other design

information, especially the material strengths, i.e. concrete C40 and welded wire fabric
S 500.

Shear design summary

1. Design shear forces (per girder)

Visd max = %(1,35-44+1,5-27,6)+1 ,5:300
=1811kN
Puo =1777kN (48236 tendon)
tanot, = %152 =0,15
Vodmax =1777- 0,15=267kN
Vsgwebmax =1 811 —267 = 1544 kN [6.5]

2. Basic data for shear design

fowa =087100=0,8 - 22240 [5.5], [2.1]
= 18,1 MPa
PITP"
Oxd = 27{" =.7 MPa (from SLS results)
C
_ 7 _
cot P, =12-0.2 ——3?—1,6 [6.9b], table 2.1
tanf; = 0,63
Vi =0,1 (1-5:0,181,66-18100 [6.10b]
=325 kN
3.  Design of stirrups
_ mm?
Aw _ 1544 (3)255 0,63 = 1064 —— [6.61, [6.8]
Sw 1,66 —= m
1,15
chosen : stirrups @10 5150 (2 legs) section 6.4.3.1

Sw < 0,2° 1660 =332 mm
Sw < 200 mm
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4. Check of struts
1,6

|_325
1544

0 =26°; sin0 = 0,44, cosd = 0,90

cotf =

(z- cotd =2,03- 1,66 =3,37 m > 2,57;safe side)

Vidweomax = 0,18 1,66 18100 0,44 0,90 [6.13]
=2 140 kN > 1 544 kN [6.3]

5. Check of tension chord

=2,03 [6.11a]

F, =0,5 1811 203=1838kN (at point M=0) [6.15]
8strands + 822
Fra =113 11 < (744 09 1,820 +3040 0,400) [2.10], [2.7]

2117kN>1 838 kN

6. Concluding remark

The above results (sections 3 and 4) fit rather well with those of the original de-

sign of the bridge built 20 years ago.
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B 1 Longitudinal section illustrating the span by span erection of the bridge
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B 2 Cross section with precast girders completed by in situ concrete
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1.
Fixed coupler ﬁ,

o
A
ro - >
& Continuity tendon 32 wires of 6 mm dia.
q stressed and grouted on site
[
€ Loop Tendon 48 wires of 6 mm dia.
2 stressed and grouted in plant
7__

ﬁ-so m” Eight strands of 0-5 in dia. (pretensioned)

B 3 Precast girder with tendons and continuity reinforcement
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030m | 040m Q18m 040m | 0-30m } Welded mesh fabrics S500
5
1
4~l\»</l
€ £
0:44m 5 3 .
- . — 3
2 et
R i 2
__Jo07m Tendon 32 wires of 6 mmdia.
014m 1 Tendon 48 wires ol 6 mm dia.
Eight strands of G-5 in dia.
Eight bars of 22 mm dia. S400

I 0-60m

B 4 Precast girder cross section and reinforcement
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B 5 Elevation of the girder and horizontal section
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Summary and conclusions

Karl - Heinz Reineck, Jodo F. Almeida, Manfred Miehlbradt

The primary aim of this Bulletin was to present examples where the application of
the design with strut-and-tie models is demonstrated as presented in the chapter 6.5 of
the FIP Recommendations 1996 “Practical Design of Structural Concrete*. These FIP
Recommendations 1996 are a revision of the edition from 1984, and are based on the
CEB-FIP Model Code 1990. However, some further developments were made, and this
especially refers to the full implementation of the design with strut-and-tie models into
the code structure.

The six examples in this Bulletin deal with structures taken from the practice of the
members of the Working Group, and they cover critical details of several bridges, of two
prestressed beams and even a concrete offshore platform. This Bulletin hopefully con-
vinces practising engineers from consultants, contractors and authorities to use of a con-
sistent design and detailing tool like the strut-and-tie-models.

In Example 1 the design of an anchor block of an externally prestressed bridge is
shown using strut-and-tie models three-dimensionally. This problem is still discussed by
researchers up to now, but using strut-and-tie models a satisfactory solution was found
by the designers for this critical and highly stressed D-region. Even furthermore, the
models triggered discussions on how this detail could possibly be improved in future
cases.

For example 2 two basic and common structural elements, i..e. D-regions, were cho-
sen from the Viaduct over the Ribeira de Grandola in the South Motorway A2 in Portu-
gal. They illustrate the use of the Recommendations for the design of a pier column
head and of a pylon cap. The beam-slab superstructure with two beams is supported by
pier cap in form a double corbel where prestressing tendons were placed near the upper
face of the corbel. For the pier column head the strut-and-tie models were presented for
the design for service loads and for the construction phase, where only prestressing is
applied. For the pile cap a 3-dimesnional strut-and-tie model was developed. For check-
ing the elements of the models, especially the struts and nodes, simple assumptions were
used. Although further considerations are still needed this example especially demon-
strates the potential of the strut-and-tie method proposed by FIP Recommendations to
design very complex D-regions.

The example 3 deals with the design of D-regions of a very complex concrete struc-
ture, the Vallhall Monotower Concrete Offshore Platform. The global FE analysis
served as the main basis for the design of the platform and provided the required input
for the design of the selected D-Regions, like the connection between the minicell and
the dome. It showed the need of carefully detailing the reinforcement, so that strength of
struts, nodes and anchorage of the reinforcing bars are guaranteed.

[fib Bulletin 16: Design Examples for the 1996 FIP Recommendations ‘Practical design of siructural concrete’ 191



Example 4 had the objective to compare the design models for a precast, preten-
sioned beam in combined action with in situ concrete using FIP-Recommendations and
other codes, such as Eurocode and Swedish code. The beam is a part of a floor of a ten-
nis hall in Stockholm. The design was performed for both SLS and ULS from load defi-
nition, check for bending and shear to checking reinforcement anchorage. This example
demonstrated that the FIP Recommendations could be applied to such a complicated
detail.

Example 5 described the design of a precast post-tensioned concrete I-beam of 40 m
span for the Sungai Terengganu bridge in Malaysia. Strut-and-tie models were devel-
oped to design and detail for different load cases the end support regions of the beams,
where the prestressing tendons are anchored .

Example 6 dealt with the design of concrete piers supporting a Viaduct over the Al-
berche river in Spain: The piers with a hollow cross section are up to 44.5 m high and
very slender. The example focuses on the buckling design of the pier using the FIP Rec-
ommendations in comparison to a non-linear analysis taking into account both material
and geometric non-linearity. It showed that the method proposed by FIP Recommenda-
tions is appropriate and thus practical for design of slender concrete columns subjected
to skew bending. It provides results on the safe side and is much simpler than the more
precise, but complicated non-linear method.

The further chapters 7 to 11 mainly deal with topics where FIP Recommendations
differ technically from the rules of MC 90 and give justifications for these changes and
present the background. This refers to the design of columns or the buckling design
dealt with in the chapters 7 and 8 and the shear design dealt with in chapters 10 and 11,
and the reasons for these changes and justifications have already been explained in the
introduction. The chapter 9 presents an example which is commonly also regarded as
shear design, which is the design of an interface between old and new concrete due to
the widening of an old arch bridge in southern Finland.

In concluding, the examples fully demonstrated that the modern concepts of the FIP

Recommendations 1996 “Practical Design of Structural Concrete enabled practising
engineers to solve quite complicated problems by using strut-and-tie models.
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Appendix

Corrections for the:
FIP Recommendations “’Practical Design of Structural Concrete”

SETO, London, 1999 (distributed by fib, Lausanne)
p. 51, Table 6.1, line 3:  read: yq = 1.50 (instead of 1.35)
p. 57, Eq. (6.15): read subscripts "S" forMand N (instead of "s")

p. 57, section 6.4.3.4 (1): add after Eq.(6.12) the following:
with: v, see section 6.4.3.1 (1) and (2)
by = web width, or b, acc. to section 5.3.5
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