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Introduction

1.1 GENERAL REMARKS

Steel and steel-concrete composite bridges are commonly used all over the
world, owing to the fact that they combine both magnificent aesthetic
appearance and efficient structural competence. Their construction in a
country not only resembles the vision and inspiration of their architects
but also represents the country’s existing development and dream of a better
future. Compared to traditional reinforced concrete (RC) bridges, steel
bridges offer many advantages, comprising high strength-to-self weight
ratio, speed of construction, flexibility of construction, flexibility to modity,
repair and recycle, durability, and artistic appearance. The high strength-to-
self weight ratio of steel bridges minimizes dead loads of the bridges, which is
particularly beneficial in poor ground conditions. Also, the high strength-to-
self weight ratio of steel bridges makes it easy to transport, handle, and erect
the bridge components. In addition, it facilitates very shallow construction
depths, which overcome problems with headroom and flood clearances, and
minimizes the length of approach ramps. Furthermore, high strength-to-self
weight ratio of steel bridges permits the erection of large components, and in
special circumstances, complete bridges may be installed in quite short
periods. The speed of construction of steel bridges is attributed to the fact
that most of the bridge components can be prefabricated and transported
to the construction field, which reduces working time in hostile environ-
ments. The speed of construction of steel bridges also reduces the durations
of road closures, which minimizes disruption around the area of construc-
tion. Flexibility of construction of steel bridges is attributed to the fact
that the bridges can be constructed and installed using different methods
and techniques. Installation may be conducted by cranes, launching,
slide-in techniques, or transporters. Steel bridges give contractors the flex-
ibility in terms of erection sequence and program. The bridge components
can be sized to suit access restrictions at the site, and once erected, the steel
girders provide a platform for subsequent operations. Flexibility to modity,
repair, and recycle steel bridges is a result of the ability to modify the current
status of the bridges such as widening the bridges to accommodate more
lanes of traffic. Also, steel bridges can be repaired or strengthened by adding

Finite Element Analysis and Design of Steel Copyright © 2014 Elsevier Inc.
and Steel-Concrete Composite Bridges All rights reserved. 1



2 Ehab Ellobody

steel plates or advanced composite laminates to carry more traffic loads. In
addition, if for any reason, such as end of their life of use or change of envi-
ronment around the area, steel bridges can be recycled. Steel bridges are
durable bridges, provided that they are well designed, properly maintained,
and carefully protected against corrosion. Finally, steel bridges can fit most of
the complex architecture designs, which in some cases are impossible to
accommodate using traditional RC bridges.

Highway bridges made of R C slabs on top of the steel beams can be effi-
ciently designed as composite bridges to get the most benefit from both the
steel beams and concrete slabs. Steel-concrete composite bridges offer addi-
tional advantages to the aforementioned advantages of steel bridges. Com-
pared to steel bridges, composite bridges provide higher strength, higher
stiffness, higher ductility, higher resistance to seismic loadings, full usage
of materials, and particularly higher fire resistance. However, these advan-
tages are maintained, provided that the steel beams and concrete slabs are
connected via shear connectors to transmit shear forces at the interface
between the two components. This will ensure that the two components
act together in resisting applied traffic loads on the bridges, which will result
in significant increases in the allowable vehicular weight limitations, ability
to transport heavy industrial and construction equipment, and possibility to
issue overload permits for specialized overweight and oversized vehicles.
One of the main advantages of having steel beams acting together with con-
crete slabs in composite bridges is that premature possible failures of the two
separate components are eliminated. For example, one of the primary modes
of failure for concrete bridges is cracking of the concrete slabs and beams in
tension, while for the steel bridges, the possible modes of failure are the for-
mation of plastic hinges and the buckling of webs or flanges. By having the
steel beams work together with the concrete slab, the whole slab will be
mainly subjected to compressive forces, which reduces the possibility of ten-
sile cracking. On the other hand, the presence of the concrete slab on top of
the steel beams eliminates the buckling of the top flange of the steel beams.
Efficient design of steel-concrete composite bridges can ensure that both the
steel beams and concrete slabs work together in resisting applied traffic loads
until failure occurs in both components, preferably at the same time, to get
the maximum benefit from both components.

Numerous books were found in the literature highlighting different
aspects of design for steel and steel-concrete composite bridges; for exam-
ples, see [1.1-1.11]. The books highlighted the problems associated with
the planning, design, inspection, construction, and maintenance of steel
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and steel-concrete composite bridges. Overall, the books discussed the basic
concepts and design approaches of the bridges, design loads on the bridges
from either natural or traffic-induced forces, and design of different compo-
nents of the bridges. On the other hand, numerous finite element books are
found in the literature; for examples, see [1.12—1.18], explaining finite ele-
ment method as a widely used numerical technique for solving problems in
engineering and mathematical physics. The books [1.12—1.18] were written
to provide basic learning tools for students mainly in civil and mechanical
engineering classes. The books [1.12—1.18] highlighted the general princi-
ples of finite element method and the application of this method to solve
practical problems. However, limited investigations, with examples detailed
in [1.19, 1.20], are found in the literature in which researchers used finite
element method in analyzing case studies related to steel and steel-concrete
composite bridges. Recently, with continuing developments of computers
and solving and modeling techniques, researchers started to detail the use of
finite element method to analyze steel and steel-concrete composite bridges,
with examples presented in [1.21, 1.22]. Also, extensive experimental and
numerical research papers were found in the literature highlighting finite
element analysis of steel and steel-concrete composite bridges, which will
be detailed in Section 1.3. However, up-to-date, there are no detailed books
found in the literature addressing both finite element analysis and design of
steel and steel-concrete composite bridges, which is credited to this book.
The current book will present, for the first time, explanation of the latest
finite element modeling approaches specifically as a complete piece work
on steel and steel-concrete composite bridges. This finite element modeling
of the bridges will be accompanied by design examples for steel and steel-
concrete composite bridges calculated using current codes of practice.
There are many problems and issues associated with finite element
modeling of steel and steel-concrete composite bridges in the literature that
students, researchers, designers, practitioners, and academics need to address.
Incorporating nonlinear material properties of the bridge components in
finite element analyses has expanded tremendously over the last decades.
In addition, computing techniques are now widely available to manipulate
complicated analyses involving material nonlinearities of the bridge compo-
nents. This book will highlight the latest techniques of modeling nonlinear
material properties of the bridge components. Also, simplified analytic solu-
tions were derived to predict the distribution of forces and stresses in difter-
ent bridge components based on many assumptions and limitations.
However, accurate analyses require knowledge of the actual distribution
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of forces and stresses in the component members, which is the target of the
nonlinear finite element modeling approach detailed in this book. In addi-
tion, in case of steel-concrete composite bridges, if the slab cracks under
heavy traffic loads or the steel beam yields or buckles, it becomes extremely
important to know the location of failure, the postfailure strength of the
component that has failed, and the manner in which the forces and stresses
will redistribute themselves owing to the failure. Once again, traditional
simplified analyses cannot account for these complex failure modes because
no interaction between bridge components was considered. The finite ele-
ment modeling approach aimed in this book will capture all possible failure
modes associated with steel-concrete composite bridges. It should also be
noted that while simplified design methods have been developed to predict
the ultimate capacity of steel bridges or their components, none of these
methods adequately predicts the structural response of the bridge in the
region between design load levels and ultimate capacity load levels. There-
fore, the proposed finite element modeling approach will reliably predict
both the elastic and inelastic responses of a bridge superstructure as well
as the structural response in the region between the design limit and the ulti-
mate capacity. Another complex issue is the slip at the steel-concrete inter-
face in composite bridges that occurs owing to the deformation of shear
connectors under heavy traffic loads. This parameter also cannot be consid-
ered using simplified design methods and can be accurately incorporated
using finite element modeling. The aforementioned issues are only examples
of the problems associated with modeling of steel and steel-concrete com-
posite bridges. Overall, this book provides a collective material, for the first
time, for the use of finite element method in understanding the actual
behavior and correct structural performance of steel and steel-concrete com-
posite bridges.

Full-scale tests on steel and steel-concrete composite bridges are quite
costly and time-consuming, which resulted in a scarce in test data for difter-
ent types of bridges. The dearth in the test data is also attributed to the con-
tinuing developments, over the last decades, in the cross sections of the
bridges and their components, material strengths of the bridge components,
and applied loads on the bridges. Therefore, design rules specified in current
codes of practice for steel and steel-concrete composite bridges are mainly
based on small-scale tests on the bridges and full-scale tests on the bridge
components. In addition, design rules specified in the American Specifica-
tions [1.23—1.25], British Standards [1.26], and Eurocode [1.27, 1.28] are
based on many assumptions, limitations, and empirical equations. An
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example of the shortcomings in current codes of practice for steel-concrete
composite bridges is that, up-to-date, there are no design provisions to
consider the actual load-slip characteristic curve of the shear connectors used
in the bridges, which results in partial degree of composite action behavior.
This book will detail, for the first time, how to consider the correct and
actual slip occurring at the steel-concrete interface in composite bridges
through finite element modeling. This book will highlight the latest numer-
ical investigations performed in the literature to generate more data, fill in
the gaps, and compensate the lack of data for steel and steel-concrete com-
posite bridges. This book also highlights the use of finite element modeling
to improve and propose more accurate design guides for steel and steel-
concrete composite bridges, which are rarely found in the literature. In addi-
tion, this book contains examples for finite element models developed for
different steel and steel-concrete composite bridges as well as worked design
examples for the bridges. The author hopes that this book will provide the
necessary materials for all interested researchers in the field of steel and steel-
concrete composite bridges. Furthermore, the book can also act as a useful
teaching tool and help beginners in the field of finite element analysis and
design of steel and steel-concrete composite bridges. The book can provide
arobust approach for finite element analysis of steel and steel-concrete com-
posite bridges that can be understood by undergraduate and postgraduate
students.

The book consists of seven well-designed chapters covering necessary
topics related to finite element analysis and design of steel and steel-concrete
composite bridges. This chapter provides a general background for the types
of steel and steel-composite bridge and explains the classification of bridges.
The chapter also presents a brief review for the components of the bridges
and how the loads are transmitted by the bridge to the ground. The chapter
also gives an up-to-date review for the latest available investigations carried
out on steel and steel-concrete composite bridges. The chapter focuses on
main issues and problems associated with the bridges and how they are han-
dled in the literature. The chapter also introduces the role of finite element
modeling to provide a better understanding of the behavior of bridges.
Finally, this chapter highlights the main current codes of practice used for
designing steel and steel-concrete composite bridges.

Chapter 2 focuses on the nonlinear material behavior of the main com-
ponents of steel and steel-concrete composite bridges comprising steel, con-
crete, reinforcement bars, shear connectors, etc. The chapter presents the
stress-strain curves of the different materials used in the bridges and defines
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the important parameters that must be measured experimentally and incor-
porated in the finite element modeling. The definitions of yield stresses, ulti-
mate stresses, maximum strains at failure, initial stiffness, and proportional
limit stresses are presented in the chapter. The chapter enables beginners
to understand the fundamental behavior of the materials in order to correctly
insert them in the finite element analyses. Covering the behavior of shear
connectors in this chapter is important to understand how the shear forces
are transmitted at the steel-concrete slab interfaces in composite bridges. In
addition, the chapter presents how the different materials are treated in cur-
rent codes of practice.

Chapter 3 presents the different loads acting on steel and steel-concrete
composite bridges and the stability of the bridges when subjected to these
loads. The chapter starts by showing the dead loads of steel and steel-
concrete composite bridges that are initially estimated for the design of brid-
ges. Then, the chapter moves to explain how the live loads from traffic were
calculated. After that, the chapter presents the calculation of wind loads on
the bridges and highlights different other loads that may act on the bridges
such as centrifugal forces, seismic loading, and temperature effects. When
highlighting the loads in this chapter, it is aimed to explain both of the loads
acting on railway and highway bridges. The calculations of the loads are
based on the standard loads specified in current codes of practice. In addi-
tion, the chapter also presents, as examples, the main issues related to the
stability of steel and steel-concrete composite plate girder and truss bridges,
which enable readers to understand the stability of any other type of bridges.

Chapter 4 presents detailed design examples of the components of steel
and steel-concrete composite bridges. The design examples are calculated
based on current codes of practice. The design examples are shown for
the stringers (longitudinal beams of the bridges), cross girders, plate girders,
trusses, bracing systems, bearings, and other secondary members of the brid-
ges. Also, design examples are presented for steel-concrete composite brid-
ges. It should be noted that the aim of this book is to provide all the necessary
information and background related to the design of different bridges using
different codes of practice. Therefore, the design examples presented are
hand calculations performed by the author. The chapter explains how the
cross sections are initially assumed, how the straining actions are calculated,
and how the stresses are checked and assessed against current codes of
practice.

Chapter 5 focuses on finite element analysis of steel and steel-concrete
composite bridges. The chapter presents the more commonly used finite
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elements in bridges and the choice of correct finite element types and mesh
size that can accurately simulate the complicated behavior of the different
components of steel and steel-concrete composite bridges. The chapter
highlights the linear and nonlinear analyses required to study the stability
of the bridges and bridge components. Also, the chapter details how the
nonlinear material behavior can be efficiently modeled and incorporated
in the finite element analyses. In addition, Chapter 5 details modeling of
shear connection for steel-concrete composite bridges. Furthermore, the
chapter presents the application of different loads and boundary conditions
on the bridges. The chapter focuses on the finite element modeling using
any software or finite element package, for example, in this book, the use
of ABAQUIS [1.29] software in finite element modeling.

Chapters 6 and 7 present illustrative examples of finite element models
developed to understand the structural behavior of steel and steel-concrete
composite bridges, respectively. The chapters start with a brief introduction
of the presented examples as well as a detailed review of previous investiga-
tions related to the presented examples. The chapters detail how the models
were developed and the results obtained. The presented examples show the
effectiveness of finite element models in providing detailed data that com-
plement experimental data in the field. The results are discussed to show the
significance of the finite element models in predicting the structural response
of the different bridges investigated. Overall, they aim to show that finite
element analysis not only can assess the accuracy of the design rules specified
in current codes of practice but also can improve and propose more accurate
design rules. Once again, it should be noted that in order to cover all the
latest information regarding the finite element modeling of different bridges,
the presented finite element models are developed by the author as well as by
other researchers and previously reported in the literature.

1.2 TYPES OF STEEL AND STEEL-CONCRETE COMPOSITE
BRIDGES

Steel bridges can be classified according to the type of traffic carried to
mainly highway (roadway) bridges, which carry cars, trucks, motorbikes,
etc. with an example shown in Figure 1.1; railway bridges, which carry
trains, with an example shown in Figure 1.2; or combined highway-railway brid-
ges, which carry combinations of the aforementioned traffic as shown in
Figure 1.3. There are also steel bridges carrying pipelines (Figure 1.4), cranes
(Figure 1.5), and pedestrian bridges (Figure 1.6), which are also secondary
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Figure 1.1 A highway arch steel bridge (bikethehoan.com).

Figure 1.3 A combined highway-railway truss steel bridge (chinatravelguide.com).
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Figure 1.4 An arch steel bridge carrying pipelines (civilenginphotos.blogspot.com).

Figure 1.5 A crane truss steel bridge (paperstreet.iobb.net).

Figure 1.6 A pedestrian arch steel bridge (photos.uc.wisc.edu).

types of this classification. Railway bridges may be constructed such that the
rails rest on sleepers, which rest on the longitudinal beams of the bridge. In
this case, the bridges are called open-timber floor railway bridge and commonly
used outside towns as shown in Figure 1.7. Alternatively, railway bridges
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Figure 1.8 A ballasted floor bridge (hothamvalleyrailway.com).

may be constructed such that the rails rest on sleepers, which rest on compact
aggregates confined by a RC box transmitting the load straightaway to the
main structural system. In this case, the bridges are called ballasted floor railway
bridges and commonly used in towns as shown in Figure 1.8. Railway bridges
with no concrete slabs on top of the carrying steel beams are called railway
steel bridges (Figure 1.2). On the other hand, highway bridges constructed
such that the concrete slabs are connected to the steel beams underneath
via shear connectors ensuring that the two components act together in resist-
ing traffic loads are called highway steel-concrete composite bridges as shown in
Figure 1.9. Figure 1.9 shows a steel-concrete box girder composite bridge
under construction where headed stud shear connectors are used to connect
both the concrete slab and the steel box girder section.

Steel and steel-concrete composite bridges (highway or railway) can be
classified according to the type of the main structural system considered in
the design of the bridges to plate girder bridges, box girder bridges, rigid-frame
bridges, truss bridges, arch bridges, cable-stayed bridges, suspension bridges, and
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Figure 1.9 A steel-concrete composite box girder bridge under construction (mto.gov.
on.ca).

orthotropic floor bridges. Plate girder bridges are the bridges having their main
carrying structural system made of plate I-shaped girders, which are suitable
for simply supported spans up to 40 m. For normal bridge cross-section
widths (less than or equal 10 m), twin plate girder bridges may be used.
Otherwise, multiple plate girders can be used as main structural systems
transmitting different loads to foundations, as shown in Figure 1.10. Box
girder bridges (see Figure 1.11) are the bridges having their main structural
system made of box-shaped girders, which are suitable for continuous spans
up to 300 m. Rigid frame bridges (see Figure 1.12) are the bridges having
their main structural system made of rigid frames, which are suitable for
continuous spans up to 200 m. Truss bridges (see Figure 1.3) are the bridges
having their main structural system made of trusses, which are suitable for
simple and continuous spans from 40 to 400 m. Arch bridges (see Figures 1.1,
1.2, 1.4, and 1.6) are the bridges having their main structural system made of
arches, which are suitable for simple and continuous spans from 200 to
500 m. Cable-stayed bridges (see Figure 1.13) are the bridges having
their main structural system made of cables hung from one or more towers,
which are economical when the spans are in the range of 200 to 800 m.
Suspension bridges (see Figure 1.14) are the bridges having their main
structural system made of decks suspended by cables stretched over the
bridge span, anchored to the ground at two ends, and passed over towers
at or near the edges of the bridge, which are, similar to cable-stayed bridges,
economical when the spans are in the range of 200 to 1000 m. Finally,
orthotropic floor bridges (see Figure 1.15) are the bridges having their main
structural system made of structural steel deck plate stiffened either
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Figure 1.11 A box girder bridge (alviassociates.com).

Figure 1.12 A rigid-frame bridge (en.structurae.de).
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Figure 1.13 A cable-stayed bridge (bridgemeister.com).

Figure 1.14 A suspension bridge (ikbrunel.org.uk).

longitudinally or transversely, or in both directions. The orthotropic deck
may be supported straightaway on the main structural system such as plate
girder and truss or supported on a cross girder transmitting the load to the
main structural system.

Steel and steel-concrete composite bridges can also be classified accord-
ing to the position of the carriageway relative to the main structural system
to deck bridges, through bridge, semi-through bridge, and pony bridge. Deck bridges
are the bridges having their carriageway (highway or railway) resting on top
of the main structural system as shown in Figures 1.1 and 1.2 and the high-
way bridge in Figure 1.3. Through bridges are the bridges having their car-
riageway resting on the bottom level of the main structural system and the
top level of the main structural system is above the carriage as shown for the
railway bridge in Figure 1.3. In this case, a top-bracing system can be
installed at the top level of the main structural system. Semi-through bridges


http://bridgemeister.com
http://ikbrunel.org.uk

14 Ehab Ellobody

Figure 1.15 An orthotropic steel floor truss bridge (steelconstruction.info).

Figure 1.16 A semi-through truss bridge under construction (steel-trussbridge.com).

are the bridges having their carriageway resting between the bottom and top
levels of the main structural system and the top level of the main structural
system is below the carriage, with an example shown in Figure 1.16. In this
case, a top-bracing system cannot be installed at the top level of the main
structural system. Finally, pony bridges are semi-through bridges having
their carriageway resting on the bottom level of the main structural system
and the top level of the main structural system is below the carriage as shown
in Figure 1.17. In this case, similar to semi-through bridges, a top-bracing
system cannot be installed at the top level of the main structural system. It
should be noted that most of modern bridges are fabricated in workshops
and transferred to the construction field. Also, most of modern bridges
are fabricated such that the main structural system components are
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Figure 1.18 An old-fashioned riveted truss bridge (pbase.com).

connected by welding to replace the old-fashioned riveted bridge shown in
Figure 1.18. However, in case of continuous bridges and long-span bridges,
it is more convenient to divide the bridge into separate welded parts that are
connected to the construction field by bolted connections.

Let us now look in more detail to the structural components of a tra-
ditional railway bridge. Figure 1.19 shows the general layout of a double-
track open-timber floor plate girder railway steel bridge. A train track of
this railway bridge consists of a pair of rails resting on timber sleepers.
For a single track, the sleepers are supported by two longitudinal steel
beams known as stringers. The stringers are spaced at specified distances
(as), given by the national code of practice in the country of construction,
depending on the spacing between rails and the spacing between center-
lines of trains (a5), in case of more than a single track. The stringers are
supported on cross steel beams known as cross girders. The cross girders
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Figure 1.19 General layout of a double-track open-timber floor plate girder railway
steel bridge.

are supported by two, in this case of bridges (Figure 1.19), longitudinal
main steel beams known as main plate girders, which are the main structural
system for this type of bridges. The main plate girders are supported on
supports called “bearings” such as the hinged and roller bearings shown in
Figure 1.19, which rest on foundations or piers, in case bridges are con-
structed over obstacles such as rivers, roads, and seas. The main girders
are spaced at a distance (B), which is the width of the bridge. The moving
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train loads are transmitted from the rails to the sleepers, from the sleepers to
the stringers, from the stringers to the cross girders, from the cross girders
to main plate girders, from the main plate girders to the bearings, from the
bearings to the foundations or piers, and finally from foundations or piers
to the ground. Wind and lateral loads acting on the bridge can be transmit-
ted by systems of horizontal (upper and lower wind bracings) and vertical (cross
wind bracings) bracing systems, which carry out wind loads safely to the
bearings. Also, the stringers can be attached to horizontal systems of brac-
ings called stringer bracing or lateral shock (nosing force) bracing, which transmit
lateral shock (nosing) forces resulting from the moving train safely to cross
girders where it causes additional small axial force on the cross girders. The
web of the main I-shaped plate girder bridge is very sensitive to buckling
since it has a thin thickness compared to its depth. Therefore, the web of
the plate girder is strengthened by vertical and horizontal stiffeners. The
spacing between the vertical stiffeners should be reasonably assumed
(1.5-2 m) not to increase the thickness of the web. Hence, the spacing
between cross girders (a) is dependent on the number of vertical stiffeners
used between two adjacent cross girders. Finally, the length of the bridge
(L) is equal to the number of (a).

The structural components of a traditional highway bridge can be
reviewed as shown in Figure 1.20. The figure shows the general layout of
a through truss highway steel bridge. The bridge has a RC floor supported
by a number of stringers. The stringers are spaced at designed distances (as)
reasonably assumed between 2 and 3 m. Similar to railway bridges, the
stringers of this type of bridges are supported by cross girders. The cross
girders are supported by two longitudinal trusses, which are the main struc-
tural system for this type of bridges. The main trusses are supported on
hinged and roller bearings, which rest on foundations or piers. The truck
and car loads are transmitted from the RC floor to the stringers, from the
stringers to the cross girders, from the cross girders to the main trusses, from
the main trusses to the bearings, from the bearings to the foundations or
piers, and finally from the foundations or piers to the ground. Wind loads
acting on the bridge can be transmitted by systems of horizontal upper, since
this bridge is a through bridge with enough height to contain traffic in addi-
tion to overhead clearance, and end portal frames, since cross bracing
will close the bridges, which carry out wind loads safely to the bearings.
The bracing systems are also important to define the buckling lengths of
compression members of the main trusses. However, the stringers do not
need a bracing since the RC concrete floor takes care of any lateral and
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Figure 1.20 General layout of a through truss highway steel bridge.

longitudinal loads associated with moving traffic. Cross girders must be

aligned with vertical members to avoid adding bending moments to truss

members. Hence, the spacing between cross girders (a) is the spacing

between vertical truss members. The spacing between vertical truss mem-

bers is dependent on the angle of inclined truss members, which is defined
by the height of the vertical members (/) that is dependent on the length of
the bridge (L). The length of the bridge (L) is equal to the number of spacing
between cross girders or vertical truss members (a).

Let us now look at the structural components and general layout of a

steel-concrete composite highway bridge shown in Figure 1.21. The bridge

has a RC floor supported by a number of main I-shaped plate girders.
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Figure 1.21 General layout of a highway steel-concrete composite bridge.

Headed stud shear connectors were used to transmit shear forces at the steel-
concrete interface and to ensure that both components work together in
resisting applied traffic loads. The main plate girders are supported on hinged
and roller bearings, which rest on foundations or piers. The traffic loads are
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carried out by the composite action between the steel plate girders and the
R C concrete floor transmitting the loads to the hinged and roller bearings
attached to the steel plate girders. Wind loads acting on the bridge can be
transmitted by lower bracing systems and cross bracings. However, systems
without upper bracing are used since the RC concrete floor carries out all
lateral and longitudinal loads associated with moving traffic. It should be
noted that for this continuous-span steel-concrete composite plate girder
bridge, there are sagging and hogging bending moments. The composite
action relies on that the concrete slab must be in the compression zone.
Therefore, parts of the composite plate girder where the concrete slab is
in the tension zone are designed without considering the composite action
between the steel plate girder and the concrete slab.

1.3 LITERATURE REVIEW OF STEEL AND STEEL-CONCRETE
COMPOSITE BRIDGES

1.3.1 General Remarks

Steel and steel-concrete composite bridges have been the subject of exten-
sive investigations, reported in the literature, highlighting the design and
structural behavior of the bridges. The investigations were mainly research
papers presenting small-scale laboratory tests on the bridges and their com-
ponents, limited full-scale tests on the bridge components, and numerous
numerical and analytic investigations of the bridges and their components.
The investigations covered different types of bridges subjected to different
loads and designed according to rules specified in current codes of practice.
The main objective of the investigations was to satisfy safety and serviceabil-
ity requirements imposed by current design codes of practice as well as to
fulfill other requirements set by the public such as cost, self~weight, and aes-
thetic appearance. However, the investigations were hindered by the high-
cost and time-consuming full-scale tests on this form of construction.
Numerous books were found in the literature, with examples given in
[1.1-1.11], addressing different parameters related to the design, construc-
tion, inspection, and maintenance of the bridges. The aforementioned
books contained literature reviews and historical developments of steel
and steel-concrete composite girders. These reviews will not be repeated
in this study since the main objective of this book is to present the latest
and current investigations related to the design and finite element modeling
of the bridges investigated. This section presents recent experimental and
numerical investigations on the bridges and their components. The author
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aims that the presented material can update the information related to
steel and steel-concrete composite bridges and act as basis for future
investigations.

1.3.2 Recent Investigations on Steel Bridges

Curved steel I-shaped plate girder bridges have been the subject of exper-
imental and analytic studies presented by Zureick et al. [1.30]. The authors
have shown that due to the need to augment traftic capacity in urban high-
ways and the constraints of existing constructions, there has been a steady
increase in the use of curved bridges. This is attributed to the advantages
of curved steel girders comprising simplicity of fabrication and construction,
speed of erection, and serviceability performance. The study [1.30]
described a full-scale experimental and analytic program to develop new
design guidelines for horizontally curved steel bridges. The authors have
shown that although horizontally curved steel bridges constitute around
one-third of all steel bridges being erected today, their structural behavior
is not fully understood. The study was divided into six stages starting with
a review of previous research and followed by an investigation of construc-
tion issues, determination of straining actions, connection details, service-
ability considerations, and determination of the levels of analysis required
for horizontally curved girders. Based on, mainly, the comprehensive bib-
liography on curved steel girders, containing over 200 references, presented
by McManus ef al. [1.31], the state-of-the-art review performed by the
ASCE-AASHTO Committee on Flexural Members [1.32] and the book
published by Nakai and Yoo [1.33], the authors have performed an exten-
sive literature review comprising around 900 references reported in [1.34],
which showed that approximate analytic methods for curved steel I-shaped
plate girder bridges have shortcomings since they do not consider the
bracing effect in the plane of the bottom flange and their reliability depends
on the selection of the proper live-load distribution factors. Thus, approx-
imate methods are only recommended for preliminary analyses. Also, the
authors [1.30] concluded that compared to different analytic methods
(finite strip, finite difference, closed-form solutions to differential equations,
and slope-deflection method), the finite element method can act as a gen-
eral and comprehensive technique to perform static/dynamic and elastic/
inelastic analyses with different mechanical and thermal loadings. The other
analytic methods can be as good as the finite element method but are limited
to certain configurations and boundary conditions. In addition, the authors
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concluded that the geometrically and/or materially nonlinear behavior of
horizontally curved ridges was not fully understood. The study has also out-
lined the shortcomings in the previously published experimental investiga-
tions comprising stability issues related to curved box and I-girder bridges
during construction; effects of ties, bracing, and web stifteners on the distor-
tional behavior of the bridges during construction; field experimental pro-
grams to measure internal forces and deformations in the main girders and
the bracing during construction; experiments demonstrating local and
lateral-torsional buckling; experiments demonstrating the limit states in a
transversely and/or longitudinally stiffened web; experiments addressing
the effective width of the concrete slab in both curved box and I-girders;
and cost-effective construction methods and erection guidelines that incor-
porate the experience of steel fabricators and erectors.

Padgett and DesRoches [1.35] performed a nonlinear 3D time history
analysis for typical multispan simply supported and multispan continuous
steel girder bridges to evaluate the effectiveness of various retrofit strategies.
The influence of using restrainer cables, steel jackets, shear keys, and elasto-
meric isolation bearings on the variability and peak longitudinal and trans-
verse responses of critical components in the bridges was investigated by the
authors. The authors concluded that different retrofit measures may be more
effective for each class of bridges. The restrainer cables are effective for the
multispan simply supported bridge, shear keys improve the transverse bear-
ing response in the multispan continuous bridge, and elastomeric bearings
improve the response of the vulnerable columns in both bridges. The study
[1.35] has also shown that while a retrofit may have a positive influence on
the targeted component, other critical components may be unaffected or
negatively impacted. Shoukry ef al. [1.36] investigated the long-term
sensor-based monitoring of the Star City Bridge in Morgantown, WV,
USA, which was a steel girder bridge designed according to Load and Resis-
tance Factor Design (LRFD) of the American Association of State Highway
and Transportation Officials (AASHTO) [1.37]. The bridge had a length of
306 m over four spans. Overall, the study aimed to demonstrate the long-
term performance of existing lightweight bridge decks. The bridge was
heavily instrumented with over 700 sensors that recorded the response of
the main superstructure elements to various loading parameters. The authors
have recorded data to monitor and evaluate the performance of the bridge
since construction over a 4-year period. The authors have shown that the
expansion and contraction of the superstructure at one end contributed
to the relief of environmentally induced internal stresses in the longitudinal
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direction. It was also found that bearing movement constraints on the other
end introduced normal forces in the steel girders that were not considered in
deck designs. In addition, the study has shown that a nonlinear gradient
across the bridge width was developed, which resulted in additional stresses
found on diaphragm members at the outside girders.

Cheng and Li [1.38] performed a reliability analysis for a long-span steel
arch bridge against wind-induced stability failure during construction. An
algorithm was developed based on stochastic finite element method to eval-
uate the reliability analysis. The study has incorporated uncertainties in static
wind load-related parameters. The proposed algorithm integrated the finite
element method and the first-order reliability method. The authors per-
formed the analysis as an example on a long-span steel arch bridge with a
main span length of 550 m built in China. The reliability analysis was per-
formed in two different construction stages. The first construction stage
involved the construction process before closure of main arch ribs. On
the other hand, in the second construction stage, all the remaining parts
of the bridge have been completed except the stiffening girder of the main
span. Three components of wind loads (drag force, lift force, and pitch
moment) acting on both steel girder and arch ribs were considered in the
study [1.38]. The authors have concluded that the steel arch bridge during
the second construction stage was more vulnerable to wind-induced stability
failure than that during the first construction stage. The authors have per-
formed a parametric study to investigate the effects of the variations of wind
speed with height, drag force of wind loads, design wind speed at the bridge
site, and static aerodynamic coefficients on the probability of wind-induced
stability failure during the construction stages for the steel arch bridge. Yoo
and Choi [1.39] proposed an iterative system buckling analysis to determine
the effective lengths of girder and tower members of cable-stayed bridges.
The proposed technique included a fictitious axial force that was added
to the axial force of each member in the geometric stiffness matrix to rep-
resent an additional force for the individual buckling limit of the member.
The proposed method was initially used to analyze a three-story plane frame
under two different load cases. After that, it was applied to cable-stayed
bridge examples with several center span lengths and girder depths. The
effective lengths of the individual members in these example bridges were
computed using the proposed method and compared with those found using
system buckling analysis. The study has shown that the critical load expres-
sion in combination with system buckling analysis yields excessively large
effective length for members subjected to small axial forces. Also, it was
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shown that the proposed method reasonably estimated the individual
buckling limit of each member by introducing a fictitious axial force in
the geometric stiffness matrix during the iterative system buckling analysis.

The optimum design of steel truss arch bridges was investigated by
Cheng [1.40] using a hybrid genetic algorithm. In the study, the weight
of the steel truss arch bridge was used as the objective function, and the
design criteria of strength (stress) and serviceability (deflection) were used
as the constraint conditions. All design variables were treated as continu-
ous/discrete variables. The author considered different methods, analysis
types, and formulations and their effects on the final designs were studied.
It was shown that the proposed algorithm integrated the concepts of the
genetic algorithm and the finite element method. Also, the proposed algo-
rithm was compared with the first-order method and proved to perform bet-
ter than the first-order method. In addition, it was concluded that when the
proposed optimum design was used for a steel truss arch bridge, the weights
can be considerably reduced compared with those of the traditional design.
Finally, it was concluded that the geometric nonlinearity is not significant for
the investigated application. Hamidi and Danshjoo [1.41] studied the eftects
of various parameters comprising velocity, train axle distance, the number of
axles, and span lengths on dynamic responses of railway steel bridges and
impact factor values. The study replaced the traditional method specified
in current codes of practice, which considered traftic load as a static load
increased by an impact factor. In the traditional methods, impact factor
was represented as a function of bridge length or the first vibration frequency
of the bridge. The authors investigated dynamic responses and impact factors
for four bridges with 10, 15, 20, and 25 m lengths under trains with 100-
400 km/h velocity and axle distances between 13 and 24 m. It was shown
that, in most cases, the calculated impact factor values are higher than those
recommended by the relevant codes. It was also shown that the train velocity
affected the impact factor, so that the value of impact factor has risen con-
siderably with the train velocity. In addition, it was shown that the ratio of
train axle distance to the bridge span length affects the impact factor value
such that the impact factor value varies for the ratio below and above unity.
Finally, it was concluded that the train number of axles only affected the
impact factor under resonance conditions. The authors have proposed some
relations for the impact factor considering train velocity, train axle distance,
and the bridge length.

The performance of high-strength bolted friction grip joints com-
monly used in steel bridges was investigated by Huang et al. [1.42]. The
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experimental and numerical study aimed to study the mechanical behavior
including load-slip relationship, load transfer factors, stress state, and friction
stress distribution of this type of joints. The study has shown that the loads
resisted by bolts in the edge rows are larger than the loads resisted by bolts in
the middle rows. It was also shown that the stress distributions in the con-
nected plate and cover plate were wavelike with large stress. The authors
concluded that the numerical simulation method of the HSFG joints is
recommended for connection design. Guo and Chen [1.43] discussed the
field stress and displacement measurements in controlled load tests and
long-term monitoring of retrofitted steel bridge details. The retrofitted
details were used to alleviate the cracking problems of the existing steel
bridge. The authors compared the displacements of the retrofitted details
with that of the nonretrofitted details. Based on the field-monitored data
and the AASHTO specifications, a time-dependent fatigue reliability assess-
ment was performed. The effective stress ranges derived from daily stress
range histograms and lognormal probability density functions were used
to model the uncertainties in the effective stress range. The study has shown
that the stress ranges in the instrumented details were below the correspond-
ing constant amplitude fatigue limits. It was concluded that the study can
provide references to bridges with similar fatigue cracking problems. Kim
et al. [1.44] investigated experimentally structural details of steel girder-
abutment joints in integral bridges. Integral bridges are the bridges that
maintain the rigid behavior of their joints. The study proposed structural
details of girder-abutment joints in integral steel bridges to enhance rigid
behavior, load-resisting, and crack-resisting capacity. The authors suggested
various joints that apply shear connectors to existing empirically constructed
girder-abutment joints. The performance of the proposed steel girder-
abutment joints was observed through experimental loading tests. The study
also performed nonlinear finite element analyses, which applied contact
interaction of the interface at the steel-concrete composite joints. It was
shown that all joints investigated had sufficient rigidity and crack-resisting
capacity. It was also concluded that the proposed joints had good structural
performance.

Miyachi et al. [1.45] investigated progressive collapse of three continuous
steel truss bridge models with a total length of 230.0 m using large deforma-
tion and elastoplastic analysis. The study aimed to clarify how the live-load
intensity and distribution affected the ultimate strength and ductility of two
steel truss bridge models having different span ratios. Sizes and steel grades of
the truss members were determined such that they were within the allowable
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stress for the design dead and live loads. After the design load was applied, the
live load was increased until the bridge model collapses. It was shown that the
collapse process differed depending on live-load distribution and span length
ratio. It was concluded that the investigation clarified the collapse process,
buckling strength, and influences of live-load distribution and the span ratio
on the investigated steel truss bridges. Ye ef al. [1.46] carried out an exper-
imental investigation to determine the stress concentration factor and its sto-
chastic characteristics for a typical welded steel bridge T-joint. The study
reported a test on a full-scale segment model, which had the same profile
as an existing railway beam section of the suspension Tsing Ma Bridge.
The test had also the geometric dimension and material property as well
as weld details. Strain gauges were fitted on the web and flanges and the
hot spot strain at the weld toe is determined by a linear regression method.
The stress concentration factor was calculated as the ratio between the hot
spot strain and the nominal strain. The tests were carried out under different
moving load conditions. It was shown that the stress concentration factor for
the welded steel bridge T-joint conformed to a normal distribution.

A current research topic on steel bridges is the investigation of the struc-
tural behavior of the bridges under difterent fire conditions. Zaforteza and
Garlock [1.47] investigated numerically the fire response of steel girder brid-
ges by developing a 3D numerical model for a typical bridge of 12.20 m span
length. A parametric study was performed considering different axial
restraints of the bridge deck, different types of structural steel for the girders,
different constitutive models for carbon steel, different live loads, and differ-
ent fire loads. The numerical study showed that restraint to deck expansion
coming from an adjacent span or abutment should be considered in numer-
ical models. Also, times to collapse were very small when the bridge girders
are built with carbon steel (between 8.5 and 18 min), but they can almost
double if stainless steel is used for the girders. The authors recommended
that stainless steel be used as a construction material for girder bridges in a
high fire-risk situation. It was also concluded that the methodology devel-
oped in the study and the results obtained can be useful for researchers and
practitioners interested in developing and applying a performance-based
approach for the design of bridges against fire.

Structural health monitoring of steel bridges is a recent research topic for
evaluating bridge condition and safety. Measured strain data from a structural
health monitoring system can be used to assess the status of fatigue of steel
bridges, which is a common form of damage in this form of construction.
Ye et al. [1.48] proposed a standard daily stress spectrum method for fatigue
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life assessment of steel bridges using structural health monitoring data. The
authors applied the proposed method to assess the fatigue status of critical
welded details on the instrumented Tsing Ma Bridge carrying both highway
and railway traffic. It was shown that the proposed method makes it conve-
nient to simultaneously consider the eftects of difterent loads (highway traf-
fic, railway traffic, monsoon, and typhoon) with the use of a single standard
stress spectrum. It was shown that, in applying the proposed method, it was
unnecessary to separate the temperature-induced ingredient and slow-
varying drift from the raw measurement data. The authors concluded that
a standard daily stress spectrum accounting for highway traffic, railway traf-
fic, and typhoon effects can be formulated from the long-term monitoring
data by combining the standard traffic-stress spectrum and standard
typhoon-stress spectrum proportionally. It was also concluded that, for
the Tsing Ma Bridge, the predicted fatigue life was varying slightly when
using more than 10 daily strain data and keeps almost the same when using
more than 20 daily strain data. In addition, it was concluded that the pro-
posed method provided a feasible approach for fatigue life assessment of
welded details on steel bridges by using field monitoring data from a struc-
tural health monitoring system. Investigating the mechanical properties of
new materials used in steel bridges is also a current research area. Mo
et al. [1.49] investigated the mechanical properties of thin epoxy polymer
overlay materials upon steel bridge decks. Overall, the authors highlighted
the epoxy binder-steel bonding behavior, dynamic response of epoxy
binder, and response and fatigue behavior of epoxy polymer concrete.
The test data obtained indicated that epoxy binder-steel bonding exhibited
a strong temperature dependency. Also, fatigue models on epoxy binder-
steel bonding and epoxy polymer concrete were developed using the
power-law equation. It was shown that response models for epoxy binder
and their concrete can be properly established. The developed material
response models can be served for finite element simulations on thin epoxy
polymer concrete overlay upon steel bridge decks.

Proposing approximate methods for estimating collapse loads of steel
bridges with complex geometry is a current research area. Although non-
linear inelastic analysis is commonly used to determine the collapse loads
of these bridges and accounts for all geometric and material nonlinear aspects
of the bridge system, approximate methods can be useful in the preliminary
design stages. Yoo et al. [1.50] proposed a simple alternative for complex
nonlinear inelastic analysis to estimate the collapse load of a steel cable-stayed
bridge. The fundamental theories of nonlinear inelastic analysis and inelastic
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buckling analysis were briefly reviewed. The authors proposed a new
criterion for a beam-column member based on the axial-flexural interaction
equation in combination with the classical tangent modulus theory and the
column-strength curve. The study has shown that the proposed criterion for
a beam-column is appropriate to determine the collapse loads of steel cable-
stayed bridges. It was also concluded that the inelastic buckling analysis using
the proposed criterion for a beam-column can substitute complex nonlinear
inelastic analysis in estimating the collapse load of a steel cable-stayed bridge.
Shifferaw and Fanous [1.51] investigated fatigue-crack formation in the
web-gap region of multigirder steel bridges. The authors have shown that
the region has been a common occurrence of fatigue-crack formation
due to differential deflections between girders resulting in diaphragm forces
that subject the web-gap to out-of-plane distortion. The study investigated
the behavior of web-gap distortion of a skewed multigirder steel bridge
through field testing and finite element analyses. The study also investigated
different retrofit methods that include the provision of a connection plate
between the stiffener and the girder top flange, loosening of the bolts con-
necting the cross bracing to the stiffener, and supplementing a stiffener plate
opposite to the original stiffener side. The study has shown that the connec-
tion plate addition and loosening of bolts alternatives were effective in
reducing induced strains and stresses in the web-gap region. An inverse rela-
tionship between web-gap height and induced strains and stresses with the
shortest web-gap height resulting in the highest strains due to increased
bending by diaphragm forces in the web was also shown. The authors
concluded that expressions developed to relate vertical stresses and relative
out-of-plane displacements combined with measurements of out-of-plane
displacements by transducers can be utilized for prediction of induced stres-
ses at other critical web-gap regions of the bridge and at critical locations in
the web gaps of similar bridges.

Postrehabilitation assessment of existing bridges is a current research
topic. Cavadas et al. [1.52] presented the postrehabilitation assessment of
the Eiftel Bridge, which is a centenary double-deck bridge located in
Portugal. Recently, the bridge was rehabilitated involving the replacement
of the top deck, the strengthening of the top chords, and the replacement of
the support bearings. After the rehabilitation, a load test and an environmen-
tal test were carried out in order to analyze the bridge behavior and the
live-load distribution for the new structural conditions, to evaluate the effec-
tiveness of the chords’ strengthening, and to establish the new baseline con-
dition for future structural assessments. The field results were augmented by
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an appropriate numerical model of the bridge. The authors concluded that
the deflection of the main girder chords results from the overlapping of both
global and local behaviors. Also, the rotations do not reproduce the global
behavior of the structure. Therefore, the fundamentals about rotations in a
beam and the derived methods to estimate the bridge deflection using rota-
tions are not applicable to this structure. In addition, the external prestress
system has a significant influence on the response of the structure to the tem-
perature changes. Furthermore, observing the effectiveness of the top
chords’ strengthening, the internal forces estimated using a multiple linear
regression model agree well with the internal forces obtained with the
numerical model. Overall, it was concluded that the study provided valuable
information regarding the installation of a permanent monitoring system for
the surveillance of the bridge.

The effect of local damage on the behavior of steel bridges is also a current
research area. Brunell and Kim [1.53] investigated the effects of local damage
in steel trusses on the overall behavior of the bridge. The study comprised a
combined experimental and numerical investigation. The experimental
results of a scaled model bridge were used to validate the developed numer-
ical model. The numerical model was used to perform analyses investigating
the relationship between damage and bridge failure. The behavior of 16
damage scenarios was compared with that of a control truss. A static analysis
was carried out which utilized a damage index to quantify the level of damage
present in the bridge, to examine the load transfer relationship between truss
members, and to quantify the failure load for various scenarios. In addition, a
dynamic analysis was carried out to highlight the effect of damage on mode
frequency and changes in mode shape. The authors mentioned that, since the
dynamic behavior of the test specimen was not measured in the laboratory,
the findings reported could be experimentally verified in future research.
A simple reliability analysis was conducted to assess the safety of the truss sys-
tems. The authors showed that the results and conclusions of the study were
based on laboratory-scale research, and thus a size effect might exist when
implemented in practice. Also, the technical findings reported could be con-
servative to a certain extent because the contribution of a RC deck was not
included in the analyses. The authors concluded that the presence of local
damage in the truss system significantly influences the serviceability of the
system. Also, the current AASHTO load rating method was reasonably
applicable to the truss bridge system. From a dynamic analysis perspective,
a higher mode shape and corresponding frequency were useful to detect
the presence of local damage in the truss systems. Finally, it was concluded
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that the stress of the damaged truss member was not effectively redistributed
to other members, except for those adjacent to the damage.

Recently, Cheng et al. [1.54, 1.55] performed a numerical study on steel
truss bridges with welded box section members and bowknot integral joints.
The investigation [1.54] highlighted the linear and nonlinear mechanical
behaviors of the bridges. The truss studied was simply supported at two
end nodes of bottom chords with two concentrated dead and live loads
being applied at each unsupported bottom chord node. The finite element
method was employed to analyze the elastic and elastoplastic behaviors of
trusses with bowknot/conventional integral joints. Based on the study, it
was concluded that the axial forces of members were very insignificantly
enhanced by the section shrinking of the member ends. It was also con-
cluded that the secondary moments at the member ends and the sectional
maximum stresses of the unshrunken segments of the truss are significantly
reduced by the section shrinking of the member ends but the vertical stiftness
and elastic stability of the bowknot truss are deteriorated compared to the
conventional one. Finally, it was shown that when the steel strength of
the shrunken segments has been moderately enhanced, the ultimate bearing
capacities of axially compressed shrunken members and of Warren trusses
with bowknot integral joints are as high as those of uniform members
and of conventional trusses, respectively. The study [1.55] presented a min-
imum weight optimization based on the provisions of current design codes
for both conventional and bowknot trusses. The optimization investigated
was illustrated through analytic derivation of minimum weight optimization
of a single member. The results of the numerical study indicated that the
member weight reduction increased as the primary stress to secondary stress
ratio, or the end moment reduction, was increased. The authors extended
the minimum weight optimization of the truss on the basis of linear finite
element analysis of the same truss that was discussed in [1.54], by the use
of first-order optimization method. It was concluded that the cost rise
due to steel strength enhancement of shrunken segments was taken into
account in the nominal weight of whole truss. Also, a series of requirements
related to truss vertical stiffness, member strength, member stability, and
truss stability were set as constraint functions.

1.3.3 Recent Investigations on Steel-Concrete Composite
Bridges

The short-term and long-term behaviors of composite steel box girder brid-
ges have been investigated theoretically by Kwak ef al. [1.56]. The study
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discussed the effect of the slab deck casting sequence on the short-term and
long-term behaviors of the bridges. Three cases of sequential casting and one
case of continuous casting were investigated. The study showed that the
effect of slab casting sequence can be neglected for both short-term and
long-term behaviors as well as the resulting moments of the bridges. The
authors concluded that continuous casting for closed box sections can be
used as an easy and fast construction without any danger of increasing trans-
verse cracking. The authors recommend that continuous casting can be
applicable to open box sections used widely in many countries. However,
the study showed that the effect of drying shrinkage was most critical for the
long-term behavior of a bridge and transverse cracking, which can result in
crack development at interior supports. Steel-concrete composite girders are
analyzed using beam bending theory by utilizing the effective flange width
concept to evaluate deflections, stresses, strengths, etc. Shear lag effects can
be considered by replacing the actual slab width by an appropriate reduced
effective width. Nonlinear finite element analyses can effectively consider
the shear lag effects. However, current codes of practice provide simplified
empirical equations to evaluate effective flange width, which differ from
country to country. Ahn et al. [1.57] investigated eftective flange width pro-
visions of several countries including America, Britain, Canada, Japan, and
Europe. The provisions were compared qualitatively and quantitatively by
the authors. It was shown that each specification shares common organiza-
tion in describing the effective flange width comprising basic formulation
and effective span length. In the basic formulation part, the effective flange
width of a simply supported span can be specified. For continuous girders,
the lengths of independent spans to which basic formulation can be applied
were specified in the effective span length part. It was also shown that the
way to describe the basic formulation differed from one provision to the
other following the underlying philosophy that drove the development of
each specification. AASHTO and Eurocode 4 provisions used a list of
descriptions. However, Canadian and Japanese provisions used equations;
BS 5400 used a table format. Through a numerical example of simply sup-
ported spans, it is observed that BS 5400 (interior) develops the largest effec-
tive flange width. Eurocode 4 delivered the largest effective flange width.
Effective flange widths from AASHTO varied considerably compared with
the others. Without the thickness limitation, AASHTO provisions were
similar to the values from Eurocode 4. It was concluded that the interrelation
between effective flange width, loading effects on the bridges, and design of
concrete deck (especially crack control) should be consistent.
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The behavior of curved composite steel I-shaped plate girder bridges was
investigated by Chang and White [1.58]. The authors considered different
parameters affecting the composite bridge modeling including girder web
distortion, cross frames, support and load height, and displacement compat-
ibility between the girders and slab. In the study, web distortion eftects were
investigated and an approximate approach using open-section thin-walled
beam theory for the steel I-girders was proposed. Difterent analysis
approaches including line girder analysis, V-load method, grid methods,
and general finite element methods for analysis of curved I-girder bridge
structural systems were highlighted. The investigated plate girders were hor-
izontally curved bridges subjected to coupled torsion and bending. It was
shown that the plate girder behavior in these bridges involved significant
web distortion, which caused additional lateral displacements and lateral
bending stresses at the girder bottom flanges. The study showed that a gen-
eral 3D analysis using shell elements for the slab and for the girder webs and
3D grid models using open-section thin-walled beam theory for the plate
girders were recommended for efficient modeling of the bridges. However,
the study suggested approximate approaches for simulating the composite
I-shaped plate girder web distortion eftects using 3D grid methods. It was
found that when using an open-section thin-walled beam element for the
bridge plate girder and either shell elements or a beam grid system for the
slab, a rotational release must be placed between the slab and the top flange
of the I-girders in order to compensate the web distortion eftects. It was also
found that when using an open-section thin-walled beam element for the
combined slab and steel plate girder via an equivalent composite plate girder
cross-sectional model, the contribution from the slab to the St. Venant
torsional constant | was suggested to be neglected. In addition, the lack of
consideration of the web distortion effects results in a significant underesti-
mation of the girder bottom flange lateral bending stresses. The authors have
compared results from a full-scale composite I-shaped plate girder bridge
against the results of the 3D grid models.

Structural performance of bridge decks with high load resistance capacity
as well as high fatigue strength is a current research topic. Ahn et al. [1.59]
conducted tests to investigate the fatigue behavior of a new type of
steel-concrete composite bridge deck. The proposed composite bridge deck
consisted of corrugated steel plate, welded steel ribs, headed stud shear con-
nectors, and RC filler. Fatigue tests were conducted under a four-point
bending test with four different stress ranges in constant amplitude. A total
of eleven fatigue specimens were subjected to cyclic loading to evaluate the
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stress category and fatigue behavior of the proposed composite bridge deck.
In order to determine the influence of the concrete filling, the authors con-
ducted fatigue tests on partial steel specimens with plain corrugated steel
plates. The partial steel specimens and the steel-concrete composite deck
specimens showed that fatigue failure occurred in the tension part. The
research concluded that the fatigue behavior of the proposed steel-concrete
composite decks under sagging moment can be estimated based on the clas-
sical S-N approach, focusing on steel components. The structural behavior
and ultimate strength of steel-concrete composite bridge deck slab with pro-
filed sheeting were investigated by Kim and Jeong [1.60, 1.61]. The study
[1.60] presented an experimental investigation on a steel-concrete compos-
ite bridge deck slab with profiled sheeting and perfobond shear connectors.
Two full-scale deck slab specimens cast onto three concrete blocks were fab-
ricated and tested under static loading to examine the ultimate load-carrying
capacity of the proposed deck slab system under sagging and hogging bend-
ing actions. The ultimate behavior of the full-scale deck slab specimens was
compared with that of simply supported deck specimens under hogging
bending only. In addition, the load-deflection behavior of the proposed
deck system was compared with that of a RC deck slab. The test results indi-
cated that the ultimate load-carrying capacity of the proposed deck system
was at least 220% greater than that of the RC deck system and that the deck
weighs about 23% less than the RC deck system. The study [1.61] investi-
gated experimentally the ultimate behavior of steel-concrete composite
deck slab system with profiled steel sheeting and perfobond rib shear con-
nectors. The experimental investigation aimed to develop a composite deck
slab for girder bridges that spans longer but weighs less than the conventional
R C deck slab. Eight deck specimens were tested with different shear span
lengths to evaluate the horizontal shear capacity of the proposed deck system
by using the empirical m-k method. The study also presented the results of
two full-scale deck slab specimens supported by a set of steel box blocks to
examine the ultimate load-carrying capacity of the proposed deck slab sys-
tem under sagging and hogging bending actions. It was found that the ulti-
mate strength and initial concrete cracking load of the proposed deck system
under hogging bending action were approximately 2.5 and 7.1 times greater
than those of an RC deck, respectively, while the deck weighed about 25%
less than RC deck systems.

Steel-concrete composite cable-stayed bridges were investigated numer-
ically by Pedro and Reis [1.62]. The composite deck and the concrete towers
were modeled by three node steel and concrete frame elements having seven
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degrees of freedom. Shear connection of the deck was modeled using
continuous spring elements. The numerical investigation considered geo-
metric and material nonlinear behaviors of both steel and concrete materials.
Cable’s sag and time-dependent eftects due to load history, creep, shrinkage,
and aging of concrete were also included in the analysis. The cable-stayed
bridge investigated a 420m main span composite cable-stayed bridge under
service conditions. The failure load and the failure mechanism were also ana-
lyzed, both at the end of construction and at long term. The influence on the
structural behavior of deck load pattern, time-dependent effects, cables’
yielding, existence of intermediate piers at the lateral spans, effective slab
width, and flexibility of the shear connection was investigated in the study.
The structural performance of orthotropic steel bridge decks renovated using
advanced composite bonded systems was the subject of experimental and
analytic investigations reported by Freitas ef al. [1.63]. The proposed reno-
vation solution for orthotropic steel bridge decks studied consisted of bond-
ing asecond steel plate to the existing steel deck in order to reduce the stresses
and increase the life span of the orthotropic bridge deck. The authors per-
formed a parametric study on the flexural behavior of beams representing
the renovation solution. The influences of different thickness, temperatures,
and spans were investigated. The results obtained for the stress reduction fac-
tor showed that it was independent of temperature. Also, more efficient solu-
tions can be achieved by minimizing the second steel plate thickness and
maximizing the adhesive layer thickness reducing the weight and increasing
the stiffness of the composite structure. Both elastic behavior and yield load of
the composite beams were dominated by the steel plate properties and there-
fore were not affected significantly by temperature. However, the ultimate
failure of the beams occurred by shear of the adhesive layer.

The shear connection of the unfilled composite steel grid deck was
experimentally investigated by Kim and Choi [1.64]. A total of 14 pushout
specimens having different number of holes, areas of reinforcements through
holes, and reinforcement diameters were fabricated and conducted to eval-
uate the load-slip behavior and the shear strength of the connection. The
study highlighted the effects on the shear resistance of the connection owing
to the friction force between the steel beam and the concrete, the concrete
dowel force, and the shear force due to reinforcement bars. An analytic
expression was developed based on an existing formula to predict the shear
resistance of the connection. Based on the limited test specimens for the
shear connector of the unfilled composite steel grid deck, it was concluded
that the failure of the specimen occurred in the concrete slab and the steel
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beam was intact. The crack patterns showed longitudinal splitting on the
concrete slab close to the steel beam, spreading outward to the bottom of
the specimen and falling off the concrete face near the reinforcing bars. It
was also concluded that the shear resistance of the connection was influenced
by the friction force between the steel beam and the concrete slab, the num-
ber of holes, and the amount of reinforcing bars passing through the shear
holes. In these factors, the shear capacity was almost directly dependent on
the area of reinforcing bars. In addition, it was shown that the shear strength
of the connection was predicted by the sum of the friction force, the con-
crete dowel force, and the shear force due to reinforcement bars. The
authors recommended that in a further study, more tests should be required
to highlight the size effects of shear holes, the effect of multiple holes, and the
concrete strength. Machacek and Cudejko [1.65] investigated numerically
distribution of longitudinal shear along an interface between steel and con-
crete parts of various composite truss bridges from elastic phase up to plastic
collapse. The study was based on previous experimental research reported by
the authors. The numerical analysis and the Eurocode approach highlighted
distribution of the longitudinal shear flow. Overall, the study considered
elastic and elastoplastic distribution of the flow corresponding to the design
level of bridge loading and plastic collapse. The analysis covered both the
common elastic frame 2D modeling of the shear connection used by
designers and the 3D geometrically and materially nonlinear analysis using.
The results of the numerical models were compared against design rules
specified in Eurocode 4 for composite bridges. It was shown that the non-
linear distribution of the longitudinal shear, required for correct design of
shear connection of composite steel and concrete bridges (in both ultimate
limit state including fatigue and serviceability limit state), depended on rigid-
ity of the shear connection and densification of the shear connectors above
truss nodes. Parametric studies were performed by the authors and recom-
mendations for practical design were proposed.

The fatigue of steel and composite highway bridges in terms of the struc-
tural system service life was analyzed by Leitio [1.66]. A steel-concrete com-
posite bridge with a 12.50 m roadway width and 0.2 m concrete deck
thickness, spanning 40.0 m by 13.5 m, was investigated in the study. The
computational model, developed for the composite bridge dynamic analysis,
adopted the usual mesh refinement techniques present in finite element
method simulations. The proposed analysis methodology and the proce-
dures presented in the design codes were initially assessed to evaluate the
bridge fatigue response in terms of its structural service life. The study has
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shown that the composite bridge service life results corroborated the impor-
tance of considering the roughness of the pavement surface and other design
parameters such as floor thickness, structural damping, and beam cross-
sectional geometric properties in the bridge dynamic and fatigue analyses.
The analysis methodology considered a vehicle structure mathematical
model, which included the interaction between their dynamic properties.
It was shown that the proposed methodology can be general and can be used
as a solution strategy on other highway bridge types such as multigirder brid-
ges, continuous multigirder bridges, cable-stayed bridges, and rigid-frame
bridges. The authors showed that the fatigue problem was much more com-
plicated and was influenced by several highway bridge types. It was con-
cluded that the investigated composite (steel-concrete) highway bridge
can perform safely with an acceptable probability that indicated that failure
by fatigue cracking can be eliminated. It was also shown that when the
dynamic actions related to the vehicles moving on the bridge lateral track
path and two simultaneous lateral track paths were applied on the bridge
structure, it was observed that the service life values proposed by current
design codes were exceeded. Okamoto and Nakamura [1.67] proposed
and applied a new type of hybrid high tower to a multispan cable-stayed
bridge. The proposed type was a sandwich-type structure and consisted
of a steel double box section filled with concrete. The filled concrete
increased its strength due to the confined eftect, and the steel plates increased
the resistance against local buckling because the deformation was restricted
by the filled concrete. The study showed that the hybrid tower can have
high bending and compressive strength and also a good ductile property.
In the study, static analysis was conducted for different live-load intensity
and distribution. The live loads distributed in alternate spans gave larger
bending moment of the towers than the live loads distributed in full spans.
The authors checked the safety of the tower using limit state design method.
Serviceability was not a major problem for the hybrid tower. Following the
static analysis, seismic analysis was performed for a multispan cable-stayed
bridge subjected to the medium and ultra-strong seismic waves. Three sup-
port conditions of the girder at the tower cross beams were considered,
which were movable, connection with linear springs and bilinear springs.
The study showed that bilinear springs were very eftective in reducing
the dynamic displacements and bending moments of the towers. The study
also showed that a new steel-concrete hybrid tower was feasible for multi-
span cable-stayed bridges and most effective for seismic forces when the
girder was connected with bilinear springs.
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Ji et al. [1.68] presented static and fatigue performance of composite
sandwich bridge decks with hybrid glass fiber-reinforced polymer-steel
core. The composite sandwich bridge deck system consists of wrapped
hybrid core of glass fiber-reinforced polymer grid and multiple steel box cells
with upper and lower glass fiber-reinforced polymer facings. The study
investigated the structural performance under static loading and fatigue load-
ing with a nominal frequency of 5 Hz was evaluated. The responses from
laboratory testing were compared with the finite element predictions.
The study showed that the failure mode of the proposed composite sand-
wich bridge deck was more favorable because of the yielding of the steel tube
when compared with that of glass fiber-reinforced polymer decks. It was also
shown that the ultimate failure of the composite sandwich deck panels
occurred by shear of the bonded joints between glass fiber-reinforced poly-
mer facings and steel box cells. In addition, results from fatigue load test indi-
cated that no loss in stiffness, no signs of debonding, and no visible signs of
deterioration up to 2 million load cycles were observed. The authors recom-
mended that the thickness of the composite sandwich deck retaining the
similar stiffness be decreased to some extent when compared with the glass
fiber-reinforced polymer deck. Furthermore, the study presented design of a
connection between composite sandwich deck and steel girder. Turer and
Shahrooz [1.69] investigated different parameters related to structural iden-
tification, calibrated model-based load rating, and sensitivity of rating to the
analytic model, along with experimental studies conducted on an existing
concrete-deck-on-steel-stringer bridge. The proposed model-updating
procedure used collected dynamic data comprising mode shapes, modal fre-
quencies, and order of modes as well as static deformed shape information.
The authors developed 2D grid models to simulate the transverse load trans-
fer mechanisms between girders, torsional flexibility, and effects of skewed
bridge architecture. It was shown that the rating results obtained from the
2D grid models were close to 3D finite element method-based evaluation,
while simplified 1D bar models had serious shortcomings. It was shown that
grouping the parameters of the analytic model at different stages of model
calibration enhanced the speed and convergence success of the objective
function. It was also shown that although cross braces were considered as
nonstructural members, they were found to be the most critical members
of the selected bridge during rating studies.

Mechanical behavior of composite joints for connecting existing con-
crete bridges and steel-concrete composite beams was the subject of recent
investigation by Nie et al. [1.70]. The authors showed that in a technique of
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widening existing concrete bridges with steel-concrete composite beams,
the old existing concrete bridge and new composite beam were connected
by a composite cross beam with a composite joint. Six specimens were tested
to compensate the lack in experimental studies on the mechanical behavior
of composite joints. The study showed that, based on the existing methods,
the shear strength of the interface of the old and new concrete was calcu-
lated. It was shown that the shear failure of the interface between the old
and new concrete was the failure mode of the composite joint and the inter-
face between the steel plate and new concrete was always in good condition.
It was also shown that there was approximately no slip between the old and
new concrete before the bonding failure of the interface. The interface
between the old and new concrete had good ductility and high strength.
Based on the constitutive law of the materials, a simplified three-stage
mechanical model was proposed and the load-slip relationship was pre-
dicted. The study showed that the ultimate shear strength of the interface
was determined by the strength of the concrete, roughness degree, and fric-
tion coefficient of the interface and the normal stress could increase the ulti-
mate shear strength. In addition, the residual shear strength of the interface
can be determined by the embedded bars, and the ratio and yield strength of
the embedded bars can be the main influence factors. Based on the tests
results, a practical design method was proposed. Finally, studies on fiber-
reinforced polymer deck-on-steel girder systems are current research topics.
Davalos et al. [1.71] investigated the performance of the fiber-reinforced
polymer deck-on-steel girder system, which depends substantially on the
connectors used. The authors proposed a prototype shear connector and
showed its advantages through experimental studies and field applications.
The effectiveness of the shear connector at bridge system level, including
the static and fatigue performance of the shear connector and the bridge sys-
tem, the degree of composite action of the system, and the influence of the
partial degree of composite action on load distribution factor and effective
flange width were investigated. The authors tested a 1:3 scaled fiber-
reinforced polymer deck bridge model, with a fiber-reinforced polymer
sandwich honeycomb deck connected to steel girders using the prototype
shear connector. The experimental investigation comprised static and
fatigue load tests on the scaled bridge model. The experimental investigation
was accompanied by a numerical investigation using finite element method.
The study showed that the shear connection was able to provide partial
composite action of about 25% and sustain a cyclic fatigue loading equivalent
to 75-year bridge service life span. It was also shown that AASHTO
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specifications can still be applicable for load distribution factor, while the
effective flange width needs to be redefined for a bridge system with partial
degree of composite action. The authors recommended that the findings of
the study be used for design purposes.

1.4 FINITE ELEMENT MODELING OF STEEL AND
STEEL-CONCRETE COMPOSITE BRIDGES

Finite element modeling of steel and steel-concrete composite bridges can
provide a useful insight into the structural performance of the bridges and
compensate the lack in full-scale tests on the bridges. Recent developments
in computers and finite element general-purpose software make it possible
to analyze structures having different nonlinear geometries, difterent mate-
rial properties, different loading conditions, and difterent boundary condi-
tions. This book presents the latest modeling techniques used to investigate
the behavior of the bridge components and the whole bridge behavior. The
presented finite element models in this book are intended to be efficient and
accurate models, which are not too-detailed and are not too-simplified
models. There are numerous finite element books published in the litera-
ture, with examples shown in [1.12—-1.18]. These books are mainly devoted
to the development of different finite elements and or the development of a
numerical scheme to expedite the convergence of iterative procedures.
These finite element books mostly focus on explaining the finite element
method as a general technique to solve engineering problems. However,
books involved in finite element modeling of the bridge superstructure
are rarely found in the literature, leading to the writing of this book. How-
ever, in order to present how finite element modeling can be used efficiently
to simulate the behavior of steel and steel-concrete composite bridges,
knowledge of the different loads applied on bridges, material nonlinearity
of the bridge components, and design rules specified in current codes of
practice for different bridges is required.

Test data are used to verify and validate the accuracy of finite element
models developed for steel and steel-concrete composite bridges. In order
to investigate the structural performance, stability, and failure modes of
steel and steel-concrete composite bridges and their components, laboratory
tests have to be conducted to observe the actual behavior or theoretical
analyses have to be performed to obtain an exact closed-form solution.
Getting an exact solution sometimes becomes very complicated and
even impossible in some cases that involve highly nonlinear material and
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geometry analyses. Experimental investigations are also costly and time-
consuming, which require specialized laboratories and expensive equip-
ments as well as highly trained and skilled technicians. Without the afore-
mentioned requirements, the test data and results will not be accurate and
will be misleading to finite element development. Therefore, accurate finite
element models should be validated and calibrated against accurate test
results. Although extensive experimental investigations were presented in
the literature on small-scale bridges, as well as small- and full-scale bridge
components, the number of tests on some research topics related to steel
and steel-concrete composite bridges is still limited. This is attributed to
many factors comprising time, costs, labor, capacity of testing frame, capacity
of loading jack, measurement equipment, and testing devices. Therefore,
numerical investigations using finite element analysis are currently main
research areas in the literature to compensate the lack of test data in the field
of steel and steel-concrete composite bridges. However, detailed explana-
tion on how successful finite element analysis can provide a good insight into
the structural performance of the bridges was not fully addressed as a com-
plete piece of work, which is credited to this book.

Following experimental investigations on steel and steel-concrete com-
posite bridges and their components, finite element analyses can be per-
formed and verified against available test results. Successful finite element
models are those validated against sufficient number of tests, preferably from
different sources. Finite element modeling can be extended, once validated,
to conduct parametric studies investigating the effects of the different param-
eters affecting the behavior of steel and steel-concrete composite bridges.
The analyses performed in the parametric studies must be well planned to
predict the performance of the investigated bridges outside the ranges cov-
ered in the experimental program. The parametric studies will generate more
data that fill in the gaps of the test results and will help designers to understand
the performance of the bridges under difterent loading and boundary con-
ditions and different geometries. Hence, one of the advantages of the finite
element modeling is to extrapolate the test data. However, the more signif-
icant advantage of finite element modeling is to clarify and explain the test
data, which is credited to successful finite element models only. Successful
finite element models can critically analyze test results and explain reasons
behind failure of steel and steel-concrete composite bridges and their com-
ponents. The successful finite element models can go deeply in the test results
to provide deformations, stresses, and strains at different locations in the test
specimens, which is very difficult to determine by instrumentation.
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1.5 CURRENT DESIGN CODES OF STEEL AND
STEEL-CONCRETE COMPOSITE BRIDGES

Design rules and specifications are proposed in different countries to define
standards and methods of analysis of steel and steel-concrete composite brid-
ges. The design guides are commonly based on experimental investigations
on small-scale bridges and small/full-scale bridge components. Many design
formulas specified in current codes of practice are in the form of empirical
equations proposed by experts in the field of bridges. However, the empir-
ical equations only provide guidance for design of the bridges and their com-
ponents in the ranges covered by the specifications. The ranges covered by
the specification depend on the number of tests conducted on the bridges at
the time of proposing the codes. Since there is continuing progress in
research to discover new materials, sections, connections, and different load-
ings, the codes of practice need to be updated from time to time. Further-
more, test programs on steel and steel-concrete bridges and their
components are dependent on the limits of the test specimens, loading,
boundary conditions, and so on. Therefore, the design equations specified
in current codes of practice always have limitations. Finite element analysis
can provide a good insight into the behavior of steel and steel-concrete com-
posite bridges outside the ranges covered by specifications. In addition, finite
element analysis can check the validity of the empirical equations for sections
affected by nonlinear material and geometry, which may be ignored in the
specifications. Furthermore, design guides specified in current codes of prac-
tice contain some assumptions based on previous measurements, for exam-
ple, assuming values for initial local and overall imperfections on the bridge
beams and compression members. Also, finite element modeling can inves-
tigate the validity of these assumptions. As mentioned previously, an exam-
ple of the shortcomings in current codes of practice for steel-concrete
composite bridges is that, up-to-date, there are no design provisions to con-
sider the actual load-slip characteristic curve of the shear connectors used in
the bridges, which results in partial degree of composite action behavior.
This book will detail, for the first time, how to consider the correct and
actual slip occurring at the steel-concrete interface in composite bridges
through finite element modeling. This book addresses the efficiency of finite
element analyses and the numerical results are able to improve design equa-
tions in the current codes of practice more accurately. However, it should be
noted that there are many specifications developed all over the world for
steel and steel-concrete composite bridges. It is not the intention to include
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all these codes of practice in this book. Once again, this book focuses on
finite element analysis of steel and steel-concrete composite bridges. There-
fore, the book only highlights, as examples, the design rules specified in the
American Specifications [1.23—1.25] and Eurocode [1.27, 1.28]. However,
the finite element modeling presented in this book can be used to simulate
any bridge designed using any current code of practice used in any country.
Following the simulation of the investigated bridge, the design predictions
can be compared and assessed against finite element results.
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Nonlinear Material Behavior
of the Bridge Components

2.1 GENERAL REMARKS

Chapter 1 has provided a brief background on steel and steel-concrete com-
posite bridges and reviewed recent developments reported in the literature
related to the design and finite element modeling of the bridges. This chapter
highlights the nonlinear material behavior of the main components of steel
and steel-concrete composite bridges, comprising structural steel, concrete,
reinforcement bars, shear connectors, bolts, and welds. Overall, this chapter
aims to provide a useful background regarding the stress-strain curves of the
different materials used in the bridges. Also, this chapter aims to highlight the
important parameters required for finite element modeling. The definitions
of yield stresses, ultimate stresses, maximum strains at failure, initial stiffness,
and proportional limit stresses are presented in this chapter. This chapter
enables beginners to understand the fundamental behavior of the materials
in order to correctly insert them in the finite element analyses. Covering the
behavior of shear connectors in this chapter is also important to understand
how the shear forces are transmitted at the steel-concrete slab interfaces in
composite bridges. In addition, the material properties of the main compo-
nents of joints used in steel and steel-concrete composite bridges such as
bolts are highlighted in this chapter. Furthermore, this chapter presents
how the different materials are treated in current codes of practice and
the design values specified in current codes of practice. This chapter paves
the way for Chapters 3 and 4, which address the design and stability issues
related to steel and steel-concrete composite bridges. It should be noted that
bridge components, such as structural steels, concrete, and reinforcement
steels, are used in bridge and building constructions. However, when pre-
senting the material behavior of a component in this chapter, it is presented
as it 1s used in bridges. As an example, structural steels used in bridges gen-
erally have more rigid performance requirements compared with steels used
in buildings. Bridge steels have to perform in an outdoor environment with
relatively large temperature changes, are subjected to excessive cyclic live
loading, and are often exposed to corrosive environments. In addition, steels

Finite Element Analysis and Design of Steel Copyright © 2014 Elsevier Inc.
and Steel-Concrete Composite Bridges All rights reserved. 47
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are required to meet strength and ductility requirements for all structural
applications. However, bridge steels have to provide adequate service with
respect to the additional fatigue and fracture limit state. They also have to
provide enhanced atmospheric corrosion resistance in many applications
where they are used with normal protective coatings. For these reasons,
structural steels for bridges are required to have fracture toughness and often
corrosion resistance that exceed general structural requirements in building
constructions. Overall, the author aims that this chapter acts as a basis for
designing and finite element modeling of steel and steel-concrete composite
bridges.

2.2 NONLINEAR MATERIAL PROPERTIES OF STRUCTURAL
STEEL

2.2.1 General

The main component of steel and steel-concrete composite bridges inves-
tigated in this book is structural steel. Understanding the material behavior of
the steel is quite important for designing and finite element modeling of the
bridges. As a material composition, steel contains iron, a small percentage of
carbon and manganese, impurities such as sulfur and phosphorus, and some
alloying elements that are added to improve the properties of the finished
steel such as copper, silicon, nickel, chromium, molybdenum, vanadium,
columbium, and zirconium. The strength of the steel increases as the carbon
content increases, but some other properties like ductility and weldability
decrease. Steel used for bridges can be classified as carbon steels, which come
with yield stresses up to 275 N/mm?; high-strength steels, which cover
steels having yield stresses up to 390 N/mm?; heat-treated carbon steels,

2
; and

which cover steels having yield stresses greater than 390 N/mm
weathering steels, which have improved resistance to corrosion. Steels used
for bridges should have main properties including strength, ductility, frac-
ture toughness, weldability, weather resistance, and residual stresses. These

properties are briefly highlighted in the coming sections.

2.2.2 Steel Stresses

In the United States, the specifications for plate and rolled shape steels used
for bridges are covered by the ASTM A709 [2.1] and AASHTO M270
[1.23, 1.24]. Table 2.1 shows the applicable AASHTO and ASTM standards
for steel product categories, while Table 2.2 provides an overview of the
various steel grades covered by the ASTM A709 [2.1]. The number in



Nonlinear Material Behavior of the Bridge Components

Table 2.1 Examples of American Standards for Main Bridge Steel Products

49

Product AASHTO ASTM
Structural steel for bridges M270/M 270M A709/A709M
Pins, rollers, and rockers M169 A108
M102/M102M A668/A668M
Bolts M164 A307 grade A or B
M253 A325
A490
Anchor bolts M314-90 A307 grade C
Nuts M291 A563
Washers M293 F436
F959
Shear studs M169 A108
Cast steel M103/M103M A27/A27M
M163/M163M A743/A743M
Cast iron M105 class 30 A48 class 30
Cables A510
Galvanized wire A641
Bridge strand/bridge rope A586
A603
Wire rope M277
Seven-wire strand M203/M203M A416/A416M

Table 2.2 Examples of Bridge Steels Available in the ASTM A709 Specification

Product
M270 A709 Weather
Grade ASTM Description Resistance Plates Shapes Bars
36 A36  Carbon steel No Yes Yes Yes
50 A572 HSLA® steel No Yes  Yes Yes
50S A992  Structural steel No Yes
50W A588 HSLA steel Yes Yes Yes Yes
HPS" 50W  A709 HSLA steel Yes Yes
HPS 70W A709 Heat-treated HSLA steel Yes Yes
HPS 100W  A709 Q&T Cu-Ni steel” Yes Yes

*HSLA high-strength low-alloy.
®High-performance steel (HPS) grades with enhanced weldability and toughness.
“Q&T Cu-Ni quenched and tempered copper-nickel steel.

the grade designation indicates the nominal yield strength in ksi (1 ksi is
equal to 6.895 MPa). The A709M specification is the metric version of
A709. According to ASTM, grade 36 and 50 steels have yield stresses of
36 and 50 ksi (248 and 344 MPa, respectively). Grade 50 steel is commonly
used for primary bridge members, which can be painted or galvanized in
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service. Grade 50W steel 1s a weathering steel that has the same strength as
grade 50 steel, but it has enhanced atmospheric corrosion resistance. The
enhanced corrosion resistance was achieved by adding different combina-
tions of copper, chromium, and nickel to the grade 50 chemistry. Grade
100 and 100W steels are high-strength steels having a yield stress of 100
ksi (689 MPa), if quenched and tempered. It is common that engineers spec-
ity the use of grade 100 and 100W steels for highly stressed parts of the bridge
such as bearing components. High-performance steel (HPS) has enhanced
weldability and toughness compared to grade 100 steel. The properties of
HPS can be achieved by lowering the percentage of carbon in the steel
chemistry. Since carbon is traditionally one of the primary strengthening
elements in steel, the composition of other alloying elements must be more
precisely controlled to meet the required strength and compensate for the
reduced carbon content. Using HPS allows for increasing the span length
of bridges. Grade 100W steels are the same as grade 100 steels but with
enhanced weldability and toughness.

In the United States, structural bolts for members requiring slip critical
connections in bridges are required to comply with either the ASTM A325
[2.2] or the A490 [2.3] specification. On the other hand, anchor bolts and
nonslip critical connections are required to comply with the ASTM A307
[2.4] specification. Compatible nuts are required to be used with all bolts
meeting provisions for the appropriate grade in the ASTM A563 [2.5] spec-
ification. Hardened steel washers meeting the ASTM F436M [2.6] specifi-
cation are required underneath all parts of the bolt assembly that are turned
during installation. The surface condition and presence of lubrication are
important for proper installation of the bolt-nut assemblies. Table 2.3 shows
the minimum specified tensile strength of structural bolts to be used for
bridges. The A325 [2.2] and A490 [2.3] specifications have two different
chemistry requirements for bolts: type 1 and type 3. Type 1 bolts are
carbon-manganese steel with mainly silicon additions and are suitable for
use with painted and galvanized coatings. On the other hand, type 3 bolts
have additional requirements for copper, nickel, and chromium to be

Table 2.3 Nominal Tensile Strengths of American Structural Bolts Used in Bridges

Grade Diameter (mm) Tensile Strength (MPa)
A307 (Grade A or B) All 414
A325 13-25 827

28-38 724

Seven-wire strand All 1034
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compatible with the chemistry of weathering steel grades and are required
for use in unpainted applications where both the bolts and the base metal can
develop rust in service.

Cables and wires used in bridges in the United States are either strands,
which are covered by ASTM A586 [2.7], or ropes, which are covered by
ASTM A603 [2.8]. Cables and wires are constructed from individual
cold-drawn wires that are spirally wound around a wire core. The com-
monly used nominal diameters are between 1/2 (12.7 mm) and 4 in.
(101.6 mm) depending on the intended application. The capacities of the
cables and wires are defined as the minimum breaking strength that depends
on the nominal diameter of the cables or wires. Cables and wires are used as
tension members in bridges. Because relative deformation between the indi-
vidual wires will affect elongation, strands and ropes are preloaded to about
55% of the breaking strength after manufacturing to “seat” the wires and
stabilize the deformation response. Following preloading, the axial deforma-
tion becomes linear and predictable based on an eftective modulus for the
wire bundles. A bridge rope has an elastic modulus of 20,000 ksi
(138,000 MPa). The elastic modulus of a bridge strand is 24,000 ksi
(165,000 MPa). Seven-wire steel strands (tendon) are commonly used for
prestressed concrete bridge decks. They are also used as cable stays, hangers,
and posttensioning members. They consist of seven individual cold-drawn
round wires spirally wounded to form a strand with nominal diameters
between 0.25. (6.4 mm) and 0.60 in. (15.2 mm). Two grades are available
(250 and 270) where the grade indicates the tensile strength of the wires
(fou)- The net cross-sectional area of the seven-wire strand (area of the indi-
vidual wires) should be used in all calculations, and prestress losses should be
accounted for, either by measurements or based on specified values in cur-
rent codes of practice. Mechanical properties of seven-wire strands are mea-
sured from tensile coupon tests. The tensile strength is calculated by dividing
the breaking load by the net cross-sectional area of the seven-wire strand.
Compared to structural steels, strands do not exhibit a yield plateau, and
there is a gradual rounding of the stress-strain curve beyond the proportional
limit. The yield stress in this case may be calculated as the stress at the 0.1%
strain offset line (f; ;). Strands are loaded provided that they do not reach the
yield stress. AASHTO [1.23, 1.24] defines the yield strength as f,,, = 0.90f,.

The ASTM A370 [2.9] and the ASTM ES8 [2.10] specifications cover
tensile coupon testing procedures for determining the material properties
of steel products. The main properties measured from a tensile coupon test
are the yield strength (f), tensile strength (f,), Young’s modulus (E),
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Figure 2.1 Engineering stress-strain curve for structural steels without a defined yield
plateau.

ultimate strain at failure (¢,), and full nonlinear stress-strain curve. The full
nonlinear stress-strain curve is known as the engineering stress-strain curve,
which can be measured by recording the load and elongation of an exten-
someter during the tensile coupon test. Young’s modulus for steel can be
determined by predicting the slope of the elastic initial portion of the
stress-strain curve as shown in Figure 2.1. In the absence of the measured
engineering stress-strain curve, Young’s modulus for steel can be conserva-
tively taken as E;=29,000-30,000 ksi (200,000-207,000 MPa) for structural
calculations for all structural steels used in bridge construction. The yield
strength of steel is determined by the 0.2% offset method. A line is plotted
parallel to the elastic part of the stress-strain curve below the proportional
limit with an x-axis offset of 0.2% (0.002) strain. The intersection of the off-
set line with the stress-strain curve defines the yield strength. Figures 2.1
and 2.2 show the 0.2% offset method applied to steels without a definite
yield plateau and to steels that exhibit a yield plateau, respectively. For
the steels that exhibit a yield plateau, there is an upper yield point that is
greater than the yield strength. When yielding first occurs, there is typically
a slight drop in load before the steel plastically deforms along the yield
plateau (see Figure 2.2). Following the first yield, steels with f, <70 ksi
(483 MPa) undergo plastic deformation at a relatively constant load level
defining the yield plateau. The length of this plateau varies for different
steels, but approximately, & is around 10g,. Strain hardening begins at
the end of the plateau and continues until the maximum load is achieved
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Figure 2.2 Initial part of the stress-strain curve for steels with a yield plateau.

corresponding to the tensile strength f,. The slope of the stress-strain curve
constantly varies during strain hardening. The tangent slope of the curve at
the onset of strain hardening (Ey,) is often used for analysis of steel behavior at
high strain levels. Tensile coupon test results are usually presented by engi-
neering stress-strain curves where stress is calculated based on the unde-
formed cross-sectional area of the specimen. As the specimen is loaded,
the cross-sectional area is constantly being reduced, which is known as neck-
ing phenomena. The true stress at any given point can be calculated with
respect to the contracted area at that point in time. In nonlinear structural
analyses, true stress-strain curves should be used. Figure 2.3 shows typical
stress-strain curves for steels in the A709 [2.1] specification. Steels with
J; <70 ksi (483 MPa) show definite yield plateaus with similar ductility.
The HPS 100W steel does not have a clearly defined yield plateau and shows
slightly lower ductility compared to the lower-strength steels. The amount
of strain hardening decreases with increasing yield strength. The minimum
specified yield strength (f;) and tensile strength (f,,) are shown in Table 2.4 for
steel grades included in the A709 specification. Plates with thickness up to
4 in. (101.6 mm) are available in all grades, except for 50S. Rolled shapes are
not available in the HPS grades. The shear yield stress (f;,) can be determined
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Figure 2.3 Typical example engineering stress-strain curves for American bridge
structural steels.

Table 2.4 Nominal Strength of American ASTM A709 Steel Grades

HPS HPS
Grade 36 50 505 50w 50w 70W HPS 100W
Plate thickness <102 <102 N/A <102 <102 <102 <64 64<t¢t
(mm) <102
Shapes All All All Al N/A  N/A N/A N/A
fu (MPa) 400 448 448 483 483 586 758 689
Jfy (MPa) 248 345 345 345 345 483 689 620

using the von Mises yield criterion, which is commonly used to predict the
onset of yielding in steel subject to multiaxial states of stress as follows:

fi= \/ (0.=0,)"+ (0,=0.)"+ o 7+ 60 ¥t 1) )

For the state of pure shear in one direction, the normal stresses are equal
to zero; the shear yield stress (f;,) can be determined as follows:

£ :\/%fy ~0.58 f, (2.2)

The shear modulus (G) based on Young’s modulus (E) and Poisson’s
ratio (v) is given as

E; .
G=——"=11,200 ksi(77, 200 MPa) (2.3)
2(1+0)
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In Europe, EC3 (BS EN 1993-1-1) [2.11] specifies that the nominal
values of the yield strength f; and the ultimate strength f, for structural steel
used for buildings and bridges should be obtained either by adopting the
values f,= R,y and f,=R,, direct from the product standard or by using
the simplification given in Table 2.5, where R}, and R, are yield and ulti-
mate strengths to product standards. EC3 [2.11] also specifies that for struc-
tural steels, a minimum ductility is required, which should be expressed in
terms of the limits for the ratio f,/f, (the specified minimum ultimate tensile
strength f, to the specified minimum yield strength f;), the elongation at fail-
ure on a gauge length of 5.65+/A, (where A, is the original cross-sectional
area), and the ultimate strain ¢, (where &, corresponds to the ultimate
strength f,). It should be noted that EC3 [2.11] specifies that the limiting
values of the ratio f,/f;, the elongation at failure, and the ultimate strain
&, may be defined in the National Annex of the country of construction.
Alternatively, EC3 recommends that f,/f,>1.10, elongation at failure
not less than 0.15, and &, > 15¢,, where &, is the yield strain (¢, = f,/ E). Gen-
erally, steels conforming with one of the steel grades listed in Table 2.5
should be accepted as satisfying these requirements. According to EC3,
the modulus of elasticity of steel E;=210 000 N/mm?®, shear modulus
G=281,000 N/mmz, Poisson’s ratio in elastic stage v=0.3, and the coeffi-
cient of linear thermal expansion a=12 x 10°° per K (for T<100 °C).
It should be noted that for calculating the structural effects of unequal
temperatures in composite concrete-steel structures to EC4 [2.12], the
coefficient of linear thermal expansion is taken as & =10 x 10~ per K.

Bolts, nuts, and washers used for bridges, according to EC3 (BS EN
1993-2) [1.27], should conform to the reference standards given in EC3
(BS EN 1993-1-8) [2.13], 2.8: Group 4. The different bolt grades used in
bridges are presented in Table 2.6. The nominal values of the yield strength
Jyb and the ultimate tensile strength f, are shown in Table 2.6, and they
should be adopted as characteristic values in calculations, while high-
strength structural bolts of grades 8.8 and 10.9, which conform to the ref-
erence standards given in BS EN 1993-1-8 [2.13], 2.8: Group 4, may be
used as preloaded bolts when controlled tightening is carried out in accor-
dance with the reference standards given in BS EN 1993-1-8 [2.13], 2.8:
Group 7. In addition, EC3 (BS EN 1993-2)[1.27] specifies that steel grades
in accordance with the reference standards given in BS EN 1993-1-8 [2.13],
2.8: Group 1, steel grades in accordance with the reference standards given
in BS EN 1993-1-8, 2.8: Group 4, and reinforcing bars conforming to EN
10080 [2.14] may be used for anchor bolts. The nominal yield strength for
anchor bolts should not exceed 640 N/mm”.
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Table 2.5 Nominal Values of Yield Strength f, and Ultimate Tensile Strength f,,
Nominal Thickness of the Element t (mm)

t <40 mm 40 <t< 80 mm
Standard and Steel Grade fy (MPa) f. (MPa) fy (MPa) fu (MPa)
(a) For European Hot-Rolled Structural Steel Specified in EC3 [2.11]
EN 10025-2
S235 235 460 215 360
S275 275 430 255 410
S355 355 510 335 470
S450 440 550 410 550
EN 10025-3
S275 N/NL 275 390 255 370
S355 N/NL 355 490 335 470
S420 N/NL 420 520 390 520
S460 N/NL 460 540 430 540
EN 10025-4
S275 M/ML 275 370 255 360
S355 M/ML 355 470 335 450
S420 M/ML 420 520 390 500
S460 M/ML 460 540 430 530
EN 10025-5
S235 W 235 360 215 340
S355 W 355 510 335 490
EN 10025-6
S460 Q/QL/QL1 460 570 440 550
(b) For European Structural Hollow Sections Specified in EC3 [2.11]
EN 10210-1
S235 H 235 360 215 340
S275 H 275 430 255 410
S355 H 355 510 335 490
S275 NH/NLH 275 390 255 370
S355 NH/NLH 355 490 335 470
S420 NH/NHL 420 540 390 520
S460 NH/NLH 460 560 430 550
EN 10219-1
S235 H 235 360
S275 H 275 430

S355 H 355 510
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Table 2.5 Nominal Values of Yield Strength f, and Ultimate Tensile Strength f,—cont'd
Nominal Thickness of the Element t (mm)

t<40 mm 40 <t<80mm
Standard and Steel Grade f, (MPa) f, (MPa) f, (MPa) f, (MPa)
S275 NH/NLH 275 370
S355 NH/NLH 355 470
S460 NH/NLH 460 550
S275 MH/MLH 275 360
S355 MH/MLH 355 470
S420 MH/MLH 420 500
S460 MH/MLH 460 530

Table 2.6 Nominal Values of the Yield Strength f,;, and the Ultimate Tensile Strength
fup for European Bolts Specified in EC3 [1.27]

Bolt grade 4.6 5.6 6.8 8.8 10.9
Jb (N/mm?) 240 300 480 640 900
fab (N/mm?) 400 500 600 800 1000

2.2.3 Ductility

Steel ductility is the capacity of steel material to undergo large strains after
the onset of yielding and before fracture, which provides an advance warn-
ing of possible failure. For steel products, relative ductility is measured as the
percent elongation that occurs before rupture in a standard tensile coupon
test. The percent elongation is dependent on the test specimen geometry and
the gauge length used to measure elongation during tensile coupon test. In
the United States, for the same material, tension specimens with a 2 in.
(50.8 mm) gauge length will exhibit a lower percent elongation compared
to those with an 8 in. (203.2 mm) gauge length. The ASTM A709 [2.1]
specification specifies that structural steel for bridges has an adequate level
of material ductility to perform well in structural applications. Steel material
ductility is different from structural steel connections and overall structural
ductility. For example, a steel member may be ductile on its own; however,
if there are holes in the cross section, it may undergo brittle failure behavior.
The yield-tensile stress ratio (YT ratio) defined as YT =f,/f, can provide a
reasonable measure to steel ductility. However, for steels specified in the
A709 [2.1] specification, there is no need for special consideration of the
YT ratio for most bridge structural applications.
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2.2.4 Fracture Toughness

Steel members used in bridges must have sufficient fracture toughness to
reduce the probability of brittle failure. The brittle failure may occur suddenly
under a load, which may be below the load level to cause yielding. It may be
initiated by the existence of a small crack or other forms of notch. Very high
concentration of stress occurs at the root of a natural crack. Any sudden change
that occurs in the cross section of a loaded member having a notch-like effect
can disturb the stress pattern and cause a local stress concentration. If the local
yielding at the tip of the crack or notch is insufficient to spread the load over a
large area, a brittle fracture may be initiated. Once initiated, the fracture prop-
agates at high speed driven by the release of the elastic strain energy in the struc-
ture. Linear-elastic fracture mechanics analysis is the basis for predicting brittle
fracture in structural steels. The stress intensity factor (Kj) can characterize the
crack tip singularity. For a given plate geometry, the stress intensity present at a
crack tip is a function of the crack size and the applied stress. The material frac-
ture resistance is characterized by the critical stress intensity factor (K.) that can
be sustained without fracture. When the applied stress intensity Ky equals or
exceeds the material fracture resistance K, fracture is predicted. The Charpy
V-notch (CVN) test can be used to measure the fracture toughness of structural
steel [2.15]. A small 10 X 10 mm bending specimen with a machined notch is
impacted by a hammer, and the energy required to initiate fracture is mea-
sured. CVN test data can be used to predict the Kj. fracture toughness. The
AASHTO [1.23, 1.24] specification classifies structural steel materials into
two categories, which are fracture-critical material and non-fracture-critical
material. Fracture-critical materials’ fracture would cause collapse of the struc-
ture. The specification divides the United States into three temperature zones
for specifying fracture toughness of bridge steels. The zones are defined by the
lowest expected service temperature as shown in Table 2.7. It should be noted
that the specified toughness requirements are higher with colder zones, thicker
components, higher grades of steel, and fracture-critical components.

In Europe, EC3 (BS EN 1993-2) [1.27] requires that structural steels
used for bridges should have the enough material toughness to prevent brit-
tle fracture within the intended design to prolong the working life of the

Table 2.7 AASHTO Temperature Zones for Specifying CVN Toughness
Lowest Anticipated

Service Temperature Temperature Zone
0 °F and above 1
—1 to —30°F

—31to —60 °F 3
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Table 2.8 Example for Additional Requirement for Toughness of Base Material
Specified in EC3 [1.27]
Example Nominal Thickness Additional Requirement

1 <30 mm Ty7 = —20 °C in accordance with EN 10025
30 <t<80 mm Fine-grain steel in accordance with EN 10025,

e.g., S355N/M
t>80 mm Fine-grain steel in accordance with EN 10025,

e.g., S355NL/ML

structure. The specification requires that no further checks against brittle
fracture need to be made if the conditions given in EN 1993-1-10 [2.16]
are met for the lowest service temperature. EC3 (BS EN 1993-2) [1.27] also
recommends that additional requirements depending on the plate thickness,
with an example given in Table 2.8, may be adopted.

2.2.5 Weldability

Steel weldability is defined as the ability of steel to be welded to serve its
intended application. In the United States, the AASHTO/AWS D1.5 weld-
ing specifications [2.17] govern welding of bridge steels. Following the D1.5
provisions, all bridge steels in the A709 [2.1] specification can be considered
weldable. It should be noted that increasing amounts of carbon and manga-
nese, which are necessary for higher strengths, make the steel harder and
consequently more difficult to weld. Also, the elements added to improve
weathering resistance reduce weldability. In addition, the weldability of
structural steels depends on the chemical composition. Graville [2.18]
showed that the tendency of a heat-affected zone (HAZ) to crack depends
on the carbon content and the carbon equivalent (CE) calculated using
Equation (2.4) as recommended by the Bridge Welding Code D1.5, which
considers other alloying elements in addition to carbon:

Mn+Si+Ni+Cu+ Cr+Mo+V
15 5

where C, Mn, etc., represent the percentage of the element concerned in the

CE=C+

(2.4)

chemical composition of the steel. To obtain higher yield stresses, the
percentage content of the various alloying elements is increased leading
to the increase of the carbon equivalent value. Therefore, welding of
higher-strength steels is more difficult compared with normal-strength
steels. Specifications sometimes limit maximum values for carbon equiva-
lent. Steels with carbon equivalent values higher than 0.53 should have spe-
cial measures in welding.
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2.2.6 Weather Resistance

As mentioned previously, steel grades with the “W” suffix used in the United
States are called “weathering steels” since they are developed for increased
weather resistance, such as corrosion resistance. Weathering steels form a thin
iron oxide film on the surface when exposed to damp environment, which acts
as a coating that resists any further rusting. Weathering steels can be used in
bridge structures without special paints. Compared to normal steel grades,
weathering steel grades provide around 3 X corrosion resistance. However,
this is greatly dependent on the severity of environment conditions. In the
United States, the ASTM G101 [2.19] specification proposed a methodology
for classification of steels as weathering. The specification proposed a corrosion
index (I) based on the chemical composition of the steel. The ASTM A709
[2.1] specification indicates that steel grades with I>6 can be classified as
weathering steels indicated by the W suffix to the grade. It should be noted
that although paint coatings for normal steels are commonly used for corrosion
resistance, other options such as galvanizing steel may be effectively used. All of
the A709 bridge steels are suitable for use with any of these coating options.

2.2.7 Residual Stresses

Residual stresses are initial internal stresses existing in cross sections without
the application of an external load such as stresses resulting from manufactur-
ing processes of metal structural members by cold forming. Residual stresses
produce internal membrane forces and bending moments, which are in static
equilibrium inside the cross sections. The force and the moment resulting
from residual stresses in the cross sections must be zero. Residual stresses
in structural cross sections are attributed to the uneven cooling of parts of
cross sections after hot rolling. Uneven cooling of cross-sectional parts is
subjected to internal stresses. The parts that cool quicker have residual com-
pressive stresses, while parts that cool slower have residual tensile stresses.
Residual stresses cannot be avoided and in most cases are not desirable.
The measurement of residual stresses is therefore important for accurate
finite element modeling of steel and steel-concrete composite bridges.
Extensive experimental investigations were conducted in the literature to
determine the distribution and magnitude of residual stresses inside cross sec-
tions. The experimental investigations can be classified into two main cate-
gories: nondestructive and destructive methods. Examples of nondestructive
methods are X-ray diffraction and neutron diffraction. Nondestructive
methods are suitable for measuring stresses close to the outside surface of cross
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sections. On the other hand, destructive methods involve machining/cutting
of the cross section to release internal stresses and measure resulting change of
strains. Destructive methods are based on the destruction of the state of equi-
librium of the residual stresses in the cross section. In this way, the residual
stresses can be measured by relaxing these stresses. However, it is only pos-
sible to measure the consequences of the stress relaxation rather than the
relaxation itself. One of the main destructive methods is to cut the cross sec-
tion into slices and measure the change in strains before and after cutting.
After measuring the strains, some simple analytic approaches can be used
to evaluate resultant membrane forces and bending moments in the cross sec-
tions. Although the testing procedures to determine residual stresses are out-
side the scope of this book, it is important to detail how to incorporate
residual stresses in finite element models. It should be noted that in some
cases, incorporating residual stresses can have a small eftect on the structural
performance of metals. However, in some other cases, it may have a consid-
erable effect. Structural steel cross sections used in bridges are subjected to
more loading conditions than that commonly applied to buildings. Since
the main objective of this book is to accurately model all parameters affecting
the behavior and design of steel and steel-concrete composite bridges, the
way to model residual stresses is highlighted.

Limited numerical methods were presented in the literature to simulate
some typical and simple procedures introducing residual stresses. Dixit and
Dixit [2.20] modeled cold rolling for steel and gave a simplified approach to
find the longitudinal residual stress. The numerical simulation [2.20] has
provided the scope to investigate the effects of different parameters on
the magnitude and distribution of residual stresses such as material charac-
teristics and boundary conditions. Kamamato ef al. [2.21] have analyzed
residual stresses and distortion of large steel shafts due to quenching. The
results showed that residual stresses are strongly related to the transforma-
tional behavior. Toparli and Aksoy [2.22] analyzed residual stresses during
water quenching of cylindrical solid steel bars of various diameters by using
finite element technique. The authors have computed the transient temper-
ature distribution for solid bars with general surface heat transfer. Jahanian
[2.23] modeled heat treatment and calculated the residual stress in a long
solid cylinder by using theoretical and numerical methods with different
cooling speeds. Yuan and Wu [2.24] used a finite element program to ana-
lyze the transient temperature and residual stress fields for a metal specimen
during quenching. They modified the elastic-plastic properties of specimen
according to temperature fields. Yamada [2.25] presented a method of
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solving uncoupled quasistatic thermoplastic problems in perforated plates. In
their analysis, a transient thermal stress problem was solved for an infinite
plate containing two elliptic holes with prescribed temperature. An exten-
sive survey of the aforementioned numerical investigations was presented by
Ding [2.26]. However, to date, the effect of residual stresses on the structural
behavior and strength of the components of steel and steel-concrete com-
posite bridges was not fully understood, which is addressed in this book.
Reesidual stresses and their distribution are very important factors affecting
the strength of axially loaded steel members. These stresses are of particular
importance for slender columns, with slenderness ratio varying from approx-
imately 40-120. As a column load is increased, some parts of the column will
quickly reach the yield stress and go into the plastic range because of the pres-
ence of residual compression stresses. The stiffness will reduce and become a
function of the part of the cross section that is still elastic. A column with
residual stresses will behave as though it has a reduced cross section. This
reduced cross section or elastic portion of the column will change as the
applied load changes. The buckling analysis and postbuckling calculation
can be carried out theoretically or numerically by using an eftective moment
of inertia of the elastic portion of the cross section or by using the tangent
modulus. Figure 2.4 shows typical residual stress distributions in hot-rolled
and built-up I-sections. It can be seen that although both cross sections are I-
shaped sections, welding and cutting of plates of the built-up sections result in
differences in the distributions of residual stresses in both sections.

2.3 NONLINEAR MATERIAL PROPERTIES OF CONCRETE
2.3.1 General

Understanding nonlinear material behavior of concrete is quite important in
designing and finite element modeling of steel-concrete composite bridges
investigated in this book. As a material composition, plain concrete is a com-
posite material comprising a mixture of coarse and fine aggregates, cement,
water, and additions. Numerous design approaches are available in the liter-
ature that can be effectively used to provide the mix proportions that produce
plain concrete with a target strength, workability, permeability, etc. It should
be noted that explaining these design approaches is outside the scope of this
book. However, the nonlinear material properties of plain concrete required
for designing and finite element modeling of steel-concrete composite bridges
are highlighted in this book. Plain concrete behaves completely different
when subjected to compressive and tensile stresses. Plain concrete is a brittle
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Figure 2.4 Distributions of residual stresses in hot-rolled and built-up I-sections.

material that has a considerably higher compressive strength compared with its
tensile strength. Therefore, in steel-concrete composite bridges where massive
concrete decks lies on the top of steel beams, it is more economical to use it to
benefit from the composite action between steel and concrete in the regions
where the concrete is subjected to compressive stresses. However, when plain
concrete is subjected to tensile stresses, it fails prematurely if its tensile strength
is exceeded. Therefore, reinforcement steel bars are commonly placed in the
regions where plain concrete is subjected to tensile stresses to form reinforced
concrete (RC). Nonlinear material properties of reinforcement bars are also
briefly highlighted in this book. It should be also noted that detailing the
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nonlinear material properties of concrete in this book is based on specified
properties provided in current codes of practice. This is attributed to that
experimental and numerical investigations reported in the literature on non-
linear material properties are unlimited and difter from a country to another.
Since the main objective of this book is to provide a consistent and robust
nonlinear approach for designing and finite element modeling of steel-
concrete composite bridges, only specified values in current codes of practice

are highlighted in this book.

2.3.2 Concrete Stresses

In Europe, EC2 (BS EN 1992-1-1 and BS EN 1992-2) [2.27, 2.28] specify
that the compressive strength of concrete is denoted by concrete strength
classes, which are based on the characteristic cylinder strength f determined
at 28 days with a recommended maximum value Cp,,¢ (foc/fek cube) of C90/
105. The characteristic strengths for fy and the corresponding mechanical
characteristics necessary for design according to EC2 are given in Table 2.9.
In certain situations (e.g., prestressing), it may be appropriate to assess the
compressive strength of concrete before or after 28 days with reference to
test specimens stored under other conditions rather than those prescribed
in EN 12390 [2.29]. If the concrete strength is determined at an age
t>28 days, the values o and o, which are coefficients taking account
of long-term effects on the compressive and tensile strengths, respectively,
should be reduced by a factor k.. EC2 recommends the value of k; as 0.85.
According to EC2, when it is required to specify the concrete compressive
strength, f. (), at time ¢ for a number of stages (e.g., transfer of prestress), the
following relationships can be used:

Sfa(£) =fem () —8(MPa) for 3 << 28 days. (2.5)
Jfu(t) =fu for ¢>28 days. (2.6)

The compressive strength of concrete at an age t depends on the type of
cement, temperature, and curing conditions. For a mean temperature of
20 °C and curing in accordance with EN 12390 [2.29], the compressive
strength of concrete at various ages f.,,(t) may be estimated as follows:

me(t) :ﬂcc(t)fcm (2'7)

Beelt) = exp{s[1 - (?)1/1 } (2.8)

with



Table 2.9 Strength and Deformation Characteristics for Concrete Specified in EC2 [2.27]

Strength Classes for Concrete

fox (MPa)
_f;k,cube (MPa)
ﬂ111 (MP3>
feem (MPa)
Jew, 0.0s (MPa)
Jewk, 0.95 (MPa)
E_,, (GPa)

&1 (%0)

Ecul (%0)

&2 (%0)

Ecu2 (%0)

n

) (%0)

Ecus (%0)

12
15
20
1.6
1.1
2.0
27
1.8
35
2.0
35
2.0
1.75
35

16
20
24
1.9
1.3
2.5
29
1.9

20
25
28
2.2
1.5
2.9
30
2.0

25
30
33
2.6
1.8
3.3
31
2.1

30
37
38
2.9
2.0
3.8
33
2.2

35
45
43
3.2
2.2
4.2
34
2.25

40
50
48
35
2.5
4.6
35
2.3

45
55
53
3.8
2.7
4.9
36
2.4

50
60
58
4.1
2.9
53
37
2.45

55
67
63
4.2
3.0
55
38
2.5
3.2
2.2
3.1
1.75
1.8
3.1

60

75

68

4.4
31
5.7
39

2.6
3.0
2.3
2.9
1.6
1.9
2.9

70
85
78
4.6
3.2
6.0
41
2.7
2.8
2.4
2.7
1.45
2.0
2.7

80

95

88

4.8
3.4
6.3
42

2.8
2.8
25
2.6
1.4
22
2.6

90
105
98

5.0
35
6.6
44

2.8
2.8
2.6
2.6
1.4
2.3
2.6
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where f.,,(f) is the mean concrete compressive strength at an age of f days, f.,,
is the mean compressive strength at 28 days according to Table 2.9, f..(¢t) is a
coefficient that depends on the age of the concrete f, t is the age of the con-
crete in days, and s is a coefficient that depends on the type of cement. The
value of s is equal to 0.2 for cement of strength classes CEM 42,5 R, CEM
52,5N, and CEM 52,5 R (class R). The value of s is equal to 0.25 for cement
of strength classes CEM 32,5 R and CEM 42,5N (class N). The value of s is
equal to 0.38 for cement of strength class CEM 32.5N (class S). The tensile
strength refers to the highest stress reached under concentric tensile loading.
Where the tensile strength is determined as the splitting tensile strength,
Jetsp» an approximate value of the axial tensile strength, f., may be taken as

Jee =09 feep (2.9)

The development of tensile strength with time is strongly influenced by
curing and drying conditions and by the dimensions of the structural mem-
bers. As a first approximation, it may be assumed that the tensile strength
feeam(f) can be calculated based on the values of f..,, given in Table 2.9, as
follows:

Som() = (Bec(1))” - feom (2.10)

where
a=1 for <28

0=2/3 for t>28 (2.11)

According to EC2 [2.27, 2.28], the elastic deformations of concrete
largely depend on its composition (especially the aggregates). The values
given in EC2 should be regarded as indicative for general applications.
However, they should be specifically assessed if the structure is likely to
be sensitive to deviations from these general values. The modulus of elastic-
ity of a concrete is controlled by the moduli of elasticity of its components.
Approximate values for the modulus of elasticity E,,,, secant value between
06.=0 and 0.4f,,, for concretes with quartzite aggregates, are given in
Table 2.9. For limestone and sandstone aggregates, the value should be
reduced by 10% and 30%, respectively. For basalt aggregates, the value
should be increased by 20%. According to EC2, variation of the modulus
of elasticity with time can be estimated as follows:

Een(£) = (o (£) /fim)" Econ (2.12)

where E.,(f) and f.,(f) are the values at an age of f days and E., and f.,,, are
the values determined at an age of 28 days. Poisson’s ratio (v.) may be taken
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equal to 0.2 for uncracked concrete and 0.0 for cracked concrete. Unless
more accurate information is available, the linear coefficient of thermal
expansion may be taken equal to 10 x 107° per K.

2.3.3 Creep and Shrinkage

Creep and shrinkage of the concrete depend on the ambient humidity, the
dimensions of the element, and the composition of the concrete. Creep is
also influenced by the maturity of the concrete when the load is first applied
and depends on the duration and magnitude of the loading. According to
EC2 [2.27, 2.28], the creep coeficient, ©(t, ), is related to E., the tangent
modulus, which may be taken as 1.05E_,,. The code provides charts for
determining the creep coefficient, provided that the concrete is not sub-
jected to a compressive stress greater than 0.45 fy(fy) at an age f, the age
of concrete at the time of loading. The creep deformation of concrete &,
(00, fp) at a time t=00 for a constant compressive stress d. applied at the
concrete age fo is given by

&cc(00,19) = (00,1 (0. /E,) (2.13)

When the compressive stress of concrete at an age to exceed the value
0.45 fu(to), EC2[2.27, 2.28] requires that creep nonlinearity should be con-
sidered. The high stress can occur as a result of pretensioning, for example, in
precast concrete members at tendon level. In such cases, the nonlinear
notional creep coefficient should be obtained as follows:

©,1(00,t0) = (00,t) exp[1.5(k, — 0.45)] (2.14)

where (,,)(00,1) is the nonlinear notional creep coefficient, which replaces
©(00,1); k, 1s the stress-strength ratio o./f4(fy), where o is the compressive
stress; and f.(fp) is the characteristic concrete compressive strength at the
time of loading. The values of the final creep coefficient ¢ (00,f;) are given
in EC2 and are valid for ambient temperatures between —40 °C and +40 °C
and a mean relative humidity between RH=40% and RH=100%. In
determining ¢(00,f), fo 1s the age of the concrete at time of loading in days
and hg is the notional size =2A./u, where A is the concrete cross-sectional
area and u is the perimeter of that part that is exposed to drying.

The total shrinkage strain, according to EC2, is composed of two com-
ponents, the drying shrinkage strain and the autogenous shrinkage strain.
The drying shrinkage strain develops slowly, since it is a function of the
migration of the water through the hardened concrete. The autogenous
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shrinkage strain develops during hardening of the concrete, with the major
part therefore developing in the early days after casting. Autogenous shrink-
age is a linear function of the concrete strength. It should be considered spe-
cifically when new concrete is cast against hardened concrete. Hence, the
values of the total shrinkage strain ¢, can be calculated as follows:

Es =Ecd + Eca (2.15)

where & is the total shrinkage strain, &.41s the drying shrinkage strain, and ¢,
is the autogenous shrinkage strain. The final value of the drying shrinkage
Strain €.q,oo 1 equal to kp- &.4.0. £cq,0 may be taken from Table 2.10. The devel-
opment of the drying shrinkage strain in time can be calculated as follows:

&cd(t) = P, (1.85) ke o (2.16)

where ky, is a coefficient depending on the notional size hj according to
Table 2.11:
(t—t)

(t—1t) +0.04y/ I
where tis the age of the concrete at the moment considered in days and £ is

the age of the concrete (days) at the beginning of drying shrinkage (or swell-
ing). Normally, this is at the end of curing; hj is the notional size (mm) of the

Scd(t) = (217)

Table 2.10 Nominal Unrestrained Drying Shrinkage Values &.4o (%0) for Concrete with
Cement CEM Class N Specified in EC2 [2.27]
Relative Humidity (%)

foid Faccupe 20 40 60 80 920 100
20/25 0.62 0.58 0.49 0.30 0.17 0.00
40/50 0.48 0.46 0.38 0.24 0.13 0.00
60/75 0.38 0.36 0.30 0.19 0.10 0.00
80/95 0.30 0.28 0.24 0.15 0.08 0.00
90/105 0.27 0.25 0.21 0.13 0.07 0.00

Table 2.11 Values for k;, Specified in EC2 [2.27]

ho Kn

100 1.00
200 0.85
300 0.75

> 500 0.70
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cross section =2A./u, where A. is the concrete cross-sectional area and u is
the perimeter of that part of the cross section, which is exposed to drying.
The autogenous shrinkage strain can be calculated as follows:

tea(t) = P (1) £ca(00) (2.18)
where
£ca(00) = 2.5(f — 10)107° (2.19)
and

B, (t) =1—exp(—0.2"?) (2.20)

2.3.4 Stress-Strain Relation of Concrete for Nonlinear
Structural Analysis

In nonlinear structural analysis and in nonlinear finite element modeling,
concrete material should be carefully treated. In the absence of experimental
data, design rules specified in current codes of practice can be adopted. As an
example, EC2 [2.27] provides the relation between ¢, and &. shown in
Figure 2.5 (compressive stress and shortening strain shown as absolute values
and the use of 0.4 f.,,, for the definition of E.,, are approximates) for short-
term uniaxial loading, which is described by the following expression:

22
2:]67]—77 (2‘21)
fcm 1+(k_2)77

0.4fcm

»
>

&l €l &

Figure 2.5 Schematic representation of the stress-strain relation for structural analysis
specified in EC2 [2.27].
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where n=¢./¢.1, where & is the strain at peak stress according to Table 2.9,
and k=1.05 E.,, X | &c1 | /fem» Where f, is taken from Table 2.9. Expres-
sion (2.21) is valid for 0 < |&.| <&cu1, Where €., Is the nominal ultimate
strain.

According to EC2 [2.27, 2.28], the value of the design compressive
strength is defined as follows:

fed = Otee fok/ Ve (2.22)

where y¢ is the partial safety factor for concrete and o, is the coefficient
taking account of long-term effects on the compressive strength, which is
recommended to be taken as 1.0. The value of the design tensile strength,
feras 18 defined as follows:

Sferd = Gt fctk,0.0S/VC (2'23)

where a,, is a coefficient taking account of long-term effects on the tensile
strength, which 1s recommended to be taken as 1.0.

2.3.5 Stress-Strain Relations for the Design of Cross Sections

To design concrete cross section, simplified stress-strain curves can be
adopted to ease hand calculations. As an example, for the design of cross sec-
tions using EC2, the following stress-strain relationship is recommended (see
Figure 2.6) (compressive strain shown as positive):

O'C:_f;d|:1_<1_i>:| fOI'OSSCS((Icz (224)

&2
Oc :ﬂd tor &2 S & S Ecu2 (225)

where n is the exponent according to Table 2.9, &, is the strain at reaching
the maximum strength according to Table 2.9, and & is the ultimate strain
according to Table 2.9. Other simplified stress-strain relationships may be
used if equal to or more conservative than the nonlinear one, for instance,
bilinear according to Figure 2.7 (compressive stress and shortening strain
shown as absolute values) with values of &3 and &.,3 according to Table 2.9.

A rectangular stress distribution (as given in Figure 2.8) may be assumed.
The factor 4, defining the effective height of the compression zone, and the
factor 7, defining the effective strength, can be taken as follows:

2=0.8 for fy <50 Mpa

2=0.8— (fu —50) /400 for 50 < fu < 90 Mpa (2.26)
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Oﬁ:‘r

&2 €2

Figure 2.6 Parabola-rectangle diagram for concrete under compression specified in
EC2 [2.27].
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Figure 2.7 Bilinear stress-strain relation specified in EC2 [2.27].

Eu3 MWea

2] .

Figure 2.8 Rectangular stress distribution specified in EC2 [2.27].
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and

n=1.0 for fix <50 Mpa

n=1.0—(fu —50)/200 for 50 < fy, <90 Mpa (2.27)

It should be noted that, according to EC2, if the width of the compres-

sion zone decreases in the direction of the extreme compression fiber, the
value 7f.4 should be reduced by 10%.

2.3.6 Flexural Tensile Strength

The mean flexural tensile strength of reinforced concrete members depends
on the mean axial tensile strength and the depth of the cross section. EC2
[2.27, 2.28] recommends the following relationship to be used in determin-
ing mean flexural tensile strength of reinforced concrete members:

Jeem, g = max{ (1.6 — h/1000)fem; form } (2.28)

where h is the total member depth in mm and f., is the mean axial tensile
strength following Table 2.9. The relation given earlier also applies for the
characteristic tensile strength values.

2.3.7 Confined Concrete

In cases where concretes are surrounded by a stiffer material, such as
concrete-filled steel tubular columns, the compressive strength and ductility
of concrete are improved significantly. In this case, the concrete is called
confined concrete, and depending on the yield stress and geometries of
the surrounding stiffer material, the mechanical properties of this concrete
improve considerably compared with unconfined concrete. To accurately
model confined concrete, improved mechanical properties must be consid-
ered in nonlinear structural analysis and in nonlinear finite element model-
ing. Current codes of practice provide guidelines to account for concrete
confinement. As an example, by adopting EC2 [2.27, 2.28], confinement
of concrete results in a modification of the effective stress-strain relationship,
achieving higher strength and higher critical strains. The other basic material
characteristics may be considered as unaftected for design. In the absence of
more precise data, the stress-strain relation shown in Figure 2.9 (compressive
strain shown as positive) may be used, with increased characteristic strength
and strains according to

_f;k,c :fck(10 + 5-00-2/fck> for () S OOSka (229)
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Figure 2.9 Stress-strain relationship for confined concrete specified in EC2 [2.27].

fck,c :fck(1125+2502/fck) for o, >005ﬁk (230)
2

Ec2,c :8c2(fck,c/ ck) (231)

Ecu2,c = €cu2 + 0'20-2/_f;k (232)

where 6, (=03) is the effective lateral compressive stress at the ultimate limit
state due to confinement and €., and &, follow Table 2.9. Confinement can
be generated by adequately closed links or cross ties, which reach the plastic
condition due to lateral extension of the concrete.

2.4 NONLINEAR MATERIAL PROPERTIES
OF REINFORCEMENT BARS

2.4.1 General

The third main component of steel-concrete composite bridges is the rein-
forcement bars. Concrete slab decks used in steel-concrete composite brid-
ges are strengthened with either reinforcement bars or prestressing tendons.
In order to model the bridges accurately, it is quite important to understand
the nonlinear material behavior of the reinforcement imbedded in the floor
decks. Once again, when highlighting the nonlinear material behavior of the
reinforcement bars, to use specified values recommended in current codes of
practice to provide a consistent modeling approach is advisable. However, in
the presence of detailed experimental investigations regarding the nonlinear
material behavior of reinforcement bars, the experimental data can be also
incorporated in designing and finite element modeling of the bridges.
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In Europe, EC2 [2.27, 2.28] gives principles and rules for reinforcement,
which is in the form of bars, decoiled rods, welded fabric, and lattice girders.
They are not applicable to especially coated bars. One of the required prop-
erties of the reinforcement is that the material should be placed in the hard-
ened concrete. The steels covered in EC2 are that in accordance with
EN10080 [2.14]. The required properties of reinforcing steels shall be ver-
ified using the testing procedures in accordance with EN 10080. It should be
noted that EN 10080 refers to a yield strength R.., which relates to the char-
acteristic, minimum and maximum values based on the long-term quality
level of production. In contrast, f is the characteristic yield stress based
on only the reinforcement used in a particular structure. There is no direct
relationship between f.y and the characteristic R.. However, the methods of
evaluation and verification of yield strength given in EN 10080 provide a
sufficient check for obtaining fy.

2.4.2 Properties

According to EC2 [2.27, 2.28], the behavior of reinforcing steel is spec-
ified by main properties comprising yield strength (fyy or fy 2x), maximum
actual yield strength (fy .x), tensile strength (f,), ductility (eu and f/fyx),
bendability, bond characteristics (fr), section sizes and tolerances, fatigue
strength, weldability, and shear and weld strength for welded fabric and
lattice girders. EC2 [2.27, 2.28] applies to ribbed and weldable reinforce-
ments, including fabric. The permitted welding methods are given in
Table 2.12, while Table 2.13 gives the properties of reinforcement
suitable for use with EC2. The properties are valid for temperatures
between —40 and 100 °C for the reinforcement in the finished structure.
It should be noted that the values for the fatigue stress range with an upper
limit of ff; are given in Table 2.14. The recommended value of fis 0.6.
The rules for design and detailing specified in EC2 are valid for a specified
yield strength range, f,x =400-600 MPa. The surface characteristics of
ribbed bars shall be such to ensure adequate bond with the concrete. Ade-
quate bond may be assumed by complying the specification of projected
rib area, fr, with minimum values of the relative rib area, fg, given in
Table 2.14. The yield strength fyx (or the 0.2% proof stress, fj ) and
the tensile strength f; are defined, respectively, as the characteristic value
of the yield load and the characteristic maximum load in direct axial ten-
sion, each divided by the nominal cross-sectional area. The reinforcement
shall have adequate ductility as defined by the ratio of tensile strength
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Table 2.12 Permitted Welding Processes and Examples of Application Specified in

EC2 [2.27]

Loading Case

Welding Method

Bars in

Bars in Tension® Compressionb

Predominantly Flash welding Butt joint
static Manual metal arc Butt joint with ¢ >20 mm,
welding and metal arc splice, lap, cruciform joints;
welding with filling joint with other steel members
electrode
Metal arc active Splice, lap, cruciform® joints;
welding” joint with other steel members
- Butt joint
with
p>20 mm
Friction welding Butt joint and joint with other
steels
Resistance spot welding ~ Lap joint”
Cruciform joint™
Not Flash welding Butt joint
predominantly ~ Manual metal arc - Butt joint
static welding with
p>14 mm
Metal arc active - Butt joint
welding” with
¢ >14 mm
Resistance spot welding ~ Lap joint"

. . . bd
Cruciform joint™*

*Only bars with approximately the same nominal diameter may be welded together.
®Permitted ratio of mixed diameter bars >0.57.

“For bearing joints ¢ > 16 mm.

4For bearing joints ¢ > 28 mm.

to the yield stress (f/f,)x and the elongation at maximum force, &u.
Figure 2.10 shows stress-strain curves for typical hot-rolled and cold-
worked steel. Values of k= (f/f,)x and &, for classes A, B, and C are
shown in Table 2.13. Welding processes for reinforcing bars shall be in
accordance with Table 2.12, and the weldability shall be in accordance
with EN 10080 [2.14]. The strength of the welded joints along the
anchorage length of welded fabric shall be sufficient to resist the design
forces. The strength of the welded joints of welded fabric may be assumed
to be adequate if each welded joint can withstand a shearing force not less
than 25% of a force equivalent to the specified characteristic yield stress
times the nominal cross-sectional area. This force should be based on



Table 2.13 Properties of Reinforcement Specified in EC2 [2.27]

Requirement

Product Form Bars and Decoiled Rods Wire Fabrics or Quantile
Value (%)
Class A B C A B C -
Characteristic yield strength f, or fy i (MPa) 400-600 5.0
Minimum value of k= (f/f,)x >1.05 >1.08 >1.15 >1.05 >1.08 >1.15 10.0
>1.35 >1.35
Characteristic strain at maximum force, &, (%) >2.50 >5.0 >75 >25 >5.0 >7.5 10.0
Bendability Bend/rebend test -
Shear strength - 0.3Afx (A is the area of ~ Minimum
wire)
Nominal bar size 5.0

Maximum deviation
from

Nominal mass

(Individual bar or wire)

(%)

(mm)
<8
>8

£6.0
+4.5

9L

Apogoyi3 gey3
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Table 2.14 Properties of reinforcement specified in EC2 [2.27]

Bars and .
Decoiled Wire Requirement or
Rods Fabrics Quantile Value
Product Form (%)
Class A B C A B C -
Fatigue stress range (MPa) (for >150 >100 10.0
N>2 x10° cycles) with an upper
limit of Bj;/k
Bond Nominal 5.0
bar size
(mm)
Minimum relative rib area, fa_min 5-6 0.035
6.5-12 0.04
>12 0.056
O a Oy
. Je =kfo 2k
N ; Joax
Sy |--- !
i
1
1
5:11( £ 0.2% &1k e
(a) Hot rolled steel (b) Cold worked steel

Figure 2.10 Stress-strain diagrams of typical reinforcing steel specified in EC2 [2.27].

the area of the thicker wire if the two are different. EC2 specifies that
where fatigue strength is required, it shall be verified in accordance with
EN 10080 [2.14]. The design of concrete cross sections with reinforce-
ment bars should be based on the nominal cross-sectional area of the rein-
forcement and the design values derived from the characteristic values
given in EC2 [2.27, 2.28]. For normal design (see Figure 2.11), either
an inclined top branch with a strain limit of &,4 and a maximum stress
of kfyk/ys at &y, where k= ( fi/f,), or a horizontal top branch without
the need to check the strain limit can be used. The recommended value
specified in EC2 [2.27, 2.28] for &,4 18 0.9¢,. The mean value of density
may be assumed to be 7850 kg/m>. The design value of the modulus of
elasticity, Es, may be assumed to be 200 GPa.
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Figure 2.11 Idealized and design stress-strain diagrams for reinforcing steel (for tension
and compression) specified in EC2 [2.27].

2.5 NONLINEAR MATERIAL PROPERTIES OF PRESTRESSING
TENDONS

2.5.1 General

Prestressed concretes are commonly used in steel-concrete composite brid-
ges. In this case, high-strength prestressing tendons are used to apply the ini-
tial stresses in concrete. To incorporate prestressed concrete decks in
designing and finite element modeling of steel-concrete composite bridges,
it is necessary to understand the nonlinear material behavior of the prestres-
sing tendons imbedded in the floor decks. Once again, when highlighting
the nonlinear material behavior of the reinforcement bars, it is decided to
use specified values recommended in current codes of practice to provide
a consistent modeling approach. However, in the presence of detailed
experimental investigations regarding the nonlinear material behavior of
prestressing tendons, the experimental data can be also incorporated into
the designing and finite element modeling of the bridges. EC2 [2.27] also
specifies rules that apply to wires, bars, and strands used as prestressing ten-
dons in concrete structures. Prestressing tendons shall have an acceptably
low level of susceptibility to stress corrosion. The level of susceptibility to
stress corrosion may be assumed to be acceptably low if the prestressing ten-
dons comply with the criteria specified in EN 10138 [2.30]. The require-
ments for the properties of the prestressing tendons are for the materials
as placed in their final position in the structure, where the methods of pro-
duction, testing, and attestation of conformity for prestressing tendons are in
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accordance with EN 10138 [2.30]. For steels complying with this Eurocode,
tensile strength, 0.1% proofstress, and elongation at maximum load are spec-
ified in terms of characteristic values; these values are designated, respec-
tively, fok» fpoak and &y. It should be noted that EN 10138 [2.30] refers
to the characteristic, minimum and maximum values based on the long-term
quality level of production. In contrast, f,ox and f,i are the characteristic
proof stress and tensile strength based on only the prestressing steel required
for the structure. There is no direct relationship between the two sets of
values. However, the characteristic values for 0.1% proof force, Fy i,
divided by the cross-sectional area, S,,, given in EN 10138 together with
the methods for evaluation and verification provide a sufficient check for
obtaining the value of f,o . No welds in wires and bars are allowed. Indi-
vidual wires of strands may contain staggered welds made only before cold
drawing.

2.5.2 Properties

According to EC2 [2.27, 2.28], the properties of prestressing steel are given
in EN 10138 [2.30]. The prestressing tendons (wires, strands, and bars) shall
be classified according to strength, class, size, and surface characteristics. The
strength denotes the value of the 0.1% proof stress ( f,o1) and the value of
the ratio of tensile strength to proof strength ( fox/fy0.1x) and elongation at
maximum load &,. On the other hand, the class indicates the relaxation
behavior. The actual mass of the prestressing tendons shall not differ from
the nominal mass by more than the limits specified in EN 10138 [2.30].
EC2 specifies three classes of relaxation, which are class 1 (wire or strand
with ordinary relaxation), class 2 (wire or strand with low relaxation),
and class 3 (hot-rolled and processed bars). The design calculations for the
losses due to relaxation of the prestressing steel should be based on the value
of P1000, the relaxation loss (in %) at 1000 h after tensioning and at a mean
temperature of 20 °C. It should be noted that the value of p1gg is expressed
as a percentage ratio of the initial stress and is obtained for an initial stress
equal to 0.7f,, where f, is the actual tensile strength of the prestressing steel
samples. The values for p;o0o can be either assumed equal to 8% for class 1,
2.5% for class 2, and 4% for class 3 or taken from the certificate. The relax-
ation loss may be obtained from the manufacturers’ test certificates or
defined as the percentage ratio of the variation of the prestressing stress over
the initial prestressing stress, which should be determined by applying one of
the expressions in the succeeding text. Expressions (2.33) and (2.34) apply to
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wires or strands for ordinary prestressing and low-relaxation tendons, respec-
tively, whereas Expression (2.35) applies to hot-rolled and processed bars:

Ao ¢t \075(1-p)
Class1 222 — 5.39p, 67K (—) 1075 2.33
ass Gy P1o00€ 1000 ( )
Ac £\ 07501-4)
Class2 222 — 0,66, 21 (—) 1075 234
ass oy P1000€ 1000 ( )
Ao £\ 0.75(1—p)
Class3 —2¥ —1.98p, &% (—) 1075 235
ass oo P1000€ 1000 ( )

where Ag,, is the absolute value of the relaxation losses of the prestress, o,,;;
for posttensioning, g, is the absolute value of the initial prestress 0, =G pmo
and, for pretensioning, is the maximum tensile stress applied to the tendon
minus the immediate losses occurred during the stressing process; f is the
time after tensioning (in hours); =0;/f,x Where f is the characteristic
value of the tensile strength of the prestressing steel; and pigoo is the value
of relaxation loss (in %), at 1000 h after tensioning and at a mean temperature
of 20 °C. The long-term (final) values of the relaxation losses may be esti-
mated for a time f equal to 500,000 h (i.e., around 57 years).

The 0.1% proofstress (f,o.1) and the specified value of the tensile strength
(fpk) are defined as the characteristic value of the 0.1% proof load and the
characteristic maximum load in axial tension, respectively, divided by the
nominal cross-sectional area as shown in Figure 2.12. According to EC2,

7y

Jk

Jo0.1k

0.1% &uk €
Figure 2.12 Stress-strain diagram for typical prestressing steel specified in EC2 [2.27].
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the prestressing tendons shall have adequate ductility, as specified in EN
10138 [2.30]. Adequate ductility in elongation may be assumed if the pre-
stressing tendons obtain the specified value of the elongation at maximum
load given in EN 10138. Adequate ductility in tension may be assumed
for the prestressing tendons if f,/fyox > k. The value of k specified in
EC2 is 1.1. EC2 also specifies that prestressing tendons shall have adequate
fatigue strength. The fatigue stress range for prestressing tendons shall be in
accordance with EN 10138 [2.30]. Structural analysis is performed on the
basis of the nominal cross-sectional area of the prestressing steel and the char-
acteristic values f,o 1, fok> and &u. The design value for the modulus of elas-
ticity, Ep, may be assumed equal to 205 GPa for wires and bars. The actual
value can range from 195 to 210 GPa, depending on the manufacturing pro-
cess. The design value for the modulus of elasticity, Ep, may be assumed
equal to 195 GPa for a strand. The actual value can range from 185 to
205 GPa, depending on the manufacturing process. The mean density of
prestressing tendons for the purposes of design may normally be taken as
7850 kg/m>. The values given earlier may be assumed to be valid within
a temperature range between —40 and +100 °C for the prestressing steel
in the finished structure. The design value for the steel stress, fuq, is taken
as fooux/ Vs (see Figure 2.13). For cross-sectional design, either an inclined
branch with a strain limit &,4 or a horizontal top branch without strain limit
can be utilized. The design may also be based on the actual stress-strain rela-
tionship, if this is known, with stress above the elastic limit reduced analo-
gously (see Figure 2.11). It should be noted that, according to EC2, the
recommended value for .4 1s 0.9¢,,. If more accurate values are not known,

oA Idealized
f‘pk TTTTTTTTTTT T '_'____'_:;_;"":
————— :
. - - /
.fO.lpk =" ———— prk’ys

Jod = Jpo/ % |- == /

Jod Ep &ud e ¢
Figure 2.13 Idealized and design stress-strain diagrams for prestressing steel specified

in EC2 [2.27].
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the recommended values are &,4=0.02 and fyo 1/ foxk =0.9. Prestressing ten-
dons in sheaths (e.g., bonded tendons in ducts and unbonded tendons) shall
be adequately and permanently protected against corrosion. Prestressing
tendons in sheaths shall be adequately protected against the eftects of fire
as specified in EC2 (BS EN 1992-1-2) [2.31].

2.6 NONLINEAR BEHAVIOR OF SHEAR CONNECTION
2.6.1 General

Steel-concrete composite construction is used extensively in highway brid-
ges owing to its advantages in terms of saving in weight of steel, high
strength, high stiffness, high resistance to seismic and cyclic loading, increas-
ing load capacity, better fire resistance, and reduction in construction depth.
In composite beam design, shear connectors are commonly used to transfer
longitudinal shear forces across the steel-concrete interface. The shear
strength of the connector and the resistance of the concrete slab against lon-
gitudinal cracking are the main factors affecting the shear stiffness and
strength of the shear connection. Calculation of the structural behavior of
composite beams depends on how much slip is assumed to occur at the inter-
face between concrete and steel. Experimental push-oft tests are the tradi-
tional source of knowledge about the load-slip behavior and the shear
capacity of the shear stud in composite beams.

Up to the early 1950s, steel beams were designed to act as composite
beams with solid concrete slabs of various thickness, connected to them
using a variety of types of mechanical shear connectors. However, during
this period, composite construction in buildings was generally uneconom-
ical. This was due to the significant amount of formwork and propping
required for the concrete slabs, along with the costly process in terms of time
of having the shear connectors welded to the steel beams. In a composite
steel-concrete beam, the floor slab tends to slide along the flange of the steel
beam and the importance of the shear connectors arises from preventing this
slippage. The structural behavior of a composite beam is affected by the slip
at the steel-slab interface. Practically, the assumption that this slip may be
completely eliminated cannot be ensured. Therefore, accurate calculation
methods of the structural behavior of composite girders must take into con-
sideration the eftects of this slip. Push-oft tests provide a convenient way to
study the behavior of shear connector without carrying an expensive full
bending test. Initially, the evaluation of the shear capacity of connectors
was the main output of these tests. After that, researchers realized that the
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load-slip behavior of the connector was also of equal importance. The slip
at the steel-concrete interface depends on many factors such as type of con-
nector, size of shear connector, spacing between connectors, type of floor
slab, and concrete strength of slab. To evaluate the load-slip behavior of
the connector taking into account all parameters that affect the shear con-
nection, an unlimited number of expensive push-oft tests would need to
be carried out. Numerical modeling of push-off tests can be used in carrying
out extensive parametric studies to evaluate the load-slip behavior of the
shear connector.

The development of the electric drawn arc stud welding apparatus in
1954 allowed a type of shear connector known as the headed stud connector
(see Figure 2.14) to be rapidly fastened to the top flange of the steel beams
in situ. Due to its advantages over other forms of shear connection, such as
rapid installation and the fact that they were equally strong and stift in shear
in all directions normal to the axis of the stud, the stud connector became
one of the most popular types of connector used in composite construction.
Studies of stud connectors did not begin until 1956. Push-off tests on stud
connectors were first carried out by Viest [2.32]. The study used straight
studs with an upset head of diameter ranging from 0.5 (13 mm) to
1.25 in. (32 mm). Fatigue and static tests were also performed by Thurli-
mann [2.33]. These push-off studies used 0.5 in. (13 mm) diameter bent
studs and, to a lesser extent, 0.75 in. (19 mm) diameter straight studs with
an upset head. All the push-off tests showed that steel studs are suitable
for use as shear connectors and that the behavior of a stud connector is similar
to that of a flexible channel connector. The shear capacity was found to be a
function of the diameter and height of the stud and of the strength of the
concrete.

During the latter half of the 1950s, profiled steel sheeting (decking) (see
Figure 2.15) was introduced in the North American steel construction

Not less than 1.5d Automatic stud weld
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Figure 2.14 Headed stud shear connector.
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Figure 2.15 Composite beam with profiled steel decking spanning the same direction.

market that eliminated the use of traditional timber temporary forms. Ini-
tially, the new decking system served only as a replacement for the timber
formwork due to its advantages of serving as a working platform to support
the construction loads, as well as a permanent formwork for the concrete.
Once the sheets had their surfaces suitably embossed with small indentations
to ensure reliable bond with the concrete, it became an integral structural
element of the slab by providing all or a part of the main tension reinforce-
ment, and it was eventually incorporated into the overall composite floor
and framing system. Since the decking created a barrier between the con-
crete slab and the steel beam, holes were initially cut or punched into the
deck for the welding of the stud shear connectors, but it soon became pos-
sible to weld these connectors through the decking. The disadvantages of
this form of construction were the operation and cost of welding the con-
nectors through the decking on site, the limitations to maximum spans to
about 3.5 m without propping, and the addition of framing, and a “wet
trade” is involved in pouring the concrete floor that prevents a dry construc-
tion environment.

The use of composite construction can be seen now between steel beams
and different concrete slabs. As an example, the use of prestressed hollow
core concrete slabs in conjunction with steel beams to provide composite
action is a new form of construction. In this construction, the prestressed
hollow core concrete units are placed on the top of the steel beam as shown
in Figure 2.16. Tie steel is placed on site into the slots made at the top of the
hollow cores, which are filled with grade C25 (minimum) in situ concrete.
The slab rests directly on the top of the flange of the steel beam as shown in
Figure 2.16, and shear connectors are used to ensure the composite action
between the prestressed hollow core concrete floor and the steel beam.
Figure 2.17 shows the details of the precast in sifu joint in a composite beam
with hollow core concrete units. The longitudinal and transverse joints
between the hollow core concrete units are filled with in situ concrete so
that horizontal compressive membrane forces can be transferred through
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In situ concrete
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Transverse reinforcement

Steel beam with prewelded studs
Figure 2.16 Prestressed hollow core concrete-steel beam construction.
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Figure 2.17 Details of the prestressed in situ joint of composite beam with hollow core
concrete units.

the slab. Composite construction incorporating prestressed hollow core
concrete units is intended to complement the traditional composite con-
struction with steel decking and to offer advantages where, for reasons of
design or environmental considerations, a steel decking system may be pre-
cluded. The main advantages of this form of construction are that the precast
concrete slabs can span up to 15 m without propping, the erection of 1.2 m
wide precast concrete units is simple, and quick and shear studs are pre-
welded on beams before delivery to site, thereby oftering additional savings
associated with shorter construction times.



86 Ehab Ellobody

2.6.2 Shear Connectors

In steel-to-concrete composite construction, longitudinal shear forces are
transferred across the steel-concrete interface by the mechanical action of
the shear connectors. The problem associated with this connection is that
it is a region of severe and complex stress. The methods of connection have
been developed empirically and verified by tests. These tests show that atlow
loads, most of the longitudinal shear is transferred by bond at the interface.
This bond breaks down at higher loads, and once broken, it cannot be
restored. So, in design calculations, bond strength is taken as zero. Also,
greasing the steel flange before the concrete is cast destroys the bond
between it and the concrete slab. The design of the connectors to ensure
an adequate degree of interaction was first specified in CP 117 [2.34,
2.35]. There are numerous types of shear connectors available in the market
such as channels, bent bars, and T-sections. However, the most widely used
type of connector is the headed stud shown in Figure 2.14. The British Stan-
dards [2.36] require the steel from which the studs are manufactured to have
an ultimate tensile strength of at least 450 N/mm? and an elongation of at
least 15%. The advantages of stud connectors are that the welding process
is rapid, they provide little obstruction to reinforcement in the concrete slab,
and they are equally strong and stift in shear in all directions normal to the
axis of the stud. The property of a shear connector most relevant to design is
the relationship between the longitudinal shear force transmitted, P, and the
slip at the interface, 0. This load-slip curve should ideally be found from tests
on composite beams. However, most of the data on connectors have been
obtained from various types of “push-oft” test. The flanges of a short length
of steel I-section are connected to two small concrete slabs. The details of the
“standard push-off test” given in Eurocode 4 (EC4) [2.37] are shown in
Figure 2.18. The slabs are bedded onto the lower platen of a
compression-testing machine or frame, and the load is applied to the upper
end of the steel section. The slip between the steel member and the two slabs
is measured at several points, and the average slip is plotted against the load
per connector. The push-oft test must be specified in detail for the load-slip
relationship, which is influenced by many variables. The variables include
the number of connectors in the test specimen; mean longitudinal stress
in the concrete slab surrounding the connectors; size, arrangement, and
strength of slab reinforcement; thickness of concrete surrounding the con-
nectors: freedom of the base of each slab to move laterally; bond at the steel-
concrete interface; strength of the concrete slab; and degree of compaction
of the concrete surrounding the base of each connector. The amount of
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Figure 2.18 Standard push-off test specimen specified in EC4 [2.37].

reinforcement specified and the size of the slabs are greater than that of the
earlier British Standard push-off test [2.38] shown in Figure 2.19. EC 4
[2.37] gives results that are less influenced by splitting of the slabs and so give
better predictions of the behavior of connectors in beams as mentioned by
Johnson [2.39, 2.40].

2.6.3 Complete and Partial Shear Concoction

The connection between the steel beam and the concrete slab is called
“complete” in the sense that the slip and uplift at the interface of the two
elements are negligible. Shear connection in composite beams is identified
[2.41, 2.42] as complete when the beam has a bending strength that would
not be increased by the addition of further connectors. On the other hand,
the connection between steel beam and concrete is called partial when
fewer connectors are used than are required for the complete shear connec-
tion. The term “partial connection” should not be considered to imply
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Figure 2.19 Standard push-off test specimen according to BS 5400 [2.38].

unsatisfactory shear connectors but rather a connection resulting in nonne-
gligible slip at the steel beam-concrete slab interface. This slip has a great
influence on both the strength and the deformations of the composite beam.
Significant contributions have been made in this scientific area initiated by
[2.43] where the influence of the slip on the ultimate plastic strength of the
composite beam has been studied. The accurate analysis of the behavior of
composite beams with partial connection is very important since the slip
between steel and concrete may be big enough to cause fracture of some
connectors at a serviceability state. Appropriate ductility of the shear con-
nectors is the only way to sustain the likely big slip deformations without
fracture. Since the main objective of this book is to accurately model the
behavior of steel-concrete composite bridges, the correct shear connection
behavior will be incorporated in the finite element models.

2.6.4 Main Investigations on Shear Connection in Composite
Beams with Solid Slabs

Davies [2.44] showed that the ultimate capacity of a stud connector in a

push-off test depends on a large extent upon the pattern and spacing of

the connectors. It was observed that if the studs were oriented parallel to
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the direction of the load, its ultimate capacity was reduced. Also, a decrease
in the longitudinal stud spacing resulted in a decrease in ultimate strength. A
further study by Davies [2.45] showed that when transverse reinforcement is
provided in a solid concrete slab, the cracking resistance of the slab is
improved. The longitudinal cracks only develop when the yield stress of
the reinforcement is reached. Therefore, a certain minimum amount of
transverse reinforcement has to be used, to achieve the maximum load-
carrying capacity of a composite beam. Johnson [2.39] found that the con-
crete strength influences the mode of failure of shear connection between
steel and concrete, as well as the failure load. Menzies [2.46] compared
the strengths of shear connectors given in CP 117 part 1 [2.34] and part 2
[2.35] with his results of push-off tests. It was found that CP 117 part 1
assumes linear relationships between the static strength of shear connectors
and the concrete strength and CP 117 part 2 assumes that the variation of
fatigue strength of stud connectors with concrete strength was inside limited
range of concrete strengths. Therefore, the author conducted an experimen-
tal investigation comprising 34 push-oft specimens to investigate the effect
of concrete strength and density on the static and fatigue strength of connec-
tors. The investigation was carried out over a wide range of concrete
strengths. Different types of connectors, studs, channels, and bars were used,
and the maximum load per connector, the mode of failure, and the slab in
which the failure occurred were given. The maximum static loads per con-
nector were plotted against the compressive strength of both water-stored
and air-stored concrete cubes. The slip in the static tests, that is, the vertical
movement of the slab relative to the steel beam, was plotted for each spec-
imen against the load. The maximum and minimum values of the cyclic load
per connector, the fatigue life, and the mode of failure were given. It was
concluded that a modification of specified strengths of shear connector given
in CP 117 is desirable for a larger range of concrete strengths; a distinction
should be made in design between connectors embedded in normal-density
concrete and lightweight concrete; the static strengths of studs in normal-
density concrete are overestimated in CP 117; when the density of the light-
weight concrete is below 1400 kg/m”, there may be difficulty in ensuring
adequate connection strength and an adequate degree of interaction in a
composite beam; and the specification in CP 117 of the fatigue strength
of stud connectors based on percentages of static strength is confirmed when
embedded in normal-density concrete.

Jayas and Hosain [2.47] conducted tests on 18 full-size push-off speci-
mens and four pull-out specimens. The objective of the project was mainly
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to study the behavior of headed studs in composite beams with ribbed metal
decks perpendicular and parallel to the steel beam, but five of the push-off
specimens had solid concrete slabs. These five push-off specimens were sim-
ilar to those tested by Ollgaard ef al. [2.48]. The used stud has a diameter of
16 mm and a height of 76 mm. They found that when the studs were spaced
sufficiently far apart, the mode of failure is likely to be because of the shearing
off of studs. On the other hand, concrete failure was observed in specimens
when the studs were closely spaced (longitudinal spacing less than 6 X the
stud diameter), and this led to a reduction in the stud strength by 7%. Oehlers
[2.49] investigated the longitudinal shear flow in composite steel-concrete
beams across the steel flange/concrete slab interface by the action of individ-
ual connectors. The authors have shown that shear connectors in steel-
concrete composite beams act as steel dowels embedded in a concrete
medium. These shear connectors are generally assumed to fail when the steel
component fractures, which may be a consequence of the gradual reduction
in strength and stiffness of the concrete in the bearing zone of high triaxial
compressive stress (Oehlers and Johnson 1987 [2.50]). Oechlers [2.49]
showed that the concentrated load P that a connector applies to a slab
can induce three distinct modes of cracking of the slab shown in Figure 2.20.
The modes of cracking comprise lateral, shear, and splitting cracks. The lat-
eral cracks are the cracks extending from the sides of the connector and
caused by the ripping action of the concentrated load on the slab. These
cracks are assumed to have little effect on the connector strength since they
occur away from the high triaxial compression bearing zone. The shear
cracks occur near the compressive zone and hence may affect the triaxial
restraint. Finally, the splitting cracks occur in front of the triaxial
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Figure 2.20 Crack formation of slabs in composite girders.
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compression zone due to the concentrated load induced by the shear con-
nector. These large lateral tensile stresses propagate and induce splitting
behind the shear connector and also relieve the triaxial restraint to the bear-
ing zone leading to connector failure through compressive failure of con-
crete. Oehlers [2.49] found that splitting cracks reduce the strength of the
shear connection to less than 20% of its theoretical shear connector strength.
Also, fully anchored transverse reinforcement placed in front of a heavily
loaded single connector did not increase the splitting strength of the slab
nor increase the strength after splitting. However, the transverse reinforce-
ment was found to limit the strength of the split and allow a general gradual
reduction in the shear load after splitting.

Oehlers and Park [2.51] found that composite steel-concrete connec-
tions that incorporate a haunch are prone to splitting failure. This is
because the shear connectors have to transfer high concentrations of load
into the concrete slab in the region of the haunch where the side cover to
the connectors is limited. The experimental tests were on stud shear con-
nectors encased in haunches with sloping sides. A similar study, reported
by Johnson [2.52], determined the splitting resistance for haunches with
vertical sides and obtained the load-slip curves of the connectors for dif-
ferent haunch slopes. It was concluded that these results can be used to
design composite slabs made with steel decking when the ribs of the steel
decking are parallel to the steel section of composite beam. Push-off tests
on studs in high-strength and normal-strength concrete have been carried
out by Li and Krister [2.53]. Eight push-oft specimens were divided into
four pairs, according to the concrete strength and the amount of reinforce-
ment in concrete slabs. The authors found that the concrete compressive
strength significantly affects the strength of the shear connections. The
increase in the maximum shear load was about 34% when the cylinder
compressive strength of the concrete increased from 30 to 81 MPa. The
tests showed that the amount of slip at the maximum load was of the same
level for both normal-strength and high-strength concrete. However,
ductile behavior of the studs was observed for the normal-strength spec-
imen after the maximum load. The descending branch of the load-slip
curves for the high-strength concrete was short and steep. The reinforce-
ment in the concrete slabs is a negligible influence on the capacity of
normal-strength concrete (the increase was about 6%) but confined the
concrete surrounding the studs. A negligible effect of reinforcement on
the capacity of the shear connection was observed in high-strength con-
crete specimen.
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2.6.5 Main Investigations on Shear Connection in Composite
Beams with Profiled Steel Decking

Where profiled sheeting is used, stud connectors are located within concrete
ribs that have a haunch shape. The sheeting normally run either transverse or
parallel with the span of the beam. There are different parameters [2.39,
2.54] that aftect the behavior of stud in composite beams with profiled sheet-
ing in addition to geometrical data shown in Figure 2.15. The parameters
comprise the compressive strength and density of concrete; ultimate tensile
strength of stud; location of stud within the concrete rib, in relation to the
direction of sheeting; shape of the steel profile, whether the studs are welded
through it or through holes in it; and size, spacing, and level of any reinforce-
ment in the slab. Hawkins and Mitchell [2.55] conducted 13 push-off tests to
study the behavior of headed stud shear connectors in composite beams with
profiled steel sheeting perpendicular to the beam. The diameter of the stud
was 19 mm, the profiled sheeting depths were 38 and 76 mm, and the pro-
filed sheeting widths ranged from 38 to 127 mm. Four different failure
modes were observed by Hawkins and Mitchell [2.55]. The failure modes
were stud shearing, concrete pull-out, rib shearing, and rib punching. Jayas
and Hosain [2.47] conducted 18 push-off tests on full-size specimens having
ribbed metal decks perpendicular and parallel to the steel beam. The 16 mm
diameter X 75 mm height headed studs that were welded through profiled
steel sheeting having a depth of 38 mm and a width ranged from 53.8 to
165.9 mm were used in most of the tests. The main parameters studied were
longitudinal spacing of the headed studs and rib geometry. Jayas and Hosain
[2.47] provided two separate empirical equations to calculate the shear
capacity of headed shear stud in composite beams with profiled steel sheeting
having depths of 38 and 76 mm. Jayas and Hosain [2.56] conducted two full-
size push-off tests on composite beams. The profiled steel sheeting was
placed perpendicular to the steel beam. The 19 X 127 mm headed stud
was used in the tests, and the profiled steel sheeting had a depth of
76 mm and widths of 144 and 225 mm. The failure modes observed were
concrete pull-out and mixed concrete pull-out and stud shearing. Lloyd
and Wright [2.57] carried out 42 push-oft tests on headed studs welded
through-deck. The investigation focused on the amount and position of
reinforcement and dimensions of the composite slab. The authors concluded
that the capacity of shear connection in composite beams with profiled steel
sheeting depends upon the geometry of the sheeting and stud height. It is
also concluded that the capacity of shear connection is considerably less than
that in solid slabs. Kim et al. [2.58, 2.59] conducted three push-off tests to
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study the behavior of through-deck-welded shear connectors. The headed
stud used in the tests was 13 X 65 mm and the profiled steel sheeting had
a depth of 38 mm. Kim ef al. [2.58, 2.59] discussed concrete pull-out failure
surface area and strength. The major failure modes found in the tests
were concrete pull-out failure and local concrete crushing around the foot

of the stud.

2.6.6 Main Investigations on Shear Connection in Composite
Beams with Prestressed Hollow Core Concrete Slabs

Moy and Tayler [2.60] carried out 27 push-off tests to evaluate the shear
strength of headed studs in solid prestressed concrete planks. The prestressed
planks were used as permanent shutters for the in situ concrete. The planks
had a depth of 65 mm and a bearing width of 50 mm on the steel beam
flange. A 533 mm depth by 210 mm width by 92 kg steel beam was used
with two studs welded on each flange. The diameter of the headed stud
used was 19 mm, and different lengths ranging from 95 to 120 mm were
used. The rest of the 150 mm depth of the slab was made with in situ con-
crete. Figure 2.21 shows the details of Moy and Tayler [2.60] push-off test
specimen. A typical load-slip curve of the 19 mm stud was obtained, and the
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Figure 2.21 Details of push-off test specimen conducted by Moy and Tayler [2.60].
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results showed a reduction in strength of connection as the volume of in sifu
concrete decreases. It was recommended that the width of the in situ con-
crete on the flange be a minimum of 100 mm. It was also recommended that
two layers of reinforcement must be used in the slab to avoid concrete
splitting.

Push-off tests on headed studs in precast HC slabs were reported by Lam
et al. [2.61]. The authors carried out 12 full-scale push-oft tests (10 tests on
headed studs used with tapered-end precast HCU slabs and 2 on headed
studs used with reinforced solid concrete slabs). The tests were carried
out horizontally as shown in Figure 2.22 with the same cross section shown
in Figure 2.17. The tests were carried out for different gap sizes “g” (40, 65,
and 120 mm) between the ends of the precast slabs. Also, different transverse
reinforcement sizes (8, 16, and 25 mm) were used. Two of the 10 tests con-
sisted of two 1200 mm wide X 150 mm deep HCUs, whereas others con-
sisted of four 600 mm wide X 150 mm deep hollow core units. The units
were connected to grade 43 steel 356 X 171 UB with prewelded headed
studs at 150 mm centers. Milled slots approximately 500 mm long were
made in the second cores from the edges of the units. The characteristic cube
strength for the precast concrete was taken as 50 N/mm?>. All studs were
19 mm diameter X 125 mm height (TRW-Nelson headed studs). The
authors found that the capacity of the stud is reduced compared with that
in a solid reinforced concrete slab. A reduction formula for the precast effect
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Figure 2.22 Horizontal push-off testing as carried by Lam et al. [2.61].
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Figure 2.23 Details of push-off test specimen used by Shim et al. [2.62].

was derived, and the load-slip curves of the studs were plotted for the 12
push-off tests.

The behavior of shear connections in a composite beam with a full-depth
prestressed slab was investigated by Shim ef al. [2.62]. Eighteen push-off tests
were performed with variations of the stud shank diameter and the compres-
sive strength of the mortar. Figure 2.23 shows the push-off test specimen
used by the authors to evaluate the shear stud properties in a composite beam
with a full-depth precast slab. Different stud diameters (13, 16, 19, and
22 mm) were used with a stud height of 150 mm. The push-off tests were
similar to BS 5400 [2.38], but it had shear pockets for stud shear connectors
and a bedding mortar layer 20 mm thick between the precast slab and the
steel beam. The load-slip curves of the stud were obtained, and the relation-
ship between the shear stud capacity and the stud diameters was plotted.
From the experimental work, the authors observed that the deformations
of the stud in a full-depth precast slab were greater than its deformations
in a cast in place slab. The static strengths of the shear connections agree
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approximately with those evaluated from the tensile strength of the stud
shear connectors. Also, an empirical equation for the initial shear stiffness
of a shear connection was proposed.

Nip and Lam [2.63] investigated the effect of end conditions of hollow
core slabs on longitudinal shear capacity of composite beams. The published
work was an extension for Lam ef al. [2.61] and mainly concerned about
push-oft tests with precast hollow core concrete slab of square ends (see
Figures 2.16 and 2.17). Eighteen push-oft tests (12 push-off tests with precast
hollow core slab of square ends, 2 push-off tests with precast hollow core slab
of tapered ends, and 4 push-off tests with solid slab) were carried out by the
authors. The same horizontal push-off testing approach used by Lam ef al.
[2.61] was used. The headed studs used had 19 mm diameter and
100 mm height. The precast floor specimens consisted of four 600 mm wide
hollow core units connected to a 254 X 254 x 73 UC. Each beam had six
prewelded studs at 150 mm centers. The effects of transverse reinforcement
size, gap width, and in situ concrete strength were discussed by the authors.
The authors concluded that 100 mm high headed studs with square-end
hollow core slabs performed as well as the 125 mm high headed studs with
tapered-end hollow core slabs. It is also concluded that the optimum in situ
gap width that should be used for square-end hollow core slab is 80 mm and
16 mm diameter high-tensile bars are recommended to be used as transverse
reinforcement to ensure a slip ductility of 6 mm at the maximum load.

2.6.7 Main Investigations on Numerical Modeling of Shear
Connection

Finite element modeling could provide a good insight into the behavior of
shear connection and compensate the lack in the experimental data. Nether-
cot [2.64] highlighted the importance of combining experimental and
numerical study in advancing structural engineering understanding. The
author mentioned that there is a lack in the detailed numerical studies deal-
ing with the behavior of the individual connector. It is also mentioned that
the absence of experimental/numerical approach means that real under-
standing is lacking and design expressions are very limited. Limited numer-
ical models have been found in the literature for push-off tests with difterent
slabs. Initially, Johnson and Oehlers [2.65] used a simplified purpose-written
program, developed originally by Oehlers [2.66], in their parametric study
to predict the shank failure loads of headed stud in steel-solid slab push-off
test and the influence of weld collar on forces acting on the stud. The pro-
gram performed a step-by-step plane stress elastic analysis using triangular
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finite elements. Initially, one stud and one slab of a push-oft test specimen
were modeled. The stud shank and the weld collar were assumed to be of
square cross section. The program took into account two types of local fail-
ure, cracking due to tensile stress and cracking due to tensile strain caused by
normal compressive stress. The program was used in two modes: linear elas-
tic analyses of isotropic materials with and without the provision for con-
crete to fail in tension. In both modes, the shear connection was assumed
to have reached its maximum strength when the maximum stress in the
shank of the stud reached the measured ultimate tensile strength of the
shank. The failure of concrete in compression was not modeled in this study.
The authors found that a weld collar less than 5 mm high attracts 70% of the
total shear and reduces the bending moment at the base of the stud to one-
third of the value found for a stud without a collar.

The inelastic behavior of shear connections was investigated by Kalfas
et al. [2.67]. The authors used the finite element method to model the
behavior of shear connectors in a steel-solid slab push-oft test. The results
were compared with a series of push-off tests performed in the steel-
structures laboratory of Democritus University of Thrace. The model sim-
ulated the linear and nonlinear behavior of the materials (bilinear stress-strain
curves were used for concrete and headed stud shear connector). The three
components of a push-off test were simulated with difterent types of standard
finite elements. The concrete slab was modeled by nonlinear volume ele-
ments, the steel beam by a rigid bar element, and the shear connectors by
nonlinear beam elements as shown in Figure 2.24. The finite element pack-
age COSMOS was used in the analysis. The load-slip curve obtained from
the finite element solution was compared with experimental results, and the
maximum deviation between the results was about 14%. Although the con-
crete slab was modeled with 1920 elements, the results obtained were inac-
curate and this may be attributed to the incompatibility of the FE elements
used. The predicted shear stud capacity is considerably higher than that tab-
ulated in BS 5950 and Eurocode 4, and the mode of failure was not inves-
tigated. The authors suggested to improve the material models by including
the strain hardening of steel, contribution of concrete rebars, and small ten-
sile branch of the stress-strain diagram of concrete to reduce the deviation
between experimental and FE solution. The behavior of headed shear stud
connector in a steel-full-depth precast slab push-off test was modeled
numerically by Shim et al. [2.62] using the finite element method. The
push-off test specimen shown in Figure 2.23, previously discussed, was con-
structed using the finite element method. The purpose of the model was to
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Figure 2.24 Finite element representation of push-off test specimen modeled by Kalfas
etal [2.67].

investigate the initial stress distribution of the shear stud connector in the
push-oft test under consideration. The distributions of flexural and shear
stresses along the stud shank were given. The stresses were concentrated
around the root of the stud shank below a height of 20 mm. The authors
found that the flexural deformation of the stud shear connector was greater
than that in the case of cast in place slabs, which can resist the splitting force
better through adequate reinforcement. The study was based on linear elastic
material properties to investigate initial stresses only. The load-slip curves of
the stud, shear stud capacity, and modes of failure were not obtained from
this finite element study.

Ellobody [2.68] and Lam and Ellobody [2.69] developed an accurate
nonlinear finite element model to investigate the behavior of headed shear
stud connector in solid slabs. The results obtained from the finite element
analysis compared well with the experimental results conducted by Ellobody
[2.68] and Lam and Ellobody [2.69]. The capacity of the shear connection,
the load-slip behavior of the headed studs, and the failure modes were accu-
rately predicted by the finite element model. A parametric study was con-
ducted to investigate the effects of the change in headed stud diameter and
height and concrete slab strength. The results of the finite element model
were compared with the American, British, and European specifications
for steel-concrete composite structures. It was concluded that the European
code provides good agreement with experimental and finite element results,
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while the American and British specifications overestimated the resistance
of headed stud shear connectors in composite beams with solid slabs.
Ellobody [2.68] and Ellobody and Lam [2.70] extended the research to
investigate the behavior of headed shear stud connector in composite beams
with precast hollow core slabs. An accurate finite element model was devel-
oped, and the results obtained from the finite element analysis compared
well with experimental results conducted by Ellobody [2.68] and Ellobody
and Lam [2.70].

The performance of headed stud shear connectors in composite beams
with profiled steel sheeting was investigated by Ellobody and Young
[2.71]. The authors developed an efficient nonlinear three-dimensional
finite element model to investigate the behavior of headed stud shear con-
nectors in composite beams with profiled steel sheeting perpendicular to the
steel beam. The finite element program ABAQUS [1.29] was used in the
analysis. The results obtained from the finite element analysis were verified
against the test results carried out by Lloyd and Wright [2.57] and Kim et al.
[2.58, 2.59]. Parametric studies were performed to investigate the effects of
the changes in profiled steel sheeting geometries, diameter and height of
headed shear stud, concrete slab dimensions, and strength of concrete on
the strength and behavior of shear connection in composite beams with pro-
filed steel sheeting. The results obtained from the finite element analysis
were compared with design strengths calculated using current codes of prac-
tice for headed stud shear connectors in composite slabs with profiled steel
sheeting perpendicular to the steel beam.

2.6.8 Main Investigations on Numerical Modeling
of Composite Girders

Many experimental and numerical investigations have been carried out to
investigate the structural behavior of steel-concrete composite girders. Most
of these investigations were concentrated on steel-solid concrete slab girders
composite beams and limited investigations focused on composite girders
with prestressed hollow core slabs and composite slabs with profiled steel
sheeting. There is no intention to survey these investigations in general in
this book. However, this chapter is concentrated on how researchers
numerically simulated different components of composite girders including
the shear connection between these components. Also, investigations deal-
ing with the evaluation of the effective width, ultimate load capacity, and
load-deflection curves of composite girders are also highlighted in this book.
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Earlier investigations by Ansourian [2.72] used the finite element
method in analyzing composite steel-solid slab floor systems. The author
studied the full composite action between concrete slabs and steel joists in
the elastic range. The principal variable of the study was the ratio of the flex-
ural stiffness of the joist and slab. Two different methods of finite element
models were investigated. In the first model, the slab was represented by
a combination of 16-node and 8-node solid 3D prismatic elements and
the joist was represented by plane stress elements. At a section of the struc-
ture, each steel beam flange was represented by one element and the web was
represented by two elements. The authors found satisfactory convergence
with this method, but the preparation of data and analysis of output were
time-consuming. In the second model, the slab was represented by thin plate
elements built up from the superposition of linear curvature triangles for the
flexural stresses and linear strain triangles for the membrane stresses, and the
joist was represented by beam elements. The author found that the second
model gives applicable output of bending moments and plane stresses.
Mofatt and Dowling [2.73] introduced a finite element study of the elastic
longitudinal bending behavior of composite box girder bridges in which the
use of flexible shear connectors results in incomplete interaction between
the slab and girder components. The buckling and the inelastic behavior
were not considered. Some preliminary investigations were carried out to
determine suitable finite element meshes for use in analyzing the girders.
The box girders, the slab, and the reinforcement were represented by shell
elements. The shear connectors were represented by linkage elements that
allowed slip in the plane of the concrete-steel interface. It was assumed that
the shear connection would be provided by 19 mm x 100 mm headed studs.
On the basis of information given in reference [2.74], the authors used con-
stant slip modulus of the studs as 0.4 x 10° N/mm. The authors highlighted
the need for codes of practice to include design information on the stiffness
and distribution requirements of the connectors in composite girders.

Mistakidis ef al. [2.75] introduced a numerical method taking into con-
sideration the nonlinearities introduced in the analysis of long-span compos-
ite girders. The authors showed that the experimental data show a nonlinear
behavior for the load-deformation curve of the shear connectors joining the
steel beam with the concrete slab. The influence of the behavior of the con-
nectors has been demonstrated through the analysis of a long-span composite
girder spanning 30.0 m. The finite element method was used in modeling
the composite girder. Bending finite elements with axial deformation pos-
sibility representing the concrete slab and the steel beam were used. Spring
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elements of zero length, which can bear only shear force and obey the load-
deformation law of the shear connectors, were used to connect steel and
concrete. The authors have concluded that consideration of the actual
load-deformation diagram of studs in the design of composite girders is
needed and increases the safety of the beam at the serviceability limit state.

Studies carried out by Oehlers ef al. [2.76] and by Oven et al. [2.77]
investigated numerically the behavior of composite steel-solid slab beams.
Oechlers et al. [2.76] found that in the maximum flexural capacity of com-
posite beams, where the axial strength of the concrete section is usually
much larger than that of the steel section, partial interaction has virtually
no effect on the strength. Conversely, partial interaction can reduce the
strength of composite beams with very strong steel sections, where the axial
strength of the steel section is much greater than that of the concrete section.
Also, it has been found that the greatest effect of partial interaction is to
reduce the strain in the steel element and hence limit the beneficial effects
of strain hardening. The work of the authors was part of an ongoing study,
and a computer model has been developed to carry out the parametric study,
while Oven ef al. [2.77] developed a 2D nonlinear inelastic finite element
model for the structural analysis of steel-solid slab composite beams with
flexible shear connection. The effects of slip between the steel beam and
the concrete slab and the nonlinear nature of force-slip characteristics of
the shear connectors were included. The model was based on a 2D nonlinear
FE analysis program INSTAF, developed originally for steel frames by
El-Zanaty [2.78]. The program used a line element with 4 degrees of free-
dom at each node to represent the steel I-section and the concrete slab. The
material nonlinearities of the composite girder components have been
incorporated. The author concluded that the model can be used to predict
the load-deflection behavior and the slip distribution along the length of the
beam and the model has been validated by comparing the results with pub-
lished test data. Cai ef al. [2.79] investigated the behavior of cable-stayed
composite bridges. The author developed a finite element model to repre-
sent the shear connection between a steel beam and a concrete slab. A 2D
finite element was used in their analysis to model the steel beam and the con-
crete slab. The two elements are then connected via rigid links to model the
shear connectors, and hence, they eliminated slip at the steel-concrete inter-
face. The composite connection between steel beam and solid concrete slab
was modeled by Youn and Chang [2.80] using 3D finite elements. The
model consisted of two layers of solid elements and 3D beam elements.
Rigid links were used between the concrete slab and the girders.
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Orthotropic reinforcing bars in the concrete slab were modeled by four lay-
ered elements as a smeared layer with constant thickness. The thickness of
the smeared layer was equal to the area of each bar divided by the bar spac-
ing. The finite element program ABAQUS was used to analyze this model.
The use of rigid links shows that the interaction between the steel beam and
concrete slab is complete and there is no slip between the shear connectors,
which is not true and has been rejected by many researchers. Gattesco [2.81]
studied numerically the nonlinear behavior of composite steel-solid slab
beams with deformable shear connection. The numerical procedure
accounted for the nonlinear behavior of concrete, steel, and shear connec-
tor. The finite element package COBENA was used in the analysis. The
steel beam and the concrete slab were modeled by using beam-type elements
that have four nodal points with 3 degrees of freedom per node (horizontal
and vertical displacements and rotation in the x-y plane). The interface
between the steel beam and the concrete slab was modeled by two horizon-
tal springs. The uplift of the concrete slab with respect to the steel beam and
the buckling effects of the steel beam were neglected. The model was ver-
ified by comparing the finite element solutions with the experimental work
of Chapman and Balakrishnan [2.82]. The author found good agreement
between numerical and experimental results and concluded that this model
can be used for extensive parametric studies on composite beams with com-
plete or partial shear connection.

Kwak and Seo [2.83] modeled the behavior of composite girder using
the finite element method. The aim of the study was to predict the long-
term behavior of composite steel-solid slab girders in bridges. A 2D beam
element that has 3 degrees of freedom (two translations and one rotation)
was used in the analysis to represent the steel beam and the concrete slab.
Material nonlinearities have been taken into consideration. The elements
were divided into imaginary layers to describe the material properties with
the assumption that plane sections remain plane to represent the linearity in
the strain distribution on any section at any time. The load-slip characteristic
of the stud has been neglected in the analysis, and perfect interaction has
been assumed between the steel beam and the concrete slab. The finite ele-
ment method was used in the modeling of steel-solid composite beams
curved in plane by Thevendran et al. [2.84]. The numerical model was used
to verify the experimental testing aimed by the authors to study the ultimate
load behavior of these composite girders. The finite element software, ABA-
QUS, has been used in the analysis. Full composite action between steel
beam and concrete slab was assumed. Figure 2.25 shows a typical finite
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Main girder

Figure 2.25 FE model of the composite beam modeled by Thevendran et al. [2.84].

element mesh with 1257 elements used by the authors in the analysis. The-
vendran ef al. [2.84] used 3D finite elements to develop the finite element
model. In the model, the concrete slab was simulated by four-node isopara-
metric thick shell elements with the coupling of bending stiffness, while the
steel flanges and web were modeled by four-node isoparametric thin ele-
ments with the coupling of bending and stiffness. The shear connectors
between concrete slab and steel flange were modeled by rigid beam ele-
ments. Rigid connection beam elements were used to model the shear studs
based on the assumption that no slip occurs between the concrete slab and
the steel girder. The material nonlinearities of the steel beam and the con-
crete slab were accounted in the analysis. The authors found good agreement
between experimental and numerical results in most of the cases. The
observed discrepancies in some of the results between the values predicted
numerically and that predicted experimentally are attributed to neglecting
the slip at the steel-concrete interface by using rigid elements to represent
the studs. Amadio and Fragiacomo [2.85] used the finite element method
to model steel-solid slab composite girders. The model was used in studying
the evaluation of eftective width for serviceability and ultimate analysis.
In the model, the shell elements were used in modeling both the steel beam
and the concrete slab. A nonlinear elastic law represented the behavior of the
shear connection. The effects of steel and concrete material nonlinearities
were taken into consideration. Although this research was applied on can-
tilever beams, the authors concluded that the numerical study demonstrated
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that the connection deformability affected the evaluation of the effective
width of steel-solid slab composite beams. A displacement-based finite ele-
ment model for the analysis of steel-solid slab composite girders with flexible
shear connection was developed by Faella ef al. [2.86]. The model was orig-
inally developed by improving the two-node 1D displacement-based finite
element. The research is still in press and the authors suggested that the
model might be used in the accurate simulation of the behavior of composite
girders.

Lam [2.87, 2.88] developed a 2D finite element model to verify the
experimental testing of composite steel-prestressed hollow core concrete
slab girders. In the model, the concrete slab was modeled by using 2D
eight-node plane stress elements, while the steel beam was modeled by using
2D four-node plane stress elements. Figure 2.26 shows the finite element
mesh developed in [2.87, 2.88]. The transverse reinforcement was not mod-
eled as a separate element due to the limitation of the 2D element used, but
its effect was taken indirectly into account in simulating the shear connec-
tion behavior. Both the precast hollow core concrete slab and in sifu con-
crete were modeled as a single concrete element that had a breadth equal
to the thickness of the prestressed hollow core concrete units and with com-
bined material properties. The shear connectors were modeled by using
spring elements that obeyed the load-slip characteristic of the shear stud con-
nector used. Lam [2.87, 2.88] concluded that, although the composite pre-
cast hollow core beam was modeled in a simplified way, the results obtained
from the model showed good agreement with the experimental results. The
model was used in carrying out parametric studies that took into account the
different parameters affecting the behavior of steel-prestressed hollow core
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concrete slab composite girders. The parametric study on composite girders
with precast hollow core slabs was published by Lam ef al. [2.89]. Also, from
the results of the parametric study, design charts have been developed for
initial sizing of composite girders by the authors [2.90]. Shim ef al. [2.91]
developed a finite element model to simulate shear connection in composite
girders with full-depth prestressed decks. The numerical model was devel-
oped as a part of a study carried out to investigate design considerations of the
shear connection in steel-concrete composite bridges with full-depth pre-
stressed decks. The authors assumed that the shear connection was contin-
uous and uniform along the beam and no separation took place at the
interface. The finite element method has been used in the analysis, and a
composite beam element that has 12 degrees of freedom was developed.
The shear stiffness of the shear connection was evaluated from linear elastic
analysis, and this, in addition to the assumption of full interaction between
steel beam and concrete slab, limits the use of this model in an accurate finite
element analysis. Ellobody and Lam [2.92] evaluated the eftective width of
composite steel beams with precast hollow core slabs numerically using the
finite element method. A parametric study, carried out on 27 beams with
different steel cross sections, hollow core unit depths, and spans, is presented.
The effective width of the slab is predicted for both the elastic and the plastic
ranges. Eight-node 3D solid elements are used to model the composite beam
components. The material nonlinearity of all the components is taken into
consideration. The nonlinear load-slip characteristics of the headed shear
stud connectors are included in the analysis. The moment-deflection behav-
1or of the composite beams, the ultimate moment capacity, and the modes of
failure are also presented. In addition, the ultimate moment capacity of the
beams evaluated using the present FE analysis was compared with the results
calculated using the rigid-plastic method.

Ranzi and Bradford [2.93] presented a numerical model for the analysis
of composite steel-concrete beams at elevated temperatures accounting for
both longitudinal and transverse interaction. The model was derived by
means of the principle of virtual work. A finite element was developed based
on the formulation of partial interaction. The authors performed parametric
studies investigating the effects of different thermal distributions on the
structural response of a composite beam. Elastic material properties were
assumed for all materials while still accounting for their degradation with
temperature. A bilinear constitutive model was adopted for the transverse
interface connection. Based on the proposed numerical model, it was con-
cluded that it is important to account for the combined actions, that is,
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combined tension and shear force, to better identify the stress state at the
interface connection. In addition, it was concluded that ignoring this cou-
pling might lead to a significant underestimation of the connectors’ available
capacity. Furthermore, a prescriptive failure criterion based on the von
Mises yield condition was proposed for shear connectors. Valipour and
Bradford [2.94] presented the formulation of a force-based one-dimensional
steel-concrete composite element that captured material nonlinearities and
partial shear interaction between the steel profile and the reinforced concrete
slab. A total secant solution strategy based on a direct iterative scheme was
introduced by the authors. The slip forces along the element axis were cal-
culated analytically. The accuracy and efficiency of the formulation are ver-
ified by some numerical examples reported by other researchers in the
literature. It was shown that the formulation could lead to virtually closed
form of analytic results as long as the integrals in the formulation were cal-
culated accurately.

Recently, Erkmen and Saleh [2.95] have shown that when modeling
composite or built-up beams using finite element software, analysts con-
nected two standard Euler-Bernoulli beam elements at the nodes by using
a rigid bar or master-slave-type kinematic constraints to express the degrees
of freedoms of one of the members in terms of the other. The authors have
shown that this type of modeling can lead to eccentricity-related numerical
errors and special solutions that avoid eccentricity-related issues may not be
available for a design engineer due to the limitations of the software. There-
fore, a simple correction technique was introduced in the application of
master-slave-type constraints. It was shown that the eccentricity-related
numerical errors in the stiffness matrix can be completely corrected by using
extra fictitious elements and springs. The correction terms were obtained by
using the exact homogenous solution of the composite beam problem as the
interpolation functions, which impose the zero-slip constraint between the
two components in the point-wise sense. Yu-hang ef al. [2.96] developed a
steel-concrete composite fiber beam-column model. The model consisted
of a preprocessor program that was used to divide a composite section into
fibers. Uniaxial hysteretic material constitutive models were incorporated in
the model. The authors showed that the steel-concrete composite fiber
beam-column model can be used for global elastoplastic analysis on compos-
ite frames with rigid connections subjected to the combined action of gravity
and cyclic lateral loads. The model was verified against a number of exper-
iments, and the results showed that the developed composite fiber model
behaved better compared with traditional finite element models. In
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addition, it was shown that although the fiber beam-column model

neglected the slip between the steel beam and concrete slab, there were

no effects on the global calculation results of steel-concrete composite

frames. It was concluded that the proposed model can be used to analyze

composite frames subjected to cyclic loading due to earthquake.
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Applied Loads and Stability
of Steel and Steel-Concrete
Composite Bridges

3.1 GENERAL REMARKS

The brief introduction of steel and steel-concrete composite bridges pre-
sented in Chapter 1 and the revision of the nonlinear material behavior of
the main bridge components presented in Chapter 2 provide a useful back-
ground on bridges and the material behavior of the components of the
bridges. It is now possible to detail applied loads acting on steel and
steel-concrete composite bridges, which is highlighted in this chapter.
This chapter presents different loads acting on railway and highway bridges
and the stability of the bridges when subjected to these loads. The chapter
starts by showing the dead loads of steel and steel-concrete composite brid-
ges that are initially estimated for the design of bridges. Then, the chapter
presents the live loads from traffic as specified in the American and
European codes. After that, the chapter presents the calculation of hori-
zontal loads and other loads acting on the bridges such as centrifugal forces,
seismic loading, collision forces, and temperature eftects. In addition, the
chapter presents the load combinations specified in the current codes of
practice to predict the worst case of loading for the calculation of different
straining actions in the bridge components. Furthermore, different design
approaches specified in the current codes of practice are highlighted in this
chapter. Finally, the chapter addresses the main issues related to the stability
of steel and steel-concrete composite plate girder and truss bridges such as
buckling behavior of compression members, stability of thin-walled steel
plate girders, lateral torsional buckling, and composite plate girder behav-
ior. Once again, when highlighting the main issues related to the stability
of the bridge components, it intends to review and present the issues based
on the design rules specified in the current codes of practice, with partic-
ular focus on the Eurocode as an example. Overall, the author hopes that
this chapter paves the way to the design examples of different bridge
components presented in Chapter 4.

Finite Element Analysis and Design of Steel Copyright © 2014 Elsevier Inc.
and Steel-Concrete Composite Bridges All rights reserved. 113
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3.2 DEAD LOADS OF STEEL AND STEEL-CONCRETE
COMPOSITE BRIDGES

The dead loads acting on railway and highway bridges consist of the weight
of all its structural parts, fittings, finishing, curbs, lighting and signing
devices, gas and water mains, electricity and telephone cables, etc. These
loads are permanent and remain constant in position and magnitude. To cal-
culate the straining actions on the bridge components, the weight of the
structural parts has to be initially assumed. The assumed weights have to
be assessed after designing and predicting cross sections of all structural parts.
When there is a considerable difterence between the assumed and predicted
weights, the calculation of the loads and design has to be repeated until close
agreement is achieved between assumed and predicted weights. It should be
noted that most current codes of practice provide guidance for the unit
weights of commonly used materials in steel and steel-concrete composite
bridges, which can also be used to estimate the dead loads acting on the brid-
ges. Furthermore, the dead loads of previously designed existing bridges can
be used to provide guidance to dead loads expected on similar bridges under
construction.

3.2.1 Dead Loads of Railway Steel Bridges

As an example, let us estimate the dead loads acting on different components
of the traditional double-track open-timber floor plate girder railway steel
bridge shown in Figure 1.20. Starting with the dead loads acting on a
stringer, these loads are half the weight of the track loads (train, sleepers,
and rails), own weight of the stringer, and weight of stringer bracing.
The track load varies from country to country and can be found in the
national code of practice of the country of construction. A commonly
assumed track load is 6 kIN/m acting along the stringer length, which is
the spacing between two adjacent cross girders. The own weight of a stringer
depends on its length and the type of steel used. The weight of a stringer can
be reasonably assumed to be from 1 to 1.5 kN/m all over the stringer length.
Finally, the weight of stringer bracing can be reasonably assumed to be 0.2-
0.3 kN/m acting along the stringer length. By knowing the assumed total
dead load acting on the stringer, the straining actions resulting from dead
loads comprising bending moment and shear force can be calculated.

The dead loads acting on an intermediate cross girder (see Figure 1.20)
are the concentrated dead loads coming from the stringers, which are sup-
ported by the cross girders and own weight of cross girder. Once again, the
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own weight of cross girder depends on its length and the type of steel used.
The own weight of cross girder can be reasonably assumed to be 2-3 kN/m
of the length of cross girder, which is the pacing between the main girders.
By knowing the assumed concentrated dead loads acting on the cross girder
and its assumed own weight, the straining actions resulting from dead loads
comprising bending moment and shear force can be calculated. Finally, the
dead loads acting on the main girders (see Figure 1.20) are the weight of steel
structural parts plus the weight of tracks. The weight of steel structural parts
can be estimated from similar existing bridges or from some empirical for-
mulas, which are obtained from the data available from previously designed
railway steel bridges. The assumed weight of steel structural parts depends on
many factors including the length of main girder, type of steel used, and type
of bridge. A reasonable assumption of the weight of structural parts (w;) for
single-track open-timber floor bridges can be given by the following empir-
ical equations:

wy =4+ 0.5L(kN/m)

(for deck bridges without stringers and cross girders)

(3.1)

wy =9+ 0.5L(kN/m)

3.2
(for deck bridges with stringers and cross girders) (3:2)

wy=11+0.5L(kN/m) (for pony bridges) (3.3)

where L is the length of main girder in meters and the weight of structural
parts (i) is divided into two main girders. For double-track bridges, the pre-
viously mentioned loads can be increased by 80-90%. By knowing the
assumed total dead load acting on the main girder, the straining actions
resulting from dead loads comprising bending moment and shear force
can be calculated. For ballasted floor railway steel bridges, the weight of
structural parts can be increased by 20-40%.

3.2.2 Dead Loads of Highway Steel and Steel-Concrete
Composite Bridges

As an example, let us estimate the dead loads acting on different components
of the traditional through-truss highway steel bridge as shown in
Figure 1.21. Starting with the dead loads acting on a stringer, the dead loads
include the weight of flooring (1.5-2 kN/m?), the weight of reinforced con-
crete slabs having a thickness of around 200 mm (5 kN/m?), the weight of
reinforced concrete haunch (0.3 kN/m?), and the own weight of stringer
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(1-1.5 kN/m). By knowing the assumed total dead load acting on the
stringer, the straining actions resulting from dead loads comprising bending
moment and shear force can be calculated.

The dead loads acting on an intermediate cross girder (see Figure 1.21) are
the concentrated dead loads coming from the stringers, which are supported
by the cross girder, and own weight of cross girder. Once again, the own
weight of cross girder depends on its length and the type of steel used.
The own weight of cross girder can be reasonably assumed to be 2.5-
3 kIN/m of the length of cross girder. By knowing the assumed concentrated
dead loads acting on the cross girder and its assumed own weight, the strain-
ing actions resulting from dead loads comprising bending moment and shear
force can be calculated. Finally, the dead loads acting on the main trusses are
the weight of steel structural parts plus weight of finishing, reinforced con-
crete slabs, and haunches. Once again, the weight of steel structural parts can
be estimated from similar existing bridges or from some empirical formulas,
which are obtained from the data available from previously designed railway
steel bridges. A reasonable assumption of the weight of structural parts (w;) for
highway bridges can be given by the following empirical equations:

wy =1.75 +0.04L + 0.0003L* < 3.5 (kN /m?)

3.4
(for part of bridge between main trusses) G4

wp =1+0.03L (kN/m?)

(for part of bridge outside main trusses)

(3.5)

where Lis the length of the main girder in meters. By knowing the assumed
total dead load acting on the truss, the straining actions resulting from dead
loads comprising axial tension and compression forces in the truss can be
calculated.

3.3 LIVE LOADS ON STEEL AND STEEL-CONCRETE
COMPOSITE BRIDGES

Live loads acting on steel and steel-concrete composite bridges differ from
country to country. National codes of practice in any country specify design
live loads that should be considered in the calculation of different straining
actions on the bridge components. The design loads represent the worst
cases of traftic loading permitted and expected to pass over a specific bridge.
Since the main objective of this book is to provide a consistent and general
approach for finite element analysis and design of steel and steel-concrete
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composite bridges, the design live loads specified in the current codes of
practice are highlighted in this section. The design live loads for railway
bridges depend on the types of trains passing on the bridges, while the design
loads for highway bridges depend on the types of vehicles passing on the
bridge. The design live loads for railway and highway bridges are either con-
centrated loads acting on the axles of the specified trains and vehicles, respec-
tively, or equivalent uniformly distributed loads simulating the case of
several closely spaced vehicles in a jam situation. The specified trains and
vehicles have specified dimensions and axles spaced at definite locations
in the trains or vehicles. Live loads resulting from moving trains or vehicles
are magnified to account for the effect of impact and dynamic application of
the loads on the bridges. Wide steel and steel-concrete composite bridges are
designed on the worst cases of live loads acting on several adjacent lanes.
Long steel and steel-concrete composite bridges are designed to carry mul-
tiple trains or vehicles that should be positioned to provide the maximum
straining actions at a specific section.

3.3.1 Live Loads for Railway Steel Bridges

Letusstart by highlighting the live loads specified in the Eurocode (EC1) [3.1]
for railway bridges. EC1 is applicable to railway traffic on the standard track
gauge and wide track gauge European mainline network. According to EC1,
the design load models adopted do not describe actual loads. However, they
have been selected so that their eftects, with dynamic enhancements taken
into account separately, represent the effects of service traffic. Where traffic
outside the scope of the load models specified in EC1 needs to be considered,
then alternative load models, with associated combination rules, should
be specified. The live loads specified in EC1 are not applicable for actions
due to narrow-gauge railway, tramways and other light railway, preservation
railway, rack and pinion railways, and funicular railways. EC1 provides three
standard mixes of railway traffic, which are recommended for calculating
the fatigue life of bridges as detailed in Annex D of the code. EC1 specifies
the general rules for the calculation of characteristic vertical load values (static
effects) and eccentricity and distribution of loading and specifies the associ-
ated dynamic effects, centrifugal forces, nosing force, traction and braking
forces, and aerodynamic actions due to passing railway traffic.

According to EC1, railway traffic actions are defined by means of five
load models of railway loading that are as follows: “Load Model 71" and
“Load Model SW/0” for continuous bridges to represent normal railway
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traffic on mainline railways, “Load Model SW/2” to represent heavy loads,
“high-speed load model (HSLM)” to represent the loading from passenger
trains at speeds exceeding 200 km/h, and finally Load Model “unloaded
train” to represent the effect of an unloaded train. Load Model 71 represents
the static effect of vertical loading due to normal railway traffic. The load
arrangement and the characteristic values for vertical loads shall be taken into
account as shown in Figure 3.1. The characteristic values given in Figure 3.1
shall be multiplied by factor o on lines carrying railway traffic that is heavier
or lighter than normal railway traffic. When multiplied by the factor o, the
loads are called “classified vertical loads.” This factor o varies from 0.75 to
1.46. Also, the actions comprising equivalent vertical loading for earthworks
and earth pressure effects, centrifugal forces, nosing force, traction and brak-
ing forces, combined response of structure and track to variable actions,
derailment actions for accidental design situations, and Load Model SW/
0 for continuous span bridges shall be multiplied by the same factor o.
For checking the limits of deflection, classified vertical loads and other
actions enhanced by o shall be used (except for passenger comfort where
o shall be taken as unity). Load Model SW/0 represents the static effect
of vertical loading due to normal railway traffic on continuous beams. Load
Model SW/2 represents the static effect of vertical loading due to heavy rail-
way traffic. The load arrangements SW/0 and SW/2 shall be taken as shown
in Figure 3.2, with the characteristic values of the vertical loads according to
Table 3.1. For some specific verifications, a particular load model is used,
called “unloaded train.” The Load Model “unloaded train” consists of a ver-
tical uniformly distributed load, with a characteristic value of 10.0 kN/m.

O, = 250 kN 250 kN 250 kN 250 kN

éufvilgfflf/fml Ll [T
; | | | | | | :

08m 1.6m 1.6m 1.6m 08m

Figure 3.1 Load Model 71 and characteristic values for vertical loads of standard trains
specified in EC1 [3.1].

Figure 3.2 Load Models SW/0 and SW/2 of standard trains specified in EC1 [3.1].
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Table 3.1 Characteristic Values for Vertical Load Models SW/0 and SW/2 of Standard
Trains Specified in EC1 [3.1]

Load Model gk (kN) a(m) ¢ (m)
SWO 133 15.0 5.3
SW2 150 25.0 7.0

In the United States, design live train loads recommended by the Amer-
ican Railway Engineering and Maintenance-of~-Way Association
(AREMA) [1.25] are based on the Cooper E80 loading as shown in
Figure 3.3. The 80 in E80 refers to the 80kip (1kip is equal to
4.448 kNN) weight of the locomotive drive axles. An E60 load has the same
axle locations, but all loads are factored by 60/80. New bridges may be
designed to carry E90 or E100 loads. The designated steel bridge design live
load also includes an “Alternate E80” load, consisting of four 100 kip axles,
which is shown in Figure 3.4. This load controls over the regular Cooper
load on shorter spans. AREMA [1.25] also presents formulas for the calcu-
lation of the impact, which is the dynamic amplification of the live load
effects on the bridge caused by the movement of the train across the span.
The design impact values are based on an assumed train speed of 60 mph. It
should be noted that the steel design procedure allows the reduction of the
calculated impact for ballast deck structures. Difterent values for impact from
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Figure 3.3 Cooper E80 live loading of standard trains specified in AREMA [1.25].
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Figure 3.4 Alternate E80 live load of standard trains specified in AREMA [1.25].
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steam and diesel locomotives are used. The steam impact values are signif-
icantly higher than diesel impact over most span lengths.

3.3.2 Live Loads for Highway Steel and Steel-Concrete
Composite Bridges

The live loads on highway (roadway) steel and steel-concrete composite
bridges are also specified in the Eurocode (EC1) [3.1]. Load models covered
by the code should be used for the design of highway bridges with loaded
lengths less than 200 m. The 200 m corresponds to the maximum length
taken into account for the calibration of Load Model 1 (see Figure 3.5).
In general, the use of Load Model 1 is safe-sided for loaded lengths over
200 m. The models and associated rules are intended to cover all normally
foreseeable traffic situations (i.e., traffic conditions in either direction on any
lane due to the road traffic), which should be taken into account for design.
Specific models may be used for bridges equipped with appropriate means
including road signs intended to strictly limit the weight of any vehicle (e.g.,
forlocal, agricultural, or private roads). Load models for abutments and walls
adjacent to bridges are defined separately. The load models specified in EC1
derive from the road traffic models without any correction for dynamic
effects. For frame bridges, loads on road embankments may also give rise
to action effects in the bridge structure. The eftects of loads on road con-
struction sites (e.g., due to scrapers and motortrucks carrying earth) or of
loads specifically for inspection and tests are not intended to be covered
by the load models and should be separately specified, where relevant.
According to EC1, loads due to the road traffic, consisting of cars, motor-
trucks, and special vehicles (e.g., for industrial transport), give rise to vertical
and horizontal and static and dynamic forces. It should be noted that the load
models defined in EC1 do not describe actual loads. They have been selected
and calibrated so that their effects (with dynamic amplification included

Key

w Carriageway width @
wy National lane width

1 National lane Nr. 1 @

2 National lane Nr. 2
[ ®

3 National lane Nr. 3
Figure 3.5 Example of lane numbering in the most general case according to EC1 [3.1].

w
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4 Remaining area
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where indicated) represent that of the actual traffic in the year 2000 in
European countries. Where vehicles that do not comply with the regulations
concerning the limits of weights and, possibly, dimensions of vehicles not
requiring special permits, or military loads, have to be taken into account
for the design of a bridge, they should be defined.

The carriageway width (w) (see Figure 3.5 specified in EC1 (3.1)) should
be measured between curbs or between the inner limits of vehicle restraint
systems and should not include the distance between fixed vehicle restraint
systems or curbs of a central reservation nor the widths of these vehicle
restraint systems. The recommended minimum value of the height of the
curbs is 100 mm. The width w; of notional lanes on a carriageway and
the greatest possible whole (integer) number n; of such lanes on this car-
riageway are defined in Table 3.2, which are specified in the code. For var-
iable carriageway widths, the number of notional lanes should be defined in
accordance with the principles used for Table 3.2. Where the carriageway
on a bridge deck is physically divided into two parts separated by a central
reservation, then each part, including all hard shoulders or strips, should be
separately divided into notional lanes if the parts are separated by a perma-
nent road restraint system. Where the whole carriageway, central reservation
included, should be divided into notional lanes if the parts are separated by a
temporary road restraint system, the locations of notional lanes should not be
necessarily related to their numbering. For each individual verification
(e.g., for a verification of the ultimate limit state of resistance of a cross sec-
tion to bending), the number of lanes to be taken into account as loaded,
their location on the carriageway, and their numbering should be so chosen
so that the effects from the load models are the most adverse. For fatigue
representative values and models, the location and the numbering of the
lanes should be selected depending on the traffic to be expected in normal
conditions. The lane giving the most unfavorable effect is Lane Number 1,
the lane giving the second most unfavorable effect is Lane Number 2, etc.

Table 3.2 Load Model 1: Characteristic Values Specified in EC1 [3.1]

Tandem System, TS UDL System
Location Axle loads Qj. (kN) Qi or (i) (kN/m?)
Lane number 1 300 9
Lane number 2 200 2.5
Lane number 3 100 2.5
Other lanes 0 2.5

Remaining area (q,x) 0 2.5
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i Qik i Qik
Qi=1 Qi=1
' ' aquik
__

Key
(1) Lane Nr. 1 : Q,, = 300 kN; ¢,, = 9 kN/m’

(2) Lane Nr. 2 : Q,, = 200 kN; g1k = 2.5 kN/m?
(3) Lane Nr. 3: Q,, = 100 kN; ik = 2.5 kN/m?

"For w, = 3.00 m

Figure 3.6 Application of Load Model 1 according to EC1 [3.1].

(see Figure 3.6). Where the carriageway consists of two separate parts on the
same deck, only one numbering should be used for the whole carriageway.
Hence, even if the carriageway is divided into two separate parts, there is
only one Lane Number 1, which can be considered alternatively on the
two parts. Where the carriageway consists of two separate parts on two inde-
pendent decks, each part should be considered as a carriageway. Separate
numbering should then be used for the design of each deck. If the two decks
are supported by the same piers and/or abutments, there should be a single
numbering for the two parts together for the design of the piers and/or the
abutments. According to EC1, for each individual verification, the load
models, on each notional lane, should be applied on such a length and so
longitudinally located that the most adverse effect is obtained. On the
remaining area, the associated load model should be applied on such lengths
and widths in order to obtain the most adverse effect.

It should be noted that characteristic loads specified in EC1 (3.1) are
intended for the determination of road traffic effects associated with ultimate
limit state verifications and with particular serviceability verifications. The
load models for vertical loads represent the following four traffic effects:
Load Model 1 (LM1), Load Model 2 (LM2), Load Model 3 (LM3), and Load
Model 4 (LM4). LM1 contains concentrated and uniformly distributed
loads, which cover most of the effects of the traffic of motortrucks and cars.
This model should be used for general and local verifications. LM2 contains
a single axle load applied on specific tire contact areas, which covers the
dynamic effects of the normal traffic on short structural members. As an
order of magnitude, LM2 can be predominant in the range of loaded lengths
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up to 3-7 m. LM3 contains a set of assemblies of axle loads representing spe-
cial vehicles (e.g., for industrial transport), which can travel on routes per-
mitted for abnormal loads. It is intended for general and local verifications.
Finally, LM4 contains a crowd loading, intended only for general verifica-
tions. This crowd loading is particularly relevant for bridges located in or
near towns if its effects are not covered by Load Model 1. Load Models
1, 2, and 3, where relevant, should be taken into account for any type of
design situation (e.g., for transient situations during repair works). Load
Model 4 should be used only for some transient design situations. Load
Model 1 consists of the following two partial systems: double-axle concen-
trated loads (tandem system, T'S) and uniformly distributed loads (UDL sys-
tem). For double-axle concentrated loads, each axle has a weight of ot Qi
where o, are adjustment factors. No more than one tandem system should
be taken into account per notional lane and only complete tandem systems
should be taken into account. For the assessment of general eftects, each tan-
dem system should be assumed to travel centrally along the axes of notional
lanes. Each axle of the tandem system should be taken into account with two
identical wheels, the load per wheel being therefore equal to 0.50 Q. The
contact surface of each wheel should be taken into account as a square of side
0.40 m (see Figure 3.7). On the other hand, uniformly distributed loads have
a weight of o,qq per square meter of notional lane, where o, are adjustment

2.0

“[>0.5

0.4
Figure 3.7 Application of tandem systems for local verifications according to EC1 [3.1].
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factors. The uniformly distributed loads should be applied only in the unfa-
vorable parts of the influence surface, longitudinally and transversally. LM1
is intended to cover flowing, congested, or traffic jam situations with a high
percentage of heavy motortrucks. Load Model 1 should be applied on each
notional lane and on the remaining areas. On notional Lane Number 1, the
load magnitudes are referred to as 0tq; Qix and &giqi (see Table 3.1). On the
remaining areas, the load magnitude is referred to as og,q. The values of
adjustment factors oy, 05, and o, should be selected depending on the
expected traffic and possibly on different classes of routes. In the absence
of specification, these factors should be taken equal to unity. The character-
istic values of Qy and g;, dynamic amplification included, should be taken
from Table 3.2. For local verifications, a tandem system should be applied at
the most unfavorable location. Where two tandem systems on adjacent
notional lanes are taken into account, they may be brought closer, with a
distance between wheel axles not below 0.50 m (see Figure 3.7).

Load Model 2 consists of a single axle load Qi with Q. equal to
400 kN, dynamic amplification included, which should be applied at any
location on the carriageway. However, when relevant, only one wheel of
200fq (kN) may be taken into account. The value of i should be specified.
The contact surface of each wheel should be taken into account as a rect-
angle with sides 0.35 and 0.60 m (see Figure 3.8). The contact areas of Load
Models 1 and 2 are different and correspond to different tire models,
arrangements, and pressure distributions. The contact areas of Load Model
2, corresponding to twin tires, are normally relevant for orthotropic decks.
For simplicity, the National Annex may adopt the same square contact

& ®
X Bridge longitudinal axis direction !
1 Curb gL

2.00 : > X

mmemperbindo 10,60

Figure 3.8 Load Model 2 according to EC1 [3.1].
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surface for the wheels of Load Models 1 and 2. For Load Model 3 (special
vehicles), where relevant, the models of special vehicles should be defined
and taken into account. The National Annex may define Load Model 3 and
its conditions of use. Finally, Load Model 4 (crowd loading), if relevant,
should be represented by a load model consisting of a uniformly distributed
load (which includes dynamic amplification) equal to 5 kN/m?. The appli-
cation of LM4 may be defined for the individual project. Load Model 4
should be applied on the relevant parts of the length and width of the road
bridge deck, the central reservation being included, where relevant. This
loading system, intended for general verifications, should be associated only
with a transient design situation.

In the United States, the AASHTO [1.23] specifies vehicular live loading
on the roadways of bridges based on designated HL-93 load model consist-
ing of a combination of the design truck or design tandem and design lane
load. Each design lane under consideration shall be occupied by either the
design truck or tandem, coincident with the lane load. The weights and
spacings of axles and wheels for the design truck specified in AASHTO
are shown in Figure 3.9. A dynamic load allowance is considered for the
design truck load. The spacing between the two 145,000 N axles varies
between 4300 and 9000 mm to produce extreme force effects. It should
be noted that the total design force effect is also a function of load factor,
load modifier, load distribution, and dynamic load allowance. The design
tandem shall consist of a pair of 110,000 N axles spaced 1200 mm apart.
The transverse spacing of wheels shall be taken as 1800 mm. A dynamic load
allowance is also considered for the design tandem load. The design lane load
consists of a load of 9.3 N/mm uniformly distributed in the longitudinal
direction. Transversely, the design lane load is assumed to be distributed
over a 3000 mm width. The force effects from the design lane load are
not subject to a dynamic load allowance. The tire contact area of a wheel
consisting of one or two tires is assumed to be a single rectangle having a
width of 510 mm and a length of 250 mm. The tire pressure is assumed
to be uniformly distributed over the contact area.

The extreme force effect according to AASHTO [1.23] is taken as the
larger of the effect of the design tandem combined with the effect of the
design lane load or the effect of one design truck with the variable axle spac-
ing combined with the effect of the design lane load and for both negative
moment between points of contraflexure under a uniform load on all spans
and reaction at interior piers only; 90% of the effect of two design trucks
spaced a minimum P equal to the design wheel load (N). For the design
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145,000 N 145,000 N 145,000 N
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1800 mm
600 mm General

300 mm Deck overhang

Design lane 3600 mm
Figure 3.9 Characteristics of the design truck specified in AASHTO [1.23].

of deck overhangs with a cantilever, not exceeding 1800 mm from the cen-
terline of the exterior girder to the face of a structurally concrete railing, the
outside row of wheel loads may be replaced with a uniformly distributed line
load of 14.6 N/mm intensity, located 300 mm from the face of the railing.
To allow for dynamic effects, as specified in AASHTO, the static effects of
the design truck or tandem, other than centrifugal and braking forces, shall
be increased by the percentage specified in Table 3.3. For the dynamic load

Table 3.3 Dynamic Load Allowance (/M) Recommended by AASHTO [1.23]

Component IM (%)
Deck joints—all limit states 75

All other components

Fatigue and fracture limit state 15

All other limit states 33
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allowance, the factor to be applied to the static load shall be taken as (1 + IM/
100). The dynamic load allowance is not applied to pedestrian loads or the
design lane load.

3.4 HORIZONTAL FORCES ON STEEL AND STEEL-CONCRETE
COMPOSITE BRIDGES

3.4.1 General

Steel and steel-concrete composite bridges are subjected to horizontal forces
resulting from the moving trains or trucks and resulting from the environ-
ment. The horizontal forces may be transverse forces, acting transversely to
the bridge direction, such as wind forces, lateral shock forces resulting from
nosing of the trains, and centrifugal forces, or may be longitudinal forces,
acting in the longitudinal direction of the bridge, such as traction and brak-
ing forces. In the next sections, the horizontal forces acting on the bridges
will be highlighted. Once again, the forces presented are specified values in
the current codes of practice.

3.4.2 Horizontal Forces on Railway Steel Bridges

3.4.2.1 Centrifugal Forces

Where the track on a bridge is curved over the whole or part of the length of
the bridge, centrifugal force and track cant should be taken into account.
According to EC1 [3.1], centrifugal forces should be taken to act outward
in a horizontal direction at a height of 1.80 m above the running surface as
shown in Figure 3.10. The centrifugal force shall always be combined with
the vertical traffic load. The centrifugal force should not be multiplied by

(1) Running surface .
(2) Longitudinal forces acting along the centerline of the track £,
F." Nosing force Q

h,  Height of centrifugal force over the running surface
hy  Height of wind force over the running surface
Q1. Traction force
O, Traction force

O, Nosing force

Q. Centrifugal force
Q, Vertical axle load
s Gauge
u ant

Figure 3.10 Notation and dimensions especially for railways according to EC1 [3.1].
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any dynamic factors. The characteristic value of the centrifugal force shall be
determined according to the following equations specified in EC1:

2 172

Qu Zﬁ(f X Quk) :m(f X Quk) (3.6)
2 172

ek :E(fx%k):m(fx%k) (3.7)

where Q. and gy are characteristic values of the centrifugal forces in kN and
kN/m, respectively. Q and g,y are characteristic values of the vertical loads
(excluding any enhancement for dynamic effects) for Load Models 71, SW/
0, SW/2, and “unloaded train.” For HSLM, the characteristic value of the
centrifugal force should be determined using Load Model 71. fis a reduction
factor. vis the maximum speed in m/s. I/1is the maximum speed in km/h. gis
the acceleration due to gravity 9.81 m/s”. Finally, ris the radius of curvature
in m. In the case of a curve of varying radii, suitable mean values may be
taken for the value r.

The calculations shall be based on the specified maximum line speed at the
site. In the case of Load Model SW/2, an alternative maximum speed may be
assumed. For SW/2, a maximum speed of 80 km/h may be used. It is recom-
mended that the individual project specify an increased maximum line speed
at the site to take into account potential modifications to the infrastructure and
future rolling stock. For Load Model 71 (and where required Load Model
SW/0) and a maximum line speed at the site higher than 120 km/h, two cases
should be considered. In the first case, Load Model 71 (and where required
Load Model SW/0) with its dynamic factor and the centrifugal force for
V=120 km/h according to Equations (3.6) and (3.7) with f=1 should be
considered. While in the second case, Load Model 71 (and where required
Load Model SW/0) with its dynamic factor and the centrifugal force accord-
ing to Equations (3.6) and (3.7) for the maximum speed I specified should
also be considered, with a value for the reduction factor f given by Equa-
tion (3.8). For Load Model 71 (and where required Load Model SW/0),
the reduction factor f'is subject to a minimum value of 0.35 and is given by

IV —120 (814 2.88
et (]

where Leis the influence length of the loaded part of the curved track on the
bridge, which is most unfavorable for the design of the structural element
under consideration in meters as detailed in EC1 [3.1].



Applied Loads and Stability of Steel and Steel-Concrete Composite Bridges 129

3.4.2.2 Nosing Force

The nosing (lateral shock) force shall be taken as a concentrated force acting
horizontally, at the top of the rails, perpendicular to the centerline of the
track. It shall be applied on both straight track and curved track. According
to EC1 [3.1], the characteristic value of the nosing force shall be taken as
Qq =100 kN. It shall not be multiplied by any other factor. The nosing
force shall always be combined with a vertical traffic load.

3.4.2.3 Traction and Braking Forces

Traction and braking forces act at the top of the rails in the longitudinal
direction of the track. According to EC1, the forces shall be considered
as uniformly distributed over the corresponding influence length L,,, for
traction and braking effects for the structural element considered. The direc-
tion of the traction and braking forces shall take account of the permitted
direction(s) of travel on each track. The characteristic values of traction
and braking forces given in EC1 [3.1] are as follows:

Traction force : Qi =33(kN/m)L, ,(m) < 1000(kN)

For Load Models 71,SW/0,SW/2, and HSLM (3.9)

Braking force: Qi =20(kN/m)L, ,(m) < 6000(kN) (3.10)

For Load Models 71,SW/0,SW/2, and HSLM ’
Qipk = 35(kN/m)LJ,b (m) (3.11)

For Load Model SW/2

The characteristic values of traction and braking forces shall not be mul-
tiplied by any other factor.

EC1 [3.1] specifies that for Load Models SW/0 and SW/2, traction and
braking forces need only to be applied to those parts of the bridge that are
loaded according to Figure 3.2 and Table 3.1. Traction and braking may be
neglected for the Load Model “unloaded train.” These characteristic values
are applicable to all types of track construction, e.g., continuous welded rails
or jointed rails, with or without expansion devices. The earlier-mentioned
traction and braking forces for Load Models 71 and SW/0 should be mul-
tiplied by the factor o in accordance with the requirements of Section 3.3.1,
as specified in EC1 [3.1]. For loaded lengths greater than 300 m, additional
requirements for taking into account the effects of braking should be spec-
ified. For lines carrying special traffic (e.g., restricted to high-speed passenger
traffic), the traction and braking forces may be taken as equal to 25% of the
sum of the axle loads (real train) acting on the influence length of the action
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effect of the structural element considered, with a maximum value of
1000 kN for Q, and 6000 kN for Q. The lines carrying special traffic
and associated loading details may be specified. Traction and braking forces
shall be combined with the corresponding vertical loads. In the case of a
bridge carrying two or more tracks, the braking forces on one track shall
be considered with the traction forces on the other track. Where two or
more tracks have the same permitted direction of travel, either traction
on two tracks or braking on two tracks shall be taken into account. It should
be noted that braking and traction forces may be resisted using special sys-
tems of braking bracing added to the upper or lower wind bracing systems.
In this case, their effect on the bridge components above the bearings can be
neglected since the forces can be transmitted directly to the bearings.

3.4.2.4 Wind Forces

‘Wind actions on railway bridges fluctuate with time and act directly as pres-
sures on the external surfaces of the main carrying systems of the bridge and
on moving trains. Pressures act on areas of the surface resulting in forces nor-
mal to the surface of the main carrying systems of the bridge. The wind
action is represented by a simplified set of pressures or forces whose effects
are equivalent to the extreme effects of the turbulent wind. The wind actions
calculated using the rules specified in EC1 (BS EN 1991-1-4) [3.2] are char-
acteristic values determined from the basic values of wind velocity or the
velocity pressure. The response of the bridge to wind actions depends on
the size, shape, and dynamic properties of the bridge. EC1 [3.2] covers
dynamic response due to along-wind turbulence in resonance with the
along-wind vibrations of a fundamental flexural mode shape with constant
sign. The response of the bridge should be calculated from the peak velocity
pressure, gy, at the reference height in the undisturbed wind field, the force
and pressure coefficients, and the structural factor ¢¢q. ¢, depends on the
wind climate, the terrain roughness and topography, and the reference
height. ¢, is equal to the mean velocity pressure plus a contribution from
short-term pressure fluctuations.

According to EC1 [3.2], wind forces are calculated for bridges of con-
stant depth and with cross sections as shown in Figure 3.11 consisting of
asingle deck with one or more spans. Wind actions for other types of bridges
(e.g., arch bridges, bridges with suspension cables or cable-stayed, roofed
bridges, moving bridges, and bridges with multiple or significantly curved
decks) may be defined in the National Annex. Wind actions on bridges
produce forces in the x-, y-, and z-directions as shown in Figure 3.12, where



Applied Loads and Stability of Steel and Steel-Concrete Composite Bridges 131

Open or closed

. . [<——|
T 5 ——1
! b | k—L s
L 1]
! b | k—L |
— __/
b
Iﬁl

Figure 3.11 Limitations of cross sections of normal construction decks according to
EC1 [3.2].

x-direction is the direction parallel to the deck width, perpendicular to the
span; y-direction is the direction along the span; and z-direction is the
direction perpendicular to the deck. The forces produced in the x- and
y-directions are due to wind blowing in difterent directions and normally
are not simultaneous. The forces produced in the z-direction can result from
the wind blowing in a wide range of directions; if they are unfavorable and
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Figure 3.12 Directions of wind actions on bridges according to EC1 [3.1].

significant, they should be taken into account as simultaneous with the forces
produced in any other direction. The notations used for bridges are L, length
in y-direction; b, width in x-direction; and d, depth in z-direction.

It should be noted, according to EC1 [3.2], whether a dynamic response
procedure for bridges is needed. If a dynamic response procedure is not
needed, the factor ¢¢q may be taken equal to 1.0. For normal road and rail-
way bridge decks of less than 40 m span, a dynamic response procedure is
generally not needed. For the purpose of this categorization, normal bridges
may be considered to include bridges constructed of steel, concrete, alumi-
num, or timber, including composite construction, and whose shape of cross
sections is generally covered by Figure 3.11. Force coefficients for wind
actions on bridge decks in the x-direction are given by

Cf ,x = fx,0 (312)

where ¢ is the force coefficient without free-end flow specified in EC1
[3.2]. A bridge has usually no free-end flow because the flow is deviated only
along two sides (over and under the bridge deck). For normal bridges, ¢ o
may be taken equal to 1.3. Alternatively, ¢ o may be taken from Figure 3.13.
Reference areas A ¢, are given (see Figure 3.13) and the following should
be taken into account: for road bridges, a height of 2 m from the level of the
carriageway, on the most unfavorable length, independently of the location
of the vertical traffic loads for roadway bridges, and for railway bridges, a
height of 4 m from the top of the rails, on the total length of the bridge.
The reference height, z., may be taken as the distance from the lowest
ground level to the center of the bridge deck structure, disregarding other
parts (e.g., parapets) of the reference areas. Where it has been assessed that a
dynamic response procedure is not necessary, the wind force in the
x-direction may be obtained as follows:


Figure 3.12
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Figure 3.13 Force coefficient for bridges, ¢« o, specified in EC1 [3.1].

1
Fo=3 pvi CAres (3.13)

where , is the basic wind speed, C is the wind load factor, A, is the
reference area, p is the density of air, which is reasonably assumed as
1.25 kg/m”.

Vb = Cdir X Ceason X Vb,0 (314)

The fundamental value of the basic wind velocity, v, q, is the character-
istic 10 min mean wind velocity, irrespective of wind direction and time of
year, at 10 m above ground level in open country terrain with low vegetation


Figure 3.13
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Table 3.4 Values of the Force Factor C for Bridges Recommended by EC1 [3.1]

b/d;or Z.<20m Z.=50m
<0.5 5.7 7.1
>4.0 3.1 3.8

such as grass and isolated obstacles with separations of at least 20 obstacle
heights. The value of the directional factor, ¢y, for various wind directions
may be found in the National Annex wherein the recommended value is 1.0,
whereas the value of the season factor, ¢eqs0n, may be given in the National
Annex with a recommended value of 1.0. The wind load factor C can be
calculated as follows based on ¢, which is the exposure factor given in
EC1 [3.2]:

C:CCXCf,x (315)

The recommended values for C are shown in Table 3.4 as given by
EC1 [3.2].

3.4.3 Horizontal Forces on Highway Steel and Steel-Concrete
Composite Bridges

3.4.3.1 Braking and Acceleration Forces

Similar to railway bridges, highway steel and steel-concrete composite brid-

ges are subjected to braking and acceleration forces. According to EC1 [3.1],

braking force, Qy, shall be taken as a longitudinal force acting at the surfac-

ing level of the carriageway. The characteristic value of Q. limited to

900 kN for the total width of the bridge and should be calculated as a fraction

of the total maximum vertical loads corresponding to the Load Model 1

likely to be applied on Lane Number 1, as follows:

Qlk =0.6 oQ1 (2Q1k) + 0.1O€q1q1kW1L

1802ty1 (kN) < Quic < 900(kN) (3.16)

where Lis the length of the deck or part of it under consideration. For exam-
ple, Qi =360+2.7L (<900 kN) for a 3 m wide lane and for a loaded length
L>1.2m, if o factors are equal to unity. The upper limit (900 kIN) may be
adjusted in the National Annex. The value 900 kN is normally intended to
cover the maximum braking force expected to pass over the bridge. Hori-
zontal forces associated with Load Model 3 should be defined where appro-
priate. This force should be taken into account as located along the axis of
any lane. However, if the eccentricity effects are not significant, the force
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may be considered to be applied only along the carriageway axis and uni-
formly distributed over the loaded length. Acceleration forces should be
taken into account with the same magnitude as braking forces, but in the
opposite direction.

In the United States, AASHTO [1.23,1.24] specifies that the braking
force on highway bridges shall be taken as the greater than 25% of the axle
weights of the design truck or design tandem or 5% of the design truck plus
lane load or 5% of the design tandem plus lane load. The braking force shall
be placed in all design lanes carrying traffic heading in the same direction.
The forces shall act horizontally at a distance of 1.8 m above the roadway
surface in either longitudinal direction to cause extreme force effects.

3.4.3.2 Centrifugal Forces

The centrifugal force Qy, specified in EC1, acting on highway bridges
should be taken as a transverse force acting at the finished carriageway level
and radially to the axis of the carriageway. The characteristic value of Qy, in
which dynamic eftects are included, should be taken from Table 3.5, where r
is the horizontal radius of the carriageway centerline in meters and Q, is the
total maximum weight of vertical concentrated loads of the tandem systems
of LM1, thatis, Y 2qi(2 Qi) (see Table 3.2). Qq should be assumed to act as
a point load at any deck cross section. Where relevant, lateral forces from
skew braking or skidding should be taken into account. A transverse braking
force, Quy, equal to 25% of the longitudinal braking or acceleration force,
Q11 should be considered to act simultaneously with Qyy at the finished car-
riageway level.

In the United States, AASHTO [1.23,1.24] recommends that for the
purpose of computing the radial force or overturning effect on wheel loads,
the centrifugal effect on live load shall be taken as the product of the axle
weights of the design truck or tandem and the factor C, taken as

where v is the highway design speed in m/s, fis equal to 4/3 for load com-
binations other than fatigue and 1.0 for fatigue, ¢is gravitational acceleration

Table 3.5 Characteristic Values of Centrifugal Forces Recommended by EC1 [3.1]
Qu=0.2Q, (kN) If r<200 m

Qu.=40Q,/r (kN) If 200 <r< 1500 m

Qu=0 If r> 1500 m
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(9.807 m/s%), and R is radius of curvature of traffic lane in meters. Centrif-
ugal forces shall be applied horizontally at a distance of 1.8 m above the road-
way surface.

3.5 OTHER LOADS ON STEEL AND STEEL-CONCRETE
COMPOSITE BRIDGES

3.5.1 Fatigue Loads

Steel and steel-concrete composite bridges are subjected to a stress spectrum
and consequently fatigue owing to running traffic on the bridges. The stress
spectrum depends on the geometry of the trains or trucks, the axle loads, the
axle spacing, the composition of the traffic, and its dynamic effects. The cur-
rent codes of practice specify fatigue load models as guidance for the assess-
ment of fatigue load effects on highway and railway steel bridges.

3.5.1.1 Fatigue Loads on Highway Bridges

Specified in EC1 [3.1] are five fatigue load models of vertical forces on high-
way bridges. Fatigue Load Models 1, 2, and 3 are intended to be used to
determine the maximum and minimum stresses resulting from the possible
load arrangements on the bridge of any of these models. Fatigue Load
Models 4 and 5 are intended to be used to determine stress range spectra
resulting from the passage of motortrucks on the bridge. Fatigue Load
Models 1 and 2 are intended to be used to check whether the fatigue life
may be considered as unlimited when a constant stress amplitude fatigue
limit is given. Therefore, they are appropriate for steel constructions and
may be inappropriate for other materials. Fatigue Load Model 1 is generally
conservative and covers multilane effects automatically. Fatigcue Load Model
2 is more accurate than Fatigue Load Model 1 when the simultaneous pres-
ence of several motortrucks on the bridge can be neglected for fatigue ver-
ifications. Fatigue Load Models 3, 4, and 5 are not numerically comparable
to Fatigue Load Models 1 and 2. Fatigue Load Model 3 may also be used for
the direct verification of designs by simplified methods. Fatigue Load Model
4 is more accurate than Fatigue Load Model 3 for a variety of bridges and of
the traffic when the simultaneous presence of several motortrucks on the
bridge can be neglected. Fatigue Load Model 5 is the most general model,
using actual traffic data. The load values given for Fatigue Load Models 1-3
are appropriate for typical heavy traffic on European main roads or
motorways.
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Table 3.6 Indicative Number of Heavy Vehicles Expected Per Year and Per Slow Lane
Specified in EC1 [3.1]

Nops Per
year and Per
Traffic Categories Slow Lane
1 Roads and motorways with two or more lanes per direction 2.0x10°
with high flow rates of motortrucks
2 Roads and motorways with medium flow rates of motortrucks 0.5x 10°
3 Main roads and motorways with low flow rates of motortrucks 0.125 x 10°
4 Local roads and motorways with low flow rates of motortrucks 0.05 % 10°

A traffic category on a bridge should be defined according to EC1, for
fatigue verifications, at least, by the number of slow lane and the number
Noyps of heavy vehicles (maximum gross vehicle weight more than
100 kN), observed or estimated, per year and per slow lane (i.e., a traffic lane
used predominantly by motortrucks). The traffic categories and values may
be defined in the National Annex. Indicative values for N, are given in
Table 3.6 for a slow lane when using Fatigue Load Models 3 and 4. On each
fast lane (i.e., a traffic lane used predominantly by cars), additionally, 10% of
Ngp,s may be taken into account. For the assessment of general action effects
(e.g., in main girders), all fatigue load models should be placed centrally on
the previously defined notional lanes. For the assessment of local action
effects (e.g., in slabs), the models should be centered on notional lanes
assumed to be located anywhere on the carriageway. According to EC1,
fatigue Load Model 1 (similar to LM1) has the configuration of the charac-
teristic Load Model 1, with the values of the axle loads equal to 0.7 Q. and
the values of the uniformly distributed loads equal to 0.3¢;, and (unless oth-
erwise specified) 0.3¢,;.. The load values for Fatigue Load Model 1 are similar
to those defined for the Frequent Load Model. However, adopting the
Frequent Load Model without adjustment would have been excessively
conservative in comparison with the other models, especially for large
loaded areas. The maximum and minimum stresses should be determined
from the possible load arrangements of the model on the bridge. Fatigue
Load Model 2 consists of a set of idealized motortrucks, called “frequent”
motortrucks, to be used as defined in the succeeding text. Each “frequent
motortruck” is defined by the number of axles and the axle spacing, the fre-
quent load of each axle, the wheel contact areas, and the transverse distance
between wheels (see Tables 3.7-3.9). The maximum and minimum stresses
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Table 3.7 Set of Frequent Motortrucks Specified in EC1 [3.1]

1 2 3 4
Axle spacing ~ Frequent axle loads ~ Wheel type
Motortruck silhouette (m) (kN) (see table 3.9)
4.5 90 A
190 B
4.2 80 A
1.3 140 B
140 B
3.2 90 A
5.3 180 B
1.3 120 C
1.3 120 C
120 C
o 3.4 90 A
L [‘]'7 el 6.0 190 B
. v 1.8 140 B
140 B
4.8 90 A
3.6 180 B
4.4 120 C
1.3 110 C
110 C

should be determined from the most severe effects of different motortrucks,
separately considered, traveling alone along the appropriate lane. Fatigue
Load Model 3 (single-vehicle model) consists of four axles, each of them
having two identical wheels. The geometry is shown in Figure 3.14. The
weight of each axle 1s equal to 120 kNN, and the contact surface of each wheel
is a square of side 0.4 m. The maximum and minimum stresses and the stress
ranges for each cycle of stress fluctuation, that is, their algebraic difference,
resulting from the transit of the model along the bridge should be calculated.
Fatigue Load Model 4 (set of “standard” motortrucks) consists of sets of stan-
dard motortrucks, which together produce eftects equivalent to those of typ-
ical traffic on European roads. A set of motortrucks appropriate to the traftic
mixes predicted for the route as defined in Tables 3.7 and 3.8 should be
taken into account. Each standard motortruck is defined by the number
of axles and the axle spacing, the equivalent load of each axle, the wheel con-
tact areas, and the transverse distances between wheels. The calculations
should be based on the following procedure: the percentage of each standard



Table 3.8 Set of Equivalent Motortrucks Specified in EC1 [3.1]

Vehicle Type Traffic Type
1 2 3 4 5 6 7
Long Distance ~ Medium Distance  Local Traffic
Axle spacing Equivalent axle Motortruck Motortruck Motortruck
Motortrucks (m) loads (kN) percentage percentage percentage Wheel type
4.5 70 20.0 40.0 80.0 A
130 B
4.2 70 5.0 10.0 5.0 A
1.3 120 B
120 B
3.2 70 50.0 30.0 5.0 A
5.3 150 B
1.3 90 C
1.3 90 C
90 C
- 3.4 70 15.0 15.0 5.0 A
o lj,, — T 6.0 140 B
T e 1.8 90 B
90 B
4.8 70 10.0 5.0 5.0 A
3.6 130 B
4.4 90 C
1.3 80 C
80 C
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Table 3.9 Definition of Wheels and Axles According to EC1 [3.1]

Wheel/Axle Type  Geometric Definition

A 5 2.00 m !
3207 [ X 7T 320
mm I |:| I:E:l mm
o =t
220 mm 220 mm

B ! 2.00 m

2T EN G EE Iz

220 220 T 220 220
mm mm mm mm

C ! 2.00 m '
w3 E
T 1—+

270 mm I 270 mm

| 142m| 6.0 m | 1.2m|
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w; Lane width ! ! ! ]
X Bridge longitudinal axis | T -' [0 N 55 R, S
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Figure 3.14 Fatigue Load Model 3 according to EC1 [3.1].

motortruck in the traffic flow, the total number of vehicles per year to be
considered for the whole carriageway N, should be defined, and each stan-
dard motortruck is considered to cross the bridge in the absence of any other
vehicle. Fatigue Load Model 5 (based on recorded road traftic data) consists
of the direct application of recorded traffic data, supplemented, if relevant,

by appropriate statistical and projected extrapolations.
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In the United States, AASHTO [1.23,1.24] specifies that the fatigue
load shall be one design truck or axles but with a constant spacing of
9000 mm between the 145,000 N axles, with the dynamic load allowance
applied to the fatigue load. The frequency of the fatigue load shall be taken
as the single-lane average daily truck traftic (ADTTsy). This frequency
shall be applied to all components of the bridge, even to those located
under lanes that carry a lesser number of trucks. AASHTO specifies that
in the absence of better information, the single-lane average daily truck
traffic shall be taken as

ADTTs, =px ADTT (3.18)

where ADTT is the number of trucks per day in one direction averaged over
the design life and p is the fraction of truck traffic in a single lane, which is
equal to 1.00, 0.85, and 0.8 for the number of lanes available to trucks equal
to 1, 2, and 3 or more, respectively.

3.5.1.2 Fatigue Loads on Railway Bridges

Fatigue loads on railway steel bridges are also covered by EC1 [3.1] that
recommends that a fatigue damage assessment shall be carried out for all
structural elements of railway bridges subjected to fluctuations of stress.
For normal traffic based on the characteristic values of Load Model 71,
including the dynamic factor @, the fatigue assessment should be carried
traffic with
250 kN axles,” or “light traffic mix” depending on whether the structure

EEINT3

out on the basis of the traffic mixes, “standard traffic,

carries mixed traffic, predominantly heavy freight traffic, or lightweight
passenger traffic in accordance with the requirements specified. Details
of'the service trains and traffic mixes considered and the dynamic enhance-
ment to be applied are given in Annex D of EC1. Each of the mixes is based
on an annual traffic tonnage of 25 x 10° t passing over the bridge on each
track. For bridges carrying multiple tracks, the fatigue loading shall be
applied to a maximum of two tracks in the most unfavorable positions.
The fatigue damage should be assessed over the design working life.
The design working life may be specified in the National Annex and
100 years is recommended. Vertical railway traffic actions including
dynamic effects and centrifugal forces should be taken into account in
the fatigue assessment. Generally, nosing and longitudinal traffic actions
may be neglected in the fatigue assessment.



142 Ehab Ellobody

3.5.2 Dynamic Loads

3.5.2.1 General

The static stresses and deformations (and associated bridge deck acceleration)
induced in a bridge are increased and decreased under the eftects of moving
traffic by the following three main parameters specified in EC1 [3.1]: The
first parameter is the rapid rate of loading due to the speed of traffic crossing
the structure and the inertial response (impact) of the structure. The second
parameter is the passage of successive loads with approximately uniform
spacing that can excite the structure and under certain circumstances create
resonance (where the frequency of excitation (or a multiple thereof) matches
a natural frequency of the structure (or a multiple thereof), there is a possi-
bility that the vibrations caused by successive axles running onto the struc-
ture will be excessive). Finally, the variations in wheel loads result from track
or vehicle imperfections, including wheel irregularities. For determining the
effects (stresses, deflections, bridge deck acceleration, etc.) of railway traffic
actions, the aforementioned parameters shall be taken into account. Accord-
ing to EC1, the main factors that influence dynamic behavior are the speed
of traffic across the bridge; the span L of the structural element and the influ-
ence line length for deflection of the element being considered; the mass of
the structure; the natural frequencies of the whole structure and relevant ele-
ments of the structure and the associated mode shapes (eigenforms) along the
line of the track; the number of axles, axle loads, and the spacing of axles; the
damping of the structure; vertical irregularities in the track; the unsprung/
sprung mass and suspension characteristics of the vehicle; the presence of
regularly spaced supports of the deck slab and/or track (cross girders,
sleepers, etc.); vehicle imperfections (wheel flats, out of round wheels, sus-
pension defects, etc.); and the dynamic characteristics of the track (ballast,
sleepers, track components, etc.).

3.5.2.2 Dynamic Loads on Railway Bridges

Looking at dynamic loads acting on railway bridges, as an example, EC1
[3.1] provides some requirements for determining whether a static or a
dynamic analysis is required based on I/, which is the maximum line speed
at the site in km/h; L, which is the span length in meters; g, which is the first
natural bending frequency of the bridge loaded by permanent actions in Hz;
n, which is the first natural torsional frequency of the bridge loaded by per-
manent actions in Hz; v, which is the maximum nominal speed in m/s; and
(v/no)1im> which is given in Annex F of EC1. The requirements are valid for
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simply supported bridges with only longitudinal line beam or simple plate
behavior with negligible skew eftects on rigid supports. A dynamic analysis
is required where the frequent operating speed of a real train equals a reso-
nant speed of the bridge. For bridges with a first natural frequency ng within
the limits given by Figure 3.15 and a maximum line speed at the site not
exceeding 200 km/h, a dynamic analysis is not required. For bridges with
a first natural frequency ny exceeding the upper limit (1) in Figure 3.15, a
dynamic analysis is required. For a simply supported bridge subjected to
bending only, the natural frequency may be estimated using the following
formula as specified in EC1:

17.75
1o :W
0

where ng is in Hz and J, is the deflection at midspan due to permanent

(3.19)

actions in millimeters and is calculated, using a short-term modulus for
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Figure 3.15 Limits of bridge natural frequency n, (Hz) as a function of L (m)
recommended by EC1 [3.1].
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steel-concrete composite bridges, in accordance with a loading period
appropriate to the natural frequency of the bridge.

According to EC1, the dynamic factor @ takes account of the dynamic
magnification of stresses and vibration effects in the structure but does not
take account of resonance effects. Where a dynamic analysis is required,
there is a risk that resonance or excessive vibration of the bridge may occur
(with a possibility of excessive deck accelerations leading to ballast instability
and excessive deflections and stresses). For such cases, a dynamic analysis shall
be carried out to calculate impact and resonance effects. Quasi-static
methods that use static load effects multiplied by the dynamic factor @
are unable to predict resonance effects from high-speed trains. Dynamic
analysis techniques, which take into account the time-dependent nature
of the loading from the high-speed load model (HSLM) and real trains
(e.g., by solving equations of motion), are required for predicting dynamic
effects at resonance. Bridges carrying more than one track should be consid-
ered without any reduction of dynamic factor @. The dynamic factor @ that
enhances the static load effects under Load Models 71, SW/0, and SW/2
shall be taken as either @, or @;. Generally, the dynamic factor @ is taken
as either @, or @; according to the quality of track maintenance as follows:
(a) For carefully maintained track,

144
VLo —02

(b) For track with standard maintenance,

216
VLo —02

where Ly is the “determinant” length (length associated with @) defined in

?, +0.82 with:1.00< @, < 1.67 (3.20)

D, +0.73 with: 1.0 < P35 < 2.0 (3.21)

Table 3.10 in meters. The dynamic factors were established for simply sup-
ported girders. The length Lg allows these factors to be used for other structural
members with different support conditions. If no dynamic factor is specified, @5
shall be used. The dynamic factor @ shall not be used with the loading due to real
trains, the loading due to fatigue trains, HSLM, and the load model “unloaded
train.” The determinant lengths Ly, to be used are given in Table 3.10.

3.5.3 Accidental Forces

3.5.3.1 General

Steel and steel-concrete composite bridges may be subjected to forces result-
ing from accidental situations. The situations comprise vehicle collision with



Applied Loads and Stability of Steel and Steel-Concrete Composite Bridges 145

Table 3.10 Determinant Lengths Lq, According to EC1 [3.1]
Case Structural Element Determinant Length Lg

Steel deck plate: closed deck with ballast bed (orthotropic deck plate) (for local and
transverse stresses)

Deck with cross girders and continuous longitudinal ribs

1.1 Deck plate (for both directions) Three times the cross
girder spacing
1.2 Continuous longitudinal ribs (including small Three times the cross
cantilevers up to 0.50 m) girder spacing
1.3 Cross girders Twice the length of the
cross girder
1.4 End cross girders 3.6 m

Deck plate with cross girders only

2.1 Deck plate (for both directions) Three times the cross
girder spacing

2.2 Cross girders Cross girder spacing
+3m

2.3 End cross girders 3.6m

Steel grillage: open deck without ballast bed (for local and transverse stresses)

3.1 Rail bearers: Three times the cross
— As an element of a continuous grillage girder spacing
—  Simply supported Cross girder spacing

+3m
3.2 Cantilever of rail bearer 3.6m
3.3 Cross girders (as part of cross girder/continuous  Twice the length of the
rail bearer grillage) cross girder
3.4 End cross girders 3.6m

bridge piers, soffit of bridge, or decks; the presence of heavy wheels or vehi-
cle on footways; and vehicle collision with curbs, vehicle parapets, and struc-
tural components. Since the main objective of this book is finite element
analysis and design of steel and steel-concrete composite bridges, accidental
forces can be easily applied as a load case and their effects on the bridges can
be assessed.

3.5.3.2 Collision Forces from Vehicles Under the Bridge

Forces due to the collision of abnormal height or aberrant road vehicles with
piers or with the supporting members of a bridge should be taken into
account. The National Annex may define rules to protect the bridge from
vehicular collision forces. When vehicular collision forces are to be taken
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into account (e.g., with reference to a safety distance between piers and the
edge of the carriageway), the magnitude and location of vehicular collision
forces and also the limit states should be considered. For stiff piers, the min-
imum values recommended in EC1 [3.1] are an impact force of 1000 kN in
the direction of vehicle travel or 500 kN perpendicular to that direction
with height above the level of adjacent ground surface equal to 1.25 m.

3.5.3.3 Collision Forces on Decks

Vehicle collision forces on bridge decks should also be specified as recom-
mended in EC1. The National Annex may define the collision force on
decks, possibly in relation to vertical clearance and other forms of protection.
Collision loads on bridge decks and other structural components over roads
may vary widely depending on structural and nonstructural parameters and
their conditions of applicability. The possibility of collision by vehicles hav-
ing an abnormal or illegal height may have to be envisaged and a crane
swinging up while a vehicle is moving. Preventive or protective measures
may be introduced as an alternative to designing for collision forces.

3.5.3.4 Actions from Vehicles on the Bridge

Collision forces from vehicles on footways and cycle tracks on road bridges
are also covered by EC1 [3.1]. If a safety barrier of an appropriate contain-
ment level is provided, wheel or vehicle loading beyond this protection need
not be taken into account. Where the protection mentioned is provided,
one accidental axle load corresponding to %q,Qsx should be so placed
and oriented on the unprotected parts of the deck so as to give the most
adverse effect adjacent to the safety barrier as shown in Figure 3.16. This axle
load should not be taken into account simultaneously with any other vari-
able load on the deck. A single wheel alone should be taken into account if
geometric constraints make a two-wheel arrangement impossible.

3.5.3.5 Collision Forces on Curbs

The action from vehicle collision with curbs or pavement upstands should
be taken as a lateral force equal to 100 kN acting at a depth of 0.05 m below
the top of the curb, following the guidelines of EC1. This force should be
considered as acting on a line 0.5 m long and is transmitted by the curbs to
the structural members supporting them. In rigid structural members, the
load should be assumed to have an angle of dispersal of 45°. When unfavor-
able, a vertical traftic load acting simultaneously with the collision force
equal to 0.750q1 Qqk (see Figure 3.17) should be taken into account.
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Figure 3.17 Definition of vehicle collision forces on curbs according to EC1 [3.1].
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3.5.3.6 Collision Forces on Vehicle Restraint Systems

EC1 [3.1] recommends that horizontal and vertical forces transferred to the
bridge deck by vehicle restraint systems should be taken into account for
structural design. EC1 recommends four classes of values for the transferred
horizontal force as given in Table 3.11. The horizontal force, acting trans-
versely, may be applied 100 mm below the top of the selected vehicle
restraint system or 1.0 m above the level of the carriageway or footway,
whichever is the lower, and on a line 0.5 m long. The values of the hori-
zontal forces given for the classes A-D derive from measurements during
collision tests on real vehicle restraint systems used for bridges. There is
no direct correlation between these values and performance classes of vehicle
restraint systems. The proposed values depend rather on the stiffness of the
connection between the vehicle restraint system and the curb or the part of
the bridge to which it is connected. A very strong connection leads to the
horizontal force given for class D. A very weak connection may lead to the
horizontal force given for class A. The vertical force acting simultaneously
with the horizontal collision force may be defined in the National Annex.
The recommended values may be taken equal to 0.750q; Q;x. The calcula-
tions taking account of horizontal and vertical forces may be replaced, when
possible, by detailing measures (for example, design of reinforcement). The
structure supporting the vehicle parapet should be designed to sustain locally
an accidental load effect corresponding to at least 1.25 times the character-
istic local resistance of vehicle parapet (e.g., resistance of the connection of
the parapet to the structure) and need not be combined with any other var-
iable load.

3.5.3.7 Collision Forces on Structural Members

Vehicle collision forces on unprotected structural members above or beside
the carriageway levels should be taken into account as recommended by
EC1. The code recommends that the forces may act 1.25 m above the

Table 3.11 Four Classes for the Horizontal Force Transferred by
Vehicle Restraint Systems Recommended by EC1 [3.1]

Recommended Class Horizontal Force (kN)
A 100
B 200
C 400
D 600
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carriageway level. The forces should not be considered to act simultaneously
with any variable load. For some intermediate members where damage to
one of which would not cause collapse (e.g., hangers or stays), smaller forces
may be defined for the studied bridge.

3.5.3.8 Actions on Pedestrian Parapets

Forces that are transferred to the bridge deck by pedestrian parapets should
be taken into account in structural design as variable loads and defined,
depending on the selected loading class of the parapet as stated in ECI1.
For loading classes of pedestrian parapets, class C is the recommended min-
imum class. A line force of 1.0 kIN/m acting, as a variable load, horizontally
or vertically on the top of the parapet is a recommended minimum value for
footways or footbridges. For service side paths, the recommended minimum
value is 0.8 kIN/m. For the design of the supporting structure, if pedestrian
parapets are adequately protected against vehicle collision, the horizontal
actions should be considered as simultaneous with the uniformly distributed
vertical loads. Where pedestrian parapets cannot be considered as adequately
protected against vehicle collisions, the supporting structure should be
designed to sustain an accidental load effect corresponding to 1.25 times
the characteristic resistance of the parapet, exclusive of any variable load.

3.5.4 Actions on Footways, Cycle Tracks, and Footbridges

Load models applicable to footways, cycle tracks, and footbridges are also
covered by EC1. The models comprise a uniformly distributed load gg
and a concentrated load Qg that should be used for road and railway brid-
ges and for footbridges, where relevant. All other variable actions and actions
for accidental design situations defined in this section are intended only for
footbridges. EC1 also specifies that for large footbridges (for example, more
than 6 m width), load models defined in this section may not be appropriate
and then complementary load models, with associated combination rules,
may have to be defined for the individual project. Indeed, various human
activities may take place on wide footbridges. Models and representative
values given in this section should be used for serviceability and ultimate
limit state calculations excluding fatigue limit states. EC1 specifies that
the imposed loads defined in this section result from pedestrian and cycle
traffic, minor common construction and maintenance loads (e.g., service
vehicles), and accidental situations. These loads give rise to vertical and hor-
izontal and static and dynamic forces. Loads due to cycle traffic are generally
much lower than those due to pedestrian traffic, and the values given in this
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section are based on the frequent or occasional presence of pedestrians on
cycle lanes. Special consideration may need to be given to loads due to horses
or cattle for individual projects. The load models defined in this section do
not describe actual loads. They have been selected so that their effects (with
dynamic amplification included where mentioned) represent the effects of
actual traffic. Actions for accidental design situations due to collision should
be represented by static equivalent loads. Loads on footbridges may difter
depending on their location and on the possible traftic flow of some vehicles.
According to EC1, the same models should be used for pedestrian and cycle
traffic on footbridges, on the areas of the deck of road bridges limited by
pedestrian parapets and not included in the carriageway, and on the foot-
paths of railway bridges. Other appropriate models should be defined for
inspection gangways within the bridges and for platforms on railway bridges.
The recommended models, to be used separately in order to get the most
unfavorable effects, are a uniformly distributed load of 2 kN/m?* and a con-
centrated load of 3 kN applicable to a square surface of 0.20 X 0.20 m>.
Characteristic loads are intended for the determination of pedestrian or cycle
track static load effects associated with ultimate limit state verifications and
particular serviceability verifications.

According to EC1, three models should be taken into account as relevant
on footways, cycle tracks, and footbridges. They consist of a uniformly dis-
tributed load gq, a concentrated load Qg,y, and loads representing service
vehicles Qqery. For road bridges supporting footways or cycle tracks, a uni-
formly distributed load gg should be defined as shown in Figure 3.18. The
recommended value is ga. =5 kN/m>. For the design of footbridges, a
uniformly distributed load gq should be defined and applied only in the

Figure 3.18 Characteristic load on a footway (or cycle track) according to EC1 [3.1].


Figure 3.18
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unfavorable parts of the influence surface, longitudinally and transversally.
The characteristic value of the concentrated load Qg should be taken equal
to 10 kN acting on a square surface of side 0.10 m. Finally, when service
vehicles are to be carried on a footbridge or footway, one service vehicle
Qserv shall be taken into account. This vehicle may be a vehicle for main-
tenance, emergencies (e.g., ambulance and fire), or other services. The char-
acteristics of this vehicle (axle weight and spacing and contact area of
wheels), the dynamic amplification, and all other appropriate loading rules
may be defined for the individual bridge.

The horizontal forces for footbridges are also specified in EC1. A hor-
izontal force Qg should be taken into account, acting along the bridge deck
axis at the pavement level, as defined in EC1. The characteristic value of the
horizontal force should be taken equal to the greater than 10 percent of the
total load corresponding to the uniformly distributed load and 60 percent of
the total weight of the service vehicle. The horizontal force is considered as
acting simultaneously with the corresponding vertical load and in no case
with the concentrated load Qg,i. EC1 states that this force is normally suf-
ficient to ensure the horizontal longitudinal stability of footbridges. It does
not ensure horizontal transverse stability, which should be ensured by con-
sidering other actions or by appropriate design measures. Accidental design
situations for footbridges are also covered by EC1. Such situations are due to
road traffic under the bridge (i.e., collision) or the accidental presence of a
heavy vehicle on the bridge. Dynamic models of pedestrian loads are also
specified in EC1.

3.5.5 Thermally Induced Loads

Temperature changes in bridges and their accompanied forces induced on
the bridges are covered by EC1 (BS EN 1991-5) [3.3]. For the purposes
of this part, steel and steel-concrete composite bridge decks are grouped into
three types. Type 1 comprises steel bridges with steel decks supported by
steel box girder or steel truss or plate girder main structural supporting sys-
tems (Figure 3.19). Type 2 comprises bridges with composite decks. Type 3
comprises bridges with concrete decks. Representative values of thermal
actions should be assessed by the uniform temperature component and
the temperature difference component. Where a horizontal temperature dif-
ference needs to be considered, a linear temperature difference component
may be assumed in the absence of other information. The uniform temper-
ature component depends on the minimum and maximum temperature that
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Figure 3.19 Definition of symbols for steel plate girders.

a bridge will achieve. This results in a range of uniform temperature changes,
which, in an unrestrained structure, would result in a change in element
length. The following eftects should be taken into account: the restraint
of associated expansion or contraction due to the type of construction
(e.g., portal frame, arch, and elastomeric bearings); the friction at roller or
sliding bearings; nonlinear geometric effects (second-order effects); and,
for railway bridges, the interaction eftects between the track and the bridge
due to the variation of the temperature of the deck and of the rails that may
induce supplementary horizontal forces in the bearings (and supplementary
forces in the rails). Minimum shade air temperature (T,,;,) and maximum
shade air temperature (T},,,) for the site shall be derived from isotherms.
The minimum and maximum uniform bridge temperature components
Te min and T, ., should be determined. EC1 specifies the recommended
values for T, in and Te ax.

EC1 [3.3] states that characteristic values of minimum and maximum
shade air temperatures for the site location shall be obtained, for example, from
national maps of isotherms. Information on minimum and maximum shade air
temperatures to be used in a country may be found in its National Annex.


Figure 3.19
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These characteristic values should represent shade air temperatures for mean
sea level in an open country with an annual probability exceeding 0.02.
Where an annual probability exceeding 0.02 is deemed inappropriate, the
minimum shade air temperatures and the maximum shade air temperatures
should be modified in accordance with Annex A of EC1 [3.3]. The values
of minimum and maximum uniform bridge temperature components for
restraining forces shall be derived from the minimum (7,,;,) and maximum
(Tnax) shade air temperatures. The initial bridge temperature T, at the time
that the structure is restrained may be taken from Annex A of EC1 [3.3] for
calculating contraction down to the minimum uniform bridge temperature
component and expansion up to the maximum uniform bridge temperature
component. Thus, the characteristic value of the maximum contraction range
of the uniform bridge temperature component ATy o, should be taken as

ATncon=To—T (3.22)

e.min

and the characteristic value of the maximum expansion range of the uniform
bridge temperature component ATy ¢y, should be taken as

ATN,exp = Temax — To (3'23)

The overall range of the uniform bridge temperature component is
expressed as follows:

ATN =Temax — T

e.min

(3.24)

For bearings and expansion joints, the National Annex may specify the
maximum expansion range of the uniform bridge temperature component
and the maximum contraction range of the uniform bridge temperature
component, if no other provisions are required. The recommended values
are (AT exp120)°C and (AT con+20) °C, respectively. If the tempera-
ture at which the bearings and expansion joints are set is specified, then
the recommended values are (AT exp+10)°C and (ATN cont10)°C,
respectively. EC1 [3.3] states that for the design of bearings and expansion
joints, the values of the coefficient of expansion given in Annex C (Table C.1
of EC1 [3.3]) may be modified if alternative values have been verified by
tests or more detailed studies.

According to EC1 [3.3], over a prescribed time period, heating and cool-
ing of a bridge deck’s upper surface will result in a maximum heating (top
surface warmer) and a maximum cooling (bottom surface warmer) temper-
ature variation. The vertical temperature difference may produce effects
within a structure due to restraint of free curvature due to the form of
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the structure (e.g., portal frame and continuous beams), friction at rotational
bearings, and nonlinear geometric effects (second-order effects). EC1 [3.3]
specifies two approaches for vertical linear component (Approaches 1 and 2).
In Approach 1, the effect of vertical temperature differences should be con-
sidered by using an equivalent linear temperature difference component
with ATp peae and ATy oo These values should be applied between the
top and the bottom of the bridge deck. Values of ATy pear and AT cool
to be used in a country may be found in its National Annex. Recommended
values for ATy hear and ATy 001 are given in Table 3.12.

In Approach 2, vertical temperature components with nonlinear effects
should be considered by including a nonlinear temperature difference com-
ponent. Values of vertical temperature difterences for bridge decks to be
used in a country may be found in its National Annex. Recommended
values are given in EC1 [3.3] and are valid for 40 mm surfacing depths
for deck type 1 and 100 mm for deck types 2 and 3. For other depths of sur-
facing, see Annex B of EC1 [3.3]. Vertical temperature differences for bridge
decks depends on “heating,” which refers to conditions such that solar radi-
ation and other effects cause a gain in heat through the top surface of the
bridge deck, and “cooling,” which refers to conditions such that heat is lost
from the top surface of the bridge deck as a result of reradiation and other
effects. In general, the temperature difference component need only be con-
sidered in the vertical direction. In particular cases, however (for example,
when the orientation or configuration of the bridge results in one side being
more highly exposed to sunlight than the other side), a horizontal temper-
ature difference component should be considered. The National Annex may
specify numerical values for the temperature difference. If no other informa-
tion is available and no indications of higher values exist, 5 °C may be
recommended as a linear temperature difference between the outer edges

Table 3.12 Values of Linear Temperature Difference Component for Different Types of
Bridge Decks for Road, Foot, and Railway Bridges Recommended by EC1 [3.3]
Top Warmer than Bottom Bottom Warmer than Top

Type of Deck ATy hear (°C) ATpm,co01 (°C)
Type 1: steel deck 18 13
Type 1: composite deck 15 18
Type 1: concrete deck

Concrete box girder 10 5
Concrete beam 15 8

Concrete slab 15 8
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of the bridge independent of the width of the bridge. EC1 [3.3] recom-
mends that care should be exercised in the design of large concrete box
girder bridges where significant temperature differences can occur between
the inner and outer web walls of such structures. The National Annex may
specify numerical values for the temperature difference. The recommended
value for a linear temperature difference is 15 °C.

3.6 LOAD COMBINATIONS
3.6.1 General

The difterent loads acting on steel and steel-concrete composite bridges,
previously highlighted, should be grouped and superimposed to determine
the worst case of loading that induce highest straining actions and conse-
quently stresses at critical sections of the bridges. Grouping of the different
loads acting on the bridges is commonly known as load combinations. The
load combinations are dependent on the approaches adopted to design the
bridge components, for example, allowable (permissible) stress design, limit
state design, plastic design, and load and resistance factored design. The
methods of design will be highlighted in the succeeding sections; however,
in general, the concept of grouping different loads acting on the bridge is
based on multiplying nominal or characteristic values of loads by partial
safety factors to obtain the design value of the load. When several loads
are to be grouped or combined, the partial safety factors should be reduced
from their values for individual application of the loads in order to attain the
same probability of occurrence of the combination as that of the individual
loads.

3.6.2 Groups of Traffic Loads for Highway Bridges

Let us look at the grouping of traffic loads for highway bridges adopted in
Europe, which is addressed in EC1 [3.1]. The code recommends that the
simultaneity of the loading systems (Load Model 1, Load Model 2, Load
Model 3, Load Model 4, and horizontal forces) and the loads of footways
should be taken into account by considering the groups of loads defined
in Table 3.13 specified the code. Each of these groups of loads, which are
mutually exclusive, should be considered as defining a characteristic action
for combination with nontraffic loads.The frequent action should consist
only of either the frequent values of LM1 or the frequent value of LM2



Table 3.13 Assessment of Groups of Traffic Loads (Characteristic Values of the Multicomponent Action) Specified in EC1 [3.1]
Footways and Cycle

Carriageway Tracks
Load Type Vertical Forces Horizontal Forces Vertical Forces Only
Braking and
LMT1 (TS and LM2 (single LM3 (special LM4 (crowd acceleration Centrifugal and  Uniformly distributed
Load system UDL systems) axle) vehicles) loading) forces transverse forces load
Groups grla Characteristic Combination value
of values
loads grlb Characteristic
value
gr2  Frequent Characteristic ~ Characteristic
values value value
gr3 Characteristic value
grd Characteristic Characteristic value
value
gr5  See Annex A Characteristic

value
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Table 3.14 Assessment of Groups of Traffic Loads (Frequent Values of the
Multicomponent Action) Specified in EC1 [3.1]
Footways and

Carriageway Cycle Tracks
Vertical Forces
Load Type
LM1 (TS and Uniformly

Load system UDL systems) LM2 (Single axle)  distributed load
Groups of loads  grla  Frequent values

grlb Frequent value

gr3 Frequent value

or the frequent values of loads on footways or cycle tracks, without any
accompanying component, as defined in Table 3.14 specified in the code.

In the United States, AASHTO [1.24] adopts the load and resistance fac-
tor design (LRFD) methodology, where the total factored force effect shall
be taken as

Q= n1Q (3.25)

where 7; is the load modifier, which is a factor relating to ductility, redun-
dancy, and operational importance; y; are load factors specified in Tables 3.15
and 3.16 proposed by the specification; and Q; are force effects from loads.
The loads considered are classified as permanent and transient loads and
forces. The permanent loads comprise downdrag (DD), dead loads of
structural components and nonstructural attachments (DC), dead loads of
wearing surfaces and utilities (DIW), horizontal earth pressure load (EH),
and accumulated locked-in force eftects resulting from the construction pro-
cess, including secondary forces from posttensioning (EL), earth surcharge
load (ES), and vertical pressure from dead load of earth fill (EV). On the
other hand, transient loads comprise vehicular braking force (BR), vehicular
centrifugal force (CE), creep (CR), vehicular collision force (CT), earth-
quake (EQ), friction (FR), ice load (IC), vehicular dynamic load allowance
(IM), vehicular live load (LL), live load surcharge, pedestrian live load (PL),
settlement (SE), shrinkage (SH), temperature gradient (T'G), uniform tem-
perature (TU), water load and stream pressure (IWA), wind on live load
(WL), and wind on structure (WWS). According to AASHTO [1.24], in
the application of permanent loads, force eftects of each of the six load types
should be computed separately. Tables 3.15 and 3.16 present the load



Table 3.15 Load Combinations and Load Factors Specified in AASHTO [1.24]

DC
DD LL
Dw m
EH CE
EV BR TU
ES PL CR
Load combination EL LS WA ws wL FR SH TG SE Use One of These at a Time
Limit State EQ Ic CcT cv
STRENGTH I Yo 1.75 1.00 — — 1.00 0.5/1.2 PTG VsE — — — —
(unless noted)
STRENGTH II Vp 1.35 1.00 — — 1.00 0.5/1.2 Y1G VsE — — — —
STRENGTH III Vp — 1.00 1.40 — 1.00 0.5/1.2 YT1G VsE — — — —
STRENGTH IV Yo — 1.00 — — 1.00 0.5/1.2 — — — — — —
EH, EV,ES,DW 1.5
DC ONLY
STRENGTH V Vp 1.35 1.00 0.40 1.00 1.00 0.5/1.2 YTG VsE — — — —
EXTREME Vp YEQ 1.00 — — 1.00 — — — 1.0 — — —
EVENT I
EXTREME Vp 0.50 1.00 — — 1.00 — — — — 1.0 1.0 1.0
EVENT II
SERVICE 1 1.00 1.00 1.00 0.30 1.00 1.00 0.5/1.2 Y16 VsE — — — —
SERVICE II 1.00 1.30 1.00 — — 1.00 05/1.2 — — — — — —
SERVICE III 1.00 0.80 1.00 — — 1.00 0.5/1.2 TG VsE — — — —
SERVICE IV 1.00 — 1.00 070 — 1.00 0.5/1.2 — 1.0 — — — —
FATIGUE I-LL, — 1.50 — — — — — — — — — —
IM & CE ONLY
FATIGUE II-LL, — 0.75 — — — — — — — — — — —

IM & CE ONLY
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Table 3.16 Load Factors for Permanent Loads, y,, Specified in AASHTO [1.24]
Load Factor

Type of Load Maximum  Minimum
DC: component and attachments 1.25 0.90
DC: STRENGTH IV only 1.50 0.90
DD: downdrag, piles, o Tomlinson method 1.40 0.25
DD: downdrag, A method 1.05 0.30
DD: downdrag, drilled shafts, O’Neil and Reese (1999) 1.25 0.35
method
DW: wearing surfaces and utilities 1.50 0.65
EH: horizontal earth pressure
* Active 1.50 0.90
* Atrest 1.35 0.90
* AEP for anchored walls 1.35 N/A
EL: locked-in erection stresses 1.00 1.00
EV: vertical earth pressure
e Opverall stability 1.00 N/A
* Retaining walls and abutments 1.35 1.00
* Rigid buried structure 1.30 0.90
* Rigid frames 1.35 0.90
* Flexible buried structures 1.50 0.90
o Metal box culverts and structural plate culverts 1.30 0.90
with deep corrugations 1.95 0.90

o Thermoplastic culverts
o All others
ES: earth surcharge 1.50 0.75

combinations and load factors adopted by AASHTO for different loads and
permanent loads, respectively.

3.6.3 Groups of Traffic Loads for Railway Bridges

The load combinations on railway bridges are also specified in EC1 [3.1]
such that the simultaneity of the loading may be taken into account by con-
sidering the groups of loads defined in Table 3.17 specified in the code. EC1
recommends that each of these groups of loads, which are mutually exclu-
sive, should be considered and applied as defining a single-variable charac-
teristic action for combination with nontraffic loads. In some cases, it is
necessary to consider other appropriate combinations of unfavorable indi-
vidual traffic actions as specified by ECO (BS EN 1990) [3.4]. The factors
given in the table should be applied to the characteristic values of the



Table 3.17 Assessment of Groups of Loads for Railway Traffic (Characteristic Values of the Multicomponent Actions) Specified in EC1 [3.1]
Number of

Tracks on
Structure Groups of Loads Vertical Forces Horizontal Forces
1 2 >3 Number Load Loaded LM71 SW/  Unloaded Traction Centrifugal Nosing
of tracks group track SW/0 2 train braking force torce
HSLM
1 grll T, 1 1 0.5 0.5
1 grl2 T, 1 0.5 1 1
1 grl3 T, 1 1 0.5 0.5
1 grl4 T, 1 0.5 1 1
1 orl5 T 1 1 1
1 grl6 T, 1 1 0.5 0.5
1 grl7 T 1 0.5 1 1
2 gr21 T, 1 1 0.5 0.5
T, 1 1 0.5 0.5
2 gr22 T, 1 0.5 1 1
T, 1 0.5 1 1
2 gr23 T, 1 1 0.5 0.5
T, 1 1 0.5 0.5
2 gr24 T, 1 0.5 1 1
T, 1 0.5 1 1
2 gr26 T, 1 1 0.5 0.5
T, 1 1 0.5 0.5
2 ar26 T, 1 0.5 1 1
T, 1 0.5 1 1
>3 gr31 T, 0.75 0.75 0.75 0.75

Dominant component action as appropriate

To be considered in designing a structure supporting one track

To be considered in designing structure supporting two tracks

To be considered in designing structure supporting three or more tracks

09l
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different actions considered in each group. It should be noted that where
groups of loads are not taken into account, railway traffic actions shall be
combined in accordance with ECO [3.4].

3.7 DESIGN APPROACHES

3.7.1 General

The design of steel and steel-concrete composite bridges should fulfill the
basic requirements of design, wherein, over its intended life, the bridges
should sustain the applied loads and remain fit for use. Therefore, the current
codes of practice proposed design rules and guides to ensure that the bridges,
like other structures, must have a specified strength, perform in an acceptable
manner, and be durable over the intended life. The design rules and guides
were based on two main design approaches, which are briefly highlighted
in this section. The design approaches are commonly known as allowable (per-
missible) stress design approach and limit state design approach.

3.7.2 Allowable Stress Design Approach

Earlier design rules specified in the current codes of practice were based on
allowable (permissible) stress design approach. In this design approach, a fac-
tor of safety was adopted to account for the uncertainty in the loading, in
material properties, in empirical design equations, and in the construction
process. The allowable stresses were predicted by dividing the failure stress
by the factor of safety. The failure stress may be taken as the yield stress or the
proportional limit stress of the material of construction. In this design
approach, a structural analysis could be performed to evaluate the stresses
at the specified combination of loads, which were then checked against
the specified allowable stresses. The allowable stress design approach was
commonly used in the past owing to its simplicity and safety. Because stres-
ses, and hence deformations/deflections, were kept at low levels, nonlinear-
ity of material and/or structural behavior could be neglected and working
stresses were calculated from linear elastic theories. In performing the struc-
tural analyses, stresses from various loads could be added together. However,
this design approach has some disadvantages, which are mainly due to the
use of a single factor of safety with different applied loads, and the analysis
of the structure under working loads may not provide a realistic assessment
of the behavior of the structure at failure. It should be noted that structures
designed adopting the allowable stress design approach have moderate
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stresses in service conditions, and thus, the serviceability requirements
such as deflections, cracking, slip, and deformations were not generally
critical.

3.7.3 Limit State Design Approach

By gaining better understanding of the behavior of different loads acting on
structures and material properties, which is accompanied by improved cal-
culation and construction techniques, limit state design approach replaced
the traditional allowable stress design approach in most current codes of
practice. Limit state design approach considers that the structure should sus-
tain all loads and deformations liable to occur during its construction, per-
form adequately in normal use, and have adequate durability. For most
structures, the limit states can be classified into two main states that are
the ultimate and serviceability limit states. The ultimate limit states are
related to a collapse of the whole or a substantial part of the structure.
On the other hand, the serviceability limit states are related to the disruption
of the normal use of the structure. Ultimate limit states should have a very
low probability of occurrence since they are considered failure situations.
Examples of ultimate limit states include loss of static equilibrium of a part
or the whole of the structure, loss of load-bearing capacity of a member due
to its material strength being exceeded or due to buckling, or a combination
of these two phenomena, or fatigue, and finally overall instability. While the
serviceability limit states depend on the function of the structures and for
bridges, they correspond to excessive deformation of the structure, or any
of its parts, affecting the appearance and functional use or drainage or causing
damage to nonstructural components like deck joints and surfacing; exces-
sive local damage like cracking, splitting, spalling, yielding, or slipping,
affecting appearance, use, or durability of the structure; and finally excessive
vibration causing discomfort to pedestrians or drivers.

3.7.4 Limit State Design Codes

To provide design methods in the current codes of practice achieving the
basic design requirements of structures, a reliability approach was commonly
adopted. Design values are determined such that they have a known statis-
tical probability of being achieved. The values of actions (loads) have a
known (low) probability of not being exceeded and the values for strength
have a known (high) probability level of being achieved. The design proce-
dure is then to model and evaluate the behavior of a structural model in
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order to verify that calculated effects due to the actions do not exceed the
design strength/deformation limits. The reliability approach is achieved
through the use of limit state design principles adopted nowadays in most
current codes of practice.

The design rules specified in the Eurocode are based on the limit state
design approach. According to ECO [3.4], the design verification of the ulti-
mate limit states is governed by the following equation:

Eq4<Ry (3.26)

where Ej is the design value of the effects of actions (internal moment, axial
force, etc.) and Ry is the design value of the corresponding resistance. At
ultimate limit states, actions (i.e., the internal bending moments and axial
forces due to the applied loadings and displacements) are expressed in terms
of combinations of actions that can occur simultaneously. The basic expres-
sion is expressed as follows:

E ZVG,J'Gk,j TP+ 70,1 Qe ZVQ,;"PO,;’Q/«,;’ (3.27)

i>1

where G is the characteristic value of the jth permanent action, Pis the per-
manent action caused by controlled forces or deformation (prestressing), Qy 1 s
the characteristic value of the “leading” variable action, and Q) ;are the accom-
panying variable actions. The E() denotes “the effect of” and the “+” signs
denote the combination of effects due to the separate actions. Permanent
actions are self-weight (typically the weight of steel, concrete, and superim-
posed load such as surfacing and parapets); the partial factors y ; applied to each
type of permanent action may be different, hence the summation term and the
J index subscript. The p,, factor is related to prestressing actions and may be
ignored. The variable actions are either direct (the weight of traffic, the wind
pressure, etc.) or indirect (expansion/contraction due to temperature). The
partial factors y depend on the type of action and its predictability. It is
unlikely that the most adverse loading from one action will occur simulta-
neously with that due to a different action. In recognition of this, EC refers
to one action as a “leading action” and the other actions as “accompanying”;
a reduction factor ¥/ is applied to accompanying actions. In principle, each dif-
ferent action should in turn be considered as the leading action, to determine
which combination of leading and accompanying actions is the most onerous,
but for simplified highway bridge design, it may be assumed that the traffic
loading is the leading action. There are similar expressions for combinations
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of actions in accidental and seismic situations, each with a different set of partial
factors, but these are not of concern for simplified design. The design value of
resistance is given by Eurocode and its value is determined from characteristic
resistance values divided by partial factors on material strength yps.

According to ECO [3.4], the design verification of the serviceability limit
states is governed by the following equation:

E4<Cy (3.28)

where Ej is the design value of the effects of actions in the serviceability limit
state criterion and Cg is the limiting design value of the relevant criterion. At
serviceability limit state, there are in principle three combinations of actions
to consider: characteristic, frequent, and quasi-permanent. For bridges, the
characteristic combination is used for checking that no inelastic response
occurs; the frequent combination is used if deflection needs to be checked
(this includes evaluation of dynamic response). The quasi-permanent com-
bination relates to long-term effects; for bridges, provided that the appropri-
ate modulus of elasticity is used for long-term actions, this combination only
needs to be considered when determining crack widths in concrete. Only
the characteristic combination is relevant to simplified design. For the char-
acteristic loading combination, the same characteristic values of actions are
used at ultimate limit states but all the y factors are taken as unity. Thus, the
expression becomes

E[Y Gt P+ Qui+ > 1,Qui (3.29)

i>1

The serviceability limit state criterion that might need to be considered
in simplified design is the limitation that stresses in steel should not exceed
the yield stress. This limitation would need to be considered if the ultimate
limit state design resistance were based on plastic bending resistance. It must
then be verified that the stress calculated elastically at serviceability limit
states does not exceed yield. No partial factor is applied to yield stress
(strictly, ym=1).

In the United States, AASHTO [1.23] also specifies that bridges shall be
designed for specialized limit states to achieve the objectives of construct-
ability, safety, and serviceability. AASHTO adopts the load and resistance
factor design, which is based on limit state design approach. Each compo-
nent and connection in the bridge shall satisfy the following condition,
which assumes that all limit states shall be considered of equal importance:
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S 09, < eRy =R, (3.30)
in which for loads for which a maximum value of y; is appropriate
;= MpMrM = 0.95 (3.31)

and for loads for which a minimum value of y; is appropriate

1
NIpTIR I

where 7; is the load modifier, which is a factor relating to ductility, redun-

<1.0 (3.32)

Uk

dancy, and operational importance; 7 is a factor relating to ductility; 7 is a
factor relating to redundancy; 7 is a factor relating to operational impor-
tance; y; are load factors specified in Tables 3.15 and 3.16 given by the spec-
ification; Q; are force effects from loads; ¢ is resistance factor; R, is the
nominal resistance; and R, is the factored resistance (@R,). For service
and extreme event limit states, resistance factors shall be taken as 1.0, except
for bolts. According to AASHTO [1.23], the limit states are intended to pro-
vide a buildable, serviceable bridge, capable of safely carrying design loads
for a specified lifetime. The resistances of components and connections
can be determined on the basis of inelastic behavior, although the force
effects are determined using elastic analysis. Equation (3.30) is the basis of
LRFD methodology. Assign resistance factor ¢ =1.0 to all nonstrength
limit states. Components and connections of a bridge shall satisfy Equa-
tion (3.30) for the applicable combinations of factored extreme force effects
as specified at each of the limit states denoted as STRENGTH 1, which is
basic load combinations related to the normal vehicular use of the bridge
without wind; STRENGTH II, which is load combinations related to
the use of the bridge by owner-specified special design vehicles, evaluation
permit vehicles, or both without wind; STRENGTH III, which is load
combinations related to the bridge exposed to wind velocity exceeding
90 km/h; STRENGTH 1V, which is load combination related to very high
dead load to live load force effect ratios; STRENGTH V, which is
load combination related to normal vehicular use of the bridge with wind
of 90 km/h velocity; EXTREME EVENT V, which is load combination
including earthquake; EXTREME EVENT II, which is load combination
related to ice load, collision by vessels and vehicles, and certain hydraulic
events with a reduced live load; SERVICE I, which is load combina-
tion related to the normal operational use of the bridge with a 90 km/h,
deflection control in buried metal structures, tunnel liner plate, and slope
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satiability; SER VICE II, which is load combination related to control yield-
ing of steel structures and slip of slip-critical connections due to vehicular
live load; SERVICE III, which is load combination for longitudinal analysis
related to tension in prestressed concrete superstructures with the objective
of crack control; SERVICE IV, which is load combination only to tension
in prestressed concrete structures with the objective of crack control; and
finally, FATIGUE-fatigue and fracture load combination relating to repet-
itive gravitational vehicular live load and dynamic responses under a single
design truck having specific axle spacing. As stated in AASHTO [1.23], the
load factors of various loads comprising a design load combination shall be
taken as specified in Table 3.15. For permanent force effects, the load factor
that produces the more critical combination shall be selected from
Table 3.16.

3.8 STABILITY OF STEEL AND STEEL-CONCRETE COMPOSITE
PLATE GIRDER BRIDGES

3.8.1 General

In order to design the components of steel and steel-concrete composite
bridges, it would helpful to review the design rules specified in the current
codes of practice. As an example, a review of the rules specified in EC3
[1.27,2.11] is presented in this section. However, it should be noted that
the main objective of this book is to highlight the finite element analysis
and design of steel and steel-concrete composite bridges. Therefore, the
finite element analysis results can be compared with the design results
obtained using any current code of practice. According to EC3
[1.27,2.11], the internal forces and moments may be determined using either
elastic global analysis or plastic global analysis, with elastic global analysis
being used in all cases. Plastic global analysis may be used only where the
structure has sufficient rotation capacity at the actual locations of the plastic
hinges, whether this is in the members or in the joints. Where a plastic hinge
occurs in a member, the member cross sections should be double symmet-
rical or single symmetrical with a plane of symmetry in the same plane as the
rotation of the plastic hinge. Where a plastic hinge occurs in a joint, the joint
should either have sufficient strength to ensure the hinge remains in the
member or should be able to sustain the plastic resistance for a sufficient
rotation.

According to EC3 [1.27,2.11], elastic global analysis should be based on
the assumption that the stress-strain behavior of the material is linear,
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whatever the stress level is. Internal forces and moments may be calculated
according to elastic global analysis even if the resistance of a cross section is
based on its plastic resistance. Elastic global analysis may also be used for cross
sectioning the resistances of which are limited by local buckling. On the
other hand, plastic global analysis allows for the effects of material nonlinear-
ity in calculating the action effects of a structural system. The behavior
should be modeled by elastic-plastic analysis with plastified sections and/
or joints as plastic hinges, by nonlinear plastic analysis considering the partial
plastification of members in plastic zones, or by rigid plastic analysis neglect-
ing the elastic behavior between hinges. Plastic global analysis may be used
where the members are capable of sufficient rotation capacity to enable the
required redistributions of bending moments to develop. Also, plastic global
analysis should only be used where the stability of members at plastic hinges
can be assured. A bilinear stress-strain relationship may be used for different
structural steel grades. Rigid plastic analysis may be applied if no effects of the
deformed geometry (e.g., second-order eftects) have to be considered.
The role of cross-sectional classification is to identify the extent to which
the resistance and rotation capacity of cross sections is limited by its local
buckling resistance. Four classes of cross sections are defined in EC3
[2.11]: class 1 cross sections, which are sections that can form a plastic hinge
with the rotation capacity required from plastic analysis without reduction of
the resistance; class 2 cross sections, which are sections that can develop their
plastic moment resistance, but have limited rotation capacity because of local
buckling; class 3 cross sections, which are sections in which the stress in the
extreme compression fiber of the steel member assuming an elastic distribu-
tion of stresses can reach the yield strength, but local buckling is liable to
prevent the development of the plastic moment resistance; and, finally, class
4 cross sections, which are sections in which local buckling will occur before
the attainment of yield stress in one or more parts of the cross section. In class
4 cross sections, effective widths may be used to make the necessary allow-
ances for reductions in resistance due to the effects of local buckling. The
classification of a cross section depends on the width to thickness ratio of
the parts subject to compression. Compression parts include every part of
a cross section that is either totally or partially in compression under the load
combination considered. The various compression parts in a cross section
(such as a web or flange) can, in general, be in different classes. A cross sec-
tion is classified according to the highest (least favorable) class of its compres-
sion parts. The limiting proportions for class 1, 2, and 3 compression parts are
specified in EC3. A part that fails to satisfy the limits for class 3 should be
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regarded as class 4. Where the web is considered to resist shear forces only
and 1s assumed not to contribute to the bending and normal force resistance
of the cross section, the cross section may be designed as class 2, 3, or 4,
depending only on the flange class. EC3 also specifies cross-sectional
requirements for plastic global analysis.

3.8.2 Bending Moment Resistance of Steel Plate Girders

Steel plate girders are used to carry larger loads over longer spans that are
possible with traditional universal rolled I-sections. Plate girders are used
in bridges mainly as main girders (see Figure 1.20) and as cross girders in
bridges having wide cross sections and bridges carrying multiple traffic
tracks. Steel plate girders are constructed by welding steel plates together
to form I-sections as shown in Figure 3.17. The web of a plate girder is rel-
atively thin, and stiffeners are required mainly to prevent buckling due to
compression from bending and shear. Stiffeners are also required at load
points, supports, and within panels. The depth of a plate girder (h) may
be taken as one-tenth to one-twelfth of the span (L/10 to L/12) for main
girders and as one-seventh to one-ninth of the span (L/7 to L/9) for cross
girders. The breadth of flange plate is made about one-fifth of the depth (h/
5). The deeper the girder is made, the smaller the flange plates required.
However, the web plate must then be made thicker or additional stiffeners
are provided to meet particular design requirements. Flange cover plates can
be kept constant throughout, curtailed as shown in Figure 3.20, or single
flange plates can be reduced in thickness when reduction in bending
moment permits as shown in Figure 3.21. Long plate girders are commonly
divided into parts to facilitate transportation process, connected at the field
of construction using splices, as shown in Figure 3.22. The figure shows typ-
ical welded and bolted splices of plate girders.

Flange plate Cover plate

\ -/

T
i
i
[ ,
e——
= :
B
Elevation Section B-B

Figure 3.20 Curtailed cover plates.
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Flange plate Flange plate tapered at splice
\ — Ci

Web splice
Elevation Section C-C

Figure 3.21 Constant depth plate girder.

Full strength welds

i P
(a) Welded splice (b) Bolted splice

Figure 3.22 Welded and bolted splices of plate girders.

According to EC3 [1.27,2.11], the design value of the bending moment
Mggq for rolled beams and plate girders at each cross section shall satisfy

Mg

Mc,Rd

<1.0 (3.33)

where M. g q1s the design resistance for bending about one principal axis of a
cross section considering fastener holes calculated as follows:

|42
M rg= My rd = pfy for class 1 or 2 cross sections (3.34)
VMo
W minfs
M. rd = Me1,rd = LMY oo class 3 cross sections (3.35)
Mo
M, rd = M. rd :% for class 4 cross sections (3.36)
MO

where W, is the plastic section modulus, W i, 1s the minimum elastic
section modulus, and Weg i, 1s the minimum effective section modulus.
Wemin and Wegmin corresponds to the fiber with the maximum elastic
stress. Fastener holes in the tension flange may be ignored provided that
for the tension flange,


Figure 3.21
Figure 3.22
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Af,net0~9_fu > A_ﬁf;/

(3.37)
M2 Mo

where A¢is the area of the tension flange; Yo 1s a partial factor related to the
resistance of cross section whatever the class is, which is taken equal to 1.0;
and Yo 1s a partial factor related to the resistance of cross section in tension
to fracture, which is equal to 1.25. Fastener holes in tension zone of the web
need not be allowed for. Fastener holes except for oversize and slotted holes
in the compression zone of the cross section need not be allowed for,
provided that they are filled by fasteners.

3.8.3 Lateral Torsional Buckling of Plate Girders in Bending

When beams and plate girders are subjected to bending moment, the com-
pression flange will be subjected to lateral torsional buckling. The lateral tor-
sional buckling of the compression flange depends on the loading
conditions, lateral restraint conditions, and geometries of the compression
flange. EC3 [1.27,2.11] recommends that a laterally unrestrained member
subject to major axis bending should be verified against lateral torsional
buckling as follows:

Mea 1 (3.38)

My ra
where M4 is the design value of the moment and M, r q is the design buck-
ling resistance moment. Beams with sufficient restraint to the compression
flange are not susceptible to lateral torsional buckling. In addition, beams
with certain types of cross sections, such as square or circular hollow sec-
tions, fabricated circular tubes, or square box sections, are not susceptible
to lateral torsional buckling. The design buckling resistance moment of a
laterally unrestrained beam should be taken as

5

My, ra = LT Wyy (3.39)

M1

where W, is the appropriate section modulus, which is taken as W, for
class 1 or 2 cross sections or Wy, for class 3 cross sections or W, for class
4 cross sections, and yp 1 is the reduction factor for lateral torsional buckling.
It should be noted that, according to EC3 [1.27,2.11], determining I/, holes
for fasteners at the beam end need not be taken into account. Also, for bend-
ing members of constant cross section, the value of yp T for the appropriate
nondimensional slenderness J; 1 should be determined from



Applied Loads and Stability of Steel and Steel-Concrete Composite Bridges 171

1
Tt = — but 77 <10 (3.40)
Opr+ V QET - /ILT
with 7 =05[1 + oy (fir —02) + /i (3.41)
- W,
)VLT - Lj‘} (342)

Mer

where o1 T 1s an imperfection factor and M, is the elastic critical moment for
lateral torsional buckling. M., is based on gross cross-sectional properties and
takes into account the loading conditions, the real moment distribution, and
the lateral restraints. The imperfection factor apt corresponding to the
appropriate buckling curve can be taken from Table 3.18 as specified in
EC3 [2.11]. The recommendations for buckling curves are given in
Table 3.19 as specified in EC3 [2.11].

3.8.4 Shear Resistance of Steel Plate Girders

Checking the safety of steel plate girders against shear stresses is quite impor-
tant in steel and steel-concrete composite bridges. Maximum shear stresses
are normally located near the supports. Main girders made of steel plate
girders are deep and thin, which make it vulnerable to fail owing to shear
stresses, which is normally concentrate in panels near the supports.

Table 3.18 Recommended Values for Imperfection Factors for Lateral
Torsional Buckling Curves as Given by EC3 [3.5]

Buckling curve a b ¢ d
Imperfection factor oy 0.21 0.34 0.49 0.76

Table 3.19 Values for Lateral Torsional Buckling Curves for Different Cross
Sections Recommended by EC3 [3.5]

Cross Section Limits Buckling Curve
Rolled I-sections h/b<2 a
h/b>2 b
Welded I-sections h/b<2 c
h/b>2 d
Other cross sections - d
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According to EC3 [1.27,2.11], the design value of the shear force Vg4 at
each cross section shall satisfy

|14
B <10 (3.43)
Ve rd
where 1 rgq is the design shear resistance. For plastic design, V. rq is the
design plastic shear resistance 1/, pgq calculated using Equation (3.44):

Vol,Rd = M (3.44)
VMo
where A, is the shear area, which can be taken conservatively equal to ht,
and h,, and t are the height and plate thickness of the web, respectively.
EC3 (3.6) provides the rules for shear resistance of plates considering
shear buckling at the ultimate limit state where the panels are rectangular;
stiffeners, if any, are provided in the longitudinal or transverse direction
or both; all holes and cutouts are small; and members are of uniform cross
section. Plates with h,/f greater than %8 for an unstiftened web, or %8\/16—,
for a stiffened web, should be checked for resistance to shear buckling and
should be provided with transverse stiffeners at the supports, where
e= ﬁ, where f; is the yield stress in MPa. hy, is shown in Figure 3.19
and k. is the minimum shear buckling coefficient for the web panel as given
in Annex A of EC3 [3.5]. The National Annex will define 1. The value
n=1.2 is recommended for steel grades up to and including S460. For
higher steel grades, 7=1.0 is recommended. For unstiffened or stiffened
webs, the design resistance for shear should be taken as

Nfywhwt
Vo.rd = Vow,rd + Vir,rd <= (3.45)
V37ui

in which the contribution from the web is given by

Voo g = ot
' \/EyMl

For webs with transverse stiffeners at supports only and for webs with

(3.46)

either intermediate transverse stiffeners or longitudinal stiffeners or both,
the factor y,, for the contribution of the web to the shear buckling resistance
should be obtained from Table 3.20 according to EC3 based on the type of
end support as shown in Figure 3.23. The slenderness parameter A, in
Table 3.20 should be taken as
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Table 3.20 Contribution from the Web y,, to Shear Buckling Resistance According
to EC3 [3.6]

Rigid End Post Nonrigid End Post

A <0.83/n n o n o
0.83/n< Ay <1.08 0.83/w 0.83/ Ay
Aw >1.08 1.37/(0.7 + Ay) 0.83/ Ay

I |f;| | I

14€ N

| | |

I i I

i i i

' | | i

(a) No end post (b) Rigid end post (c) Nonrigid end post
Figure 3.23 Types of end supports.

[fyw

TC[’

2~ =0.76 (3.47)

where 7., = k,0g and the values for k; and g may be taken from Annex A of
EC3 [3.5].

When the flange resistance is not completely utilized in resisting the
bending moment (Mgq < Mgrg), the contribution from the flanges Virrg
should be obtained as follows:

bet? Mg \?
Vof,rd = Clihs 11— <—Ed ) (3.48)
Ymi Msra

where brand frare taken for the flange that provides the least axial resistance,

be being taken as not larger than 15¢f; on each side of the web, and Mip 4 1s
the moment of resistance of the cross section consisting of the effective area
of the flanges only calculated as follows:

M

Mg = (3.49)
™Mo
1.6be?
c=af 025+ L80lehe (3.50)
thxzv yw


Figure 3.23
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The verification should be performed as follows:

%
M <10 (3.51)
5 rd

where Vgq is the design shear force including shear from torque.

3.8.5 Plate Buckling Effects Due to Direct Stresses
3.8.5.1 General
Steel plate girders are vulnerable to buckling owing to direct stresses. As an
example, plate girder panels at midspan where maximum bending moments
are expected are likely to fail due to mainly pure bending stresses. Design
rules accounting for plate buckling effects from direct stresses at the ultimate
limit state are covered by EC3 [3.5]. Rectangular panels should be provided
by stiffeners in the longitudinal or transverse direction or both to avoid plate
buckling. The resistance of plated members may be determined using the
effective areas of plate elements in compression for class 4 sections using
cross-sectional data (Aeg, Lg and W.g) for cross-sectional verifications
and member verifications for column buckling and lateral torsional buckling
according to EC3 [3.5]. Effective® areas should be determined on the basis of
the linear strain distributions with the attainment of yield strain in the mid-
plane of the compression plate. In calculating longitudinal stresses, the com-
bined eftect of shear lag and plate buckling should be taken into account.
The effective area A.gshould be determined assuming that the cross section
is subject only to stresses due to uniform axial compression. The effective
section modulus W.g should be determined assuming the cross section is
subject only to bending stresses. The effective® areas of flat compression ele-
ments should be obtained using Table 4.1, given by EC3, for internal ele-
ments and Table 4.2, recommended by EC3, for outstand elements. The
effective? area of the compression zone of a plate with the gross cross-
sectional area A, should be obtained from the following:

For internal compression elements,

p=1.0 for i,<0.673 (3.52)
Jp —0.055(3 + )
;12

P

<1.0 for ZP > 0.673, where (3+) >0

For outstand compression elements,

p=1.0 for i,<0.748 (3.53)
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Jp—0.188 .
= ——<1.0 for Z,>0.748
A

P

1%

where

dp = b b (3.54)
O 28.4e\/ky

where 1 is the stress ratio used in Tables 4.1 and 4.2, b is the appropriate
width, and k, is the buckling factor corresponding to the stress ratio ¥/
and boundary conditions. For long plates, k, is given in Table 4.1 or
Table 4.2 given in EC3 [3.5] as appropriate, ¢ is the thickness, o, is the elastic
critical plate buckling stress, and & = 2;—5, where f, is the yield stress in MPa.
According to EC3 [3.5], for aspect ratios a/b< 1, a column type of buckling

may occur (see Figures 3.24 and 3.25), and the check should be performed

Figure 3.24 Definition of aspect ratio « =a/b of rectangular plates.

Column-like behavior of plates Column-like behavior of an unstiffened
(a) without longitudinal supports (b) plate with a small aspect ratio «

Column-like behavior of a longitudinally
(c) stiffened plate with a large aspect ratio «

Figure 3.25 Column-like behavior according to EC4 [3.6].


Figure 3.24
Figure 3.25
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considering the interaction between plate and column buckling using the
reduction factor p..

3.8.5.2 Stiffened Plate Elements with Longitudinal Stiffeners
According to EC3 [3.5], for plates with longitudinal stiffeners, the effective?
areas from local buckling of the various subpanels between the stiffeners and
the effective? areas from the global buckling of the stiffened panel should be
accounted for. The effective’ section area of each subpanel should be deter-
mined by a reduction factor to account for local plate buckling. The stiffened
plate with effective” section areas for the stiffeners should be checked for
global plate buckling (by modeling it as an equivalent orthotropic plate)
and a reduction factor p should be determined for overall plate buckling.
The effective? area of the compression zone of the stiffened plate should
be taken as

141c,efir = pcAc, eff,loc + Zbedgc,eﬁ”t (355)

where A, cf10c 1s the effective” section areas of all the stiffeners and subpanels
that are fully or partially in the compression zone except the eftective parts
supported by an adjacent plate element with the width b.gge o (see example
in Figure 3.26). The area A, .q10c should be obtained from

Ac, eff,loc = As], eff + Z p]ocbc,loct (356)
c

where > . applies to the part of the stiffened panel width that is in compres-
sion except the parts begqc off (se€ Figure 3.26), Aq g is the sum of the effec-
tive? sections of all longitudinal stiffeners with gross area A located in the
compression zone, b, 1, is the width of the compressed part of each subpa-
nel, and py,. is the reduction factor for each subpanel. According to EC3

bipy 4

c.eff,loc

h],edge,eff = b3,edge,eff

S/

b

Figure 3.26 An example of stiffened plate under uniform compression according to
EC3 [3.5].


Figure 3.26

Applied Loads and Stability of Steel and Steel-Concrete Composite Bridges 177

[3.5], in determining the reduction factor p. for overall buckling, the reduc-
tion factor for column-type buckling, which is more severe than the reduc-
tion factor than for plate buckling, should be considered. Interpolation
should be carried out between the reduction factor p for plate buckling
and the reduction factor y. for column buckling to determine p.. The
reduction of the compressed area A g0 through p. may be taken as a uni-
form reduction across the whole cross section.

3.8.5.3 Plate-Type Behavior
The relative plate slenderness 4, of the equivalent plate specified in EC3

[3.5] is defined as
Jp=1 /M (3.57)
Ocr,p

AC € oc
with B, = —ocbloc (3.58)
’ AC
where A, is the gross area of the compression zone of the stiffened plate and
A effloc 1s the effective area of the same part of the plate with due allowance
made for possible plate buckling of subpanels and/or stiffeners.

3.8.5.4 Column-Type Buckling Behavior

On the other hand, the elastic critical column buckling stress o, . of an
unstiffened or stiffened plate should be taken as the buckling stress with
the supports along the longitudinal edges removed, as specified in EC3
[3.5]. For an unstiffened plate, the elastic critical column buckling stress
0. may be obtained from

2 Ef?

= 3.59
12(1 —v?)a? (3:59)

O-cr,

For a stiffened plate, 0, . may be determined from the elastic critical col-
umn buckling stress 7., g of the stiffener closest to the panel edge with the
highest compressive stress as follows:

Bl
Ag )1 a

Oerg = (3.60)

where [ ; is the second moment of area of the gross cross section of the stiff-
ener and the adjacent parts of the plate, relative to the out-of-plane bending
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of the plate, and Ay ; is the gross cross-sectional area of the stiffener and the
adjacent parts of the plate according to Annex A of EC3 [3.5]:

Je= h for unstiffened plates (3.61)

Ocr,c

r ﬁA,ch

Ae= for stiffened plates (3.62)
Ocr,c
Aqg e
with B, = ol (3.63)
’ Asl,l

where Ay 1 g is the effective cross-sectional area of the stiffener and the adja-
cent parts of the plate with due allowance for plate buckling detailed in
Annex A of EC3 [3.5].

The reduction factor y. should be obtained from EC3 [2.11]. For unstif-
fened plates, « =0.21 corresponding to buckling curve o should be used. For
stiffened plates, its value should be increased to

0.09

oo =00+ - (3.64)
ife
I

with /= [ (3.65)

sl, 1

where e is the max of (e, e5), which is the largest distance from the respective
centroids of the plating and the one-sided stiffener (or of the centroids of
either set of stiffeners when present on both sides) to the neutral axis of
the effective column (see Annex A of EC3 [3.5]); «=0.34 for (curve b)
for closed section stiffeners; and «=0.49 for (curve ¢) for open section
stiffeners.

3.8.5.5 Interaction Between Plate and Column Buckling
The final reduction factor p. should be obtained by interpolation between
% and p:

pe=(p—2)EQ2=E) + 1. (3.66)
where ¢ =20 | byt 0<E<1 (3.67)
O-Cr(_

where 0., , is the elastic critical plate buckling stress detailed in Annex A of
EC3 [3.5], 0 1s the elastic critical column buckling stress, y. is the
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reduction factor due to column buckling, and p is the reduction factor due to
plate buckling.

3.8.5.6 Verification
Member verification for uniaxial bending should be performed, according
to EC3 [3.5], as follows:

Ned | Mgq + Negen

=T, + fTS 1.0 (3.68)
Mo ™Mo

where A.q is the effective cross-sectional area, ey is the shift in the position

of neutral axis, Mg, is the design bending moment, Nggq is the design axial

force, Wg is the effective elastic section modulus, and Yy is the partial

factor.

3.8.6 Behavior of Steel-Concrete Composite Plate Girders

Steel-concrete composite constructions offer many advantages including
high strength, full usage of materials, high stiffness and ductility, toughness
against seismic loads, and significant savings in construction time. In addition
to the aforementioned advantages, steel-concrete composite constructions
are gaining popularity due to the higher fire resistance compared to the con-
ventional steel constructions that require additional protection against fire.
Mainly in highway bridges, it is very common to benefit from the thick con-
crete deck on top of the floor beams (see Figure 1.21) and join them together
using shear connectors to ensure that the two components act together in
resisting traffic loads. Steel 1s known for its higher tensile resistance, while
concrete is known for its higher compressive resistance. Therefore, joining
the two components leads to the aforementioned benefits. In addition, steel
parts are thin-walled structures, which make it vulnerable to local and overall
buckling failure modes. The presence of a concrete deck on top of the steel
beams eliminates lateral torsional buckling and local buckling of the top
flange of the steel girders.

3.8.6.1 Effective Width of Flanges for Shear Lag

EC4 [3.6] covers steel-concrete composite bridges. The code recommends
that allowance shall be made for the flexibility of steel or concrete flanges
affected by shear in their plane (shear lag) either by means of rigorous analysis
or by using an effective width of flange. The effective width of concrete
flanges should be determined such that when elastic global analysis is used,
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Figure 3.27 Equivalent spans for effective width of concrete flange according to
EC4 [3.6].

a constant eftective width may be assumed over the whole of each span. This
value may be taken as the value b.g 1 at midspan for a span supported at both
ends or the value b 4> at the support for a cantilever. According to EC4
[3.6], at midspan or an internal support, the total effective width b.g (see
Figure 3.27) may be determined as

beﬂr - bo + Zbei (369)

where b is the distance between the centers of the outstand shear connectors
and b, 1s the value of the effective width of the concrete flange on each side
of the web and taken as L./8 (but not greater than the geometric width &;).
The value b; should be taken as the distance from the outstand shear connec-
tor to a point midway between adjacent webs, measured at middepth of the
concrete flange, except that at a free edge b; is the distance to the free edge.
The length L. should be taken as the approximate distance between points of
zero bending moment. For typical continuous composite beams, where a
moment envelope from various load arrangements governs the design,
and for cantilevers, L, may be assumed to be as shown in Figure 3.27.
The effective width at an end support may be determined as

be =bo+ Y _Bibei (3.70)

with ;= (0.55+0.025L. /be;) < 1.0 (3.71)

where b,; is the effective width of the end span at midspan and L. is the
equivalent span of the end span according to Figure 3.27. The distribution

of the effective width between supports and midspan regions may be
assumed as shown in Figure 3.27. The transverse distribution of stresses


Figure 3.27
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due to shear lag may be taken in accordance with EC3 [3.6] for both con-
crete and steel flanges. For cross sections with bending moments resulting
from the main girder system and from a local system (for example, in com-
posite trusses with direct actions on the chord between nodes), the relevant
effective widths for the main girder system and the local system should be
used for the relevant bending moments.

3.8.6.2 Bending Resistance of Composite Plate Girders
Let us now calculate the bending resistance of composite plate girders,
according to EC4 [3.6]. The design bending resistance shall be determined
by rigid plastic theory only where the eftective composite cross section is in
class 1 or 2. On the other hand, elastic analysis and nonlinear theory for
bending resistance may be applied to cross sections of any class. For elastic
analysis and nonlinear theory, it may be assumed that the composite cross
section remains plane if the shear connection and the transverse reinforce-
ment are designed considering appropriate distributions of design longitudi-
nal shear force. The tensile strength of concrete shall be neglected.
According to EC4 [3.6], the calculation of plastic moment resistance M,,;,
R4 can be performed assuming there is full interaction between structural
steel, reinforcement, and concrete; the effective area of the structural steel
member is stressed to its design yield strength f4 in tension or compression;
and the effective areas of longitudinal reinforcement in tension and in com-
pression are stressed to their design yield strength f,4 in tension or compres-
sion. Alternatively, reinforcement in compression in a concrete slab may be
neglected; the effective area of concrete in compression resists a stress of 0.85
fea, constant over the whole depth between the plastic neutral axis and the
most compressed fiber of the concrete, where f.4 is the design cylinder com-
pressive strength of concrete. Typical plastic stress distributions are shown in
Figure 3.28 as given in EC4 [3.6]. For composite cross sections with struc-
tural steel grade S420 or S460, where the distance x,, between the plastic
neutral axis and the extreme fiber of the concrete slab in compression
exceeds 15% of the overall depth h of the member, the design resistance
moment Mpq4 should be taken as fM,, p4 where B is the reduction factor
as shown in Figure 3.29 given by EC4. For values of x,,/h greater than
0.4, the resistance to bending should be determined from nonlinear or elastic
resistance to bending.

Where the bending resistance of a composite cross section is determined
by nonlinear theory, EC4 [3.6] recommends the stress-strain relationships of
the materials shall be taken into account. It should be assumed that the
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Figure 3.28 Examples of plastic stress distributions for a composite beam with a solid
slab and full shear connection in sagging and hogging bending according to EC4 [3.6].
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Figure 3.29 Reduction factor ff for My rq recommended by EC4 [3.6].

composite cross section remains plane and that the strain in bonded rein-
forcement, whether in tension or compression, is the same as the mean strain
in the surrounding concrete. The stresses in the concrete in compression
should be derived from the stress-strain curves given in EC2 [2.27] and
the stresses in the reinforcement should be derived from the bilinear dia-
grams given in the same specification. The stresses in structural steel in


Figure 3.28
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compression or tension should be derived from the bilinear diagram given
in EC3 [3.5] and should take account of the effects of the method of con-
struction (e.g., propped or unpropped). For class 1 and 2 composite cross
sections with the concrete flange in compression, the nonlinear resistance
to bending My 4 may be determined as a function of the compressive force
in the concrete N, using the following simplified expressions, as shown in
Figure 3.30:

N
Mya =M, g4+ (Mard — M, £d) N for N. <N, (3.72)
c,el
Nc - Nc,el
Myg=Mapg+ (My,ra — Mei,rd) —— > for Nea <N <Ny
Nc,f - Nc,el
(3.73)
M rd = M, g4 + kM. g4 (3.74)

where M, gq1s the design bending moment applied to structural steel section
before composite behavior, M, g4 is the part of the design bending moment
acting on the composite section, and k is the lowest factor such that a stress
limit is reached, where unpropped construction is used, the sequence of
construction should be taken into account, and N_ . is the compressive force
in the concrete flange corresponding to moment M g 4.

My, My,
MpLRd‘ 1 7 2
1Of============-==
McLRd _____
M

v

=

1
1
1
1
1
1
1
|
N 1.0

Key:
1 Propped construction
2 Unpropped construction

Figure 3.30 Simplified relationship between Mgq and N, for sections with the concrete
slab in compression recommended by EC4 [3.6].
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3.8.6.3 Resistance to Vertical Shear

To check the safety of composite plate girders against shear stresses,
EC4 [3.6] proposes rules that apply to composite beams with a rolled or
welded structural steel section with a solid web, which may be stiffened.
According to EC4 [3.6], the plastic resistance to vertical shear 1/ pq should
be taken as the resistance of the structural steel section 1, g unless the
value for a contribution from the reinforced concrete part of the beam
has been established. The design plastic shear resistance 1}, , rq of the struc-
tural steel section should be determined as previously detailed. The shear
buckling resistance V4, rq of an uncased steel web should be determined
in accordance with EC3 [3.5] as previously detailed. No account should
be taken of a contribution from the concrete slab in the calculation of the
shear buckling resistance.

According to EC4 [3.6], where the vertical shear force /g4 exceeds half
the shear resistance Vg4 given by Vjrg or V4 ra, whichever is the smaller,
allowance should be made for its effect on the resistance moment. For cross
sections in class 1 or 2, the influence of the vertical shear on the resistance to
bending may be taken into account by a reduced design steel strength (1 — p)
Jya in the shear area as shown in Figure 3.31 where

p=02Vea/Vea—1)° (3.75)

and T4 is the appropriate resistance to vertical shear. For cross sections in
classes 3 and 4, EC3 [3.5] design rules are applicable using the calculated
stresses of the composite section. No account should be taken of the change
in the position of the plastic neutral axis of the cross section caused by the
reduced yield strength when classifying the web.

b eff

| 0.85f
LIT |

(1-p)fya

4 VEa

I_‘
fyd
Figure 3.31 Plastic stress distribution modified by the effect of vertical shear according

to EC4 [3.6].
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3.8.6.4 Shear Connection

As mentioned previously, Section 2.6 of Chapter 2, the behavior of shear
connection is of great importance in the design of steel-concrete composite
bridges. The design rules governing shear connection is also covered by EC4
[3.6]. The code recommends that shear connection and transverse reinforce-
ment shall be provided in composite beams to transmit the longitudinal shear
force between the concrete and the structural steel element, ignoring the
effect of natural bond between the two. Shear connectors shall have suffi-
cient deformation capacity to justify any inelastic redistribution of shear
assumed in design. Ductile connectors are those with sufficient deformation
capacity to justify the assumption of ideal plastic behavior of the shear con-
nection in the structure considered. A connector may be taken as ductile if
the characteristic slip capacity 0, is at least 6 mm, with the evaluation of d
given in Annex B of EC4 [2.37]. Where two or more different types of shear
connection are used within the same span of a beam, account shall be taken
of any significant difference in their load-slip properties. Shear connectors
shall be capable of preventing separation of the concrete element from
the steel element, except where separation is prevented by other means.
To prevent separation of the slab, shear connectors should be designed to
resist a nominal ultimate tensile force, perpendicular to the plane of the steel
flange, of at least 0.1 times the design ultimate shear resistance of the con-
nectors. If necessary, they should be supplemented by anchoring devices.
Headed stud shear connectors may be assumed to provide sufficient resis-
tance to uplift, unless the shear connection is subjected to direct tension.
Longitudinal shear failure and splitting of the concrete slab due to concen-
trated forces applied by the connectors shall be prevented.

According to EC4 [3.6], for verifications for ultimate limit states, the size
and spacing of shear connectors may be kept constant over any length where
the design longitudinal shear per unit length does not exceed the longitudi-
nal design shear resistance by more than 10%. Over every such length, the
total design longitudinal shear force should not exceed the total design shear
resistance. EC4 [3.6] specifies that for any load combination and arrange-
ment of design actions, the longitudinal shear per unit length at the interface
between steel and concrete in a composite member, vy gq, should be deter-
mined from the rate of change of the longitudinal force in either the steel or
the concrete element of the composite section. Where elastic theory is used
for calculating resistances of sections, the envelope of transverse shear force
in the relevant direction may be used. In general, the elastic properties of the
uncracked section should be used for the determination of the longitudinal
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shear force, even where cracking of concrete is assumed in global analysis.
The effects of cracking of concrete on the longitudinal shear force may be
taken into account, if in global analysis, and the eftects of tension stiffening
and possible overstrength of concrete for the determination of the longitu-
dinal shear force. Where concentrated longitudinal shear forces occur, the
local effects of longitudinal slip should be taken into account. Otherwise,
the effects of longitudinal slip may be neglected. According to EC4, in
members with cross sections in class 1 or 2, if the total design bending
moment Mgg max =M, ga+ M. gq exceeds the elastic bending resistance
M ra, the nonlinear relationship between transverse shear and longitudinal
shear within the inelastic lengths of the member should be taken into
account. This applies in regions where the concrete slab is in compression,
as shown in Figure 3.27. Shear connectors should be provided within the
inelastic length La_p to resist the longitudinal shear force 1} gq, resulting
from the difference between the normal forces N 4 and N, . in the concrete
slab at the cross sections B and A, respectively. If the maximum bending
moment Mgq max at section B is smaller than the plastic bending resistance
M, rg, the normal force N4 at section B may be determined using the sim-

p
plified linear relationship according to Figure 3.32.
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Figure 3.32 Determination of longitudinal shear in beams with inelastic behavior of
cross sections according to EC4 [3.6].
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3.8.6.5 Design Equations for the Evaluation of Headed Stud Capacities
As mentioned previously, Section 2.6 of Chapter 2, headed stud shear con-
nectors are widely used in steel-concrete composite constructions owing to
many advantages including rapid installation, equal strength, and stiffness in
shear in all directions normal to the axis of the stud and high ductility.
Therefore, the development of design equations used in evaluating headed
stud capacities is discussed in the next paragraphs. The capacities depend on
the type of the concrete slab used with the steel beam to form the composite
interaction.
(a) Composite beams with solid reinforced concrete slabs

The strength of shear studs in solid reinforced concrete slab was first
determined by Ollgaard ef al. [2.48] and was presented in terms of an empir-
ical formula after carrying out 48 push-oft tests. The ultimate shear force
resistance Q, (in N units) of the headed studs was given as follows:

Qu = 0.54,\/f.E. (3.76)

where A, is the cross-sectional area of the stud diameter d (mm?” units), f; is
the concrete cylinder compressive strength (N/mm?), and E, is the static
modulus of elasticity of the concrete (N/mm?). This equation, which was
adopted in CP 117 [2.34,2.35], assumes concrete crushing failure rather than
ashear failure of the headed stud. Later, in BS 5950 [2.36], data presented by
Menzies [2.46] were used to develop the characteristic shear force resistance
Qx. There is no theoretical basis to these data and values given in BS 5950
[2.36] reflect only the size of the stud and strength of the concrete. Cur-
rently, the commonly used design equations for headed stud shear connec-
tors are given in EC4 [3.6]. The resistance of headed stud (Prg) is defined
using two equations. The equations represent concrete and stud failures.
The lower of the following values should be used in design:

0.8f,md*/4
Rd _28und /4 / (3.77)
0.290d*\/fi Ecrn
Pry4 :Oc—fk (3.78)
Py
whichever is smaller with
hSC
a:O.2<7+1> for 3<h./d<4 (3.79)

a=1 for hye/d>4 (3.80)
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where 7y, is the partial factor; d is the diameter of the shank of the stud,
16 <d <25 mm; f, is the specified ultimate tensile strength of the material
of the stud but not greater than 500 N/mm?; f., is the characteristic cylinder
compressive strength of the concrete at the age considered, of density not less
than 1750 kg/m?; and hy. is the overall nominal height of the stud. The value
for y, may be taken as 1.25.
(b) Composite beams with profiled steel sheeting

The experimental investigations, highlighted in Section 2.6 of
Chapter 2, for headed stud shear connectors in composite beams with pro-
filed steel sheeting show that the shear resistance of headed studs is some-
times lower than it is in a solid slab, for materials of the same strength,
because of local failure of the concrete rib. For this reason, EC4 [2.37] spec-
ifies reduction factors, applied to the resistance Pp 4 to determine the capac-
ities of headed studs in composite beams with profiled steel sheeting as
follows:

P, = kPrg (3.81)

where (P,) is resistance of a stud in a trough and k is the reduction factor that
depends on the direction of sheeting.
For sheeting with ribs parallel to the beam, the factor (k) is calculated as

bO hSC
by =0.6—> (—— 1> (3.82)

hp \ iy

follows:

where the dimensions b,, h,, and h are illustrated in Figure 2.15 and hy is
taken as not greater than s, +75 mm. EC4 rules are discussed by Johnson
and Anderson [2.40]. Systematic theoretical and finite element studies since
1981, mainly by Oechlers [2.51] and initially for solid and haunched slabs,
have been extended to parallel sheeting.

For sheeting with ribs transverse to the beam, the factor (k) is calculated

o 07k (he (353)
by |

where n, is the number of connectors in one rib where it crosses a beam, not

as follows:

to be taken greater than 2 in calculations. It is recommended that off-center
studs should be placed on alternative sides of the trough, but no other account
was taken of the important influence of dimension (¢) in Figure 2.15.
The reinforcement in a composite slab is usually a light welded mesh.
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Tests [2.54] show that when placed below the heads of the studs, the mesh
can increase the shear resistance of the studs. In practice, the control of its
level is poor and its detailing is not related to that of the shear connection.
Johnson and Yuan [3.7-3.9] considered the results of 269 push-off tests in a
study of existing design rules for the static shear resistance of stud connectors
in profiled steel sheeting. It was found [3.9] that test data were scarce for the
influence of the thickness of the profiled sheeting (f) and of lightweight
aggregate and for the influence of the position of the studs in each trough,
values of (b,) less than (2h,,) and parallel sheeting. Therefore, the authors
reported the results for 34 push-off tests and identified seven distinct modes
of failure. The design rules for the static shear resistance of stud connectors in
profiled sheeting were studied, and it is found that they are limited in the case
of studs placed oft-center in the steel troughs. Developed equations based on
theoretical models were obtained for the observed modes of failure. The
modes are shown to give good performance when compared with reported
test results.
(c) Composite beams with prestressed hollow core concrete slabs

Design equations developed for determining the capacity of the connec-
tors in a composite beam consisting of prestressed hollow-cored concrete
slabs were detailed in Lam ef al. [2.61]. Twelve full-scale push-off tests were
carried out to study the effects of the size of the gap between the ends of the
precast slabs, the amount of tie steel placed transversely across the joint, and
the strength of concrete in-fill on the capacity of the shear stud. The follow-
ing design equation, modified from EC4 [2.37], “Equation (3.78),” was
given and there was no modification in Equation (3.77) as the strength of
the shear stud is thought not to be influenced by the precast construction:

0.29afed®\/ofopEp (3.84)

Ty

PRd:

where f§ is a factor that takes into account the gap width (¢) in millimeters
(see Figure 2.17) and is given as 0.5(¢/70+1) <1.0 and ¢>30 mm, ¢ is a
factor that takes into account the diameter (¢) of transverse high tensile steel
(grade 460) and is given by 0.5(¢p/20+1)<1.0 and ¢ >8 mm, o is the
transverse joint factor =0.5(w/600 + 1), w is the width of hollow core con-
crete units, f, is the average concrete cylinder strength =0.8 X average cube
strength of the in situ and prestressed concrete, and E_,, is the average value of
elastic modulus of the in situ and precast concrete. All other terms are as for
Equation (3.78).
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3.9 STABILITY OF STEEL AND STEEL-CONCRETE COMPOSITE
TRUSS BRIDGES

3.9.1 General

Truss bridges are generally used for spans over 40 m. For spans between 40
and 70 m, parallel chord trusses are used, while for spans greater than 70 m,
polygonal chord trusses are used. Trusses are, normally, designed to carry
axial forces in its members, which are either tension or compression or
reversible tension/compression depending on the worst cases of loading
and load combinations. Truss members are connected at joints using welds
or bolts. Joints are designed as pins and the forces in truss members are in full
equilibrium at the joints. In practice, gusset plates are used at the joints to
collect the forces in the members meeting at the joints, where equilibrium
takes place. Therefore, the size of the gusset plates should be as small as pos-
sible to simulate the behavior of pins. If the maximum force in a truss is less
than 3000 kN, single gusset plate trusses are used and truss members are
designed as angles. On the other hand, if the maximum force in truss mem-
bers is greater than 3000 kNN, double gusset plate trusses are used and chord
members are designed as box sections, while diagonals and verticals are
designed as I-sections or box sections in case of long diagonals carrying com-
pressive forces. Cross girders are located at the joints of trusses to eliminate
bending moments on truss members. Figure 1.21 shows an example of a
highway truss bridge.

3.9.2 Design of Tension Members

The design of tension members is covered by EC3 [1.27,2.11]. The code
recommends that the design value of the tension force Ngq at each cross sec-
tion shall satisty

NE4q

Nt,Rd

<1.0 (3.85)

For sections with holes, the design tension resistance N, rq4 should be
taken as the smaller of the following:
(a) The design plastic resistance of the gross cross section:
Ay
y
Npl,Rd = (3.86)
VMo
(b) The design ultimate resistance of the net cross section at holes for
fasteners:
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Ny,rd = 094 (3.87)
M2

where A, is the net area of a cross section (its gross area A less appropriate
deductions for all holes and other openings) and f, and f, are the yield and
ultimate stresses of steel, respectively. Where capacity design is requested,
the design plastic resistance N, rq should be less than the design ultimate
resistance of the net section at fasteners holes N, r4. In category C connec-
tions, detailed in EC3 (BS EN 1993-1-8) [2.13], the design tension resis-
tance N, rq of the net section at holes for fasteners should be taken as
Nyeerea where

(3.88)

3.9.3 Design of Compression Members

Similar to tension members, the design of compression members is also cov-
ered by EC3 [1.27,2.11]. The code recommends that the design strength of
the compression force Ngq at each cross section shall satisty

NEd

Nc,Rd

<1.0 (3.89)

The design resistance of the cross section for uniform compression N, pq
should be determined as follows:

_45 :
N rg=— for class 1, 2, or 3 cross sections (3.90)
Mo
Ae
Nera = ity for class 4 cross sections (3.91)
Ymo

According to EC3 [2.11], a compression member should be verified
against buckling as follows:

N
Mo<10 (3.92)
No,rd
where Nggq 1s the design value of the compression force and Ny rgq is the
design buckling resistance of the compression member. The design buckling
resistance of a compression member should be taken as

A
N rd :);—J{/ for class 1, 2, and 3 cross sections (3.93)
M1
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1 Aesfy

M1

Ny rd= for class 4 cross sections (3.94)
where y is the reduction factor for the relevant buckling mode. In determin-
ing A and A.g, holes for fasteners at the column ends need not be taken into
account. For axial compression in members, the value of  for the appropri-
ate nondimensional slenderness 4 should be determined from the relevant
buckling curve according to

1
y=—— = but y<1.0 (3.95)
D+ VP -7
where @ =0.5|1+a(1-0.2) + 7’| (3.96)
and 2= > for class 1, 2, and 3 cross sections (3.97)
_ A,
A= Actfy for class 4 cross sections (3.98)

cr

where o is an imperfection factor and N, is the elastic critical force for the
relevant buckling mode based on the gross cross-sectional properties. The
imperfection factor o corresponding to the appropriate buckling curve

should be obtained from Tables 6.1 and 6.2, given in EC3 [2.11]. The non-
dimensional slenderness 4 is given by

laf, L1
= Z\{Y == for class 1, 2, and 3 cross sections (3.99)

[
f / eff
=4/ Aty _ Lo 7 for class 4 cross sections (3.100)
Cr l

where L, is the buckling length in the buckling plane considered and i is the

>)|

radius of gyration about the relevant axis, determined using the properties of
the gross cross section. The nondimensional slenderness 4; is given by

E
M=m,==93.9¢ (3.101)
Jy
235
with 4 [— alndfy in MPa.
Jy
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3.10 DESIGN OF BOLTED AND WELDED JOINTS
3.10.1 General

The previously mentioned brief survey of the design rules specified in the
current codes of practice provided a general background to the design of
main components of steel and steel-concrete composite bridges. However,
in order to get a complete background, it is also important to review the
design rules on how these components are connected together, that is,
the design of joints connecting the different components. Therefore, in
the succeeding sections, it is decided to highlight the design rules specified,
as an example, in the Eurocodes on bolted and welded joints. According to
EC3 (BS EN 1993-1-8) [2.13], all joints shall have a design resistance such
that the structure is capable of satisfying all the basic design requirements
given in EC3 (BS EN 1993-1-1) [2.11]. The partial safety factors yy; for
joints are given in Table 3.21. The forces and moments applied to joints
at the ultimate limit state shall be determined according to the principles
in EC3 (BS EN 1993-1-1) [2.11]. EC3 (BS EN 1993-1-8) [2.13] specifies
that the resistance of a joint should be determined on the basis of the resis-
tances of its basic components. Linear-elastic or elastic-plastic analysis may
be used in the design of joints. Joints shall be designed on the basis of a real-
istic assumption of the distribution of internal forces and moments. The
main assumptions used to determine the distribution of forces are as follows:
(a) the internal forces and moments assumed in the analysis are in equilib-
rium with the forces and moments applied to the joints, (b) each element

Table 3.21 Partial Safety Factors for Joints Specified in EC3 (BS EN 1993-1-8) [2.13]
Resistance of members and cross sections YMm1> Ymits and Pavz
Reesistance of bolts M2

Reesistance of rivets

Resistance of pins

Resistance of welds

Resistance of plates in bearing

Slip resistance

— At ultimate limit state (category C) M3

— At serviceability limit state (category B) VM3 ser
Bearing resistance of an injection bolt M4
Resistance of joints in hollow section lattice girder M5
Resistance of pins at serviceability limit state VM6 .ser
Preload of high-strength bolts M7

Resistance of concrete Ye
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in the joint is capable of resisting the internal forces and moments, (c) the
deformations implied by this distribution do not exceed the deformation
capacity of the fasteners or welds and the connected parts, (d) the assumed
distribution of internal forces shall be realistic with regard to relative stift-
nesses within the joint, (e) the deformations assumed in any design model
based on elastic-plastic analysis are based on rigid body rotations and/or
in-plane deformations that are physically possible, and (f) any model used
is in compliance with the evaluation of test results.

3.10.2 Connections Made with Bolts or Pins

Let us now review the design rules specified in Eurocode for connections
made with bolts or pins. The rules specified in EC3 (BS EN 1993-1-8)
[2.13] are valid for the bolt classes given in Table 2.6 of EC3 (BS EN
1993-2) [1.27]. The yield strength f;, and the ultimate tensile strength fy,
for different bolt classes are given in Table 2.6. These values should be
adopted as characteristic values in design calculations.

3.10.2.1 Bolted Connections

According to EC3 (BS EN 1993-1-8) [2.13], bolted connections loaded in
shear should be designed as categories A, B, and C. In category A (bearing
type), all bolts from class 4.6 up to and including class 10.9 can be used. No
preloading and special provisions for contact surfaces are required. The
design ultimate shear load should not exceed the design shear resistance
nor the design bearing resistance. In category B (slip-resistant at serviceabil-
ity limit state), preloaded bolts should be used. Slip should not occur at the
serviceability limit state. The design serviceability shear load should not
exceed the design slip resistance. The design ultimate shear load should
not exceed the design shear resistance nor the design bearing resistance.
Finally, in category C (slip-resistant at ultimate limit state), preloaded bolts
should be used. Slip should not occur at the ultimate limit state. The design
ultimate shear load should not exceed the design slip resistance nor the
design bearing resistance. In addition, for a connection in tension, the design
plastic resistance of the net cross section at bolt holes Ny rq should be
checked at the ultimate limit state. The design checks for these connections
are summarized in Table 3.22 specified in EC3 (BS EN 1993-1-8) [2.13].
Bolted connection loaded in tension should be designed as categories D
and E. In category D (non-preloaded), bolts from class 4.6 up to and includ-
ing class 10.9 can be used. No preloading is required. This category should
not be used where the connections are frequently subjected to variations of
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Table 3.22 Categories of Bolted Connections Specified in EC3 (BS EN 1993-1-8) [2.13]

Category Criteria Remarks
Shear connections
A F,ra>Fyra No preloading required
Bearing type Fypa> Fora Bolt classes from 4.6 to 10.9
can be used

B F, kdser> Fsraser  Preloaded 8.8 or 10.9 bolts should
Slip-resistant at F,ra>Fyra be used

serviceability F, 24> Fora
C F,ra> Fra Preloaded 8.8 or 10.9 bolts should
Slip-resistant at Fopa2 Fora be used

ultimate FyEa> Npet.rd
Tension connections
D Fira> Fira No preloading required
Non-preloaded Fga> By ra Bolt classes from 4.6 to 10.9 can

be used

E Figa> Fira Preloaded 8.8 or 10.9 bolts should
Preloaded Figa> By ra be used

tensile loading. However, they may be used in connections designed to
resist normal wind loads. On the other hand, in category E (preloaded), pre-
loaded 8.8 and 10.9 bolts with controlled tightening should be used. The
design checks for these connections are also summarized in Table 3.22 spec-
ified in EC3 (BS EN 1993-1-8) [2.13]. Bolt holes should have limiting
values for the spacing between two adjacent holes and for the distance
between a hole and an adjacent edge to avoid local failures. EC3 (BS EN
1993-1-8) |2.13] specifies the minimum and maximum spacing and end
and edge distances for bolts as given in Table 3.23. Minimum and maximum
spacing and end and edge distances for structures subjected to fatigue are
detailed in EC3 (BS EN 1993-1-9) [3.10].

The design shear resistance of bolts per shear plane can be calculated,
adopting EC3 (BS EN 1993-1-8) [2.13], as follows:

. OCVﬁle
Fv,Rd —

(3.102)
Tm2

wherein for the shear plane that passes through the threaded portion of the
bolt (A is the tensile stress area of the bolt Ay), o, = 0.6 for classes 4.6, 5.6, and
8.8 and o, =0.5 for classes 4.8, 5.8, 6.8, and 10.9, and for the shear plane that
passes through the unthreaded portion of the bolt (A is the gross cross section
of the bolt), o, =0.6.



Table 3.23 Minimum and Maximum Spacing and End and Edge Distances Specified in EC3 (BS EN 1993-1-8) [2.13]

Distances and Minimum

Spacings

Maximum

Structures Made from Steels Conforming to EN 10025 Except Steels

Conforming to EN 10025-5

Steel exposed to the weather or
other corrosive influences

Steel not exposed to the weather or
other corrosive influences

Structures Made from Steels
Conforming to EN 10025-5

Steel used unprotected

End distance ¢;  1.2d,
Edge distance 1.2d,
€

Distance e3 in 1.5d,
slotted holes

Distance ¢4 in 1.5d,
slotted holes

Spacing p, 2.2d,

Spacing p1

Spacing py ;

Spacing p» 2.4d,

4t+40 mm
4t+40 mm

The smaller of 14t or 200 mm

The smaller of 14f or 200 mm
The smaller of 28¢ or 400 mm
The smaller of 14t or 200 mm

The smaller of 14f or 200 mm

The smaller of 14f or 200 mm

The larger of 8¢ or 125 mm
The larger of 8¢ or 125 mm

The smaller of 14t,,;, or
175 mm

The smaller of 14t,,;, or
175 mm

961

Apogoyi3 gey3
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The design bearing resistance of bolts can be calculated according to EC3
(BS EN 1993-1-8) [2.13] as follows:

ko fodt
b,Rd = 12 (3.103)
M2
. Jub
where oy, is the smallest of ag;— or 1.0
in the direction of load transfer: og = ;; for end bolts
po 1 . (3.104)
Og = —— for inner bolts
3d,
perpendicular to the direction of load transfer
ky is the smallest of 2.82—2— 1.7 or 2.5 for edge bolts
i (3.105)

kq is the smallest of 1.4%— 1.7 or 2.5 for inner bolts

o

where d, is the hole diameter for a bolt (see Figure 3.33). It should be noted
that according to EC3 (BS EN 1993-1-8) [2.13], the bearing resistance F, p4
for bolts in oversized holes is 0.8 times that of bolts in normal holes and, in
slotted holes, where the longitudinal axis of the slotted hole is perpendicular
to the direction of the force transfer, and is 0.6 times that of bolts in round,
normal holes. For countersunk bolt, the bearing resistance F, r4 should be
based on a plate thickness t equal to the thickness of the connected plate
minus half the depth of the countersinking.

The design tension resistance of bolts specified in EC3 (BS EN 1993-
1-8) [2.13] can be calculated as follows:

Fora= : (3.106)

where k,=0.63 for countersunk bolt; otherwise, k, =0.9. The punching
shear resistance can be calculated as follows:

0.67dm tpfy

(3.107)
M2

By ra =
where d,,, is the mean of the across points and across flats dimensions of the
bolt head or the nut, whichever is smaller, and £, is the thickness of the plate
under the bolt or the nut. For bolts in combined shear and tension, the fol-
lowing interaction equation should be satisfied:
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(a) Symbols for spacing of fasteners (b) Symbols for staggered spacing
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(c) Staggered spacing in compression members  (d) Staggered spacing in tension members

.5d,

(e) End and edge distances for slotted holes

Figure 3.33 Symbols for end and edge distances and spacing of fasteners specified in
EC3 (BS EN 1993-1-8) [2.13].

F, F,
£l _TE 9 (3.108)
Fora 1.4F p4

where F| g4 and F, g4 are the design shear and tensile forces per bolt for the
ultimate limit state, respectively.

EC3 (BS EN 1993-1-8) [2.13] also specifies design rules for preloaded
bolts. The design preload, F, cq4, to be used in design calculations should
be taken as

Fy,ca=0.7 fuAs/ 77 (3.109)

In single-lap joints with only one bolt row, the bolts should be provided
with washers under both the head and the nut. The design bearing resistance
F,, rq for each bolt should be limited to


Figure 3.33
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1.5f.dt

M2

Fopa < (3.110)
where d is the nominal bolt diameter. In the case of class 8.8 or 10.9 bolts,
hardened washers should be used for single-lap joints with only one bolt or
one row of bolts. Where bolts transmitting load in shear and bearing pass
through packing of total thickness f,, greater than one-third of the nominal
diameter d, the design shear resistance F, g 4 should be multiplied by a reduc-
tion factor 3, given by

9d
B

:8d+3%

with B, <1.0 (3.111)

For double-shear connections with packing on both sides of the splice, ¢,
should be taken as the thickness of the thicker packing.

For slip-resistant connections using class 8.8 or 10.9 bolts, EC3 (BS EN
1993-1-8) [2.13] specifies that the design slip resistance of a preloaded class
8.8 or 10.9 bolt should be taken as

ksnpt

Fyc (3.112)

FS,Rd =
VM3
where k is given in Table 3.24, n is the number of the friction surfaces, and y
is the slip factor obtained either by specific tests for the friction surface or
when relevant as given in Table 3.25. For class 8.8 and 10.9 bolts with con-
trolled tightening, the preloading force F,, ¢ to be used in Equation (3.112)
should be taken as

Fy.c = 0.7fun A, (3.113)

Table 3.24 Values of k, Specified in EC3 (BS EN 1993-1-8) [2.13]

Description ks

Bolts in normal holes 1.00

Bolts in either oversized holes or short slotted holes with the 0.85
axis of the slot perpendicular to the direction of load transfer

Bolts in long slotted holes with the axis of the slot perpendicular 0.70
to the direction of load transfer

Bolts in short slotted holes with the axis of the slot parallel to the 0.76
direction of load transfer

Bolts in long slotted holes with the axis of the slot parallel to the 0.63

direction of load transfer
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Table 3.25 Slip Factor u for Preloaded Bolts Specified in EC3
(BS EN 1993-1-8) [2.13]

Class of Friction Surfaces Slip Factor u
A 0.5
B 0.4
C 0.3
D 0.2

If a slip-resistant connection is subjected to an applied tensile force, F; gq
or F; gqserr 10 addition to the shear force, F, gq or F, g4 e tending to pro-
duce slip, the design slip resistance per bolt should be taken as follows:

Iesnu (FP:C - O-8Ft,Ed,ser)

’yM?),ser

for a category B connection : F; pd ser = (3.114)
kot (Fy.c — 0.8F, g4)

M3
If, in a moment connection, a contact force on the compression side

for a category B connection : F; ng =

(3.115)

counterbalances the applied tensile force, no reduction in slip resistance is
required.

3.10.2.2 Connections Made with Pins
Connections made with pinsare also covered by EC3 (BSEN 1993-1-8) [2.13].
The code provides rules for designing connections with pins. According to the
code, wherever there is a risk of pins becoming loose, they should be secured.
Pin connections in which no rotation is required may be designed as single-
bolted connections, provided that the length of the pin is less than three times
the diameter of the pin. In pin-connected members, the geometry of the unstif-
fened element that contains a hole for the pin should satisty the dimensional
requirements given in Table 3.26. Pin-connected members should be arranged
to avoid eccentricity and should be of sufficient size to distribute the load from
the area of the member with the pin hole into the member away from the pin.
The design of solid circular pins specified in EC3 (BS EN 1993-1-8)
[2.13] is dependent on the failure mode expected. The shear resistance of
the pin can be calculated as follows:

Fy ra =0.6Afp/7no > Fy rd (3.116)

The bearing resistance of the plate and the pin specified in EC3 (BS EN
1993-1-8) [2.13] can be calculated as follows:
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Table 3.26 Geometric Requirements for Pin-Connected Members Specified in EC3 (BS
EN 1993-1-8) [2.13]

Type A
Given thickness t

fEd—:lIz

a> Fra wo +%Zc‘2 Fra Yo +£

uf, 3 uf, 3

1.6d,

Type A

Given thickness t

FEq :
— 2.5d,
1207 el . g <o
J
Fb,Rd = 1.5L‘d_}§,/’yM0 > Fb,Ed (3117)

It should be noted that if the pin is intended to be replaceable, EC3 (BS
EN 1993-1-8) [2.13] specifies that the following requirement should also be
satisfied:

Fb,Rd,ser = O‘6tdfy/MM6,ser > Fb,Ed,ser (3118)

The bending resistance of the pin should be calculated based on EC3 (BS
EN 1993-1-8) [2.13] as follows:

Mpg=1.5 Welfyp/VMo > Mgq (3.119)

If the pin is intended to be replaceable, the following requirement should
also be satisfied:

MRd:SCf =0.8 WCUg’p/yMé,ser Z MEd,ser (3120)
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For pins subjected to combined shear and bending, the following inter-
action equation specified in EC3 (BS EN 1993-1-8) [2.13] should be satisfied:

2 2
M, F,
[_Ed] +[ ’Ed} <1 (3.121)
Mpq Fy rd

where d is the diameter of the pin, f, is the lower of the design strengths of
the pin and the connected part, f,, is the ultimate tensile strength of the pin,
Jyp 1s the yield strength of the pin, ¢is the thickness of the connected part, and
A is the cross-sectional area of a pin. The moments in a pin should be cal-
culated on the basis that the connected parts form simple supports. It should
be generally assumed that the reactions between the pin and the connected
parts are uniformly distributed along the length in contact on each part as
indicated in Figure 3.34. If the pin is intended to be replaceable, the contact
bearing stress should satisfy

Onh,Ed < fh,Rd (3.122)

EFEd,ser(dO - d)

3.123

with, Oh,Ed = 0.591

0.5FEq 0.5Fgq

I R

My, = %(h +4c+2a)

Figure 3.34 Bending moment in a pin specified in EC3 (BS EN 1993-1-8) [2.13].


Figure 3.34
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2.5f,

yM6,ser

Jhed = (3.124)
where d is the diameter of the pin, d, is the diameter of the pin hole, and Fgq,
ser 18 the design value of the force to be transferred in the bearing, under the
characteristic load combination for serviceability limit states.

3.10.3 Design of Welded Joints

The design of welded joints is also covered by EC3 (BS EN 1993-1-8)
[2.13]. The code provides rules applicable to weldable structural steels con-
forming to EC3 (BS EN 1993-1-1) [2.11] and to material thicknesses of
4 mm and over. The rules also apply to joints in which the mechanical prop-
erties of the weld metal are compatible with those of the parent metal. For
stud welding, reference should be made to EC4 (BS EN 1994-1-1) [2.37].
Welds subject to fatigue shall also satisty the principles given in EC3 (BS EN
1993-1- 9) [3.10]. EC3 (BS EN 1993-1-8) requires that lamellar tearing
should be avoided, with guidance on lamellar tearing given in EC3 (BS
EN 1993-1-10) [2.16]. Also, the specified yield strength, ultimate tensile
strength, elongation at failure, and minimum Charpy V-notch energy value
of the filler metal should be equivalent to or better than that specified for the
parent material. Generally, EC3 (BS EN 1993-1-8) [2.13] recommends to
use electrodes that are overmatched with regard to the steel grades being
used. This code covers the design of fillet welds, fillet welds all round, butt
welds, plug welds, and flare groove welds. Butt welds may be either full pen-
etration butt welds or partial penetration butt welds. Both fillet welds all
round and plug welds may be either in circular holes or in elongated holes.

According to EC3 (BS EN 1993-1-8) [2.13], fillet welds may be used for
connecting parts where the fusion faces form an angle between 60° and
120°. Angles smaller than 60° are also permitted. However, in such cases,
the weld should be considered to be a partial penetration butt weld. For
angles greater than 120°, the resistance of fillet welds should be determined
by testing. Fillet welds finishing at the ends or sides of parts should be
returned continuously, full size, around the corner for a distance of at least
twice the leg length of the weld, unless access or the configuration of the
joint renders this impracticable. End returns should be indicated on the
drawings. Intermittent fillet welds should not be used in corrosive condi-
tions. In an intermittent fillet weld, the gaps (L; or L,) between the
ends of each length of weld L, should fulfill the requirement given in
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The smaller of L. > 0.75h and 0.75h

For build-up members in tension:
The smallest of L; < 167 and 167, and 200 mm

For build-up members in compression or shear:
The smallest of L, < 12¢ and 12¢; and 0.25h and 200 mm

Figure 3.35 Intermittent fillet welds specified in EC3 (BS EN 1993-1-8) [2.13].

Figure 3.35. In an intermittent fillet weld, the gap (L, or L) should be taken
as the smaller of the distances between the ends of the welds on opposite
sides and the distance between the ends of the welds on the same side. In
any run of intermittent fillet weld, there should always be a length of weld
at each end of the part connected. In a built-up member in which plates are
connected by means of intermittent fillet welds, a continuous fillet weld
should be provided on each side of the plate for a length at each end equal
to at least three-quarters of the width of the narrower plate concerned as
shown in Figure 3.35. Fillet welds all round, comprising fillet welds in cir-
cular or elongated holes, may be used only to transmit shear or to prevent the
buckling or separation of lapped parts. The diameter of a circular hole, or
width of an elongated hole, for a fillet weld all round should not be less than
four times the thickness of the part containing it. The ends of elongated holes
should be semicircular, except for those ends that extend to the edge of the
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part concerned. The center-to-center spacing of fillet welds all round should
not exceed the value necessary to prevent local buckling.

Also, according to EC3 (BS EN 1993-1-8) [2.13], a full penetration butt
weld is defined as a weld that has complete penetration and fusion of weld
and parent metal throughout the thickness of the joint. A partial penetration
butt weld is defined as a weld that has joint penetration that is less than the
full thickness of the parent material. Intermittent butt welds should not be
used. Plug welds may be used to transmit shear, to prevent the buckling or
separation of lapped parts, and to interconnect the components of built-up
members but should not be used to resist externally applied tension. The
diameter of a circular hole, or width of an elongated hole, for a plug weld
should be at least 8 mm more than the thickness of the part containing it.
The ends of elongated holes either should be semicircular or should have
corners that are rounded to a radius of not less than the thickness of the part
containing the slot, except for those ends that extend to the edge of the part
concerned. The thickness of a plug weld in parent material up to 16 mm
thick should be equal to the thickness of the parent material. The thickness
of a plug weld in parent material over 16 mm thick should be at least half
the thickness of the parent material and not less than 16 mm. The center-
to-center spacing of plug welds should not exceed the value necessary to
prevent local buckling. For solid bars, the design effective throat thickness
of flare groove welds, when fitted flush to the surface of the solid section of
the bars, is defined in Figure 3.36. In the case of welds with packing, the
packing should be trimmed flush with the edge of the part that is to be
welded. Where two parts connected by welding are separated by packing
having a thickness less than the leg length of weld necessary to transmit the
force, the required leg length should be increased by the thickness of the
packing. Where two parts connected by welding are separated by packing
having a thickness equal to, or greater than, the leg length of weld necessary

I
B | e
P sae |
i
i

Figure 3.36 Effective throat thickness of flare groove welds in solid sections specified in
EC3 (BS EN 1993-1-8) [2.13].
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Figure 3.37 Throat thickness of a fillet weld specified in EC3 (BS EN 1993-1-8) [2.13].

to transmit the force, each of the parts should be connected to the packing
by a weld capable of transmitting the design force.

The design of fillet welds requires the calculation of required lengths (/)
of weld and the effective throat thickness (a). Following the design rules
specified in EC3 (BS EN 1993-1-8) [2.13], the effective length of a fillet
weld [ should be taken as the length over which the fillet is full-sized. This
may be taken as the overall length of the weld reduced by twice the effective
throat thickness (a). Provided that the weld is full size throughout its length
including starts and terminations, no reduction in eftective length need be
made for either the start or the termination of the weld. A fillet weld with an
effective length less than 30 mm or less than six times its throat thickness,
whichever is larger, should not be designed to carry load. On the other hand,
the effective throat thickness (a) of a fillet weld should be taken as the height
of the largest triangle (with equal or unequal legs) that can be inscribed
within the fusion faces and the weld surface, measured perpendicular to
the outer side of this triangle (see Figure 3.37). The effective throat thickness
of a fillet weld should not be less than 3 mm. In determining the design resis-
tance of a deep penetration fillet weld, its additional throat thickness may be
taken of (see Figure 3.38), provided that preliminary tests show that the
required penetration can consistently be achieved.

Figure 3.38 Throat thickness of a deep penetration fillet weld specified in EC3 (BS EN
1993-1-8) [2.13].
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Figure 3.39 Stresses on the throat section of a fillet weld specified in EC3 (BS EN 1993-
1-8) [2.13].

The design resistance of a fillet weld specified in EC3 (BS EN 1993-1-8)
[2.13] should be determined using either the directional method given or the
simplified method. In the directional method, the forces transmitted by a
unit length of weld are resolved into components parallel and transverse
to the longitudinal axis of the weld and normal and transverse to the plane
of its throat. The design throat area A, should be taken as A, =) _ al.g= The
location of the design throat area should be assumed to be concentrated in
the root. A uniform distribution of stress is assumed on the throat section
of the weld, leading to the normal stresses and shear stresses shown in
Figure 3.39. The normal stresses are denoted as o L (the normal stress per-
pendicular to the throat) and ¢ || (the normal stress parallel to the axis of the
weld). The shear stresses are denoted as 7 L (the shear stress, in the plane of
the throat, perpendicular to the axis of the weld) and 7|| (the shear stress, in
the plane of the throat, parallel to the axis of the weld). The normal stress ||
parallel to the axis is not considered when verifying the design resistance of
the weld. The design resistance of the fillet weld will be sufficient if the fol-
lowing are both satisfied:

[012+3(t 2 +7))]" < fu/ (Byrnp) and 0L <0.9/7yn  (3.125)

where f;, is the nominal ultimate tensile strength of the weaker part joined
and f,, is the appropriate correlation factor taken from Table 3.27 as recom-
mended by EC3. Welds between parts with different material strength
grades should be designed using the properties of the material with the lower
strength grade.

EC3 (BS EN 1993-1-8) [2.13] also specifies a simplified method for
design resistance of fillet weld. In the simplified method of weld design,
the design resistance of a fillet weld may be assumed to be adequate if, at
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Table 3.27 Correlation Factor f3,, for Fillet Welds Recommended by EC3 (BS EN 1993-

1-8) [2.13]
Standard and Steel Grade
Correlation
EN 10025 EN 10210 EN 10219 Factor B,
S 235 S 235H S 235H 0.8
S 235 W
S 275 S 275H S 275H 0.85
S 275 N/NL S 275 NH/NLH S 275 NH/NLH
S 275 M/ML S 275 MH/MLH
S 355 S 355H S 355H 0.9
S 355 N/NL S 355 NH/NLH S 355 NH/NLH
S 355 M/ML S 355 MH/MLH
S 355 W
S 420 N/NL S 420 MH/MLH 1.0
S 420 M/ML
S 460 N/NL S 460 NH/NLH S 460 NH/NLH 1.0
S 460 M/ML S 460 MH/MLH

S 460 Q/QL/QLI

every point along its length, the resultant of all the forces per unit length
transmitted by the weld satisfies the following criterion:

Fw,Ed S Fw,Rd (3126)

where F, gq1s the design value of the weld force per unit length and F, p 418
the design weld resistance per unit length. Independent of the orientation of
the weld throat plane to the applied force, the design resistance per unit
length F, pg4 should be determined from

Fw,Rd :_ﬂ/w.da (3127)

where f,,.q4 1s the design shear strength of the weld. The design shear strength
fow.a of the weld should be determined from

_GV3
v Bwymz

According to EC3 (BS EN 1993-1-8) [2.13], the distribution of forces in
a welded connection may be calculated on the assumption of either elastic or
plastic behavior. It is acceptable to assume a simplified load distribution
within the welds. Residual stresses and stresses not subjected to the transfer
of load need not be included when checking the resistance of a weld.

(3.128)
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lot

Figure 3.40 Calculation of weld forces for intermittent welds specified in EC3 (BS EN
1993-1-8) [2.13].

This applies specifically to the normal stress parallel to the axis of a weld.
Welded joints should be designed to have adequate deformation capacity.
However, ductility of the welds should not be relied upon. In joints where
plastic hinges may form, the welds should be designed to provide at least the
same design resistance as the weakest of the connected parts. In other joints
where deformation capacity for joint rotation is required due to the possi-
bility of excessive straining, the welds require sufficient strength not to rup-
ture before general yielding in the adjacent parent material. If the design
resistance of an intermittent weld is determined by using the total length [,
the weld shear force per unit length F,, g4 should be multiplied by the factor
(e+1)/1 (see Figure 3.40).

3.11 DESIGN OF BRIDGE BEARINGS
3.11.1 General

This section provides a brief review for the types and design of bearings
commonly used in steel bridges. The bearings used in steel bridges can be
classified according to its main supply source to proprietary and steel-
fabricated bearings. Proprietary bearings are commonly made of elastomeric
material, which is either natural or synthetic rubber. Elastomeric materials
are flexible when subjected to shearing forces; however, they are very stift
against volumetric change. On the other hand, steel-fabricated bearings are
made of designed steel parts preventing or allowing applied translations and
rotations. Proprietary bearings are efficiently used with most of steel bridges.
However, steel-fabricated bearings can be economic in uplift situations or
in situations where large rotations are expected to occur. Bearings used in
bridges can be also classified according to their restraint performance to
fixed, hinged, and expansion bearings. Fixed bearings prevent rotations
and translations of the supported structure at their locations, while hinged
bearings allow rotations and prevent translations of the supported structure
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Table 3.28 Brief Comparisons of Commonly Used Bridge Bearings

Capacity
Type (kN) Supply Friction Use Limitations
Pot or disk  500-30,000 Proprietary 0.05 Span >20 m Rotation
0.01 rad
Elastomeric  100-1000  Proprietary 0.5-6 Short spans  Heavy loads
laminated kN/mm
Cylindrical  1000-1500 Proprietary 0.01 Minimal Nil lateral
roller friction translation
or rotation
Multiple 1000- Fabricated 0.25 Roller High-
roller 10,000 bearing/ friction, nil
railway lateral
bridges rotation
Line rocker 1000- Fabricated 0.25 Hinged High-

10,000 bearing/ friction, nil
railway lateral
bridges rotation

Spherical 1000- Proprietary 0.05 Span >20m More
sliding 12,000 expensive
than pot

at their locations. Finally, expansion bearings allow rotations of the sup-
ported structure at their locations and allow translations in particular direc-
tions. Expansion bearings can be sliding, roller, or rocker bearings.
Table 3.28 shows the main types of bearings commonly used in steel bridges.
The most frequently used type of bearing for highway bridges is the propri-
etary pot or disk type, which is able to accommodate rotation and, where
required, lateral movement in either longitudinal or transverse directions
or in both directions. Such bearings are particularly suitable for continuous
and curved bridges. While for railway bridges or footbridges, fabricated line
rocker bearings are often suitable at both ends of bridges. For rail bridges of
span greater than 20 m, fabricated roller/rocker bearings can be used at the
free end. For footbridges, elastomeric bearings are often used.

3.11.2 Examples of Proprietary Bearings

Proprietary pot or disk bearings are commonly used in practice all over the
world. The bearings comprise a circular elastomeric disk confined by a metal
housing (forming a cylinder and piston). The bearings can be combined with
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Top plate

Piston (with PTFE
bonded on top)

Sliding plate
(stainless steel)

E \ i
Bottom plate
Elastomer

Figure 3.41 Pot bridge bearings.

a sliding element to accommodate translational movements in one or any
direction. This can be achieved by a PTFE (polytetrafluoroethylene)/stain-
less steel interface, usually arranged as shown in Figure 3.41. The coefficient
of friction on the sliding surface depends on the PTFE interface pressure and
is typically 5%. Pot bearings may be fixed, or guided, by providing suitable
lateral restraints between the top and bottom plates. Proprietary elastomeric
bearings may be of strip, rectangular pad, or laminated type. Laminated elas-
tomeric bearings (see Figure 3.42) are economic for loads up to 1000 kN
capacity. For loads greater than 1000 kN, the bearings may become uneco-
nomically large. Therefore, elastomeric bearings are rarely used for steel
highway or railway bridges. The design of elastomeric bearings is governed
by serviceability limit state requirements, to control excessive distortion of
the material. Movements and rotations are achieved by deformation of the
elastomeric material (see Figure 3.43). Movement is restricted to about
40 mm from the mean position.

Proprietary cylindrical bearings consist of a backing plate with a convex
cylindrical surface (rotational element) and a backing plate with a concave

Figure 3.42 Laminated elastomeric bridge bearings.
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Figure 3.43 Deformations of elastomeric bridge bearings.

cylindrical surface between which a PTFE sheet and the mating material
form a curved sliding surface. Cylindrical PTFE bearings are also used in
combination with flat sliding elements and guides to form free or guided
bearings. On the other hand, spherical PTFE bearing consist of a backing
plate with a convex spherical surface (rotational element) and a backing plate
with a concave spherical surface between which a PTFE sheet and the mat-
ing material form a curved sliding surface. Spherical bearings allow three-
dimensional movements. They are designed for very high vertical, horizon-
tal, and lateral loads and also for large rotational displacements. Like pot
bearings, they can be fixed, free sliding, or guided sliding depending on
the design. Spherical bearings have been structurally improved and designed
for use as incremental launch bearing, which is applicable for bridge con-
struction by launching system; force measuring bearing, which can be used
for measuring and monitoring forces acting on the structure electronically;
and uplift protection bearing, which can be used to accommodate high
uplift loads encountered during construction or service life of a struc-
ture. Figure 3.44 shows an example of spherical bearings.

3.11.3 Examples of Steel-Fabricated Bearings

Steel-fabricated bearings are the oldest types of bearing. The most common
types of steel bearings are the roller/rocker bearings, which may be hinged
or expansion bearings. Roller/rocker bearings can support high loads and
can be used where pot, spherical, and other high-capacity bearings cannot
be used due to limited space. Roller/rocker bearings are applicable for con-
ditions where only longitudinal movement is allowed and where transverse
movement is to be prevented. They operate by the movement of a roller/
rocker in between a sole plate and a lower bearing plate (see Figure 3.45). As
an example of fabricated steel hinged bearing, Figure 3.46 shows fabricated
line rocker bearings. The bearings provide a very economic solution in that
they can be supplied by the steelwork fabricator and ensure a good match
between hole positions in bearings, upper bearing plates, and girder flanges.
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Ty 2 .

(a) Stainless steel convex surface plate

(b) concave surface plate

Figure 3.44 Concave and concave components of a spherical bearing (www.mageba.
ch).

Sole plate | |_| |_|
i : Upper bearing plate

Lower bearing plate

Section A-A
Figure 3.45 Detailing of twin roller-fabricated steel bridge bearings.
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Figure 3.46 Detailing of hinged line rocker-fabricated steel bridge bearings.
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When designing a line rocker, the maximum eccentricity of the reaction
(due to the restraining torque that the bearing provides) needs to be consid-
ered carefully (there is no tensile restraint at the line of contact).

3.11.4 Design Rules for Bearings
The current technical specifications for designing different bearings are
givenin EC3 (BS EN 1993-2) [1.27]. The code gives guidance for designing
bearings, which comply with BS EN 1337-1 [3.11]. Five bearings are not
covered by the code, which are bearings that transmit moments as a primary
function, bearings that resist uplift, bearings for moving bridges, bearings for
concrete hinges, and bearings for seismic devices. According to the code
[1.27], hinged (fixed) bearings prevent movements but other bearings such
as guided bearings allow movements in one direction while free bearings
allow movements in all directions. Detailed information on bearings is pre-
sented in 11 parts of BS EN 1337-1 [3.11]. Part 1 of the code provides gen-
eral design rules for bearings. Parts 2-8 cover design rules for sliding
elements, elastomeric bearings, roller bearings, pot bearings, rocker bearings,
spherical and cylindrical PTFE bearings, and guided bearings and restraint
bearings, respectively. Part 9 covers protection, part 10 covers inspection
and maintenance, and finally, part 11 provides guides on transport, storage,
and installation. According to EC3 (BS EN 1993-2) [1.27], the bearing lay-
out should be designed to permit the specified movement of a bridge with
the minimum possible resistance to such movements. The arrangement of
bearings for a structure should be considered in conjunction with the design
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of the bridge as a whole. The forces and movements in bearings should be
given to the bearing manufacturer to ensure that the bearings provided meet
the requirements. A drawing showing the bearing layout should include the
following: a simplified general arrangement of the bridge showing the bear-
ings in plan, details at the bearing location, a clear indication of the type of
bearing at each location, a table giving the detailed requirements for each
bearing, and bedding and fixing details. Bearings should not normally be
expected to resist moments due to rotational movement. Uplift may cause
excessive wear in bearings if such conditions occur frequently. Where uplift
is unavoidable, prestressing may be used to provide the necessary additional
vertical force. Bearings and supports should be designed in such a way that
they can be inspected, maintained, and replaced if necessary.

EC3 (BS EN 1993-2) [1.27] requires that for line rocker and single roller
bearings, the full implications of uneven pressure along the length of the
roller or rocker should be taken into account in the design of the structure
and the bearing. Also, particular care should be taken in the design of bridges
curved in plan, bridges with slender piers, bridges without transverse beams,
bridges with transverse beams where the line rocker or single roller could
effectively act as a built-in support for the transverse beam, and bridges with
a transverse temperature gradient. Anchorages of bridge bearings shall be
designed at the ultimate limit state. Where the position of a bearing or part
of a bearing is retained either completely or partially by friction, its safety
against sliding shall be checked in accordance with the following:

Vea < Vi (3.129)

where g4 is the design value of the shear force acting at the bridge bearing

Hg
VRd = _NEd + Vpd (3130)
Tu
where Ngq is the minimum design force acting normal to the joint in con-
junction with Vgg, V
device in accordance with the Eurocodes, pik is the characteristic value of the

q 1s the design value of shear resistance of any fixing

friction coefficient (see Table 3.29), and y,, is the partial factor for friction.
The code [1.27] recommends the following values: y,, = 2.0 for steel on steel
and y,=1.2 for steel on concrete. For dynamically loaded structures, the
value of Ngq should be determined, taking into account any dynamic var-
iations in traffic loads. For railway bridges and structures subjected to seismic
situations, friction should not be taken into account (Ngg=0). Where
the bearings are designed to resist horizontal forces, some movements will
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Table 3.29 Characteristic Values of the Friction Coefficient yx Recommended by EC3
(BS EN 1993-2) [1.27]
Surface Treatment of Steel Components Steel on Steel Steel on Concrete

Uncoated and free from grease 0.4 0.6
Metal-sprayed

Coated with fully hardened zinc silicate

Other treatments From tests From tests

take place before clearances are taken up. The total clearance between the
extremes of movements may be up to 2 mm unless otherwise specified or
agreed with the manufacturer.

3.11.5 Design Rules for Fabricated Steel Bearings

The design rules for fabricated steel roller bearing are provided in EC1 (BS
EN 1337-4) [3.12]. According to the code, only ferrous materials (see
Table 3.30) shall be used in the manufacture of rollers and roller plates. Rol-
lers and roller plates shall have a surface hardness less than that specified by
the code. Carbon steel shall be in accordance with the requirements of EN
10025 [3.13] or EN 10083-1 [3.14] and EN 10083-2 [3.15], with a mini-
mum yield strength of 240 N/mm®. Stainless steel shall be in accordance
with EN 10088-2 [3.16], with a minimum tensile strength of 490 N/
mm? for any component. Cast steel shall be in accordance with ISO
3755 [3.17]. The design of roller bearings is based on the assumption that
load passes through a Hertzian contact area between two surfaces with dis-
similar radii. Design verification with respect to loading and rotation (move-
ment) should be determined in accordance with BS EN 1337-1 [3.11]. The
design values of the eftects (forces, deformations, and movements) from the
actions at the supports of the structure shall be calculated from the relevant

Table 3.30 Ferrous Material Classes According to BS EN 1337-4 [3.12]

Tensile Yield Surface

Strength  Strength  Impact/At Hardness  Elongation Friction
Material (Minimum) (Minimum) Temperature (Maximum) (Minimum) Coefficient

Class (N/mm?)  (N/mm?)  (Minimum) (J) (HV 10) (%) (Maximum)
A 340 240  27/0°C 150 25 0.05
B 490 335  27/—20°C 250 21 0.05
C 600 420  27/-20°C 450 14 0.02
D 1350 1200  11/—20°C 480 12 0.02
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combination of actions according to BS EN 1990 [3.4]. Sliding elements
should be designed and manufactured in accordance with EN 1337-2
[3.18]. The recommended material partial safety factor y,,,=1. Roller bear-
ings provide for translation in one direction only. Single rollers permit rota-
tion about the line of contact but multiple rollers require additional elements
to accommodate rotation. Roller bearings for use in curved parts of struc-
tures shall have additional sliding elements and/or rotation elements to
ensure uniform distribution of load across the roller. The axis of rotation
shall be perpendicular to the direction of movement. The curved surfaces
shall be of cylindrical shape. Surfaces in contact shall have the same nominal
strength and hardness. The length of a roller shall not be less than twice its
diameter nor greater than six times its diameter. Guidance shall be provided
to ensure that the axis of rolling is maintained correctly. Location shall be
such that true rolling occurs during movement. Where gearing is used as
security, the pitch circle diameter of the gear teeth shall be the same as
the diameter of the rollers. The design axial force per unit length of roller
contact N g4 specified in BS EN 1337-1 [3.11] shall meet the following con-
dition under the fundamental combination of actions:

N¢y < Niy (3.131)

where N4 is the design value of resistance per unit length of roller contact,
which is calculated as

!
NRk
2
7

where N Ry is the characteristic value of resistance of the contact surface per

Npg= (3.132)

unit length calculated as

fZ
N}'{k:23><R><Ei (3.133)

d
where R is the radius of contact surface (mm), f, is the ultimate strength of
material (N/mm?), and Ey is the design modulus of elasticity (N/ mm?). In
determining the values of N'gq, the effects of asymmetrical loading due to
transverse eccentricities and applied moments shall be considered. Roller
plates shall be dimensioned in the direction of displacement to allow for
movement calculated for the fundamental combination of actions plus an
additional roller design movement of 2 X t,, the thickness of the roller bear-
ing plate, or 20 mm whichever is greater. The length of the plates parallel to
the roller axis shall not be less than the length of the roller. In determining
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the thickness of the roller plates, the following shall be satisfied using the load
distribution shown in Figure 3.48 under the fundamental combination of

actions:
Nsda < Nrd (3.134)
N
where Npg =—=* (3.135)
and Ney =f, (26, +b) L (3.136)

where b can be calculated according to Hertzian stress analysis principles or
taken as equal to 0, L is the effective length of roller (mm), and y,,=1.1.
BS EN 1337-4 [3.12] specifies that for roller bearings, the stiffness of the
supporting plates is of paramount importance; therefore, the roller plates
shall be so proportioned that loads are adequately distributed to adjacent
components (Figure 3.47). The maximum load dispersion through a com-
ponent shall be taken as 45° unless a greater angle is justified by calculations
that take into account the characteristics of the adjacent components and
materials. In no case shall load dispersion be assumed beyond a line drawn
at 60° to the vertical axis (see Figure 3.48). Where movement requirements
permit, flat-sided rollers may be used. Such rollers shall be symmetrical about
the vertical plane passing through the axis of the roller. The minimum width
shall not be less than one-third of the diameter nor such that the bearing con-
tact area falls outside the middle third of the rolling surface when the roller is
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Roller plate
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(a) Single roller bearing
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(b) Flat-sided roller bearing
Figure 3.47 Cylindrical and flat-sided roller bearings.
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Figure 3.48 Load distribution to components according to BS EN 1337-4 [3.12].

at the extremes of movement determined in accordance with EN 1337-1
[3.11]. It should be noted that according to the code, flat-sided rollers
can be mounted at closer centers than circular rollers of the same load capac-
ity resulting in more compact bearings. Where a bearing has more than one
roller, an additional bearing in accordance with other parts of EN 1337 shall
be included to accommodate rotation (see Figure 3.45). The eftects of any
rotation moments from this element shall be included when calculating the
roller forces by taking into account the corresponding eccentricities. The
load per roller shall be calculated at the extreme of the expected movement.
In addition, where a bearing has more than two rollers, the limiting values
for design load effects shall be taken as two-thirds of N’ 4. The design fric-
tion coefficient g shall be taken as 0.02 for steel with a hardness >300 HV
and 0.05 for all other steels.

Hinged line rocker bearings (see Figure 3.46) are capable of transferring
applied vertical and horizontal forces between the superstructure and the
substructure. Hinged line rockers permit rotation in one direction about
the rocker axis. Hinged line rocker bearings resist horizontal forces by means
of positive mechanical restraint such as shear dowels. The design of rocker
bearings is covered by BS EN 1337-6 [3.19]. The rotation capability of the
rocker bearing is an inherent characteristic of the system based on its


Figure 3.48

220

Ehab Ellobody

geometry and shall be declared by the manufacturer. Its maximum value

shall be 0.05 rad. The radius of the curved part of the liner rocker bearing

is determined in the same way as roller bearing.

REFERENCES

[3.1] EC1, Eurocode 1—Actions on structures—Part 2: traffic loads on bridges. BS EN
1991-2, British Standards Institution, 2003.

[3.2] EC1, Eurocode 1: Actions on structures—General actions—Part 1-4: Wind actions.
BS EN 1991-4, British Standards Institution, 2004.

[3.3] EC1, Eurocode 1: Actions on structures—Part 1-5: General actions—Thermal
actions. BS EN 1991-5, British Standards Institution, 2003.

[3.4] ECO, Eurocode 0: UK National Annex for Eurocode—DBasis of structural design. BS
EN 1990, British Standards Institution, 2005.

[3.5] EC3, Eurocode 3—Design of steel structures—Part 1-5: Plated structural elements.
BS EN 1993-1-5, British Standards Institution, 2006.

[3.6] EC4, Eurocode 4—Design of composite steel and concrete structures—Part 2: Gen-
eral rules and rules for bridges. BS EN 1994-2, British Standards Institution, 2005.

[3.7] R.P. Johnson, H. Yuan, Existing rules and new tests for stud shear connectors in
troughs of profiled sheeting, Proc. Inst. Civil Eng. Struct. Build. 128 (11506)
(1998) 244-251.

[3.8] R.P.Johnson, H. Yuan, Models and design rules for stud shear connectors in troughs
of profiled sheeting’, Proc. Inst. Civil Eng. Struct. Build. 128 (11507) (1998)
252-263.

[3.9] H. Yuan, The resistances of stud shear connectors with profiled sheeting. PhD Thesis,
University of Warwick, 1996.

[3.10] EC3, Eurocode 3—Design of steel structures—Part 1-9: Fatigue. BS EN 1993-1-9,
British Standards Institution, 2005.

[3.11] EN 1337-1, Structural bearings—Part 1: General design rules. BS EN 1337-1, British
Standards Institution, 2000.

[3.12] EN 1337-4, Structural bearings—Part 4: Roller bearings. BS EN 1337-4, British
Standards Institution, 2004.

[3.13] EN 10025, European structural steel standard EN 10025. BS EN 10025, British Stan-
dards Institution, 2004.

[3.14] EN 10083-1, Steels for quenching and tempering. General technical delivery condi-
tions. BS EN 10083-1, British Standards Institution, 2006.

[3.15] EN 10083-2, Steels for quenching and tempering. BS EN 10083-2, British Standards
Institution, 2006.

[3.16] EN 10088-2, Stainless steels. Technical delivery conditions for sheet/plate and strip of
corrosion resisting steels for general purposes. BS EN 10088-2, British Standards Insti-
tution, 2005.

[3.17] ISO 3755, Cast carbon steels for general engineering purposes. ISO International
Standard, Geneva, Switzerland, 1991.

[3.18] EN 1337-2, Structural bearings—Part 2: Sliding elements. BS EN 1337-2, British

[3.19]

Standards Institution, 2001.
EN 1337-6, Structural bearings—Part 2: Rocker bearings. BS EN 1337-6, British
Standards Institution, 2004.


http://refhub.elsevier.com/B978-0-12-417247-0.00003-X/rf0010
http://refhub.elsevier.com/B978-0-12-417247-0.00003-X/rf0010
http://refhub.elsevier.com/B978-0-12-417247-0.00003-X/rf0010
http://refhub.elsevier.com/B978-0-12-417247-0.00003-X/rf0015
http://refhub.elsevier.com/B978-0-12-417247-0.00003-X/rf0015
http://refhub.elsevier.com/B978-0-12-417247-0.00003-X/rf0015

Design Examples of Steel
and Steel-Concrete Composite
Bridges

4.1 GENERAL REMARKS

The previous Chapters 1-3 highlighted the main issues regarding the general
background, layout, classification, literature review, nonlinear material
behavior of the bridge components, shear connection behavior, applied
loads, and stability and design of steel and steel-concrete composite bridges.
Therefore, it is now possible in this chapter to present detailed design exam-
ples for the bridges. The design examples were carefully chosen to cover rail-
way and highway bridges, plate girder steel bridges, truss steel bridges, and
steel-concrete composite bridges. The presented examples cover the design
of the bridge components comprising stringers (longitudinal floor beams),
cross girders (lateral floor girders), main girders, connections, bracing mem-
bers, stiffeners, splices, and bearings. The design examples are calculated, as
an example, based on the design rules specified in EC3 [1.27, 2.11], which
were previously highlighted in Chapter 3. The examples addressed in this
chapter represent hand calculations performed by the author. Overall, the
design examples detail how the cross sections are initially assumed, how
the straining actions are calculated, and how the stresses are checked and
assessed against the design rules. One of the designed bridges presented in
this chapter will be modeled using the finite element method in
Chapter 6, which is credited to this book. Once again, the main objective
of this book is to introduce a complete piece of work regarding both the
design and finite modeling of the bridges.

This chapter starts with a brief introduction of the presented design
examples for steel and steel-concrete composite bridges. After that, the
chapter details five detailed design examples for the bridges. The first design
example presented is for a double-track open-timber floor plate girder deck
railway steel bridge; the second, for a through truss highway steel bridge; the
third, for a highway steel-concrete composite bridge; the fourth, for a
double-track open-timber floor plate girder pony railway steel bridge;
finally, the fifth, for a deck truss highway steel bridge. The author hopes that

Finite Element Analysis and Design of Steel Copyright © 2014 Elsevier Inc.
and Steel-Concrete Composite Bridges All rights reserved. 221
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the chapter provides readers with sufficient background needed for future
studies. It should be noted that the design examples are presented for specific
bridges; however, the design procedures can be adopted for different steel
and steel-concrete composite bridges. It should also be noted that the author
purposely avoided complex bridge geometries, supports, and long spans to
use hand calculations, which make it easy for readers to apply the design rules
highlighted in Chapter 3. Finally, the author hopes that the presented design
examples in this Chapter provide all the basic fundamentals for students
interested in the structural analysis and design of steel and steel-concrete
composite bridges.

4.2 DESIGN EXAMPLE OF A DOUBLE-TRACK PLATE GIRDER
DECK RAILWAY STEEL BRIDGE

Let us start by presenting the first design example, which is for a double-
track open-timber floor plate girder deck railway steel bridge. The general
layout of the double-track railway bridge is shown in Figures 4.1 and 4.2,
with a brief introduction of the bridge components previously highlighted
in Figure 1.20. The bridge has simply supported ends, a length between
supports of 30 m and an overall length of 31 m. The width of the bridge
(spacing between main plate girders) is 7.2 m as shown in Figure 4.1. It is
required to design the bridge components adopting the design rules spec-
ified in EC3 [1.27]. The steel material of construction of the double-track
railway bridge conformed to standard steel grade EN 10025-2 (S 275) hav-
ing a yield stress of 275 MPa and an ultimate strength of 430 MPa. The
bridge has upper and lower wind bracings of K-shaped truss members as
well as cross bracings of X-shaped truss members as shown in Figure 4.1.
In addition, the bridge has lateral shock (nosing force) bracing for the
stringers as well as braking force bracing at the level of upper wind bracing
as shown in Figure 4.2. The lateral shock bracing eliminates bending
moments around the vertical axis of the stringers, while the braking force
bracing eliminates bending moments around the vertical axis of the cross
girder. The plate girder web is stiffened by vertical stifteners, to safeguard
against shear stresses and web buckling, spaced at a constant distance of
1.667 m. The expected live loads on the bridge conform to Load Model
71, which represents the static effect of vertical loading due to normal rail
traffic as specified in EC1 [3.1]. The bolts used in connections and field
splices are M27 high-strength pretensioned bolts of grade 8.8.
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Figure 4.1 General layout of a double track open-timber floor plate girder deck railway
steel bridge (the first design example).

4.2.1 Design of the Stringers (Longitudinal Floor Beams)

Let us start by designing the stringers, the longitudinal steel beams, support-
ing the track as shown in Figure 4.1.

Dead Loads
Half weight of the track load =3kN/m
Weight of stringer bracing = 0.3kN/m
Own weight of stringer = 1.5kN/m
Total dead load = gy = 4.8kN/m
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Figure 4.2 General layout of a double track open-timber floor plate girder deck railway
steel bridge (the first design example).

Assuming the stringers are simply supported by the cross girders (lateral
floor girders), we can calculate the maximum shear force and bending
moment due to dead loads on a stringer (see Figure 4.3) as follows:

QD‘L,:gvkXL/2:4.8X5/2:12kN
Mpy =g, XL?/8=48x%x5?/8=15kNm

Live Loads
Considering the axle live loads on the bridge components according to Load
Model 71, which represents the static effect of vertical loading due to normal
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Figure 4.3 Straining actions from dead loads acting on a stringer.
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Figure 4.4 Axle live loads on the bridge conforming to Load Model 71 specified in
EC1 [3.1].

rail traffic as specified in EC1 [3.1] (see Figure 4.4), three cases of loading for
the evaluation of maximum bending moment due to the live loads on a
stringer can be studied. The first case of loading is that the centerline at mid-
span of a stringer divides the spacing between the resultant of the concen-
trated live loads and the closest load, with maximum bending moment
located at the closest load (point a in Figure 4.5), while the second case
of loading is that the centerline of the stringer is located under one of
the intermediate concentrated loads, with maximum bending moment
located at the midspan, and finally, the third case of loading is that the
stringer span is covered by the distributed live loads, with maximum bending
moment located at the midspan. The three cases of loading are shown in
Figure 4.5:

M 1 (case of loading 1) =217.5x 2.1 — 125 x 1.6 =256.75 kN m
M 1 (case of loading 2) =187.5x 2.5 —125 x 1.6 =268.75 kN m
M 1 (case of loading 3) =40 x 52/8 =125kNm
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Figure 4.5 Cases of loading for the maximum bending moment acting on a stringer.

Dynamic Factor &

Assuming a track with standard maintenance, therefore,

Lp=5+3=8m
2.16

Py 0
T /B—02

+0.73=1.552, ¥3>1.0 and <2.0.

Bending Moment Due to Dead and Live Loads with Dynamic Effect
Added Mp.(+0)

Mpsrsa=Mpr X P+ P XML XYy
=15%1.2+1.552 x268.75 x 1.45 =622.8 kN m

It should be noted that the load factors adopted in this study are that of
the ultimate limit state. This is attributed to the fact that the finite element
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Figure 4.6 Cases of loading for the maximum shear force acting on a stringer.

models presented in Chapters 6 and 7 can be used to analyze the bridges and
provide more accurate predictions for the deflections and other serviceabil-
ity limit state cases of loading.

Shearing Force Due to Dead and Live Loads with Dynamic
Effect Added (Qpyi+a)

There is only a single case of loading for live loads to produce a maximum
shear force at the supports of the stringer, which is shown in Figure 4.6:

QL.L. — 260 kN

Qp+r+e=QpL X7, TP X QLL X7,
=12x1.2+1.552x260 x 1.45=599.5kN

Design Bending Moment (Mg4) and Shear Force (Qgq)
MEd:MD+L+(P :6228kNm
Qra=Qp+1+o=599.5kN

Design of Stringer Cross Section

Wy X
M. rq= b XSy for classes 1 and 2
Mo
622.8 x 10° = M
' 1.0

WL = 2,264,727 mm® = 2264.7 cm®

Choose UB 533 x 210 X 92 (equivalent to American W21 X 62), shown
in Figure 4.7. Wpr around x-x=2360 cm’. To classify the cross section
chosen,
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Figure 4.7 The cross-section of stringers (UB 533 x 210 x 92).

235  [235
E= | ——=1/2==0.924
I 275

C; =86.9mm, 3 =15.6,C; /tg =86.9/15.6 =5.6 <9 x 0.924
=8.316 (Stringer flange is class 1)

Cy =476.5mm, t, = 10.1,C; /tg =476.5/10.1 =47.2 <72 x 0.924
=66.5 (Stringer web is class 1)

Check of Bending Resistance

Wy X fy 2360 % 10° x 275

Mo 1.0
=649.0kN'm > Mgg = 622.8 kN m (Then O.K.)

M ra = = 649,000,000 Nmm

Check of Shear Resistance

_A(f/V3) _(501.9x10.1) x (275/+/3)

Vo, rd = =804,842 N
: Mo 1.0

= 804.8kN > Qpg = 599.5kN (Then O.K.)
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4.2.2 Design of the Cross Girders (Lateral Floor Girders)

The cross girders, the lateral floor beams, carry concentrated loads from the
stringers as shown in Figure 4.1. Therefore, we can analyze an intermediate
cross girder as follows:

Dead Loads
Reaction from stringers due to dead loads =4.8 x 5 =24kN
Own weight of cross girder =3.0kNm ™

Assuming the cross girders are simply supported by the main plate
girders, we can calculate the maximum shear force and bending moment
due to dead loads on an intermediate cross girder (see Figure 4.8) as follows:

Qpr.=3%7.2/2+2x24=58.8kN
Mpp, =3x7.22/8+24x0.95+24 x2.75=108.24kN m

4.8x5=24 kN 24 kN 24 kN 24 kN

1
i
i
1
i
1
A Y ¥ V3 v VIV Y VV VIVIVIVIVIY IR
i
U
.

gu = 3.0 kN/m
Y ==
SN | | LA
0.95 l 1.8 l 0.85 - 0.85 l 1.8 l 0.95
Y, = 58.8 kN 3 Yy = 58.8 kN

S.F.D.

58.8 kN

B.MLD.

+
54.51 kN.m 5451

107.16 70524 107.16

Figure 4.8 Straining actions from dead loads acting on an intermediate cross girder.
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Figure 4.9 The case of loading producing maximum straining actions from live loads on
an intermediate cross girder.

Live Loads

To determine the maximum reactions due to live loads transferred by
the stringers to the cross girders, the case of loading shown in Figure 4.9
is studied. The maximum reaction Ry ; can be calculated as follows:

Rip =125+2x125x (5—1.6)/5+ 125 x (5—3.2)/5+ 40 x 1
x0.5/5+40x2.6%x1.3/5
=371.04kN

The maximum straining actions due to live loads on an intermediate
cross girder can be then calculated (see Figure 4.10) as follows:

QL. =2x371.04=742.08kN
M. =371.04x0.95+371.04 x 2.75=1372.85 kN m

Dynamic Factor @

Lop=2x72=14.4m
2.16

. B
T /14.4-02

+0.73=1.331, ®3>1.0and <2.0.

Bending Moment Due to Dead and Live Loads with Dynamic Effect Added
(MD+L+<I>)

MD+L+<I> :MD.L. X ’))g + @ x ML.L. X ’))q
=108.24 x 1.2+ 1.331 x 1372.85 x 1.45 =2779.42kN m
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+
704.976 kKN m 14076

1372.848 1372.848
Figure 4.10 Straining actions from live loads acting on an intermediate cross girder.

Shearing Force Due to Dead and Live Loads with Dynamic
Effect Added (OD+L+¢)

QD+L+(P = QD.L. X ’yg+ & x QL.L. X ’Vq
=58.8x1.2+1.331 x 742.08 x 1.45 =1502.7 kN

Design Bending Moment (Mg4) and Shear Force (Qgq)

MEd :MD+L+<1> =2779.42kNm
QEd: QD+L+¢: 15027kN

Design of the Cross Girder Cross Section

W1 X
M. rg= PL2Y for classes 1 and 2
Mo
6 Wpl X 275

W = 10,106,981.8 mm?> = 10,107 cm®
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Figure 4.11 The cross-section of cross girders (UB 914 x 305 x 253).

Choose UB 914 x 305 x 253 (equivalent to American W36 x 170),
shown in Figure 4.11. Wp around x-x= 10,940 cem’. To classify the cross

section chosen,
235 235
e=,/—=1/—=0.924
fy 275

Cy =125mm, 3 =27.9,C; /tg =125/27.9=4.48 <9 x 0.924
=8.316 (Cross girder flange is class 1)

Cr =824.4mm,t, =17.3,C /tg =824.4/17.3 =47.7 <72 x 0.924
=66.5 (Cross girder web is class 1)

Check of Bending Resistance

W xfy 10940 x 10° x 275

¢, Rd —
Mo 1.0

=3008.5kNm > Mg = 2779.42 kN'm (Then O.K.)

=3,008,500,000 N mm

Check of Shear Resistance

- A(f/V3)  (862.6x17.3) x (275/1/3)
pl,Rd = =
Mo 1.0

=2369.3kN > Qgg = 1502.7kN (Then O.K.)

=2,369,341 N
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4.2.3 Design of the Main Plate Girders

Let us now design the main plate girders supporting the cross girders as
shown in Figure 4.1. We can estimate the dead and live loads acting on a
main plate girder as follows:

Dead Loads
Weight of steel structure =9 + 0.5 x 30 =24kNm™!
Track load =6kNm ™'
Total dead load =g, = 1.8 X 24/2+6=27.6kNm"™"

The main plate girders are simply supported; hence, we can calculate the
maximum shear force and bending moment due to dead loads on a main
plate girder (see Figure 4.12) as follows:

Qb =gu X L/2=27.6 x30/2 =414kN
Mp. =gu X L?/8=127.6 x 30> /8 =3105 kN m

Live Loads

Considering the axle loads on the bridge components according to Load
Model 71 (see Figure 4.4), two cases of loading for the evaluation of maxi-
mum bending moment due to live loads on a main plate girder can be studied.

.
i gy =27.6 KN/m
:
A*iVV*****************‘****iii*i*ii**i*i#***B
.

| 30.0 m |
Y, = 414 kN Y, = 414 kKN

414 kN
I
S.F.D.

A B.M.D.
+

3105 kN.m
Figure 4.12 Straining actions from dead loads acting on one main plate girder.
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Figure 4.13 Determination of the maximum bending moment on one main plate girder
due to live loads using the influence line method (case of loading 1).

The first case of loading is that the centerline of the main plate girder is located
under one of the intermediate concentrated live loads, with maximum bend-
ing moment calculated at midspan (see Figure 4.13). On the other hand, the
second case of loading is that the centerline of a main plate girder divides the
spacing between the resultant of the concentrated live loads and the closest
load, with maximum bending moment located at the closest load (point a
in Figure 4.14). The maximum bending moment under the first case of load-
ing is calculated using the influence line method (by multiplying the concen-
trated loads by the companion coordinates on the bending moment diagram
and by multiplying the distributed loads by the companion areas on the bend-
ing moment diagram), while that under the second case of loading is calculated

250 250 g 250 250 kN

¢y = 80 kN/m l l l i ¢y = 80 kN/m Case of loading 2
AIIIIIIT T IIIETdel 5 IFEFFFFETRRRTRETRIN:
K b O g 5

12.2 0.8 041.21.60.8 114
30.0m
Yp = 1437.5 kN Y = 1450.5 kN

Figure 4.14 Determination of the maximum bending moment on one main plate girder
due to live loads using the analytical method (case of loading 2).
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16 1.6 1.60.8 24.4
30.0 m
1.0 =225 0.89 84 081
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Figure 4.15 Determination of the maximum shear force on one main plate girder due
to live loads using the influence line method (case of loading 1).

analytically using structural analysis. Hence, the bending moments due to live
loads can be calculated as follows:

M 1 (case of loading 1) =250 X [2x 6.3+2x7.1] +2Xx 80 x 0.5
x11.8x5.9
=12295.2kNm

M 1 (case of loading 2) =1437.5 X 14.6 —80 x 12.2 X 8.5 —250 x 1.6
=12291.5kNm

There is only a single case of loading for the live loads to produce a maxi-
mum shear force at the supports of a main plate girder, which is shown in
Figure 4.15. Once again, we can use the influence line method to calculate
the maximum shear force due to this case of loading or analytically by taking
moment at support B and evaluate the reaction at A:

QL =1713.8kN

Dynamic Factor &
Ly=30m

2.16
Q3 =————+0.73=1.139, @3 >1.0 and <2.0.

P V/30-02
Bending Moment Due to Dead and Live Loads with Dynamic Effect
Added (MD+L+(D)

Mpir+o=Mpr Xy, T @XMy X7
=3105x1.2+1.139 x 12,295.2 x 1.45 =24,032kNm
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Shearing Force Due to Dead and Live Loads with Dynamic Effect
Added (Qpsi+a)

Qpir+a=0QprL XV, TP X QL X7y
=414 x1.2+1.139x 1713.8 X 1.45=3327.2kN

Design Bending Moment (Mgq) and Shear Force (Qgq)

MEd:MD+L+<D :24,032kNm
Qea=Qp+r+9¢ =3327.2 kN

Design of the Main Plate Girder Cross Section

Let us assume the main plate girder cross section shown in Figure 4.16. The
cross section consists of two flange plates for the upper and lower flanges and
a web plate. The web plate height is taken as equal to L/10=30,000/
10=3000 mm, with a plate thickness of 16 mm. The width of the bottom

56
'
H:H:3
TS
0.4x95 28.4
=38
~
T H
v
o))
&
5l 3|3
o g_.....{_..._..
3 a
—l—1.6

.
e
60

Figure 4.16 Reduced cross-section of plate girder.
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plate of the upper and lower flanges of the cross section is taken as 0.2
the web height, which is equal to 600 mm, while the top plate width is
taken as 560 mm, to allow for welding with the bottom flange plate. The
flange plates have the same plate thickness of 30 mm. The choice of two
flange plates for the upper and lower flanges is intended to curtail the
top flange plate approximately at quarter-span as detailed in the coming sec-
tions. It should be noted that the web height value (L/10) is an acceptable
recommended [1.9] value for railway steel bridges constructed in Great Brit-
ain and Europe. This value is an initial value for preliminary cross-sectional
estimation. The cross section has to be checked, classified, designed, and
assessed against deflection limits set by serviceability limit states. To classify
the cross section chosen,

235 235
¥, 275

Cy =284mm, 13 =60,C; /tg =284/60 =4.73 <9 x 0.924
=8.316 (Main plate girder flange is class 1).

Cy =2984mm, t,, = 16,C; /tg = 2984 /16 = 186.5 > 124 x 0.924
= 114.58 (Main plate girder web is class4).

To calculate the bending moment resistance, the effective area should be
used. Considering web plate buckling, the effective area of the web part in
compression (see Figure 4.16) can be calculated as follows:

ky =23.9

_ 300/1.6
PT84 % 0,924 x /23,
1.462—0.055(3 — 1)

- 1.4622
begr = 0.633 X 300/2 =95 cm,

=1.462>0.673

=0.633

Then, bg; =0.6 X 95=57 cm and b.g» =0.4 X 95=38 cm as shown in
Figure 4.17.

To calculate the elastic section modulus, the elastic centroid of the sec-
tion has to be located by taking the first area moment, as an example, around
axis yo-yo shown in Figure 4.17, as follows:

A=60Xx3%x2+56x3%x2+207x1.6+38 % 1.6=1088 cm?
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Figure 4.17 Calculation of properties of area for main plate girder.

56 Xx3x1.5+60x3x4.5+60x3x307.5+56x3x310.5+207
x1.6 X 109.5+ 38 x 1.6 x 287

Ye= 1088

Y. =149.2cm

Inertia about y-y; = [56 X 3° /12 + 56 x 3 x 147.7%]
+ 160 x 3% /12 + 60 x 3 x 144.7%]
+[1.6 X 207°/12 4+ 1.6 x 207 x 39.77]
+[1.6 x38%/12+1.6 x 38 x 137.87]
+1[60 % 3%/12 4 60 x 3 x 158.3%]
+[56 X 3% /12 4+ 56 x 3 x 162.8%] = 19,264,063 cm*

Wer,min = 19,264,063 /162.8 = 118,330 cm’

Check of Bending Resistance

Wt min X 118,330 x 10° x 275
offymin Xy = =32,540,750,000 N mm

Mc,Rd =
Mo 1.0

=32,541 kN m > Mgg = 24,032kNm (Then O.K.)
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Check of Shear Resistance
anhVVtW
Vo.rd = Viw.rd + Virrd <—m——
\/§VM1

By neglecting the flange contribution,
1.2 x 275 x 3000 x 16

b rd = Vow,rd < Jix1d =8,313,843.9N
Xw.fywhwtw
Vow - —
bw,Rd N
Jw =0.76 fy—w, T = kO

o = 190,000 (16/3000)% = 5.404 N mm

ke =4+5.34(3000/1666.7)° =21.3

_ 275
Jw =0.764 )/ —————=1.175>1.08
21.3 X 5.404

1.37 1.37

07+2, 07+1.175

Then, y, =

0.731 x 275 % 3000 x 16

VW -
owoRd V3x11
< 8313.8kN

=5,064,516.6 N =5064.5 kN

_ Vea 33272

__E =0.657 < 1.0 (Then O.K.
BTV e 50645 (Then O.K.)

It should be noted that for this type of bridges, it is recommended that
further checks regarding the assessment of fatigue loading have to be per-
formed. However, this can be done using advanced finite element modeling
of the bridge.

4.2.4 Curtailment (Transition) of the Flange Plates

of the Main Plate Girder
The critical cross section of the main plate girder at midspan, which is sub-
jected to the maximum bending moment, was designed previously with two
flange plates. Since the main plate girder is simply supported, the bending
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moment is decreased towards the supports. Therefore, we can stop the top
flange plate at a certain distance to get the most benefit from the material.
This process is commonly called as curtailment (transition) of flange plates.
It should be noted that, theoretically, curtailment (transition) of flange plates
can be conducted by reducing the flange plate width, thickness, or both.
However, in practice, fabricators prefer to keep the flange widths constant
and vary the thickness because this option costs much less than reducing the
flange width that might require a very heavy grinding work. To avoid lateral
torsional buckling of the compression top flange at the reduction zone, it is
recommended practically to reduce the width or thickness by 40% of the
original with a smooth transition zone sloping at 1 (vertical) to 10 (horizon-
tal). It is also recommended that bridges with lengths of 20-30 m are cur-
tailed (transitioned) in one step. While for bridges with spans greater than
30 m, two steps of curtailment (transition) are recommended. For the inves-
tigated design example, we can conduct one-step curtailment (transition) by
reducing the top flange plate of the upper and lower flanges, as shown in
Figure 4.18. To classify the reduced cross section,

235 235
¥, 275

T 1

162.9

300 cm

150

143.1

~> 1 .
Yo f————— Yo
60

Figure 4.18 Calculation of properties of area for curtailed main plate girder.
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Cy =284mm, t5 =30,C; /tg =284/30 =9.47 < 14 x 0.924
=12.94 (Class 3).

Cy =2984mm, t, = 16,C; /tg =2984/16 = 186.5 > 124 x 0.924
=114.58 (Class 4).

To calculate the bending moment resistance, the effective area should be
used. Considering web plate buckling, the effective area of the part of web
plate in compression (see Figure 4.18) can be calculated as follows:

ky =23.9

- 300/1.6
28.4%0.924 X 1/23.9

J —1.462 > 0.673
 1.462—0.055(3— 1)

. =0.633
1.462

begr = 0.633 X 300/2 =95 cm,

Then, beg =0.6X95=57 cm and b.g»=0.4 X95=38 cm as shown in
Figure 4.18.

To calculate the elastic section modulus, the elastic centroid of the sec-
tion has to be located by taking the first area moment, as an example, around
axis Yo-yo shown in Figure 4.18, as follows:

A=60x3x2+245x% 1.6 =752cm>

[60 x 3% 1.5+207 X 1.6 X 106.5 + 38 x 1.6 X 284 + 60 X 3 X 304.5]
752

Ye =

Ye=143.1cm

Inertia about y;-y; = [60 X 3° /12 + 60 x 3 x 141.6%]
+[60 x 3% /12 + 60 x 3 x 161.4?]
+[1.6 X 207° /12 + 1.6 X 207 X 36.6%]
+[1.6 X 38% /12 + 1.6 x 38 x 140.9%]
=11,139,025.4 cm*

Wt min = 11,139,025.4/162.9 = 68,379.5 cm?
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Bending Moment Resistance

Wett,min X fy  68,379.5 x 10° x 275
Mo B 1.0

=18,804.4kNm

M ra= = 18,804,362,500 N mm

Length of Flange Plates

Assuming the overall bending moment diagram of the main plate girder
is a second-degree parabola (see Figure 4.19), we can determine the
length of the curtailed top flange plate of the upper and lower flanges
as follows:

x \? 24,032-18,804.4 5221.6
L/2) 24,032 24,032

1—365 =0.466, then x=6.99 mtaken as 7 m.

Hence, the length of the smaller top plate is 14 m.

4.2.5 Design of the Fillet Weld Between Flange
Plates and Web
To determine the size of fillet weld connecting the bottom flange plates of
the upper and lower flanges with the web plate for the investigated bridge,
we can calculate the maximum shear flow at the support for the reduced
cross section, shown in Figure 4.20, as follows:
Inertia about y-y=1.6 x 300°/12+2 x [60 x 3°/12+ 60 x 3 x 151.57]
=11,863,080 cm*.

18,804.4

24,032 kNm

"

15 m

Figure 4.19 Calculation of curtailed flange plate lengths.


Figure 4.19

Design Examples of Steel and Steel-Concrete Composite Bridges 243

i3
— 1
S S
3 A | N S
(=3
R
—>le— 1.6
L '

—— 13
PR
60

Figure 4.20 Calculation of flange fillet weld size at supports.

Shear flow at section s-s:

XSSS
:QEdi:ZXavawd
I}’Y ’

W/V3 430/4/30
fvwd:f /\/—: / =233.7 N/mm2
T Bu¥me 0.85x1.25

3327.2x 10° x (60 x 3 x 151.5) x 10°
q= 7 =2xXax233.7
11,863,080 x 10

Then, a=1.64 mm, taken as 8 mm, which is the minimum size.

4.2.6 Check of Lateral Torsional Buckling of the Plate

Girder Compression Flange
To check the safety of the upper compression flange against lateral tor-
sional buckling, we have to calculate the elastic critical moment for lateral
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Figure 4.21 Check of lateral torsional buckling of plate girder.

torsional buckling (M,,). Considering the cross section at midspan shown
in Figure 4.21, we can calculate M, as follows:

Mo=G i (Y o+ BLG
cr — bklb k’lb wlz z1z J

Given: C,=1.13, E=210 GPa, G=81 GPa, },=5000 mm, and k=1
Inertia about z-z () =2 x 3 x 60° /1242 x 3 x 56 /12 + 300 x 1.6° /12
=195,910 cm*

WP x 1. 3120* x 195,910 x 10*
4 4

Cy = =4.76766576 x 10" mm®

1
i=3 (2% 600 x 30° +2 x 560 x 30° + 3120 x 16”) = 25,139,840 mm”
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M,=1.13

3.14 3.14 %210
5000 5000

2
) 4.76766576 x 10" x 195,910 x 10*

Vv +210 x 195,910 x 10* x 81 x 25,139,840
M., = 0.00070964v/1.624502122 x 103 + 8.377673439 x 10>
M, =286,757,770 N mm = 286,758 kN m

We can now check the safety against lateral torsional buckling following
the rules specified in EC3 [1.27, 2.11] as follows:

M,
B 1.0
My rd

Given: Mgq=24,026 kN m and W, =118,330 cm’
o

M1

- W, 32,541
= vhy = =0.337
M., 286,758

& =05 [1 +orr (ZLT — 02) + j“iTj|
=0.5[1+0.76(0.337 — 0.2) +0.337%] =0.609
1

My ra =yt Wy

O+ PP — Ay
1
At = but 3+ <1.0
M 0.609 +v0.6092 — 0.3372 -
71w = 0.896
0.896 X 32,541
Myra === =29,156.7kN m >24,032 kNm

4.2.7 Design of Web Stiffeners

There are two types of stiffeners used to strengthen the thin web plate of
the main plate girder against buckling due to shear stresses, bending stresses,
or both. The stiffeners at the supports are commonly known as load bearing
stiffeners, while intermediate stiffeners are commonly known as stability
stiffeners (intermediate transverse stiffeners). The design of the stiffeners
can be performed as follows:
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4.2.7.1 Load Bearing Stiffeners

To design the load bearing stiftener at supports (see Figure 4.22), we can also
follow the design rules specified in EC3 [1.27, 2.11] for concentrically
loaded compression members. The axial force in the stiffener is the maxi-
mum reaction at supports (Ngg=Rp+1+¢), which is equal to 3327.2 kN.
The design procedures can be performed as follows:

Nea
No,rd
A
where, N, pq = 1Ak
M1
A=2x%25%2.4+46.4x%1.6=194.24 cm>
1

but y <1.0

L= s
d+V P )’

®=0.5 [1 +o(1-0.2) +,_12]

_ 4
Ncr
2 x EI  3.14% x 210,000 x 27,492.6 x 10*
o — P) = 5 =63,248,742 N

L 3000

- 194.24 x 100 x 275

A= =0.29

63,248,742

®=0.5[1+0.49(0.29—0.2) +0.29°] =0.564

25 cm

25 cm

| | le
I L

22 24 2

A A

Figure 4.22 Load bearing web stiffeners at supports.
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25 cm
- |« 2.0
X X
"
1.6
25 cm
I 7 I_L ]
F o >
22 2.0 22

Figure 4.23 Intermediate stability web stiffeners.

1

1= > >
0.564 +V0.564> — 0.297
0.954 X 194.26 x 100 x 275

Then, Ny,ra = o = 4,633,101 N

Nira = 4633.1kN > Ngg = 3327.2kN (Then O.K.)

=0.954 but 7< 1.0

4.2.7.2 Intermediate Stiffeners
Intermediate stiffeners (see Figure 4.23) can be designed by choosing its
dimensions such that

a 1667
—=——=0.556 < V2=1.414 (Then O.K.
Iy 3000 v2 (Then OK.)
15022 1.5x300° x 1.6° .
and [ > ——Y = - =5969.6 cm
a; 166.7

Li=46x1.6"/12+2x [2x25%/12+50 x 13.3°] =22913 cm*
>5969.6 cm*(Then O.K.)

4.2.8 Design of Stringer Bracing (Lateral Shock or Nosing Force
Bracings)

The stringer bracings are subjected to lateral moving reversible force of
100 kN. The bracing members carry either tensile or compressive forces
according to the changing direction of the lateral shock force (transverse
horizontal force) (see Figure 4.24). The cross section of the bracing member
can be determined from designing the critical diagonal member for the com-
pressive force as follows:


Figure 4.23
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4 100 kN

A 4 |

Stringer web '
|
Plan | ‘ \L 100 kN
| |

Stringer web

180 cm

EEEE
T

X

Bracing cross section s-s 2 angles back-to-back

80x80x8

—'| I'— 10 mm
Vi
Figure 4.24 Lateral shock (nosing force) bracing for stringers.

Assume the cross section of the stringer bracing as two angles back-to-
back 80 x 80 x 8 (see Figure 4.24); then,

4 1.8 o
o=tan ——=47.2

1.667
I, = 2453 mm
235
e=1/—=0.924
275
) Cr 1
A=——
1 }q
A1 =93.9 x 0.924 = 86.7636
- 2435 1
A= 1.163

243 86.7636
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The axial compressive force in the diagonal bracing member
(Ngqa=90.9 kN):

N
B 1.0
Ny, rd
7Afy

M1

where Ny pg =

A=2x123=24.6cm>
1

=
D+ V-7

0=05[1+a(i-02)+ 7|

but ¥ <1.0

®=0.5[1+0.34(1.163 —0.2) + 1.163%] =1.34
1

L= 2 2

1.34+v/1.342 = 1.163

0.499 x 24.6 x 100 x 275
Then, Ny ra = 11 =306,885N

Nb.rd = 306.9kN > Nig = 90.9kN (Then O.K.)

=0.499 but 1< 1.0

4.2.9 Design of Wind Bracings

Wind forces acting on the double-track railway bridge (see Figure 4.25) as
well as any other lateral forces directly applied to the bridge are transmitted
to the bearings by systems of upper and lower wind bracings as well as cross
bracings. The upper wind bracing carries wind forces on the moving train,

F, 4 m
e
Il Il
1.5m
¥y
1.5m
T : ---------------- |
7200 mm

Figure 4.25 Design heights for upper and lower wind bracings.
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Figure 4.26 Loads on the upper wind bracing.

wind forces on upper half of the main plate girder, and lateral shock (nosing
force) applied to the tracks (see Figure 4.26). On the other hand, wind forces
acting on the lower half of the main plate girder are transmitted by the lower
wind bracing (see Figure 4.27). Wind bracings are quite important to the
lateral stability of the bridges, and therefore, it is recommended to use iden-
tical cross sections for the upper and lower wind bracings. Wind forces
applied to this bridge can be sufficiently estimated using the design rules
specified in EC1 [3.2] as follows:

1 2
Fy, = EpVb CAref,x

Vb = Cdir X Geeason X Vp,0 = 1.0 X 1.0><26:26m/s

Arer =7 %x31=217m?

1
Fy =3 x 1.25 X 26° x 5.7 x 217 = 522,590.3 N = 522.6 kN

Ry Ry
30 m R
A B

2

&
e

c

3.6 m

7.2 m

3.6 m

e )

=1 [
—_ =3 =

AFffFrfi 4444555555 F 55575 %%
Gy = 6.34 kN/m

y
d |
' '
' '
' '
' '
' '
' '
' '
' '
' '
' '
' '
' '
' '
' '

il

Figure 4.27 Loads on the lower wind bracing.
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Considering the structural analysis for the upper wind bracing system
shown in Figure 4.26, the critical design wind force in the diagonal bracing
members can be calculated as follows:

Distributed wind loads (g, ) = 522.6 x (5.5/7) /30 = 13.69kN /m
Factored distributed wind loads = q,,, x y,=13.69 X 1.7 =23.27kN/m
Ry =100+ 23.27 X 15 =449.05kN
o= tan"'(3.6/5) =35.75°
Fp =349.05/(2 X sin35.75) = 298.7 kN

The cross section of the bracing member (see Figure 4.28) can be deter-
mined as follows:

by =6160mm, k,=1.2x6160=739.2mm

Choose two angles back-to-back 150 x 150 x 15, with 10 mm gusset plate
between them:

A=2x432=86.4cm? i,=4.59cm, e=4.26cm,

iy = \/4.592 + (4.26 + 1/2)2 =6.61cm

235
e=1/—-=0.924
275

2 angles back-to-back
150 x 150 x 15

Figure 4.28 Upper wind bracing cross section s-s.
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Ay =93.9 % 0.924 = 86.7636
- 6160 1

3

=— =1.547
45.9 86.7636

The axial compressive force in the diagonal bracing member
(Nga=298.7 kN):

NEe4q

<1.0
No,rd

A
where Ny pg = X—fy

™M1
A=2x432=86.4cm>

1
— but y<1.0

X:—
D+ V-7
@:0.5[1 +2(2—0.2) +?12]

®=0.5[1+0.34(1.547 — 0.2) + 1.547°] =1.926

1
X= 2 2
1.926 + V1.926> — 1.547

0.325 x 86.4 x 100 x 275
Then, N pa= = =702,000 N

Nb,Rd =702kN > Ngg =298.7kN (Then OK)

=0.325 but x<1.0

4.2.10 Design of Stringer-Cross Girder Connection

The stringer is designed as a simply supported beam on cross girders; there-
fore, the connection is mainly transferring shear forces (maximum reaction
from stringers of 599.5 kN) (see Figure 4.29). Using M27 high-strength pre-
tensioned bolts of grade 8.8, having fy, of 800 MPa, shear area A of
4.59 cm?, and gross area Ag of 5.73 cm’, we can determine the required
number of bolts, following the rules specified in EC3 (BS EN 1993-1-8)
[2.13], as follows:

oy fupA
FV,RC] = f
Tm2
0.6 x 800 x 459
Fopg=————"—=176,256 N

1.25
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Opirso= 5995 kN Opipso= 599.5 kN

[ A S—

O
o S,
O

& -o\cf

— ——

Figure 4.29 The connection between stringer and cross girder.

Then, F, r4 equals 176 kIN (for bolts in single shear) and 353 kIN (for bolts
in double shear):

ksnpt
FS,Rd = Fp,C
Tm3
Fy.c = 0.7 A, = 0.7 X 800 X 573 = 320,880 N
1.0x1.0x0.4
F rd ser = #320,880 =116,683.6 N.

Then, F,rqg=117 kN (for bolts in single shear at serviceability limit
states) and F, R g=234 kN (for bolts in double shear at serviceability limit
states). At ultimate limit states, F; pq .. can be calculated as follows:

1.0x1.0x0.4
Fs Rd,ult — —320,880 = 102,682 N.
T 1.25

Then, F,rq=103 kNN (for bolts in single shear at ultimate limit states) and
F, ra=206 kN (for bolts in double shear at ultimate limit states):

599.5

N, :W = 2.9 taken as 3 bolts,
599.5

N, :W: 5.8 taken as 6 bolts

4.2.11 Design of Cross Girder-Main Plate Girder connection

The cross girder is designed as a simply supported beam on main plate
girders; therefore, once again, the connection is mainly transferring
shear forces (maximum reaction from cross girders of 1502.7 kN) (see
Figure 4.30). We can determine the required number of bolts as follows:


Figure 4.29
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Opsrse= 1502.7 kKN

=
\

Z B\

——

Figure 4.30 The connection between cross girder and main plate girder.

1502.7
3= =7.3 taken as 8 bolts,
206
1502.7
h = =14.9 taken as 16 bolts
103

4.2.12 Design of Field Splices

Figure 4.31 shows the locations of filed splices for the investigated bridge.
Designing the splice requires determination of size of connecting plates as
well as the number of bolts of the filed splice shown in Figure 4.32. The area
of the flange plate equals to 60 X 3 =180 cm?; this can be compensated by
three flange splice plates having a cross-sectional area of 60 x 1.6 and
2% 27 x 1.6 cm” with a total area of 182.4 cm?, which is greater than the
original area, while the area of web plate =300 x 1.6 =480 cm” can be com-
pensated by two web splice plates having cross-sectional area of
2 %290 x 1.0 cm® with a total area of 580 cm®, which is governed by the
minimum thickness (10 mm) of plates used in railway steel bridges.
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Field splice position Field splice position
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>
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Figure 4.31 Positions of field splices in the main plate girder.
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Figure 4.32 The field splice of the main plate girder.

The top row of bolts in the web (see Figure 4.32) is subjected to horizontal
shear from the bending moment distribution, assuming the yield stress
reached at the extreme and lower fibers of the flanges, and vertical shear from
the applied loads. Using a spacing of 10 cm between two adjacent bolts,
an edge spacing of 5 cm, and a hole of 3 cm (2.7 cm bolt diameter plus


Figure 4.31
Figure 4.32
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0.3 cm clearance), we can determine the horizontal shear force (H) per bolt
and the vertical shear per bolt (1) as follows:

H = Area from centrelines between bolts
X average stress at the bolt location ( f,y)

foy =140 x 275/153 =251.6 MPa
H=(100—30) x 16 x 251.6/2 = 140896 N = 140.9 kN

IV=maximum shear resisted by web/total number of bolts.

Maximum shear resisted by web was previously calculated in the check
of the safety of the plate girder against shear stresses and was 8313.8 kN.
The total number of bolts in one side of the splice is 58 bolts:

IV =8313.8/58 = 143.3kN

The resultant of the forces per bolt (R) is equal to
V140.9% + 143.32 = 201 kN, which is less than 206 kN (the resistance of
the bolt in double shear). Then O.K.

Flange Splices
Maximum force in the upper flange = 180 x 275 x 100/1000 = 4950 kN

N( flange) =4950,/206 = 24 bolts(6 rows of four bolts in double shear)

4.2.13 Design of Roller Steel Fabricated Bearings

Let us now design the roller steel fabricated bearings shown in Figure 4.1 and
detailed in Figure 4.33. The maximum vertical reaction at the supports of
the main plate girder was previously calculated under dead and live loads
with dynamic eftect (Rpir+e), which was 3327.2 kN. The material of
construction for the bearings is cast iron steel (ISO 3755) 340-550 having
a yield stress of 340 MPa and an ultimate stress of 550 MPa.

Design of the Sole Plate
The reaction (Rp+p+¢) can be assumed as two equal concentrated loads at
two points, which are the centers of gravity of half of the load bearing
stiffener section shown in Figure 4.33. To determine the centers of gravity
(distance e), we can take the first area moment around the axis z-z, shown in
Figure 4.33, as follows:

_2x25x1.2x0.6+23.2x1.6x11.6  466.592

= =4.8cm
2x25%x1.2+232x%x1.6 97.12

e
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Figure 4.33 Detailing of the twin roller fabricated steel bridge bearings.
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Assuming that the thickness of the sole plate is ¢, with detailed dimen-
sions shown in Figure 4.33 based on the flange plate girder dimensions,
we can determine the maximum moment applied to the sole plate (M) as
tollows:

M=Rpi1+¢Xe/2=3,327,200 x 48/2=78,952,800 N mm.
Section plastic modulus(WPl) = b1t12/4 =700 x t12/4 =175 x t12
The plate thickness #; can be calculated now as follows:

Mk
o Ymo
79,852,800 340

175x£2 1.0

Then, t; =36.6 mm, taken as 40 mm, as shown in Figure 4.33.

Design of the Rollers

The design of rollers requires determination of the diameter, length, and
number of rollers that can resist the vertical load, as well as the arrangement,
and allowed movement in the direction of rollers. The design axial force
per unit length of roller contact Nasq specified in BS EN 1337-1 [3.11]
shall satisty

1 |
Ngg < Npg
where Np 4 is the design value of resistance per unit length of roller contact,
which is calculated as
: 5507

| 1
Npg=23 X RX-X—5=23XRX X -=33.131 xR
Eqy 92 210,000 1

Assume the number of rollers is 2 and their length is 800 mm as shown in
Figure 4.33:

N _Rpip+o 3,327,200
47 2% 800 1600

Then, the radius of rollers can be determined by equalizing Nasq with

=2079.5N/mm

N‘Rd as follows:
2079.5=33.131 xR

Then, R=62.8 mm, taken as 70 mm and the diameter D is 140 mm.
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Design of Upper Bearing Plate

The upper bearing plate is shown in Figure 4.33. The width and length of
the plate are dependent on the spacing between rollers and the length of rol-
lers as well as the allowed movement in the direction of rollers. The thick-
ness of the upper bearing plate can be determined as follows:

R, D+100) 3327.2x10° 240
Dg*@x< 5 )_ 5 x =~ =199,632,000 Nmm.

byt5 80013
4 4

M:

3

W= =200 x t; mm

The plate thickness t, can be calculated now as follows:

M _ K

Wi "mo
199,632,000 340
200x2 1.0

Then, t; =54.2 mm, taken as 60 mm, as shown in Figure 4.33.

The radius of the curved part of the upper bearing plate, which has a
length of 600 mm as shown in Figure 4.33, can be determined the same
way as that adopted for the design of the rollers:

; 550°
Ju R

1
Rd—23><R><—><—:23>< X X==33.131 X R
Eq 2 210,000 1

N Rpipvo 3,327,200
Sd 600 600

—5545.33N/mm

Then, the radius of rollers can be determined by equalizing Ngd with
Npgq as follows:

5545.33 =33.131 X R
Then, R=167.4 mm, taken as 170 mm.

Design of Lower Bearing Plate

The lower bearing plate is shown in Figure 4.33. The width and length of
the plate are dependent on the strength of concrete and are dependent on
the spacing between rollers and the length of rollers as well as the allowed
movement in the direction of rollers. The thickness of the upper bearing
plate can be determined as follows:
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R 3327.2x 10° 40
f=El —6.93MPa < 2o =40
a3b3 600 x 800 v 1.5

=26.7 MPa (for a typical concrete in bridges of C40/50 with fy)

The plate thickness 3 can be calculated from the distribution of
bending moment, caused by the pressure on the concrete foundation, as
follows:

M =112,266 N mm per unit width of the plate.

by 1x8
T T
M _ g
Wl Ymo

112,266 340

0.25x2 1.0

3

=0.25x tg mm

Then, t3=236.3 mm, taken as 40 mm, as shown in Figure 4.33.

4.2.14 Design of Hinged Line Rocker Steel Fabricated Bearings

Finally, we can now design the hinged line rocker steel fabricated bearings
shown in Figure 4.1 and detailed in Figure 4.34. The maximum vertical
reaction at the support of the main plate girder was previously calculated
under dead and live loads with dynamic effect (Rpip+¢), which was
3327.2 kN. The bearing is also subjected to a lateral force from the braking
and traction forces from tracks as well as subjected to a longitudinal force
from the reactions of the upper and lower wind bracings, which cause
moments around longitudinal and lateral directions of the bearing base,
respectively. Similar to the roller bearing, the material of construction for
the bearings is cast iron steel (ISO 3755) 340-550 having a yield stress of
340 MPa and an ultimate stress of 550 MPa. It should be noted that the over-
all height of the hinged bearing must be exactly the same as that of the roller
bearing. The general layout and assumed dimensions of the hinged line
rocker bearing are shown in Figure 4.34. It should be noted that the hinged
line rocker bearings may not be the best hinged bearings for use nowadays.
However, the main advantage of choosing this bearing is to illustrate for
readers the applied loads on hinged bearings and review of the fundamentals
of checking the stresses on hinged bearing. Steel fabricated bearings consist
of designed parts, which are the best for teaching purposes. The traction Qyy
and braking Qy, forces can be calculated as follows:
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Figure 4.34 Detailing of the hinged line rocker fabricated steel bridge bearings.

Quk =33 X L, , =33 x 30 =990 kN < 1000 [kN], for Load Models 71

Qik =20 x L, , =20 x 30 =600 < 6000 [kN],
for Load Models 71,SW /0,SW /2 and HSLM

Total the braking and traction forces (Q..) = 1590 kN (see Figure 4.34
for the direction of the forces). Also, the reactions from upper and lower
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wind bracings (R.,) (see Figure 4.34 for the direction of the forces) were
previously calculated as follows:

Riot =449.05+95.1 =544.15kN

We can now determine the normal stress distribution due to the applied
loads, shown in Figure 4.34, on the concrete foundation as follows:

M, M,
y=E

I, I,

N 3,327,200

A 950 x 1100

M, 544.15x 10° x 240

L ' 950 x 1100°/12

N

=3.18 MPa

550 =0.68 MPa

M, 1590 x 10° x 240
i GV

I, 1100 x 950° /12
finax = —3.18 —0.68 —2.31 = —6.17 MPa

frnin = —3.18 +0.68 + 2.31 = —0.19 MPa

475=2.31 MPa

The critical bending moment on the base plate of the hinged bearing is at
section s-s, shown in Figure 4.34:

M= (0.5 400 X 3.65) x 1100 x 400/3 + (0.5 x 400 x 6.17) x 1100
x 400 x2/3
= 469,040,000 N mm

Wy = 1100 x t; /4 =275¢,
M _ 5
Wo Ymo

469,040,000 340
2756 1.0

Then, t;="70.8 mm, taken as 75 mm.
The normal stresses at section s;-s;, shown in Figure 4.34, of the line
rocker bearing can be checked as follows:

M, =544.15 x 10° x 165 = 89,784,750 N mm.
M, =1590 x 10° x 165 = 262,350,000 N mm.
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N 3,327,200
=T _27.73MPa
A 150 x 800
M, 89,784,750
y=— 400 =5.61 MPa
L' 150 x 800%/12
M, 262,350,000
75 =87.45 MPa

X=—F"—
I~ 800x150°/12

fnax = —(27.73+5.61 +87.45) = —120.79 MPa < 340 MPa (Then O.K.)

4.3 DESIGN EXAMPLE OF A THROUGH TRUSS HIGHWAY
STEEL BRIDGE

The second design example presented in this chapter is for a through truss
highway steel bridge (Figure 4.35). The general layout of the through bridge
is shown in Figures 4.36 and 4.37, with a brief introduction to the bridge
components previously explained in Figure 1.21. This type of trusses is a
Pratt truss bridge first designed by Thomas and Caleb Pratt in 1844. A Pratt
truss has parallel top and bottom chords and is an efficient form of a truss
arranged such that long diagonals are subjected to tension and verticals in
compression. The truss bridge has simply supported ends with a length
between supports of 60 m. The truss bridge has an N-shaped truss with
10 equal panels of 6 m. Itis required to design the bridge adopting the design
rules specified in EC3 [1.27]. The steel material of construction of the bridge
conformed to standard steel grade EN 10025-2 (S 275) having a yield stress
of 275 MPa and an ultimate strength of 430 MPa. The dimensions and gen-
eral layout of the bridge are shown in Figures 4.36 and 4.37. The bridge has
upper and lower wind bracings of K-shaped truss members. The expected
live loads on the highway bridge conform to Load Model 1, which

al 4
16.5 i S 28 cm

| m m' ! | 14

7.5 Vo 4

,,,,,,,,,,,,,

Figure 4.35 The designed roller and hinged line rocker fabricated steel bearings.

,,,,,,,,,,,,,
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Figure 4.36 General layout of a through truss highway steel bridge (the second design
example).

represents the static and dynamic effects of vertical loading due to normal
road traffic as specified in EC1 [3.1]. The bolts used in connections and
field splices are M27 high-strength pretensioned bolts. The unit weight
of reinforced concrete slab decks used is 25 kN/m”.

4.3.1 Design of the Stringers (Longitudinal Floor Beams)

Let us start by designing the stringers, the longitudinal steel beams, support-
ing the reinforced concrete slab deck as shown in Figure 4.36.

Dead Loads
The general layout of an intermediate stringer is shown in Figure 4.38. The
dead loads acting on an intermediate stringer can be calculated as follows:

Flooring (1.75kN/m?) =1.75 x 2=3.5kN/m
Reinforced concrete slab deck (0.2 m thickness) =5 x 2=10kN/m
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Figure 4.37 General layout of a through truss highway steel bridge (the second design
example).
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Haunch (Equivalent to 1 cm slab thickness) =0.25 x 2=0.5kN/m
Own weight of stringer = 1.5kN/m
Total dead load = g, = 15.5kN/m

Assuming the stringers are simply supported by the cross girders, we can
calculate the maximum shear force and bending moment due to dead loads
on an intermediate stringer (see Figure 4.39) as follows:

Qbr. =g X L/2=155x%x6/2=46.5kN
Mp1. =g X L?/8=15.5%67/8=69.75kN m

Live Loads

The live loads acting on the highway bridge conform to Load Model 1,
which represents the static and dynamic effects of vertical loading due to
normal road traffic as specified in EC1 [3.1]. To determine the worst cases
ofloading on an intermediate stringer due to live loads, we can study a lateral
section through vehicles and a lateral section through distributed loads of
Load Model 1 acting on the bridge, as shown in Figure 4.40. From the sec-
tion through vehicles, we find that the maximum concentrated load trans-
ferred to the stringer is 200 kN, while from the section through distributed
loads, we find that the maximum distributed load transferred to the stringer is
14.34 kN/m. Therefore, the load distribution transferred to the stringer in
the longitudinal direction is as shown in Figure 4.41. Two cases of loading
for the evaluation of maximum bending moment due to live loads on a

gvk = 15.5 kN/m
EEEETEEEEEREEEXXE |

| |

46.5 kKN ﬂ.ﬂ\m\
b S.FD.

: ‘ B.M.D.

69.75 kN.m

Figure 4.39 Straining actions from dead loads acting on an intermediate stringer.
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Figure 4.40 Calculation of straining actions from live loads transferred on an
intermediate stringer.
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1
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1
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Figure 4.41 Transferred live loads on an intermediate stringer.

stringer can be studied. The first case of loading is that the centerline of the
stringer divides the spacing between the resultant of the concentrated live
loads and the closest load, with maximum bending moment calculated at
the closest load (point a in Figure 4.42), while the second case of loading
is that the centerline of the stringer is located in the middle between the
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Figure 4.42 Cases of loading for the maximum bending moment acting on an
intermediate stringer.

concentrated live loads, with maximum bending moment located at
midspan as shown in Figure 4.42:

M 1 (case of loading1) =223.02 x 2.7 —14.34 x 2.7°/2 =549.9kN m
M; 1 (case of loading2) =200 x 2.4 + 14.34 x 6°/8 =544.5kN m

There is a single case of loading for live loads to produce a maximum
shear force at the supports of the stringer, which is shown in Figure 4.43:

Qur. =403.02kN

200 kN 200 kN

14.34 kN/m
AYI I T WY 333V 3 IVIVIYR Case of loading 1
A
L
12 " 4.8
6 m
Y, = 403.02 kN Y = 83.02 kN

Figure 4.43 Cases of loading for the maximum shear force acting on a stringer.
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Bending Moment Due to Dead and Live Loads with Dynamic
Effect Added (Mgy)

Mg =Mpy. X7, + My X 7,=069.75x 1.3+549.9 x 1.35
=833.04kN'm

It should be noted that, according to ECO (BS EN 1990) [3.4], the
permanent actions of steel self~weight and superimposed load should be
multiplied by 1.2 at the ultimate limit state, while the permanent actions
of concrete weight should be multiplied by 1.35. Therefore, the total dead
load is calibrated and multiplied by 1.3. On the other hand, variable actions
comprising road traffic actions are multiplied by 1.35 at the ultimate limit
state. Once again, it should be noted that the load factors adopted in this
study are that of the ultimate limit state. This is attributed to the fact that
the finite element models presented in Chapters 6 and 7 can be used to ana-
lyze the bridges and provide more accurate predictions for the deflections
and other serviceability limit state cases of loading.

Shearing Force Due to Dead and Live Loads with Dynamic Effect Added (Qgq)
Qra=0QpL X Vg T Qur X Vq= 46.5 x 1.3 +403.02 x 1.35 =604.5kN

Design Bending Moment (Mgq) and Shear Force (Qgq)

Mgq =833.04kN m

Opq = 604.5kN for classes 1 and 2

Design of Stringer Cross Section

Wy X
M rd = W Xy
Mo
6 Wpl x 275
833.04 x 10 B —

WL = 3,029,236 mm® = 3029 cm”®

Choose UB 610 x 229 x 113 (equivalent to American W24 x 76),shownin
Figure 4.44. Wpy around x-x= 3281 cm’. To classify the cross section chosen,

235 235
I 275
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607.6 mm
573

1731
Figure 4.44 The cross-section of stringers (UB 610 x 229 x 113).

e

C;=95.85mm, =173, Ci/tg=95.85/17.3=5.54<9x0.924
=8.316 (Stringer flange is class 1)

Cy=547.6mm, t,=11.1, Ci/t3=>547.6/11.1=49.3<72x0.924
= 66.5 (Stringer web is class 1)

Check of Bending Resistance
W X f, 3281 x10°x 275
Mc,Rd = =
YMo 1.0
=902.3kNm > Mgg = 833.04kN m (Then O.K.)

= 902,275,000 N mm

Check of Shear Resistance

_A(R/V3) (573 x11.1) x (275/V3)

= =1,009,833N
VMo 1.0

= 1009.8 kN > Qgg = 604.5kN (Then O.K.)

VolL,Rd

4.3.2 Design of the Cross Girders (Lateral Floor Girders)

The cross girders (the lateral floor beams) carry concentrated loads from the
stringers as shown in Figure 4.45. Therefore, the dead and live loads acting
on an intermediate cross girder can be calculated as follows:
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Figure 4.45 Straining actions from dead loads acting on an intermediate cross girder.

Dead Loads

Intermediate reactions from stringers due to dead loads=15.5x 6 =93kN

Reeactions from stringers near supports due to dead loads =93 x 2.5/2

=116kN

Reeactions from stringers at edges due to dead loads=93 x 1.5/2=70kN

Own weight of cross girder =3.0kN/m

Assuming the cross girders are simply supported by the main plate

girders, we find that the maximum shear force and bending moment due

to dead loads on an intermediate cross girder (see Figure 4.45) are as follows:

Qpr. =320kN
MD.L. =768 kN m
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Live Loads

To determine the worst cases of loading on an intermediate cross girder due
to live loads, we can study different longitudinal sections through vehicles,
distributed loads, and sidewalks of Load Model 1 acting on the bridge, as
shown in Figure 4.46. From the different sections, we can find that the max-
imum concentrated and distributed loads transferred to the intermediate
cross girder are shown in Figure 4.46. The case of loading for the evaluation
of maximum positive bending moment due to live loads on an intermediate
cross girder can be studied, as shown in Figure 4.46. The case of loading is
that the larger concentrated load from vehicles transterred is located at the
centerline (midspan) of an intermediate cross girder, with maximum bend-
ing moment located at the midspan as shown in Figure 4.46. The maximum
positive bending moment is calculated as follows:

M; 1 (maximum positive bending moment)
=623.25x6—270x2—54x25%x1.25—15%x2.5%x3.75—-30x 1
X 5.5=2725.1kNm

The case of loading for the evaluation of maximum negative bending
moment due to live loads on an intermediate cross girder can be also studied,
as shown in Figure 4.47. The maximum negative bending moment is
calculated as follows:

|
— > |
| | i
2.5 kN/m [ 9 kN/mp| i
— — !
= 6/m F  6lm |
] N 1270 270
l Il 180 180
-] - o 90 54 KN/
] ] m 30 kN/m
0 kN/ 15 kN/
100 _:%_ 150 DI T B L) By g g MER L
i ] A 0.5 :a e B
e
—» > —i— 2m 2 2 25 2
) I 1.011.00 1 asi ¥ 1.0
: :: 6 m 1 6m
L 48 sl 48 783.75 kN ! 623.25 kN!
-~ | |
> > |
— — i
| | .
S !
|

Figure 4.46 Case of loading for maximum positive bending moment from live loads
acting on an intermediate cross girder.
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60 kKN m 60 kKN m
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Figure 4.47 Case of loading for maximum negative bending moment from live loads
acting on an intermediate cross girder.

M; 1. (maximum negative bending moment) =30 x 2 x 1 =60kNm

The case of loading for live loads to produce a maximum shear force at
the supports of an intermediate cross girder is shown in Figure 4.48. It should
be noted that for this through bridge, cars are not allowed to go on top of the
supports, which are the main trusses, by the presence of sidewalks to avoid
direct collision forces with the main trusses, as shown in Figure 4.48:

Qi =877.6kN

Bending Moment Due to Dead and Live Loads with Dynamic Effect
Added (M)

Mg =Mpy. X7, + My X7, =768 x 1.3+2725.1 x 1.35=4677.3kNm

Shearing Force Due to Dead and Live Loads with Dynamic Effect Added (Qgq)
Qra=0QpL X Yo T QL X Vq= 320%x 1.3+877.6 x 1.35=1600.8 kIN

270 270
180 180
90 90
30 kN/m 54 kN/m U lisovm| | | 30 kN/m
{IIIIIiVlll"V [2E 2K 7 +v+++v+++Il

Aﬁ_ 4= B
! Lol | DR DR PR . M
2m|, T 2 2 T 2 T T 2

|l
I
0.5 0.5 0.5 0.5
12m
937.625 kN 529.375 kN

Figure 4.48 Case of loading for maximum shearing force from live loads acting on an
intermediate cross girder.
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Design Bending Moment (Mgq) and Shear Force (Qgqy)

Mgg =4677.3kNm
Qg4 = 1600.8 kN

Design of the Cross Girder Cross Section

The cross girder is designed as a welded plate girder as shown in Figure 4.49.
The web height is taken as equal to 1500 mm, which conforms to the recom-
mended values L/(7—9)=12,000/(7—9)=1714—1333 mm. The web
plate thickness is assumed to be 14 mm. The flange width is taken as equal
to 360 mm, with a thickness of 24 mm. To classify the cross section chosen,

235 235
5 275

Ci=165mm, =24, Ci/t1=165/24=6.9<9x0.924
=8.316 (Cross girder flange is class 1).

Cy=1464mm, t, =14, Ci/ta=1464/14=104.6 <124 x 0.924
= 114.58 (Cross girder web is class 3).

v
e, 124
— t
f—
Cy =165
g y y
5] R, =
2
- 146.4
-l 1.4
v ‘
— 24

PR

36
Figure 4.49 Welded plate girder section of cross girders.
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To calculate the bending moment resistance, the elastic section modulus
should be used:

Inertia about y-y=1.4 x 150° /12 +2 x [36 x 2.4’ /12 + 36 x 2.4 x 76.2%]
=1,397,185.8 cm*

Wegt,min = 1,397,185.8/77.4=18,051.5 cm®

Check of Bending Resistance

Wemin X fy  18,051.5 x 10° x 275
VMo 1.0

M ra= =4,964,162,500 N mm

=4964.2kNm > Mgg = 4677.3kNm (Then O.K.)

Check of Shear Resistance

T]f whwtw
Vo.rd = Viw,rd + Virrd <—m——
V37w

By neglecting the flange contribution,

o 122751500 x 14
b,Rd bw,Rd > \/3 <11

=3,637,306.7 N =3637.3kN

Xw. ywhwtw
w,rd ="
n V37ui

2w =0.764 [, 1, = k.o

or = 190,000(14/1500)* = 16.55 N /mm>

ke =5.34 + 4(1500,/2000)* = 7.59

- 275

Aw=0.764/ ———=1.125>1.08
7.59 X 16.55

1.37 1.37

Then, x,, = =0.751

07+, 0.7+1.125
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0.751 x 275 x 1500 x 14

Vi rd = —2.276,347.8N = 2276.3kN
owRd V3x1.1
<3637.3kN
Vea  1600.8

M = - =0.703 < 1.0 (Then O.K.)
Vird  2276.3

4.3.3 Calculation of Forces in Truss Members

4.3.3.1 General

To calculate the design forces in the truss members, we need to calculate the
dead and live loads acting on the main truss in the longitudinal direction,
which is addressed as follows.

Dead Loads
Weight of steel structure for part of bridge between the main trusses:

wy, =1.75+ 0.04L + 0.0003L* < 3.5 kN /m?

w,, = 1.75+0.04 x 60 +0.0003 x 60> = 5.23 > 3.5 kN /m”
taken as 3.5kN/m?

Weight of steel structure for part of bridge outside the main trusses:
wy, =1+0.03L kN/m?
wg, =1+0.03 x 60 =2.8kN/m?
w,=3.5%x12/2+2.8x2=26.6kN/m
Weight of reinforced concrete decks and haunches:
wre =(0.2+0.01) x 25 x5+ (0.15+0.01) x 25 x 3=38.25kN/m

Weight of finishing (assume weight of finishing is 1.75 kN/m? for parts
between sidewalks and 1.5 kN/m? for sidewalks):

wg=1.75%x5+15%x3=1325kN/m

We can now calculate the total dead load acting on the main trusses in the
longitudinal direction (see Figure 4.50) as follows:

wp1. =26.6+38.25+13.25=78.1kN/m

g = 78.1 kKN/m
YV VVV VvV VVV VIV VIV VIV VIV VYV VVY VYV YV VYV VvV VYV VYV VV VY

Figure 4.50 Dead loads acting on main trusses.
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Live Loads

To determine the live loads acting on main trusses in the longitudinal direc-
tions, we can study different lateral sections through vehicles, distributed
loads, and sidewalks of Load Model 1 acting on the bridge, as shown in
Figure 4.51. From the lateral section shown in Figure 4.51, we can find that
the maximum concentrated and distributed loads transterred to a main truss
are 375 kN and 43.8 kN/m, respectively, as shown in Figure 4.52. We can
also calculate the negative distributed reactions acting on a main truss in the
longitudinal direction by investigating the case of loading shown in
Figure 4.53. The negative distributed load acting on a main truss is
0.83 kN/m as shown in Figure 4.54. The calculated dead and live loads

150 kN 150
100 100
5 kN/m? |9 kN/m’ |25 e 5|O 5|0 5 KN/m?
£IIIIIi"lll"V Yy VVyY +V+++V+++Il

AR > B

|
1] 2 1

Reaction from concentrated loads = 375 kN
Reaction from distributed loads = 43.8 kN/m

Figure 4.51 Maximum reactions due to live loads transferred by cross girders on main
trusses.

375 kN 375 kN

Gy = 43.8 KN/m
VYV VVVV VVIVVV VIV VVVVVIVVYIVIVVVVV VIV VIV VYV VIV VY

Figure 4.52 Live loads acting on main trusses.

Izml 12m " om |

Negative reaction from distributed loads = —0.83 kIN/m

Figure 4.53 Negative reactions due to live loads transferred by cross girders on main
trusses.
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4y = —0.83 kN/m
T F 44 A A4 A A 44 A4 A4 % F A A F A F A A4 4 A 44 4 A 4444444 43

Figure 4.54 Negative distributed live loads acting on main trusses.

can be now used to determine the forces in the members of main trusses
using the influence line method as shown in the coming sections.

4.3.3.2 Calculation of Force in the Upper Chord Member Us

To determine the force in the upper chord truss member Us (see Figure 4.55)
using the influence line method, we can follow the simple procedures of put-
ting a unit concentrated moving load at midspan (point a), and using the sec-
tioning method, we take a section s-s, as shown in Figure 4.55, and then take
the moment at point a to calculate the force in the member due to the applied
unit load. After that, we can put the previously calculated dead and live loads
acting on a main truss in the longitudinal direction. The total force in the
member will be the summation of the concentrated loads multiplied by
the companion vertical coordinate in the influence line diagram and the
summation of the distributed loads multiplied by the companion areas in
the diagram. Hence, the forces due to the dead and live loads can be calcu-
lated as follows:

Fpr.(Us) =—0.5x 60 X2 x 78.1 = —4686 kN

7.5 |

>

30 m 30 m
ok = 78.1 kN/m

vV ¥V VV VYV VVIVYVVVIVYVVYYV VIV VVVVVVVVVVIVVVVYVYV VY

375 kN : 375 kN

Gy = 43.8 kN/m
EXEEARXEXEREEAREXEARAARAARA LA AEEERREERRARERRRE R MEX N

1.2 me—|

||
30 x 30/(60 x 7.5) = 2 192

Figure 4.55 Determination of the compressive force in upper chord member Us using
the influence line method.


Figure 4.54
Figure 4.55

Design Examples of Steel and Steel-Concrete Composite Bridges 279

Fip(Us)=—375x (2+1.92) — 0.5 x 60 x 2 x 43.8 = —4098 kN
Fpa(Us) =Fpr. Xy, + FLL X7

Fia(Us) = —4686 x 1.3 — 4098 x 1.35
= —11624.1 kN (Compression force)

It should be noted that, from the equilibrium of joint J¢ (see Figure 4.55), the
force in upper chord truss member Us is equal to that of Ug. It should also be
noted that the negative distributed loads are not used since they will produce
a small tensile force, which reduces the calculated compressive force.

4.3.3.3 Calculation of Force in the Lower Chord Member Ls

To determine the force in the lower chord truss member Ls (see Figure 4.56)
using the influence line method, we put the unit concentrated load at point
a, and using the sectioning method, we take a section s-s, as shown in
Figure 4.56, and then take the moment at point a. After that, we can put
the previously calculated dead and live loads acting on a main truss in the
longitudinal direction. The forces due to the dead and live loads can be
calculated as follows:

Fp1.(Ls) =0.5X 60 x 1.92 x 78.1 = 4498.6 kN
Frp(Ls) =375 x (1.92+ 1.856) + 0.5 X 60 x 1.92 x 43.8 = 3938.9kN

7.5

>
2

24 m 36 m
gy = 78.1 kN/m

IEEEEEZEEETIEEEEZEZEEEEIEZZZAEAZEEIEAEIZEEZEEEZEEEREEEE R 22 XXX

375 kN i 375 kN

gyx = 43.8 kN/m

IEEEEEEEEEREEEAEREEEXA] 2 (EAEEEEEXZEEZEEEZEZEEEEZEEEEEEEEEXEE ]
1.2 m

+

24 x 36/(60 x 7.5) = 1.92 1.856

Figure 4.56 Determination of the tensile force in lower chord member Ls using the
influence line method.
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Frq(Ls) = Fpr. Xy, + FLr X7

Fra(Ls)maximum = 4498.6 x 1.3 + 3938.9 x 1.35
=11,165.7 kN (Tension force)

Since this member is a tensile member, we should check the minimum
force due to the negative distributed loads since they may change the force in
the member to compression:

Fr1.(Ls)(negative) = —0.5 x 60 X 1.92 x 0.83 = —47.8 kN

Fg4(Ls)minimum = 4498.6 x 1.3 —47.8 X 1.35
=5783.7kN (Tension force)

It should be noted that, from the equilibrium of the truss (see
Figure 4.56), the force in upper chord truss member Uy is equal to that
of the calculated lower chord member Ls but with a negative sign (a com-
pression force of 11,165.7 kN).

4.3.3.4 Calculation of Force in the Lower Chord Member L,

We can repeat the earlier procedures now and change the pole where the
moment is calculated to determine the force in the member, as shown in
Figure 4.57. Hence, the forces due to the dead and live loads can be calcu-
lated as follows:

7.5

>
.
t

) 18 m 42 m

gy = 78.1 kKN/m
IEEEEEEEEEREEEEEAEEEZEEZEEEAZEEEEEEZEEEEEEZEEEEEZEEEEEE AR X R

375 kN : 375 kN

v = 43.8 kKN/m

YV V¥V VYV VIV VVVVIVIIVW VY VYV VIV VIVIVVIVVVVIVVIVVVV VYV

1.2 m

18 x 42/(60 x 7.5) = 1.68 1.632

Figure 4.57 Determination of the tensile force in lower chord member L, using the
influence line method.
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FD_L_(L4) =0.5x60x1.68 x78.1=3936.2kN
Fip (Ly) =375 x (1.68 + 1.632) + 0.5 x 60 x 1.68 x 43.8 = 3449.5 kN
Frq(Ly) = FpL. X Vet FLi X7y

Fiq(Ls)maximum = 3936.2 x 1.3 +3449.5 x 1.35
=9773.9kN (Tension force)

Fi 1 (Ly)(negative) = —0.5 x 60 X 1.68 x 0.83 = —41.8kN

Fea(Ls)minimum = 3936.2 x 1.3 — 41.8 x 1.35
=5060.6 kN (Tension force)

It should be noted that, from the equilibrium of the truss (see
Figure 4.57), the force in upper chord truss member Uj is equal to that
of the calculated lower chord member L, but with a negative sign (a com-
pression force of 9773.9 kN).

4.3.3.5 Calculation of Force in the Lower Chord Member L;
The force in member L; due to the dead and live loads can be calculated, as
shown in Figure 4.58, as follows:

For (L) =0.5 % 60 X 1.28 x 78.1 = 2999 kN
F 1 (L3) =375 % (1.28 + 1.248) +0.5x60x1.28 x43.8=2629.9kN
Fra(Ls) =Fp1. % Ve T FLL X7

- !

~ i

I 1 \i -_i \ \ \ T | | - 1 B
A

s

2m 8 m !
2 = 78.1 kKN/m

vV ¥V VYV VVVVVVIVY IV YV VYV VIV VVVIVVIVVYVVVYY

375 kN : 375 kN

L

Gy = 43.8 kKN/m

YV ¥V VYV VvV VW VWV VIV VIV VIV VIV VIV VYVVVYIVVYVVVYY

12 x 48/(60 x 7.5) = 1.28 1.248

Figure 4.58 Determination of the tensile force in lower chord member L; using the
influence line method.
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Fg4(Ls)maximum = 2999 x 1.3 +2629.9 x 1.35
=7449.1 kN (Tension force)

Fi1.(Ls)(negative) = —0.5 X 60 x 1.28 x 0.83 = —31.9kN

Fiq(Ls)minimum = 2999 x 1.3 — 31.9 x 1.35
= 3855.6 kN (Tension force)

It should be noted that, from the equilibrium of the truss (see
Figure 4.58), the force in upper chord truss member U, is equal to that
of the calculated lower chord member L; but with a negative sign (a com-
pression force of 7449.1 kIN).

4.3.3.6 Calculation of Force in the Lower Chord Member L,
The force in member L, due to the dead and live loads can be calculated,
as shown in Figure 4.59, as follows:

Foor (L) = 0.5 x 60 x 0.72 x 78.1 = 1687 kN
Fip(Ls) =375 x (0.72 +0.704) + 0.5 x 60 x 0.72 x 43.8 = 1480.1 kN
Fra(Ly) =Fp1. % Ve T ELL X7

Fg4(Ly)maximum = 1687 X 1.3 + 1480.1 x 1.35
=4191.2kN (Tension force)

Fi1.(Ly)(negative) = —0.5 X 60 x 0.72 x 0.83 = —17.9kN

Fgq(Lo)minimum = 1687 x 1.3 — 17.9 x 1.35
=2168.9kN (Tension force)

Uy a!”
I .
“ ‘
- i
T Ti I \ \ \ 1 1 1 y T B
A Ly 5L, S
" 6m 54 m '

gy = 78.1 kKN/m
t¥ ¥V V¥ ¥ ¥ ¥V ¥ VYV VYV VYV VYV Y VY VYV V VYV VYV VY VY VYV VYV

375 kN: 375 kN

e = 43.8 kKN/m

f 2K 2K 2K 2 2 k7 YV ¥V VYV VY VVVVYVVY VIV VIV VIV VYVIYVYYVVVYY

6 x 54/(60 x 7.5) = 0.72 0704

Figure 4.59 Determination of the tensile force in lower chord member L, using the
influence line method.
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It should be noted that, from the equilibrium of the truss (see
Figure 4.59), the force in upper chord truss member Uy is equal to that
of the calculated lower chord member L, but with a negative sign (a com-
pression force of 4191.2 kN). It should also be noted that the force in the
lower chord member L, is zero under vertical loading.

4.3.3.7 Calculation of Force in the Diagonal Chord Member D5

To determine the force in the diagonal chord truss member D5 (see
Figure 4.60) using the influence line method, we can follow the simple pro-
cedures of putting a unit concentrated moving load at point a adjacent to
section s-s, shown in Figure 4.60, and study the equilibrium of the truss
for the other side of section s-s to calculate the force in the member. Then,
we put the unit concentrated moving load at point b adjacent to section s-s,
shown in Figure 4.60, and study the equilibrium of the truss for the other
side of section s-s to calculate the force in the member. The influence line
of the diagonal member consists of two triangles as shown in Figure 4.60
having difterent signs. After that, we can put the previously calculated dead
and live loads acting on a main truss in the longitudinal direction. It should
be noted that the live loads can be put on the negative or positive triangle to

7.5 3

>
S

X

24 m 6 m 30 m

gy = 78.1 kN/m
IEEEEEZEEEEEEEZEREREEEIREIEE XX K] VV VYV VIVIVIVIVIVVVVVYY

315 kN| | 375 kN

4y = 43.8 KN/m
YVVY VYV VvV VIV VIVIVIVVVVIVIY

375kN {375 kN «—12m
Gu = 43.8 kKN/m J
I EEEEEEEEEREEXEERREX] ¥
0.486 D312
+
! T 0641/0615
1281 o el

Figure 4.60 Determination of the force in diagonal member D5 using the influence line
method.
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produce a compressive or tensile force, respectively, while the dead loads
must be put on both triangles. Once again, the total force in the member
will be the summation of concentrated loads multiplied by the companion
vertical coordinate in the diagram and the summation of the distributed loads
multiplied by the companion area in the diagram. Hence, the forces due to
the dead and live loads can be calculated as follows:

At ye(Ds) =0.5x 33.34 x 0.641 = 10.69
A_ye(Ds) =0.5 X 26.66 x 0.512 = 6.82
Apee(D5) =10.69 — 6.82 = 3.87
Fpr.(Ds)=3.87 x 78.1 =302.2kN

Fp1.(Ds)(positive) =375 x (0.641 +0.615) + 10.69 x 43.8 + 6.82 x 0.83
—=944.9kN

Frq(Ds)maximum = F 1 Xy, + FLp X7,

Fg4(Ds)maximum = 302.2 X 1.3 +944.9 x 1.35
=1668.5kN (Tension force)

Fi 1.(Ds)(negative) = —375 x (0.512 + 0.486) — 6.82 x 43.8 — 10.69
%x0.83 =—681kN
Fgq(Ds)minimum = Fp 1 X 7, + FLi X7,

Fea(Ds)minimum = 302.2 x 1.3 — 681 x 1.35
= —526.5kN (Compression force)

It should be noted that, from the equilibrium of joint J5 (see Figure 4.60),
the force in the vertical truss member Vs is equal to that of D5 multiplied by
sinoe but with a negative sign (a compression force of 1668.5 X sin
51.34=1302.9 kN).

4.3.3.8 Calculation of Force in the Diagonal Chord Member D,
By repeating the procedures adopted for Ds, the force in the diagonal truss
member Dy can be calculated, as shown in Figure 4.61, as follows:

A ye(Dy) =05 x40 x 0.769 = 15.38
A_e(Dy) =0.5x20 x 0.384=3.84
Apee(Dy) =15.38 —3.84 =11.54
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D4I
vy \L i
~
1 1 1 {Fsino | i 1 i i | |
A Is b B
' 18 m 6 m 36 m '
gy = 78.1 KN/m
P 2 2 2 2 2 2 T 2 2 2 2 2 2 2 2 2 2 2 2 2 2 2 2 2 2 2 2 2 2 2 2 2 2 2 A
375 kN 375 kN
Gy = 43.8 KN/m
[0 AA 252K 20 20 20 2 20 2K 2 2 20 2 20 20 20 2 2 2 2 2 2 20 20 2 2 2 4
“1.2m
375 kN
Gy = 43.8 KN/m 375 kN
P2 2 2 2 2 2 2 2 2 AR 2K £
0.358: 0384 ;
R N
[J— .
1.281

Figure 4.61 Determination of the force in diagonal member D, using the influence line
method.

Fpr.(Dy)=11.54x78.1=901.3kN

Fi 1.(Dy)(positive) =375 x (0.769 +0.743) + 15.38 x 43.8 + 3.84 x 0.83
=1243.8kN
FEd(D4)maXimum =Fp1 X Ve +F 1 X g
Fgg(Dy)maximum =901.3 X 1.3 +1243.8 x 1.35
= 2850.8 kN (Tension force)
F 1.(Dy)(negative) = —375 x (0.384 + 0.358) — 3.84 x 43.8 — 15.38
x0.83 = —459.2kN

Fra(Dy)minimum = Fpp . X Vet FLL X7

Fga(Dy)minimum =901.3 X 1.3 —459.2 x 1.35
=551.8 kN (Tension force)

It should be noted that, from the equilibrium of joint J4 (see Figure 4.61),
the force in the vertical truss member V, is equal to that of D, multiplied
by sino but with a negative sign (a compression force of
2850.8 x sin 51.34=2226.1 kN).
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4.3.3.9 Calculation of Force in the Diagonal Chord Member D3
The force in the diagonal truss member D3 can be calculated, as shown in
Figure 4.62, as follows:
A o(D3) = 0.5 x 46.67 x 0.897 = 20.93
A_ve(D3) =0.5x 13.33 x 0.256 = 1.71
Apet(D3) =20.93—1.71=19.22
Fppp.(D3) =19.22 x 78.1 = 1501.1kN

Fp1.(Ds3)(positive) =375 x (0.897 +0.871) +20.93 x 43.8 + 1.71 x 0.83
—=1581.2kN

Frq(D3)maximum = F 1 Xy, + FLp X7,

Fpa(D3)maximum = 1501.1 x 1.3+ 1581.2 x 1.35
=4086.1 kN (Tension force)

Fiy1.(Ds)(negative) = —375 x (0.256 + 0.23) — 1.71 x 43.8 —20.93 X 0.83

= —2745kN
a
D,
|
7.5 V3l V!
1 1 sinod i i 1 i 1 1
|
L B
A is b
' 12m 6m 42m '
2y = 78.1 kN/m
IEEEE AR VVVVVVY VVV VYV V VYV VVVVV VIV VY VY VIV VY VYV Y
375kNj {375 kN
¢y= 43.8 kKN/m
v ¥ IEEEZEEEZEZEEIEZEEEEEEEEEEZEEEEEEEEXE)
«+12m
375 kN 275 kN
¢y = 43.8 KN/m
Y VY VY VY k2
023 _10.256. .ocien :
+
[ - - 0,897 N
R ey I L

Figure 4.62 Determination of the force in diagonal member D5 using the influence line
method.
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Fgq(D3)minimum = Fp 1| X Yo T FLL X7

Fgq(D3)minimum = 1501.1 x 1.3 —274.5 x 1.35
= 1580.9 kN (Tension force)

It should be noted that, from the equilibrium of joint J5 (see Figure 4.62),
the force in the vertical truss member V3 is equal to that of D3 multi-
plied by sino but with a negative sign (a compression force of
4086.1 xsin 51.34=3190.7 kIN).

4.3.3.10 Calculation of Force in the Diagonal Chord Member D,
The force in the diagonal truss member D, can be calculated, as shown in

Figure 4.63, as follows:

A e(Dy) =0.5 % 53.33 x 1.025 = 27.33
A_e(Dy) =0.5%6.67 x 0.128 = 0.427
Apee(D2) =27.33—0.427 = 26.9

|
i
v D,
7.5 3 i
1 _Fsinal i i i i 1 i i | |
- B
A slb :
e 6m 48 m '
gu = 78.1 kN/m
Yy VvV [EEEHEZEZEEEEEZEEZEZEEZZIEZEEZEEIZEZEEEZEZEEEEEZEEEEE AN E XX
375 kNy 1375 kN
gu = 43.8 kN/m
YV Vv k2 Vv ¥V ¥V VV VYV VVVVYVY V¥V VVYVVY VIV VYVYVVYYVYVYVVYVYY
375kN 375 kN i+
1.2im
G = 43.8 KN/
Yy ¥ v
L2m b 1.281
0,102 10028 |
/i///
1,025N—
0999
e
0.67m 5.33m

Figure 4.63 Determination of the force in diagonal member D, using the influence line
method.
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Fpy1.(Dy) =26.9 % 78.1 =2100.9kN

Frp.(D5)(positive) = 375 x (1.025 + 0.999) + 27.33 x 43.8 +0.427 x 0.83
=1956.4kN

Frq(Dz)maximum = F 1 Xy, + FLp X7,

Fgg(Dy)maximum = 2100.9 X 1.3 +1956.4 x 1.35
=5372.3kN (Tension force)

Fip.(Ds)(negative) = —375 x (0.128 + 0.102) — 0.427 x 43.8 —27.33
X 0.83 = —127.6kN

Fg4(Ds)minimum = Fp 1 X Yo T FLL X7

Fgq(D2)minimum =2100.9 x 1.3 —127.6 x 1.35
= 2558.9kN (Tension force)

Itshould be noted that, from the equilibrium ofjointJ, (see Figure 4.63), the
force in the vertical trussmember V, is equal to that of D, multiplied by sin o but
with a negative sign (a compression force of 5372.3 X sin 51.34=4195.1 kIN).

4.3.3.11 Calculation of Force in the Diagonal Chord Member D,
The force in the diagonal truss member Dy can be calculated, as shown in
Figure 4.64, as follows:

Atve(D) = Apee(D2) = 0.5 x 60 x 1.153 = 34.59
Fpr (D) =34.59 x 78.1 =2701.5kN

F1.(Dy)(positive) =375 x (1.153 + 1.127) + 34.59 x 43.8 =2370.0kN
Fgq(Dy)maximum = Fpp X Vg TFLL X7

Fg4(Dy)maximum = 2701.5 x 1.3 +2370.0 x 1.35
=6711.5kN (Tension force)

F1.(Dy)(negative) = —34.59 x 0.83 = —28.7kN
Fga(Dz)minimum = Fiy 1 Xy, + FLp X7,

Fg4(D3)minimum = 2100.9 x 1.3 —28.7 x 1.35
=2692.4kN (Tension force)
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Figure 4.64 Determination of the force in diagonal member D, using the influence line
method.

[t should be noted that, from the equilibrium of joint J; (see Figure 4.64),
the force in the vertical truss member V; is equal to that of Dy multiplied
by sin & but with a negative sign (a compression force of 6711.5 X sin
51.34=5240.8 kN).

4.3.3.12 Calculation of the Reactions at Supports
The reactions at supports can be also calculated using the influence line
method, as shown in Figure 4.65, as follows:

A o(R) = Aper(D2) = 0.5 % 60 x 1.0 =30.0
For (R)=30.0 x 78.1 =2343kN
Fip.(R)(positive) = 375 x (1.0 +0.98) +30.0 x 43.8 = 2056.5 kN
Fra(R)=Fpp. X Vet FLi X7
Fgg(R)maximum = 2343 x 1.3 +2056.5 x 1.35 =5822.2kN

Figure 4.66 summarizes the calculated forces in the truss members and
presents the commonly known distribution of forces in the N-shaped main
truss under the dead and live cases of loading.

4.3.3.13 Design of the Maximum Compression Upper Chord Member U5
After the calculation of the design forces in the main truss members, we can
now design different members of the main truss. Let us start by designing the
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Figure 4.65 Determination of the reaction Ra using the influence line method.
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Figure 4.66 Distribution of forces in the N-shaped main truss under the dead and live
cases of loading.

maximum compression upper chord member Us, shown in Figure 4.67,
carrying a compressive design force of —11,624.1 kN. It should be noted
that box sections used with truss bridges may be bolted or welded. In bolted
box sections, channels are commonly used in webs and connected to cover
flange plates using bolts. However, bolted box sections require a lot of
detailing and are time-consuming to fabricate. That is why welded box sec-
tions consisting of flange and web plates have been commonly used in brid-
ges in the last decades, particularly for continuous chord members owing to
the advanced techniques available nowadays for butt welding, while verticals
and diagonals of truss bridges can be designed as bolted members since they
are not continuous and can be assembled and erected in the construction
field to avoid transportation problems. To assume a reasonable cross section
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=436 i C=39
X i X
LTI I T I by =45
m ¥ ! m
2.4 |« :
i - |[+2.4
3.6
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Figure 4.67 The cross section of the maximum compression member Us as well as that
of the member U,.

for the upper chord compression member, the following parameters can be
considered:

a 6000
hy = =500 — 400 mm, taken as 450 mm.
12-15 12—15

b=1(0.75-0.9), hy,=1(0.75—0.9) x 450
=337.5—405mm, taken as 400 mm.

It should be noted that the spacing between gusset plates (b)) must be kept
constant for the whole truss. Let us start by assuming the upper cover plate
width of 550 mm, flange thickness of 36 mm, and web thickness of 24 mm.
After that, we design the member and check the stresses. If the section is safe
and economic, then the design is acceptable; otherwise, we change the
dimensions accordingly and repeat the procedures. To classify the cross
section chosen (see Figure 4.67),

/23 235
e= =0.924
275

b=400mm, t3 =36, b/t :400/36: 11.1 < 30.5 (Flange is Class 1)
C=390mm, t,=24, C/tg=2390/24=16.25<30.5(Web is class 1)
A=55%3.6+40%3.6+2x45x2.4=>558cm’

55%x 3.6 x24.3—40x%x3.6x16.5
e= 253 =4.36cm
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La=2x24x45/12+ [55x 3.6° /12 + 55 X 3.6 x 24.3%]
+[40 % 3.6°/12+40 X 3.6 x 16.5?] =192,940.4 cm*

I, =192,940.4 — 558 x 4.36> = 182,333 cm*
[,=3.6x55"/12+3.6 x 40° /12 + 2 x [45 x 2.4° /12 + 45 x 2.4 x 21.2%]

=166,295.2 cm*
I 182,333
= /== =18.08 cm
A 558
166,295.2
- =17.26cm
A

= lb), = 6000 mm

A1 =93.9 X 0.924 =86.7636

6000 1
172.6 86 7636

5
A=

The axial compressive force in the upper chord member Us
(Ngg=11,624.1 kN):

Ned 9
b,Rd
A
where Ny pg = X—ﬁ/
M1 |
D+

0=05[1+2(2-02)+7]

®=0.5[1+0.34(0.4—0.2) +0.4°] =0.614

1
C0.614+10.6142—0.42

0.926 x 55,800 x 275
Then, Ny pa= = =12,917,700 N

Nora = 12,917.7kN > Ngg = 11,624.1 kN (Then O.K.)

=0.926 but y<1.0
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It should be noted that the design force of member Uy is close to that
of this designed member Us; therefore, we can use the same cross section
for U4.

4.3.3.14 Design of the Compression Upper Chord Member U;
Following the same procedures adopted for the compression member
Us, we can design the compression upper chord member Uj, shown in
Figure 4.68, carrying a compressive design force of —9773.9 kN. To classify
the cross section chosen (see Figure 4.67),

235 /235
e= =0.924
275

b=400mm, tq=230, b/tg= 400/33 =13.3 <30.5 (Flange is Class 1)
C=396mm, t,=20, C/tg=396/20=19.8 <30.5(Web is class 1)
A=55x3.0+40x3.0+2 x 45 x 2.0 =465 cm”

55 % 3.0x24.0—40x3.0x18.6
e = 16 =3.72cm

La=2x2.0x45"/12+ [55x 3.0° /12 +55 X 3.6 x 24.0°]
+[40% 3.0°/12+ 40 x 3.0 x 18.6%] =167,143.95 cm*

I, =167,143.95 — 565 x 3.72%> = 160,709.1 cm*

| 55cm! |
3.04 ;
— -
e=372  iC=396
BE N R T Lo do o x
R U Y R Y hy = 45
m ¥ : m
2.0 “30 S lea0
0} n
H ¥ : :_IT2.44L
Gusset plate 11 "
i) 0
o b =40 '

Figure 4.68 The cross section of the compression member Us.
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I,=3.0%55"/12+3.0 x 40° /12 +2 x [45 X 2.0° /12 + 45 x 2.0 X 21.0°

=137,033.8 cm*
I, 160,709.1
— =18.59cm
A
1, 137,033.8
Z =17.17cm

= lb), = 6000 mm
- L,1
Jofel
i A
A1 =93.9 X 0.924 = 86.7636
6000 1
171.7 86 7636

The axial compressive force in the upper chord member Uj;
(Nga=9773.9 kN):

A=

Ned
Ny rd
A
Where Nb,Rd = X—f;,
Tmi .
J=————— but y<1.0
O+V P> )7

0=05[1+a(i-02)+ 7|

®=0.5[1+0.34(0.4—0.2) +0.4°] =0.614
1

C0.614+0.6142—0.42

0.926 x 46,500 x 275
Then, Ny pa= = =10,764,750 N

Nora = 10,764.8kN > Ngg = 9773.9kN (Then O.K.)

=0.926 but x<1.0

4.3.3.15 Design of the Compression Upper Chord Member U,

The compression member U,, shown in Figure 4.69, carrying a compressive
design force of —7449.1 kN can be designed as follows. To classify the cross
section chosen (see Figure 4.69),
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5 55cm ,
244 E
! .
r
=35 1 C=402
R 1 . e Jodlox |¥
T T O Y I I
m ) ! m E
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‘ H > l—16
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: X
7 ; || 24 14
¥ i ot
Gusset plate 1 « "
N 0
o b =40 o

Figure 4.69 The cross section of the compression member U,.

235 [235
= [T = /e =0.924
£ V275

b=400mm, tq=24, b/tnq=400/24=16.7 <30.5 (Flange is Class 1)
C=402mm, t,=16, C/tg=402/16=25<30.5(Web is class 1)
A=55X2.4+40x24+2x45x1.6=372cm’

55%x2.4x23.7—40x2.4x18.9
e = =3.53cm
372

I, =2x1.6x45"/12+ [55 x 2.4° /12 + 55 x 2.4 x 23.7°]
+[40 % 2.4°/12+ 40 x 2.4 x 18.97] =132,844.7 cm*

I, =132,844.7 — 372 x 3.53% = 128,209.2 cm”
[,=24x55"/12+2.4x40°/12+2x [45x 1.6” /12 + 45 x 1.6 x 20.87]

=108,405.9 cm*
I 128,209.2
=4/Z=4/—/—="2—18.56cm
A 372

108,405.9
——=17.07cm

= lby = 6000 mm

D>|<
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- LCr 1
i /11
A1 =93.9 % 0.924 =86.7636
- 6000 1

L=

—_— X =
170.7  86.7636

The axial compressive force in the upper chord member Uj
(Ngq=7449.1 kN):

Nj
B <10
Np,rd
A
where Ny pg = X—fy
M1 |
J=————— buty<1.0
d+VB—)°

®=0.5 [1 +o(1-0.2) +?12]

®=0.5[1+0.34(0.41—0.2) +0.41*] =0.62
1
T 0.624 062 — 041

0.922 x 37200 x 275
Then, Ni g = o =8,574,600 N

Np.ra = 8574.6 kN > Ngg = 7449.1 kN (Then O.K.)

=0.922 but 7< 1.0

4.3.3.16 Design of the Compression Upper Chord Member U,

The compression member Uy, shown in Figure 4.70, carrying a compressive
design force of —4191.2 kN can be designed as follows. To classify the cross
section chosen (see Figure 4.70),

235 /235
e= =0.924
275

b=400mm, tqg=12, b/ta=400/12=233.3 < 35.11 (Flange is Class 2)
C=414mm, t,=12, C/tg=414/12=34.5<35.11 (Web is class 2)

A=55x12+40x1.2+2x45x 1.2=222cm>
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5 55 cm: R
1.2y !
' F . I
e=265 C=414 "
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Figure 4.70 The cross section of the compression member U;.

55x1.2x23.1-40x1.2x19.5
a 222

=2.65cm

e

I,=2x1.2x45"/12+ [55x1.2°/12+ 55 x 1.2 x 23.17]
+[40x 1.2°/12+40 x 1.2 x 19.5*] =71,708.9 cm*

I, =71708.9 — 222 x 2.65*> = 70,149.9 cm*

297

[,=1.2x55/12+12x40°/12+2 x [45 x 1.2°/12+ 45 x 1.2 x 20.67]

=68,881.3cm*

) I, 70149.9

iy=1\/—= =17.78 cm
A 222

' I, 68881.3

Iy =1/—= =17.61cm
A 222

oy = by = 6000 mm

N Lcr
}\. -0
1

1
1
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A1 =93.9 X 0.924 =86.7636

= 6000 1
N=—X =
176.1  86.7636

The axial compressive force in the upper chord member Uj
(Npa=4191.2 kN):

NEd

Ny, rd

<1.0

A
where Ny pg = X—ﬁ/
M1 ,
=——"—= but y<1.0
+V P

0=05[1+a(i-02)+ 7]

®=0.5[1+0.34(0.39—0.2) +0.39*] =0.61
1

C0.61+v0.612—0392

0.922 X 22,200 x 275
Then, N g = - =5,150,400 N

Nord =5150.4kN > Ngg = 4191.2kN (Then O.K.)

=0.928 but y<1.0

4.3.3.17 Design of the Compression Vertical Member Vs

Let us now design the compression vertical member Vs, shown in
Figure 4.71, carrying a compressive design force of —1302.9 kN. To assume
a reasonable cross section for the compression vertical member, the
following parameters can be considered:

L 7500
dy= = =500 — 341 mm, taken as 350 mm.
15—22 15—-22

It should be noted that the vertical member must be inside the gusset

plates spaced at a constant distance (b) of 400 mm. Let us start by assuming
the flange thickness of 14 mm and web thickness of 10 mm. To classify the
cross section chosen (see Figure 4.71),

/23 235
e= =0.924
275
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Figure 4.71 The cross section of the vertical compression member Vs.

Ci=162mm, =14, Ci/t=162/14=11.57 <14 x 0.924
=12.9 (Flange is Class 3)

C>=356mm, t, =10, Cy/tg=2356/10=35.6 <33 x 0.924
=30.5(Web is class 1)

A=2x35x1.4+37.2x1.0=1352cm’

L=1.0x37.2°/12+2x [35x 1.4°/12+35 x 1.4 X 19.3°] = 40,810 cm”

[,=372x1°/12+2x 1.4 x 35’ /12=10,007.3 cm”

. I, 40,810

Iy =4/—= =17.37cm
A 135.2

) I 10,007.3

y=4|==1\/—F-==86cm
A 135.2

by, = 6750 mm
b = 7500 mm
- Lg1
/1 -

1 }ul

21 =93.9x0.924 =86.7636

- 6750 1
= =0.905
86 ~ 86.7636
1Afy

Tmi

where Ny pg =


Figure 4.71
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The axial compressive force in the vertical member Vj
(Ngq=1302.9 kN):

NEgd
No,rd
1

]
b+ V-]

0=05[1+2(7-02)+7]

<1.0

but ¥ < 1.0

®=0.5[1+0.49(0.905—0.2) +0.905°] =1.082

1

1= =0.597 but y<1.0
1.082 + v/ 1.082% — 0.905>

0.597 x 13520 x 275
Then, Ny ra= = =2,017,860N

Nb,rd =2017.9 kKN > Ngg = 1302.9kN (Then O.K.)

4.3.3.18 Design of the Compression Vertical Member V,
Following the same procedures adopted for the design the compression ver-
tical member Vs, we can design the vertical compression member, shown in

Figure 4.72, carrying a compressive design force of —2226.1 kN, as follows.
To classify the cross section chosen (see Figure 4.72),

/23 235
e= =\ / =0.924

Ci=352mm, tg=12, C1/tﬂ =352/12=29.3 < 30.5 (Flange is Class 1)

Figure 4.72 The cross section of the vertical compression member V,.


Figure 4.72
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Cy=163mm, t,=16, Cy/tg=163/16=10.2<30.5 (Web is class 1)

A=2x%x35%1.6+36.8x%1.2=156.2cm>

L=12x36.8"/12+2x [35x1.6°/12+35 x 1.6 x 19.2°]
=46,295.2cm*

[,=36.8x1.2°/12+2x 1.6 x 35" /12=11,438.6 cm"

I, 46295.2
=4/==4/———=17.22cm
A 156.2
y 11438.6
—= =8.56cm
A 156.2

= 6750 mm

lbx =7500 mm

A1 =93.9 X 0.924 =86.7636

6750 1
85.6 86 7636

=0.91

J=

The axial compressive force in the vertical member

(Nga=2226.1 kN):

Ned
Ny rd
vA
where Ny rg = 1Afy
Mt |
f=———— buty<1.0
b+V -7

0=05[1+a(i-02)+ 7|

®=0.5[1+0.49(0.91—0.2) +0.91*] =1.088
1

L= 2 2
1.088 +v/1.088% — 0.91

0.594 x 15620 x 275
Then, Nb,Rd = 11

—=0.594 but y < 1.0

=2,319,570 N

No,rd = 2319.6 kN > Ngg = 2226.1 kN (Then O.K.)
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4.3.3.19 Design of the Compression Vertical Member V5

The compression vertical member V3, shown in Figure 4.73, carrying a
compressive design force of —3190.7 kN can be designed as follows. To
classify the cross section chosen (see Figure 4.73),

23 /23
e= =0.924
275

Cy =336mm, =16, C1/tﬂ:336/16:21.0 < 30.5 (Flange is Class 1)

Co=159mm, t, =24, Cy/tg=159/24=06.6 <30.5(Web is class 1)
A=2x35%x2.4+352x%1.6=224.32cm?>

L=1.6x352°/12+2x [35x2.4°/12+35 X 2.4 x 18.8°]
=65,273.8 cm*

[,=352x1.6°/12+2x2.4%35°/12=17,162 cm*

I, 65,273.8
iy=4/—=4/————=17.06cm
A 224.32
I, 17162
— =8.75cm
A\ 224.32

by, = 6750 mm
Ibx = 7500 mm
- L,1

j‘ Cr
i }4

Figure 4.73 The cross section of the vertical compression member Vs.
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21 =93.9 x 0.924 =86.7636
6750 y 1
© 87.5 86.7636

The axial compressive force in the vertical member Vj
(Ngqg=23190.7 kN):

N

0.89

N,
B 10
b,Rd

1Afy

M1

where Ny pg =
1
S =
d+VP )

0=05[1+2(7-02)+7]

but ¥ < 1.0

®=0.5[1+0.49(0.89—0.2) +0.89*] =1.065
1
L= 2 2
1.065 +V1.065* — 0.89

0.606 x 22,432 x 275
Then, Ny rg= 1 =3,398,448 N

Npra = 3398.4 kN > Ngg = 3190.7 kN (Then O.K.)

=0.606 but 7 <1.0

4.3.3.20 Design of the Compression Vertical Member V,

The compression vertical member V,, shown in Figure 4.74, carrying
a compressive design force of —4195.1 kN can be designed as follows.
To classify the cross section chosen (see Figure 4.74),

d; =35cm

Figure 4.74 The cross section of the vertical compression member V,.
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235 235
I 275

Cy=156mm, =232, Ci/tgq=156/16=4.9 <30.5 (Flange is Class 1)

320mm, t, =22, Cy/tg=320/22=14.5<30.5(Web is class 1)
A=2x35x32+33.6x2.2=297.92cm?

L, =22x33.6"/12+2x [35x3.2°/12+35 x 3.2 x 18.4°] =82,983 cm"

Cy=

[,=33.6x2.2%/12+2x3.2x 35 /12=22,896.5 cm*

I, 82,983

i =\/—= =16.69cm
A 297.92
Iy 22,896.5
— =8.77cm
AV 297.92

=6750mm

lbx =7500mm

L1

i

A1 =93.9 x0.924 =86.7636

6750 1
T 877 86 7636

The axial compressive force in the
(Ngg=4195.1 kN):

z:

>)|

vertical member

Ngq

Ny.rd

<1.0

A
where Ny pg = X—fy

M
1

e
o+ V27
0=05[1+2(2-02)+7]

®=0.5[1+0.49(0.89—0.2) +0.89*] =1.065

but ¥y <1.0

1
—=0.606 but y<1.0

1,065+ V/1.0652 — 0.892




Design Examples of Steel and Steel-Concrete Composite Bridges 305

0.606 x 29,792 x 275
Then, N rg = 11 =4,513,488 N

Npra =4513.5kN > Ngg = 4195.1 kN (Then O.K.)

4.3.3.21 Design of the Compression Vertical Member V,

Let us now design the first vertical member V; shown in Figure 4.66. This
member is of great importance for this through bridge since it carries not
only the high compressive force coming from the supports but also
a bending moment coming from the analysis of the end portal frame.
The end portal frame is necessary for this through bridge to transfer wind
load coming from the upper wind bracing to the bearings. The reactions
coming from the upper wind bracing cannot be resisted by cross bracing
since it will cause an obstacle to passing traffic. Therefore, these reactions
can be transferred as shown in Figure 4.75 by an end frame action. The
end frame consists of the first vertical members of the main trusses, the edge
cross girder, and the edge member of the upper wind bracing, which has to
be an I-shaped beam section. The end portal fame can be analyzed as shown
in Figure 4.75 by assuming hinges at a distance varying from 1/3 to 1/2 of
the depth of the frame. The first vertical member V carries the compressive
design force coming from the analysis of truss under vertical dead and live
loads, which is equal to —5240.8 kN in addition to an added compressive
force of —5240.8 kNN and a bending moment of 2178.3 kN m coming from
the analysis of the end portal frame. Let us assume the cross section shown in
Figure 4.76, which is a compact class 1 cross section. The resistance to
bending moment can be calculated as follows:

Wi X
M. r4 :Lfy for classes 1 and 2
Mo

Wi =55x307/4—2x2.5x30%/4—40 x 30*/4=11,875cm’

~ Waxf  11875x10° x 275

M. pq= - =3265.6kNm >2178.3kNm
’ MO 1.0x 10

On the other hand, the resistance to compressive forces can be calculated
as follows:

A=2x55%x5+2x30x5=850cm>

L=2x5x30°/12+2x [55 x5 /12+ 55 x 5 x 17.5°] =192,083.3 cm*
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RW € B S R O O o O
6.76 m
|\+ M )
.f [T R
12m
M = 2178.3 kNm
R, \
0.23 m
T
4.5
R,/2 R,/2
< N
V =181.5 kN %
A% V
T
R,/2 R,/2
0.75 m
RW

Figure 4.75 Analysis of forces on the end portal frame for the evaluation of axial force
and bending moment on the vertical member V;.

s 1
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T T T

o
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! <
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........ I - | . A
................ S

5 Y

Figure 4.76 The cross section of the vertical compression member V;.
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I,=2x5x55"/12+2x [30 X 57 /12+30 X 5 x 22.5°] =291,145.8 cm*

) L. 192,083.3
Iy = Z: 4: 15.03 cm

Iy 291,145.8
4= ——=18.51cm

= 6750 mm
lbx =7500 mm

5 _La 1
A=
i /11
A1 =93.9x0.924 =86.7636
7500 1

(\al

T 150.3 3 86.7636

The axial compressive force in the vertical member
(Ngg=>5422.3 kN):
NEg

<1.0
Ny rd
A
where Ny pg = 1Afy
M1 )
f=————— but7<1.0
O+ VP -7

®=0.5 [1 +a(2-0.2) +12}

®=0.5[1+0.49(0.58—0.2) +0.58°] =0.733

1
y= =0.847 but < 1.0

0.733 +10.733% — 0.582

0.847 x 85,000 x 275
Then, Ny rda= 11 =17,998,750 N

Nira = 17,998.75kN > Ngg = 4195.1 kN (Then O.K.)

Vs

Check of combined axial compression and bending moment can be done

using the conservative interaction formula given in EC3 [1.27] as follows:

Neg |, Meg _ 54223 | 21783
Norda Mera 17,998.75  3265.6
< 1.0 (Then O.K.)

=0.301+0.677 =0.968
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40 cm

Vi
Figure 4.77 The cross section of the diagonal tension members Ds and D,.

4.3.3.22 Design of the Diagonal Member D

We can also design the diagonal member Ds, shown in Figure 4.77, carrying
a maximum tensile design force of 1668.5 kN and a minimum compression
force of —526.5 kIN. We can use the same cross section used for Vs and
check the safety of the member against the tensile and compressive forces
as follows.

Design as a Tension Member

The bolts used in connecting the member with gusset plates are M27 high-
strength pretensioned bolts having a clearance of 3 mm (hole diameter
=30 mm):

A=35%1.4%x2+37.2%x1=1352cm’

Apee =1352—4x3.0x 1.4=118.4 cm?
Af,  135.2x275 x 100

Nyl,rd = =3,718,000 N =3718.0 kN > Ngq
Mo 1.0
=1668.5kN
0.9A4e fu 0.9 x 11,840 x 430
w,Rd = = =3,665,664 N =3665.7 kN
’ VM2 1.25

> Niq = 1668.5kN

Design as a Compression Member
b = 9600 mm
by, = 8640 mm


Figure 4.77
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N
Jla
i M
A1 =93.9 X 0.924 =86.7636
= 8640 1
J=—X =1.158
86  86.7636

The axial compressive force in the diagonal member Ds
(Nga=526.5 kN):

Nj
B 1.0
Ny rd

1Afy

M1

where N, rd =

1
=
O+ P> — )

0 =05[1+2(3-02)+7]

but 7 < 1.0

®=0.5[1+0.49(1.158 —0.2) + 1.158°] =1.405
1

L= / 2 2
1.405+ v 1.405° —1.158
0.454 x 13,520 x 275

Then, Ny rg= 11 =1,534,520N

Np.ra = 1534.5kN > Ngg = 526.5kN (Then O.K.)

=0.454 but 1< 1.0

It should be noted that the same cross section used for member D5 can
also be used for the diagonal tension member D,.

4.3.3.23 Design of the Diagonal Tension Member D3
The diagonal member D3, shown in Figure 4.78, carrying a maximum ten-
sile design force of 4086.1 kNN can be designed adopting the same procedures
used with Dj as follows:

The bolts used in connecting the member with gusset plates are M27
high-strength pretensioned bolts having a clearance of 3 mm (hole diameter
=30 mm):

A=2x35%x2+36x1.2=183.2cm’
At =183.2—8x 3.0 x 2=135.2 cm?
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i
Figure 4.78 The cross section of the diagonal tension member Ds.

Af, 183.2x275 x 100

Np,rd =—— =5,038,000 N =5038 kIN > Ngq
’ ™Mo 1.0
=4086.1 kN
0.9A,fa 0.9 x135.2 %430
u,Rd = = =4,185,792N
’ Ym2 1.25

=4185.8 kN > Ng4 =4086.1 kN

4.3.3.24 Design of the Diagonal Tension Member D,
The diagonal member D,, shown in Figure 4.79, carrying a maximum
tensile design force of 5372.3 kN can be designed as follows:

The bolts used in connecting the member with gusset plates are M27
high-strength pretensioned bolts having a clearance of 3 mm (hole diameter
=30 mm):

A=2x35x%x2.8+34.4x%1.8=257.92cm’
At =257.92 -8 X 3.0 X 2=190.72 cm’

'y
------------ b "‘f: L YT
2.8
E £
Xl . X Q
i g
1.8 |
e 2.8
b b AN b

Vi
Figure 4.79 The cross section of the diagonal tension member D..
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Afy 257.92 x 275 x 100
Nyjyra=—>=

=7,092,800 N =7092.8 kN > Ngq

VMo 1.0
=5372.3kN
0.9A4efu 0.9 x190.72 x 100 x 430
u,Rd = = =5,904,691 N
’ VM2 1.25

=5904.7 kN > Ngg =5372.3kN

4.3.3.25 Design of the Diagonal Tension Member D;
The diagonal member Dy, shown in Figure 4.80, carrying a maximum
tensile design force of 6711.5 kN can be designed as follows:

The bolts used in connecting the member with gusset plates are M27
high-strength pretensioned bolts having a clearance of 3 mm (hole diameter

@ =30 mm):
A=2xX35%X3.2+33.6x2.4=304.64cm>

Apee = 304.64 — 8 x 3.0 X 2 =227.84 cm?
Af,  304.64 x 275 x 100

Npl,rRd =—— =8,377,600 N = 8377.6 kN > Ngq
Mo 1.0
=6711.5kN
0.9Anefu 0.9 x227.84 x 100 x 430
Ny,rd = = =7,053,926 N =7053.9kN
’ M2 1.25

> Ngg =7053.9kN

4.3.3.26 Design of the Lower Chord Member Ls
Let us now design the tensile lower chord member Ls, shown in Figure 4.81,
carrying a tensile design force of 11,165.7 kIN. To assume a reasonable cross

40 cm

Figure 4.80 The cross section of the diagonal tension member D;.
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Figure 4.81 The cross section of the lower chord tension member Ls.

section for the lower chord tension members, the following parameters can
be considered:

- L 6000
T 15-30  12-30
Once again, it should be noted that the gusset plates must be spaced at a

=500 — 200 mm, taken as 450 mm.

constant distance (b) of 400 mm. Let us start by assuming the flange and web
thicknesses of 22 mm (see Figure 4.71). It should also be noted that the gross
and net cross-sectional areas of the lower chord members are the same since
they are connected using butt weld. The design of section can be performed
adopting the same procedures used for the diagonal tension members as
follows:

A=Ape =55%x2.2+40 X 2.2+ 2 x 45 x 2.2 = 407 cm?
Afy 407 x 275 x 100

NpL,rd¢ =—— =11,192,500 N =11,192.5kN > Ngq
MO 1.0
=11,165.7kN
0.9A4efs 0.9 X407 x 100 X 430
RA= = =12,600,720 N =12,600.7 kN
’ VM2 1.25

> Npq=11,165.7kN

4.3.3.27 Design of the Lower Chord Member L,
Following the same procedures adopted for the design of the lower chord
member Ls, we can design the tensile lower chord member L,, shown in
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Figure 4.82 The cross section of the lower chord tension member L.

Figure 4.82, carrying a tensile design force of 9773.9 kN. The design of
section can be as follows:

A= Apee =55 % 2.0+ 40 x 2.0 + 2 X 45 x 2.0 = 370 cm?
Af, 370x 275 x 100

Npl,rd = =10,175,000N =1017.5kN > Ngq
VMo 1.0
=9773.9kN
0.9Anefu 0.9 x370 x 100 x 430
w,Rd = = =11,455,200N =11,455.2kN
’ VM2 1.25

> Ngg =9773.9kN

4.3.3.28 Design of the Lower Chord Member L;
The lower chord member L, shown in Figure 4.83, carrying a tensile design
force of 7449.1 kN can be designed as follows:

A=A =55%x1.6+40 x 1.6 + 2 X 45 x 1.6 = 296 cm>
Af, 296 x 100 x 275

NpL,Rd =—— =8,140,000 N = 8140 kN > Nggq
Ymo 1.0
=7449.1 kN
0.9A5efs 0.9 %296 x 100 X 430
u,Rd — = =9,164,160 N
’ M2 1.25

=9164.2kN > Ngg = 7449.1 kN
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Figure 4.83 The cross section of the lower chord tension member Ls.

4.3.3.29 Design of the Lower Chord Member L,
The lower chord member L,, shown in Figure 4.84, carrying a tensile design
force of 4191.2 kN can be designed as follows:

A=A =55%1.0+40x1.0+2x 45 x 1.0 = 185 cm?
Af,  185% 100 x 275

No,ra=— =5,087,500 N = 5087.5 kN > Ngq4
Mo 1.0
=4191.2kN
0.9Anetfa 0.9 X185 x 100 x 430
u,Rd = = =5,727,600 N =5727.6 kN
’ " 1.25

> Ngq=4191.2kN

E: b =40 :E
T
[ ¢ : [ -
T
i g
' o
g | I b ] x|
! I
1=« : a1 [T
T X
[ ? : ]
T
55 cm

Figure 4.84 The cross section of the lower chord tension members L, and L;.
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It should be noted that the thickness used (1 cm) is the minimum
thickness that can be used in bridges; therefore, this section will be used also
for the zero member—under dead and live load cases of loading, lower
chord member L;.

4.3.3.30 Design of Stringer-Cross Girder Connection

The stringer is designed as a simply supported beam on cross girders; therefore,
the connection is mainly transferring shear forces (maximum reaction from
stringers of 604.5 kN) (see Figure 4.85). Using M27 high-strength preten-
sioned bolts of grade 8.8, having f, of 800 MPa, shear area A of 4.59 cm?,
and gross area A, 0f5.73 cm®, we can determine the required number of bolts,
following the rules specified in EC3 (BS EN 1993-1-8) [2.13], as follows:

OCVfubA
Fv,Rd =

M2

0.6 % 800 x 459
Fora=—— 27— 176256 N
’ 1.25

Then, F, rqequals 176 kN (for bolts in single shear) and 353 kN (for bolts in
double shear):

ken
Fs,Rd - 'qu,C
M3
Fyp.c =0.7fuA, = 0.7 X 800 X 573 = 320,880 N
1.0x1.0x0.4
Fﬁ,Rd,ser = #320,880 = 116,6836 N.

Opiss = 604.5 kN

Ny

R
=

C—— —
Figure 4.85 The connection between a stringer and a cross girder.
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Then, F,rq=117 kN (for bolts in single shear at serviceability limit
states) and F, g g=234 kN (for bolts in double shear at serviceability limit
states). At ultimate limit states, F; g4 can be calculated as follows:

1.0x1.0x04
F, pgut=———320,880 =102,682N.
T 1.25

Then, F;rq=103 kN (for bolts in single shear at ultimate limit states)
and F, pq=206 kN (for bolts in double shear at ultimate limit states):

604.5
N; =——=2.9 taken as 3 bolts,
206
604.5
N, =———=5.9 taken as 6 bolts
103

4.3.3.31 Design of Cross Girder-Main Truss Connection

The cross girder is designed as a simply supported beam on main trusses;
therefore, once again, the connection is mainly transferring shear forces
(maximum reaction from cross girders of 1600.8 kIN) (see Figure 4.86).
We can determine the required number of bolts as follows:

1600.8
= =7.8 taken as 8 bolts,
206
1600.8
N, = =15.5 taken as 16 bolts
103

4.3.3.32 Design of Wind Bracings
Wind forces acting on the investigated through highway bridge (see
Figure 4.87) as well as any other lateral forces directly applied to the bridge

Qpepso = 1600.8 kN

:

J---

| N — - 7 b

0'30 ©
=

{1253

Ny

Figure 4.86 The connection between a cross girder and the main truss.
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~ |

Figure 4.87 Design height for upper and lower wind bracings.

are transmitted to the bearings by systems of upper and lower wind bracings
as well as end portal frames. The upper and lower wind bracings carry wind
forces on the main truss as shown in Figure 4.87. Wind bracings are quite
important to the lateral stability of the upper chord compression members
since they define the buckling outside the plane of the truss, and therefore,
wind forces applied to this bridge can be sufficiently estimated using the
design rules specified in EC1 [3.2] as follows:

1 2
Fy :_pVbCAref,x
2
Vb = Cdir X Geason X Vb,0 = 1.0x1.0x 26226m/s
Aref x =7.5 % 60 =450m"
1
Fy=5x 125 26% % 5.7 X 450 = 1,083,712.5 N = 1083.7 kN

Considering the structural analysis for the upper wind bracing system
shown in Figure 4.88, the critical design wind force in the diagonal bracing
members can be calculated as follows:

Distributed wind loads(gwr ) = 1083.7 X 0.5/60 =9.03kN/m

Ry 60m Ry
A B
Fsino ¥ - \
6
6000

N S NN S N S S N N . N . 3 N
gwi = 15.35 kN/m

Figure 4.88 Loads on the upper wind bracing.
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Factored distributed wind loads = gwr x 7,=9.03 x 1.7 =15.351kN/m

Ry =15.351 x 60/2 = 460.53kN
a=tan ' (6/6) =45°
Fp = 460.53/(2 X sin45) = 325.6 kN

The cross section of the bracing member (see Figure 4.28) can be
determined as follows:

by =8490mm, h,, =1.2 x 8490 = 10,190 mm

Choose two angles back-to-back 150 x 150 x 15, with 10 mm gusset plate
between them (Figure 4.89):

A=2x%x432=86.4cm>, iy=459cm, e=4.26cm,

i, = \/4.592 +(4.26+1/2)>=6.61 cm

235
e=141/—=0.924
275

s Lol
Joe
i A
21 =93.9 x 0.924 = 86.7636
S 8490 1
= =213
45.9 86.7636

The axial compressive force in the diagonal bracing member
(Nga=325.6 kN):

RA RB
| 60m |

Ay +B

(Ff A2t 4444445 FF 55 F 44 £ % F]
gw = 15.35kN/m

Figure 4.89 Loads on the lower wind bracing.
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N,
B 1.0
b,Rd

A
where Ny pg = X—fy

Tmi
A=2x432=86.4cm>

1
=
O+ P> -]

0=05[1+2(3-02)+7]

but 7 < 1.0

®=0.5[1+0.34(2.13—0.2) +2.13*] =3.097
1
L= 2 2
3.097 +v3.097° —2.13

0.187 x 86.4 x 100 x 275
Then, Np g = o =403,920N

Np,rd = 403.9kN > Ngg =325.6kN (Then O.K.)

=0.187 but 7< 1.0

4.3.3.33 Design of Roller Steel Fabricated Bearings

Let us now design the roller steel fabricated bearings shown in Figure 4.36
and detailed in Figure 4.90. The maximum vertical reaction at the supports
of the main truss was previously calculated under dead and live loads with
dynamic effect (Rp+p+¢), which was 5822.2 kN. The material of construc-
tion for the bearings is cast iron steel (ISO 3755) 340-550 having a yield stress
of 340 MPa and an ultimate stress of 550 MPa.

Design of the Sole Plate

The reaction (Rp+1+¢) can be assumed as two equal concentrated loads at
two points, which are the centers of gravity of half of the last vertical
member Vi, shown in Figure 4.90. To determine the centers of gravity
(distance e), we can take the first area moment around the axis z-z, shown
in Figure 4.90, as follows:

_2><27.5><5><13.75+30><5><2.5
N 425

Assuming that the thickness of the sole plate is ¢, with detailed
dimensions shown in Figure 4.90 based on the lower chord member L;

=9.78 cm

e
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262,080 N mmY~ 145:600°Y262 080 N mm

Figure 4.90 Detailing of the twin roller fabricated steel bridge bearings.
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dimensions, we can determine the maximum moment applied to the sole

plate (M) as follows:
M=Rpip+ X e/2=5822.2x10° x 97.8/2 = 284,705,580 N mm.
Section plastic modulus(Wp]) =b15/4=700 x t{/4=175 x 1;
The plate thickness #; can be calculated now as follows:
M_ 5
W Ymo

284,705,580 _ 340
175x 6 1.0

Then, t; =69.2 mm, taken as 80 mm, as shown in Figure 4.90.

Design of the Rollers

The design of rollers requires determination of the diameter, length, and
number of rollers to resist the vertical load as well as the arrangement and
allowed movement in the direction of rollers. The design axial force per unit
length of roller contact Nasq specified in BS EN 1337-1 [3.11] shall satisty

1 |
NSd < NRd

! . - . .
where Npg4 is the design value of resistance per unit length of roller contact,
which is calculated as

| 2 550 1
Ny =23 X R X x —=23x R X x—=33.131 xR
Es 7% 210,000 " 1

Assume the number of rollers is 2 and their length is 800 mm as shown in
Figure 4.33:

.\ Rpirse  5822.2x10°
472 %800 1600

Then, the radius of rollers can be determined by equalizing NISd with

=3638.9N/mm

N;w\d as follows:
3638.9=33.131 xR

Then, R=109.8 mm, taken as 110 mm and the diameter D is 220 mm.

Design of Upper Bearing Plate
The upper bearing plate is shown in Figure 4.90. The width and length of
the plate are dependent on the spacing between rollers and the length of
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rollers as well as the allowed movement in the direction of rollers.
The thickness of the upper bearing plate can be determined as follows:

Rpiive (D+100) 5822.2x10° 320

M= X ——=465,776,000 N mm.
2 2 2 2
byt; 8008
=2 =2 2004 mm’
4
The plate thickness f, can be calculated now as follows:
M_ b
Wpl Mo

465,776,000 340
200% £ 1.0

Then, t; =82.8 mm, taken as 90 mm, as shown in Figure 4.90.

The radius of the curved part of the upper bearing plate, which has a
length of 600 mm as shown in Figure 4.90, can be determined the same
way as that adopted for the design of the rollers:

, f2 o1 5507 1
Npg=23 X RX—7-X—5 =23 X R X X—-=233.131 X R
Ey4 yﬁl 210,000 1

N _Rpir+o  58222x10°
MTU600 600

Then, the radius of rollers can be determined by equalizing led with

=97036.7 N/mrn

N‘Rd as follows:
97,036.7=33.131 X R
Then, R=293 mm.

Design of Lower Bearing Plate

The lower bearing plate is shown in Figure 4.90. The width and length of
the plate are dependent on the strength of concrete and are dependent on the
spacing between rollers and the length of rollers as well as the allowed move-
ment in the direction of rollers. The thickness of the upper bearing plate can
be determined as follows:

R 5822.2 x 10° 40
f=Drre —oampa<t =2
azbs 600 x 800 7. 1.5

=26.7 MPa(for a typical concrete in bridges of C40/50 with fy)
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The plate thickness t; can be calculated from the distribution of bending
moment, caused by the pressure on the concrete foundation, as follows:

M =262,080 Nmm per unit width of the plate.

3

Py 4
M _
Wpl_VMo
262,080 340
025x2 1.0

BB IXE e 2 m
BB _IXG o5y

Then, t3=>55.5 mm, taken as 60 mm, as shown in Figure 4.90.

4.3.3.34 Design of Hinged Line Rocker Steel Fabricated Bearings
Finally, we can now design the hinged line rocker steel fabricated bearings
shown in Figure 4.36 and detailed in Figure 4.91. The maximum vertical
reaction at the support of the main plate girder was previously calculated
under dead and live loads with dynamic effect (Rpir+g), which was
5822.2 kN. The bearing is also subjected to a lateral force from the braking
forces from traffic as well as subjected to a longitudinal force from the reac-
tions of the upper and lower wind bracings, which cause moments around
the longitudinal and lateral directions of the bearing base, respectively. Sim-
ilar to the roller bearing, the material of construction for the bearings is cast
iron steel (ISO 3755) 340-550 having a yield stress of 340 MPa and an ulti-
mate stress of 550 MPa. It should be noted that the overall height of the
hinged bearing must be exactly the same as that of the roller bearing. The
general layout and assumed dimensions of the hinged line rocker bearing
are shown in Figure 4.92. The braking Q. forces can be calculated as
tollows:

Quk =360+2.7X L=360+2.7 X 60 =522kN, for Load model 1

See Figure 4.91 for the direction of the forces. Also, the reactions from
upper and lower wind bracings (R.) (see Figure 4.91 for the direction of the
forces) were previously calculated as follows:

Ry =2 X 460.53 =921.06 kN

We can now determine the normal stress distribution due to the applied
loads, shown in Figure 4.91, on the concrete foundation as follows:
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Figure 4.91 Detailing of the hinged line rocker fabricated steel bridge bearings.

N 58222x10°

A 950 x 1100

=5.57MPa
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45 cm

28

.........................

Figure 4.92 The designed roller and hinged line rocker fabricated steel bearings.

M, 921.06 x 10° x 370
L YT 950 % 1100°/12

M,  522x10°x370
TN =T o0 wos0 ot e = 117 MPa
Y

550 =1.79 MPa

1100 x 950° /12
Jmin=—5.57+1.79+1.17=—-2.61 MPa
The critical bending moment on the base plate of the hinged bearing is
at section s-s shown in Figure 4.91:
M = (0.5 x 400 x 6.04) x 1100 x 400/3 + (0.5 x 400 x 8.53) x 1100
x400 x 2/3 = 677,600,000 N mm
Wy =1100 X £; /4 =2751;
M _
W Imo
677,600,000 340
2756 1.0

Then, t,=385.1 mm, taken as 90 mm.
The normal stresses at section s;-s1, shown in Figure 4.91, of the line

rocker bearing can be checked as follows:
M, =921.06 x 10° x 280 = 257,896,800 N mm.
M, =522 x 10° x 280 = 146,160,000 N mm.

N 58222x10°

= =48.52MPa
A 150 x 800
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M, 257,896,800
—y=— 400 =16.12MPa
150 x 800°/12

I
M, 146,160,000
—X

= 75=48.72MPa
I, 800x150°/12

fmnax = —(48.52+16.12+48.72) = —113.4 MPa
< 340 MPa (Then O.K.)

4.3.3.35 Design of Joint J;
It is now possible to design the joints of the main trusses after designing all
members and knowing all details regarding the joints. Let us start by design-
ing joint J; (see Figure 4.93). For M27 high-strength pretensioned bolts
used, the following design values are calculated:

F, ra=176 kN (single shear) and 353 kN (double shear)

F,rq=117 kN (single shear) and 234 kN (double shear)

F; ;=103 kN (single shear) and 206 kN (double shear)

Number of Bolts for the Vertical Member V,
F 5240.8
Fs,ult 103

acting in single shear)

=50.9 bolts, taken as 54 bolts (27 bolts in each side

Number of Bolts for the Diagonal Member D,

F 6711.5
N(D;)=—2 = = 32.6 bolts, taken as 40 bolts (20 bolts in each side
Fs,ult 206

acting in double shear)

4.3.3.36 Design of Joint J,

Following the same procedures adopted for the design of joint J;, we can
design joint J, (see Figure 4.94) using the same M27 high-strength preten-
sioned bolts as follows.

Number of Bolts for the Vertical Member V,

F, 4195.1
—E = =40.7 bolts, taken as 48 bolts (24 bolts in each side
Fs,ult 103

acting in single shear)

N(V2) =
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Joint J,

4.150 mm

w Cover plate = 550 x 12
400 mm . 2 Web plate = 450 x 12
< Lower flange plate = 400 x 12

400 mm

R e | S Y . 2 Flange plate = 350 x 32
Cover plate = 550 x 50 . g Web plate = 336 x 24
2 Web plate = 450 x 50
Lower flange plate = 400 x 50

550 mm
1
! .
N T
! 1 !
| i .
450(mm
u
R =200mm -
10 mm thick
splice plate
Minimum
angle 15°
g
=]
(=3
=3
5

Figure 4.93 Details and drawings of the main truss joint J;.

Number of Bolts for the Diagonal Member D,

F 5372.3
L Iy bolts, taken as 32 bolts (16 bolts in each side
Fs,ult 206

acting in double shear)

N(Dy) =
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TTEIIEITE IR

*

Minimum 15°

Figure 4.94 Details and drawings of the main truss joint J,.

4.3.3.37 Design of Joint J;

Joint J5 (see Figure 4.95) can be designed using the same M27 high-strength

pretensioned bolts as follows.

Number of Bolts for the Vertical Member V3
Fgqg  3190.7

Foue 103
acting in single shear)

N(V3) =

=31 bolts, taken as 32 bolts (16 bolts in each side


Figure 4.94
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Minimum 15°

.......................

Figure 4.95 Details and drawings of the main truss joint Js.
Number of Bolts for the Diagonal Member D;

F 4086.1
T e X bolts, taken as 40 bolts (20 bolts in each side
F uie 103

acting in single shear)

N(D;) =

4.3.3.38 Design of Joint J,
Joint J, (see Figure 4.96) can be designed using the same M27 high-strength
pretensioned bolts as follows.
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" : " T \\1\34 " ' i Cover plate = 550 x 36
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2 Flange plate = 350 x 14
Web plate = 372 x 10

2 Flange plate = 350 x 16
Web plate = 368 x 12

450[mm

o

f.f.2§

3

R =20 mm

.......................

Figure 4.96 Details and drawings of the main truss joint J,.

Number of Bolts for the Vertical Member V,
F 2226.1

N(V4) — ~Ed -
F uie 103

acting in single shear)

=21.6 bolts, taken as 24 bolts (12 bolts in each side

Number of Bolts for the Diagonal Member D,
F 2850.8

N(Dy) = _Ed _ 2O9V0
F e 103

= 27.8 bolts, taken as 32 bolts (16 bolts in each side

acting in single shear)


Figure 4.96

Design Examples of Steel and Steel-Concrete Composite Bridges

331
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400 mm ! . MM 7 ower flange plate = 400 x 36
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400 mm A X
_____________ L7 2 Flange plate = 350 x 14
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Web plate = 372 x 10

450/mm

R =20 mm

Minimum 15°

Figure 4.97 Details and drawings of the main truss joint Js.

4.3.3.39 Design of Joint Js

Joint Js (see Figure 4.97) can be designed using the same M27 high-strength

pretensioned bolts as follows.

Number of Bolts for the Vertical Member V;
F 1302.9
N(Vs) = B4 _ 0V
F ue 103
acting in single shear)

=12.6 bolts, taken as 16 bolts (8 bolts in each side
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Number of Bolts for the Diagonal Member Ds

F 1668.5
N(Ds) = Fid =03 - 16.2 bolts, taken as 20 bolts (10 bolts in each side
s,ult

acting in single shear)

4.3.3.40 Design of Joint Js
Joint J4 (see Figure 4.98) can be designed using the same M27 high-strength
pretensioned bolts as follows.

550 mm 550 mm
I‘—;—’l Joint Jg I‘—’I
i Us Us :
PRV | R - ool T __}._..:._._@ R, -,.‘.‘: ...... il
" ! " " ' u Cover plate = 550 x 36
T — Vel le————— 2 Web plate = 450 x 24
400 mm i 400 mm

Lower flange plate = 400 x 36
Cover plate = 550 x 36 !

2 Web plate = 450 x 24 !

Lower flange plate = 400 x 36 350'mm

2 Flange plate = 350 x 10
‘Web plate = 380 x 10

§-=--r

Figure 4.98 Details and drawings of the main truss joint Jg.
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Number of Bolts for the Vertical Member Vg

The member is zero under the applied dead and live load cases of loading.
The number of bolts can be taken as the minimum number based on the
connection drawing. The number of connecting bolts of Vy is taken as
16 bolts (8 bolts in each side acting in single shear).

4.3.3.41 Design of Joint J,
Joint J; (see Figure 4.99) can be designed using the same M27 high-strength
pretensioned bolts as follows.

Cover plate = 550 x 50
2 Web plate = 450 x 50
Lower flange plate = 400 x 50
550 mm
EF T TT EOT P P S Cover plate = 550 x 10
2 Web plate = 450 x 10
Lower flange plate = 400 x 10

S~ S IO | B I 450|mm
"
550 mm
'.m.l
:::::w—'? """""" I'::::.
400 mmi T
Minimum /| N
angle 15° ! ?-?ri?-é i
: Ib..q..,ﬁ.p..'g,
o
Bl and L e
ERT Y L
_____ : é~-¢--::-:~:9--~:o :1::::_ g p———— ;
Pt ! i
4o po ! | e
ERIEES | ]
! i.—.! |
ammal ammal
— —

Figure 4.99 Details and drawings of the main truss joint J;.
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Number of Bolts for the Vertical Member V,
Fgq  5240.8

Fou. 103
acting in single shear)

N(Vy)= =50.9 bolts, taken as 54 bolts (27 bolts in each side

4.3.3.42 Design of Joint Jg
JointJg (see Figure 4.100) can be designed using the same M27 high-strength
pretensioned bolts as follows.

Number of Bolts for the Vertical Member V,

F 4195.1
N(V,) = —E T — 40,7 bolts, taken as 48 bolts (24 bolts in each side
F e 103
acting in single shear)
2 Flange plate = 350 x 32 Joint Jg
Web plate = 336 x 24 - 7”””% 777777
SN TEEEEEE ES o
350 ?/ i
P srzziizEeeteoits

Cover plate = 550 x 10
2 Web plate = 450 x 10
Lower flange plate = 400 x 10

2 Flange plate = 350 x 32
Web plate = 336 x 22

400 mm N v 400 mm
e : ——
R D, \L Pl

| Ny |
e ol by b J|aso|mm
—_—
550 mm

Cover plate = 550 x 10
2 Web plate = 450 x 10
Lower flange plate = 400 x 10

450/ mm

Figure 4.100 Details and drawings of the main truss joint Jg.
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Number of Bolts for the Diagonal Member D,

F 6711.5
N(Dy) = B =272 32 6 bolts, taken as 36 bolts (18 bolts in each side
Fs,ult 206

acting in double shear)

4.3.3.43 Design of Joint Jy
Joint ]y (see Figure 4.101) can be designed using the same M27 high-strength
pretensioned bolts as follows.

Number of Bolts for the Vertical Member V;

F 3190.7
N(V3) =—2% =27 — 31 bolts, taken as 32 bolts (16 bolts in each side
F; uic 103
acting in single shear)
2 Flange plate = 350 x 28 Joint J,
Web plate = 344 x 18 350 mm

2 Flange plate = 350 x 24
Web plate = 352 x 16

Cover plate = 550 x 10 %~
2 Web plate = 450 x 10

'
Lower flange plate = 400 x 10 7 :
400 mm B s ‘,\ ivw 400 mm
1 ; W . [ Ih ; it
oo D, l oo
450{mm L v L 450/ mm
R | B Pemees 14X e el il SIEIEIE PN I | N
R T oa—
550 mm

Cover plate = 550 x 16
2 Web plate = 450 x 16
Lower flange plate = 400 x 16

Minimum 15°

IR S I S a0l mm
i

| —
’ 550 mm

Figure 4.101 Details and drawings of the main truss joint Jo.
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Number of Bolts for the Diagonal Member D,

Fea 53723

N(Dy) =——=———=26 bolts, taken as 32 bolts (16 bolts in each side
Fs,ult 206

acting in double shear)

4.3.3.44 Design of Joint J;,

Joint Ji (see Figure 4.102) can be designed using the same M27 high-
strength pretensioned bolts as follows.

2 Flange plate = 350 x 20 Joint J,
Web plate = 360 x 12 ) 350 mm

Cover plate = 550 x 16
2 Web plate = 450 x 16
Lower flange plate = 400 x 16

2 Flange plate = 350 x 16
Web plate = 368 x 12

. 40Qmm 7 . v o 40Qmm
" i W “~ ¢ i : i
H i " \}\ \l/ H i "
I Lo fgsolmm T RN S I o Jf4so{mm
—
550 mm

Cover plate = 550 x 20
2 Web plate = 450 x 20
Lower flange plate = 400 x 20

Minimum 15°

450/ mm

Figure 4.102 Details and drawings of the main truss joint J;,.
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Number of Bolts for the Vertical Member V,
Frqg 2226.1

N(Vy)=——=

Fs,ult 103

acting in single shear)

=21.6 bolts, taken as 24 bolts (12 bolts in each side

Number of Bolts for the Diagonal Member D;

F 4086.1
N(Ds) = B = 39.7 bolts, taken as 40 bolts (20 bolts in each side
Foue 103

acting in single shear)

4.3.3.45 Design of Joint J;;
Joint Ji; (see Figure 4.103) can be designed using the same M27 high-
strength pretensioned bolts as follows.

Number of Bolts for the Vertical Member V5
Fgqg  1302.9

Foue 103
acting in single shear)

N(Vs)= =12.6 bolts, taken as 16 bolts (8 bolts in each side

Number of Bolts for the Diagonal Member D,

F 2850.8
N(Dy) = B =27.7 bolts, taken as 32 bolts (16 bolts in each side
Fs,ult 103

acting in single shear)

4.3.3.46 Design of Joint J;,
Joint Ji5 (see Figure 4.104) can be designed using the same M27 high-
strength pretensioned bolts as follows.

Number of Bolts for the Vertical Member Vg

The member is zero under the applied dead and live load cases of loading.
The number of bolts can be taken as the minimum number based on the
connection drawing. The number of connecting bolts of Vi is taken as
16 bolts (8 bolts in each side acting in single shear).

Number of Bolts for the Diagonal Member Ds
Fgq  1668.5

Fﬁ,ult B 103
acting in single shear)

N(Ds) = = 16.2 bolts, taken as 16 bolts (8 bolts in each side
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Joint J
2 Flange plate = 350 x 14 1
Web plate = 372 x 10 350 mm

Cover plate = 550 x 20+~
2 Web plate = 450 x 20
Lower flange plate = 400 x 20

2 Flange plate = 350 x 14
Web plate = 372 x 10

B 40Q mm . v 400 mm
i ) A R
" i " D, l H i "
- NN U R S T = GO | SO L lasomm
—
550 mm

Cover plate = 550 x 22
2 Web plate = 450 x 22
Lower flange plate = 400 x 22

Minimum 15°

L
B e

1

T

1

1

I

|

1

1

1

|

1

1
i

----------- 450/ mm

Figure 4.103 Details and drawings of the main truss joint J;;.

4.3.3.47 Design of Joint J;3

Joint Jy3 (see Figure 4.105) can be designed using the same M27 high-
strength pretensioned bolts as follows.

Number of Bolts for the Vertical Member V4
Feq 52408
N(Vy) ==
Fs,ult 103
acting in single shear)

=50.9 bolts, taken as 54 bolts (27 bolts in each side
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2 Flange plate = 350 x 14

Joint J Web plate = 372 x 10
2 Flange plate = 350 x 14 - 12 S

Web plate = 372 x 10 e 350 mm S
350&/\ JOmm e ‘\/&mm

y .::::::;..;.,....T::i:.:' RN -
2 Web plate = 450 x 22 . ;o plate = R
Lower flange plate = 400 x 22 \\ | ’-'
] 4OQ mm " \,\ : v, /, " 40Q mm .
" " A R ’ n ! "
" P " N L, " P W
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: Ny /7 ]
; L o k2 L :
O | TR 450|mm _ _ _ _ 5&"’\"’"'49 ................ oo 450|mm
' Y l
4+,|
550 mm

Cover plate = 550 x 22
2 Web plate = 450 x 22
Lower flange plate = 400 x 22

-1[450| mm

| ————
. 550 mm

N

Figure 4.104 Details and drawings of the main truss joint J;,.

4.4 DESIGN EXAMPLE OF A HIGHWAY STEEL-CONCRETE
COMPOSITE BRIDGE

The third design example presented in this chapter is for a highway steel-
concrete composite bridge. The general layout of the through bridge is
shown in Figures 4.106 and 4.107, with a brief introduction to the bridge
components previously explained in Figure 1.22. The steel-concrete com-
posite bridge has simply supported ends with a length between supports of
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Cover plate = 550 x 50
2 Web plate = 450 x 50

Joint Jq3 Lower flange plate = 400 x 50
550 mm
400 mm i
L 400 mm R D | G
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Figure 4.105 Details and drawings of the main truss joint J;s.

48 m and an overall length of 49 m. The overall width of the composite
bridge is 13 m including two sidewalks of 1 m width each. The depth of
reinforced concrete slab deck is 250 mm and the depth of the reinforced
concrete haunch is 200 mm. The concrete slab decks are supported by five
plate girders spaced at a distance of 2.5 m. The steel plate girder cross section
in the middle 24 m consists of an upper flange plate of 700 x 38 mm?, a web
plate of 1724 x 16 mm?, and a lower flange plate of 900 x 38 mm?, as shown
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1000 11,000 mm 1000

/////f’/%/

=

Composite bridge cross section

Flange shop splice Web shop splice Filed splice
r s, NG
| . 1 4
| | i
""" L>S]_|_|_1L>Szl s
500 — ” 500
11,000 TT 6000 T 6000 6000 F 6000 I'] 11,000
500 1000 1000 500
48,000 mm

Cross section S-S

1800 mm 1800 mm
16 16
———— L 30 —y L 38
T I'—'| f
700 mm 900 mm
Cross section S-S Cross section S;-S;

Figure 4.106 General layout of a highway steel-concrete composite bridge (the third
design example).

in Figure 4.106, while the steel plate girder cross section in the remaining
parts consists of an upper flange plate of 500 X 30 mm?, a web plate of
1740 x 16 mm?, and a lower flange plate of 700 x 30 mm?, as shown in
Figure 4.106. The web plate is stiffened by vertical stiffeners spaced at 1.5 m
as shown in Figure 4.107. The steel material of construction of the double-track
railway bridge conformed to standard steel grade EN 10025-2 (S 275) having a
yield stress of 275 MPa and an ultimate strength of 430 MPa. The bridge has
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Plan of lower wind bracing

Figure 4.107 General layout of a highway steel-concrete composite bridge (the third
design example).

lower wind K-shaped bracing as well as cross bracings of X-shaped truss mem-
bers as shown in Figures 4.106 and 4.107. Figure 4.106 also shows the position
of the flange and web shop splices as well as the positions of the field splices,
while Figure 4.107 shows the stiffeners of the plate girder web. The composite
action between the reinforced concrete slab deck and the steel plate girders was
achieved via headed stud shear connectors having a diameter of 25 mm and
an overall height of 300 mm. Two headed studs are welded on the top flanges
of the steel plate girders as shown in Figure 4.106. The expected live loads on
the bridge conforms to Load Model 1, which represents the static and dynamic
effects of vertical loading due to normal road traffic as specified in EC1 [3.1].
The bolts used in different connections and field splices are M27 high-strength
pretensioned bolts. Assume the unit weight of reinforced concrete slab decks is
25 kN/m’. It is required to design the composite plate girder bridge adopting
the design rules specified in EC4 [3.6]. It should be noted that composite slabs
with metal decking (profiled steel sheeting) are commonly used nowadays in
bridges owing to the elimination of formwork. However, they are quite costly
compared with traditional haunched concrete slab decks. Designers therefore
have to compare the cost of both constructions for the project under investi-
gation. Chapter 2 of this book has detailed the shear connection with solid slabs,
haunched solid slabs, and composite slabs with profiled steel sheeting, which is
suggested by the reviewer, and shear connection in floors with precast hollow
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core slabs. The author has an already published paper dealing with the behavior
of shear connection in composite slabs with profiled steel sheeting [2.71]. This
design example presents the design of composite plate girders with haunched
slab decks. The design example does not favor one construction technique over
the other.

4.4.1 Calculation of Loads Acting on the Composite Bridge

To design the composite bridge, we need to calculate the dead and live loads
acting on the bridge in the longitudinal direction, which is addressed as follows.

Dead Loads
Weight of steel structure for part of bridge between main trusses:

wy, = 1.75+ 0.04L + 0.0003L* < 3.5 kN/m*

wy, = 1.75 +0.04 x 46 + 0.0003 x 48% = 4.38
> 3.5 kN/m? taken as 3.5 kN/m?

Weight of steel structure for part of bridge outside main trusses:
wg, =1+0.03L kN/m?
wy, =1+0.03 x 48 =2.44kN/m?

w,=35%x11/5+2.44x2x1/5=8.7kN/m
Weight of reinforced concrete decks and haunches:

wre = (0.25+0.05) x 25 x 2.5=18.75kN/m
Weight of finishing (assume weight of finishing is 1.75 kN/m?):

wg=1.75%x2.5=4.375kN/m

We can now calculate the total dead load acting on an intermediate com-
posite plate girder in the longitudinal direction (see Figure 4.108) as follows:

wpr, =8.7+18.75+4.375=31.825kN/m

Since the main composite plate girders are simply supported, we can cal-
culate the maximum shear force and bending moment due to dead loads
on an intermediate composite plate girder (see Figure 4.108) as follows:

Qb =g X L/2=31.825x 48/2 =763.8 kN
Mp1. = gg X L?/8=31.825 x 48 /8 =9165.6 kN m
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" gy = 31.825 kN/m
;
A******i**i***********.*****0******0****0**']3

48.0m
Y, = 763.8 kN Yg = 763.8 kN
763.8 kN
/\”ﬂ:m\:
. S.E.D.
763.8 kKN
! B.M.D.
+
9165.6 kN m

Figure 4.108 Straining actions from dead loads acting on one intermediate composite
plate girder.

Live Loads

The live loads acting on the composite highway bridge conform to Load
Model 1, which represents the static and dynamic eftects of vertical loading
due to normal road traffic as specified in EC1 [3.1]. To determine the worst
cases of loading on an intermediate composite plate girder due to live loads,
we can study a lateral section through vehicles and a lateral section through
distributed loads of Load Model 1 acting on the bridge, as shown in
Figure 4.109. From the section through vehicles, we can find that the max-
imum concentrated load transferred to the intermediate composite plate
girder is 240 kN, while from the section through distributed loads, we
can find that the maximum distributed load transferred to the composite
plate girder is 17.3 kIN/m. Therefore, the load distribution transferred to
the composite plate girder in the longitudinal direction is as shown in
Figure 4.110. From the previous analyses, we find that the worst case of
loading for the evaluation of the maximum bending moment is that the
centerline (midspan) of the composite plate girder divides the spacing
between the resultant of the concentrated live loads and the closest load,
with maximum bending moment located at the closest load (point a in
Figure 4.111):

My =652.2%23.7—17.3%x23.7°/2=10598.5kNm
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Figure 4.109 Calculation of straining actions from live loads transferred on
intermediate composite plate girders.

240 kNt 240 kN
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1
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Figure 4.110 Transferred live loads on intermediate composite plate girders.

Also, from the previous analyses, we find that there is a single case
of loading for the live loads to produce a maximum shear force at the
supports of the intermediate composite plate girder, which is shown in
Figure 4.112:

Qrr. =889.2kN
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240 kN 240 kN
Case of loading 1

! 17.3 kN/m
AYY ¥ ¥ V¥V ¥ vV vV V¥V ¥V V¥V VIV Y vV fffifii*fi*ifiiifiVB
- a £
-I ; -I A
23.7 0'3'0'9 23.1
48 m
Y, = 6522 kN Yy = 658.2 kN

Figure 4.111 The critical case of loading for the maximum bending moment acting
on an intermediate composite plate girder.

240 kN 240 kN
Case of loading 1

17.3 kN/m
A vV VYV VVV VYV VVVV VY VVVV VVIVV VY Vfiii*ﬁiiiiiiiiiiﬁVB
A=
A
=||‘
1.2 46.8
48 m
Y, = 889.2 kN Yy = 421.2 kN

Figure 4.112 The critical case of loading for the maximum shearing force acting on an
intermediate composite plate girder.

Bending Moment Due to Dead and Live Loads with Dynamic Effect
Added (Mgqy)

Mgy =Mp 1 X 'yg + M X '))q =9165.6 x 1.3+ 10794.2 x 1.35
=26223.26kNm

It should be noted that, according to ECO (BS EN 1990) [3.4], the per-
manent actions of steel self-weight and superimposed load should be
multiplied by 1.2, while the permanent actions of concrete weight should
be multiplied by 1.35. Therefore, the total dead load is calibrated and
multiplied by 1.3. On the other hand, variable actions comprising road traftic
actions are multiplied by 1.35.

Shearing Force Due to Dead and Live Loads with Dynamic Effect Added (Qgq)
Qpa=0Qp. X Ve T QL X Vq= 763.8 x 1.3+ 889.2 x 1.35=2193.36 kN

Design Bending Moment (Mgq) and Shear Force (Qgqy)
Meq=26223.26 kN m
Qrq4 =2193.36 kN
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4.4.2 Design of the Composite Plate Girder Cross Section at
Mid- and Quarter-Span

After the evaluation of the straining actions acting on the composite bridge,

we can now design the critical cross sections of an intermediate composite

plate girder as follows.

Design of the Intermediate Composite Plate Girder Cross Section at Midspan
Following the design rules specified in EC4 [3.6], the eftective width of the
concrete slab is 2.5 m and the cross-sectional dimensions are shown in
Figure 4.113. Knowing that the design concrete strength f.4 is equal to
S/ Ve (fea=40/1.5=26.67 MPa), we can calculate the forces acting on
the composite girder as shown in Figure 4.113. The position of the plastic
neutral axis can be located from the equilibrium of these forces, assuming
an initial position in the top flange of the steel plate girder, as follows:

14,168.4 + 3173.7 + x x 700 X 275/1000 = 9405 + 7585.6
+700 x (38— x) X 275/1000

17,342.1 +192.5 x x=16,990.6 — 192.5 x x + 7315

2x192.5 X x=6963.5
Then, x=18.1 mm.

| 2500 |
i s
250 7 i i <«———— 141684 kN
200 n N <+«—— 31737kN
X T e 81 e—————— 34843 kN
B-xx 75— T19.9 738308 kN
I |
' 700
o ——— 7585.6 kN
1724 mm
—{ 16
—] i
L« 1] _f38 ————» 9405 kN

900 mm

Figure 4.113 Calculation of bending resistance at the critical mid-span section of an
intermediate composite plate girder.
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We can now calculate the design plastic moment resistance as follows:

My ra=14,168.4 x 343.1 +3173.7 x 118.1 + 3484.3 x 18.1/2
+3830.8 X 19.9/2 +7585.6 x 881.9 + 9405 x 1762.9
=128,575,456.5kN mm = 28,575.5 kN mm > 26,223.26 kN m

(Then O.K.).

Design of the Intermediate Composite Plate Girder Cross Section
at Quarter-Span

Since it is decided to reduce the cross section at quarter-span, as shown in
Figure 4.106, we should check the safety of the proposed cross section
against different stresses. Assuming the bending moment diagram is a
second-degree parabola (see Figure 4.114), we can determine the bending
moment at quarter-span as follows:

A 1\’
—— == ; then 4=6555.8kNm
26,223.26 2

The design moment at quarter-span (Mgq)=26,223.26 —6555.8=
19,667.5 kINm. We can now repeat the previous procedures adopted for the
heavier cross section for the design of the smaller steel plate girder cross
section shown in Figure 4.115:

14,168.4 + 3173.7 + x x 500 X 275,/1000
= 5775 + 7656 + 500 x (30 — x) x 275 /1000

17,342.1 +137.5 x x=13,431 —137.5 x x + 4125
2x137.5xx=213.9

Then, x=0.78 mm.
The design plastic moment resistance can be calculated as follows:

Mpira = 14,168.4 x 325.78 + 3173.7 x 100.78 + 107.3 X 0.78 /2
+4017.8 X 29.22/2 + 7656 x 899.22 + 5775 x 1784.22
=22,182,667.7kN mm =22182.7kN mm > 19,667.5kNm

(Then O.K.).
M, kKN m 26,223.26 kN m
ATT—voH0
|
12m \ 12m
24 m

Figure 4.114 Calculation of bending moment acting at quarter span.
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| 2500 |
Z 7
250 7 : 1 <«—————14,168.4 kKN
200 N 7 N «—— 31737 kN
o NN x e 2078 <+«———107.3 kN
30-x F F2022 T T40178kN
| |
' 500
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Figure 4.115 Calculation of bending resistance at the critical quarter-span section of
an intermediate composite plate girder.

Check of Shear Forces

A, 3 1740 x 16) X (275/+/3
VoLRd = (fN{o\/—> :( )1.0 ( /\/—) =4,420,193.6 N

=4420.2kN > Qgq =2193.36 kN (Then O.K.)

Design of Shear Connection

To ensure the transfer of shear stresses at the concrete slab deck-steel plate
girder interface, the shear connection between the two components is
designed in this section. This can be conducted from the elastic analysis
of the cross section at supports shown in Figure 4.116. The maximum shear
at supports (Qgg), previously calculated, is equal to 2193.36 kN. To cal-
culate the elastic section properties, the reinforced concrete sections have
to be transformed to equivalent steel sections, as shown in Figure 4.117,
using the modular ratios of the two components. After the evaluation of
the elastic section properties, the shear flow at the interface can be calculated
and assessed against the shear resistances of the headed studs to determine
the spacing between rows of shear connectors. These procedures can be
performed as follows:
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Figure 4.116 Cross section at supports of the composite plate girder.

Equivalent section
of concrete slab

250
200] s A 1597 mm
a0,
l |
e L X
1740 mm ™A,
1653 mm
- l—16
30 A ] X
700 mm

Figure 4.117 Calculation of shear forces at supports of the composite plate girder using
elastic analysis.

E;=210,000 MPa
Ecm = 35000 MPa (Short term)

210,000

Modular ratio g =———=
35,000
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Width of slab =250/6 =41.7 cm
Width of haunch=50/6=8.3cm
Ay =70x3=210cm?

Ay =174 x 1.6 =278.4cm”
A;=50x3=150cm’

A4 =8.3x20=166cm>
As =41.7 x 25 =1042.5 cm?
A=1846.9 cm?

To determine the centroid, we can take the first area moment around
the x1-x1 axis, as follows:
_ 210 x 1.5+ 278.4 x90+ 150 x 178.5+ 166 x 190 + 1042.5 x 212.5
N 1846.9

Ye
=165.3cm

I, =[70x3%/12+210 x 163.8%] + [1.6 x 174> /12 +278.4 x 75.3]
+[50 x 33 /12 + 150 x 13.2%] + [8.3 x 20 /12 + 166 x 24.77]
+[41.7 x 25° /12 4+ 1042.5 x 47.2°] = 10,425,383 cm*

Shear flow at section s-s:

_ Qpa X S 2193.36 x 10° X [166 X 24.7 + 1042.5 x 47.2] x 10°

L 10,425,383 x 10*
=1121.5N/mm

Maximum spacing between shear connectors in the longitudinal direction

235 235
(Smax) = 1571 | ——=15X 30 X |/ —=416mm
I 275

Force per two headed studs=S x 1121.5N
Force per one headed stud =S x 560.75 N
Design resistance of headed studs can be calculated as follows:

0.8fumd®/4 0.8 x 430 X 3.14 X 257 /4

=135,088 N=135.1kN
1.25

Pry=

v

a=1
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_0.290d?*\/fx B 0.29 X 1.0 x 25%1/40 X 35,000
N 7, N 1.25
=171.6kN

Rd =171,566.3N

Then, Ppy=135.1 kN.
Hence, the spacing between headed stud rows in the longitudinal
direction can be calculated as follows:

Ppy =Force per one headed stud =S x 560.75 N
135.1 x 10° = § x 560.75
Then, S=240.9 mm, taken as 240 mm <416 mm (Then O.K.).

4.4.3 Design of Wind Bracings

Wind forces acting on the composite plate girder bridge (see Figure 4.118)
are transmitted to the bearings by systems of cross and lower wind bracings.
Wind forces applied to this bridge can be sufficiently estimated using the
design rules specified in EC1 [3.2] as follows. The design rules specify a
height of 2 m on top of the concrete slab deck to be used in the calculation
of the area subjected to wind forces:

1 2
Fw = EpVb CAref,x

Vb = Cdir X Geason X Vp,0 = 1.0 X 1.0 X 26 =26m/s

Aref . = 4.25 x 49 = 208.25 m”

F,
e
R, Ry
48,000
A B
Fsina ¥ = ¥
B _IZSOO

A ftr 144 s 444 F £ F F A F A F A A A F F A A A 4 F A4 A F F A A3

w1, = 8.87 kN/m

Figure 4.118 Loads on the lower wind bracing.
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1
F, :EX 1.25 x 26° x 5.7 x 208.25 = 501,518 N = 501.5 kN

Considering the structural analysis for the upper wind bracing system
shown in Figure 4.118, the critical design wind force in the diagonal bracing
members can be calculated as follows:

Distributed wind loads (qwr ) = 501.5 x 0.5/48 = 5.22kN/m
Factored distributed wind loads = gwr X 7,=5.22 x 1.7=8.87kN/m
Ry =8.87 x 24 =212.9kN
a=tan '(2.5/3) =39.8°
Fp=212.9/(sin30.8) = 332.6 kN

The cross section of the bracing member (see Figure 4.119) can be deter-
mined as follows:
lpy = 3910mm, k,=1.2x 3910 = 4690 mm

Choose two angles back-to-back 100 x 100 x 10, with 10 mm gusset
plate between them:

A:2><19.2:38.4cn12, iy=3.05cm, ¢=2.83cm,

i, = \/3.052 +(2.8340.5)> =4.52cm

235
e=1/——=0.924
275

|
j. —_
1 }q
A1=93.9 x 0.924 =86.7636
- 3910 1
=" ————1478
30.5 86.7636
e =28.3 mm
y;._.|
( : ! ]
J | I ; 2 an'gles back-to-back
! 100 x 100 x 10
—-|§|-710 mm
»i

Figure 4.119 Lower wind bracing cross section.
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The axial compressive force in the diagonal bracing member
(Ngq=332.6 kN):
NEd

Ny, rd

<1.0

A
where Ny rg = X—fy

™M1
A=2x19.2=38.4cm>

1
=————
O+ V-7

0 =05[1+2(7-02)+7]

but 7 < 1.0

®=0.5[1+0.34(1.478 —0.2) + 1.478°] =1.81
1

X:
1.81 +v1.812 — 1.4782
0.35 x 38.4 x 100 x 275
Then, Ny rd = = =336,000

Nb.rd = 336 kN > Ngg = 332.6 kN (Then O.K.)

=0.35 but y<1.0

4.4.4 Design of Web Stiffeners

There are two types of stiffeners used to strengthen the thin web plate of the
main composite plate girder against buckling due to shear stresses, bending
stresses, or both. The stifteners at the supports are commonly known as load
bearing stiffeners, while intermediate stiffeners are commonly known as sta-
bility stiffeners (intermediate transverse stiffeners). The design of the stiff-
eners can be performed as follows:

4.4.4.1 Load Bearing Stiffeners

To design the load bearing stiffener at supports (see Figure 4.120), we can
also follow the design rules specified in EC3 [1.27, 2.11] for concentrically
loaded compression members. The axial force in the stiffener is the maxi-
mum reaction at supports (Ngg=Rp+r+e), which is equal to
2193.36 kN. The design procedures can be performed as follows:

N,
B 1.0
b,Rd

A
where Ny pg = X—ﬁ/

M1
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I 1
22 2.
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Figure 4.120 Load bearing web stiffeners at supports.

A=2x25%2.0+46.0x 1.6 =155.2cm’
L=46x1.6>/12+2x [2x25°/12+50 x 13.3*] =22,913 cm*
1

1= —/—=
b+ -7

0=05[1+2(2-02)+7]

but y < 1.0

=Y
Ner

> x EI  3.14% x 210,000 x 22,913 x 10*
N = = 5 =39,174,373 N
12 3480

- [1552x100x 275
= =0.33
\/ 39,174,373

@ =0.5[1+0.49(0.33 - 0.2) +0.33%] =0.586
1

L= 2 2
0.586 +v/0.586” —0.33

0.934 x 155.2 x 100 x 275
Then, Ny,rd = 11 =3,623,920N

=0.934 but 7< 1.0

Nb.rd = 3623.9kN > Ngg = 2193.36 kN (Then O.K.)

4.4.4.2 Intermediate Stiffeners
Intermediate stiffeners (see Figure 4.121) can be designed by choosing their

dimensions such that
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Figure 4.121 Intermediate stability web stiffeners.

a 1500
=——=0.86<V2=1.414 (Then O K.
Iy 1740 V2 (Then O.K.)
15028 1.5x174° x 1.6° .
and L; > = 5 =1438.5cm
@ 150

L;=45.6x1.6"/12+2x [1.6 X 25°/12+40 x 13.3°] = 18333.4 cm*
>1438.5 cm* (Then,0.K.)

4.4.5 Design of Field Splices

Figure 4.106 shows the locations of filed splices for the investigated bridge.
Designing the splice requires determination of size of connecting plates as
well as the number of bolts of the filed splice shown in Figure 4.122.
The area of the upper flange plate equals to 50 x 3=150 cm?; this can be
compensated by three flange splice plates having cross-sectional area of
50x 1.6 and 2% 23 x 1.6 cm” with a total area of 153.6 cm®, which is
greater than the original area. Also, the area of the lower flange plate equals
to 70 X 3=210 cm?; this can be compensated by three flange splice plates
having cross-sectional area of 70 X 1.6 and 2 x 33 x 1.6 cm” with a total area
of 217.6 cm?, which is greater than the original area, while the area of web
plate =174 x 1.6=278.4 cm” can be compensated by two web splice plates
having cross-sectional area of 2 X 170 X 1.0 cm® with a total area of 340 ¢m?,
which is governed by the minimum thickness (10 mm) of plates used in steel
bridges. The top row of bolts in the web (see Figure 4.122) is subjected to
horizontal shear from the bending moment distribution, assuming the yield
stress reached at the extreme and lower fibers of the flanges, and vertical
shear from the applied loads. Using a spacing of 8.5 cm between two adja-
cent bolts, an edge spacing of 4.25 cm and a hole of 3 cm (2.7 cm bolt
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Figure 4.122 The field splice of the main plate girder.

diameter plus 0.3 cm clearance), we can determine the horizontal shear force

(H) per bolt and the vertical shear per bolt () as follows:

H = Area from centrelines between bolts X f,
F, =275MPa
H=(85—230) x 16 x275/2=121,000N = 121 kN

I’=maximum shear resisted by web/total number of bolts.
Maximum shear resisted by web:

v v <1.2><275><1740><l6
b,Rd — Vbw,Rd >
o’ & V3x 1.1

=5,304,232 N =5304.2 kN

I =5304.2/40 =132.6 kN

The resultant of the forces per bolt (R) 1is equal to
V1212 +132.62 = 179.5kN, which is less than 206 kN (the resistance of
the bolt in double shear). Then O.K.
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Flange Splices

Maximum force in the upper flange = 150 x 275 x 100/1000 = 4125 kN
N(flange) = 4125/206 = 20 bolts (5 rows of four bolts in double shear)
Maximum force in the lower flange =210 X 275 x 100/1000 = 5775 kN

N(flange) =5775/206
=28 taken as 30 bolts (5 rows of six bolts in double shear)

4.4.6 Design of Roller Steel Fabricated Bearings

Let us now design the roller steel fabricated bearings shown in Figure 4.106
and detailed in Figure 4.123. The maximum vertical reaction at the supports
of the main plate girder was previously calculated under dead and live loads
with dynamic effect (Rpyr+9), which was 2193.36 kN. The material of
construction for the bearings is cast iron steel (ISO 3755) 340-550 having
a yield stress of 340 MPa and an ultimate stress of 550 MPa.

Design of the Sole Plate

The reaction (Rp+1+¢) can be assumed as two equal concentrated loads at
two points, which are the centers of gravity of half of the load bearing stift-
ener section shown in Figure 4.123. To determine the centers of gravity
(distance e), we can take the first area moment around the axis z-z, shown
in Figure 4.33, as follows:

2%x25x1.0x05+23.0x1.6x11.5
e= =5.16 cm
2x25x1.0+23.0x1.6

Assuming that the thickness of the sole plate is f{, with detailed dimensions

shown in Figure 4.33 based on the flange plate girder dimensions, we can
determine the maximum moment applied to the sole plate (M) as follows:

M=Rpip+ X e/2=2193.36 x 10° X 51.6/2 = 56,588,688 N mm.
Section plastic modulus (Wpl) =b1t7/4 =800 x £ /4 =200 x £}
The plate thickness #; can be calculated now as follows:
M_g
Wol Tmo

56,588,688 340
200x £ 1.0

Then, t; =28.8 mm, taken as 40 mm, as shown in Figure 4.123.
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Figure 4.123 Detailing of the twin roller fabricated steel bridge bearings.
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Design of the Rollers

The design of rollers requires determination of the diameter, length, and
number of rollers to resist the vertical load as well as the arrangement and
allowed movement in the direction of rollers. The design axial force per
unit length of roller contact Nasg specified in BS EN 1337-1 [3.11] shall

satisfy
Nyg < N

! . - . .
where Np 4 is the design value of resistance per unit length of roller contact,
which is calculated as

| f2o1 5502 1
Npg=23 X RX—7-X—5 =23 X R X X==233.131 xR
Eq 2 210,000 1

Assume the number of rollers is 2 and their length is 800 mm as shown in
Figure 4.33:

" Rpip+e 219336 X 10°
ST 2% 900 1800

Then, the radius of rollers can be determined by equalizing Nsg with

=1218.5N/mm

Nle as follows:
1218.5=33.131 X R

Then, R=237.7 mm, taken as 50 mm and the diameter D is 100 mm.

Design of Upper Bearing Plate

The upper bearing plate is shown in Figure 4.123. The width and length of
the plate are dependent on the spacing between rollers and the length of rol-
lers as well as the allowed movement in the direction of rollers. The thick-
ness of the upper bearing plate can be determined as follows:

_ Rpipte  (D+100)  2193.36 x 10° 200

M X X — =109,668,000 N mm.
2 2 2 2
baty; 90053
Wo= % = 2 — 2251% mm>
The plate thickness t, can be calculated now as follows:

M_ K
Wo Ymo
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109,668,000 340
225x£ 1.0

Then, t; =37.8 mm, taken as 50 mm, as shown in Figure 4.123.

The radius of the curved part of the upper bearing plate, which has a
length of 700 mm as shown in Figure 4.123, can be determined the same
way as that adopted for the design of the rollers:

| 2 550 1
Npg=23 X R X" x — =23 x R X X —=233.131 x R
Ey 72 210,000 " 1
. R 2193.36 x 10°
Ny =—2Lr® =3133.4N/mm
~ 700 700

Then, the radius of rollers can be determined by equalizing Nasq with
Npg g as follows:

3133.4=233.131 xR
Then, R=94.6 mm, taken as 100 mm.

Design of Lower Bearing Plate
The lower bearing plate is shown in Figure 4.123. The width and length of
the plate are dependent on the strength of concrete and are dependent on the
spacing between rollers and the length of rollers as well as the allowed move-
ment in the direction of rollers. The thickness of the upper bearing plate can
be determined as follows:
3
g=lpiLre 219336 X107 (o mpa<?e =2 56 7 Mpa (fora
asbs 600 x 900 . 15

typical concrete in bridges of C40/50 with f)

The plate thickness #; can be calculated from the distribution of bending

moment, caused by the pressure on the concrete foundation, as follows:
M=81,200Nmm per unit width of the plate:
b 1x8

=0.25 X t; mm’

T Ty
Mk
Wl Ym0
81200 340
025x2 1.0

Then, t3=230.9 mm, taken as 40 mm, as shown in Figure 4.123.
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4.4.7 Design of Hinged Line Rocker Steel Fabricated Bearings

We can also design the hinged line rocker steel fabricated bearings shown in
Figure 4.106 and detailed in Figure 4.124. The maximum vertical reaction at
the support of the main plate girder was previously calculated under dead
and live loads with dynamic effect (Rpip+g¢), which was 2193.36 kN.

x:
N : 4 _2
i 1 12
4 K
o ] N
725 17Tem 257 -5 70 cm 5 k-
| R =10cm S5, 70 cm WSS
I e [
— T e \
13.5 135]
" > le |
15 ’ 90 cm '
2193.36 kN
212.9 kN
489.6 KN ——p¥_ _ ' '
1 1 ' '
10 15 300 i 10 i . i
i \ 300 : o i | i o 90 em F o i
I s s, | Hasnal Hasnalk

S \,; Socket
0 4 ¢ .
+ ; -
© . &
i
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i
i
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X i
O 1 Y SR N | N SO
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i
i
i
i
i
\ ! \
i
i
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£ —2sTMPa | 222MPa

Figure 4.124 Detailing of the hinged line rocker fabricated steel bridge bearings.
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The bearing is also subjected to a lateral force from the braking forces of
moving traftic as well as subjected to a longitudinal force from the reactions
of the lower wind bracings, which cause moments around longitudinal and
lateral directions of the bearing base, respectively. Similar to the roller bear-
ing, the material of construction for the bearings is cast iron steel (ISO 3755)
340-550 having a yield stress of 340 MPa and an ultimate stress of 550 MPa.
It should be noted that the overall height of the hinged bearing must be
exactly the same as that of the roller bearing. The general layout and assumed
dimensions of the hinged line rocker bearing are shown in Figure 4.125. The
braking Qy forces can be calculated as follows.

Qupr=2360+2.7x 48=489.6 (see Figure 4.124 for the direction of
the forces). Also, the reactions from the lower wind bracings (R (see
Figure 4.124 for the direction of the forces) were previously calculated as
follows:

Rt =212.9kN

We can now determine the normal stress distribution due to the applied
loads, shown in Figure 4.124, on the concrete foundation as follows:

N M, M,
f=——FZy+Xx
AT LT,
N  2193.36 x 10°
— =" =2.098MPa
A 950 x 1100
M, 212.9x10°x190
—y= ———550=0.21 MPa
L 950 x 1100°/12
M,  489.6 x 10° x 190
x= ———475=0.56 MPa
I, 1100 x 950% /12

fmax = —2.098 —0.21 — 0.56 = —2.87 MPa

wd ¢

13.5 \ﬁ
e

55|

__________________________

Figure 4.125 The designed roller and hinged line rocker fabricated steel bearings.
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Jmin = —2.098+0.21 +0.56 = —1.33 MPa

The critical bending moment on the base plate of the hinged bearing is at
section s-s shown in Figure 4.124:

M= (0.5 x 400 x 2.22) x 1100 x 400/3 + (0.5 x 400 x 2.87) x 1100
X400 x 2/3 =233,493,333 N mm
Wy =1100 x t;/4=275¢;
M_ &
Wo Ymo

233,493,333 340
2756 1.0

Then, t4=49.97 mm, taken as 55 mm.
The normal stresses at section s;-s;, shown in Figure 4.124, of the line
rocker bearing can be checked as follows:

M, =212.9 x 10° x 135 = 28,741,500 N mm.
M, = 489.6 X 10° x 135 = 66,096,000 N mm.

N 2193.36 x 10°

= =16.25MPa
A~ 150 x 900
M, 28,741,500
= 450 = 1.42 MPa
L7150 x900°/12
M, 66,096,000
75=19.56 MPa

I, 900 x 150°/12

fmax = —(16.25+ 1.42 + 19.56) = —37.23 MPa < 340 MPa (Then O.K.)

4.5 DESIGN EXAMPLE OF A DOUBLE-TRACK PLATE GIRDER
PONY RAILWAY STEEL BRIDGE

The fourth design example presented in this chapter is for a double-track
open-timber floor plate girder pony railway steel bridge. The general layout
of the double-track pony bridge is shown in Figures 4.126 and 4.127. The
bridge has simply supported ends, a length between supports of 27 m, and
an overall length of 28 m. The width of the bridge (spacing between main
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Figure 4.126 General layout of a double track open-timber floor plate girder pony
railway steel bridge (the fourth design example).

plate girders) is 9 m as shown in Figure 4.126. It is required to design the
bridge components adopting the design rules specified in EC3 [1.27].
The steel material of construction of the double-track railway bridge con-
formed to standard steel grade EN 10025-2 (S 275) having a yield stress of
275 MPa and an ultimate strength of 430 MPa. The bridge has only a lower
wind bracing of K-shaped truss members as shown in Figure 4.126. In addi-
tion, the bridge has lateral shock (nosing force) bracing for the stringers as
well as braking force bracing at the level of the lower wind bracing as shown
in Figure 4.127. The lateral shock bracing eliminates bending moments
around the vertical axis of the stringers, while braking force bracing elimi-
nates bending moments around the vertical axis of the cross girder. The plate
girder web is stiffened by vertical stiffeners, to safeguard against shear stresses
and web buckling, spaced at a constant distance of 1.5 m. The expected live
loads on the bridge conform to Load Model 71, which represents the static
effect of vertical loading due to normal rail traffic as specified in EC1 [3.1].
The bolts used in connections and field splices are M27 high-strength
pretensioned bolts of grade 8.8.
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Figure 4.127 General layout of a double track open-timber floor plate girder pony
railway steel bridge (the fourth design example).

4.5.1 Design of the Stringers

Let us start by designing the stringers supporting the track as shown in
Figure 4.126.

Dead Loads
Half weight of the track load =3kN/m
Weight of stringer bracing=0.3kN/m
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Own weight of stringer = 1.5kN/m
Total dead load =g, = 4.8kN/m

Assuming the stringers are simply supported by the cross girders, we can
calculate the maximum shear force and bending moment due to dead loads
on a stringer (see Figure 4.128) as follows:

Qpr. =g X L/2=4.8%x4.5/2=10.8kN
Mpy =g X L?/8=4.8x4.5?/8=12.15kNm

Live Loads

Considering the axle live loads on the bridge components according to Load
Model 71, which represents the static effect of vertical loading due to normal
rail traffic as specified in EC1 [3.1] (see Figure 4.129), three cases of loading
for the evaluation of maximum bending moment due to the live loads on a
stringer can be studied. The first case of loading is that the centerline at mid-
span of a stringer divides the spacing between the resultant of the concen-
trated live loads and the closest load, with maximum bending moment

g = 4.8 kN/m
0 220202 2 2 2 2 2 2 2 4

| |
[ 45m I

+ - S.ED.
\LLI\”J 108 kN

\HJ—EJUJ/ B.M.D'

12.15 kN m
Figure 4.128 Straining actions from dead loads acting on a stringer.

250 250;250 250kN
¢y = 80 kN/m : ¢y = 80 kN/m

I EETEEEEEEETREEY' i PIvddddddividibiaiy

1600 ! 1600
ofe—n
800 800800 800

Figure 4.129 Axle live loads on the bridge conforming to Load Model 71 specified in
EC1 [3.1].
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located at the closest load (point a in Figure 4.130), while the second case of
loading 1s that the centerline of the stringer is located under one of the inter-
mediate concentrated loads, with maximum bending moment located at
midspan, and finally, the third case of loading is that the stringer span is cov-
ered by the distributed live loads, with maximum bending moment located
at midspan. The three cases of loading are shown in Figure 4.130:

M, ;1 (case of loading 1) =220.83 x 1.85— 125 x 1.6 =208.54kNm
My 1 (case of loading2) = 187.5 X 2.25 — 125 X 1.6 =221.875kNm
M 1 (case of loading3) =40 x 4.5*/8 = 101.25kNm

Dynamic Factor &
Assuming a track with standard maintenance, therefore,

Lo=45+3=75m

125 kN 125 kN 125 kN

A l l
) l¢ |
™ I T
025 1.6 0412 105

4.5m
Y = 220.83 kN Yp = 154.17 kN

B Case of loading 1

o & o o g

A

125 kN 125 kN 125 kN

A l B Case of loading 2
ﬁ ; o & o d
A
T
0.65 1.6 ' 1.6 0.65
4.5m
Y, = 187.5 kN Yp = 187.5 kN
Gy = 40 kN/m:
220 20 2 2 2 2 2 2 2 K Y33 ¥ B Case of loading 3
N & mm &
! A
‘ 4.5m
YA =90.0 kN Yy = 90.0 kN

Figure 4.130 Cases of loading for the maximum bending moment acting on a stringer.
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2.16
@y=—— +0.73=1.581, &;>1.0and <2.0.

v7.5—-0.2

Bending Moment Due to Dead and Live Loads with Dynamic Effect Added

(M D+L+<I>)

Mpir+o=MprL Xy, + P XMy X7y,
=12.15x 1.2+ 1.581 x 221.875 x 1.45=523.2kNm

It should be noted that the load factors adopted in this study are that of
the ultimate limit state. This is attributed to the fact that the finite element
models presented in Chapters 6 and 7 can be used to analyze the bridges and
provide more accurate predictions for the deflections and other serviceabil-

ity limit state cases of loading.

Shearing Force Due to Dead and Live Loads with Dynamic Effect Added
(QD+L+¢)

There is only a single case of loading for live loads to produce a maximum
shear force at the supports of the stringer, which is shown in Figure 4.131:

QL =241.7kN

Qp+r+e=Qpr XV, TPX QL X7y,
=10.8x 1.2+ 1.581 x241.7 x 1.45 =567 kN

Design Bending Moment (Mg4) and Shear Force (Qgq)
MEd = MD+L+(1> =523.2 kNm
Qra=Qp+r+o =567kN

125 kN 125 kN 125 kN

A g Case of loading 1

ﬁ_ o & om0 g
A

4.5m
Y, = 2417 kN Y = 1333 kN

Figure 4.131 Cases of loading for the maximum shear force acting on a stringer.
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Design of Stringer Cross Section

Wy X
M. pg= b X Jy for classes 1 and 2
Mo
o Wu X275

Wer = 1,902,545 mm® = 1902.5 cm®

Choose UB 457 x 191 X 89 (equivalent to American W18 X 60), shown in
Figure 4.132. Wpy around x-x=2014 cm’. To classify the cross section chosen,

235 235
¥, 275
Cy=80.5mm, t3=17.7, C;/tg=80.5/17.7=4.5<9x0.924

=8.316(Stringer flange is class 1)

C,=407.6mm, t, =105, C;/tg=407.6/10.5=38.8 <72 x0.924
= 66.5(Stringer web is class 1)

Check of Bending Resistance

Wy X fy 2014 % 10° x 275
Mo 1.0
=553.85kNm > Mgg =523.2kNm (Then O.K.)

M ra= =553,850,000 Nmm

17.7‘ | 191.9 mm |
| | 4
1 N [ 10.2
5 ki
C=|x X
463.4 mm| 428 4076 T T~
—- |+<10.5
C,=80.5
v « —
~ - > )

17.7%
Figure 4.132 The cross-section of stringers (UB 457 x 191 x 89).
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Check of Shear Resistance

A(f,/V3) (428 x10.5) x (275/+/3
Vil.Rd = (fhi)f)—( 1).0( /\/_):713,518.3N

=713.5kN > Qgg =567 kN (Then O.K.)

4.5.2 Design of the Cross Girders

The cross girders carry concentrated loads from the stringers as shown in
Figure 4.133. Therefore, we can analyze an intermediate cross girder as
follows:
Dead Loads
Reaction from stringers due to dead loads =4.8 x 4.5=21.6kN
Own weight of cross girder =3.0kN/m

Assuming the cross girders are simply supported by the main plate
girders, we can calculate the maximum shear force and bending moment

4.8 x45=21.6 kN 21.6 kN

Aiiiiiiiiiii*

21.6 kN 21.6 kN

' 2w = 3.0 kN/m
VI IW TV VW IV I ¥
A | N : | | k-
18 1 18 To9r ool 18 T 18
Y, = 56.7 kN S0 Y = 56.7 kN

S.E.D.

58.8 kN

B.ML.D.

1458 147 145.8

Figure 4.133 Straining actions from dead loads acting on an intermediate cross girder.
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due to dead loads on an intermediate cross girder (see Figure 4.133) as
follows:

Qp1.=3%x9/2+2x21.6=56.7kN
Mpr. =3x9%/8+21.6x1.8+21.6x3.6=147kNm

Live Loads

To determine the maximum reactions due to live loads transferred by the
stringers to the cross girders, the case of loading shown in Figure 4.134 is
studied. The maximum reaction Ry ;. can be calculated as follows:

Rpp =125+2%125x (4.5—1.6)/5+ 125 x (4.5—3.2)/5+40 x 0.5
X0.25/4.5 + 40 x 2.1 X 1.05/4.5 = 342.9kN

The maximum straining actions due to live loads on an intermediate
cross girder can be then calculated (see Figure 4.135) as follows:

QL. =2 x342.9=685.8kN
My =342.8 x1.8+342.9 x 3.6 =1851.66 kN m

Dynamic Factor @
Ly=2%x9=18m
2.16

L
T /18—02

+0.73=1.264, ®3>1.0 and <2.0.

125 kN 125 kN 125 kN 125 kN

du = 40 kKN/m o = 40 kKN/m
IV II I 99N I
— = 1= — ="
—/ — :F —/ —
L ] J 1 L
2.1 los1 16 16 | 16 1 08 105
4.5m 4.5m

Ry = 3429 kN

Figure 4.134 The case of loading producing maximum straining actions from live loads
on an intermediate cross girder.
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3429 kKN 3429 13429 kN 3429 kN

T

1 o m & g
A | | ; | A
1.8 1T 18 To9 09l 1.8 [ 18
Ya= 685.8 kN Yp = 685.8 kN
9.0 m
685.8 kN
3429 kN
+
S.F.D.
3429 kN

685.8 kN
B.ML.D.

+

1234.44 kKN m 1234.44 kN m

1851.66 1851.66
Figure 4.135 Straining actions from live loads acting on an intermediate cross girder.

Bending Moment Due to Dead and Live Loads with Dynamic Effect Added
(MD+L+<I>)

Mpir+o=Mpr Xy, + @XMy X7pg
=147x1.2+1.264 x 1851.66 X 1.45=3570.1 kN m

Shearing Force Due to Dead and Live Loads with Dynamic Effect Added
(QD+L+¢)

Qo+r+e=QprL XV, TP X QL X7
=56.7x1.2+1.264 x 685.8 x 1.45=1325kN

Since the investigated bridge is a pony bridge, therefore, there is an addi-
tional bending moment, resulting from the flexibility of the U-frame, which
must be added to the calculated bending moment due to the dead and live
loads. The additional bending moment is equal to 1/100 the maximum force
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in the compression flange of the main plate girder (F,,,,) multiplied by the
arm (r). The maximum force can be calculated as follows (Figure 4.136):

Mgpa(M.G.)  20285.7
ye  0.99 %270

Additional bending moment = (7589/100) x 2.2306 = 169.3kN m

=7589kN

Fmax =

Design Bending Moment (Mgq) and Shear Force (Qgq)
Mgy = Mp +1 + ¢ =3570.1+169.3 = 3739.4 kN m
Qra= Qp+r+0=1325 kN

Design of the Cross Girder Cross Section

Wy X
M. rq= b Xy for classes 1 and 2
™Mo
o Wax275

W = 13,597,818 mm® = 13,597.8 cm®

Choose UB 914 X 419 x 343 (equivalent to American W36 x 230),
shown in Figure 4.137. Wy around x-x = 15,480 cm”. To classify the cross

235  [235
e= == /===0.924
¥, 275
F=1/100 F,

- max 11 the main
girder compression flange F

section chosen,

\4

r=223.06 cm

Figure 4.136 Additional bending moment on cross girders due to flexibility of the
U-frame.
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418.5 mm
‘ I 1

32 | | 4
N [ 24.1
T

G, = ¥ .
911.8 mm| 847.8 799.6|— 4+~
- <194
C,=175.45
v e
O\

327 ]
f
Figure 4.137 The cross-section of cross girders (UB 914 x 419 x 343).

Ci1=175.45mm, t3=32, C;/tgq=175.45/32=5.48<9x0.924
=8.316 (Cross girder flange is class 1)

C,=799.6mm, t,=19.4, C;/tg=799.6/19.3=41.2<72x0.924
=66.5 (Cross girder web is class 1)

Check of Bending Resistance

Wo X fy 15,480 X 10° x 275
Mo 1.0

=4257kNm > Mgg = 3739.4kNm (Then O.K.)

M, rda = =4,257,000,000 N mm

Check of Shear Resistance

A, 3 847.8 x19.4) x (275//3
Vol,rd = (f;;/\/j = ( 1)0 ( /\/_) =2,611,362.8 N
™Mo .

—=2611.4kN > Qgg = 1325kN (Then O.K.)

4.5.3 Design of the Main Plate Girders

Let us now design the main plate girders supporting the cross girders as
shown in Figure 4.126. We can estimate the dead and live loads acting
on a main plate girder as follows:
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Dead Loads
Weight of steel structure =11+ 0.5 x 27 =24.5kN/m
Track load=6kN/m
Total dead load =g, = 1.8 X 24.5/2 + 6 =28.05kN/m

The main plate girders are simply supported; hence, we can calculate the
maximum shear force and bending moment due to dead loads on a main
plate girder (see Figure 4.138) as follows:

Qb1 =g X L/2=28.05x27/2=378.7kN
Mp1. = gu X L2 /8 =28.05 x 27°/8 =2556.1 kN'm

Live Loads

Considering the axle loads on the bridge components according to Load
Model 71 (see Figure 4.129), two cases of loading for the evaluation of max-
imum bending moment due to live loads on a main plate girder can be stud-
ied. The first case of loading is that the centerline of the main plate girder is
located under one of the intermediate concentrated live loads, with maxi-
mum bending moment calculated at midspan (see Figure 4.139). On the
other hand, the second case of loading is that the centerline of a main plate
girder divides the spacing between the resultant of the concentrated live

gy = 28.05
AV#VVV*V***V******'***Z*** VIV VI V¥V VYV VYV IVVYYY VYR

| 27.0m
Ya = 378.7 kN Yg = 378.7 kN
378.7 kN
T
; S.ED.
378.7 kN
: B.ML.D.
+
2556.1 kKN m

Figure 4.138 Straining actions from dead loads acting on one main plate girder.
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250250! 250 250 kN
¢ = 80 kN/m l l l l Gy = 80 kKN/m Case of loading 1
Ay T3 3333 3333333333 % I FE I EEEETEEEEETIN:]
=2

1
lesl L 1
s

T (hE)
1.1 0.8 1.6' 1.6 1.6 0.8 9.5
270 m
! I.L. for
B.M.D.
py L LT4Ts
5935

Figure 4.139 Determination of the maximum bending moment on one main plate
girder due to live loads using the influence line method (case of loading 1).

250 250:250 250 kN

gy = 80 kN/m l l l 4o = 80 kN/mCase of loading 2
%&_HHHHHHHH PITIII v i il iiigB

a'
Je k1.6 fole—ske—les]
10.7 0.8 (4121608 9.9

27.0m
Y5 = 1316.8 kKN Yp = 1331.2 kN

Figure 4.140 Determination of the maximum bending moment on one main plate
girder due to live loads using the analytical method (case of loading 2).

loads and the closest load, with maximum bending moment located at the
closest load (point a in Figure 4.140). The maximum bending moment
under the first case of loading is calculated using the influence line method
(by multiplying the concentrated loads by the companion coordinates on the
bending moment diagram and by multiplying the distributed loads by
the companion areas on the bending moment diagram), while that under
the second case of loading is calculated analytically using structural analysis.
Hence, the bending moments due to live loads can be calculated as follows:

M 1 (case of loading 1) =250 X [5.95 + 6.75 +5.95 + 5.15] + 80 x 0.5
X 9.5x475+80x0.5x11.1x5.55
=10,219.2kNm
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250 250250 250 kN ‘
l l i l ¢y = 80 kN/m Case of loading 1
A R E R EEEEE R ENTIE R ER R R R R R R R RERETY:

=

A

.IF r.l‘
1.6 1.6 1.6

ook
0.8 214
27.0 m

W\‘\Wﬂﬂwwwmﬂmmmﬂwmﬂm L.L. for

S.E.D.

(=]

Figure 4.141 Determination of the maximum shear force on one main plate girder due
to live loads using the influence line method (case of loading 1).

M 1 (case of loading2) =1316.8 x 13.1 —80 x 10.7 X 7.75 — 250 X 1.6
=10216.1kNm

There is only a single case of loading for the live loads to produce a max-

imum shear force at the supports of a main plate girder, which is shown in

Figure 4.141. Once again, we can use the influence line method to calculate

the maximum shear force due to this case of loading or analytically by taking

moment at support B and evaluate the reaction at A:

Qi =10216.1kN

Dynamic Factor &

Lp=27m
2.16

Pyi—— O
T /27—02

+0.73=1.162, &3>1.0 and <2.0.

Bending Moment Due to Dead and Live Loads with Dynamic Effect Added
(MD+L+<1>)

Mp+r+o=Mpr X+ P XMy X7,
=2556.1 x1.2+1.162 x 10219.2 x 1.45 =20285.7 kN m

Shearing Force Due to Dead and Live Loads with Dynamic Effect Added

(QD+L+<1'))

Qp+r+o=QprL X7, +PXQuL X7,
=378.7%x1.2+1.162 x 1589.6 x 1.45=3132.8 kN


Figure 4.141

Design Examples of Steel and Steel-Concrete Composite Bridges 379

Design Bending Moment (Mgq) and Shear Force (Qgy)
MEd == MD+L+ o 20,2857 kNm
Qed= Qp+r+o=3132.8kN

Design of the Main Plate Girder Cross Section

Let us assume the main plate girder cross section shown in Figure 4.16. The
cross section consists of two flange plates for the upper and lower flanges and
a web plate. The web plate height is taken as equal to L/10=27,000/
10=2700 mm, with a plate thickness of 16 mm. The width of the bottom
plate of the upper and lower flanges of the cross section is taken as 0.2
the web height, which is equal to 540 mm, while the top plate width
is taken as 500 mm, to allow for welding with the bottom flange plate.
The flange plates have the same plate thickness of 30 mm. The choice
of two flange plates for the upper and lower flanges is intended to curtail
the top flange plate approximately at quarter-span as will be detailed in the
coming sections. It should be noted that the web height value (L/10) is an
acceptable recommended [1.9] value for railway steel bridges constructed
in Great Britain and Europe. This value is an initial value for preliminary
cross-sectional estimation. The cross section has to be checked, classified,
designed, and assessed against deflection limits set by serviceability limit
states. To classify the cross section chosen,

235 [235
e= /= =1/7==0.924
R E

Cy =254mm, =60, Ci/tn=254/60=3.2<9x0.924
=8.316 (Main plate girder flange is class 1).

Cr =2684mm, t,=16, C;/tg=2684/16=167.8>124x0.924
= 114.58 (Main plate girder web is class4).

To calculate the bending moment resistance, the effective area should be
used. Considering web plate buckling, the effective area of the web part in
compression (see Figure 4.142) can be calculated as follows:

ky =23.9

. 270/1.6

T = =1.315>0.673
P 08.4%0.924 x 1/23.9
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|
4
= |+

268.4
270 cm

f———
54

Figure 4.142 Reduced cross-section of plate girder.

1.315-0.055(3— 1)

_ —0.697
p 13152

beg =0.633 X 270/2 =94 cm,

Then, b.g =0.6 X 94=56.4 cm and b.g» =0.4 X 94=37.4 cm as shown
in Figure 4.142.

To calculate the elastic section modulus, the elastic centroid of the sec-
tion has to be located by taking the first area moment, as an example, around
axis yg-yo shown in Figure 4.143, as follows:

A=54%x3%x2+50%x3x2+191.4%x 1.6 +37.6 X 1.6 =990.4 cm>

50x3x1.5+54x3x45+191.4x 1.6 x101.7+37.6
X1.6 Xx257.2+54x3x%x277.5+50x 3 x280.5

990.4

Ye =

Yo =136 cm
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50

|'—’| ‘
_ :
T
37.6
qr
41
146
Jr B
56.4
270 cm Y_ox_H.._._)
a1 »
—l 1.6
136 135
P ——

———

54

Figure 4.143 Calculation of properties of area for main plate girder.

Inertia about yj-y; = [50 X 33 /12 + 50 x 3 x 134.57]
+[54 x 3% /12 + 54 x 3 x 131.57]
+[1.6 X 191.4% /12 + 1.6 X 191.4 x 34.37]
+[1.6 X 37.63 /12 + 1.6 x 37.6 x 121.2]
+[54 x 3% /12 + 54 x 3 x 141.57]
+[50 x 3% /12 4+ 50 x 3 x 144.5%] = 14,076,983.3 cm*
W et min = 14,076,983.3/146 = 96417.7 cm’

Check of Bending Resistance

Wett,min X fy  96,417.7 x 10° x 275
Mo N 1.0

=26514.9kNm > Mgg = 20,285.7kNm (Then O.K.)

M rda= =26,514,900,000 N mm
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Check of Shear Resistance
n_}glwhwtw
\/5"/1\/11

Vo rd = Vow,rd T Vor,rd <

By neglecting the flange contribution,

1.2x275 %2700 x 16
15,Rd = Vow,ra < NER

=7,482,459.6 N

Vb Rd= Xw_f;/vvhw tw
. \/EVMl

Jow =0.76 fy—w, Tor = keOg
\/ Ter

o = 190,000(16/2700)* = 6.672 N /mm>
ke = 4 +5.34(2700/1500)% = 21.3

= 275
Aw=0.764 | ——————-==1.057>1.08
21.3x6.672

0.83
Then, Iw — m =0.785

L 0.785X275% 2700 16
o V3x 1.1
<7482.5kN

Ve 31328
BT Vo 48948

=4,894,800 N=4894.8 kN

=0.64 < 1.0 (Then O.K.)

It should be noted that for this type of bridges, it is recommended that
further checks regarding the assessment of fatigue loading have to be per-
formed. However, this can be done using advanced finite element modeling

of the bridge.

4.5.4 Curtailment (Transition) of the Flange Plates of the Main
Plate Girder

The critical cross section of the main plate girder at midspan, which is sub-

jected to the maximum bending moment, was designed previously with two

flange plates. Since the main plate girder is simply supported, the bending

moment is decreased towards the supports. Therefore, we can stop the

top flange plate at a certain distance to get the most benefit from the material.
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This process is commonly called as curtailment (transition) of flange plates.
It should be noted that, theoretically, curtailment (transition) of flange plates
can be conducted by reducing the flange plate width, thickness, or both.
However, in practice, fabricators prefer to keep the flange widths constant
and vary the thickness because this option costs much less than reducing the
flange width, which might require a very heavy grinding work. To avoid
lateral torsional buckling of the compression top flange at the reduction
zone, it is recommended practically to reduce the width or thickness by
40% of the original with a smooth transition zone sloping at 1 (vertical)
to 10 (horizontal). It is also recommended that bridges with lengths of
20-30 m are curtailed in one step, while for bridges with spans greater than
30 m, two steps of curtailment (transition) are recommended. For the inves-
tigated design example, we can conduct one-step curtailment by reducing
the top flange plate of the upper and lower flanges, as shown in Figure 4.144.
To classify the reduced cross section,

235 [235
e= | =1/7==0.924
R E

* i 3
T
36.7
Jr
55
145.3
Jl_ 7
57
270 cm RAE S I
N1 1
-l |16
130.7 135
~ L ] .
Yo —-ovou— S0
54

Figure 4.144 Calculation of properties of area for curtailed main plate girder.
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Cy =254mm, tq=230, Ci/tg=254/30=8.47 (Class2).

Cy =2684mm, f, =16, C;/tg=2684/16=167.75>124 x 0.924
=114.58 (Class 4).

To calculate the bending moment resistance, the effective area should be
used. Considering web plate buckling, the effective area of the part of web
plate in compression (see Figure 4.144) can be calculated as follows:

ke =239

- 270/1.6

Ay = =1.315>0.673
28.4 x0.924 x 4/23.9

4p

 1.315-0.055(3— 1)

13152 =0.697

bef = 0.697 X 270/2 =94 cm,

Then, b.g =0.6 X 94=56.4 cm and b.g» =0.4 X 94=37.6 cm as shown
in Figure 4.144.

To calculate the elastic section modulus, the elastic centroid of the sec-
tion has to be located by taking the first area moment, as an example, around
axis yo-yo shown in Figure 4.144, as follows:

A=54x3%x2+191.4x1.6+37.6 x 1.6 =690.4 cm’
[54x 3% 1.5+ 191.4%X 1.6 X 98.7+37.6 X 1.6 X 254.2+ 54X 3 x 274.5]

Ye= 690.4

Y. =130.7cm
Inertia about y-y; = [54 X 3% /12 + 54 x 3 x 129.2%]
+[54 x 3% /12 + 54 x 3 x 143.8%]
+[1.6x 191.4° /12 + 1.6 x 191.4 x 327]

+[1.6 x37.6°/12+ 1.6 x 37.6 x 143.8?]
=8,227,509 cm*

Weff,min = 87227509/1453 =56,624.3 Cl’n3

Bending Moment Resistance

Wett min X fy 56,6243 X 107 x 275

VMo 1.0
=15,571.7kNm

M ra= =15,571,700,000 N mm
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15,571.7 kN m

A\
s

13.5m
Figure 4.145 Calculation of curtailed flange plate lengths.

20,285.7 kN m

Length of Flange Plates

Assuming the overall bending moment diagram of the main plate girder is a
second-degree parabola (see Figure 4.145), we can determine the length of
the curtailed top flange plate of the upper and lower flanges as follows:

x \? 200285.7—15571.7 4714
= - =0.23238

L/2 20,285.7 20,2857
A 0.482; then, x=6.5 m.
13.5

Hence, the length of the smaller top plate is 13 m.

4.5.5 Design of the Fillet Weld Between Flange Plates and Web

To determine the size of fillet weld connecting the bottom flange plates of
the upper and lower flanges with the web plate for the investigated bridge,
we can calculate the maximum shear flow at the support for the reduced
cross section, shown in Figure 4.146, as follows:

Inertia about y-y = 1.6 x 270° /12 +2 x [54 x 3° /12 +54 x 3 x 136.5]
=8,661,492 cm”

Shear flow at section s-s:

X Sgs
q:£:2><axﬂw’d

I)’ Y

RIV3_ 430//50

Jwid = Bovnn  0.85x1.25

3327.2x10° x (54 x 3x136.5) x 10°
B 8,661,492 x 10*

=233.7N/mm?

=2Xax233.7

q

Then, a=1.7 mm, taken as 8 mm, which is the minimum size.
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270 cm | -----

i3

I

PR
54

Figure 4.146 Calculation of flange fillet weld size at supports.

4.5.6 Check of Lateral Torsional Buckling of the Plate Girder
Compression Flange

To check the safety of the upper compression flange against lateral torsional
buckling, we have to calculate the elastic critical moment for lateral torsional
buckling (M,,). However, to calculate M, we have to evaluate the effec-
tive buckling length (unsupported length) of the compression flange of this
investigated pony bridge (I.), which can be calculated as follows:

l. :%[Elca(ﬂ” 4, where I 1s the inertial of the compression flange (see
Figure 4.147) about z-z axis, a is the spacing between cross girders, and d is the
flexibility of the U-frame reasonably assumed=0.00006 mm/N for pony
bridges.

I.=3x50°/12+3x54°/12+45 x 1.6° /12 =70,631.4 cm"*

= % [210,000 x 70,631.4 x 10* x 4500 x 0.00006]/* (should be not
less than a=450 cm)
Considering the cross section at midspan shown in Figure 4.147, we can

calculate M., as follows:

Mo = Gy | (P 2CI+EIG
cr — bklb klb wiz 21z J
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Compression flange .-
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547

Figure 4.147 Check of lateral torsional buckling of plate girder.

Given,C, =1.13,E=210GPa,G=81 GPa,}, =5588.3mm and k=1.

Inertia about z-2(I.) =2 x 3 x 50°/12+2 x 3 x 542 /12 + 270 x 1.6° /12
=141,324cm*

WP x 1. 28207 x 141,324 x 10*

C, = 7 7 =2.809662444 x 10" mm®
. 1 3 3 3 2
i=3 (2540 x 30° +2 x 500 x 30° + 2820 x 16”) = 22,570,240 mm
2
3.14 3.14 x 210 s
M, =1.13 2.809662444 x 10'° x 141,324
5588.3 5588.3

VX 10%+210 x 141,324 x 10* x 81 x 22,570,240
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M., =0.000634933 \/5.528515455 x 10?2 +5.425707933 x 10%°
M., =150,021,280 N mm = 150,021.2 kN m

We can now check the safety against lateral torsional buckling following
the rules specified in EC3 [1.27, 2.11] as follows:

M,
B 1.0
My rd

Given: Mgq=20,285.7kNm, W,=96,417.7 cm’

A
My rd = 1T Wyi

Ym1
- w. 26,514.9
AT = wy =0.42
M., 150,021.2

=051+ aur (Fur —0.2) + 24| =0.5[1+0.76(0.42 - 0.2) +0.42°

=0.672
1

LT = but 3+ <1.0
Prr+ \/ ‘I)iT - ZET

it = ! but y; 1+ < 1.0
0.672+/0.672% — 0.422 :

ot = 0.836
My g = 2220 X 205189 o) 1 66.5kNm > 20,285.7 kN m

1.0

4.5.7 Design of Web Stiffeners

There are two types of stiffeners used to strengthen the thin web plate of the
main plate girder against buckling due to shear stresses, bending stresses, or
both. The stiffeners at the supports are commonly known as load bearing
stiffeners, while intermediate stiffeners are commonly known as stability
stiffeners (intermediate transverse stiffeners). The design of the stiffeners
can be performed as follows:

4.5.7.1 Load Bearing Stiffeners

To design the load bearing stiffener at supports (see Figure 4.148), we can
also follow the design rules specified in EC3 [1.27, 2.11] for concentrically
loaded compression members. The axial force in the stiffener is the



Design Examples of Steel and Steel-Concrete Composite Bridges 389

25 cm|

25 cm|

le
1

|
22 54 22

h A

Figure 4.148 Load bearing web stiffeners at supports.

maximum reaction at supports (Ngg=Rp+r+¢), which is equal to
3132.8 kN. The design procedures can be performed as follows:

NEe4q

<1.0
No,rd

A
where Ny pg = X_J:/

Tmi
A=2x%x25%X2.4+46.4%x1.6=194.24cm?>

I,=46.4x1.6°/12+2x [2.4 x 25° /12 + 60 x 13.3%] =27,492.6 cm*
1

=
o+V -7’

®=0.5 {1 +o(1-0.2) +12}

but ¥y <1.0

A
Nee

l=

X El 3.14% x 210,000 x 27,492.6 x 10*

L= =19,521,217N
¢ 12 54002

= 194.24 x 100 x 275
A= =0.523

19,521,217
®=0.5[1+0.49(0.523 —0.2) +0.523*] =0.716

®=0.5[1+0.49(0.523—0.2) +0.523°] =0.716
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Figure 4.149 Intermediate stability web stiffeners.

1
L= 2 2
0.716 +v0.716> — 0.523

0.83 x 194.26 x 100 x 275
Then, Npra= = = 4,030,895 N

Nird = 4030.9kN > Ngg = 3132.8kN (Then O.K.)

=0.83 but 7 <1.0

4.5.7.2 Intermediate Stiffeners
Intermediate stiffeners (see Figure 4.149) can be designed by choosing its
dimensions such that

a 1500
—=——=0.556 < V2=1.414 (Then O.K.
h, 2700 V2 (Then O.K.)
and
1.5R26  1.5x270° x 1.6° .
L > 5 = 3 =5374.8cm
@ 150

L;=46x1.6"/12+2x [2x 25’ /12 + 50 x 13.3°]

=22913cm* >5374.8 cm* (Then O.K.)

4.5.8 Design of Stringer Bracing (Lateral Shock or Nosing
Force Bracings)

The stringer bracing are subjected to lateral moving reversible force of

100 kN. The bracing members carry either tensile or compressive forces

according to the changing direction of the lateral shock force (transverse

horizontal force) (see Figure 4.150). The cross section of the bracing
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X.G. web X.G. web
| 24 100 kN |
Stringer webf ¥ - I
! !
! <4 S Fsinar !
! s 100 kN ' [180 cm
Plan i i
F
! !
| Fcosa |
Stringer webt | Y
I I
T 150em T 150em ' 150 cm

Figure 4.150 Analysis of forces acting on the lateral shock bracing.

X
Bracing cross section s-s

-

2 angles back-to-back
80x80x8

»|'|«10mm

yi
Figure 4.151 The cross section of the lateral shock bracing members.

member can be determined from designing the critical diagonal member for
the compressive force as follows:

Assume the cross section of the stringer bracing as 2 angles back-to-back
80 x 80 x 8 (see Figure 4.151); then,

1.8 .
2=tan '~ =50.2
1.5

I, =2343 mm
235
e=1/—=0.924
275
- Lt
A=——
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A1 =93.9 X 0.924 =86.7636

_ 2343 1
"7 24.3 86.7636

The axial compressive force in the diagonal bracing member
(Nga=286.8 kN):

=1.111

NEe4q

<1.0
No,rd

A
where Ny pg = X—fy

™M1
A=2x%x123=24.6cm>

1
(=
b+ -7

=05 [1 +2(2—0.2) +?12]

but 7 < 1.0

®=0.5[1+0.34(1.111-0.2) + 1.111*] =1.272

1
L= =0.529 y<1.0
1.272+v/1.2722 —1.1112
0.529 x 24.6 x 100 x 275
Then, Ny rd = =325335N

1.1
Nb.rd = 325.3kN > Ngg = 86.8 kN (Then O.K.)

4.5.9 Design of Wind Bracings

Wind forces acting on the double-track railway bridge (see Figure 4.152) as
well as any other lateral forces directly applied to the bridge are transmitted
to the bearings by systems of wind bracing. For pony bridges, only the lower
wind bracing carries wind forces on the moving train, wind forces on the
main plate girder, and lateral shock (nosing force) applied to the tracks
(see Figure 4.153). Wind forces applied to this bridge can be sufficiently esti-
mated using the design rules specified in EC1 [3.2] as follows:

1 2
F, = Epvb CAref,x

Vb = Cdir X Cseason X Vh,()zl‘o X 1OX26:26m/S

Aref  =4.9118 X 28 =137.53m?
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Figure 4.152 Design heights for the calculation of wind forces on the lower wind

bracings.

Ry 27 m _|RB
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100 kN qwi= 20.86 kN/m

Figure 4.153 Loads on the lower wind bracing.

1
Fy =3 X 1.25 x 26° x 5.7 x 137.53 = 331,208 N = 331.2kN

Considering the structural analysis for the lower wind bracing system
shown in Figure 4.153, the critical design wind force in the diagonal bracing

members can be calculated as follows:

Distributed wind loads (qw1) =522.6 x (5.5/7)/30 =13.69kN/m
Factored distributed wind loads = qwr X 7, =13.69 X 1.7 =23.27kN/m

Ra =100 +20.86 x 13.5 =381.6 kN
o =tan"'(4.5/4.5) =45°


Figure 4.153
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Fp=281.6/(2  sin45) = 199.1 kN

The cross section of the bracing member (see Figure 4.154) can be deter-
mined as follows:

by =6360mm, 1}, =1.2 X 6360 =7632mm

Choose two angles back-to-back 150 x 150 X 15, with 10 mm gusset
plate between them:

A:2><43.2:86.4cn12, i,=4.59cm, e=4.26cm,

i, = \/4.592 +(4.26+1/2)*=6.61 cm

/235
e=1/—-=0.924
275

i L1
i
J1=93.9 % 0.924 = 86.7636
- 6360 1
= =1.597
45.9 86.7636

The axial compressive force in the diagonal bracing member
(Nga=298.7 kN):

N,
B 1.0

No,rd

A
where Ny pg = X—fy

M1

A=2x432=86.4cm>

e = 42.6 mm

X

2 angles back-to-back
150x150% 15

Figure 4.154 Upper wind bracing cross section s-s.
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but ¥y <1.0

1
R

o+ V-7
@:o.5[1 +0(2—0.2) +12}

®=0.5[1+0.34(1.597 - 0.2) + 1.597°] =2.013

1
L= 2 2
2.013+v2.013> = 1.597

0.309 X 86.4 X 100 x 275
Then, N pa = - = 667,440 N

Ni.ra = 667.4kN > Ngg = 199.1kN (Then O.K.)

=0.309 but ¥ < 1.0

4.5.10 Design of Stringer-Cross Girder Connection

395

The stringer is designed as a simply supported beam on cross girders; therefore,

the connection is mainly transferring shear forces (maximum reaction from
stringers of 567 kIN) (see Figure 4.155). Using M27 high-strength preten-
sioned bolts of grade 8.8, having f.;, of 800 MPa, shear area A of 4.59 cm?,
and gross area A, of 5.73 cm®, we can determine the required number of bolts,
following the rules specified in EC3 (BS EN 1993-1-8) [2.13], as follows:

oty fupA
M2
0.6 x 800 x 459

Fyra= 1.5 =176,256 N

F,ra=

Op+L+4= 567 kN Op+L+p= 567 kN

Ny

LR
5 o

— ——

Figure 4.155 The connection between stringer and cross girder.
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Then, F, pq equals 176 kN (for bolts in single shear) and 353 kN (for
bolts in double shear):

ko
Fs,Rd = 'LLFp,C
M3
F,.c =0.7fuA, = 0.7 x 800 x 573 = 320,880 N
1.0x1.0x0.4
Fs,Rd,ser = #320,880 = 116,6836 N.

Then, F,rq=117 kN (for bolts in single shear at serviceability limit
states) and F, pg=234 kN (for bolts in double shear at serviceability limit
states). At ultimate limit states, F g4 can be calculated as follows:

1.0x1.0x0.4
F, pgu=———320,880 =102,682 N.
T 1.25

Then, F,rq=103 kN (for bolts in single shear at ultimate limit states)
and F,; R 4=206 kN (for bolts in double shear at ultimate limit states):

567

N; =——=2.8 taken as3 bolts,
206
567

N, =——=>5.5 taken as6 bolts
103

4.5.11 Design of Cross Girder-Main Plate Girder Connection

The cross girder is designed as a simply supported beam on main plate
girders; therefore, once again, the connection is mainly transferring shear
forces (maximum reaction from cross girders of 1325 kN) (see Figure 4.156).
We can determine the required number of bolts as follows:

1325

N; =——=6.4 taken as 7 bolts,
206
1325

N, =——=13 taken as 14 bolts
103

4.5.12 Design of Field Splices

Figure 4.157 shows the locations of filed splices for the investigated pony
bridge. Designing the splice requires determination of size of connecting
plates as well as the number of bolts of the filed splice shown in Figure 4.158.
The area of the flange plate equals to 54 x 3=162 cm’; this can be
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H:H

QD+L+¢ =
1325 kN

Ny

—

Figure 4.156 The connection between cross girder and main plate girder.

Field splice position Field splice position

. 7500 \ , 6500 Z 6500 | / 7500 ,
f \I T '

: 7

777777 5750 16,500 | 5750 L0

, | 6x4500=27,000 mm I |
I l
28,000 mm

Figure 4.157 Positions of field splices in the main plate girder.

compensated by three flange splice plates having cross-sectional area of
54%1.6 and 2x25x% 1.6 cm> with a total area of 166.4 cm?, which is
greater than the original area, while the area of web pla-
te =270 x 1.6 =432 cm” can be compensated by two web splice plates hav-
ing cross-sectional area of 2 X 260 X 1.0 cm” with a total area of 520 cm?,
which is governed by the minimum thickness (10 mm) of plates used in rail-
way steel bridges. The top row of bolts in the web (see Figure 4.158) is


Figure 4.156
Figure 4.157
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Figure 4.158 The field splice of the main plate girder.

subjected to horizontal shear from the bending moment distribution, assum-
ing the yield stress reached at the extreme and lower fibers of the flanges, and
vertical shear from the applied loads. Using a spacing of 10 cm between two
adjacent bolts, an edge spacing of 5 cm, and a hole of 3 cm (2.7 cm bolt
diameter plus 0.3 cm clearance), we can determine the horizontal shear force
(H) per bolt and the vertical shear per bolt (I) as follows:

H = Area from centrelines between bolts
X average stress at the bolt location(f,y)

fiy =125 %275/138 =249.1 MPa
H=(100—30) x 16 X 249.1/2 =139496 N = 139.5 kN

I’=maximum shear resisted by web/total number of bolts.

Maximum shear resisted by web was previously calculated in the check
of the safety of the plate girder against shear stresses and was 7482.5 kN. The
total number of bolts in one side of the splice is 52:

I/ =7482.5/52=143.9kN


Figure 4.158
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The resultant of the forces per bolt (R) is equal to

V139.5% + 143.92 = 200.4 kN, which is less than 206 kN (the resistance
of the bolt in double shear). Then O.K.

Flange Splices
Maximum force in the upper flange = 162 x 275 x 100/1000 = 4455 kN

N (flange) = 4455/206 = 21.6 bolts (6 rows of four bolts in double shear)

4.5.13 Design of Roller Steel Fabricated Bearings

Let us now design the roller steel fabricated bearings shown in Figure 4.126
and detailed in Figure 4.159. The maximum vertical reaction at the supports
of the main plate girder was previously calculated under dead and live loads
with dynamic effect (Rp+r+), which was 3132.8 kN. The material of con-
struction for the bearings is cast iron steel (ISO 3755) 340-550 having a yield
stress of 340 MPa and an ultimate stress of 550 MPa.

Design of the Sole Plate

The reaction (Rp+p+¢) can be assumed as two equal concentrated loads at
two points, which are the centers of gravity of half of the load bearing stiff-
ener section shown in Figure 4.159. To determine the centers of gravity
(distance ¢), we can take the first area moment around the axis z-z, shown
in Figure 4.159, as follows:

2x25%x12%0.6+232x1.6x11.6  466.592
- 2%x25%1.2+232x%1.6 9712

Assuming that the thickness of the sole plate is #1, with detailed dimensions
shown in Figure 4.159 based on the flange plate girder dimensions, we can
determine the maximum moment applied to the sole plate (M) as follows:

e

=4.8cm

M=Rpip+¢ X e/2=3132.8x 107 x 48/2 = 75,187,200 N mm.
Section plastic modulus(Wp]) =bif}/4=700x 1 /4 =175 x £}
The plate thickness #; can be calculated now as follows:
M_ k5
Wi Ymo

75,187,200 340
175x 6 1.0

Then, t; =35.5 mm, taken as 40 mm, as shown in Figure 4.159.
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Figure 4.159 Detailing of the twin roller fabricated steel bridge bearings.
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Design of the Rollers

The design of rollers requires determination of the diameter, length, and
number of rollers to resist the vertical load as well as the arrangement and
allowed movement in the direction of rollers. The design axial force per unit
length of roller contact Nsq specified in BS EN 1337-1 [3.11] shall satisty

1 |
Ngg < Npy
! . . . .
where Np4 is the design value of resistance per unit length of roller contact,

which is calculated as

2 2

| 1
Npg=23 X RX-X—=23 X R X X -=33.131 X R
Eq 72 210,000 1

Assume the number of rollers is 2 and their length is 800 mm as shown in
Figure 4.33:

N _ Rpip+e 3132.8x10°
47 2% 800 1600

Then, the radius of rollers can be determined by equalizing Nasq with

= 1958 N/mm

N‘Rd as follows:
1958 =33.131 x R

Then, R=59.1 mm, taken as 70 mm and the diameter D is 140 mm.

Design of Upper Bearing Plate

The upper bearing plate is shown in Figure 4.159. The width and length
of the plate are dependent on the spacing between rollers and the length
of rollers as well as the allowed movement in the direction of rollers. The
thickness of the upper bearing plate can be determined as follows:

R D+100) 3132.8x10° 240
p=Roreee ) x = 187,968,000 N mm.
2 2 2 2
b5 80013
Wy =—2=—2=2004 mm’
4 4 ‘
The plate thickness t, can be calculated now as follows:
M_ &
Wor Ymo

187,968,000 340
200x 2 1.0

Then, t; =52.6 mm, taken as 60 mm, as shown in Figure 4.159.
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The radius of the curved part of the upper bearing plate, which has a
length of 600 mm as shown in Figure 4.159, can be determined the same
way as that adopted for the design of the rollers:

| fF o1 5507 1
Npg =23 X Rx™x — =23 X R X x—=33.131x R
Es 72, 210,000 1
. R 3,132,800
Ngy=—2Lr? =5221.3N/mm
600 600

Then, the radius of rollers can be determined by equalizing Nasg with
Npg4 as follows:
5221.3=33.131 X R

Then, R=157.6 mm, taken as 160 mm.

Design of Lower Bearing Plate

The lower bearing plate is shown in Figure 4.159. The width and length of
the plate are dependent on the strength of concrete and are dependent on the
spacing between rollers and the length of rollers as well as the allowed move-
ment in the direction of rollers. The thickness of the upper bearing plate can
be determined as follows:

R 3132.8 x 10° ~ 40
f=Drlrl —6.53MPa<?c =2 _o67Mpa
a3bs 600 x 800 7. 1.5
£ 40

5= 26.7 (for a typical concrete in bridges of C40/50 with f)
Ve o L

The plate thickness #3 can be calculated from the distribution of bending
moment, caused by the pressure on the concrete foundation, as follows:
M=105,786 Nmm per unit width of the plate:

b},tg 1Xt§

4 4
Mk
Wo Ymo

105,786 340
025x15 1.0

3

Wa= =0.25x tg mm

Then, t3=235.3 mm, taken as 40 mm, as shown in Figure 4.159.

4.5.14 Design of Hinged Line Rocker Steel Fabricated Bearings

Finally, we can now design the hinged line rocker steel fabricated bearings
shown in Figure 4.126 and detailed in Figure 4.160. The maximum vertical



Design Examples of Steel and Steel-Concrete Composite Bridges 403

J——
I
I
-

ot ]
725 lem 257 sk oo s
, R =16cm ' 5!5_1: 60cm PRI
— 2% / _ \
17 17]7
" N 1 |
15 b 80cm '
3132.8 kN
381.6 kN
1431 KN——¥/_ _ ) )
1 1 i i
10 30.0 15cm 30,0 ., 10 H H
i ; %I‘ e ; | I 10 . d0cm e 10 I
YN s lo_._ls T | lasna Hamnal
Wl . ]
A TN LERY TR
/, ! \‘/ Socket /, Lol \ /, ceed /, R \
----------- S : — T Socket T
0 4 7 .
e . @
T x
40.0cm t15 40.0cm
X : X
90 80

y

’i__m:_m-—/lfm = 0.43 MPa

3.41 MPa

RO o}

Sonax = 5.57 MPa
Figure 4.160 Detailing of the hinged line rocker fabricated steel bridge bearings.

reaction at the support of the main plate girder was previously calculated
under dead and live loads with dynamic effect (Rpir+g), which was
3132.8 kN. The bearing is also subjected to a lateral force from the braking
and traction forces from tracks as well as subjected to a longitudinal force
from the reactions of the lower wind bracing, which cause moments around


Figure 4.160
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Figure 4.161 The designed roller and hinged line rocker fabricated steel bearings.

longitudinal and lateral directions of the bearing base, respectively. Similar to
the roller bearing, the material of construction for the bearings is cast iron
steel (ISO 3755) 340-550 having a yield stress of 340 MPa and an ultimate
stress of 550 MPa. It should be noted that the overall height of the hinged
bearing must be exactly the same as that of the roller bearing. The general
layout and assumed dimensions of the hinged line rocker bearing are shown
in Figure 4.161. The traction Q. and braking Qy,, forces can be calculated
as follows:

Quk =33 X L, =33 x 27 =991 kN < 1000[kN], for Load Models 71

Qpr =20 x La,b =20x27=540
< 6000[kN], for Load Models 71,SW /0,SW /2 and HSLM

Total the braking and traction forces (Qy,) = 1431 kN (see Figure 4.160
for the direction of the forces). Also, the reaction from the lower wind brac-
ings (R) (see Figure 4.160 for the direction of the forces) was previously cal-
culated as follows:

Ri: = 381.6kN

We can now determine the normal stress distribution due to the applied
loads, shown in Figure 4.160, on the concrete foundation as follows:

N M, M
f=——t—yp+t—x
A I, I,
N 3,132,800
—=————=3.0MPa
A 950 x 1100
M,  381.6 x10° x 240
—y= 3 550 = 0.49 MPa
I 950 x 1100° /12
M, 1431 x10° x 240
xX= 475 =2.08 MPa

L~ 1100 % 950°/12
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fmax = —3.0—0.49 —2.08 = —5.57 MPa
Finin = —3-0+0.49 +2.08 = —0.43 MPa

The critical bending moment on the base plate of the hinged bearing is at
section s-s shown in Figure 4.160:

M = (0.5 x 400 x 3.41) x 1100 x 400/3 + (0.5 x 400 X 5.57) x 1100
%400 X 2/3 = 426,800,000 N mm

Wiy = 1100 X £ /4 =275t

M _ b

Wor Ymo
426,800,000 340
2752 1.0

Then, t;=67.6 mm, taken as 70 mm.
The normal stresses at section s;-s;, shown in Figure 4.160, of the line
rocker bearing can be checked as follows:

M, =381.6 x 10° x 170 = 64,872,000 N mm.

M, =1431x 10° x 170 = 243,270,000 N mm.

N 3,132,800
A~ 150 x 800
M, 64,872,000
L ' T 150 x 800°/12
M, 243,270,000

L7800 x 150°/12

=26.11 MPa

400 =4.05 MPa

75 =81.09 MPa

fmax =—(26.11 +4.05+81.09) = —111.25 MPa
< 340 MPa (Then O.K.)

4.6 DESIGN EXAMPLE OF A DECK TRUSS HIGHWAY STEEL
BRIDGE

The fifth design example presented in this chapter is for a deck truss highway
steel bridge. The general layout of the through bridge is shown in
Figures 4.162 and 4.163. The truss bridge has simply supported ends with
alength between supports of 40 m. The truss bridge has a Warren truss with
8 equal panels of 5 m. It is required to design the bridge adopting the design
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Figure 4.162 General layout of a deck truss highway steel bridge (the fifth design
example).

rules specified in EC3 [1.27]. The steel material of construction of the bridge
conformed to standard steel grade EN 10025-2 (S 275) having a yield stress
of 275 MPa and an ultimate strength of 430 MPa. The dimensions and gen-
eral layout of the bridge are shown in Figures 4.162 and 4.63. The bridge has
upper and lower wind bracings of K-shaped truss members as well as cross
bracing of K-shaped truss. The expected live loads on the highway bridge
conform to Load Model 1, which represents the static and dynamic effects
of vertical loading due to normal road traffic as specified in EC1 [3.1]. The
bolts used in connections and field splices are M27 high-strength preten-
sioned bolts. The unit weight of reinforced concrete slab decks used is
25 kN/m”.

4.6.1 Design of the Stringers

Let us start by designing the stringers, the longitudinal steel beams, support-
ing the reinforced concrete slab deck as shown in Figure 4.162.


Figure 4.162
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Figure 4.163 General layout of a deck truss highway steel bridge (the fifth design
example).

Dead Loads
The general layout of an intermediate stringer is shown in Figure 4.164. The
dead loads acting on an intermediate stringer can be calculated as follows:

Flooring(1.75kN/m?) =1.75 x 2=3.5kN/m
Reinforced concrete slab deck(0.2m thickness) =5 x 2=10kN/m
Haunch(Equivalent to 1 cm slab thickness) =0.25 x 2=0.5kN/m

Own weight of stringer = 1.5kN/m
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Figure 4.165 Straining actions from dead loads acting on an intermediate stringer.

Total dead load =g, = 15.5kN/m

Assuming the stringers are simply supported by the cross girders, we can
calculate the maximum shear force and bending moment due to dead loads
on an intermediate stringer (see Figure 4.165) as follows:

Qbr =gu X L/2=155%5/2=38.75kN
Mpy. = gu X L?/8=15.5x 5% /8 = 48.44kN'm

Live Loads

The live loads acting on the highway bridge conform to Load Model 1, which
represents the static and dynamic effects of vertical loading due to normal road
traffic as specified in EC1 [3.1]. To determine the worst cases of loading on an
intermediate stringer due to live loads, we can study a lateral section through
vehicles and a lateral section through distributed loads of Load Model 1 acting


Figure 4.164
Figure 4.165
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on the bridge, as shown in Figure 4.166. From the section through vehicles, we
find that the maximum concentrated load t