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Preface

THIS BOOK REPRESENTS THE CULMINATION OF MORE THAN
a decade of effort, but I couldn’t have done it alone. Many of
my friends and colleagues on the American Society of Civil
Engineers Technical Council on Forensic Engineering (ASCE
TCFE) have helped me put case study materials together.

I would like to thank the following people and insti-
tutions, who contributed photos and illustrations and
granted permission for their use:

e Nicholas J. Carino, retired from the National
Bureau of Standards/National Institute of Standards
and Technology (NBS/NIST)—Hyatt Regency, Figs.
2-1, 2-2, and 2-4; I Ambiance Plaza, Figs. 4-9 and
4-12; Skyline Plaza in Bailey’s Crossroads, Figs. 5-5
and 5-6; Harbour Cay Condominium, Figs. 5-7 and
5-8; and Willow Island Cooling Tower, Figs. 9-7
and 9-9;

e Anthony M. Dolhon of Wiss, Janney, Elstner
Associates, Inc.—Hyatt Regency, Fig. 2-3;

e Lee L. Lowery, Jr. of Texas A&M University—
Hyatt Regency, Figs. 2-5 through 2-7;

e University of Washington Special Collections—
Tacoma Narrows Bridge, Figs. 2-10 and 2-11;

e Library and Archives Canada—Quebec Bridge,
Figs. 3-1, 3-2, and 3-5;
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e Cleveland State University Special Collections and the Cleveland
Press—Cleveland Pigeonhole Parking Garage, Figs. 4-16 through
4-18;

e Michael J. Drerup, Exponent—OQOklahoma City Murrah Building,
Figs. 5-9 through 5-12;

e Pittshrgh Tribne-Review —DPittsburgh Convention Center, Fig.
6-10;

¢ Howard F. Greenspan, Howard F. Greenspan Associates—Schoharie
Creek Bridge, Figs. 8-9 and 8-10;

e Library of Congress—Austin Dam, Fig. 9-3; and

e Robert Pitt, University of Alabama—Citicorp Tower, Figs. 10-1 and
10-2.

I would like to acknowledge grant funding from the National Science
Foundation (NSF) that has supported this work. Much of this material is
based on work supported by the National Science Foundation under Grants
No. EEC-9820484, DUE-0127419, and DUE-0536666. Any opinions, find-
ings, and conclusions or recommendations expressed in this material are
those of the author and do not necessarily reflect the views of the National
Science Foundation.

My former students Rachel Martin, Suzanne King, Stacey Solava, Chris
Storey, Cynthia (Rouse) Pearson, Dan Miller, and Constantine Kontos origi-
nally helped me research many of the case studies in this book. Their work
in locating references and preparing illustrations was particularly valuable.

I am indebted to the ASCE TCFE staff contacts Verna Jameson and
John Segna. The ASCE TCFE and the NSF have supported six faculty failure
case study workshops (2003-2008). Workshop instructors Paul Bosela, Ken
Carper, Kevin Rens, Kevin Sutterer, Oswald Rendon-Herrero, Jack Gillum,
and Michael Drerup helped develop and refine the workshop content. The
faculty participants in the workshops have provided valuable feedback to
help improve the case studies.

My employers—the U.S. Military Academy (West Point, New York),
the University of Alabama at Birmingham, and Cleveland State University—
have also been supportive of this work with resources and small grants. The
librarians at UAB and CSU have been particularly helpful. T would like to
thank in particular Theresa M. Nawalaniec and Lynn M. Duchez Bycko of
the CSU library who helped me locate references and illustrations.

I owe a considerable debt to my professors at The Citadel, the Mas-
sachusetts Institute of Technology, and the University of Texas at Austin.
Many of these teachers discussed failure case studies and the importance of
engineering responsibility and professionalism.
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I apologize to anyone I have forgotten to thank—there have been so
many. Of course, it goes without saying that the inevitable errors and omis-
sions in this book are mine and mine alone.

Finally, I would like to thank my wife Lynn and our children Isabella
and Joe for their patience and understanding while I spent way too much
time working on this book.

Norbrt Delatte
Cleveland, Ohio
July 21, 2008
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Why Case Studies?

ENGINEERS DESIGN. ENGINEERING DESIGN MAY BE SEEN AS
an attempt to use science, mathematics, and other prin-
ciples to prevent failures. Most of the time the attempt is
successful, but the times it is not successful can provide
useful lessons for students and practitioners. The lessons
learned from failures have often led directly to changes
to engineering codes and procedures. Students are more
likely to appreciate advances in design and analytical pro-
cedures if they are placed in a historical context.

Leonards (1982) defined failure as “an unacceptable
difference between expected and observed performance.”
Feld (1964) noted that although structural collapses are
rare, if failure is defined as “nonconformity with design
expectations” then there are many failures. The latter is,
admittedly, a broad definition.

I would propose a simplified two-part definition of
design:

1. Figure out everything that can possibly go wrong.
2. Make sure it doesn’t happen.

To figure out what can go wrong, it is necessary to
know how structures, facilities, and systems fail. This
knowledge of failure I define as “failure literacy.” It is
a knowledge of potential failure modes and limit states,
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informed by a historical perspective on reasons for past failures and patterns
of failure.
Luth notes,

Buildings are not like automobiles and airplanes. It is not possible
to build and test prototypes to work out the bugs. Nor is it possible
to design and draw every detail without overly constraining the con-
struction activities. We are faced, then, with a system that requires
building from less than complete drawings, working in less than ideal
conditions, with laborers of uncertain skills. Such a system cannot
help but produce more failures unless there are conscientious profes-
sionals working on all sides all the way through the project. To suggest
otherwise is simplistic and unrealistic. The fact that there are so few
failures is a credit to the professionalism of both the construction and
the design professionals that design and build modern projects. (2000,
p. 61)

The introduction to Construction Disasters: Design Failures, Causes,
and Prevention states, in a preface entitled “Why Engineering News-Record
Reports Failures,”

“ENR policy is to report both failures and successes . . . for the same
reason: to give readers the information they need in their own busi-
nesses, so that they can avoid the failures and emulate the successes. . . .
Some weeks we also have to report the failures of people and compa-
nies and the things they plan, design, make or build; financial failures
such as bankruptcy, personal failures such as crime and corruption,
planning failures such as downtown renovation that doesn’t work,
disasters that are caused by natural phenomena like earthquakes and
floods. There are also structural failures, such as dam collapses, and
system failures, such as hotel fire-safety assignments that fall apart in a
fire.” (Ross 1984, p. xi)

ENR reports on accidents that kill and injure people, as well as func-
tional failures—potholes, cracks and leaks in facades and roofs, and other
problems.

According to James Amrhein, as cited by Carper (1989), structural
engineering may be defined as “the art and science of molding Materials we
do not fully understand, into Shapes we cannot precisely analyze, to resist
Forces we cannot accurately predict—all in such a way that the society at
large is given no reason to suspect the extent of our ignorance.” That is true
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of most other subdisciplines of civil engineering as well. I would recommend
failure literacy and a healthy dose of humility for both engineering students
and practicing engineers.

To make failure cases more useful and relevant, it is necessary to link
them to specific courses and course topics. It has been demonstrated how spe-
cific cases may be linked to engineering mechanics course topics (Delatte 1997).
Based on this earlier work, a more comprehensive master plan was published
in 2000 (Delatte). The plan was developed further, adding more topics and
cases, and the revised version was published in 2002 (Delatte and Rens).

For example, the Teton Dam case in Chapter 7 deals with engineer-
ing geology and geotechnical engineering topics, including the suitability of
foundation and borrow materials, the importance of compaction, and move-
ment of water within rock and soil masses. The Schoharie Creek Bridge col-
lapse in Chapter 8 illustrates points in hydraulic engineering, such as stream
velocity and scour, as well as structural engineering topics, including the
advantages of continuity and redundancy of structures.

Organization of This Book

This book consists of chapters of case studies that parallel typical courses
in the civil engineering and engineering mechanics curriculum. The cases
are reviewed in detail, and the technical elements that relate to the course’s
chapter are outlined. Often, failure case studies in other chapters will be
relevant. These are listed under the heading of “Other Cases” at the end of
Chapters 2-9.

Typical elements of the failure case studies included in this book are:

e an introduction;

 a description of the design and construction of the project;

e a narrative describing the failure;

 adiscussion of any investigations undertaken and the results, which
may include a review of who the investigators were, who hired them
and why, and any limits on the scope of the investigation;

o technical lessons learned, with special attention to any changes in
engineering codes or procedures;

» procedural and ethical lessons learned, particularly legal repercussions;

 educational aspects of the case; and

* a detailed reference list, including investigation reports, published
papers, and newspaper and journal accounts.
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The cases in this book were originally each developed with an indi-
vidual reference list. References for all cases have now been collected into
a single list. Most cases now have a section entitled “Essential Reading,”
which notes the most valuable and informative references on the topic.

Notes to the Student

I was introduced to the topic of failure case studies as a young graduate stu-
dent at the Massachusetts Institute of Technology, more than two decades
ago. I took a course entitled “Construction Technology,” which was made
up of graduate students from civil engineering, architecture, and real estate
development. In this course, we did a lot of problem solving using the case
study method.

Two case studies we investigated were the collapse of the Hotel Ven-
dome during a fire and the construction collapse of 2000 Commonwealth
Avenue. Both were in the city of Boston, just across the Charles River.

The cases made a strong impression on me. However, I made the mis-
take of focusing too intently on the technical aspects of the collapses (such
as high bearing stresses or misplaced reinforcing steel) while ignoring the
communications and procedural problems that are at the root of many fail-
ures. As a result, I got a B on that assignment.

One mistake I often made early in analyzing these case studies was to
home in too quickly on the “correct” solution. H. L. Mencken (1949), the
Sage of Baltimore, said, “There is always an easy solution to every human
problem—neat, plausible, and wrong.” Failures are complex problems; the
clear, simple, and obvious answer may be incomplete or incorrect.

A year later, I took a course taught by Bill LeMessurier entitled Struc-
tural Design of Buildings. In the course, he related his side of the story
concerning the Citicorp Tower case in midtown Manhattan, which could
have been a catastrophic collapse but wasn’t. It was fascinating to hear the
story firsthand. LeMessurier’s story is provided in Chapter 10, along with
an opposing viewpoint.

A decade later, I resumed my graduate studies at the University of
Texas at Austin. There, I was fortunate enough to take a course in forensic
engineering under David Fowler. I became fascinated by the problems of
failure analysis.

Few of you reading this book will become forensic engineers. Instead,
I would like to instill a sense of failure literacy in you. Poets and authors
are expected to have intimate familiarity with the work that has gone on
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before: Shakespeare’s sonnets, Hemingway’s short stories, and so forth. In
the same way, engineers analyzing and designing structures and systems
need to know how similar facilities have performed in the past and when
and how they have failed.

A few of these cases are from my own consulting practice. They are
not as spectacular as the others, but they still demonstrate some important
engineering principles.

Sources for Case Materials

An extensive reference list is provided. There are many other sources for
case studies. These sources include books, technical papers and magazine
articles, videos and television programs, and PowerPoint presentations.
Unfortunately, although there are many relevant websites, they change too
often to provide a useful list.

Books

Three excellent texts are Kaminetzsky (1991), Levy and Salvadori
(1992), and Feld and Carper (1997). McKaig (1962) is also good. Ross
(1984) contains cases reprinted from Engineering News Record, which is a
weekly publication covering the construction industry that often contains
examples of recent failures. Shepherd and Frost (1995) contains short sum-
maries of a wide variety of cases. Four excellent recent sources of case stud-
ies are the proceedings of the 1st, 2nd, 3rd, and 4th ASCE Congresses on
Forensic Engineering (Rens 1997, Rens et al. 2000a, Bosela et al. 2003, and
Bosela and Delatte 2006).

Some books, such as Levy and Salvadori (1992) and Petroski (1985),
do an excellent job of explaining fundamental structural behavior without
relying on complex theories or mathematics and are particularly appropri-
ate for undergraduate students.

Papers and Articles

Engineering News Record is a good source of news on recent cases.
Another excellent source is the Journal of Performance of Constructed Facil-
ities, published by the American Society of Civil Engineers (ASCE). A useful
bibliography on failures was assembled in a paper by Nicastro (1996).
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Television, Video, and DVD

An excellent video illustrating case studies is “When Engineering
Fails,” written and presented by Henry Petroski. This videotape closely
parallels the book To Engineer Is Human (Petroski 1985) and provides
dramatic footage of the Kansas City Hyatt Regency walkway collapse, the
Tacoma Narrows Bridge in Washington state, and other cases. This pro-
gram was originally developed for the BBC.

The History Channel, as part of its Modern Marvels series, has a series
of programs entitled Engineering Disasters. A list of the case studies in the
series is provided in Appendix C.

Presentations

PowerPoint presentations have been prepared to accompany many of
the case studies in this book. In the past, these presentations have been made
available through a series of faculty workshops sponsored by the American
Society of Civil Engineers and the National Science Foundation. It is antici-
pated that these will also be available in the future.
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Statics and Dynamics

STATICS 1S GENERALLY THE SUBJECT OF THE FIRST COURSE
students encounter within engineering mechanics, and it
forms the basis for mechanics of materials, structural analy-
sis and design, soil mechanics, mechanical engineering,
and many other subsequent course topics. Another topic
often addressed is static fluid pressure. A statics course is
generally followed by a dynamics course, which at some
institutions is combined with statics into a single course.
Statics and dynamics are part of the mechanics of rigid
bodies. Also, the statics course or the combined course is
often followed directly by a course on deformable body
mechanics or mechanics of materials.

In an introductory statics course, calculations are
usually carried out in two and three dimensions. Three-
dimensional calculations often use vectors. Ironically, in
subsequent courses, analysis is usually conducted purely
in two dimensions, and the three-dimensional character of
actual engineering problems may be lost.

Structures may be either statically determinate or inde-
terminate. Indeterminate structures are often also referred to
as redundant. Principles of equilibrium (or statics) can solve
for unknown forces and reactions acting on statically deter-
minate structures but not on indeterminate structures with-
out additional information. Nevertheless, students taking
statics must learn to distinguish between structures that are
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determinate and indeterminate, as well as those that are not properly restrained.
To be stable, structures must have enough supports, and they must be properly
arranged, to prevent movement. If not, collapse is possible.

Not all of the topics discussed on this list lend themselves easily to
demonstration through failure case studies. However, some representative
cases are discussed in this chapter, and others appear in other chapters.

Topics in a dynamics course include particle kinetics and kinemat-
ics and rigid-body kinetics and kinematics. Kinematics is the study of the
geometry of motion, whereas kinetics analyzes forces that cause motion.
Kinetics problems (both particle and rigid-body) may be analyzed using
methods of force and acceleration, work and energy, or impulse and momen-
tum. An important application is impact forces acting on structures and
machines, using impulse-momentum methods along with coefficients of
restitution.

The study of vibrations may or may not be included in a dynamics
course. Vibrations are important for mechanical systems, as well as for
structures. Excessive vibration is a serviceability issue that is often related
to poor performance.

Hyatt Regency Walkway

Every civil engineer should be familiar with the circumstances of the Hyatt
Regency walkway collapse. It is a landmark case, both because of the
number of people killed and injured and because of the effect on the engi-
neering profession. Although it has been extensively studied, doubts remain
as to whether the key lessons have in fact been learned.

Design and Construction

In July 1980, the Hyatt Regency Crown Center in Kansas City, Mis-
souri, opened to the public after four years of design and construction. A
40-story tower, an atrium, and a function block housing all of the hotel’s ser-
vices, combined to form this impressive building. Three walkways spanned
the 37-m (120-ft) distance between the tower and the function block. The
front of the building is shown in Fig. 2-1.

The walkways were suspended from the atrium’s ceiling by six 32-mm
(1%-in.) diameter hanger rods. The second-floor walkway, directly below
the fourth-floor walkway, was suspended from the beams of the fourth-
floor walkway, and the third- and fourth-floor walkways hung from the
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Figure 2-1. The Kansas City Hyatt Regency exterior.
Courtesy National Bureau of Standards/National Institute of Standards and Technology.

ceiling (Feld and Carper 1997, p. 216). The walkways before the collapse
are shown in Fig. 2-2.

The erection of this hotel, however, had not been without incident.
During construction, the atrium roof collapsed as a result of inadequate
provision for movement in the expansion joint and improper installation
of a steel-to-concrete connection. Concerned about the building’s structural
integrity, the owner hired another engineering firm to investigate the collapse
and check the roof design. The consulting structural engineering company
also rechecked all of the connections and found nothing to cause alarm.
Construction resumed, and the hotel opened a little less than two years later
(Roddis 1993, p. 1549). The expansion joint that failed was similar to one in
the Pittsburgh Convention Center, which is discussed in Chapter 6.

Collapse

On the evening of July 17, 1981, between 1,500 and 2,000 people
were on the atrium floor and on the suspended walkways to see a local
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Figure 2-2. The Kansas City Hyatt Regency atrium walkways.
Courtesy National Bureau of Standards/National Institute of Standards and Technology.

radio station’s dance competition (Feld and Carper 1997, pp. 214-215). At
7:05 r.m., a loud crack echoed throughout the building, and the second- and
fourth-floor walkways crashed to the ground, killing 114 people and injur-
ing more than 200 others. It was the worst structural failure in the history
of the United States (Levy and Salvadori 1992, p. 224). The scene of the
collapse is shown in Fig. 2-3.

Two weeks later, Newsweek reported,

Flags flew at half mast throughout Kansas City last week, and funeral
processions wound through the streets. Outside the Hyatt Regency
Hotel, where 111 people died in the collapse of two aerial walkways
two weeks ago, “No Trespassing” signs barred the curious and the
morbid. Inside, a fine dust covered the floor, and a few balloons clung
wanly to the ceiling. But the wreckage was gone, trucked to a nearby
warehouse, and the sole remaining “sky bridge” had been dismantled.
With investigators arriving daily and lawyers lining up to file suits, the
city was beginning to come to grips with a tragedy that may not have
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Figure 2-3. Scene of the Kansas City Hyatt Regency collapse.
Photo provided by Wiss, Janney, Elstner Associates, Inc. (W]E).

ended yet: 81 victims still lay in hospitals, 8 of them on the critical list.
(McGrath and Foote 1981)

Causes of Failure

Upon investigation, the National Bureau of Standards (then the NBS,
now the National Institute of Standards and Technology or NIST) discov-
ered that the technical cause of this collapse was quite simple: The hanger
rod pulled through the box beam, causing the connection supporting the
fourth-floor walkway to fail. If the structural system had been redundant,
with alternate load paths, it would have been possible for the other hanger
rods to hold the walkways up. However, the other rods could not handle the
increased load once the adjacent rod failed. Because of this lack of redun-
dancy, this failure caused the collapse of both walkways. The NBS report
was careful about not assigning blame, to preserve cooperation with the
various litigating parties (Ross 1984, p. 402).

Originally, the second- and fourth-floor walkways were to be sus-
pended from the same rod (Fig. 2-4a) and held in place by nuts. The pre-
liminary design sketches contained a note specifying a strength of 413 MPa
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Figure 2-4. Original and as-built hanger details a, b, c.
Courtesy National Bureau of Standards/National Institute of Standards and Technology.

(60 kip/in.?) for the hanger rods, which was omitted on the final structural
drawings. Following the general notes in the absence of a specification on
the drawing, the contractor used hanger rods with only 248 MPa (36 kip/in.?)
of strength.
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This original design, however, was impractical because it called for a nut
20 ft (6.1 m) up the hanger rod and did not use sleeve nuts. The contractor
modified this detail to use two hanger rods instead of one (Fig. 2-4b), and the
engineer approved the design change without checking it. This design change
doubled the stress exerted on the nut under the fourth-floor beam. Now this
nut supported the weight of two walkways instead of just one (Roddis 1993,
p. 1548). Figure 2-4c shows how the connection was integrated with the rest
of the walkway. It was concealed and could not be easily inspected.

Moncarz and Taylor (2000) discussed the structural system in detail
and analyzed the demand-to-capacity ratios of the components. Their firm,
Failure Analysis Associates, had been retained by the project architect. Each
walkway was made of lightweight concrete on metal decking, supported by
longitudinal I-beam W 16 X 26 stringers. The designation “W 16 X 267
means an I-shaped wide flange section, 16 in. (406 mm) deep and weighing
26 b per linear foot (mass 38.7 kg per linear meter). The transverse beams
were each made of two MC 8 X 8.5 channels, welded toe to toe to form a
box. A channel shape designated as MC 8 X 8.5 is 8 in. (203 mm) deep and
weighs 8.5 Ib per linear foot (mass 12.7 kg per linear meter). Holes were
drilled through the welds to hold the support rods. The bearing area for
the hanger rod washer was flattened by grinding, further reducing capacity
(Moncarz and Taylor 2000, p. 47). The failed fourth-floor beam is shown in
Fig. 2-5, and the hanger rod is shown in Fig. 2-6.

Failure Analysis Associates carried out sophisticated computer model-
ing (finite element) analysis of the box beam connection. The connection
was near failure with dead load only, and an additional live load of 7 people
on the upper bridge and 56 on the lower bridge proved to be enough to trig-
ger failure. Plastic deformation of the box beam was estimated at 3-6 mm
(0.12-0.24 in.), which was hidden by the finish and fireproofing materials
(Moncarz and Taylor 2000, p. 49). The third-floor beam, which did not
fail, is shown in Fig. 2-7. This box beam showed substantial permanent
deformation.

Analysis of these two details revealed that the original design of the
rod hanger connection would have supported 90 kN (20,000 Ib), only 60%
of the 151 kN (34,000 Ib) required by the Kansas City building code. Even
if the details had not been modified, the rod hanger connection would have
violated building standards. As built, however, the connection only sup-
ported 30% of the minimum load, which explains why the walkways col-
lapsed at well below maximum load (Feld and Carper 1997, pp. 218-222).
The NBS built and tested a full-scale mock-up to simulate the failure and
found that the static effects were much more significant than the dynamic
effects (Kaminetzky 1991, p. 219).
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Figure 2-5. Failed fourth-floor beam.
Courtesy Lee Lowery, Texas A&M University.

Figure 2-6. Hanger rod.
Courtesy Lee Lowery, Texas A&M University.
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Figure 2-7. Third-floor beam showing deformation.
Courtesy Lee Lowery, Texas A&M University.

Events Leading Up to the Collapse

Luth (2000) details the steps in the design and construction process. He
makes the important point that the critical connection was never designed
and that the view represented by Fig. 2-4 was never drawn until after the
failure. Luth’s illustration of the various stages in the history of the connec-
tion is shown in Fig. 2-8.

At the time of the collapse, Luth was a recent graduate working at the
firm that performed the Hyatt Regency’s structural design. Luth’s figures
and tables illustrating the sequence of events are of particular interest. He
notes that

The project design was performed under the “fast track” method of
delivery that came into vogue in the latter part of the 1970s. As with
many projects delivered by this method, construction preceded design,
structural design preceded architectural design, and both the design and
construction phases were plagued by a lack of time and quality control.
Thrown into the mix were multiple changes in personnel on both the
construction and design sides. (Luth 2000, p. 51)
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Figure 2-8. The evolution of the failed connection.
Source: Luth (2000).

The following sequence of key events leading up to the collapse is
modified from Luth (2000, pp. 51-57):

o Early 1976-August 1978: The project moved from the owner’s
master planning to the evolution of the design, with major revisions
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to the sunscreen framing near the walkways. Design was carried
out using fast-track methods.

June 1978: Both the project engineer and the senior design engi-
neer on the project, each of whom had extensive knowledge of the
product history, left the firm. A gap in continuity of this magnitude,
particularly on a fast-track project, provides many opportunities
for details to fall through the cracks.

Mid-1978: The first walkway detail showed eccentric angles to
support the hanger rods, not box beams. At roughly the same time,
the architect requested a change from 44-mm (134-in.) to 32-mm
(1%-in.) diameter rods to enhance appearance. Because the rods
would later be covered by fireproofing, there would actually be no
visible difference.

At roughly the same time, mid-1978: The original W 8 X 10 purlin
(wide flange 8 in. or 203 mm deep, weighing 10 Ib per linear foort,
or mass 14.9 kg per linear meter) was changed to the box beam
with 2 MC 8 X 8.5 channels. The engineer’s revised sketch showed
a single rod, a notation for a yield strength (F,) of 414 MPa (60 kip/
in.?) for high-strength steel, and an axial load of 98 kN (22 kip).
The weld between the channels was not shown. The intent of the
load notation was to indicate to the fabricator that the connection
still needed to be designed.

August 1978: The draftsman transcribed the detail to the final
drawings, but the rod yield strength and axial load were missing.
The plans and specifications were issued for construction.
December 1978: The fabricator started in-house work on the shop
drawings, including heavy truss connections and all beam connections
for which the forces were shown on the drawings. The $390,000 con-
tract was not considered to be particularly large for the fabricator.
January 1979: The fabricator called the structural engineer’s proj-
ect manager requesting a change from the continuous rod to two
rods, offset, as shown in Figs. 2-4a and b. The project manager
checked the moment and shear in the box beam and responded
that the change was acceptable. He asked the fabricator to submit
the request through channels for approval, but the fabricator never
did this.

January 12, 1979: The fabricator landed a large contract and trans-
ferred the shop drawings for the Hyatt Regency to an outside engi-
neering firm. The drawing showed that the box beam had been started
but not completed. The new firm assumed that the connection design
had been completed and added the weld for the box beam.
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o February 7, 1979: The detailer checked the shop drawings for inter-
nal consistency and completeness and did not find any problem
with the hanger connection.

e February 16, 1979: The structural engineer received the shop draw-
ings for approval. The contractor requested expedited approval, so
the engineer assigned the checking to a senior technician. The tech-
nician noted that the hanger rod was not large enough using A36
steel, and the engineer responded from memory that it was high-
strength steel. The drawings were returned on February 26.

e Summer 1979: Construction problems arose at an expansion joint
because embedded plates had been left out. A repair detail using
supporting seat angles (directly under the beam) and expansion
bolts was developed, but only 5 of 14 bolts were installed correctly.
Earlier, the first testing lab had been fired, and now the second test-
ing lab was fired for poor performance on concrete testing. The
project was completed without a testing lab.

e October 14, 1979: The expansion bolt repair detail failed during
a fall cold snap, and two bays of the roof collapsed. Fortunately,
there were no injuries. A complete design check was performed (by
Luth). Again, the strength of the hanger rod was questioned, and
the same assurance was provided (without checking the project
documents). The design check revealed that W 6 X 16 members in
the sunscreen truss had replaced the original W 6 X 15.5 sections,
which were no longer available. The correction was completed by
November 1979. The general impression of the project team was
that disaster had been averted.

e July 1980: Hotel grand opening.

e July 1981: Collapse.

Legal Repercussions

Kansas City did not convict the Hyatt Regency engineers of criminal
negligence because of lack of evidence. However, the billions of dollars in
damages awarded in civil cases brought by the victims and their families
dwarfed the half-million dollar cost of the building (Roddis 1993).

Feld and Carper (1997, p. 215) suggest that this was the most heav-
ily litigated failure in history until that point. Claims under review at one
point were up to $3 billion, with a single class action suit settled for $143 mil-
lion. The 72 rescue workers sued for $150 million for emotional trauma
and long-term psychological effects; the claim was settled out of court for
$500,000.
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Technical Concerns

Neither the original nor the as-built design for the hanger rod satis-
fied the Kansas City building code, making the connection failure inevitable
under service loading conditions. If, however, the building design had pro-
vided for redundancy, this failure might not have resulted in the complete
collapse of the walkway. The technical issues in this case are not particularly
difficult. The procedural concerns are of much greater interest.

Procedural Concerns

The Hyatt Regency walkway collapse highlighted the lack of estab-
lished procedures for design changes, as well as the confusion over who
is responsible for the integrity of shop details (Roddis 1993). The legal
repercussions experienced by the Hyatt engineers established the engineer
of record’s responsibility for the structural integrity of the entire building,
including the shop details. It is important for all parties to understand fully
and accept their responsibilities in each project (Feld and Carper 1997).

Certain procedural changes have been suggested to help prevent simi-
lar collapses (Kaminetzky 1991, p. 220):

o The engineer of record (EOR) should design and detail all nonstan-
dard connections, although perhaps American Institute of Steel Con-
struction (AISC) standard connections do not require similar care.

o All new designs should be thoroughly checked.

 All of the contractor’s modifications to design details should require
written approval from the EOR.

o Redundancy must be provided to prevent progressive or dispropor-
tionate collapse.

o Cross plates or stiffeners must be used for similar box beam-type
connections to improve bearing capacity.

Given the history, this type of connection detail is unlikely to see much
use in the future.

Ethical Concerns

Pfatteicher (2000, pp. 62—63) notes that this collapse provided a first
test of the new ASCE Code of Ethics, officially adopted by the Board of
Direction in 1976. The most significant change was the addition of Funda-
mental Canon 1: “Engineers shall hold paramount the safety, health, and
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welfare of the public in the performance of their professional duties.” This
canon has since been revised to encompass sustainable development. The
ASCE Code of Ethics is provided in this book as Appendix B.

Once the NBS had completed its investigation (published as NBS
1982), the Missouri licensing board began a quiet inquiry. The public was
outraged at the failure and the loss of life, and the local newspapers were
filled with calls for justice (Pfatteicher 2000).

The county prosecutor and assistant district attorney announced
more than two years after the collapse that they would not file any criminal
charges because they did not find enough evidence to support them. The
Missouri licensing board continued with its investigation of Jack Gillum
and his employee, David Duncan. The board did not contact them during
the investigation, nor did it investigate the architects, despite the fact that
the board had jurisdiction over architects as well as engineers. At the end
of its investigation, the Missouri Board of Architects, Professional Engi-
neers, and Land Surveyors convicted the EOR and the project engineer of
gross negligence, misconduct, and unprofessional conduct in the practice
of engineering. Both had their Missouri professional engineering licenses
revoked. The two combined had licenses in 30 jurisdictions, and most of
those licenses were also revoked (Pfatteicher 2000, pp. 64-65).

After the Missouri board’s action, the ASCE Committee on Profes-
sional Conduct held a confidential hearing on the matter. The committee
deliberated for 12 h and recommended that Gillum be expelled for three
years. Duncan was not an ASCE member (Pfatteicher 2000, p. 65).

Writing within a few years after the collapse, two attorneys believed
that the punishment was appropriate. Their paper appeared in the ASCE
Journal of Performance of Constructed Facilities.

The attorneys Rubin and Banick concluded:

1. Based on the facts found by the administrative law judge regarding
the events that led up to the Hyatt collapse, license revocation was
more than warranted. The engineers’ conduct cannot be justified
under any standard of professional practice. They were callously
indifferent to life and safety after questions relating to the particu-
lar connection that failed were repeatedly brought to their atten-
tion. They were not hapless victims of the system in any sense.

2. Tt is paradoxical that while tragedies such as the Hyatt failure pro-
vide an incentive to change practices, the Hyatt failure is a poor
example on which to base recommendations for change, because
essentially no change in practices would likely have averted the
Hyatt tragedy.
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3. Examination of the facts discloses an ironic twist. With all of the
alleged deficiencies in current practices, oddly enough, Hyatt proves
that the system really does work. The right people asked . .. the
right questions before the collapse occurred . . .

The need to police professions (law and engineers alike) and to
continually punish professional misconduct must be recognized. It
is healthy; it is necessary. It instills public confidence—it removes
from practice those who may cause loss of life. . . . Most important,
however, is its prophylactic effect on the profession. It is an effective
weapon against complacency. (1987, pp. 165-166)

Undoubtedly, some engineers continue to hold this harsh view, but
the opinions of others have mellowed somewhat with time and with under-
standing of the complexity of the case.

The Human Factor

Jack Gillum, the EOR, was well respected. He published an excellent
paper discussing the failure, his actions before and after, and the responsi-
bilities of the EOR. His paper addressed two fundamental issues: the role
and responsibility of the EOR and whether design responsibility can be del-
egated (Gillum 2000).

He presented his paper at ASCE’s Second Forensic Congress, held in
San Juan, Puerto Rico, in May 2000 (Rens et al. 2000). His presentation
followed those of Moncarz, Luth, and Pfatteicher and closed a special ple-
nary session for the congress. At the end of his presentation, the audience
of engineers gave him a standing ovation. I was present and deeply moved,
and I believe that the ovation was for his courage in presenting his story to
his fellow engineers. Surely, the temptation to turn his back on the case and
avoid discussing it must have been great. He has spoken on this topic to
many groups across the country, including ASCE student chapters.

Gillum’s paper begins with the phone call that engineers dread.

It was a Friday evening at about 7:45 p.m. when my wife and I returned
home to a ringing telephone. The call was from Herb Duncan, one of
the principal architects with the Kansas City firm of Patty, Berkebile,
Nelson, Duncan, Monroe, Lefebvre (PBNDML), the firm with whom we
had worked on the Kansas City Hyatt. His first words to me—“There
has been a collapse at the Hyatt”—shattered me to the core. Herb told
me that one of the walkways had collapsed, and upon questioning he
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indicated, “Several may have been killed and many injured.” I asked
him what had happened and he had no answer. He had called to inform
me of the collapse and asked me what the weight of an individual walk-
way unit was, as the rescue workers had to determine the type of equip-
ment needed to remove the debris. (Gillum 2000, p. 67)

Gillum continued to narrate the events of the hours and days after the
phone call. He picked up Dan Duncan and chartered a plane, arriving by
11:15 .M. that evening. The rescue effort was well underway. Arriving at
the site, they quickly identified the problem with the connection, and quick
calculations verified that the as-built capacity was grossly inadequate. Over
the weekend, they met with the architects, their company personnel, and
their attorneys. Gillum immediately took steps to clarify his firm’s proce-
dures for responsibility and accountability of design work (Gillum 2000,
pp. 67-68).

The collapse was of great interest to the engineering profession. Many
letters to the editor of Engineering News Record (ENR) discussed the prob-
lems with the original connection. An initial round of letters claimed that the
connection could not be built, and a second round suggested several possible
solutions, such as sleeve nuts and other details (Ross 1984, pp. 398-402).
All of these writers knew, in hindsight, that the connection was critical and
that it had failed.

Many articles written referred to the connection as a “designed con-
nection,” and many alternate, satisfactory designs were presented. Two are
shown in Fig. 2-9, based on Kaminetzky (1991, pp. 220-221).

The NBS report recommended that concentrated loads never be applied
to flanges of steel sections. Load-distributing plates (shown in Fig. 2-9) should
be used (Feld and Carper 1997, pp. 222-223).

Of course, this analysis misses the point. It was not a poor connec-
tion design; it was a critical connection that somehow made it through the
entire project without being designed. A proper design of this connection
would have been easy if it had been flagged at any point during the process.
The review of the facts presented in the Gillum paper closely follows Luth’s
analysis.

Gillum closes his paper by saying,

There is hardly a day that goes by that I don’t think about the Hyatt
collapse, the lives that were lost or marred forever, the relatives that
lost their loved ones, and the effect it has had on Kansas City, the con-
struction industry, and everyone connected with the project. My hope
is that we, as a profession, can and will continue to learn, practice, dis-
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Figure 2-9a, b. Proposed alternative connection designs.

seminate, change, and adopt procedures and policies that will prevent a
tragedy like this from occurring again. (2000, p. 70)

Educational Aspects

The free-body diagram is the basic equilibrium analysis tool to deter-
mine forces acting on a body. If the diagram is not drawn correctly, the
forces cannot be calculated accurately, and the design may be unsafe. The
importance of a correct free-body diagram may be shown through analysis
of the Kansas City Hyatt Regency walkway collapse. Isolating the force of
the box beam bearing against the nut shows that the force transfer changes
between the configurations shown in Figs. 2-4a and 2-4b. The load on the
connection was doubled, and it failed.

However, the issues of communication and responsibility in engineer-
ing and construction are of even more interest than the technical issue of
the overloaded connection. This is not really a case study about free-body
diagrams. This is about the design and construction process, the pressures
for speed and economy inherent in any engineering endeavor, and the care
and failure literacy necessary to protect the public.

This case was revisited in four papers published in a special issue of
the ASCE Journal of Performance of Constructed Facilities (Gillum 2000,
Luth 2000, Moncarz and Taylor 2000, and Pfatteicher 2000). In addition,
authors of all four papers published and presented abbreviated versions of
the papers at ASCE’s Second Forensic Congress (Rens et al. 2000a). In his
editor’s note to the issue in which the four papers appear, the editor of the
journal, Ken Carper, asked how much the business of designing and con-
structing buildings had truly changed.
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Lessons Learned

According to Luth (2000, p. 59), some lessons have been learned from
this failure:

o Procedures must ensure that every connection is designed. It must
be possible to verify the capacity of every connection on the job
without referring to the piece drawings.

e A formal peer review must be performed on every detail in struc-
tural drawings. Spot-checking is not sufficient.

e When questions come up, such as the strength of the hanger rods,
they must be answered by referring to the project documents, in
case the engineer’s memory does not reflect what is actually on
those documents.

o Changes in personnel require careful management to ensure that
the project is handed off without errors creeping in.

o Any changes in concept must be handled by a formal review pro-
cess. Changes should not be approved over the phone.

Gillum (2000, pp. 69-70) cites additional procedural changes that
resulted from the Hyatt Regency collapse:

¢ Florida and Connecticut have mandated special inspection procedures
for “threshold buildings,” where some components are designed by
registered engineers working for suppliers and manufacturers.

e New York State has adopted rules that state, in essence, that each
engineer is responsible for his or her own work.

o ASCE published Quality in the Constructed Project in 1990,
which was updated a decade later (ASCE 2000). This publication
assigns responsibility for connections, as well as for other design
elements.

Lessons Not Learned

According to Luth, the lessons that were not learned were the following:

1. The implications of structural failures, even though they are rela-
tively rare, are far too serious for the scope of services to be defined
through a “low bid” process.

2. City building departments do not—and cannot—provide adequate
checking on major projects. A formal peer-review process on such
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projects should be mandatory. Peer reviewers should be excluded
from liability by law and should be held to a higher standard of
qualifications than ordinary engineers.

3. Structural engineers cannot continue to allow the legal profession
to define the duties, obligations, and specific actions that constitute

“good engineering practice” on a case-by-case basis after the fact.
(Luth 2000, p. 59)

Conclusions

According to Moncarz and Taylor (2000, p. 46), the collapse was
due to “the doubling of the load on the connection resulting from an ill-
considered change of an ill-defined structural detail.” They blame the design
process control and note that most investigation efforts concentrated on the
design procedures, but not the process.

Petroski has commented that,

Just as no one who knows of the Tacoma Narrows Bridge is likely
to ignore the effect of wind on a suspension bridge, so no one who
remembers the Hyatt Regency skywalks is likely to let another rod-
beam connection escape close scrutiny. Thus the tragedy no doubt
made a lot of inexperienced detailers suddenly much more experienced.
And it is precisely to keep these lessons in the minds of young engineers
that failures should be a permanent part of the engineering literature.
(1985, p. 91)

When Petroski wrote those words, the disaster was still fresh. How-
ever, this collapse occurred before most current undergraduate students
were born, and today’s students are thus not likely to be familiar with the
story unless it is discussed in the classroom.

Essential Reading

Essential reading for this case is the four papers published in the May
2000 special issue of the ASCE Journal of Performance of Constructed
Facilities (Gillum 2000, Luth 2000, Moncarz and Taylor 2000, and Pfattei-
cher 2000), along with the editor’s note by Carper. An excellent discussion
of this case, with emphasis on ethical issues, is provided by Roddis (1993).
This case study is featured on the History Channel’s Modern Marvels series
Engineering Disasters 11 videotape and DVD.



26 ~BEYOND FAILURE

Tacoma Narrows Bridge

On July 1, 1940, the Tacoma Narrows Bridge, connecting Seattle and Tacoma
with the nearby Puget Sound Navy Yard, opened to the public after two years of
design and construction. Its 853-m (2,800-ft) main span connected two 128-m
(420-ft) towers from which cables were draped (Levy and Salvadori 1992).

Even though it then was the third longest span in the world, the
Tacoma Narrows Bridge was much narrower, lighter, and more flexible than
any other bridge of its time. It accommodated two lanes of traffic quite
comfortably, while maintaining a sleek appearance. This appearance was so
important to the bridge’s designer, Leon Moisseiff, that he designed it with-
out the use of stiffening trusses, replacing them with shallower plate girders
of half the weight. This modification left the Tacoma Narrows Bridge with
one-third the stiffness of the Golden Gate and George Washington bridges.
These unique characteristics, coupled with its low damping ability, caused
large vertical oscillations in even the most moderate of winds. This design
soon earned it the nickname “Galloping Gertie” and attracted thrill seekers
from all over (Feld and Carper 1997).

Oscillations had been noted during construction. A movie camera was
placed atop the toll collector’s building to film the motion. Vertical waves of
up to 1.2 m (4 ft) double amplitude at up to 25 cycles per min were recorded.
Winds as low as 13-17 km/h (8-10.5 mi/h) could generate motions of up to
760 mm (2.5 ft) double amplitude (Scott 2001, p. 47).

Although these undulations could be quite unnerving to motorists,
no one questioned the structural integrity of the bridge. Leon Moisseiff
was a highly qualified and well-respected engineer. Not only had he been
the consulting engineer for the Golden Gate, Bronx—Whitestone, and San
Francisco—Oakland Bay bridges, but he had also developed the methods used
to calculate forces acting on suspension bridges (Levy and Salvadori 1992).

Moisseiff’s development of the deflection theory substantially improved
the efficiency of suspension bridges under gravity loads, making longer spans
more economical. The deflection theory was first used in the design of the
Manhattan Bridge. It replaced the much more conservative elastic theory.
Moisseiff contributed in some way to almost every suspension bridge built
during the first four decades of the 20th century (Scott 2001, pp. 15-17).

This was a period of increasing span lengths, coupled with increasing
slenderness under the economic constraints of the period. One key element
was the replacement of the stiffening trusses with plate girders, as with the
Tacoma Narrows Bridge. This innovation emerged in Germany and pro-
vided a much shallower profile (Scott 2001, p. 29).
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The Tacoma Narrows Bridge had a 1:350 span-to-depth ratio, about
one-tenth of the 1:40 ratio of the Williamsburg Bridge. The 1:72 width-to-
span ratio was much less than the 1:47 of the recently completed Golden
Gate Bridge. One engineer who reviewed the plans for the Toll Bridge
Authority, Charles Andrew, expressed concern about the design’s narrow-
ness. He anticipated that it would possibly lead to motorist discomfort.
Another engineer named T. L. Condon also reviewed the design and believed
that it was excessively narrow (Scott 2001, pp. 42-44). The narrowness and
slenderness represented a dramatic leap beyond previous practice, and these
engineers were concerned that this leap was not safe.

Even though the Tacoma Narrows Bridge adhered to all the safety
standards and its oscillations were not considered a threat, F. B. Farquhar-
son of the University of Washington began researching ways to reduce its
motion. By studying how different winds affected a highly accurate model
of the Tacoma Narrows Bridge and by testing new devices on it, Farquhar-
son was able to propose helpful modifications to the bridge (Ross 1984).

Hold-down cables were installed and anchored to concrete blocks
buried in the slopes. They were intended as interim measures, but one of
the ties snapped a week after installation. Nevertheless, it was reinstalled
in a matter of days. In addition to these hold-down cables, center stays and
inclined cables, which connected the main cables to the stiffening girder,
were installed. Wind tunnel testing by Farquharson suggested that aero-
dynamic measures, such as deflector vanes or fairings, could eliminate lift
and reduce motions. The bridge collapsed before these remedies could be
applied (Scott 2001, pp. 48—49).

Finally, an untuned dynamic damper, similar to the one that had proved
quite successful in curtailing the motions of the Bronx—Whitestone Bridge,
failed immediately after its installation on the Tacoma Narrows Bridge. It
was discovered that the leather used in this device was destroyed during the
sandblasting of the steel girders before they were painted, rendering it use-
less (Levy and Salvadori 1992).

The Collapse

A storm blew in on the night of November 6. At 7:30 A.M. on Novem-
ber 7, 1940, Kenneth Arkin, the chairman of the Washington State Toll
Bridge Authority, arrived at the Tacoma Narrows Bridge. Although the wind
was not extraordinary, the bridge was undulating noticeably and the stays
on the west side of the bridge, which had broken loose, were flapping in the
wind. Just before 10:00 A.m., after measuring the wind speed at 68 km/h
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(42 mi/h), Arkin closed the bridge to all traffic because of its alarming move-
ment. The bridge was twisting at 38 oscillations per min with an amplitude
of about 1 m (3 ft) (Levy and Salvadori 1992). Suddenly, the north center
stay broke, and the bridge began twisting violently in two parts. The bridge
rotated more than 45°, causing the edges of the deck to have vertical move-
ments of 8.5 m (28 ft) and the motions at times to exceed the acceleration
of gravity (Ross 1984).

The onlookers had not been concerned up to this point. Although the
wind was the strongest so far since the bridge had been built, the motions
were in line with what had been observed earlier. However, the sudden change
in motion was alarming. Without any intermediate stage, violent torsional
movement started. The movement changed from nine or ten smaller waves
to the two dominant twisting waves. Farquharson was surprised because
he had not observed this phenomenon in his wind tunnel tests (Scott 2001,
p. 50). Figure 2-10 shows the torsional motions of the bridge.
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Figure 2-10. Tacoma Narrows Bridge torsional motion.
Courtesy University of Washington Special Collections, photo UW21413.
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Two cars were on the bridge when this wild movement began: one
with Leonard Coatsworth, a newspaper reporter, and his cocker spaniel,
and the other with Arthur Hagen and Judy Jacox. All three people crawled
to safety (Levy and Salvadori 1992, Scott 2001, p. 51).

The concrete sidewalks and curbs were beginning to crumble, and
lampposts were coming loose. A couple of minutes later, the stiffening gird-
ers in the middle of the bridge buckled, initiating the collapse. Then the
suspender cables broke, and large sections of the main span dropped pro-
gressively, from the center outward, into the river below. Loud bangs were
heard, similar to gunfire. The weight of the sagging side spans pulled the
towers 3.7 m (12 ft) toward the shore, and the ruined bridge finally came
to rest. The side spans, no longer balanced by the main span, dropped 18 m
(60 ft) before coming back to a final sag of about 9 m (30 ft) (Feld and
Carper 1997, Scott 2001, pp. 51-53). The bridge’s only fatality was Coat-
sworth’s cocker spaniel. Figure 2-11 shows the bridge collapsing.

Figure 2-11. Tacoma Narrows Bridge collapse.
Courtesy University of Washington Special Collections, photo UW21422.



30 BEYOND FAILURE

Because Farquharson was present that day studying the bridge, its col-
lapse is well documented, photographed, and recorded on film (Levy and
Salvadori 1992). A detailed moment-by-moment account of the collapse is
provided by Scott (2001, pp. 49-53).

Causes of Failure

The questions before an incredulous engineering profession were trou-
bling: how could a span designed to withstand 161 km/hr [100 mi/h]
winds and a static horizontal wind pressure of 146 kg/m? [30 lb/ft?]
succumb under a wind of less than half that velocity imposing a static
force one-sixth the design limit? (Scott 2001, p. 53)

Clearly, the new deflection theory was not by itself enough to safely
design suspension bridges. Somehow, the dynamic effects of wind on flex-
ible suspension bridges had to be accounted for.

The Public Works Administration (then PWA, later the Federal Works
Agency or FWA) assembled a board of engineers to investigate. This board
was known as the Carmody Board, after the PWA head, John M. Carmody.
The board had three members: Othmar H. Ammann, Theodore von Karman,
and Glenn B. Woodruff. Ammann had designed many of the great bridges
around New York City. Woodruff was the design engineer for the Transbay
(San Francisco—Oakland Bay) Bridge. The third member, von Karmdn, was
the director of the Guggenheim Aeronautical Laboratory at the California
Institute of Technology (Scott 2001, p. 53).

The PWA/FWA report found the following:

e The bridge was well designed and well built. Although it could
safely resist all static forces, the wind caused extreme undulations,
leading to the bridge’s failure.

o Efforts were made to control the amplitude of the bridge’s oscillation.

o No one realized that the Tacoma Narrows Bridge’s exceptional flex-
ibility, coupled with its inability to absorb dynamic forces, would
make the wild oscillations that destroyed it possible.

o Vertical oscillations were caused by the force of the wind and caused
no structural damage.

o The failure of the cable band on the north end, which was con-
nected to the center ties, probably started the twisting motion of
the bridge. The twisting motion caused high stresses throughout the
bridge, which led to the failure of the suspenders and the collapse
of the main span.
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 Rigidity against static forces and rigidity against dynamic forces
cannot be determined using the same methods.

o Subsequent studies and experiments were needed to determine the
aerodynamic forces that act on suspension bridges.

In other words, the FWA concluded that because of the Tacoma Nar-
rows Bridge’s extreme flexibility, narrowness, and lightness, the random
force of the wind that day caused the torsional oscillations that destroyed
the bridge. The FWA believed that wind-induced oscillations approached
the natural frequencies of the structure, causing resonance (the process by
which the frequency of an object matches its natural frequency, causing a
dramatic increase in amplitude). This theory explained why the relatively
low-speed wind 68 km/h (42 mi/h) caused the spectacular oscillations and
destruction of the Tacoma Narrows Bridge (ENR 1941).

The FWA’s theory, however, is not the only explanation. Many people
believe that this explanation overlooks the important question as to how
wind, random in nature, could produce a periodic impulse. One explanation
proposed by von Karmdn, an aeronautical engineer, attributed the motion
of the bridge to the periodic shedding of air vortices, which created a wake
known as a von Karman’s street. This wake reinforced the structural oscil-
lations, eventually causing the collapse of the bridge. The problem with this
theory is that the calculated frequency of a vortex caused by a 68 km/h
(42 mi/h) wind is 1 Hz, whereas the frequency of the torsional oscillations
of the bridge measured by Farquharson was 0.2 Hz (Petroski 1991).

Another explanation, proposed by Billah and Scanlan, admits that
vortices associated with the von Karman’s street were shed but suggests
that they did not affect the motion of the bridge. Another kind of vortex,
one associated with the structural oscillation itself, was created, with the
same frequency as the bridge. The resonance between the bridge and these
vortices caused excessive motion, destroying the bridge (Billah and Scanlan
1991). Although these three theories differ as to what exactly caused the
torsional oscillations of the bridge, they all agree that the extreme flexibil-
ity, slenderness, and lightness of the Tacoma Narrows Bridge allowed these
oscillations to grow until they destroyed it.

A contributing factor may have been slippage of a band that retained
the cables.

For months the motions, while disturbing, had been symmetrical, and
roadway had remained flat. The lampposts on the sidewalks stayed in
the vertical plane of the suspension cables even as they rose, fell, and
twisted. But on November 7 a cable band slipped out of place at
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mid-span, and the motions became asymmetrical, like an airplane bank-
ing in different directions. The twisting caused metal fatigue, and the
hangers broke like paper clips that had been bent too often. (Freiman
and Schlager 1995b, p. 226)

Technical Concerns

The Tacoma Narrows Bridge collapse showed engineers and the world
the importance of damping, vertical rigidity, and torsional resistance in sus-
pension bridges (Ross 1984). Once the threat of twisting was realized, there
are many ways that the disaster of the Tacoma Narrows Bridge could have
been averted. Making any one of the following adjustments could have pre-
vented the collapse:

 using open stiffening trusses, which would have allowed the wind
free passage through the bridge;

o increasing the width-to-span ratio;

« increasing the weight of the bridge;

o dampening the bridge;

¢ using an untuned dynamic damper to limit the motions of the bridge;

« increasing the stiffness and depth of the trusses or girders; or

o streamlining the deck of the bridge (Levy and Salvadori 1992).

Earlier Problems with Suspension Bridges

The Tacoma Narrows Bridge collapse highlighted the importance of
failure literacy, a knowledge of historical failures and their causes. Although
the mid-20th century engineering profession was surprised by the incident,
many similar stories were buried in the engineering history of the previous
century. Two early collapses delayed the progress of suspension bridges in
Europe: the Dryburgh Abbey Bridge in England in 1818 and an 1824 failure
of a German span. Descriptions of the oscillations before the collapse of the
Brighton Chain Pier, also in England, in 1823 provided clear evidence of res-
onance and were similar to those of the Tacoma Narrows Bridge. Thomas
Telford’s Menai Straits Bridge in Wales almost collapsed in a gale barely a
week after opening, with 4.9-m (16-ft) oscillations of the deck. Again, the
torsional motions were similar. The repaired and strengthened bridge failed
10 years later. These early bridges were suspended using chains, rather than
the later wire cables (Scott 2001, pp. 3-4, 55-56).

Between 1818 and 1889, the wind destroyed or seriously damaged
10 suspension bridges (Petroski 1994). Most of these bridges, like the Tacoma
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Narrows Bridge, had small width-to-span ratios, ranging anywhere from
1:72 to 1:59. They also experienced severe twisting right before collapse,
as the Tacoma Narrows Bridge did. In 1854, the bridge over the Ohio River
at Wheeling, West Virginia, also collapsed because of wind. Many other
bridges suffered a similar fate (Levy and Salvadori 1992). Detailed descrip-
tions of eight suspension bridges destroyed by wind during this time are
provided by Scott (2001, pp. 55-58).

In fact, it was not until the success of John Roebling that suspension
bridges became widely accepted. Through his understanding of the impor-
tance of deck stiffness and knowledge of past failures, Roebling was able
to make suspension bridges accepted as strong railway bridges (Feld and
Carper 1997). Roebling relied on a combination of weight, trusses, and
stays to stiffen his bridges, which were able to avoid the stability problems
of earlier designs (Scott 2001, p. 9).

Soon, however, the success of suspension bridges led engineers to
forget the failures of the previous century. Once again, suspension bridges
evolved toward the longer, sleeker designs, as engineers forgot the corner-
stone of their success, wind resistance (Petroski 1994).

Engineer D. B. Steinman designed the first two-plate girder suspension
bridges in North America, the Thousand Islands Bridge across the St. Law-
rence River between the United States and Canada (1938) and Deer Isle
Bridge in Maine (1939). The projects were designed and built under severe
economic constraints. Both bridges exhibited substantial oscillations in the
wind and required stiffening with cable ties. Vertical and torsional motions
were both observed. The cable ties substantially reduced, but did not elimi-
nate, the motions, and were thought to be an adequate repair. Engineer
Othmar Ammann’s slender Bronx—Whitestone Bridge also opened in 1939.
It was longer and heavier than Steinman’s two bridges and was also prone to
oscillation during construction and after opening. Both midspan cable ties
and friction brakes were installed (Scott 2001, pp. 33-40).

Problems were also observed in Norway, which had built 22 thin,
flexible, rolled I-beam suspension bridges between 1927 and 1937. Several
spans in the 70-230-m (230-755-ft) range were prone to either mild or
severe oscillations. The worst was Norway’s longest span, the 230-m (755-ft)
Fykesesund Bridge, which had oscillations up to 1.6 m (5.2 ft) (Scott 2001,
p. 58).

Later Problems with Suspension Bridges

The Tacoma Narrows Bridge collapse focused attention on the perfor-
mance of similar structures. Several of the plate girder suspension bridges
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built at about the time of the Tacoma Narrows Bridge remain susceptible to
aerodynamic oscillations.

The Deer Isle Bridge has continued to have problems, despite an elab-
orate retrofit system of stays, cross-stays, and braces. The bridge had to
be closed temporarily in May 1978. The structure had been modified four
times without success; the fifth attempt added streamlining fascias to the
plate girders. The Fykesesund Bridge had a shallow truss added. The Bronx—
Whitestone Bridge had tower stays and a truss added in the 1940s, but those
retrofits did not succeed in eliminating significant motion. There has also
been concern about long-term fatigue from vibration. In the 1980s, a pas-
sive tuned mass damper was added. As of 2001, a more comprehensive and
radical retrofit was proposed to streamline and further reinforce the bridge
(Scott 2001, pp. 354-356). Overall, it seems that nothing has been able to
compensate for the inherent flexibility of plate girder suspension bridges.

Other great suspension bridges built leading up to the Tacoma Nar-
rows Bridge have been susceptible to oscillation, but not to the same degree.
The George Washington Bridge in New York City has shown vertical move-
ments, but it is much heavier in relation to its length than the Tacoma Nar-
rows Bridge was. The Golden Gate Bridge has oscillated despite its stiffen-
ing truss (Scott 2001, p. 59).

Ethical Concerns

In the face of new technology, how do we balance public welfare and
progress? If Moisseiff had designed a bridge similar to the ones that had
already proven their stability, the Tacoma Narrows Bridge would never
have collapsed. It would also have been significantly more expensive. On
the other hand, if engineers never tried innovative techniques, suspension
bridges might never have been built at all.

Moisseiff tried to create a longer, sleeker, less expensive bridge by
pushing the limits of technology. Every time engineers push the limits of
technology, they risk a similar loss, sometimes even a loss of life. How much
is too much? When is a possible advance worth a risk to public safety?
What can the engineering profession do to make the implementation of new
technology safer?

Evolution of Bridge Aerodynamics

From the dramatic photographs and film footage of the Tacoma Nar-
rows Bridge collapse, it was obvious that the bridge was twisting in two alter-
nating waves just before it came apart. What remained to be understood was
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how the wind forces and the bridge had interacted to produce the waves. It is
not intuitively obvious how lateral pressure would produce such oscillations.

Possible explanations include flutter, buffeting, turbulence, galloping,
and vortex shedding. The Tacoma Narrows Bridge collapse, followed by
Farquharson’s pioneering work, launched a new discipline of bridge aero-
dynamics. Because subsequent suspension bridges generally used stiffening
trusses or streamlined box girders, the behavior of plate girders in long sus-
pension bridges has mostly been of academic interest for new bridges (Scott
2001, pp. 345-351).

At present, one commonly accepted explanation for the torsional
oscillations of the Tacoma Narrows Bridge is the shedding of vortices from
the upwind plate girder, causing alternating high and low pressure moving
across the deck. Scott (2001) said,

The explanation is as follows . . . the bluff windward girder creates a lead-
ing edge vortex, say, on the top side of the deck, and a previously created
vortex is positioned beneath the deck centerline. The newly generated
upper vortex . . . creates . . . a positive suction force as it begins to move
across . . . at the same time, the bottom vortex, rotating with an opposite
spin, moves across the leeward half of the cross section. (p. 352)

These forces alternate and reinforce each other once the critical velocity has
been reached.

Billah and Scanlan (1991) reviewed several dozen undergraduate phys-
ics textbooks, as well as high school science texts and other similar works,
and decided that the way the Tacoma Narrows Bridge case is often por-
trayed is oversimplified and misleading. It is often used to illustrate the con-
cept of resonance, which is when a system capable of oscillation is acted on
by a periodic series of impulses at or near one of the natural frequencies of
the system, causing oscillations with increasing amplitude. This explanation
implies that the wind had a periodic, oscillating nature close to one of the
natural frequencies of the bridge. The term “wind gusts” has been used to
suggest a periodic forcing function.

Periodic vortex shedding has also been suggested, and the earlier verti-
cal oscillations of the bridge occurred because of this shedding. This situa-
tion is, however, much more complex than a simple case of resonance. Peri-
odic vortex shedding is also a self-limiting mechanism, and as the amplitude
increases, so do compensating forces (Billah and Scanlan 1991, p. 120).

However, the final, torsional destructive mechanism was different. At a
wind speed of 68 km/h (42 mi/h), the frequency of natural vortex shedding
would be close to 1 Hz. However, Farquharson observed that the torsional
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motions occurred at 12 cycles per min, or 0.2 Hz, which would rule out
natural vortex shedding as the final destructive mechanism. In fact, it took
about three decades of research and model testing to determine that the actual
cause was single-degree-of-freedom torsional flutter (Billah and Scanlan 1991,
pp. 120-121). The explanation of the correct mechanism relies heavily on
Scanlan’s work in the early 1970s with my friend and colleague, John Tomko,
a member of the faculty at Cleveland State University for many years.

Billah and Scanlan (1991) said, “Instead of characterizing the force
that excited the single-degree oscillator as a purely external function of time,
it was characterized as an aerodynamic self-excitation effect that was able
to impart a net negative damping characteristic to the system” (p. 121).
Because damping of a resonant system causes the amplitude of motion to
decay, negative damping increases the amplitude of motion until the struc-
ture becomes unstable and is destroyed.

Controversy persisted for some time as to whether the vortices caused
the motion of the bridge or the motion caused the vortices. The work of
von Karman is often interpreted to imply the former. Billah and Scanlan
(1991, p. 122) argue that it was the other way around: that the motion of
the bridge produced a flutter wake, which led to the failure.

Could this be a resonant phenomenon? It would appear not to contra-
dict the qualitative definition of resonance quoted earlier, if we now
identify the source of the periodic impulses as self-induced, the wind
supplying the power, and the motion supplying the power-tapping
mechanism. If one wishes to argue, however, that this was a case of
externally forced linear resonance, the mathematical distinction . . . is
quite clear, self-exciting systems differing strongly enough from ordi-
nary linear resonant ones. The texts we have consulted have not gone
this far in explanation. (Billah and Scanlan 1991, p. 122)

Billah and Scanlan (1991, p. 122) note that further confusions often
encountered in the literature include conflating the bridge flutter of a bluff
body with the flutter of a streamlined aircraft wing. They are in fact quite
different because flow around highly streamlined airfoils is different from
flow around the sharp corners of bridge girders.

Educational Aspects

A suspension bridge’s resistance to motion is provided by mass in addi-
tion to stiffness. The resistance to rotation is provided by the mass moment
of inertia I, defined as
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1= y*dm (2-1)

The redesigned bridge had four lanes rather than two, and 10-m
(30-ft) deep stiffening trusses rather than the 2.4-m (8-ft) deep plate gird-
ers. Because the mass m of the bridge doubled, and the moment arm 7 also
doubled, the new bridge had 8 times the resistance to rotational motion of
the original, destroyed bridge, even ignoring the contribution of the stiffen-
ing trusses.

Strength of structures is important, but stiffness—resistance to deflec-
tion and vibration—is also important. Optimized structures, using mini-
mum amounts of material, can be subject to instability.

Conclusions

The Carmody Board, and von Kdrman in particular, made a signifi-
cant effort after the investigation to advance bridge aerodynamics. Until
that point, designers’ concerns had primarily been focused on treatment of
wind as a static pressure. The post-Tacoma era ushered in a fertile field of
wind tunnel testing for bridges (Scott 2001, pp. 67-70).

The actual failure mechanism of the Tacoma Narrows Bridge is dif-
ficult to understand and is still not clear to many, even after decades of
research. On the other hand, the remedies are relatively straightforward
and were known to John Roebling: mass of the deck, stiffening trusses, and
stays. Subsequent suspension bridge designs have benefited from the lessons
of the Tacoma Narrows Bridge.

Essential Reading

A thorough review of the technical aspects of the collapse and of
suspension bridge aerodynamics in general is provided in In the Wake of
Tacoma: Suspension Bridges and the Quest for Aerodynamic Stability (Scott
2001). The case is also discussed in detail in Section 11 of Chapter V of
Engineers of Dreams: Great Bridge Builders and the Spanning of America
by Petroski (19935, pp. 294-308). Other, briefer discussions of the Tacoma
Narrows Bridge case are provided by Levy and Salvadori (1992) and Wearne
(2000, pp. 37-45). Billah and Scanlan (1991) provide an important discus-
sion of the destruction mechanism.

An illustrated account of the collapse is provided on the University of
Washington LibrariesSpecial Collectionswebsiteathttp://www.lib.washington
.edu/specialcoll/exhibits/tnb/default.html.
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Aircraft Impacts

Buildings are designed for different loads and load cases, such as wind, earth-
quake, or snow. One case that is rarely considered is vehicle impact, although
this type of event occurs. On a small scale, drivers (impaired or not) some-
times mistake a small building for a continuation of the roadway.

Aircraft impacts are more serious because of the large size and speed
of the vehicles. Historically, some structures, such as nuclear reactor con-
tainment vessels, have been designed against aircraft impacts. This design
case is analyzed because, even though such an event used to be considered
highly unlikely, the consequences of a release of radioactive material are
considered catastrophic.

Four buildings in Manhattan, the Empire State Building, 40 Wall
Street, and the two World Trade Center (WTC) towers, were hit on three
occasions by aircraft. The first two crashes happened in the 1940s, and the
third happened more than a half century later. The crashes into the Empire
State Building and 40 Wall Street were accidents, whereas the WTC attacks
were deliberate. The performance of the WTC towers during and after the
attack is discussed in Chapter 6.

On July 28, 1945, a 10,000-kg (10-ton or 22,000/32.2 = 683 slug)
B-25 bomber crashed into the Empire State Building at an estimated 400 km/h
(250 mi/h) into the north face of the 79th floor. The flight ceiling was less
than about 300 m (1,000 ft), and visibility was poor. The aircraft was evi-
dently weaving between the skyscrapers of Manhattan. One of the plane’s
two engines passed entirely through the building and into a building across
the street, starting a fire. The other engine fell down the Empire State Build-
ing’s elevator shaft. Although several people were killed by the burning
gasoline from the plane, the building remained standing. The building was
a heavy, robust, riveted structure, and the aircraft impact missed a critical
column. Almost a year later, another twin-engine plane lost in the fog hit
the 40 Wall Street building, which also survived (Levy and Salvadori, 1992,
pp. 25-30).

There is an ironic foreshadowing of the September 11, 2001, WTC
attacks in the B-25 crash. The deaths in the building were caused by the
burning aircraft fuel and not by the impact. Even for the day, the B-25
medium bomber was a relatively small aircraft, and the amount of fuel car-
ried was small. In contrast, the massive fuel loads of the much larger airliners
that hit the WTC towers would prove enough to destroy both buildings.

To estimate the force applied to the building, we must estimate either
the deceleration of the bomber as it crashed into the building (and use
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the force-acceleration method), estimate the distance it took the bomber
to come to rest (and use the work-energy method), or estimate the time it
took the bomber to come to rest (and use the impulse-momentum method).
The bomber did not pass through the building, so a distance of 10-20 m
(33-66 ft) for the plane to come to rest could be used for calculations. If the
bomber came to rest in 20 m (66 ft) with a constant deceleration, the force
would be about 4,440 kN (1 million Ib) exerted over about 0.25 s. The
kinematics of impact are shown in Fig. 2-12.

All three of these methods are derived from F = ma. The acceleration
is assumed to be constant and is integrated once for velocity and twice for
distance traveled. With an initial velocity of 400 km/h or 111 m/s (250 mi/h
and 364 ft/s), a final velocity of 0, an initial position of 0, and a final posi-
tion of 20 m (66 ft), the velocity equation becomes

v(t) = at +111 (2-2)

and the position equation becomes
s(t)=a7t2+111t (2-3)
Solving these two equations simultaneously gives a ¢ of about 0.36 s

and an acceleration of 308.6 m/s* or (1,010 ft/s?). This change is actually a
deceleration, which would affect the direction of the force.

Point of impact

m= 10,000 kg
_ v=1111m's
s=0

Bomber

N

‘x— =/
x Bomber comes
to rest inside

building
\_ Wall of m = 10,000 kg
— Empire State v=0
Building s =20 meters

Figure 2-12. Bomber impact into Empire State Building.
Source: Delatte (1997).
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Force-Acceleration Method

From F = ma,

F=10,000 kg X 308.6 m/s> = 3,086 kN (2-4)

or F =683 slug X 1,010 ft/s* = 690,000 Ib

Work-Energy Method

Initial kinetic energy plus work done equals final kinetic energy:

T + zUl-z =T, (2-5)
where T, = initial kinetic energy,
U,_, = work done between position 1 and position 2 (initial and
final), and
T, = final kinetic energy.
Initial kinetic energy is
T, =L 2-6
L) (2-6)

where m = mass (10,000 kg or 683 slug, given above) and v is initial veloc-
ity of 111.1 m/s (364 ft/s). Thus, the initial kinetic energy is 61,700,000
newtons meter (N-m) or 45,500,000 ft-1b.

U, =Fxd (2-7)

where F is the unknown force and d is the distance of 20 m (66 ft). The final
kinetic energy is 0 because the final velocity is O after the bomber comes to
rest. Finally, to get the force:

U., _ 61,700,000 N-m
d 20 m (1000)

F= —3,086 kN (2-8)

_ Uiy _ 45,500,000 ftdb _ g0 000 1,

F
o d 66 ft

which is exactly the same result as before.
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Impulse-Momentum Method
The initial momentum plus the impulse equals the final momentum, or
ty
mu, + IF dt =m,v, (2-9)
3]

For a constant force, this becomes

myy + F(t, — t) =myv, (2-10)

Substituting previous values of 10,000 kg (683 slug) for 72, and m1,, 111.1 m/s
(364 ft/s) for vy, O for v,, and 0.36 s for the time elapsed (¢, — #;), we once
more calculate:

mw, _10,000x111.1
(tz _tl) 0.36

F:

=3,086 kN (2-11)

mw, _ 683%364

=690,000 Ib
(t, —t)) 0.36

or F=

This problem is useful for demonstrating the equivalence of the
three methods. A bomber crashing into a building is an extremely unlikely
occurrence. However, the consequences of the collapse of a large building
are grave. How should the engineering profession guard against rare but
severe events? In a large and complicated project, is there an obligation to
go beyond building code requirements? For example, for nuclear reactor
containment vessels, what extreme events should engineers consider? What
about other buildings subject to terrorist attacks?

This case study was originally written in 1997 (Delatte 1997), well
before the terrorist attacks of September 11, 2001. The same methods may
be applied to calculate the impact forces applied by any aircraft of known
weight and speed, with an estimate of the average distance before the air-
craft (or its parts) came to rest. The characteristics of the aircraft used to
attack the two WTC towers are provided in Chapter 6.

Essential Reading
This case study is discussed in Levy and Salvadori (1992).
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Other Cases

Many other cases presented in this book are relevant to a statics, dynamics,
or combined course.

Mianus River Bridge

The failure of the Mianus River Bridge in Connecticut (Chapter 6)
illustrates the principles of three-dimensional equilibrium, stability, and
redundancy. The bridge span that fell was 30 m (100 ft) long and three
travel lanes wide, with a 53° skew. Three travel lanes plus the sidewalk and
shoulder were about 12 m (40 ft) wide. The bridge span was a parallelo-
gram in plan view.

The hanger system used to support the bridge span was roughly analo-
gous to a link (two-force member) support at each corner of the parallelo-
gram. In theory, then, the structure with four cable supports has one redun-
dant support and is stable if one is removed.

However, the remaining three cable supports do not constrain the free-
body against movement under all loading conditions, as shown in Fig. 2-13.
The removed cable is shown as dashed.

Without external load, the center of gravity of the bridge section lies
on the straight line between cables B and C, and there is no tension in cable
A. If a vehicle drives onto the bridge between point A and a straight line

p— — — -

A C

Figure 2-13. Stability of a skewed simple span bridge.
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between points B and C, then cable A supports the load. If, however, the
vehicle drives past the line, then the bridge section topples over. Therefore,
all four supports must be intact to keep the bridge safe, and the bridge is
conditionally unstable if any one support is removed.

Agricultural Product Warebouse Failures

The agricultural product warehouse failures case from Chapter 4 may
be used to discuss force resultants and support conditions. This case study
discusses two cottonseed warehouse buildings investigated by the author.
Although the two buildings did not collapse, the distress caused a considerable
economic loss to the owner. Lateral pressure of cottonseed, or soil, is similar
to static water pressure. The differences are in the unit weight of the material
and in pressure coefficients that depend on cohesion and internal friction.

In the case of the cottonseed, we have a triangular pressure distribu-
tion. The resultant of the distributed load is the area of a triangle (%2 times
the base times the height), and acts outward ' of the height from the base.
Of course, the main problem was that evidently the cottonseed pressure was
never taken into account in the design.

The fixed support at the base of each column in the warehouse implies
two force resultants and one moment resultant (in two dimensions). In the
design of the foundation, the force resultants were accounted for but not
the moment. As a result, the column base plates twisted and cracked the
concrete foundation, as shown in Fig. 4-3.

I noted that the connection was assumed to be pinned but was built
as fixed. I was asked which is correct. Either one could be correct, but the
assumption and the design and detailing have to match. If it is built as fixed,
then some prying moment must be assumed and the foundation must be
reinforced to resist the tensile forces. It could be built with a pin, although
that would probably require a complicated joint detail. Assuming a pin and
yet building a fixed support is a case of the worst of both worlds, and it
almost guarantees a cracked foundation.

Quebec Bridge

The Quebec Bridge (Chapter 3) was a cantilever truss bridge, and ten-
sion and compression members may easily be identified using statics. There
are two identical cantilever spans on either side of the bridge, with a simple
span suspended between them. The suspended span has compression in the
top members and tension in the bottom members, and the four cantilever
arms have tension in the top members and compression in the bottom.
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As the two arms of the bridge were built out from the pier, the moments
on the truss arms increased, and the compressive stresses in the bottom
chords of each arm also increased. Both the method of joints and the method
of sections, traditionally taught in statics courses, may be used to analyze the
compressive strut forces at the different stages of bridge construction.

Austin Concrete Dam Failure

The case of the 1911 Austin, Pennsylvania, dam failure is provided
in Chapter 9. This case illustrates the importance of dry friction analysis
of gravity dams. Dry friction in the case of a gravity dam is somewhat of
a misnomer if there is water seepage under the dam, but it does illustrate
the fundamental principle of dam stability. Stability of gravity dams may be
easily analyzed using statics.

A gravity dam may fail by either overturning or sliding. Because a grav-
ity dam generally has a relatively constant cross section across the stream,
it may be analyzed in two dimensions. Consider the free-body diagram of a
simplified dam cross section as shown in Fig. 2-14.

The gravity dam shown has a height H; and a base width B and is
shown as a triangle of concrete, excluding any parapet at the top. The height
of the water behind the dam is H,,, which is kept below H, to prevent an
overtopping failure of a dam. Generally, a spillway is used to make sure that
the water cannot rise above H,,.

The magnitude and location of the weight of the dam, W}, and the
water force behind the dam, F,,, may now be calculated, per unit length of
the dam in either meters or feet:

1
Wp :EHJB% (2-12)
1.5
and Fw ZEHW’YW (2_13>

where v, and v,, are the unit weight of concrete and water, respectively. These
weights are typically assumed to be 2,300 kg/m? (22.6 kN/m?; 145 Ib/ft?) and
1,000 kg/m? (9.81 kN/m?; 62.4 Ib/ft?). The resultant of the dam weight is
%5 B from the downstream toe of the dam, and the water force resultant
is 4 H,,, from the base of the dam.

The other two forces acting on the free-body diagram shown in Fig.
2.14 are the normal force N and the friction force F; acting on the base
of the dam. The location of N is unknown and is designated by x. The
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Figure 2-14. Free-body diagram of a concrete gravity dam (Austin, Pennsylvania).

maximum value of the friction force F___ is N times the static coefficient

of friction .
FE <E,.=pN (2-14)

It is now possible to calculate the factors of safety against overturning
and sliding for the dam. The dam overturns when the overturning moment
caused by F,, is greater than the resisting moment provided by W. When
the dam tips, x = 0. Therefore, the factor of safety against overturning is

2B 2(1 )
w,| =2 | £|=H,B
FS _ le’eSisﬁng _ D( 3 ]_ 3[2 ¢ ’yc}
overturning - -
> M, euming H 11,
overturnin, F w | =H
1) ) s
_2H,B’y, _4.65H,B’

H,v, H,,
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For the Austin Dam, the height H; of the dam was 15 m (49 ft), the
width of the dam base B was 9.8 m (32 ft), and the height of the spillway H,,
was 13 m (42 ft). The crest, which is ignored in this calculation, was only
0.76 m (2.5 ft) thick. Therefore, the factor of safety against overturning was
3.15. Note that this factor of safety is purely a function of the geometry of
a concrete dam.

The factor of safety against sliding is determined by comparing the
sliding force of the water to the resisting force of friction against the base of
the dam in the x direction. First, from summing forces in the y direction, the
normal force N is equal to the weight of the dam, Wp,. The factor of safety
against sliding is

_ ZEcsisﬁng _ Fmax — 'J“WD

_wiH,By. _2.32pH,B

FSsiin -
e Y P B, FE, 1Hy, H?

(2-16)

For the Austin Dam, the factor of safety against sliding was 2.06.
Therefore, the dam will slide if FSg;4,, = 1 or p = 0.48.

These calculations assume that there is no water seeping under the
dam. If, however, there is seepage, then the water pressure provides an uplift
force against the base of the dam. The Austin Dam had clear evidence of
seepage. The revised free-body diagram of the dam, including seepage, is
provided as Fig. 2-15.

The uplift force is at a maximum on the upstream side of the base of
the dam and is O at the toe, so there is a triangular pressure distribution
acting at % B from the toe of the dam. Essentially, the uplift force reduces
the effect of the dam weight, Wp,. Inclusion of the uplift force F, modifies
the two factor-of-safety equations:

W, - E,)[ ZB]

M esisin 3
FSoverturning = 2 = (2."1 7)
2 Movertuming F i
“13
SFeis FE.. wW,—FE)
FSSj = resisting __ Dmax __ D u 218
e z Eliding Fw Fw ( )

Clearly, the uplift force reduces the factor of safety in each case. Deter-
mining the uplift force requires knowledge of the properties and permeabil-
ity of the soils under the dam and is a fairly complicated process.

Two techniques are used to improve the safety of concrete gravity dams.
One technique is cutoff walls or trenches to block water flow and reduce the
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Figure 2-15. Revised free-body diagram of dam, considering seepage.

hydrostatic pressures. The other is the use of keyways under the dam, which
resist sliding. Soil resistance against a buried toe of the dam, or against a
keyway, improves the factor of safety against sliding. The revised equation
becomes

zFresisrin Fma +P;d W, — Fu +Eo’
— g X il P'( D ) il (2_19)

FSyidine =
e 2 P;liding E w E w

The Austin Dam’s foundation was 1.2 m (4 ft) below grade, but there
was minimal soil resistance to sliding from such a shallow embedment. A
shallow block of soil simply slid along with the dam foundation.

This two-dimensional analysis ignores possible additional safety pro-
vided by friction and interlock between the dam abutments and the adjacent
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hillside. However, because the Austin Dam broke into pieces when the con-
crete cracked before failure, this resistance was not available.

Some old dams are now being improved by providing downstream
buttresses of roller compacted concrete (RCC). Essentially, an RCC dam is
built against the downstream face of the existing dam, increasing W}, and
B, which improves both factors of safety.

Vaiont Dam Reservoir Slope Stability Failure

A landslide or slope stability failure in soil mechanics represents
another sort of “dry” friction problem. One failure of this type was the
Vaiont Dam Reservoir in Italy, discussed in Chapter 7.

There are some significant differences between gravity dam analysis
and slope stability analysis. For one, overturning a slope can be neglected
because it doesn’t happen. Another important difference is that the location
of the failure surface isn’t known in advance for a slope stability failure.
Typically, multiple potential failure surfaces must be tried, and the failure
surface with the lowest factor of safety provides the overall slope factor of
safety.

That being said, the effects of water on slope stability are important.
Saturated soil increases the weight and driving force of the soil mass. At the
same time, water pressure within soil reduces the frictional resistance ()
along the failure plane. The numerator in the FS;4,, equation decreases
while the denominator decreases, and if the equation equals 1, there is a
landslide or slope stability failure.

As a result, landslides tend to happen during or just after periods of
heavy precipitation. The Vaiont Dam slide represents a classic example.

L’Ambiance Plaza Collapse

One of the many theories proposed for the construction failure of
I’Ambiance Plaza in Bridgeport, Connecticut, discussed in Chapter 4, was
the instability of the wedges temporarily holding the lift slabs in place.
Wedges may be analyzed using dry friction.

At D Ambiance Plaza, the failure theory assumes that the wedges rolled
out sideways because the load and the support were not in line. The wedges
appeared stable in two dimensions, but not in three. This example illus-
trates the universal principle of statics and of structural engineering that
although we may analyze in two dimensions, actual structures and machines
are three-dimensional and behave accordingly.
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Teton Dam

The Teton Dam was an earth fill dam in eastern Idaho. The story of
the Teton Dam failure is recounted in Chapter 7. Unlike concrete gravity
dams, overturning and sliding are not issues with earth fill dams. These
dams, however, are vulnerable to erosion from water within the dam or its
foundation or flowing over the dam. As a result, water pressures and ero-
sion of soils become important.

Static water pressure is a function of the dam height. When complete,
the Teton Dam earth embankment had a maximum height of 93 m (305 ft)
above the riverbed and formed a reservoir of 356 million m? (288,000 acre-ft)
when filled to the top. The static water pressure P,, is given by

P,=H,y (2-20)

w

Because v,, = 1,000 kg/m? (9.81 kN/m?; 62.4 Ib/ft?), the pressure at
the base of the dam at full pool becomes 912 kPa (132 Ib/in.?).

The water stored behind a dam represents a significant amount of
potential energy, which is why dams are so valuable for generating hydro-
electric power. Of course, if the dam fails, then the potential energy becomes
kinetic energy, often with widespread destruction and loss of life. Gravita-
tional potential energy is

U, , = W(A2) (2-21)

where W is weight and Az is the change in height, in this case the depth of
the water held back behind the reservoir. The initial and final kinetic energy,
T, and T,, are given by

T:%mf (2-22)

Initial velocity before the dam break, of course, is 0. Therefore, the
work-energy equation is

1
T +ZU1_2 =T, ZEmvf

and 0+ W(ay) =T, =2} (2-23)

Solving for final velocity v,,

o \/ZW(Az) _ \/ng(Az) Iy (2241

m m
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Assuming that the dam is almost full, Az would be about 91 m (300 ft),
and g is 9.81 m/s? (32.2 ft/s?), so v, is 42.2 m/s (139 ft/s). This relation
may also be derived by using the Bernoulli equation from elementary fluid
mechanics as illustrated in Chapter 8.

As the flood proceeded down the riverbed, there was an increase in
velocity due to the increase in Ay from the slope, and the theoretical velocity
at any point downstream may be estimated from the elevation difference.
On the other hand, this example neglects the energy losses due to friction
and turbulence and the energy dissipated from smashing houses, structures,
and other sources of energy loss. Also, dam failures occur over some period
of time, however short, not suddenly. The initial velocity due to a small cut
in the dam would be low, would increase as the cut widened, and would
decrease as the head behind what was left of the dam dropped.

Similar calculations may be made for the failures of the South Fork
Dam that caused the Johnstown Flood in Pennsylvania and the Malpasset
Dam in France (both in Chapter 8) and the Austin concrete dam failure in
Pennsylvania (Chapter 9). The potential energy stored behind a dam is con-
siderable, and it represents substantial risk if the dam fails. The impacts of
dam failures are discussed in much more detail in Chapters 7 and 8.



Copyrighted Materials

Copyright © 2009 American Society of Civil Engineers (ASCE)
Retrieved from www.knovel.com

Mechanics of Materials

MECHANICS OF MATERTALS, SOMETIMES CALLED STRENGTH OF
materials or mechanics of solids, builds directly on statics.
It introduces more powerful but complex tools for solv-
ing engineering mechanics problems. The tools, combined
with equilibrium (statics), may be used to solve statically
indeterminate problems.

Design and performance of connections is a topic
that may be illustrated through a wide variety of failure
case studies. Connections are vulnerable points that often
fail before other structural elements.

Fatigue failures are also well represented in case stud-
ies, particularly where stress concentrations are involved.
These problems also occur at connections.

Quebec Bridge

The story of the Quebec Bridge spans two decades, from
the founding of the Quebec Bridge Company in 1887 to
the bridge’s collapse in 1907. A cantilever bridge was pro-
posed as the most feasible design to bridge the harsh, icy
waters of the St. Lawrence River. The bridge collapsed
during construction on August 29, 1907, killing 75 work-
ers. Only 11 of the workers on the span were saved. Some
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bodies were never found. A second attempt to bridge the St. Lawrence River
was then made, with a completely new design. However, it also suffered a
partial collapse when the middle span fell into the river. Thirteen workers
were lost in the second collapse. The bridge was finally completed in 1917,
and it stands today. A review of the history of the bridge and the two col-
lapses was written by Middleton (2001).

Conception, Design, and Construction

The St. Lawrence River was the main channel of trade for Quebec
during the summer. During the winter, it filled with ice, and trade was com-
pletely cut off until the river iced over and travel was possible again across
a dangerous ice bridge. The desire to bridge the St. Lawrence River was
fueled by Quebec’s need to be competitive in trade. Montreal already had
the Grand Trunk railway system, which passes through it from the west
connecting it to Toronto. Quebec was left even farther behind when Mon-
treal began construction in 1854 of the Victoria Bridge, which was com-
pleted in 1859, connecting it to western ports. This development quickly
established Montreal as Canada’s leading eastern port. Although the need
was great, the job of bridging the St. Lawrence would prove to be no easy
task (Middleton 2001, pp. 7-8).

The St. Lawrence River was approximately 3.2 km (2 mi) wide at its
narrowest section. Its waters were about 58 m (190 ft) deep at its middle.
The velocity of the river reached 13 or 14 km/h (8 or 9 mi/h) at times, and
the tides ranged as high as 5 m (18 ft). During the winter, ice became stuck
in the narrowest part of the channel and piled up as high as 15 m (50 ft)
(Middleton 2001, p. 3).

Interest in building the Quebec Bridge arose as early as 1850. How-
ever, the project did not gather momentum until 1887, when a group of
businessmen and political leaders came together and formed the Quebec
Bridge Committee. Because of the high level of interest in the project, the
Canadian Parliament passed an act that incorporated the committee into
the Quebec Bridge Company, with a million-dollar capital and the power to
issue bonds (Middleton 2001, p. 27).

The company now faced the problem of financing the great bridge.
Government funding was requested. However, no money could be awarded
for the project until the bridge site was selected. With some financial help
from the local Quebec legislature, preliminary surveys were made. In 1898,
after years of debate, the Chaudiere site was selected from the three recom-
mended sites to be the location of the Quebec Bridge. With a site selected,
bridge design proposals poured in (Middleton 2001, p. 26).
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On June 16, 1897, the chief engineer of the Quebec Bridge Company,
Edward Hoare, wrote to a friend, who was the president of the Phoenix
Bridge Company (Holgate et al. 1908). In response, the Phoenix Bridge
Company sent its chief engineer to meet with the Quebec Bridge Company’s
chief engineer at an American Society of Civil Engineers (ASCE) meeting in
Quebec in 1897. The Phoenix Bridge Company offered to prepare plans for
the bridge free of charge. In return, the Quebec Bridge Company would then
be obligated to give the contract for construction of the bridge to the Phoe-
nix Bridge Company. Theodore Cooper, who learned of the Quebec Bridge
project at the ASCE meeting, offered his consulting services to the Quebec
Bridge Company (Middleton 2001, pp. 32-33).

Edward Hoare had never before worked on a bridge longer than
about 90 m (300 ft). The company decided to hire a consulting engineer,
and Theodore Cooper was selected from a list of six prominent engineers
for the project (Holgate et al. 1908, Middleton 2001, p. 36). Cooper was an
independent consultant operating out of New York City. He was one of the
foremost American bridge builders of his day. To Cooper, this project would
be the crowning achievement to his life’s work.

Petroski (1995) notes Cooper’s strong qualifications for this project. In
his long career, he had written an award-winning paper pioneering the use
of steel for railway bridges and had prepared general specifications for iron
and steel bridges. His method of accounting for railroad loads on bridge
structures became widely used (Middleton 2001, p. 37).

Proposals were called for on September 6, 1898, and received until
March 1, 1899 (Holgate et al. 1908). They were then reviewed by Cooper.
The specifications called for a cantilever structure. However, suspension bridge
designs were allowed, providing they came with their own set of specifications.
Earlier, noted French engineer Gustave Eiffel had considered the problem and
observed that a cantilever design would be superior to either a suspension or
an arch bridge for the Quebec site (Middleton 2001, pp. 29-30).

A cantilever bridge has balanced cantilever arms that extend on either
side of the two towers at the end of the clear span. Two anchor arms extend
to the shore, and two other arms extend across the gap. A small simple span
bridge is suspended between cantilever arms to close the gap.

Six proposals were submitted for the superstructure and two for the
substructure. After review, Theodore Cooper stated, “I hereby conclude and
report that the cantilever superstructure plan of the Phoenix Bridge Com-
pany is the ‘best and cheapest’ plan and proposal submitted to me for exam-
ination and report” (Holgate et al. 1908, p. 15, Middleton 2001, p. 34).

The Phoenix Company had been in correspondence with Cooper
throughout this process (Holgate et al. 1908). In addition, the Quebec
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Bridge Company was in favor of the Phoenix Bridge Company to win the
contract (Tarkov 1986). This resolution provided at least an impression that
the process was not fair and open, even though Holgate et al. (1908) con-
cluded that it was.

Two months later, the company awarded contracts to the Phoenix
Bridge Company for construction of the superstructure and to the Davis
Firm for construction of the substructure. However, the Phoenix Bridge
Company refused to sign a contract with the Quebec Bridge Company
because of the financial provisions, which left the bridge company open
to considerable risk. Financial matters were finally resolved in 1903, when
additional funds became available from a government grant. On June 19,
1903, a final contract was entered into between the two companies, and the
name of the Quebec Bridge Company was changed to the Quebec Bridge
and Railway Company (Middleton 2001, pp. 45-47).

The proposed Quebec Bridge would bridge the St. Lawrence River
approximately 14 km (9 mi) north of Quebec, connecting into the Grand
Trunk rail line. The cantilever arms would reach a distance of 171.5 m
(562.5 ft). They were to support a suspended span with a length of 205.7 m
(675 ft). It would stand 45.7 m (150 ft) above the river. The initial design’s
clear span length was 487.7 m (1,600 ft).

However, in May 1900, this span was increased to 548.6 m (1,800 ft)
by Theodore Cooper. He stated that this would eliminate the uncertainty of
constructing piers in such deep water, lessen the effects of ice, and shorten
the time of construction of the piers. Although there were sound engineer-
ing reasons for this change, it was also true that the lengthening of the span
would also make Cooper the chief engineer for the longest cantilever span
in the world (Petroski 1995, Middleton 2001, p. 46).

Construction of the bridge officially began on October 2, 1900, after
a grand ceremony. The Quebec Bridge Company had enough funds to begin
erecting the substructure. The completed piers would stand approximately
8 m (26.5 ft) above the highest water level. The piers were made of huge
granite facing stones with concrete backing. The top 5.8 m (19 ft) of each
pier was made of solid granite. The piers were tapered 1 in 12 (1 in. per
foot) until they reached the dimensions of 9.1 m (30 ft) by 40.5 m (133 ft) at
the top. Each pier rested on a concrete-filled caisson that was 14.9 m (49 ft)
wide, 7.6 m (25 ft) high, and 45.7 m (150 ft) long, weighing 16.2 MN
(1,600 tons) (Middleton 2001, pp. 48-50).

Because of the unprecedented size of this structure, innovative con-
struction methods proved necessary. These methods were well documented
in frequent reports with extensive illustrations in Engineering Record, the
forerunner of the present-day Engineering News Record.
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Under a separate contract with the Quebec Bridge Company, the
Phoenix Bridge Company began the construction of the approach spans in
1902 and completed them in 1903. Erection of the superstructure portion of
the bridge did not begin until July 22, 1905. The Phoenix Bridge Company
agreed to have the structure completed by the last day of 1908. Otherwise,
the company would pay $5,000 per month after this deadline to the Quebec
Bridge Company until the project was finished (Holgate et al. 1908, Middle-
ton 2001).

Events Leading Up to the Collapse

As the bridge was erected, workers and supervisors found notice-
able midpoint deflections in some of the chords. When the workers tried to
rivet the joints between these chords, the predrilled holes did not line up.
In addition, bends (deflections) were observed in some of the most heavily
loaded compression members. Over time, some of the member deflections
increased.

The last photograph taken of the bridge before the collapse is shown
in Fig. 3-1. The panels were numbered from 1, at the outer ends of the
cantilever arms, through 10, at the piers. The anchor arm panels added
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Figure 3-1. The Quebec Bridge just before the collapse.

Courtesy Archives Canada.
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the notation “A”. The A9L notation, therefore, refers to the chord located
in the anchor arm, within the ninth panel, and on the left or west side of
the bridge. Some of the major chords with their corresponding deflections,
along with the dates of measurement, are presented in Table 3-1.

Deflections were first noticed as early as mid-June and were reported
to Cooper by his on-site inspector, Norman McLure. Compression members
had been cambered, so that under load the joints would line up and could
be riveted together. However, some of the joints failed to close. The lack of
fit was puzzling because the truss members had been carefully designed so
that the rivet holes would line up during construction. Both men presumed
that the relatively small deflections had occurred because of some unknown
preexisting condition. They were not alarmed (Middleton 2001, p. 72).

Subsequent inspections turned up more deflecting chords in August.
Again, these findings were reported to Cooper on the same day that they
were discovered. Cooper wired a message back referring to chords 7L and
8L, asking, “How did bend occur in both chords?” The chief engineer of the
Phoenix Company replied, saying that he did not know (Middleton 2001,
pp. 72-73).

The chief design engineer for the Phoenix Company, Peter Szlapka, was
certain that the bend was put in the chord ribs at the shop. He later admit-
ted that he never actually saw the chords in question. However, Norman
McLure wrote, “One thing I am reasonably sure of, and that is that the bend
has occurred since the chord has been under stress, and was not present
when the chords were placed.” While this dispute of how the bend occurred

TABLE 3-1. Bridge Member Deflections

Amount of deflection

Date of observation Member mm inches
June 15 1.5-6.5 Vie—Y4
June A3R & A4R 1.5-6.5 Vie—Ya
June A7R & A8R 1.5-6.5 Vie—Ya
June A8R & A9R 1.5-6.5 Vie—Ya
June A8L & A9L 19 34
August 6 7L & 8L 19 %
August 8L & 9L 8 6
August 20 8R Bent Bent
August 9R & 10R — —
August 23 SR & 6R 13 %)

August 27 AIL 57 2%
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in chords 7L and 8L was going on, McLure reported to Cooper another
similar bend in chords 8L and 9L (Middleton 2001, pp. 73-74). The mem-
bers with these deflections were the lower chords of the truss on either side
of the pier, the members with the highest compressive loads under the nega-
tive moment across the pier.

A disturbing pattern was emerging. The members under the highest com-
pressive loads were gradually buckling. These members were built up with lat-
ticing, and as they deflected, higher stresses were placed on the latticing as well
as on the rivets attaching the lattices to the main compression members.

Being dissatisfied with the theories offered by the engineers on site,
Cooper developed his own theory.

None of the explanations for the bent chord stand the test of logic. I have
evolved another theory, which is a possible if not the probable one. These
chords have been hit by those suspended beams used during the erection,
while they were being put in place or taken down. Examine if you cannot
find evidence of the blow, and make inquiries of the men in charge.

McLure did as he was instructed, and reported back to Cooper that there
was no evidence of such an incident (Middleton 2001, p. 74).

Some of the engineers were unconcerned about the problem, believing
that it was nothing serious. Others were still insisting that the bends were
the result of a preexisting condition. The manufacturer guaranteed that all
the members had been perfectly straight when they left the yard. Another
incident had occurred during the 1905 construction season, when chord
A9L was dropped and bent while being handled in the storage yard. It was
repaired and placed into the structure. Although at the time the repair was
thought to be satisfactory, this member was later found to be the triggering
cause of the collapse.

Cooper, although the most experienced, seemed to be the most con-
fused by the problem. He was 60 years old at the time he accepted the posi-
tion of consulting engineer for the Quebec Bridge project. He also accepted
the responsibility of shop inspector of the steel fabrication and erection. His
health was poor, and because of this, he never visited the site once construc-
tion began on the superstructure. His consulting services were based on
the information that was reported to him by others. Cooper’s official eyes
and ears on the construction site belonged to Norman McLure, a young
civil engineer who had been appointed by Cooper himself. Cooper was also
poorly compensated for his work (Petroski 1995, Middleton 2001).

McLure continued to argue that the bends in the members had
occurred after they were installed. Some of the workers had observed the
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deflecting chords and were concerned enough to not report to work for a
few days. However, when McLure and Cooper disagreed on the cause of
the deflections, McLure did not have the confidence to contradict Cooper.
Work continued on the bridge. There had already been a three-day strike
over working conditions, and the workers who had not agreed with the new
terms had left. This walkout greatly reduced the number of workers on the
project, and there was concern that a temporary stoppage would cause more
workers to leave and delay the project.

After another routine inspection, chord A9L was placed under obser-
vation when its initial deflection of 19 mm (34 in.) had increased to 57 mm
(2% in.) in less than two weeks. The opposite chord, A9R, was bent in the
same direction. There was growing concern about the deflections. One of
the construction foremen decided to halt work on the bridge until mat-
ters could be resolved. On August 27, the same day that construction was
halted, McLure sent a message to Cooper informing him that construction
would not resume until he reviewed the matter. The next day, McLure went
to New York to seek advice from Cooper (Middleton 2001, pp. 78-79).

The erection foreman who had ordered the work to stop changed his
mind, and with reassurance from Edward Hoare, the chief engineer of the
Quebec Bridge Company, resumed work again that day. The only reason
given for this decision was in a note from Hoare to Cooper stating that “the
moral effect of holding up the work would be very bad on all concerned and
might also stop the work for this season on account of losing the men.” Two
days later, news of the matter reached the Phoenixville office, and the proj-
ect superiors there met and discussed the problem. They relayed a message
back by telephone, saying that it was safe to resume work on the bridge.
They had somehow reached the conclusion that the bends in the chords had
occurred before they left the yard. The Phoenix Company’s chief engineer
had stated that the chord members were carrying “much less than maxi-
mum load” (Middleton 2001, pp. 78-80).

In the meantime, McLure was meeting with Cooper in New York.
Neither of the men was aware that construction had resumed on the bridge.
After a brief discussion between the two men on August 29, Cooper wired
the Phoenixville office saying, “Add no more load to the bridge until after
due consideration of facts. McLure will be over at five o’clock.” Cooper’s
reasoning for informing the Phoenixville office, rather than directly relaying
it to the site, was that he felt that action would be taken faster if the infor-
mation went to the site through Phoenixville. McLure had assured Cooper
that he would wire the information to the site on his way to the Phoenixville
office. In his haste to get to his destination, he neglected to send the informa-
tion (Middleton 2001, p. 80).
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The message from Cooper reached the Phoenixville office at 1:15 p.m.
It was ignored in the absence of the chief engineer. At around 3:00 pr.m.,
Phoenixville’s chief engineer returned to his office. After seeing the message,
he arranged for a group meeting as soon as McLure arrived. McLure arrived
at roughly 5:15 p.M., and the men discussed the circumstances briefly before

deciding to wait until the next morning to decide a course of action (Middle-
ton 2001, pp. 78-80).

Collapse

Meanwhile, back at the construction site, at about the same time the
decision makers in Phoenixville were ending their meeting, the Quebec
Bridge collapsed at 5:30 p.M. The thunderous roar of the collapse was heard
10 km (6 mi) away in Quebec (Middleton 2001, p. 80). The entire south
half of the bridge, approximately 189 MN (19,000 tons) of steel, fell into
the waters of the St. Lawrence River within 15 s. Of the 86 workers on the
bridge at the time, only 11 survived.

The A9L bottom compression chord, which was already bent, gave
way under the increasing weight of the bridge. The load transferred to the
opposite AR chord, which also buckled. The piers were the only part of
the structure that survived. The wreckage is shown in Fig. 3-2, looking from
the south bank toward the pier. Of 38 Caughnawaga Mohawk ironwork-
ers who had left their village to work on the bridge, 33 were killed and two
were injured (Middleton 2001, p. 84).

The Royal Commission Report

The Governor General of Canada formed a Royal Commission com-
posed of three civil engineers, whose task was to investigate the cause of the
collapse. They were Henry Holgate of Montreal, John George Gale Kerry
of Campbellford, Ontario, and John Galbraith of Toronto. Their completed
report consisted of more than 200 pages plus 21 appendices. As stated by
Middleton (2001, p. 91), “. . . the thoroughness and objectivity of their
inquiry and report stand even today as models of their kind.”

The immediate cause of failure was found to be the buckling of com-
pression chords A9L and A9R. The official report attributed the collapse to
a number of reasons. Listed below are some of the major findings (Holgate
et al. 1908, pp. 9-10):

1. The collapse of the Quebec Bridge resulted from the failure of the
lower chords in the anchor arm near the main pier. The failure of
these chords was due to their defective design.



60 BEYOND FAILURE

Figure 3-2a, b. The collapsed Quebec Bridge.

Courtesy Archives Canada.
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2. We do not consider that the specifications for the work were satis-
factory or sufficient, the unit stresses in particular being higher than
any established by past practice. The specifications were accepted
without protest by all interested.

3. A grave error was made in assuming the dead load for the calcula-
tions at too low a value and not afterwards revising this assump-
tion. This error was of sufficient magnitude to have required the
condemnation of the bridge, even if the details of the lower chords
had been of sufficient strength, because, if the bridge had been com-
pleted as designed, the actual stresses would have been considerably
greater than those permitted by the specifications. This erroneous
assumption was made by Mr. Szlapka and accepted by Mr. Cooper,
and tended to hasten the disaster.

4. The loss of life on August 29, 1907, might have been prevented by
the exercise of better judgement on the part of those in responsible
charge of the work for the Quebec Bridge and Railway Company
and for the Phoenix Bridge Company.

5. The failure on the part of the Quebec Bridge and Railway Com-
pany to appoint an experienced bridge engineer to the position of
chief engineer was a mistake. This resulted in a loose and ineffi-
cient supervision of all parts of the work on the part of the Quebec
Bridge and Railway Company.

6. The work done by the Phoenix Bridge Company in making the
detail drawings and in planning and carrying out the erection, and
by the Phoenix Iron Company in fabricating the material was good,
and the steel used was of good quality. The serious defects were
fundamental errors in design.

7. The professional knowledge of the present day concerning the
action of steel columns under load is not sufficient to enable engi-
neers to economically design such structures as the Quebec bridge.
A bridge of the adopted span that will unquestionably be safe can
be built, but in the present state of professional knowledge a con-
siderably larger amount of metal would have to be used than might
be required if our knowledge were more exact.

Causes of Failure

The fall of this massive bridge can be traced back to several technical
factors. The top and bottom chords for the anchor and cantilever arms of a
bridge were typically designed as straight members. This common practice
made the fabrication of these members easier. The bottom chords for the
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anchor and cantilever arms in the Quebec Bridge were slightly curved, as
shown in Fig. 3-1, for aesthetic reasons. This design added difficulty to the
fabrication of such unusually large members. The curvature also increased
the secondary stresses on the members, reducing their buckling capacity.
Secondary stresses are much more dangerous in compression than in tension
members.

Another concern during the erection of the bridge was the joints. The
ends of all the chords were shaped to allow for the small deflections that
were expected to occur when the chords came under their full dead load.
These butt splices were bolted to allow for movement. The splices initially
touched only at one end, and would not fully transfer their load until they
had deflected enough for full bearing at the splices. At this point, they were
to be permanently riveted in place. The result was to be a rigid joint that
transferred loads uniformly across its area to ensure only axial loading.
Great care had to be taken while working around these joints until they
were completely riveted (Middleton 2001, pp. 70-72).

Adding to the design problems, Cooper increased the original allow-
able stresses for the bridge. He allowed 145 MPa (21 kip/in.?) for normal
loading and 165 MPa (24 kip/in.?) under extreme loading conditions. These
allowances were questioned by the bridge engineer for the Department of
Railways and Canals as being unusually high. The new unit stresses were
accepted based solely on Cooper’s reputation (Holgate et al. 1908).

Cooper developed an allowable compressive stress formula (in MPa
and Ib/in.2) based on the slenderness ratio (//r) of the member:

allowable compressive stress = 165 — 0.69 (I/r) MPa (3-1)
= 24,000 — 100 (I/r) Ib/in.?

where [ = length of compression member,
7 = radius of gyration = |(I/A)
I = moment of inertia, and
A = cross-sectional area.

Cooper’s formula is compared to contemporary allowable stresses
from the American Institute of Steel Construction (AISC 1998), as well as the
96.5 MPa (14 kip/in.?) compressive allowable stress adopted for the second
bridge (Middleton 2001, p. 107) in Fig. 3-3. AISC curves are shown for both
230 MPa (33 kip/in.?) and 250 MPa (36 kip/in.?) steel. Cooper’s allowable
stresses are higher than those in use today by 3.3-8.7% over a range of
slenderness ratios from 10 to 100. Given the lower and uncertain quality
of the materials available to Cooper, along with the less developed state of
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Comparison of Allowable Stresses
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Figure 3-3. Comparison of allowable compressive stresses.

knowledge of compression members at that time and the lack of testing of
compression members, Cooper’s formula represents an unsafe practice.

The Quebec Bridge was an enormous structure, and little was known
about how it would behave. The Quebec Bridge Company lacked funding to
test adequately. Cooper had required extensive tests on the eyebars, which
formed major tension members in the top chords. He did not require the
compression members to be tested. Later, Cooper would state the reason for
this: “There is no machine or method existing by which any such test could
be made” (Middleton 2001, p. 56). However, when the company did finally
secure funds for testing, Cooper rejected the idea, stating that too much time
had been wasted already.

Another oversight was that the stresses were not recalculated once
Cooper increased the span from 487.7 m (1,600 ft) to 548.6 m (1,800 ft).
The stress calculations were based on the original span dimension. Once
this error had been discovered and brought to Cooper’s attention, he imme-
diately made an estimate of the new stresses. He found that they would be
approximately 7% higher. Weights were then recalculated from the new
information. They were found to be as much as 10% higher than those
previously calculated (Middleton 2001, p. 65). The initial design weight for
the bridge was expected to be 276 MN (62 million Ib). The real weight of
the bridge was estimated at 325 MN (73 million Ib), an increase of 18%
(Tarkov 1986).



64  BEYOND FAILURE

In the rush after the final financial arrangements of 1903, the neces-
sity of revising the assumed weights was overlooked by the engineers of
the Phoenix Bridge Company and by those of the Quebec Bridge Company
alike, with the result that the bridge members would have been considerably
overstressed after completion.

Table 3-2, based on the Royal Commission Report, compares the
actual and assumed dead loads.

The difference between these two sets of concentrations indicates a fun-
damental error in the calculations for the bridge. In a properly com-
puted bridge the assumed dead load concentrations upon which the
make-up of the members is based should agree closely with the weight
computed from the dimensions in the finished design and with actual
weights. (Holgate et al. 1908, p. 57)

At the time this error was discovered, a large portion of the fabrica-
tion had been completed and a considerable amount of bridge erection was
finished. Cooper accepted these heavier loads and stresses, in addition to the
already high stresses set for the bridge, as being within acceptable limits. His
only other alternatives were to start over, strengthen the bridge in place, or
abandon the project.

Procedural and Professional Aspects

Cooper insisted on retaining full control of the project, even at a con-
siderable distance. Schreiber recommended that the governmental agency of
the Department of Railways and Canals hire a consultant on their behalf.
This engineer would, in a sense, be double-checking Cooper’s work and ulti-
mately have the final authority. After finding this out, Cooper, the Quebec
Bridge Company, and the Phoenix Bridge Company immediately objected.
In a letter to Edward Hoare, Cooper wrote, “This puts me in the position of

TABLE 3-2. Comparison of Assumed and Actual Dead Load

Assumed dead load Actual dead load Percent
Element kN b kN b difference

Half suspended 21,538 4,842,000 25,328 5,694,000 17.6
span

Cantilever arm 58,740 13,205,200 70,300 15,804,000 19.7
Anchor arm 59,240 13,317,600 77,034 17,318,000 30.0
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a subordinate, which I cannot accept” (Middleton 2001, p. 52). Cooper met

with Schreiber. After this meeting, Schreiber revised his recommendation to

eliminate the need to hire an additional project consultant. The amended

order in council to the Department of Railways and Canals failed to define

clearly how much authority Cooper would have over the project.
According to Middleton (2001, p. 53),

While there remained a requirement to submit all plans for the approval
of the chief engineer of Railways and Canals, it was treated as a perfunc-
tory formality. When later modifications to the specifications appeared
desirable, Cooper made them without reference to the government engi-
neers, and there was no evidence that Schreiber ever questioned a deci-
sion made by Cooper or interfered in any way with the work.

This opinion is supported by a statement in a letter from John Sterling Deans,
Chief Engineer for the Quebec Bridge Company, to Cooper. In it he wrote,
“The suggested action by Mr. Schreiber would place the business in a much
worse condition than it was originally in.” He also wrote, “. . . it is simply
being necessary to have Schreiber’s signature as a matter of form.” To further
these implications, in another letter from Deans to Cooper, he wrote,

I have written him again [Schreiber], and urged him to stop entirely
this proposed plan, and explaining that the sole purpose of the order
in council was to give you the final authority to settle all details, the
government approval being a mere formality, and in this way save time
which was so valuable. (Holgate et al. 1908)

No clear chain of responsibility or command existed. It was assumed
that the final authority rested with Theodore Cooper. All concerns were
directed toward him, even though, because of illness, he was unable to travel
to the job site. There was no one on the job site qualified to oversee this type
of work or in a position to make a decision, including a decision to stop
work if conditions became unsafe. Whenever the need arose, the authorities
on site would confer with each other before making any decision. On the
few occasions where a decision had been reached, there was hesitation in
carrying it out. The authors of the Royal Commission Report wrote,

It was clear that on that day the greatest bridge in the world was being
built without there being a single man within reach who by experience,
knowledge and ability was competent to deal with the crisis. (Holgate
et al. 1908)
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Capacity of Compression Members

The commission had suspected that the AL compression chord failed
because of improper latticing. Compression tests were performed on one-
third scale models of the compression chords in November 1907 and January
1908 to verify this theory. The compression chord members for the Quebec
Bridge consisted of four multilayered ribs (Fig. 3-4). They were stiffened by
the use of diagonal latticing to make them act as one unit. During testing,
the lattice system failed explosively because its rivets sheared, immediately
followed by buckling of the chord. This result confirmed the commission’s
findings that the chords were inadequately designed. In Schneider’s opinion,

These members consist of four separate ribs, not particularly well devel-
oped as compression members, and their connections to each other are not
of sufficient strength to make them act as a unit. (Middleton 2001, p. 97)

Member Cross-Section
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Figure 3-4. Built-up compression members.
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Schneider wrote in his report, which was published as an appendix to
the Royal Commission Report,

If a column is made up of several shapes or parts, they have to be con-
nected in such a manner that they will act as a unit. In an ideal column
each part would take its share of the load and no connection would
be required. In practice, however, as stated before, bending will occur
before the buckling load is reached, causing shearing strains which
have to be transferred through the connections, as latticing, tie plates
or cover plates. These connection parts have, therefore, to perform the
same function as the web of a girder or the web system of a truss. (Hol-
gate et al. 1908, p. 193)

This unprecedented large-scale testing and studying of compression
members and their connections led to major advances in the field of engineer-
ing. Bridge specifications were improved after this collapse (Shepherd and
Frost 1995). Another advance was the formation of two organizations, the
American Institute for Steel Construction in 1921 and the American Asso-
ciation of State Highway Officials in 1914. These organizations advanced
the field of engineering by providing the means to fund research, which had
become too difficult and expensive for fabricating companies to conduct on
their own (Roddis 1993).

Ethical Aspects

Several ethical concerns may be illustrated through this case. The
major one is that deformations went unheeded for so long. The engineers
on site argued among themselves as to the cause but did not stop the work.
Although the workers who failed to report to work because of the deforma-
tions lacked the technical expertise, they seemed to be the only ones who
understood what was really happening to the bridge (Middleton 2001,
p. 78). Engineers and others in charge must be open-minded to the ideas of
the laborers because many laborers have years of experience.

Another ethical concern was Cooper’s rejection of an independent
engineer to check his work. His decisions were not questioned, even when
they seemed unusual. An independent consultant might not have allowed
the higher than normal design stresses. Some of the other errors, such as the
underestimated dead loads and the failure to recheck the weight, could have
been discovered before the bridge collapsed. In the end, “Cooper’s engineer-
ing expertise became the sole factor that was relied upon for assuring struc-
tural integrity of the bridge” (Roddis 1993).
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Aftermath

The lives of those involved with the Quebec Bridge, from the designers
to the construction workers, were forever changed after the accident. None,
however, was affected as much as the families of the ones who died and
Theodore Cooper. Edward Hoare went to work for the National Transcon-
tinental Railway Commission. John Deans continued to serve as chief engi-
neer of the Phoenix Bridge Company. He eventually became vice president
of the company. Szlapka continued his duties as chief designer for the Phoe-
nix Company. Cooper withdrew from practice to live out a lonely retire-
ment. He died only two days after the Prince of Wales officially dedicated
the completed Quebec Bridge (Middleton 2001).

The Second Bridge

After the collapse, the government took over the design and construction
of the new bridge. This takeover also provided the financial support for the
project. The second bridge was substantially heavier than the first. Petroski
(1995) compared dimensions of the two bridges, showing the dramatic
increase in member sizes. The cross-sectional area of the critical compression
member for the old bridge had been 543,000 mm? (842 in.?), whereas that
of the new bridge was 1,250,000 mm? (1,941 in.?) (Petroski 1995, p. 113,
Middleton 2001, p. 116). The second bridge is shown in Fig. 3-5.

The second attempt to bridge the St. Lawrence also encountered prob-
lems. The project suffered a second collapse in 1916, when a casting in the
lifting apparatus broke, causing the center suspended span to fall into the
water as it was being hoisted into place from a barge. Thirteen workers lost
their lives in this accident. The 50-MN (5,000-ton) span sank to the bottom
of the river to rest beside the wreckage of the first bridge, which still remains
there today. The second bridge was finally completed in 1917 and weighed
two and a half times as much as the first one (Tarkov 1986). The construc-
tion of the second bridge was well documented by a report of the Govern-
ment Board of Engineers of the Canada Department of Railways and Canals
(Modjeski et al. 1919).

Conclusions

At Quebec, the greatest bridge in the world was under construction
in 1907 under severe financial constraints, with inadequate funds provided
for either engineering work or the bridge construction itself. These con-
straints had delayed engineering analysis and led to adoption of unconserva-



MECHANICS OF MATERIALS 69

Figure 3-5. The second Quebec Bridge.

Courtesy Archives Canada.

tive specifications. When the error in the calculation of the dead load was
identified, the measures taken to reanalyze the structure were not adequate.
On this project, virtually every conflict between safety and economy was
resolved in favor of economy. Most of the poor engineering decisions were
made by the prominent consulting engineer, Theodore Cooper.

Cooper’s reluctance to travel to the site because of his poor health led
to confusion about responsibility and site supervision. When skilled iron-
workers observed the growing deflections, indicating a gradual collapse of
the structure, a confident site supervisor might have realized the gravity of
the situation and halted construction. However, the engineers on the site
lacked the confidence and the authority to contradict Cooper’s judgments.

The Royal Commission Report, which investigated the collapse and
identified the engineering and procedural errors that had led to it, remains
an important document in the field of forensic engineering. The lessons
learned from the case had many important effects on the engineering pro-
fession, particularly in Canada and the United States.
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Essential Reading

Middleton’s Bridge at Quebec (2001) is an important and readable
reference. The Royal Commission report (Holgate et al. 1908) is also inter-
esting and is available in many university engineering libraries. Another
account is provided by Tarkov (1986). The case is discussed at length, along
with its place in the evolution of bridge design, in Chapter III of Petroski’s
1995 book, Engineers of Dreams: Great Bridge Builders and the Spanning
of America (pp. 66-121).

Point Pleasant Bridge

The Point Pleasant Bridge, also known as the Silver Bridge, shown in Figs.
3-6 and 3-7, provided crossing for U.S. Route 35 over the Ohio River.
It connected Columbus, Ohio, to Charleston, West Virginia. The bridge
crossed between Point Pleasant, West Virginia, and Gallipolis, Ohio. The
Point Pleasant Bridge not only allowed direct access between the state capi-
tals of Ohio and West Virginia but also provided clearance for the cargo
ships that passed through the Ohio River. Figure 3-8 shows the bridge cross
section.

!z.ﬁ ulm PN vy B
—-"""""'ﬁll Il|A.!!Fi!l'im!mlhmlllllll ‘-

Figure 3-6. The Point Pleasant Bridge.
Source: NTSB (1970).
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Figure 3-7. The Point Pleasant Bridge.
Source: Scheffey (1971).

On December 15, 1967, the bridge collapsed while handling heavy
traffic and killed 46 people. This accident changed the nation’s view of
bridges across the country. The government ultimately changed the way
bridges were inspected to ensure safety and functionality.

Design and Construction

The design criteria for the bridge were established by the J. E. Greiner
Engineering Company of Baltimore, Maryland. They prepared plans for a
suspension bridge and completed a bid document with specifications for the
bridge. This document included calculated stresses for the structure and an
acceptable basic design of a suspension bridge (ASCE 1968). The engineer-
ing company set the estimated cost of the suspension bridge at $825,000
(Lichtenstein 1993). An incentive was added to the bid document if an alter-
native bridge could be built under $800,000 with acceptable design stresses.
The winning bid was from the American Bridge Company of Pittsburgh,
which designed an eyebar suspension bridge consisting of heat-treated eye-
bars and a rocking base (Steinman 1924). The contractor’s proposal empha-
sized a unique material that, in combination with the new design, would
cost less.

D. B. Steinman was one of the great suspension bridge engineers of the
20th century, and his work culminated in the great Mackinac suspension
bridge in Michigan. He died in 1960, a few years before the Point Pleasant
Bridge collapse. The Point Pleasant Bridge was a Florianopolis truss of a
type originally developed in Brazil. Similar bridges were later built in Aus-
tralia (1936) and Japan (1954). Key features of the Florianopolis suspension
bridge type are described by Scott (2001, pp. 18-19):

e It acts as a continuous truss between anchorages.
* The suspending eyebar chain also acts as the top chord of a vari-
able-depth stiffening truss.
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Figure 3-8. The Point Pleasant Bridge cross section.
Source: Lichtenstein (1993).

It greatly improved bridge stiffness with less steel.

It uses rocker towers, hinged at the bases, to accommodate thermal
deformations.

It was designed using the deflection theory, which was promoted by
Steinman to make suspension-type bridges more efficient.
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The bridge was completed in 1928. The General Contracting Company
of Pittsburgh, constructed the piers. The American Bridge Company of Pitts-
burgh built the bridge. It was a unique design because it used high-tension
eyebar chains, a unique anchorage system, and rocker towers. The eyebars
were two force bar members with rounded eyes at each end. Because bed-
rock was at a great depth, piles were octagons of reinforced concrete. The
anchorage consisted of reinforced concrete troughs that were filled with soil
and concrete. This substructure supported the bridge towers, which were
joined by dowel rods. This connection allowed for a flexible connection that
was designed to shift under different loads on the tower, and as the length
of the chains changed because of temperature influences. This type of design
was only used in one other bridge in the United States: the St. Mary’s Bridge
in West Virginia, also spanning the Ohio River. Although not integral to the
Florianopolis truss design concept, the Point Pleasant and St. Mary’s bridges
introduced the use of high-strength, heat-treated carbon steel eyebars to the
United States. The eyebar connection is shown in Fig. 3-9.

Figure 3-9. Point Pleasant Bridge eyebar connection.
Source: NTSB (1970).
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Collapse

On a cold winter evening, the bridge suddenly collapsed. The connec-
tion of the eyebar to the first joint on the north side of the bridge failed. This
failure caused the Ohio tower to fall and resulted in the collapse of the West
Virginia tower. The center span broke and flipped over into the water below,
carrying 64 people from the roadway (Lichtenstein 1993).

The immediate response to the accident by local and federal author-
ities was to block traffic on U.S. Highway 35 while emergency response
teams quickly began searching for survivors. To make the recovery more
efficient, flood reservoirs were closed to decrease the current. The St. Mary’s
Bridge was also closed for safety because of its similar design. Once all the
survivors had been rescued and vehicles had been recovered, the operations
shifted to removing the collapsed structure. This response was important
because the Ohio River played a major role in the transportation of freight,
and the wreckage prevented any ships from navigating the waterway. This
phase included removing wreckage for reassembly and investigation into the
cause of the failure (U.S. Army Corps of Engineers 1968).

President Lyndon B. Johnson responded by creating the President’s
Task Force on Bridge Safety. Their objectives were to identify what caused
the bridge to fail, to figure out how to fund a new bridge in an efficient
manner, and to define a system of standards that would ensure the safety of
the nation’s bridges (U.S. Army Corps of Engineers 1968).

Investigation

The experts investigated many possible causes of the collapse. Local
citizens spoke of hearing a loud boom before the collapse. Independent engi-
neers at the scene confidently told the media that the collapse happened
because of overloading and that “the wreckage not in the river showed no
structural fatigue or stress corrosion” (ASCE 1968). It was known that the
weight of the trucks passing the bridge had continually increased since the
design and that high traffic volumes occasionally loaded the bridge to capac-
ity (Nishanian and Wiles 1970). However, this theory was put forward
before any concrete evidence for the collapse had been established.

The U.S. Army Corps of Engineers was able to remove much of the
steel debris from the river for the investigation. Because of the need to open
the Ohio River again rapidly for navigation, the wreckage was collected and
dumped in an 11-hectare (27-acre) field next to the river. Fortunately, each
piece was photographed as it was removed from the river (Wearne 2000,
pp- S0-51).



MECHANICS OF MATERIALS 75

The U.S. Army Ordinance Group ruled out explosions and impacts.
They first verified with the military that no planes had passed through in
the vicinity at the time of the collapse. Vehicles removed from the wreck-
age were checked for explosives, and structural members were inspected
for signs of damage due to explosives. Design features also indicated that
the towers were protected from possible contact with a vehicle (U.S. Army
Corps of Engineers 1968).

Next, the analysis moved on to the physical attributes of the bridge.
The fact that the entire bridge collapsed on failure pointed out that the
weakness must have occurred in one of the primary structural members of
the bridge (Shermer 1968). It was up to analysts to study the different fail-
ure hypotheses, which included the substructure, improper design, failure
stress, and corrosion (Scheffey 1971).

One feature considered potentially faulty was the substructure of the
bridge. If the piers shifted, the towers would be out of alignment, inducing
a sag in the cables. This sag would change the load distribution throughout
the structure (ENR 1967). This shift could have been induced by sediment
around the piers being washed away (known as scour), a deficiency in the
foundation that would cause the anchors and piers to move, or an impact
to the piers from a water vessel (U.S. Army Corps of Engineers 1968). Scour
was eliminated because of the observations of the divers at the scene. They
reported no holes around the piers or any signs of damage to the piers. Fur-
ther verification showed the piers to be in proper orientation.

The design was also evaluated. The bridge did not provide any redun-
dancy in the structural members that connected the suspension chain to the
eyebars. Each joint contained two eyebars that connected to the suspension
chains. A failure of one eyebar was enough to cause the collapse of the
bridge (Lichtenstein 1993). The critical eyebar connection is shown in Fig.
3-9. Photographs of the connection after removal from the river are pro-
vided in Figs. 3-10 and 3-11.

The stress calculations that had been prepared for the design were ver-
ified for assurance that the bridge met the engineering criteria that were used
at the time of construction. This analysis took into consideration static and
dynamic loads. The stresses that occurred during the moment of collapse
were less than the maximum stresses identified in the design. However, there
was no evidence that calculations were made for the correct dynamic load-
ing. This stress increase was considered in terms of an increased percentage
of the original live loads (U.S. Army Corps of Engineers 1968, p. 15).

To verify the fact that dynamic effects were not a factor in the collapse,
vibration response and dynamic stress amplification tests were performed
on the St. Mary’s Bridge. The tests sought to establish the natural frequencies
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Figure 3-10. Fractured eyebar.
Source: NSTB (1970).

Figure 3-11. The failed joint reassembled.
Source: NTSB (1970).
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of the bridge and to determine the excitation created by heavy vehicle use.
These tests concluded that the live loads were not excessive and that the
loading caused some vibration to occur in the individual members of the
structure (Varney 1971, p. 165).

Evidence of Fracture, Corrosion, and Fatigue

As this analysis was underway, the reassembly of the bridge showed
evidence of a cleavage fracture in eyebar 330, joint C13N, on the Ohio
side of the truss. However, different opinions surfaced for the cause of this
fracture. One opinion cited evidence for fatigue stress, whereas a different
opinion explained the cause as a combination of stress corrosion and cor-
rosion fatigue.

John Bennett of the U.S. Bureau of Standards noted the fracture pat-
tern on the eyebar. One part of the fracture surface showed deeply encrusted
rust, about 3 mm (%% in.) long, which contrasted with the light rust from the
Ohio River. This flaw was obviously old and might have even gone back to
the forging of the eyebar four decades earlier. Cross sections of the eyebar
revealed a number of small cracks, about the size of pinholes. One of these,
it appeared, had grown into the 3 X 6 mm (% X % in.) flaw that had initi-
ated the fracture (Wearne 2000, pp. 51-53).

The growth of the crack was most likely due to stress corrosion. The two
factors were application of tensile stress and the attack of pollutants on the
steel. The stress came from traffic loads and thermal effects. The coal-burning
factories and locomotives and automotive pollution provided many airborne
chemicals that could attack steel. The narrow gap between the eyebar and the
connecting pin made the problem worse. It was wide enough to provide an air
space for pollutants to attack the steel. However, it was not large enough to
allow engineers to inspect the connection (Wearne 2000, p. 53).

The brittleness of the steel connection, and thus its susceptibility to
sudden fracture, was enhanced by two factors. The first factor was the use
of higher strength steel, which is more brittle than the mild steel typically
used for structural steel and reinforced concrete construction. The other
factor was the low temperature that day, near freezing. The susceptibility of
steel to sudden fracture at low temperatures was dramatically demonstrated
by the sinking of several Liberty ship freighters in Arctic waters during
World War II while carrying supplies to the Soviet Union (Wearne 2000,
pp. 53-54). The Liberty ship fracture case study is discussed in Chapter 9.

The Charpy V-notch test is used to assess the toughness, or resistance
to fracture, of various steels. The test measures the energy absorbed during
fracture, with more energy required to fracture more ductile materials. The
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high-strength steel used for the bridge was tested by the Battelle Memorial
Institute in Columbus, Ohio. At 74 °C (165 °F), the specimens fractured at
9.2 N- m (6.8 ft-lb) for steel from the interior of the specimen and 11.6 N-m
(8.6 ft-1b) for steel from the outside. In contrast, at 0 °C (32 °F), the energy
absorbed was 3.0-3.5 N-m (2.2-2.6 ft-lb) respectively, only about a third of
that at the higher temperature. The Battelle tests also indicated that at low
temperatures a 3-mm (%-in.) crack would be enough to initiate a sudden,
catastrophic fracture (Wearne 2000, pp. 54-55).

The tiny cracks had most likely been formed during the quenching
and tempering process used to produce the high-strength steel. The bars
were heated to 816 °C (1,500 °F) and then plunged into water to cool them
(quenching) before being tempered. With this process, the outside cools
more rapidly than the inside, becoming harder and more brittle. The steel
on the inside is softer and more ductile, and it develops tension as it cools
more slowly against the tensile restraint provided by the outside of the bar.
These processes were not understood when the eyebars were manufactured
(Wearne 2000, p. 595).

The evidence supporting failure by fatigue stress was based on changes
in the live loads of the structure, which changed the orientation of the eye-
bars. As the loads redistributed in the eyebar chain, the eyebar heads and the
connecting pins would rotate. This adjustment would cause a sliding fric-
tion to occur, rather than a rolling friction. Live loads produced by a heavy
vehicle would cause the hole in the eyebar to be placed in tension. After the
vehicle passed, the connection would respond in compression to return to
its original static dead load.

This oscillation caused fatigue stress in the member and could, over
time, lead to failure. The eyebar would still be vulnerable to failure even if
the resulting stress did not exceed the yield strength of the material (Nisha-
nian and Wiles 1970). It was determined that the stress reversal was unique
to a few eyebars because the vehicle lanes were not centered on the roadway.
A sidewalk and a vehicle lane on the south side, instead of two vehicle lanes
on the north end, caused this lack of symmetry, as shown in Fig. 3-8. This
change of symmetry caused uneven loads across the suspension spans. The
combination of uneven loading and changes in stress levels caused the pins
to shift. This theory implied that the pin cap would become responsible for
resisting the lateral forces within the connection. It was possible for these
forces to exceed the available resistance. This exceedance would cause the
eyebar to detach from the pin, allowing the connection to rotate and thus
cause the collapse.

A different theory of the collapse found support in the metallurgical
aspects of the eyebar chains and the consequence of both loading and the
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environment on the steel. Tests of different eyebars showed a consistent com-
position between the specimens, which indicated that the fractured eyebar
was not unique. However, certain characteristics suggested the cause of fail-
ure of the material. The hardness was not uniform throughout the thickness
of the material. This lack of consistency indicated that the eyebar had a
more severe susceptibility to stress corrosion and hydrogen embrittlement
in the harder section of the material (Bennett 1973). Further examination of
the eyebar showed a crack that had occurred during manufacturing.

It was also found that the eyebar was affected by the atmospheric con-
ditions. These factors made the high-strength steel vulnerable to the propaga-
tion of cracks and reduced the time for these cracks to occur (Phelps 1969).
Testing showed that as the temperatures in the environment decreased, the
material was more susceptible to fracture (Bennett 1973). This finding had
significance, considering the extreme temperature changes of the region.

The composition of the atmosphere also played a critical role in the
state of the steel. The linkage of the eyebar chains to the suspension cables
by a pin created a section of the material that could not be protected by
paint. The exposed surface was thus left open to natural elements and cre-
ated a built-in weakness. Inspection of the wreckage showed corrosion in
many sections of the bridge. Studies were conducted to identify the influence
of the environment on the material. Tests showed that the eyebar pin con-
nection was susceptible to pitting corrosion due to water, hydrogen sulfide,
and salt (NTSB 1970, p. 58). The reaction most prevalent to the cause of
the collapse was found in the eyebar chains and pins. Calculations showed
a 3% loss of steel due to this degradation of material (U.S. Army Corps of
Engineers 1968).

The study of high-strength steel in the environment determined that
the combination of stress corrosion (due to tensile stress in a corrosive envi-
ronment) and fatigue corrosion (induced by the oscillation of loading in the
corrosive environment) led to the failure of the eyebar and ultimately caused
the collapse of the bridge.

Standards

When the bridge was designed, the loading was based on AASHTO
H-15 specifications for a 15 tonne (15-ton) truck with 106 kN (24 kip)
on the rear axle and 27 kN (6 kip) on the front axle (Lichtenstein 1993).
Since then, the design load has been increased to the heavier AASHTO
HS-20.

Lichtenstein (1993) noted that reduced factors of safety, 2 against ulti-
mate strength and 1.5 against yielding, were used in the original bridge
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design. This limit contrasted with higher factors of safety, 2.75 and 1.75 respec-
tively, for an alternate conventional suspension design. However, the steel used
was of unusually high strength, and its properties were not well known. A
higher, not lower, factor of safety should have been use for this bridge.

Changes to Bridge Inspection

The National Bridge Inspection Standards were created in response to
the collapse. In 1968, the U.S. federal government enacted a procedure for
national bridge inspection. Before this law, bridges were not consistently
inspected (Lichtenstein 1993). The new procedure provided exact protocols
to be followed, and inspectors were required to be evaluated and certified
by the Federal Highway Administration. Each bridge was to be inspected
every two years.

The system of inspection is broken down into a standard procedure.
The format categorizes the superstructure, the substructure, and the deck of
the bridge into a set range of values. The importance of this standardization is
to allow the accurate rating and comparison of the bridges in the inventory.

Other improvements to bridge management include nondestructive
evaluation methods. In 1996, the Federal Highway Administration created
the Nondestructive Evaluation Center in McLean, Virginia. The responsibility
of this center is to identify inspection methods through the use of technology
that includes laser measurement, monitoring systems, and ultrasonic tests.

Educational Aspects

The key lesson from the Point Pleasant Bridge failure is the danger-
ous interaction between stress concentrations and fatigue. The small, built-
in eyebar flaw, subjected to many load cycles over four decades, led to a
sudden and rapid crack propagation through the eyebar.

Another lesson is the value of structural redundancy. The eyebar con-
nection was not redundant. Because it was composed only of two pairs of
eyebars, the failure of one eyebar allowed the entire connection to rotate and
separate. In contrast, when the Tacoma Narrows Bridge was torn apart by
wind, 500 of 8,700 wires in the suspension cables fractured, but the cables
as a whole survived. At Florianopolis, Steinman had thickened the heads
of the eyebars and used four rather than two bars per link. However, these
safety features were not used at Point Pleasant (Wearne 2000, pp. 56-58).

Furthermore, the structure as a whole was also not redundant. The
loss of any one structural element would lead to a complete loss of the



MECHANICS OF MATERIALS 81

bridge. With the failure of the Tacoma Narrows Bridge, the towers were
bent but stayed up, and the side spans of the bridge remained after the
center span fell into the water. In contrast, because the Point Pleasant Bridge
towers were supported on rockers at the bottom, they toppled over and all
three spans were lost.

The alternate chain link suspension design submitted by the American
Bridge Company lacked technical justification for the low factors of safety
used. The company did not make public its test results or material processing
details. Steinman had complained about the company’s secrecy and stated
that he could not assume responsibility and that American Bridge Com-
pany was responsible for the performance of the bars. After the collapse,
the company could find no record of any testing of the eyebars. In fact, the
company did not own any equipment large enough to test the eyebars. The
little testing that was done used smaller samples specifically manufactured
for testing (Wearne 2000, pp. 56-58).

Conclusions

The collapse of the Silver Bridge left the nation wondering how such
a catastrophe could happen. The public had not previously been greatly
concerned about the safety of existing bridges. The design of the bridge
had been state of the art. It allowed the combination of new design tech-
niques with new materials to create a bridge that was considered unique and
cost-effective. However, the safety of the structure could not be verified by
means available at that time, and it did not include sufficient redundancy or
structural reliability. Even though the high-strength steel theoretically was
stronger, no machinery existed that was capable of testing the large eyebar
chains. Proper testing of a new material along with calculations can greatly
increase the safety of a unique design.

When the Silver (or Point Pleasant) Bridge was completed, little was
known of long-term fatigue combined with crevice corrosion. No one would
have considered that a small, exposed surface flaw embedded in the design
would cause the failure of the bridge. Nor did anyone consider the effect of
the unsymmetric loading on fatigue.

More than 30 years after the collapse, an article in the Charleston
Daily Mail in Charleston, West Virginia (Charleston Daily Mail 1999),
noted,

Point Pleasant was abuzz with Christmastime activity on the after-
noon of Friday, Dec. 15, 1967. Busy shoppers shuttling back and forth
between the town and its neighbor across the river, Gallipolis, Ohio,
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had slowed traffic to a crawl on the Silver Bridge, which connected
the two via U.S. 35. When about 72 cars and three large trucks were
stopped on the bridge, the end closest to Ohio began to sway wildly and
then collapsed, bringing most of the span down behind it.

Witnesses described the collapse by saying that the bridge “slithered
like a snake” into the icy Ohio River below. With tragically few excep-
tions, the occupants of every car on the 1,500-foot span that was thrown
from the bridge died. A fast moving current, a massive pile of steel from
the bridge and cold water temperatures hampered rescue efforts, leaving
emergency crews and local residents with little alternative but to watch
helplessly from shore.

In all, 46 people were killed in the collapse—one of the worst such
disasters in national history. Almost as soon as the bodies had been
gathered, a public outcry rose up in Point Pleasant demanding that the
safety of the 38-year-old span be investigated. Many claimed that the
bridge was known to be unsafe before the collapse, and the state and
federal highway authorities had acted negligently. In a hearing before
the National Highway Safety Board in Washington, which included tes-
timony from several esteemed engineers and a re-creation of the Silver
Bridge, it was determined that the structural flaw in the bridge was of
such a nature that it could not have been detected by inspectors. Even
s0, in the wake of the disaster, the inspection process for older bridges
was made more rigorous.

Essential Reading

The National Transportation Safety Board report (NTSB 1970) pro-
vides a thorough discussion of the failure. Lichtenstein (1993) also pro-
vides an excellent review. The case is also discussed by Levy and Salvadori
(1992) and Wearne (2000, pp. 45-58). This case study is featured on the
History Channel’s Modern Marvels Engineering Disasters 4 videotape
and DVD.

Comet Jet Aircraft Crashes

One of the first commercial jet aircraft was the British de Havilland Comet,
which first flew in 1952. By 1954, seven of the Comets had crashed under
unknown circumstances. Because only 21 had been built, the one-third fail-
ure rate was catastrophic. The Comet crashes caused the loss of Britain’s early
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leadership in commercial passenger jet aircraft. This summary is modified
from a more complete case study developed by Levy and Salvadori (1992,
pp. 121-126).

One plane crashed about a half hour after takeoff from Rome, with
the wreckage falling into the sea between the islands of Elba and Monte
Cristo. The Tyrrhenian Sea was shallow enough for the British Royal Navy
to recover the wreckage. While the investigation was continuing, 50 struc-
tural modifications were made to the Comets. They were cleared to fly again,
but within two weeks another crashed.

Researchers assembled and examined the wreckage. A large number of
theories, including sabotage and pilot error, were considered and discarded.
The hypothesis that best fit the circumstances was metal fatigue.

Jet aircraft are subjected to stress cycles from cabin pressurization and
depressurization, as well as from turbulence and vibration in flight. Each of
the last two aircraft to crash had completed about 1,000 cyclic load repeti-
tions. The designer had calculated a fatigue life of 10,000 repetitions, or
approximately a 10-year service life.

The Comet had square windows, like earlier unpressurized propel-
ler-driven passenger planes. The square windows had severe stress con-
centrations at the corners, which increased stresses and reduced fatigue
life. Examination of the wreckage showed cracks initiating at the corners
of the windows and propagating into the plane’s fuselage. Stress concen-
trations and fatigue loads, as at the Point Pleasant Bridge, make a deadly
combination. Today, aircraft windows are round or oval, without sharp
corners.

The solutions are fatigue-resistant design, coupled with an extensive
program of inspection and maintenance. Bridges, aircraft, and other struc-
tures subjected to fatigue are designed to eliminate stress concentrations as
much as possible. Smooth transitions are used where lines of stress change
direction. Connections and details prone to fatigue are identified, and
maintenance schedules are followed to inspect or replace these components
periodically.

The Crashes

The crash of the British Overseas Airways Corporation (BOAC)
Comet off Elba on January 10, 1954, was particularly puzzling because
the pilot’s transmission to another BOAC flight was cut off in midsentence.
Three previous crashes on takeoff had been attributed to either pilot error
(attempting to lift the nose before gaining enough speed) or storms. These
crashes, therefore, were not initially thought to be the fault of the aircraft
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design. Nevertheless, the Comet operated at unprecedented speeds, pres-
sures, and altitudes compared to earlier propeller-driven passenger planes
(Freiman and Schlager 1995a, pp. 78-80).

Investigations

The scenarios considered for the crashes included the following:

e sabotage;

e a ruptured turbine blade penetrating a fuel tank and causing an
explosion;

e clear air turbulence (vibration) structural failure;

 engine fire in flight, weakening the structure;

e a hydrogen explosion from a leaking battery; or

e a fuel vapor explosion in an empty tank (Freiman and Schlager
1995a, p. 81).

While the investigation was ongoing, the modifications to the air-
craft included strengthening fuel lines, installing shields between engines
and fuel tanks, and improving smoke and fire detectors. None of these
changes, unfortunately, addressed the actual cause of the crashes (Freiman
and Schlager 1995a, p. 82).

Once another Comet exploded on April 8, 1954, British Prime Min-
ister Winston Churchill ordered the Royal Aircraft Establishment (RAE)
to investigate. About two-thirds of the wreckage was recovered from an
ocean depth of 1,070 m (3,500 ft). The RAE chief, Arnold Hall, had the
wreckage flown to the United Kingdom on a U.S. Air Force cargo plane so
that he would not have to wait for a ship. The RAE suspected metal fatigue
almost immediately. A missing engine turbine blade took the investigation
down a blind alley until the turbine casing was found intact, indicating that
the turbine blade broke off during the crash (Freiman and Schlager 19935a,
pp. 82-83).

Autopsy reports from 20 victims of the two crashes indicated death due
to “violent movement and explosive decompression,” occurring before hit-
ting the sea. This result supported the theory of a structural failure that led to
immediate loss of cabin pressure (Freiman and Schlager 1995a, p. 83).

Hall ordered construction of a tank large enough to pressure test a
complete Comet fuselage. The tank was filled with water, and jacks were
used to flex the wings. The fuselage was pressurized to 56 kPa (8 Ib/in.?),
simulating the pressurization at 10,700 m (35,000 ft), and then reduced to
0 in 3-min cycles. The test fatigued the airframe at 40 times the normal rate
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expected in service. In late June 1954, at a simulated 9,000 flight hours, the
fuselage cracked. After draining the tank, investigators found a 2.4-m (8-ft)
crack along the fuselage starting from the corner of a small window. The
window corner showed the telltale metal fatigue signatures (Freiman and
Schlager 1995a, pp. 83-84).

The Comet crashes were attributed to a combination of factors:

e The inadequate test program did not capture the long-term effects
of the pressurization and depressurization cycles on the structure of
the airframe. Full-scale tests were only conducted by the RAE after
several crashes had occurred.

e The square windows, with high stress concentrations, combined
with the lack of measures to prevent cracks from spreading, left the
fuselage highly vulnerable to fatigue.

e The fuselage skin was thin (Freiman and Schlager 1995a, pp. 84-85).

Changes to Aircraft Designs

British authorities had required the Comet’s designers to increase the
fuselage maximum pressure from the 28 kPa (4 1b/in.?) that had been used
to design propeller-driven aircraft to 110 kPa (16 Ib/in.?). The designers
increased that further to 138 kPa (20 1b/in.?). To minimize aircraft weight,
the aluminum skin was only 0.7 mm (0.028 in.). The U.S. Civil Aeronautics
Administration (CAA), the forerunner of the FAA, questioned the durabil-
ity of the square windows and suggested switching them to an oval shape.
BOAC’s engineers maintained that the windows had been tested up to a
pressure of 690 kPa (100 1b/in.?) without any signs of fatigue (Freiman and
Schlager 1995a, pp. 80-81).

After the Comet crashes, a number of changes were made to aircraft
designs:

e Thicker skin was used.

* Triple-strength rounded windows reduced stresses.

e Metal bracing provided additional fuselage structural strength.

e Small metal tabs or “stoppers” were placed at critical points in
the fuselage to arrest the growth of fatigue cracks. Boeing tested a
707 airframe with and without stoppers. The fuselage with stop-
pers held together, although some pressure escaped. Without the
stoppers, the fuselage was split open (Freiman and Schlager 1995a,
pp. 85-86).
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The U.S. aircraft manufacturers Boeing and Douglas had already
adopted these changes before the Comet crashes. The stigma of the 1954
crashes, coupled with the newer and larger U.S.-built jets, essentially killed
the market for the Comet (Freiman and Schlager 1995a, p. 85).

Petroski observes,

Metal fatigue was a new phenomenon in aircraft. Before the introduction
of jets, airplanes did not fly so high and thus did not have to be so highly
pressurized for passenger comfort. In order to gain the fuel efficiency
that gave the new engine part of its advantage, jets had to fly higher
than propeller-driven airplanes, and as they did so the structural com-
ponents of the aircraft were subjected to conditions that were beyond
the experience of its designers. Previously, metal fatigue was believed to
affect only machine parts that were subjected to cycles numbering in the
hundreds of thousands, if not millions. Therefore, the Comet’s engineers
did not believe that fatigue would affect the plane, which would be sub-
jected to far fewer cycles during its lifetime. But because airplanes must
be as light as possible, their structural parts must carry more intense
loads than the parts of land-based structures or machines, for which
weight is less important. The critical combination of load intensity and
flight cycles that would lead to the growth of critical cracks proved to be
far lower than expected in the Comet. (1996, pp. 121-122)

Essential Reading

The Comet crashes are covered in one chapter of Levy and Salvadori
(1992, pp. 121-126). In addition, a chapter of Freiman and Schlager (1995a,
pp. 78-86) covers the incidents. This case study is also featured on the History
Channel’s Modern Marvels Engineering Disasters 4 videotape and DVD.

Other Cases

Hyatt Regency Walkway

The collapse of the Kansas City Hyatt Regency walkway connections,
discussed in Chapter 2, illustrates a bearing stress failure. The actual failure
mechanism was a punch-through bearing failure of the box beam against
the supporting nut attached to the hanger rod. The poor quality of the box
beam welded connection, without stiffeners, substantially reduced the bear-
ing capacity of the beam.
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The connection had an unacceptably low factor of safety. One of the
possible design alternatives, suggested after the fact, was the use of a bearing
plate to distribute the bearing stress against the box beam. This explanation
is, of course, a gross oversimplification of the case study, and the reader
is encouraged to review the complete narrative. This critical connection
was never designed, so the bearing stress was never considered. The ethical
implications of this case are also important.

Liberty Ship Hull Failures

Stress concentrations and fatigue are illustrated through the failures of
a number of World War II Liberty ships, as discussed in Chapter 9. Like the
Point Pleasant Bridge and the Comet jet aircraft, fatigue cracks started at
stress concentration sites. These cracks propagated through the entire hull
structure. Some ships that cracked in harbors were saved, whereas others
were lost at sea. The problem seemed to be aggravated by the low tempera-
tures the ships encountered in the North Atlantic and on convoy routes into
Arctic seas to supply the Soviet Union. Once the ships were reinforced, there
were no more failures.

Pittsburgh Convention Center Expansion
Joint Failure

Mechanics of materials also addresses thermal deformations, stresses,
and strains. Expansion joints are used in buildings and bridges to relieve
stresses caused by thermal deformations. If the expansion joints don’t work
properly, structural damage may result.

On Monday, February 5, 2007, an expansion joint at the Pittsburgh
Convention Center failed as a tractor-trailer was parked next to it. The
cause of the partial collapse was the combination of a cold snap and a poor
expansion joint detail. Greg Luth told the Pittzsburgh Tribune-Review that
he had only seen that type of joint once before in almost three decades of
structural engineering practice, and that was in the first atrium joint that
had failed at the Kansas City Hyatt Regency (Houser and Ritchie 2007).
The case study is covered in detail in Chapter 6. The failed expansion joint
is shown in Fig. 6-8, along with the retrofit that was installed to fix the
problem.
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Structural Analysis

STRUCTURAL ANALYSIS COURSES BUILD ON THE ENGINEER-
ing science and design concepts developed in statics and
mechanics of materials courses. Structural analysis forms
the basis for courses in building and bridge design in rein-
forced concrete, steel, and other materials.

With the wide variety of topics covered, it is easy for
students to get lost in the details and lose an overall sense
of structural behavior. Failure case studies show how
structures perform, particularly at the ultimate state.

In a 2006 paper, I suggested the 12 failure case studies
that every structural engineer should know (Delatte 2006).
All these cases are reviewed in this book, although some
are in different chapters. In chronological order, they are:

o the Quebec Bridge, 1907 (Chapter 3),

e the Tacoma Narrows Bridge, 1940 (Chapter 2),

o the Point Pleasant Bridge collapse, 1967 (Chapter 3),

e Ronan Point, 1968 (Chapter 4),

e 2000 Commonwealth Avenue, 1971 (Chapter 5),

o Skyline Plaza in Bailey’s Crossroads, 1973 (Chap-
ter 5),

o the Hartford Civic Center Stadium collapse, 1978
(Chapter 6),

o the Willow Island Cooling Tower collapse, 1978
(Chapter 9),

89
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e Harbour Cay Condominium, 1981 (Chapter 5),

« the Hyatt Regency walkway, 1981 (Chapter 2),

o the Mianus River Bridge collapse, 1983 (Chapter 6), and
e [’Ambiance Plaza collapse, 1987 (Chapter 4).

Because the case studies already discuss the relevant structural aspects,
they are not reviewed further in this chapter.

Agricultural Product Warehouse Failures

Two manufactured metal buildings were purchased and erected for use as
agricultural product storage warehouses. The product stored was cotton-
seed. The cottonseed was separated from the seed in a gin building adjacent
to each warehouse and then blown in for storage until it could be sold. The
blower loaded the warehouses from one end, with the product removed
through a door at the other end. The warehouses were intended to be fully
loaded with cottonseed. Once the pile of cottonseed reached the peak of the
roof, an auger built into the roof was used to move it toward the door. The
warehouse storage capability would allow the owner to store cottonseed
until it could be sold at a higher price. The two warehouses were located in
towns about 32 km (20 mi) apart.

For two years, the warehouses were only partially loaded. During the
third season, the warehouses were loaded to the roof, and workers outside
of the building observed outward bulging of the warehouse walls. Once
the product was removed, the concrete floor slabs were found to be badly
cracked. The structure was also damaged, with evidence of permanent defor-
mation. Much of the outward bulging disappeared when the cottonseed was
removed, but the distortion in the metal walls remained.

Inspection

Each warehouse was 24.4 X 42.7 m (80 X 140 ft) in plan. The ware-
house side walls were a little more than 7.26 m (23 ft 10 in.) high, with the
roof rising at a 45-degree angle to a peak 18.3 m (60 ft) high. One of the
warehouses is shown in Fig. 4-1. The auger, intended to move the product
from the loading end to the door, was at the peak of the roof.

The structural configuration of both warehouses was identical. The
interior framing of one of the warehouses is shown in Fig. 4-2. Six gable
frames were spaced at 6.1-m (20-ft) intervals. Between the gable frames
were interior soldier columns. The tops of the interior soldier columns were
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Figure 4-1. Metal building used to store cottonseed.

restrained by steel angle bracing leading back to the gable frames. Each
of the pair of braces at the top of each column had two parts, with bolts
attaching them to other parts of the structural secondary framing. The first
and last bays had X-bracing for longitudinal stability of the structure. Each
end wall had seven columns.

These structures were purchased with an interior liner, so the inner
and outer walls of the building were separated by purlins. Flange braces
were provided to brace the side and end wall columns against lateral tor-
sional buckling and had been attached to the inner liner panel with self-
tapping screws.

The buildings were heavily damaged. The metal skin had been stretched,
and flange braces had been torn away along the walls. The concrete founda-
tion had extensive cracking, with one crack 1 in. (25 mm) wide (Fig. 4-3).
Details of the damage are provided in Delatte (2002).

The need to keep the seed from piling up against the wall reduced
the storage capacity of the warehouses to a small fraction of the designed
capacity. Clearly, the buildings had failed and could not be used as intended
without risk of further damage and possible collapse.

Design and Construction

The metal building manufacturer’s plans, shop drawings, and job file
were available for review. The design had been carried out with computer
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Figure 4-2. Interior framing.

Figure 4-3. Damage to concrete foundation.
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software, following industry practices. The software used the direct stiff-
ness method. The Metal Building Manufacturer’s Association publishes a
manual prescribing loads for this type of structure, such as a snow load of
240 Pa (S Ib/ft?) and a wind load of 843 Pa (17.6 Ib/ft?) based on a wind
speed of 39.3 m/s (88 mi/h) for the building location (MBMA 1996). These
loads were shown in the computer program output in the job file.

However, the MBMA manual does not directly address the loads from
agricultural products. These loads were high, as much as 6 to 12 times the
wind pressure. Loads of agricultural product were not reflected in the com-
puter program output.

The agricultural product loads were shown on one sheet of the plans
supplied to the erector and owner as horizontal reactions to be applied to
the foundation slab. This sheet showed only force reactions and not moment
reactions. A pinned base column is often assumed for the design of low-rise
metal buildings (e.g., Lee et al. 1981). Moment reactions occur at the base
of a column when it is subjected to lateral loads (and it acts as a beam-
column), unless the column base is detailed to allow rotation.

The steel structure plans were supplied without a foundation plan,
except for an anchor bolt layout. In accordance with common industry
practice, the plans contained a disclaimer stating that the building designer
was not assuming liability for foundation, floor, or slab design or construc-
tion. The owner was told to hire a foundation designer and provide him or
her with the plans.

The owner hired a soil testing firm (laboratory A) for site testing and
compaction recommendations. The testing firm prepared recommendations
and provided field density reports during construction.

The owner asked the soil testing firm’s licensed engineer to prepare a
foundation plan. The drawing prepared by the testing firm engineer provided
a layout with a specification for 27.6 MPa (4,000 Ib/in.%) concrete containing
polypropylene fiber reinforcement (specified by a trade name). The slab was
125 mm (5 in.) thick with an outer turndown beam 406 X 406 mm (16 X
16 in.). A footing 1.07 m (42 in.) square was provided under each column.

Two 15.9-mm (%4-in.) diameter steel reinforcing bars (designation 16M,
US #5) were specified to be continuous around the perimeter of the founda-
tion in the turndown beam, with additional bars of the same size in the footer.
However, no reinforcing steel was specified in the interior of the slab to resist
the outward horizontal reactions and moments at the column bases.

Once the foundation was prepared, a construction firm was hired to
erect the building. Adjustments had to be made during construction because
the building was purchased with an interior liner, which was not shown on
the plans supplied by the metal building manufacturer.
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The original detail for the flange braces showed them bolted to the
purlins along the walls. However, with the interior liner in place, they could
not be attached directly to the purlins. Therefore, the flange braces were
attached with self-tapping screws installed through the liner panel into the
purlins. Furthermore, some of the flange braces were field-modified to fit
by flame cutting or similar methods. In some cases, little metal was left for
attachment.

One of the defendants’ attorneys hired a testing laboratory (labora-
tory B) to investigate the soil and concrete slab at each warehouse. This
laboratory had not been previously associated with the project.

At warehouse 1, laboratory B performed seven field density tests. Den-
sities varied from 89% to 98%. Three of the seven tests were less than the
95% density required in laboratory A’s recommendations. Four field density
tests were performed at warehouse 2. Densities ranged from 83% to 93%,
and none met the specification prepared by laboratory A.

At warehouse 2, four concrete cores were removed. One of the cores,
taken through the nominally 125-mm (5-in.) part of the slab, wasonly 111 mm
(4% in.) long. The others were all taken around the perimeter beam. The
short core suggests an inadequate thickness of the slab for at least one point,
but it is not enough to form a conclusion.

Two cores were cut to make a total of five specimens for compression
testing. Test results were 22.2,24.1, 29.0, 29.4, and 31.9 MPa (3,221, 3,497,
4,202, 4,260, and 4,622 1b/in.?). Three Windsor Probe tests were made on
the foundation. The compressive strengths predicted using the Windsor
Probe were 23.6, 32.8, and 34.3 MPa (3,425, 4,750, and 4,975 Ib/in.?).

The bulk density of cottonseed is 400 kg/m? mass and 3.92 kN/m?
weight (25 Ib/ft?), and it has an angle of repose (¢) of 45°. The lateral wall
pressure may be estimated using the following formula:

WP=kXDXH (4-1)

where WP = lateral wall pressure, k = pressure coefficient (0.20, based on
the angle of repose of 45° and rounded up), D = density, and H = height or
seed depth (Willcut et al. undated). Therefore, with an eave height of 7.26 m
(23 ft 10 in.), the pressure at the base of the wall was 5.75 kPa (120 1b/ft?).
The pressure increases linearly from 0 at the top of the wall to a maximum
value at the bottom.

Therefore, the resultant of the pressure distribution is

F=%></e><D><H2><L (4-2)
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where F = resultant force, L = length of wall between columns (3.05 m, or
10 ft), and other variables are as previously defined. The resultant force acts
at 15 H from the bottom of the wall (Fig. 4-4).

Agricultural product may be analyzed as a cohesionless soil to deter-
mine lateral pressures. For a cohensionless soil, the active earth pressure
coefficient k is

k= tan? (45—$J (4-3)
2

where ¢ = 45°, as noted earlier. This situation gives an active pressure coeffi-
cient of 0.172, close to the value of 0.2 suggested by Willcut et al. (undated).
These equations are the commonly used Rankine formulas for active soil
pressure, which may be obtained from a number of soil mechanics texts.

Therefore, along the side walls, each column had an outward resultant
force of 63.2 kN (14,200 Ib) acting 2.42 m (8 ft) from the base of the wall.
On the end walls, the outward resultant forces were as much as 303 kN
(68,000 Ib).

Because the building was loaded from one end, it was possible to have
a full load of cottonseed on the far wall, with no load against the inside
of the near wall (door end). This load provided a total force of 1,670 kN
(375 kip) acting on the rear wall, at a location 4.66 m (15.3 ft) from the base
of the wall. In fact, this condition was not only possible but also unavoid-
able in the course of operating the warehouses as intended.

F=1/2 kDH?L

H/3

v

Figure 4-4. Resultant force due to cottonseed pressure.
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Failure Hypotheses

Five hypotheses were considered, which included steel structure design
error, construction error, foundation design error, low-strength concrete, or
differential settlement. The possibility of extreme loading, such as hurri-
cane wind loading, earthquake, or another similar event, was considered
but rejected because there was no evidence that such an event had occurred
since the buildings had been constructed. As mentioned above, the buildings
were some distance apart but exhibited nearly identical distresses. Combi-
nations of causes were considered. A complete discussion is provided in
Delatte (2002).

Discussion

The steel structure design and the foundation design were both defi-
cient. Construction errors and inadequate soil compaction seemed to have
played little or no role in the failure.

Review of the metal building manufacturer’s plan and job file indi-
cated that the cottonseed forces were never accounted for in the design,
although they were listed on the table of reactions for foundation design.
This was a serious omission because the cottonseed forces were much higher
than the forces considered in the design and represented the controlling load
case. Under the cottonseed loads, a number of the metal building structural
elements were overstressed and damaged, and the structure was in danger of
overall collapse. Therefore, the steel structure design was inadequate.

The foundation design was also inadequate and violated the ACI build-
ing code (ACI 1995). The registered engineer who designed the founda-
tion slab had not previously designed a foundation. He also missed some of
the force reaction notations on the steel structure plans. This engineer was
clearly operating outside of his area of expertise. Almost all of his recent
experience had been in the preparation of soil test reports and recommenda-
tions for laboratory A and its clients.

A contributing factor was the practice of splitting responsibility for
the structure and the foundation between two engineers. Neither one took
responsibility for the overall project. The metal building manufacturer’s
engineer disavowed responsibility for the foundation and provided incom-
plete information on the column base reactions. The foundation engineer
misinterpreted some of the notations that were provided. Because of the
high outward pressures imposed by the cottonseed, careful coordination
of building design and foundation design was needed to ensure satisfactory
performance. A single engineer of record could have prevented this failure
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of communication. The only common contact between the two engineers
was the building owner.

Conclusions

Stored agricultural products such as cottonseed or peanuts impose
significant outward pressures on warehouse walls. These forces may be pre-
dicted using standard soil mechanics equations. Calculating these pressures
is straightforward.

Because at least three of these warehouses have failed in the same
predictable manner, it is clearly important for designers of future agricul-
tural product warehouses to consider these forces in design. It is particu-
larly important to consider overall structural stability under unbalanced
product loads.

It is also necessary to make sure that the designer’s assumptions about
structural behavior are consistent with the detailing. The column base con-
nections were fixed but were modeled as if hinged. Either a fixed or a hinged
connection could have been used, and the structure could have performed
properly with either detail so long as the structure and foundation designs
took the actual connection behavior into account. Instead, the moment that
cracked the foundation slab was not accounted for by either the structural
engineer or the foundation engineer.

The practice of splitting responsibility for a structure between a manu-
facturer’s structural engineer (who may know nothing about the site condi-
tions) and a local foundation engineer (who may know nothing about metal
building design and behavior) presents a high risk of failure. It is particu-
larly dangerous when loading of this magnitude is present. A single engineer
of record is needed to avoid poor performance that happens because of poor
communication.

Ronan Point

In the early morning hours of May 16, 1968, the occupant of apartment 90
on the 18th floor of the Ronan Point apartment tower in London lit a match
for her stove to brew her morning cup of tea. The resulting gas explosion,
caused by a leak, knocked her unconscious.

The pressure of the small gas explosion blew out the walls of her apart-
ment and initiated a partial collapse of the structure that killed 4 people and
injured 17. The partially collapsed structure is shown in Fig. 4-5, and the
floor plan for apartment 90 is provided in Fig. 4-6.
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Figure 4-5. Ronan Point after collapse.
Source: Pearson and Delatte (2005).

Design and Construction

Many high-rise apartments were constructed in London to replace the
housing stock destroyed during the Second World War. The development
of prefabricated construction techniques (known as system building) led to
the popularity of high-rise apartment buildings. This new style of housing
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Figure 4-6. Floor plan of Ronan Point apartment.
Source: Pearson and Delatte (2005).

could be constructed quickly, accommodate large numbers of people, and
save land and labor.

The Ronan Point Apartment Tower was constructed using the Larsen—
Nielsen system. This system was developed in Denmark in 1948. The
Larsen—Nielsen system was

. composed of factory-built, precast concrete components designed
to minimize on-site construction work. Walls, floors and stairways are
all precast. All units, installed one-story high, are load bearing. (ENR
1968, p. 54)

This building technique encompassed the patterns for the panels and joints,
the method of panel assembly, and the methods of production of the panels.
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Ronan Point was the second of nine identical high-rise, precast, con-
crete flat plate structures that were erected in London after the war. In this
type of structural system, each floor was supported by the load bearing walls
directly beneath it. Gravity load transfer occurred only through these load-
bearing walls. The wall and floor system panels were fitted together in slots.
The joints were then bolted together and filled with dry pack mortar to secure
the connections. The connections are shown in Fig. 4-7 and Fig. 4-8.

Ronan Point was 22 stories tall. There were 110 apartment units in the
building, grouped five to a floor. The building contained 44 two-bedroom
apartments and 66 one-bedroom apartments. Construction took less than
two years, and the building was near full occupancy for less than 3 months
before a section of it collapsed.

Collapse

The southeast corner of the Ronan Point Tower collapsed on May
16, 1968, at approximately 5:45 a.M. Four people died and seventeen were
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Figure 4-7. Ronan Point connection.
Source: Pearson and Delatte (2005).
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injured. The fatality rate could have been considerably higher, given the
extent of the structural damage (Feld and Carper 1997). Fortunately, at the
time of the disaster, all of the residents but one were sleeping in their bed-
rooms. The collapse sheared off the living room portion of the apartments,
leaving the bedrooms intact, with the exception of floors 17 through 22,
where all the fatalities occurred. This corner of the building contained the
only three vacant apartments left in the building. The apartment on floor 22
was the only one occupied above floor 18.

The collapse was initiated by a gas-stove leak on the 18th floor in apart-
ment 90. The resident struck a match to light the stove and was knocked
unconscious by the resulting explosion. The force of the explosion knocked
out the opposite corner walls of the apartment. These walls were the sole
support for the walls directly above. This collapse created a chain reaction
in which floor 19 collapsed, then floor 20 and so on, propagating upward.
The four floors fell onto level 18, which initiated a second phase of progres-
sive collapse. This sudden impact loading on floor 18 caused it to give way,
smashing floor 17 and progressing until it reached the ground.

Causes of Failure

The government formed a panel to investigate the collapse. The pan-
el’s report was issued later that year (Griffiths et al. 1968). It was quickly
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determined that the explosion from the gas leak had initiated the collapse of
the building. A substandard brass nut had been used to connect the hose to
the stove. The nut had a thinner flange than the standard and also had an
unusual degree of chamfer. A replicate of this nut was made and tested to
determine how much force was required to break it.

It was found that a force of 15.6 kN (3,500 lb) would break the con-
nection. It was also concluded that the hose connecting the stove to the
gas would have failed before the nut at a force of 1.6 kN (360 lb). The nut
was assumed to have been previously fractured by overtightening during
installation, causing it to break and allowing gas to leak into the apartment
(Griffiths et al. 1968).

The gas may have accumulated at the ceiling, explaining why the resi-
dent did not detect it. The explosion was not large, and the resident’s hear-
ing was not damaged. This suggested that the pressure was less than 70 kPa
(10 Ib/in.?) (Bignell et al. 1977). Items from the kitchen of this apartment
were tested. Results indicated that these objects had been exposed to pres-
sures of less than 70 kPa (10 Ib/in.2).

The Building Research Station and Imperial College of London per-
formed an extensive battery of tests to discover how much internal force
Ronan Point could withstand. The results indicated that the walls could
have been displaced by a pressure of only 19.3 kPa (2.8 Ib/in.?) (Levy
and Salvadori 1992). It was estimated that the kitchen and living room
walls were moved at a pressure of only 1.7 kPa (0.25 1b/in.?), and the
exterior wall was moved at a gas pressure of 21 kPa (3 1b/in.?) (Griffiths
et al. 1968).

Ultimately, the collapse of Ronan Point occurred because of its lack
of structural redundancy. It had no fail-safe mechanisms and no alterna-
tive load paths for the upper floors should a lower level give way. Without
any type of structural frame, the upper floors had no support and fell onto
floor 17. The panels forming floor 17 could not support the sudden loading
caused by the upper five floors. Consequently, they gave way, and the pro-
cess continued until it reached the ground level.

The southeast corner of Ronan Point was rebuilt as a separate sec-
tion of apartments and was then joined to the existing building by means
of walkways. Ronan Point was reinforced with blast angles as part of the
reconstruction. Gas was also banned from the Ronan Point complex.

Technical Aspects

The overall weakness of the building and the associated deficiencies in
building codes became apparent after the public inquiry into the collapse.
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The inquiry revealed that strong winds or the effects of a fire in the building
could also have caused a progressive collapse. Ronan Point was designed to
withstand wind velocities of only 100 km/h (63 mi/h). A wind of 170 km/h
(105 mi/h) could be expected to occur at 61 m (200 ft) above the ground
every 60 years, within the life expectancy of the building.

The building code used for the design of Ronan Point and its sister
buildings was issued in 1952. This set of codes had not been kept up to
date. Higher than stated winds were known to occur based on a publication
in 1963 by the National Physical Laboratory (Griffiths et al. 1968). It was
noted that, “the structure had been designed to comply with fifteen-year-old
wind load codes that did not take into account current building heights”
(ENR 1970, p. 12). According to the inquiry, “the suction effect of the pres-
sures applied by such winds, in particular the opening of the joints as the
tower block bent in the wind, would have similar effect to the explosion”
(Wearne 2000, p. 143).

Fire also would have had a similar effect on Ronan Point. The inquiry
stated, “it is estimated that fire could so expand and ‘arch’ the floor slab
and bend the wall panel, as to displace or rotate an H-2 joint to a dangerous
degree” (Wearne 2000).

Continuing concerns over the building’s structural integrity eventually
led to its demolition in May 1986. The building had a life expectancy of
60 years but was razed after just 18 years. The building was not demolished
in the traditional fashion. Poor workmanship was suspected, and Ronan
Point was dismantled floor by floor so that the joints could be studied. The
site was an “open site” for anyone interested.

A shocked architect, Sam Webb, commented,

I knew we were going to find bad workmanship—what surprised me
was the sheer scale of it. Not a single joint was correct. Fixing straps
were unattached: leveling nuts were not wound down, causing a signifi-
cant loading to be transmitted via the bolts: panels were placed on bolts
instead of mortar. But the biggest shock of all was the crucial H-2 load-
bearing joints between floor and wall panels. Some of the joints had less
than fifty percent of the mortar specified. (Wearne 2000, p. 154)

Professional and Procedural Aspects

The findings of such magnitude of poor workmanship performed
in the construction of Ronan Point led to the demolition of the remain-
ing Larsen—Nielsen system built towers. At the time these buildings were
erected, the building codes did not adequately address the system. Large
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concrete panel construction was the height of innovation at this time, and
little was known about how it would perform. The building regulations in
effect at the time contained a “catch-all” clause known as the “functional
requirement on structure.” This clause contained no mention of redundancy
or progressive collapse (Bignell et al. 1977).

The collapse of the southeast corner of Ronan Point initiated changes
to the codes. Building codes now take into account the possibilities of pro-
gressive collapse and of forces from an internal explosion. The codes also
require minimum amounts of ductility and redundancy.

One of the outcomes of this inquiry was the development of the
“Amendment” to the U.K. building regulations in 1970. According to Allen
and Schriever (1972, pp. 39, 45), all buildings of more than five stories were
to be designed to resist progressive collapse. This design could be accom-
plished by analyzing the structure with a critical structural member removed
(notional removal), ensuring alternate load paths. It was not necessary to
consider notional removal of structural members if the members could resist
a specified pressure in any direction. For both alternatives, a safety factor of
1.05 with dead load plus V3 live load should be used.

The British also conducted their own research on progressive col-
lapse. The United States followed and also implemented new design criteria
(Fuller 1975). The lessons from Ronan Point changed building regulations
throughout the world.

The government mandated guidelines for the prevention of progres-
sive collapses. These instructions included the requirement for a fail-safe
mechanism in all large-panel system buildings, steel bracing with floor-to-
wall connectors, and a minimum tensile strength of 21 MPa (3,000 Ib/in.?)
across the length and width of the roofs and floors (Feld and Carper 1997,
p. 306).

The Portland Cement Association and the Prestressed Concrete Insti-
tute also issued their own sets of guidelines. These methods called for “tying
building elements together and increasing ductility so that the building ele-
ments can better sustain deformations from the failure of a portion of the
building’s structure” (Ross 1984, p. 273).

The engineering profession was reminded of the need for redundancy
in design to prevent a progressive collapse. It is of the utmost importance
that building designs contain some measure of continuity (Shepherd and
Frost 1995). Extensive research was carried out in the United Kingdom to
provide engineers and architects with data for load-bearing walls. When
the Larsen—Nielsen system was developed, it was not intended to be used in
buildings more than six floors high. However, in the United Kingdom it had
been used for taller structures.
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It was concluded by the inquiry that the codes governing construc-
tion and design methods needed immediate reevaluation. The authors of the
inquiry stated in their report,

... we do not consider that in its present form Ronan Point is an accept-
able building, and yet it was designed to comply with the statutory
standards contained in the Newham by-laws, which are, in all material
respects, identical with current Building Regulations. This is so mani-
festly an unsatisfactory state of affairs that it is necessary to enquire
how it came about and to consider remedies for the future. (Griffiths
et al. 1968)

The need for quality control in the construction process was rein-
forced after the dismantling of Ronan Point. Although the design flaw was
the primary downfall of Ronan Point, poor construction quality could have
led to future problems with the building’s structural integrity. It is impera-
tive that quality control be enforced in the construction process to ensure
public safety.

As with all other construction materials, the best designs in precast and
prestressed concrete can be ineffective unless the work done in the field
is of high quality. If the design is marginal, construction deficiencies can
compound the errors increasing the potential for serious problems. . . .
Skilled supervisors who understand the design intent and can communi-
cate it clearly to the field workers are needed full-time at the construc-
tion site while all prestressed concrete work is erected. (Feld and Carper
1997, p. 302)

Ethical Aspects

Substandard workmanship was detected in the initial inquiry of the col-
lapse. Even though it was not found to be the major factor in the corner col-
lapsing, this information was hidden from the public. By the time the inquiry’s
findings were published in 1968, many large-panel concrete buildings had
been completed. At least six Larsen—Nielsen system buildings had been com-
pleted by this time. There was not enough money to strengthen them.

Summary and Conclusions

The investigations found that the Ronan Point apartment tower was
deeply flawed in both design and construction. The existing building codes
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were inadequate for ensuring the safety and integrity of high-rise, precast
concrete apartment buildings. In particular, the design wind pressures were
too low and did not account for the height of the building. The Larsen—
Nielsen building system, intended for buildings with only six stories, had
been extended past the point of safety.

The tower consisted of precast panels joined together without a struc-
tural frame. The apartment tower lacked alternate load paths to redistribute
forces in the event of a partial collapse. When the structure was dismantled,
investigators found appallingly poor workmanship of the critical connections
between the panels. The already shaky structure had been further weakened
by the inadequate construction practices. The result was described by Levy
and Salvadori (1992) as a “house of cards.” Overall structural integrity is of
particular importance in precast concrete building systems.

The relatively low overpressure from the gas explosion should have
led to localized damage at most, not a partial progressive collapse and the
loss of four lives. The evaluation also found that the building was unusually
vulnerable to ordinary wind and fire loading.

Petroski comments,

Conceptually, the system building was a brilliant alternative to costly
on-site construction, and it could be argued that it allowed for the
achievement of better quality control in the individual components.
However, as the gas explosion revealed, the system had a fundamental
flaw in its design, and the loss of one load-bearing wall under the wrong
conditions allowed the whole corner of the structure to collapse. The
concept of system construction had many advantages over the more
traditional schemes, but it clearly had the disadvantage of very little
redundancy. . . . The fundamental error of the concept was not revealed
in the logic of the design process but in the chance events that led to a
gas explosion. When an explosion blew out some upper walls in a more
conventionally constructed apartment building in New York’s Harlem
in 1991, the overall building withstood the structural trauma, as it was
expected to. (1994, pp. 26-28)

Essential Reading

The key reference is the report by Griffiths et al. (1968), entitled Report
of the Inquiry into the Collapse of Flats at Ronan Point, Canning Town.
This case study is discussed in Chapter 5 of Levy and Salvadori (1992), as
well as Chapter 7 of Wearne (2000). Two other references are Pearson and
Delatte (2003, 2005).
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L’Ambiance Plaza Collapse

The death of 28 workers in the April 23, 1987, construction collapse of the
[’Ambiance Plaza building in Bridgeport, Connecticut, triggered a massive
rescue effort and several investigations. Unfortunately, to this day the true
cause of the collapse remains in dispute because a settlement ended all inves-
tigations. This was a lift-slab project.

In his textbook Prestressed Concrete: A Fundamental Approach, Nawy
discusses lift-slab construction. He points out the need to keep the slabs
level during lifting operations and notes that “the construction technique
in lift slabs and the absence of the expertise required for such construction
can create hazardous conditions which may result in loss of stability and
structural collapse” (Nawy 2006, p. 556).

Design and Construction

I’Ambiance Plaza was planned to be a 16-story building with 13 apart-
ment levels topping 3 parking levels. It consisted of two offset rectangular
towers, 19.2 X 34.1 m (63 X 112 ft) each, connected by an elevator (Figs.
4-9 and 4-10). Post-tensioned concrete slabs 178 mm (7 in.) thick and steel
columns made up its structural frame (Cuoco et al. 1992).

Post-tensioning overcomes the tensile weakness of concrete slabs by
placing high-strength steel wires along their length or width before the con-
crete is poured. After the concrete hardens, hydraulic jacks pull and anchor
the wires or strand, compressing the concrete (Levy and Salvadori 1992).

Using the lift-slab method, the floor slabs for all 16 levels were con-
structed on the ground, one on top of the other, with bond breakers between
them (Fig. 4-9a). Then packages of two or three slabs were lifted into tem-
porary position by a hydraulic lifting apparatus and held in place by steel
wedges. The lifting apparatus consisted of a hydraulic jack on top of each
column, with a pair of lifting rods extending down to lifting collars cast in
the slab (Figs. 4-9b and 4-9c¢).

Once the slabs were positioned, they were permanently attached to
the steel columns. Two shear walls in each tower were meant to provide the
lateral resistance for the completed building on all but the top two floors.
These two floors depended on the rigid joints between the steel columns
and the concrete slabs for their stability. Because the shear wall played such
an indispensable role in the lateral stability of the building, the structural
drawings specified that during construction the shear walls should be within
three floors of the lifted slabs (Heger 1991).



108 BEYOND FAILURE

Figure 4-9. I’Ambiance Plaza Lift Slab Construction.
Courtesy National Institute of Standards and Technology.
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Figure 4-10. Floor plan of I’Ambiance Plaza.
Source: Moncarz et al. (1992).

Details of the lift-slab system, the competing lift-plate system, and
other similar systems are provided by Zallen and Peraza (2004, pp. 7-21).
The systems are proprietary.

Collapse

At the time of the collapse, the building was a little more than halfway
completed. In the west tower, the 9th, 10th, and 11th floor slab package was
parked in stage IV directly under the 12th floor and roof package (Fig. 4-11). The
shear walls were about five levels below the lifted slabs (Cuoco et al. 1992).

The workers were tack-welding wedges under the 9th-to-11th floor
package to temporarily hold them in position, when a loud metallic sound
followed by rumbling was heard. Kenneth Shepard, an ironworker who was
installing wedges at the time, looked up to see the slab over him “cracking
like ice breaking.” Suddenly, the slab fell onto the slab below it, which was
unable to support this added weight and fell in turn. The entire structure
collapsed, first the west tower and then the east tower, in 5 s, only 2.5 s
longer than it would have taken an object to free fall from that height. Ten
days of frantic rescue operations revealed that 28 construction workers had
died in the collapse, making it the worst lift-slab construction accident ever.
Kenneth Shepard was the only one on his crew to survive (Levy and Salva-
dori 1992). The collapsed structure is shown in Fig. 4-12.

Causes of Failure

All of the parties involved in the design and construction of the build-
ing hired forensic engineering firms to investigate possible causes of the
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Figure 4-11. Elevation of I’Ambiance Plaza just before collapse.
Source: Cuoco et al. (1992).

failure. However, a prompt legal settlement prematurely ended all inves-
tigations of the collapse. Consequently, the exact cause of the collapse has
never been established. The building had a number of deficiencies, any one
of which could have triggered the collapse. The question, however, remains
which one of these problems was in fact the triggering mechanism. There
are six competing theories. Kaminetzky lists, but does not discuss, a seventh
theory: “failure resulting from lateral soil pressure acting on the foundation
walls” (Kaminetzky 1991, p. 82).

e Theory 1, National Bureau of Standards (NBS), now the National
Institute of Standards and Technology (NIST): An overloaded
steel angle welded to a shear head arm-channel deformed, causing
the jack rod and lifting nut to slip out and the collapse to begin
(Korman 1987).

o Theory 2, Thornton-Tomasetti Engineers (T-T): The instability of
the wedges holding the 12th floor-roof package caused the collapse
(Cuoco et al. 1992).

e Theory 3, Schupack Suarez Engineers, Inc. (SSE): The improper
design of the post-tensioning tendons caused the collapse (Poston
et al. 1991).
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Figure 4-12a, b. The collapsed structure of I’Ambiance Plaza.
Courtesy National Institute of Standards and Technology.
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o Theory 4, Occupational Safety and Health Administration (OSHA):
Questionable weld details and substandard welds caused the col-
lapse (McGuire 1992).

e Theory 5, Failure Analysis Associates, Inc. (FaAA): The sensitiv-
ity of ’Ambiance Plaza to lateral displacement caused its collapse
through global instability (Moncarz et al. 1992).

e Theory 6, Oswald Rendon-Herrero: Rapid slump of a column foot-
ing precipitated the collapse (Rendon-Herrero 1994).

THEORY T —OVERLOADED STEEL ANGLE

The NBS investigation concluded that the failure occurred at the
building’s most heavily loaded column, E4.8, or the adjacent column, E3.8,
as a result of a lifting assembly failure (Fig. 4-13). The shear head reinforced
the concrete slab at each column, transferred vertical loads from the slabs
to the columns, and provided a place of attachment for the lifting assembly.
It consisted of steel channels cast in the concrete slab, leaving a space for
the lifting angle. The lifting angle had holes to pass the lifting rods through.
These rods were raised by the hydraulic jacks on the columns above them
(Levy and Salvadori 1992).

Threaded
jack rod __
N

.

Steel column .

Post- Tensioned
Concrete slab

Figure 4-13a. Lifting assembly.
Source: Poston et al. (1991).
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Shortly before the collapse, the workers lifted the 9th-to-11th floor
package to its final position and began tack-welding the steel wedges into
place. They used a jack on top of the column E4.8 or E3.8 to slightly adjust
the position of the slab, overloading the lifting angles. When the shear heads
and lifting angles had lifted the package of three 3.13 MN (320-ton) slabs,
they were dangerously close to their maximum capacity, so adding even the
smallest of loads could exceed that maximum.

The lifting capacities of the two types of jacks used were too small for
the 9.38 MN (960-ton) package. The regular jacks have a maximum load
of 869 kN (89 tons), whereas the super jacks have a maximum load of 1.47
MN (150 tons). NBS also tested the shear head and lifting angle and found
that the angles tended to twist as the loads approached 781 kN (80 tons),
because although the angles had enough strength, they did not have enough
stiffness. The force deformed the lifting angle, allowing the jack rod and
lifting nut to slip out of the lifting angle and hit the column with 333 kN
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(75,000 1b) of force. This load accounted for the loud noise that Kenneth
Shepard heard and the indentation found in that column. After this initial
slip, the jack rods and lifting nuts in the entire E line progressively slipped,
causing the 9th floor slab to collapse, initiating the collapse of the entire
building (Korman 1987).

This theory was published before evidence pointed out errors in the
alleged facts (Zallen and Peraza 2004). However, the proponents of this
theory believe that it is still supported by the available evidence (Culver
2002).

THEORY 2—UNSTABLE WEDGES

Thornton-Tomasetti Engineers (T-T) concluded that the instability of
the wedges at column 3E caused the 12th floor—roof package to fall, initiat-
ing the collapse. They disagreed with the NBS investigation, finding that all
the wedges supporting the 9th-to-11th-floor package were mounted before
the collapse and that that column had no indentations on it. They, how-
ever, did find abnormal tack welds on the wedges that supported the 12th
floor-roof package, a large deformation on the top edge of the west wedge
of this set, and indentations on the underside of the level 9 shear head. The
shallowness of the indentations indicated that, although both lifting nuts
slipped out, they were not heavily loaded at the time.

Their investigation also found that the shear head gaps on columns
3E and 3.8E (16 mm, 0.628 in.) were much larger than the gaps on the rest
of the building (5.92-8.31 mm, 0.233-0.327 in.) and other buildings built
with the lift-slab technique (6.35-9.53 mm, 0.250-0.375 in.). In addition
to these abnormally large gaps, the shear heads used on these two columns
did not have cutouts in their lifting angles to restrict shifting, and they were
installed eccentrically. Finally, until a wedge was completely welded into
place, it depended on friction to hold it. Normally, friction is sufficient. The
large shear head gaps on columns 3E and 3.8E and the presence of hydraulic
fluid on these wedges, however, would have demanded an extremely high
friction coefficient to hold the wedges in place.

On the day of collapse, the lateral load from the hydraulic jack was
exerted on the heavily loaded wedges, causing the west wedge to roll. Then
the local adjustments to slab elevations caused the remaining wedge to roll
out, initiating the collapse of the 12th floor-roof package and the west
tower (Fig. 4-14). Forces transmitted through the pour strips or the horizon-
tal jack, or the impact of the debris from the west tower, triggered the east
tower’s collapse (Cuoco et al. 1992). Zallen and Peraza (2004, pp. 28-29)
refer to this as “theory 3—wedges falling out.”
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Figure 4-14. Wedges and wedge roll-out mechanism.
Source: Cuoco et al. (1992).

THEORY 3 —IMPROPER DESIGN OF POST-TENSIONING
TENDONS

SSE analyzed the structural behavior of a typical west tower floor slab
with respect to the unusual layout of the post-tensioning tendons (Fig. 4-15).
The tendons in the east tower followed a typical two-way banded post-ten-
sioning tendon layout. In this layout, the vertical tendons distributed the
weight of the slab to the east—-west column lines, which in turn distributed
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Figure 4-15. Post-tensioning tendon layout.

the weight to the columns. The west tower, however, deviated from this
pattern. At column 4.8E, the tendons split in two, both diverging from the
column line. In the west tower, the vertical tendons still distributed the slab’s
weight to the column line. Along line E, however, there are no tendons to
carry this weight. This setup violated the American Concrete Institute Build-
ing Code (ACI 1983). Kaminetsky points out that the code stipulates “a
minimum of two tendons shall be provided in each direction through the
critical shear section over columns” (1991, p. 84).

Furthermore, the design details of the post-tensioned floor slabs do
not show the location of the shear walls or the openings for the walls at
columns 11A, 8A, and 2H. The design did not take these openings into
account. Detailed finite-element analysis showed that tensile stresses along
column line E, east of column 4.8E, exceeded the cracking strength of the
concrete. Therefore, once a crack began, it would immediately spread to
column 4.8E. In addition, under ideal lifting conditions, the analysis dem-
onstrated that column 2H would have high compressive and punching shear
stresses (Poston et al. 1991). Zallen and Peraza (2004, p. 29) refer to this as
“theory S—improper post-tensioning design.”

THEORY 4—PoOR WELD DETAILS AND WELDS

OSHA found that the header bar-to-channel welds on one side of the 9th
floor shear head at column E3.8 had failed. The use of one-sided square-
groove welds for the header bar-to-channel connection was criticized
because they were not prequalified joints, according to American Welding
Society standards. Because the amount of weld penetration was not known,
their strength could not be determined. OSHA hired Neal S. Moreton and
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Associates to examine 30 welds around the shear heads at column E3.8 at
the 7th, 8th, and 10th floors. They found only 13 of the 30 welds accept-
able; the other 17 were substandard. The questionable weld details and
substandard welding, coupled with drawings that indicated that the welds
would undoubtedly experience forces that they could not resist, all point to
weld failure as the trigger of the collapse (McGuire 1992).

Zallen and Peraza (2004, p. 28) refer to this as “theory 2—failure of
welds in lifting collar.” After weld failure, load would be transferred to the
lifting angles, which would then fail in turn.

THEORY 5— GLOBAL INSTABILITY

The FaAA studied the towers’ torsional stability and response to lat-
eral loading to understand their collapse. When the concrete slabs were tem-
porarily resting on the wedges, the connection was rotationally stiff, but
as soon as the slab was lifted off one of the wedges into its final position,
it could rotate freely from the column. Once the wedges were fully welded
into their final position, the connection became rigid again. In the absence
of lateral loading, the towers were completely stable.

Lateral loading and displacement, however, could cause the slab to lift
off one of its wedges, causing the structure to become laterally flexible. The
FaAA used 3D computer modeling and nonlinear stability modeling to study
this phenomenon. Their investigation and analysis led them to the conclu-
sion that the towers’ sensitivity to lateral displacement caused their collapse.
Whereas the FaAA acknowledges that another mechanism could have trig-
gered the lateral displacement, they believed that lateral jacking provided
sufficient displacement to initiate the collapse (Moncarz et al. 1992). Zallen
and Peraza (2004, p. 29) refer to this as “theory 4—instability.”

THEORY 6 —FOUNDATION FAILURE

In a discussion replying to Cuoco et al.’s 1992 paper, Rendon-Herrero
suggests that “a closer look warrants reconsideration of the role played by
the foundation in the collapse” (Rendon-Herrero 1994). He notes that the
NBS report found disintegrated rock, bedrock, and fill materials of varying
quality, with some questions as to whether testing of in-place density was
performed and as to the rationale for the assumption of the allowable bear-
ing pressure. He concludes that

» o«

The writer feels that descriptions like “mica,” “micaceous schist,”
“highly fractured,” “cracks,” “disintegrated rock,” “fill,” “compaction
with backhoe,” “highly weathered,” “thinly laminated,” and “very

steep dip (nearly vertical)” are red flags that indicate the need for
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caution and special attention in the design of a foundation. Punching
or local shear is likely when subgrade conditions include loose granular
soils (i.e., inadequate compaction); micaceous soils; micaceous schists;
and highly fractured, steeply dipping bedrock. (Rendon-Herrero 1994)

Legal Repercussions

All of these theories are plausible, but what triggered the collapse?
The answer may never be known. A two-judge panel mediated a universal
settlement among 100 parties, closing the I’ Ambiance Plaza case. Twenty or
more separate parties were found guilty of “widespread negligence, careless-
ness, sloppy practices, and complacency.” They all contributed, in varying
amounts, to the $41 million settlement fund. Those injured and the fami-
lies of those killed in the collapse received $30 million. Another $7.6 mil-
lion was set aside to pay for all of the claims and counterclaims among the
designers and contractors of [’Ambiance Plaza.

Although this settlement kept hundreds of cases out of court and pro-
vided rapid closure to a colossal collapse, it also ended all investigations
prematurely, leaving the cause of collapse undetermined (Korman 1988).
Fortunately, many of the investigators subsequently published their findings
(Feld and Carper 1997).

Technical Aspects

Although buildings constructed by the lift-slab method are stable once
they are completed, if great care is not taken during construction they can be
dangerous. Feld and Carper (1997) reviewed a number of previous lift-slab
construction failures and near-failures. The following measures can be taken
to ensure lateral stability and safety during construction:

e During all stages of construction, temporary lateral bracing should
be provided, unless the lateral stability of the structure is provided
through another mechanism.

o Concrete punching shear resistance and connection redundancies
should be provided in the structure (Kaminetzky 1991).

o Sway bracing (cables that keep the stack of floors from shifting
sideways) should be used. This bracing was required but not used
in PAmbiance Plaza (Levy and Salvadori 1992).

Because of the terms of the settlement, many of the technical lessons
that could have been learned from this incident may have been lost.
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Professional and Procedural Aspects

The I’Ambiance Plaza collapse highlighted several procedural deficien-
cies. Responsibility for design was fragmented among so many subcontrac-
tors that several design deficiencies went undetected. If the engineer of record
had taken responsibility for the overall design of the building or a second
engineer had reviewed the design plans, these defects probably would have
been detected (Heger 1991). Also, standardized step-by-step procedures for
lift-slab construction should be established to ensure the safety of the con-
struction workers. A licensed professional engineer should be present during
construction to ensure that these guidelines are followed (Kaminetzky 1991).

According to Zallen and Peraza, three structural engineers should be
involved in the design and construction of a lift-slab building. These are the
structural engineer of record, the lift-slab engineer, and the post-tensioning
engineer. The structural engineer of record is responsible for the integrity of the
building in its completed state. The lift-slab engineer, hired by the lift-slab con-
tractor, designs the lift-slab process, including structural stability during lifting
operations. The post-tensioning engineer details the tendons and related details
and must coordinate carefully with the lift-slab engineer. All three engineers
must coordinate their work carefully (Zallen and Peraza, 2004, pp. 62-63).

Ethical Aspects

Although the I’Ambiance Plaza building was designed to be safe once
it was completed, during construction it did not have an adequate level of
stability. This situation is all too common in the construction industry today
(Heger 1991). Canon 1 of the American Society of Civil Engineers (ASCE)
Code of Ethics states, “Engineers shall hold paramount the safety, health and
welfare of the public and shall strive to comply with the principles of sustain-
able development in the performance of their professional duties” (ASCE
2006). This safety includes the safety of construction workers. Building regu-
lations do not sufficiently consider structural safety during construction; they
should be changed to require a high standard of safety during construction,
as well as after a building’s completion. In the absence of such regulations,

however, an ethical engineer must always consider the safety of the workers
(Heger 1991). The ASCE Code of Ethics is provided in Appendix B.

The Human Factor

Many of the organizations involved in the I’Ambiance Plaza project
went out of business. One exception was the structural engineer, James
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O’Kon. In October 1991, he described his experiences to his colleagues at
an annual ASCE conference.

A federal judge has just told James O’Kon that he wanted $2 million
from him—$1 million in insurance money and $1 million from O’Kon’s
personal funds. . . . The judge, Robert C. Zampano, was trying to col-
lect enough money to settle all the lawsuits from the Bridgeport col-
lapse and to provide victims and their families with enough money to
live comfortably and educate the victims’ children. But O’Kon couldn’t
see why he should have to help make the families “wealthy.” He had
been exonerated of wrongdoing and, in his opinion, the workers them-
selves caused the accident. He also told the judge that his daughter had
recently been paralyzed in an accident and he had spent hundreds of
thousands of dollars in medical expenses. Zampano eased his demands
and asked only for the insurance money, thus saving O’Kon from finan-
cial devastation. (Houston 1991)

O’Kon believed that workers’ errors in operating the lifting jack trig-
gered the collapse. He immediately contacted his clients to assure them that
the accident was not his fault and spoke with the media as little as possible.
He had, unfortunately, let his Connecticut license lapse, and had to fight for
two years to regain it.

In the unpublished remarks presented at the ASCE meeting, more than
four years after the event, O’Kon detailed the pressure the judge put on
him and others. He was told that if he didn’t pay the requested amount, he
would be excluded from the settlement group and financially destroyed in
litigation. The hot dog man who provided coffee and sandwiches for the
laborers paid $75,000, and the drywall metal framing installation company
and drywall installer paid $450,000 and $150,000, respectively, although
their work had not been scheduled to start for almost six months. The gen-
eral contractor and developer paid roughly the same amounts as O’Kon,
and both went out of business. The supervising architect paid only $7,500
because he did not have insurance.

Other Lift-Slab Cases

There were other problems in the early days of lift-slab construction,
just as there often are with innovative construction technologies. The 1962
system patented by Stubbs used a system with grooves spaced 150 mm (6 in.)
apart, with jacks that could not be removed if they jammed between strokes.
A Canadian wedge system building under construction in Marion, Indiana,
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collapsed in 1962. The Canadian wedge connection relied on frictional resis-
tance between the column and wedges. Other buildings failed in sidesway
mode because of global instability. These buildings included the Junipero
Serra High School Roof in San Mateo, California, in 1954 and the Pigeon-
hole Parking Garage in Cleveland, Ohio, in 1956. The Pigeonhole Parking
Garage swayed 2.1 m (7 ft) in winds gusting from 56 to 97 km/h (35 to
60 mi/h), but the contractor was able to bring it back to plumb (Zallen and
Peraza 2004, pp. 22-25). This near-collapse is discussed in the next section.
Unlike I’Ambiance Plaza, none of these failures led to a loss of life. These
incidents highlighted possible problems during jacking operations, including
uneven lifting of slabs, as well as the importance of overall stability.

Conclusions

The I’Ambiance Plaza collapse killed 28 workers and had serious ram-
ifications for all the people involved with the project, as well as for the civil
engineering profession as a whole. All of the theories discussed above are
plausible, but it seems unlikely that the triggering mechanism of the collapse
can ever be determined. This failure severely reduced the use of the lift-slab
system and almost eliminated it from use (Moncarz and Taylor 2000, p. 46).
The ASCE Technical Council on Forensic Engineering (Task Committee on
Lift-Slab Construction) published Engineering Considerations for Lift-Slab
Construction to benefit future designers and builders of lift-slab projects
(Zallen and Peraza 2004).

Essential Reading

Zallen and Peraza (2004) provide an important review of the technical
aspects of lift-slab construction. An account is provided by Levy and Salva-
dori (1992). This case study is featured on the History Channel’s Modern
Marvels Engineering Disasters 4 videotape and DVD.

Cleveland Lift-Slab Parking Garage

Although the final cause of the I’Ambiance Plaza collapse has never been
determined, the reason of the 1956 near-collapse of the Pigeonhole Park-
ing Garage in Cleveland, Ohio, appears obvious. This was also a lift slab
structure.

The building consisted of eight-story twin towers, 28 X 6.4 m (91 X
21 ft) each in plan. The slabs were 200 mm (8 in.) thick and weighed 800 kN
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(180,000 Ib). The slabs had been jacked into place on 18.5-m (61-ft) tall
columns spaced 6.7 m (22 ft) on center. All of the slabs of the west tower
were in place, secured by temporary steel wedges. The structure before the
incident is shown in Fig. 4-16.

On the evening of April 6, winds gusted 56-80 km/h (35-50 mi/h).
The structure shifted 2.1 m (7 ft) out of plumb in the long direction, with
the fifth floor close to an adjacent building. The east tower, with only the
second and third floors in place, was not affected by the wind. The sidesway
displacement of the Cleveland parking garage is shown in Fig. 4-17.

The building was secured with guys and temporary shoring on orders
of the Cleveland building commissioner, who remarked, “if they had welded
at each floor as they went along the building would have been braced and
this would not have happened.” The west tower was eventually jacked back
into place (Feld 1964, pp. 93-94). The work to restore the Cleveland park-
ing garage to plumb is shown in Fig. 4-18.
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Figure 4-16. Cleveland parking garage under construction.
Courtesy Cleveland Press Collection, Cleveland State University Library.
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Figure 4-17. Sidesway displacement of Cleveland parking garage.
Courtesy Cleveland Press Collection, Cleveland State University Library.

Figure 4-18. Restoring the Cleveland parking garage to plumb.
Courtesy Cleveland Press Collection, Cleveland State University Library.
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The sequence of events is illustrated in photos published in the Cleve-
land Press newspaper, shown here as Figs. 4-16 through 4-18. The newspa-
per is no longer published, but fortunately its archives were passed on to the
Cleveland State University Library’s special collections.

Kemper Arena

Stiffness of a flat roof is important for preventing ponding. Ponding is the
tendency for a flat roof to deflect under rainwater into a “pond,” attracting
and holding progressively more water. If the roof is stiff enough, it can stand
up until the water has a chance to drain away. If it is too flexible, however,
deflections continue until the roof becomes unstable and collapses. Ponding
combined with wind is the most likely explanation for the collapse of the
Kemper Arena in Kansas City, Missouri, on June 4, 1979.

The Structure and Roof

The Kemper Arena opened in 1973 as the new home of the Kansas
City Kings basketball team. Because the roof was suspended from above, it
featured uninterrupted sight lines. The innovative design earned the architect
an Honor Award from the American Institute of Architects (AIA), and the
ATA held its 1979 annual convention in Kansas City. Word of the collapse
came to the ATA meeting’s opening banquet (Wearne 2000, pp. 26-27).

The Kemper Arena’s large flat roof, 97 X 108 m (324 X 360 ft) was
suspended on hangers from three large space frame cantilever trusses. The
three trusses, each 16.5 m (54 ft) wide, were spaced 30 m (99 ft) apart and
were made from pipe sections as large as 1.2 m (4 ft) in diameter (Levy and
Salvadori 1992, pp. 57-67).

Each of the 42 hangers supporting the roof carried 622 kN (140 kip)
in tension. The hangers used ASTM A490 high-strength bolts, which are not
recommended for variable or fatigue loads.

To reduce the storm water runoff into the city storm sewers, the roof
was designed to hold water as a temporary reservoir. The roof only had
eight 130-mm (5-in.) diameter drains. The local code actually required eight
times as many. Once the water depth exceeded 50 mm (2 in.), water could
pour out over scuppers. This feature could obviously aggravate ponding.

Collapse

At 6:45 .M., a storm was dumping 108 mm (4% in.) of rain per hour,
along with wind gusting to 112 km/h (70 mi/h). One arena employee pres-
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ent heard strange noises, followed by explosive bangs. He barely had time
to flee. A portion of the roof approximately 60 X 65 m (200 X 215 ft) col-
lapsed into the arena. The pressure wave from the falling roof segment blew
out some of the arena walls (Levy and Salvadori 1992, pp. 57-67).

The storm was substantial, but over the 6 years since it had been built
the arena had withstood stronger winds and rains. It wasn’t a hundred-year
storm, just a typical Great Plains thunderstorm (Wearne 2000, pp. 27-28).

Investigation Results

A report prepared by Weidlinger Associates, working on behalf of a
subcontractor, found the following;:

o The hangers had probably been weakened by fatigue cycles over the
six years the arena had been open.

e The roof was susceptible to ponding, and the wind pushed the
water to pile up near the point of failure.

o It was necessary to analyze the roof in three dimensions, not just
two, to determine the actual flexibility and ponding susceptibility
of the roof.

o One hanger fractured from the combined action of wind and water
ponding weight.

o Once one hanger failed, the roof had no redundancy. The other
hangers could not carry the additional load, and several more hang-
ers failed.

Roger McCarthy of Failure Analysis Associates (FaAA), investigated
on behalf of the steel manufacturer KC Structural Steel. He observed that
the arena was a modern, optimized, light flexible structure. Although that
made the arena highly economical, it also made it susceptible to vibration,
ponding, and similar problems. The flexibility had been accentuated by
the looseness of the roof bolts, which had never been tightened properly.
Because of the roof’s overall flexibility, the wind drove the water to the
weakest part of the structure. Over the six years, the ponding and flexing
during storms had severely weakened the bolts supporting the roof (Wearne
2000, pp. 30-34).

James L. Stratta investigated on behalf of Kansas City. He attributed
the bolt failure to weakening of A490 high-strength bolts over time through
fatigue. He believed that they failed at % to V5 of their static design strength.
McCarthy disagreed with this element of the report, noting that the static
loads caused more than enough prying force to fail the bolts (Wearne 2000,
pp. 30-35).
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The roof was rebuilt, with a significant upgrade to the hangers sup-
porting the roof, including ductile welded steel bars. The center of the roof
was raised 760 mm (30 in.), and 14 more drains were installed. The rebuilt
roof has not had any structural problems (Wearne 2000, pp. 35-36).

Educational Aspects

Failures often occur because of a combination of circumstances, plus
a trigger. The roof had previously survived wind and rain events. The cir-
cumstances were the fatigue-weakened hanger assemblies and the roof’s sus-
ceptibility to ponding. The trigger was the accumulation of enough water
to fail the hanger.

Carper (2001) notes that several contributing causes were found, but the
primary cause was “fatigue failure in the A490 bolds used in the connection.”

This case study also illustrates the principle that both strength and
stiffness requirements must be satisfied for a structure. The Kemper Arena
was originally strong enough, but its flexibility combined with the wind and
rain to develop a failure mechanism.

Essential Reading

The Kemper Arena collapse is discussed by Levy and Salvadori (1992,
pp. 57-67) and also by Wearne (2000, pp. 25-36). This case study is fea-
tured on the History Channel’s Modern Marvels More Engineering Disas-
ters videotape and DVD.

Other Cases

A number of the other cases in this book are directly relevant to structural
engineering. The Sampoong Superstore case, reviewed in Chapter 10, rep-
resents an example of a structural collapse of a reinforced concrete building
attributed in large part to corruption.

Citicorp Tower

Although the Citicorp Tower in midtown Manhattan did not fail, it
was found to have a critical structural problem that could have caused it
to collapse under wind loading. The full case study is provided in Chapter
10. Examination of the wind bracing system points out the need to analyze
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structural behavior in three dimensions, and not merely in two. Analysis for
quartering winds illustrates how the force in the critical diagonal members
was multiplied by 1.4.

Terrorist Attacks and Building Performance Studies

Unfortunately, terrorist attacks against structures are likely to change
the ways we design and analyze structures. The case of Ronan Point illus-
trated the importance of design against progressive, or disproportionate,
collapse. Subsequently, attacks on the Oklahoma City Murrah Federal
Building in 1995 (discussed in Chapter 5) and the Pentagon (discussed in
Chapter 5) and World Trade Center twin towers on September 11, 2001
(discussed in Chapter 6), reinforced the lesson.



Copyrighted Materials

Copyright © 2009 American Society of Civil Engineers (ASCE)
Retrieved from www.knovel.com

Reinforced Concrete
Structures

INTRODUCTORY COURSES IN DESIGN OF REINFORCED CON-
crete structures in the United States typically follow the
American Concrete Institute (ACI) 318 Building Code
and Commentary (ACI 2008). Advanced topics, such as
torsion, slender columns, yield line analysis, strut and tie
models, and shear walls, may be covered but are more
often found in a more advanced reinforced concrete
course. The ACI code differentiates between ductile fail-
ure modes, such as flexure of beams and slabs, and brittle
failure modes, such as shear failure, punching shear, and
compression (columns and beam columns). Brittle failure
modes are assigned a lower resistance factor, and thus a
higher safety factor.

One topic that is typically not covered is the design
of formwork for freshly cast concrete. This omission is
ironic, because failures associated with formwork prob-
lems are probably much more common than other issues
in concrete construction.

Strength gain of concrete is related to formwork. At
some point, shores supporting forms need to be removed
to allow construction to continue. If the concrete has not
achieved enough strength to hold itself up at this point,
a partial or total collapse may occur. This failure is more
likely in cold weather because cold retards the strength gain
of concrete. If formwork and shoring removal are based on

129
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a schedule, as opposed to the actual in-place properties of the concrete, the
risk of collapse increases as construction moves into cold weather.

In 1989, ACI published Seminar Course Manual 19 (SCM-19), Avoid-
ing Failures in Concrete Construction (ACI 1989). Unfortunately, this docu-
ment is no longer available from ACI, although some libraries have a copy.
However, much of the manual consisted of reprints of articles from ACI’s
Concrete International magazine, particularly the April 1985 issue, which
can be found in most university libraries. The articles in SCM-19 cover
several case studies, including the Berlin Congress Hall collapse (Buchhardt
et al. 1984), the Skyline Plaza in Bailey’s Crossroads, Virginia collapse
(Carino et al. 1983), the Harbour Cay Condominium collapse in Cocoa
Beach, Florida (Lew et al. 1982), and the collapse of Ramp C, Cline Avenue
Extension Expressway in East Chicago, Indiana (Russell and Rowe 19835).

Air Force Warehouse Shear Failures

Two warehouse roofs at Air Force bases in Ohio and Georgia cracked and
collapsed under combined load, shrinkage, and thermal effects in 1955 and
1956. In each case, 122-m (400-ft) lengths of reinforced concrete roof girders
functioned as single units because of defective expansion joints. Other ware-
houses, built to the same plans, survived because separation between adjacent
61-m (200-ft) bays was maintained by functioning joints. These failures led to
more stringent shear reinforcing steel requirements in subsequent editions of
the ACI Building Code. In the warehouse structures, the concrete alone, with
no stirrups, was expected to carry the shear forces, and the members had no
shear capacity once they cracked (McKaig 1962, Feld and Carper 1997).

Wilkins Air Force Depot

At the Wilkins Air Force Base depot in Shelby, Ohio, about 370 m?
(4,000 ft?) of the roof collapsed suddenly on August 17, 1955. At the time
of collapse, there were no loads other than the self-weight of the roof (Feld
1964, p. 25).

The Air Materiel Command (AMC) built warehouses to a common
design at many Air Force bases and depots. The original design was devel-
oped in April 1952, with a modification to reinforcement made in March
1954. The Ohio warehouse had been built to the original 1952 design. It was
a six-span rigid-frame building, 122 m (400 ft) wide and 610 m (2,000 ft)
long. The haunched rigid frames each had six 20-m (67-ft) spans and were
spaced approximately 10 m (33 ft) on center. The concrete for each frame
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was placed continuously in a single working day. Vertical steel plate con-
struction joints were set at the center of each span before concrete place-
ment, but they may not have been effective (Feld 1964, p. 25).

Severe cracking had been observed two weeks before the collapse, so
the girder had been supported by temporary shoring. The cracks occurred
about 0.45 m (1% ft) past the end of the cutoff of the top negative reinforce-
ment over the columns (Feld 1964, pp. 26-27). A typical AMC warehouse
frame is shown in Fig. 5-1.

Robins Air Force Base

A second warehouse roof collapse took place at Robins Air Force Base
near Macon, Georgia, early on the morning of September 5, 1956. This
warehouse had been built to the revised design. The revision added top
bars and nominal stirrups, at a volume of about 0.06%, for the length of
the frames. This collapse included two adjacent girders and about 560 m?
(6,000 ft?) of the roof. Before the collapse occurred, cracks in the concrete
girders that reached 13 mm (% in.) in width had been observed. Feld (1964,
p. 25) suggests, “It seems that the extent of shrinkage and resulting axial
tensions may be somewhat related to the speed of concreting or to the extent
of each separate placement.”
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Source: Shepherd and Frost (1995).
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In both cases, the design, materials, and workmanship were up to the
codes and standards of the day. However, the failures had still occurred.
Feld believed that

Failure took place by a combination of diagonal tension (shear) due to
dead load and axial tension due to shrinkage and temperature change.
Circumstantial evidence suggested that high friction forces were devel-
oped in the expansion joint consisting of one steel plate sliding on
another; some plates showed no indication of relative displacement
since their installation. (1964, p. 27)

In other words, the expansion joints locked and did not function to relieve
stress.

Lessons Learned

After these failures, construction of warehouse structures of this type
was halted until a new design was developed. Existing warehouse frames were
strengthened by adding external shear reinforcement consisting of tensioned
steel strapping and steel angles at the lower corners of the girders. The ACI
Building Code shear provisions were also revised (Feld 1964, pp. 27-28).

Because these warehouse designs had been built in many locations,
questions arose as to why these two warehouses had collapsed and not
others. At the time of collapse, these two structures were subject to wide
temperature variations and were about a year to a year and a half old. The
temperature stresses, unrelieved by the locked expansion joints, combined
with shrinkage and shear effects to cause high tensile stress. At the Wilkins
Air Force Base (Ohio) structure, the failure plane did not cross any shear
stirrups. The rapid, monolithic casting of the frames was thought to exac-
erbate shrinkage and to contribute to the problem (Feld and Carper 1997,
pp. 255-257).

Although it was not required by the code, many designers at that time
used at least two continuous top bars and stirrups at a maximum spacing of
300 mm (12 in.) along rectangular continuous beams. After the two failures,
tests were carried out at the Portland Cement Association laboratories in
Skokie, Illinois. Beams were tested with flexure only and with flexure plus
axial tension. In the latter test, the beams under tension and flexure failed
in the same manner as the two warehouse frames (Feld and Carper 1997,
pp- 258-259).

These two cases illustrate the importance of providing at least some
minimum amount of reinforcement, called temperature steel, to resist tension
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forces caused by thermal, shrinkage, and other effects. Real structures do not
behave in the same way as our simplified models, and they develop forces
and stresses where our analyses suggest that there should be none. The shear
resistance of unreinforced, cracked concrete is virtually nil. Feld (1964, p. 29)
notes a similar warehouse slab collapse in which the crack through the slab
did not cross any reinforcement.

2000 Commonwealth Avenue

Four workers died when about two-thirds of a 16-story apartment building
in Boston under construction collapsed on January 25, 1971. The next day’s
Boston Globe newspaper featured dramatic photographs of the remains of
the collapsed structure. Rescue operations were delayed because of concerns
about the stability of the remaining structure (Blake 1971). Almost 8,000
tonnes (8,000 tons) of debris were removed before the bodies of the workers
could be recovered (Granger et al. 1971). A building that had been in devel-
opment for more than six years collapsed in a few minutes. Fortunately, the
collapse occurred slowly enough that most of the people working on the site
were able to escape.

Punching shear was determined to have triggered the collapse. An inves-
tigation called for by the mayor of Boston found that there had been many
errors and omissions associated with the apartment building. Over the long
period of development, there had been many changes in the building’s owners
and designers, leading to considerable confusion (Granger et al. 1971). It was
difficult to trace the project ownership and to determine who was responsible
for the safety and structural integrity of the project. A summary of the events
leading up the incident is provided by King and Delatte (2004).

Design and Construction

The building was cast-in-place reinforced concrete flat-slab construction
with a central elevator shaft core. The floor plan is shown in Fig. 5-2. This
style of construction is popular for multistory buildings because it reduces the
slab thickness and the overall height of the building (Feld and Carper 1997).
The flat slabs were 190 mm (7% in.) thick, except for some bays near the
elevator core and at stairwells, which were 230 mm (9 in.) thick. This design
made possible a story height of 2.7 m (9 ft) for most of the floors.

The building at 2000 Commonwealth Avenue was designed to be
16 stories high, with a mechanical room above a 1.5-m (5-ft) crawl space on
the roof. The building was 55.1 X 20.9 m (180 ft 10 in. X 68 ft 6 in.) in plan.
The structure also had two levels of underground parking. A swimming
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Figure 5-2. Floor plan of 2000 Commonwealth Avenue.
Source: King and Delatte (2004).

pool, ancillary spaces, and one apartment were located on the first floor,
and 132 apartments were on the 2nd through 16th floors. Originally, these
apartments were to be rented, but the owners later decided to market them
as condominiums (Granger et al. 1971).

Construction began on the site late in fall 1969. Almost all of the
work was subcontracted. Only one representative from the general contrac-
tor was on site during construction.

At the time of collapse, construction was nearing completion. Brick-
work was completed up to the 16th floor, and the building was mostly
enclosed from the 2nd to the 15th floors. Plumbing, heating, and ventilat-
ing systems were being installed throughout various parts of the building.
Work on interior apartment walls had also started on the lower floors. A
temporary construction elevator was located at the south edge of the build-
ing to aid in transporting equipment to the different floors. It is estimated
that 100 people were working in or around the building at the time of the
failure (Granger et al. 1971).

Collapse

After interviewing many eyewitnesses, the mayor’s investigating com-
mission concluded that the failure took place in three phases. These phases
were punching shear failure in the main roof at column ES, collapse of the
roof slab, and, finally, the progressive and general collapse of most of the
structure (Granger et al. 1971).
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PHASE 1: PUNCHING SHEAR FAILURE IN THE MAIN
Roor aTt CoLumn Ej

At about 10:00 in the morning on the 25th of January, 1971, concrete
was being placed in the mechanical room floor slab, wall, wall beams, and
brackets. Placement started at the west edge and proceeded east. Later in
the afternoon, at about 3:00, most of the workers went down to the south
side of the roof for a coffee break. Only two concrete finishers remained on
the pouring level.

Shortly after the coffee break, the two men felt a drop in the mechani-
cal room floor of about 25 mm (1 in.) at first and then another of 50-75 mm
(2-3 in.) a few seconds later. The labor foreman was directing the crane
carrying the next bucket of concrete. He instructed the operator to “hold
the bucket” and went down to the 16th floor by way of a ladder in the east
stairway. That is when he noticed the punching shear around column ES5.
He stated, “I can’t believe my eyes. I see this slab coming down around the
column” (Granger et al. 1971, p. 13).

The carpenter foreman was also in the area and immediately yelled a
warning to the men working on the 16th floor and roof of a possible roof
collapse. The slab had dropped 125-150 mm (5-6 in.) around the column,
and there was a crack in the bottom of the slab extending from column ES
toward column D8. Column ES is located directly below where the concrete
was being placed for the mechanical room floor slab on the east side of the
building, as shown in Fig. 5-2 (Granger et al. 1971).

PHASE 2: COLLAPSE OF THE ROOF SLAB

After hearing the carpenter foreman’s warning, most of the workers
near column E5 managed to run to an east balcony and stay there until after
the roof slab collapse. Eyewitness testimony concluded that the collapse
happened fairly quickly. The roof slab began to sag in the shape of a belly,
and reinforcing steel began popping out from the mechanical room floor
slab. The structure started to shake, and the east half of the roof slab col-
lapsed onto the 16th floor. Then it stopped, giving the workers a chance to
run down the stairs to the ground.

At the time of failure, the structural subcontractor was placing rein-
forcing steel for the stairs on the 14th and 15th floors on the east side of
the building. When the workers were making their way from the roof and
floors above, most of them crossed over to the west side of the building
when they reached the 15th floor (Granger et al. 1971). Thus, the portion
of the building that remained standing provided an escape for many of the
workers who survived.
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PHASE 3: PROGRESSIVE AND GENERAL COLLAPSE

After the roof collapsed, it settled, and most of the stranded workers
could be rescued using the crane and construction elevator. However, about
10-20 min after the roof failed, the east side of the structure began to col-
lapse. A resident of 1959 Commonwealth Avenue described the collapse as
a domino effect (or progressive collapse). The weight of the collapsed roof
caused the 16th floor to collapse onto the 15th floor, which then collapsed
on the 14th floor, and so on to the ground (Litle 1972).

At first, the different floors were distinguishable, but later dust and
debris made it difficult to tell them apart. When the dust finally settled,
two-thirds of the building had collapsed. The east side and areas on either
side of the elevator shaft were gone. Four workers were killed during the
collapse, and 30 workers suffered injuries (Granger et al. 1971). The extent
of damage is shown in Fig. 5-3. The elevator core probably prevented the
collapse from propagating to the other half of the structure.

The Commission Investigation

A commission of inquiry was appointed by the mayor of Boston and
convened a week after the collapse. The Associated General Contractors of
Massachusetts, the Boston Society of Architects, the Boston Society of Civil
Engineers, and the Boston Building and Construction Trades Council had
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Figure 5-3. Extent of collapse.
Source: King and Delatte (2004).
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representatives on the commission. Professor William A. Litle of the Mas-
sachusetts Institute of Technology helped draft the commission report and
later reported on the failure at an ASCE conference in Cleveland in April
1972 (Litle 1972).

The commission retained an engineering firm and a testing labora-
tory to aid in the investigation. The commission interviewed a number of
eyewitnesses but suspended the interviews after about a dozen because
there was no significant disagreement among the accounts (Granger et al.
1971).

The commission made a number of important findings:

o There were a number of irregularities in the issuance of the building
permit. Key drawings were missing. Not a single drawing found in
the file carried an architect’s or engineer’s registration stamp. The
structural engineer refused to provide the calculations supporting
his design to the commission. No principal or employee of the gen-
eral contractor held a Boston builder’s license. At the time, partial
drawings could be used to obtain a building permit, with the under-
standing that final stamped drawings would have to be supplied
before construction could begin.

o Ownership of the project changed a number of times, with changes
in architects and engineers. This situation added to the overall con-
fusion and contributed to the irregularities. Some of the key changes
are discussed in King and Delatte (2004).

o The general contractor only had a single employee on site, and most
subcontracts were issued directly by the owner to the subcontrac-
tors and bypassed the general contractor. At least seven subcontrac-
tors were involved.

o The structural concrete subcontract did not require any inspection
or cold weather protection of the work, although the designer had
specified these measures. There was no evidence of any inspection
of the work by an architect or engineer, although the project speci-
fications required this.

e The concrete mix designs were not prequalified. Such prequali-
fication was a Boston Building Code requirement, which stipu-
lated that the performance of the proposed concrete be verified
by laboratory testing. Some concrete deliveries did not contain
the required air entrainment. Calcium chloride was used as an
accelerator for some of the concrete, although it was specifically
prohibited by the designer’s specifications. The designer’s speci-
fications included a water-reducing admixture, which was used
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in only a small percentage of the concrete supplied. The Boston
Building Code requirements for inspection and testing were not
met on 65% of the days when concrete was delivered to the proj-
ect. Chemical analyses also suggested that some samples had low
cement content.

e The triggering mechanism of the collapse was punching shear at the
roof slab around column ES5, probably preceded by flexural yielding
of the roof slab adjacent to the east face of the elevator core.

The commission examined the failure from three aspects:

o whether failure would have been expected if the construction had
conformed to the design documents,

o whether the construction procedures and materials conformed to
the design documents, and

e whether the design documents met the building code requirements.

The commission concluded that the failure would not have occurred if
the construction had conformed to design documents and that the construc-
tion procedures and materials were deficient. The most significant deficien-
cies were a lack of shoring under the roof slab and low-strength concrete.
The design documents specified a 28-day strength of 20 MPa (3,000 1b/in.?).
At the time of the failure, 47 days after casting, the concrete had yet to
achieve the required 28-day strength.

There was some confusion as to whether the concrete at the point of the
collapse had been cast on December 3 or 9, 1970. Both concrete placements
had deficient strength, with 11 and 13 MPa (1,600 and 1,900 lb/in.?) com-
pressive strength at 47 and 53 days, respectively. The commission believed
that low concrete strength and lack of shoring were the principal causes of
the collapse.

However, the commission also found that the design did not meet code
requirements for the slab thickness at column ES. The minimum thickness
requirement was governed by deflection and not by strength, but a thicker
slab would have provided a greater safety margin against punching shear
(Granger et al. 1971).

Although the structural plans limited construction loading to 1.44 kPa
(30 Ib/ft?), actual loads were estimated to approach 6.22 kPa (130 Ib/ft?).
Some boilers and construction equipment were stored on the roof where
the failure began. The locations of shores were specified on the structural
plans, but these requirements were ignored (Granger et al. 1971). Witnesses
reported that there were few shores.
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The commission also noted a number of deficiencies and deviations
with reinforcement placement. These problems included the following
(Granger et al. 1971):

e Column ties were omitted in the bottom 1 m (39 in.) or so of several
columns.

o Concrete cover for vertical column bars varied between 13 and
200 mm (% to 8 in.), instead of the specified 48 mm (174 in.).

o One collapsed column had only six instead of eight 19-mm (3%-in.,
U.S. #6) longitudinal reinforcing bars, with similar discrepancies in
other columns.

o East—west top slab steel was specified to be four 19-mm (3-in., U.S.
#6) bars and five 13-mm (%-in., U.S. #4) bars. None of the larger
bars were found, and the smaller bars were used consistently in
place of the larger bars.

o The vertical position of the slab reinforcement was erratic. In some
cases, the top steel was at or below the middle depth of the slab.

e The collapse occurred near a construction joint, and the structural
plans specified additional steel dowels across such joints. The wit-
ness testimony indicated that these dowels were not placed.

The Punching Shear Mechanism

Punching shear is usually the critical failure mechanism for flat-slab
reinforced concrete structures. This mechanism is illustrated in Fig. 5-4.
With this type of failure, the column and part of the slab punch through the
slab as it moves downward.

The force acting on the slab around a column overcomes the resistance,
and the slab falls down around the column. A portion of the slab is left around
the column, but the remainder of the slab falls down to the next floor. If the
lower slab is unable to hold up both floors, then progressive collapse continues.

Also, punching shear redistributes forces acting on the failed slab to
other columns. If the other columns cannot carry the added weight, then
the slab starts punching through the surrounding columns as well. Punching
shear at one column can initiate a complete failure of a building.

The punching shear strength of a flat slab (without shear reinforce-
ment) depends on five factors (Ghosh et al. 1995):

1. concrete strength,
2. the relationship of the size of the loaded area to the slab thickness,
3. the shape of the loaded area,
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Figure 5-4. Punching shear.
Source: King and Delatte (2004).

4. the shape of the perimeter area, and
S. the ratio of shear force to moment at slab—column connection.

The punching shear strength, V., of a flat slab, for a simplified case
of an interior column, may be expressed in U.S. customary units as (Ghosh
et al. 1995, ACI 2005):

V. =4f/byd (5-1)

where f/ = the 28-day cylinder compressive strength of the concrete, d =
depth of the slab (measured from the bottom of the slab to the reinforcing
steel location), and b, is the perimeter of the failure surface around the
column measured at distance d from the face of the column. For SI units, the
constant 4 changes, but the fundamental relationships among the variables
remain the same.

Therefore, the punching shear strength of a flat slab depends on con-
crete strength and slab depth. Strength varies as the square root of the
concrete strength. The effect of slab thickness is more than linear because
increasing d also increases b, slightly. The lower concrete test strengths cited
above would lead to a punching shear capacity reduction of 20-27%. The
low placement of top steel bars in the slabs would lead to an even greater
reduction of punching shear capacity.

Review of Causes of Failure

A week after the collapse, Engineering News Record reported that
there were three possible causes of structural failure under investigation:
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formwork for the penthouse floor slab collapsing onto the roof, a heavy
piece of equipment falling from a crane and starting the progressive col-
lapse, or failure of weak concrete placed during previous cold days (ENR
1971). After an extensive investigation, the mayor’s commission concluded
that many flaws contributed to the collapse.

The committee determined that punching shear failure at column ES
triggered the initial collapse. The major areas in which the construction
deviated significantly from the design were shoring and concrete strength.
Inadequate shoring under the roof slab on the east side of the building
made it impossible for the roof to hold the freshly placed concrete for the
mechanical room floor slab, construction equipment, and two boilers that
were stored on that side of the building. Also, the concrete strength of the
roof slab was well below the 20 MPa (3,000 Ib/in.?) specified in the design
(Granger et al. 1971).

Deficient concrete strength could be attributed to poor-quality con-
crete, improper curing, or both. Tests indicated that the amount of cement
in the concrete was sufficient, but records suggested that the maximum per-
missible slumps were consistently exceeded. The slump specification was
only met in 37 of 240 tests. This result probably indicates too much water,
leading to lower strength concrete.

Also, testimony indicated that the specifications for concrete protec-
tion in cold weather were not followed. Average curing temperature from
the day of placement until the day of collapse was —4 °C (25 °F). The con-
crete was not protected against the effects of cold weather. The commission
believed that poor curing seriously retarded concrete strength gain (Granger
et al. 1971).

The commission also found that the reinforcing steel details did not
provide for sufficient steel crossing columns or for sufficient development
length. One important detailing error was that the bottom slab bars were not
long enough to tie into the core walls. Furthermore, significant differences
were found between the structural drawings and the location and amount
of steel in the parts of the building that were recovered. In some locations,
as little as one-half of the specified top slab steel was actually placed. There
were no ties in column splice regions. Although these errors did not contrib-
ute to the initiation of the collapse, they probably influenced the speed and
extent of the propagation of the failure (Granger et al. 1971).

Design and Detailing Concerns

Some of the reinforcing bars were not long enough to provide adequate
development into the columns and walls as required by code, and placement
of bars in some of the slabs was not sufficient to meet the ACI code at the
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time. ACI required that at least 25% of the negative slab reinforcement in
each column strip pass over the column within a distance of the slab depth
(d) on either side of the column face (Granger et al. 1971). This requirement
was not fulfilled.

The commission found that the slab should have been 222 mm (834 in.)
thick to satisfy the ACI 318-63 (ACI 1963) code requirements. However,
this limit is based on deflection and not on strength (Granger et al. 1971). It
should be emphasized that there were no indications of inadequate design.
Rather, the builders failed to adhere to the plans and specifications, and the
owner failed to provide for proper inspection of the work.

Procedural Concerns

There were many procedural concerns in the construction of 2000
Commonwealth Avenue. For all practical purposes, there was no super-
vision of the construction. Almost every step of construction was flawed
(Kaminetzky 1991). Some of the major concerns included lack of proper
building permit and field inspection, premature removal of formwork, and
lack of construction control.

The investigating committee determined that if the construction had
had a proper building permit and had followed codes, then the failure could
have been avoided. Because numerous problems all played a part in the col-
lapse, deciding whom to hold responsible for the collapse became difficult.
Ownership changed hands many times, and most jobs were subcontracted.

Construction did not follow the structural engineer’s specifications for
shoring or formwork. Before removal of shores and forms, the concrete
would have had to first reach 70% of its designated 28-day strength to meet
that specification. It was the commission’s opinion that the average strength
of the concrete in the roof slab was only 13 MPa (1,900 lb/in.?) after at
least 47 days, not the required 14.5 MPa (2,100 Ib/in.?) for removal or
the specified 20 MPa (3,000 Ib/in.2) required after 28 days. The reason for
disregarding the tests was the difference between the curing conditions in
the laboratory and at the project—the concrete on site would gain strength
more slowly in cold weather, whereas laboratory specimens are cured at a
specified temperature and humidity. No inspection or cylinder testing were
performed for the east side of the building, so removal of formwork was
based on values obtained from the west side of the building. Furthermore,
there was no shoring under the roof slab below the freshly placed mechani-
cal room (Granger et al. 1971).

Finally, there was little construction control on the site. There was no
architectural or engineering inspection of the project, and the inspection
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done by the city of Boston was inadequate. The design plans specifically
stated that certain aspects of the project needed to be approved by an archi-
tect, yet no architect or engineer was consulted. Instead, construction was
based on arrangements made by the subcontractors. As mentioned before,
there was only one representative from the general contractor, and this man
was not a licensed builder. He did not direct, supervise, or inspect any of the
work done by the subcontractors (Granger et al. 1971).

This case also illustrates the need for proper shoring of concrete con-
struction. Many failures over the years have occurred because of insufficient
shoring or premature removal of shoring and formwork.

Some of the causes of the failure and contributing factors are sum-
marized below:

e The owner did not provide competent involvement of design profes-
sionals with knowledge of design and construction requirements.

e The contractor did not reshore the slab.

« Concrete, probably of poor quality, was not adequately protected
against cold weather.

e Low top bars in the slab led to inadequate slab depth.

o Construction loads on the roof slab were too high.

e There was no inspection by an architect or engineer, only poor
inspections by Boston’s building inspector, and no inspection by the
general contractor’s representative (who was not a licensed builder).
The owner did not provide quality control of the structural work,
and the contractor did not comply with structural specifications.

Conclusions

Many lessons can be learned from the collapse of 2000 Common-
wealth Avenue. The mayor’s investigating commission made recommen-
dations for improving the city of Boston’s building codes. However, the
commission also reported that if the construction of 2000 Commonwealth
Avenue had fully complied with existing codes, then the collapse would not
have occurred. The commission was dismayed that the project could have
progressed through so many phases without the errors and omissions being
found and corrected.

The commission made recommendations to prevent similar collapses
in the future. These recommendations included changes in assigning respon-
sibility and ensuring competence of design, construction, and inspection of
major buildings, as well as additions to organization and staff competence
of the Boston Building Department. At the time of the failure, the Building
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Department had 130 employees but only two registered professional engi-
neers, and no registered architect.

In addition, changes in building codes to prevent propagation of a
local failure into a general collapse were recommended. This case and the
cases of Bailey’s Crossroads and Harbour Cay Condominium illustrate the
importance and progressive nature of punching shear failure. This failure is
a critical failure mechanism for concrete structures of this type. Structural
safety depends on adequate slab thickness, proper placement of reinforce-
ment, and adequate concrete strength.

Essential Reading

The most useful document to review on this case would be the report
of the mayor’s investigating commission by Granger et al. (1971). The report
states, in its conclusions, that the findings should be broadly disseminated.
Ironically, the report is difficult to find. A student’s father copied the report
at the Boston Public Library, which does not allow the report to circulate.

Skyline Plaza in Bailey’s Crossroads

The progressive collapse of 2000 Commonwealth Avenue was similar to the
later structural failures of buildings at Skyline Plaza in Bailey’s Crossroads,
Virginia, and Harbour Cay Condominium in Cocoa Beach, Florida. On
March 2, 1973, the Skyline Plaza apartment building collapsed while under
construction. The collapse extended vertically through the building from
the 24th floor, leaving an appearance of the structure as two separate high-
rise buildings with a gap between them. The collapse tore a 18.3-m (60-ft)
wide gap through the building all the way to the ground. At the time of
the collapse, two practically identical reinforced concrete towers had been
built (Kaminetzky 1991, p. 64). Figure 5-5 shows an aerial photograph of
the structure shortly before the collapse. The collapsed structure is shown
in Fig. 5-6.

As in the case of 2000 Commonwealth Avenue, premature removal of
shoring and insufficient concrete strength were suggested as the causes of
failure. The National Bureau of Standards (NBS, now the National Institute
of Standards and Technology, NIST) carried out an investigation on behalf
of the Occupational Safety and Health Administration (OSHA). The NBS
investigation team determined that punching shear failure at the 23rd floor
caused a partial collapse that propagated to the ground. Fourteen workers
were killed and 34 were injured (Carino et al. 1983).
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Figure 5-5. Skyline Plaza before the collapse.
Courtesy National Bureau of Standards/National Institute of Standards and Technology.

Description of Structure and Construction

The building was a reinforced concrete flat-plate design, with a planned
final height of 26 stories and a story height of 2.7 m (9 ft). The floor slabs
were 203 mm (8 in.) thick. The slabs used sand and lightweight concrete
with a specified compressive strength of 20.7 MPa (3,000 Ib/in.?). Normal-
weight concrete was used for the columns, with the strength requirement
varying with height in the structure. The rate of construction varied, but it
was intended to be one floor per week. The fresh concrete was supported on
wooden formwork.

At the time of collapse, the concrete on the 24th floor had been freshly
placed. The only construction activity in the area was finishing work, and
one finisher reported a large deflection near the subsequent collapse (Carino

et al. 1983, pp. 36-37).

Formwork

The investigation quickly established the idea that determining the
location and state of the formwork would be important for finding the cause
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Figure 5-6a, b. Collapse of Skyline Plaza, Bailey’s Crossroads.
Courtesy National Bureau of Standards/National Institute of Standards and Technology.
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of the collapse. Both the architect and the engineer required that two floors
remain shored at all times. Neither specified the required strength for form
removal. Although there was conflicting testimony from the survivors, NBS
concluded that stripping was in progress on the 22nd floor, which would
not leave sufficient support under the fresh concrete on the 24th floor. Strip-
ping the 22nd-floor shores would leave only one floor of shores under the
fresh concrete. Photos taken just before the collapse also showed few or no
shores under the 22nd floor. There were witness statements to the effect that
the shores between the 22nd and 23rd floors came loose and toppled over,
which would be consistent with the 22nd floor dropping after its support
was removed (Carino et al. 1983, pp. 37-38).

Estimated Concrete Strength

Cold weather delays strength gain of concrete. Therefore, in cold
weather, basing construction rates on a time, such as one floor per week,
may be unsafe. Field-cured cylinders, which are stored next to the fresh
concrete at roughly the same temperature, provide a better estimate of the
concrete strength in the structure than laboratory-cured cylinders. Neither
field-cured cylinders nor other methods of estimating in-place concrete
strength were used on this project. Laboratory cylinders are typically cured
at approximately 23 °C (73.5 °F), so if the field concrete is at colder tem-
peratures, the laboratory test results would overpredict the strength of the
concrete in the structure.

The NBS investigation team removed cores from the structure and
tested them about two weeks after the collapse. Temperature records from
nearby Washington National Airport were used to estimate the temperature
at the construction site. The average temperatures for the 22nd and 23rd
floor slabs during the days after placement were 5.6 and 7.2 °C (42 and
45 °F), respectively. An accelerating admixture, calcium chloride, was used
to speed up strength gain.

On the basis of the length of time since casting, adjusted for the low
temperatures, the estimated concrete compressive strength was only 6.6-9.9
MPa (960-1,440 1b/in.?) at the time of the collapse. Materials tests on the
reinforcing steel indicated that it met specifications (Carino et al. 1983,
pp- 38-39).

Summary of NBS Findings

The NBS investigation team performed a structural analysis. The
column strength was satisfactory. The flexural strength of the slabs was
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exceeded by about 10%. However, this situation should not have been
enough to cause a collapse because moments would be redistributed to
nearby understressed sections. Flexure is a ductile failure mechanism, imply-
ing a more gradual collapse and an opportunity for workers to escape.

As at 2000 Commonwealth Avenue, punching shear was the most
likely culprit. As before, eq. 5-1 applies, but an adjustment factor reduces
punching shear capacity by 15% for sand and lightweight concrete. Because
the required shear capacity, V,, the perimeter of the failure surface b,, and
the depth of the slab d are known, eq. 5-1 can be solved for the required
concrete compressive strength £.'. Four columns were analyzed. Around the
columns, the required capacity was in the range of 11.9-13.2 MPa (1,724-
1,920 Ib/in.?), considerably more than the estimated actual capacity when
shores were removed (Carino et al. 1983, pp. 40-41). Unlike 2000 Com-
monwealth Avenue, there was no indication of incorrect detailing or place-
ment of the reinforcing steel. “The NBS investigation concluded that the
probable cause of the collapse was a punching shear failure of the 23rd
floor. ... The ... falling debris from the collapsing 23rd and 24th floors
overloaded the 22nd floor slab and induced the progressive collapse of suc-
cessive floors down to the ground” (Carino et al. 1983, p. 41).

Legal Repercussions

Kaminetzky (1991) notes that the

collapse raised the issue of the extent of the engineer of record’s respon-
sibility for the success and safety of formwork design and inspection.
While the engineer’s contract specifically stated that he had no responsi-
bility for field inspection, nevertheless a jury found him negligent. This
was so because the pertinent code required that “a competent architect
or engineer” must provide supervision “where requested by the building
official.” (p. 67)

Often, owners are not willing to pay engineers for the site visits.

Feld and Carper (1997, p. 243) observed that the federal jury found
both the architect and engineer negligent and awarded large damages. The
architect’s and engineer’s construction recommendations were not followed.
The general contractor and building owner were not named, despite the fact
that the failure obviously happened because of mismanaged construction.
They were shielded because the plaintiffs had already received awards under
the Virginia Workers’ Compensation Act.
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Lessons Learned

Kaminetzky (1991, p. 67) cites six lessons from this case:

1. The contractor should be responsible for preparing formwork
drawings, including shores and reshores.

2. The contractor should prepare a detailed concrete testing plan for
stripping forms, including cylinder tests.

3. Inspectors and other quality control agencies should verify that the
contractor performs the above two items.

4. The EOR should make sure that he or she provides the contractor
with all necessary design load data and other unique project infor-
mation.

5. “Uncontrolled acceleration of formwork removal” may cause a
total or partial collapse.

6. Continuous top and bottom slab reinforcement is necessary around
the columns. Continuous reinforcement provides overall ductility.

If the contractor uses cylinder tests to determine when to strip forms
during cold weather, the cylinders should be stored at the same ambient
temperature as the structure. This procedure will prevent overestimation of
the in-place concrete strength.

Essential Reading

The NBS report (Leyendecker and Fattal 1977) can be obtained
through interlibrary loan or other sources. The findings of that report are
summarized by Carino et al. (1983). This report focuses on the technical

issues. Other discussions of this case are provided by Ross (1984), Kami-
netzky (1991, pp. 64-67), and Feld and Carper (1997, pp. 242-245).

Harbour Cay Condominium

The collapse of the flat-plate Harbour Cay Condominium building in Cocoa
Beach, Florida, on March 27, 1981, was caused by a punching shear failure
that triggered a progressive collapse, much like those at 2000 Common-
wealth Avenue in Boston and Skyline Plaza in Virginia. Eleven workers were
killed and 23 were injured. Figure 5-7 shows the building before collapse,
and Fig. 5-8 shows the structure afterward. As at Skyline Plaza, OSHA
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Figure 5-7. Harbour Cay Condominium before the collapse.
Courtesy National Bureau of Standards/National Institute of Standards and Technology.

asked NBS to investigate on its behalf. The NBS investigation team included
two individuals who had investigated the Skyline Plaza collapse.

The collapse happened while the roof slab was being placed. Photos
taken shortly after the collapse, while the debris was still intact, provided
important evidence. Many of the columns were still standing, up to three
or four stories high. The slabs were stacked vertically on top of each other.
This evidence strongly suggested a punching shear failure mechanism, with
no side sway during the collapse. The NBS team was not able to make a
detailed examination of the debris in situ because that would have interfered
with the ongoing rescue operations. Some samples were obtained for subse-
quent coring and materials testing (Lew et al. 1982, p. 64).

The NBS team determined that slab thickness of 203 mm (8 in.) did
not meet the ACI code minimum of 280 mm (11 in.). Also, the top reinforc-
ing steel was placed too low, reducing the slab effective depth d from 160 mm
(6.3 in.) to 135 mm (5.3 in.). As a result, the calculated punching shear
stresses exceeded capacity (Lew et al. 1982).

Kaminetzky (1991) also investigated. He reported some of the work-
ers’ eyewitness observations. As the workers were finishing the concrete, they
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Figure 5-8a, b. Harbour Cay Condominium collapse.
Courtesy National Bureau of Standards/National Institute of Standards and Technology.
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heard a loud crack that sounded like wood splitting. Accounts vary as to
whether the center of the fifth or the fourth floor started to come down first.

Another fact that was very disturbing was the indication that the design
engineer was made aware of severe cracking of the floors and big deflec-
tions of the slabs several days prior to the collapse. The cracks were
described as “spider-web-type cracks”. . . . There were reports of deflec-
tions as large as 1% in. (44 mm) several days prior to the collapse. The
structural engineer was requested to recheck his design, which he did,
reporting back that it was “OK.” (Kaminetzky 1991, p. 74)

Description of Structure and Construction

The structure was a five-story flat-plate residential building, with
stairwells at north and south ends and a structurally detached elevator
tower at the east end. The slabs spanned up to 6.75 and 8.43 m (22 ft 2 in.
and 27 ft 8 in.) in the two directions. Interior columns were 254 X 457 mm
(10 X 18 in.), and exterior columns were 254 X 305 mm (10 X 12 in.). The
specified compressive strength of all above-grade concrete was 27.6 MPa
(4,000 1b/in.2).

The construction rate was approximately one floor per week, with
each floor cast in two halves, two days apart. The roof slab was to be cast
in one continuous placement and was roughly 80% complete when the col-
lapse occurred.

Worker statements indicated that at the time of collapse, shores were
in place on the fifth floor, and reshores were in place on the second, third,
and fourth floors. Some of the reshores may have been removed by other
trades, and it is possible that not all were replaced. There were no reshores
under the second floor (Lew et al. 1982, pp. 65-66).

Summary of NBS Findings
Two principal NBS findings were the following:

1. Punching shear requirements of the applicable Code (ACI 318
1977), which would have controlled the thickness of the slabs, were
not considered in the design of the building.

2. The use of chairs of insufficient height to support the top bars in the
slab reduced the effective depth and corresponding punching shear

capacity from what would have existed had the structural plans
been followed (Lew et al. 1982, p. 65).
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NBS test results showed that the compressive strength of the concrete
slabs at the time of the collapse was at least 25.5 MPa (3,700 Ib/in.?), which
was close to the specified strength. The design called for 19 mm (3 in.) of
cover over the top reinforcing steel. With the 203-mm (8-in.) slab, this design
provided an effective depth of 160 mm (6.3 in.). Structural analysis showed
punching shear forces as high as 454 kN (102 kip) at some interior columns.
Using eq. 5-1, with these forces and this strength of concrete, a 280-mm (11-in.)
thick slab would be required to provide sufficient capacity.

The depth was further reduced because of a construction error. The
top steel was placed on chairs only 108 mm (4% in.) high, as specified by the
shop drawings. This situation increased the top cover to 41 mm (155 in.).
Therefore, the top reinforcing steel was placed too low, reducing d to
135 mm (5.3 in.) (Lew et al. 1982, pp. 67-72).

Design Versus Construction Error

NBS considered whether the inadequate thickness of the slab, a design
error, or the inadequate effective depth of the reinforcing steel, a construc-
tion error, caused the collapse. If the slab had been designed and built cor-
rectly, the demand-to-capacity ratio would have been 0.72. With the design
error of the 203-mm (8-in.) slab, the demand-to-capacity ratio became 0.90.
With an increase of top cover to 41 mm (14 in.) but adequate slab thickness
(280 mm or 11 in.), the demand-to-capacity ratio was 0.84. The combina-
tion of the two increased the demand-to-capacity ratio to 1.13. Therefore,
NBS determined that both factors contributed approximately equally. If
only one of the errors had been made, the structure would probably not
have collapsed (Lew et al. 1982, p. 72).

Professional Aspects

Incredibly, no punching shear calculation had been made for the con-
crete floor slabs. The chairs used to support the slab steel were 108 mm
(4% in.) high, which, coupled with the thin slabs, led to a small effective
depth (Kaminetzky 1991).

According to Feld and Carper (1997, p. 274), the structural engineer
was a retired NASA engineer who hired another retired NASA engineer
to do the calculations. This example illustrates the important point that
structural engineering isn’t rocket science. Evidently, it is considerably more
difficult. Routine concrete design calculations were simply never performed.
A discussion of licensure issues for professional engineers (P.E.s) in this and
other cases is provided in Chapter 10.
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The Bailey’s Crossroads and Harbour Cay Condominium collapses
resulted in 25 deaths and 58 injuries combined (Lew et al. 1982, Carino
et al. 1983). These calamities could have been avoided if the engineers
working in Virginia and Florida had learned the lessons of the 2000 Com-
monwealth Avenue collapse. Punching shear is hardly an unknown phe-
nomenon. A punching shear failure in Indianapolis was reported as early as
1911 (Feld 1978).

Three factors were common to all three collapses: punching shear
(which is critical for flat-slab buildings), improper formwork removal and
reshoring procedures, and cold temperatures in winter (January through
March) (Kaminetzky 1991, p. 76). These factors, however, cross different
disciplines: design, construction management, and concrete technology and
materials science. It is vitally important that the design and construction
team members work together to eliminate these problems.

Lessons Learned

Kaminetzky (1991, pp. 77-78) cites six lessons from this case:

1. Punching shear is the most common failure mode for concrete flat-
slab buildings and must be checked.

2. The minimum depth requirements of the ACI code must be met to
provide adequate strength and limit deflections.

3. Top and bottom reinforcing bars should be placed directly within
the column periphery to provide additional resistance to progres-
sive collapse. This step should not add to construction costs.

4. Proper design of formwork by qualified professionals is an essential
element of field construction control. Planning must address shor-
ing and reshoring procedures and schedules, as well as methods for
verifying that the concrete has achieved satisfactory strength.

5. Construction must stop immediately if there are warning signs of
potential or impending failure. If necessary, the structure must be
evacuated immediately.

6. During cold weather, special measures should be taken to estimate
the in-place strength of the concrete. “It is also a fact that the level
of construction carelessness increases in the winter months.”

The most economical way to increase the punching shear capacity of
the slabs would have been to increase the size of the columns, which would
have increased b,,. This procedure would also have improved constructability
by providing more space to cast concrete around the column reinforcement
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(Kaminetzky 1991, p. 75). Increasing the column size would have required
much less additional concrete than increasing the thickness of the slabs.

Given the magnitude of the errors, the question arose as to how the
building was able to stand up for so long. Until the collapse, the gravity
dead loads were completely carried by the shores and reshores and not by
the structure itself (Kaminetzky 1991, pp. 75-76).

Feld and Carper (1997, pp. 273-274) note these problems, as well as
some others:

e There were no checks for deflection or code minimum thickness
provisions.

o There were no beam shear checks.

o There were no code checks for column reinforcement spacing.

o Calculations were based on grade 40 steel, although grade 60
was specified. This change to higher strength steel would actually
increase safety.

e There was no actual calculation of effective depth of slab flexural
reinforcement. Instead, a constant multiplier of computed moments
was used. The 160 mm (6.3 in.) cited by NBS was determined by
working backward from the design.

e The column steel was so congested that it prevented flow of con-
crete around the bars.

Essential Reading

The NBS report (Lew et al. 1981) can be obtained through interlibrary
loan or other sources. The findings of that report are summarized by Lew
et al. (1982). This report focuses on the technical issues. Other discussions of
this case are provided by Ross (1984), Kaminetzky (1991, pp. 72-78), and Feld
and Carper (1997, pp. 271-274). This case study is featured on the History
Channel’s Modern Marvels Engineering Disasters 15 videotape and DVD.

Bombing of the Oklahoma City
Murrah Federal Building

Extreme events, such as earthquakes, test structures near their ultimate
capacity and sometimes lead to destruction. Explosions, whether intentional
or accidental, do the same thing. On April 19, 1995, a truck bomb tore
through the fagade of the Murrah Federal Building in Oklahoma City. The
blast destroyed a significant portion of the structure, killing 169 people.
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This event was a classic example of what is known as progressive
collapse. Disproportionate collapse is now becoming the preferred term,
because all collapses are inherently progressive. What disproportionate col-
lapse means is that an event that should have been localized to one part of
the structure instead causes most or all of the structure to collapse, out of
proportion to the original damage. It implies a lack of structural redun-
dancy. Ronan Point, covered in Chapter 4, is considered another case of
disproportionate collapse.

The Murrah Federal Building

The Murrah Building was designed in 1974 and opened three years
later. It conformed to all of the structural codes of the time (Wearne 2000,
p. 117).

Some of the key structural features of the Murrah Building were
reviewed by Hinman and Hammond (1997, pp. 3-5). The structure is
shown in Fig. 5-9.

Figure 5-9. Oklahoma City Murrah Federal Building.
Source: Osteraas (2006).
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e The building had a nine-story, reinforced concrete frame, 61 X
23 m (200 X 75 ft) in plan. It was 10 bays long and 2 bays wide.
Typical floor-to-floor height was 4 m (13 ft).

e The rear of the building faced north and had curbside access for
vehicles, with an indented loading zone.

o To improve natural lighting, the north facade had a full-height glass
curtain wall. The glass was highly vulnerable to blast.

o Shear walls formed by the stairwell and elevator shafts provided the
main lateral bracing system.

o Beams supporting the 150-mm (6-in.) thick floor system were 189 X
78 mm (48 X 20 in.) and dimensioned so that only nominal shear
reinforcement was needed.

o The north elevation was supported by four large 142 X 78 mm
(36 X 20 in.) columns extending up the first two floors. Large trans-
fer girders, 12.2 m (40 ft) long, supported intermediate columns
from the upper floors.

Attack and Recovery

At 9:02 A.m. on April 19, 2005, the Alfred P. Murrah federal office
building in Oklahoma City, Oklahoma, was bombed. The weapon, con-
sisting of a homemade bomb placed in the back of a rental truck, caused
the partial collapse of the Murrah building and structural damage to
numerous other buildings in the vicinity. The explosion caused the
death of 167 persons, including 19 children, and injured 782 persons.
(Hinman and Hammond 1997, p. xi)

The bomb had an estimated 2,177 kg (4,800 lb) of ammonium nitrate
and fuel oil explosive, referred to as ANFO. The ammonium nitrate is com-
mercially available as fertilizer and is relatively stable unless detonated by a
high-grade explosive booster, such as dynamite and detonation cord. Despite
alternate theories, it is now widely accepted that there was a single truck
bomb. A similar vehicle bomb was used in the first World Trade Center
bombing on February 26, 1993 (Hinman and Hammond 1997, pp. 1-3).

The explosion was roughly 3 m (10 ft) from the building, at column
G20. The shock wave spread outward and upward across the face of the
building. The explosion collapsed almost half of the building, essentially
most of the north bay. Three of the columns (G16, G20, and G24) support-
ing the transfer girders collapsed. Column G20 failed because of brisance,
or shattering of the concrete, which allowed the transfer girders to rotate
inward. This rotation, in turn, led to the failure of the other two columns



158 BEYOND FAILURE

between the second and third floors, at the location of the transfer girders.
This failure left the outer bay unsupported (Hinman and Hammond 1997,
pp. 6-8). The G row of columns was along the north facade, and the F row
was in the middle of the building between the north and south bays. The
location of the explosion is shown in Fig. 5-10.

Floor slabs were blasted upward at the second through fourth floors.

Floor slabs tend to be vulnerable to explosive effects due to their large
surface area compared with other elements, such as columns. . . . Floor
slabs are first subject to an upward and then a downward loading from
the explosive forces. The upward loading causes cracking and weaken-
ing of the members in shear. This is followed by a downward pressure,
causing collapse. As the slab deflects downward, it pulls the outer frame
inward and causes this already weakened system to fail by buckling at
the lower floors. Shear failure rather than flexural or bending failure
occurs due to the extremely high intensity and short duration of the
loading close-in to the explosion. In short, the slab is sheared off before
it has a chance to bend. (Hinman and Hammond 1997, p. 8)

Figure 5-10. Location of bomb.
Source: Osteraas (2006).
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Because the floor slabs brace columns, their failure may lead to column
buckling and overall disproportionate collapse. The floor slab failure and
its effect on the structural frame are shown in Fig. 5-11.

One of the inner columns, F24, failed, in addition to the three outer
frame columns. Columns F20 and F22, closer to the blast, remained
standing. It is possible that F24 was hit by debris, triggering buckling,
or that the other two columns that did not fail were braced by the eleva-
tor core and stairways. The surviving columns near the blast area were
examined to determine why they did not fail (Hinman and Hammond
1997, pp. 8-9).

The length of the surviving floor slabs generally corresponded to the
length of the negative moment reinforcement provided, showing that the
reinforcement was effective in arresting the slab collapse. On the other hand,
the positive moment reinforcement broke off at the beam support (Hinman
and Hammond 1997, p. 9).

Overall,

The observed failure modes for the Murrah building were brittle and
occurred mostly at the connections. This was because of the excessive
forces of the explosion, progressive collapse, and the nonductile con-
struction used in the design of this building. Other typical failure modes
included the microcracking of members and the ripping out of rein-
forcing bars from the members. Only in regions in which the pressures
were relatively low was there evidence of a ductile flexural response.
(Hinman and Hammond 1997, p. 10)

The structure after the attack is shown in Fig. 5-12.

Structural engineers turned out to be important for the Urban Search
and Rescue (US & R) effort led by the Federal Emergency Management
Agency (FEMA) and other state, local, and federal authorities. An impor-
tant task was to stabilize and support the wreckage during the US & R
operations. A number of collapse and falling debris hazards were identi-
fied, and on occasion the US & R had to be halted temporarily. Pipe braces
and confinement angles were used to brace columns and other elements.
Some columns had lost the bracing from the floor slabs at the second and
third floors and were braced by the debris piles. Bracing had to be installed
before the debris piles could be removed (Hinman and Hammond 1997,
pp- 16-21).

The single most dangerous slab was referred to as the “mother slab”
or the “slab from hell.” This 157-kN (35,000-1b) portion of the roof slab
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Figure 5-11a, b. Failure of the floor slabs.
Source: Osteraas (2006).
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Figure 5-12. Murrah Building following the attack and partial collapse.
Source: Osteraas (2006).

hung from two 25-mm (1-in.) steel bars. It was over the portion of the build-
ing where much of the rescue and recovery work had to be carried out. One
bar was cut, and then it was decided that it would be unsafe to cut the other.
Instead, the slab was tied to the structure with steel cable loops and moni-
tored for movement (Hinman and Hammond 1997, pp. 22-23).

Technical Lessons Learned

This case led to a shift in philosophy in structural design. Before this
attack, it was generally thought that special detailing of reinforced concrete
construction was necessary only in areas with significant seismic hazard.

Hinman and Hammond (1997, p. 34) recommended that reinforced
concrete structures subject to blast and similar threats be designed and
detailed with alternate load paths and with continuous top slab reinforce-
ment. Columns, beams, and girders should have ties to confine the concrete
and provide ductility. Reinforcement bars should be properly anchored.
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Essentially, seismic design and detailing should be used to provide structural
ductility and redundancy.

Essential Reading

One key reference is Osteraas (2006). The comprehensive work on the
engineering aspects of the Oklahoma City bombing attack is Lessons from
the Oklabhoma City Bombing: Defensive Design Techniques, written by
E. E. Hinman and D. J. Hammond (1997). This document has become an
important reference for developing building designs that are more resistant
to this type of attack. The case is also discussed in Chapter 6 of Wearne
(2000, pp. 117-135).

The Pentagon Attack

The Pentagon terrorist attack of September 11, 2001, provides another case
study of reinforced concrete building performance under extreme loading.
The Pentagon performed quite well during the event, and as a result the
damage was localized to the area of immediate impact.

Building Design and Construction

The Pentagon is a reinforced concrete structure built between Septem-
ber 1941 and January 1943. It has five sides and is arranged in five concen-
tric rings, from the A ring in the interior to the E ring on the outside. It is
one of the largest office buildings in the world, with a floor space of about
610,000 m? (6.6 million ft?) (Mlakar et al. 2003, p. 3).

Most of the structure used concrete with a specified compressive strength
of 17 MPa (2,500 Ib/in.?) and reinforcing steel with a specified yield strength
of 276 MPa (40,000 Ib/in.?). Column sizes varied from 533 mm (21 in.)
square in the first story to 356 mm (14 in.) square at the top story, with all
columns that supported more than one level spirally reinforced. Some of the
other columns were tied. Floor spans were short by modern standards, with
140-mm (5.5-in.) thick slabs spanning between beams 3 m (10 ft) on center.
Beam spans were 3—-6 m (10-20 ft) (Mlakar et al. 2003, pp. 5-6).

An important structural feature was that beam bottom reinforcement
was continuous through the columns. This feature gave the floor slab and
beam system considerable ductility. It was thought that after World War
IT the Pentagon would no longer be needed as an office building, so it was
designed for record storage. As a result, the design floor live load was a
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relatively high 7.2 kPa (150 Ib/ft?) (Mlakar et al. 2003, pp. 8-9). In the late
1980s, renovations were planned for the building. Overall, the structure
was found to be in sound condition (Mlakar et al. 2003, pp. 9-11).

By September 11, 2001, one-fifth of the minor renovation had been
completed on the mechanical aspects of the building.

Attack and Building Performance

At 9:38 A.M. on September 11, 2001, a hijacked Boeing 757-200 air-
liner was deliberately crashed into the building. The impact hit the building
about 43 m (140 ft) to the south of a boundary between the renovated sec-
tion of the building and the next section scheduled for renovation. The air-
craft continued into the section not yet renovated. The impact and fire killed
the 64 people aboard the aircraft and 125 people in the building (Mlakar
et al. 2003, p. 4).

Part of the building in the renovated section to the south of the expan-
sion joint subsequently collapsed about 20 min after the aircraft struck the
building. Photos taken between the aircraft impact and the collapse show
that this portion of the building was sagging by about 0.45-0.6 m (1%2-2 ft).
All five floors of the building collapsed. Some of the blast-resistant windows
stayed in place even after the collapse. The collapse was confined to the
outer E ring (Mlakar et al. 2003, pp. 17-26). Figure 5-13 shows the build-
ing after the collapse of the portion adjacent to the expansion joint.

Investigation and Analysis

A number of investigations were carried out. The Pentagon Building
Performance Study (BPS) team was granted access to the site for four hours
on October 4, 2001. By this point, much of the structural debris had been
removed. The BPS team classified the damage to the various structural ele-
ments remaining in the building (Mlakar et al. 2003, p. 24).

The upgraded windows were generally in place in their reinforced
frames. In contrast, the windows near the impact that had not been
upgraded were mostly broken. Almost all the interior damage that had been
inflicted was on the first story. The path of structural damage was 23-24 m
(75-80 ft) wide and about 70 m (230 ft) long, tapering as it went further
into the building. Severe damage from either the impact or the subsequent
fire included heavy cracking and spalling. Several columns were bent at mid-
height as much as three times the diameter of the spiral reinforcement, yet
they remained attached at the ends (Mlakar et al. 2003, pp. 28-29). Figure
5-14 shows a damaged column.
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Figure 5-13. The Pentagon following the aircraft impact.
Source: Mlakar et al. (2003).

In the worst cases, the columns were severed from the structure or were
missing completely. The columns outside the line of direct impact had little
structural damage. Damage above the second floor seemed to be related to
fire (Mlakar et al. 2003, p. 34). Detailed photographs and plots of damage
to beams, columns, and floor slabs are provided in the BPS report (Mlakar
et al. 2003, pp. 24-44, B1-B14).

An important element of the investigation was the performance of the
structure in the fire. The damage was typical of severe fires in office build-
ings. Maximum temperature in some locations may have reached 950 °C
(1,740 °F). The fire damage to structural elements was limited to cracking
and spalling near the aircraft debris (Mlakar et al. 2003, pp. 41-43).

The investigation suggested three structural performance issues that
required further analysis:

 response of the concrete columns to impact,

e load capacity of the floor system, and

o thermal response of columns and girders (Mlakar et al. 2003,
p- 45).
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Figure 5-14. Damage to a spiral column.
Source: Mlakar et al. (2003).

None of the columns appeared to have failed because of shear or
reinforcing bar pull-out. Overall, the columns remained ductile unless they
were torn from their supports. Where the supports failed, the bars had
necked considerably before fracture. The spiral ties provided consider-
able shear resistance, ductility, and reserve capacity (Mlakar et al. 2003,
pp- 45-48).

It is remarkable that the floor system was able to stay up for 20 min in
the collapsed area despite the loss of most of the supporting columns. The
eventual collapse may be explained by heat from the fire and possibly high-
strain creep, along with the weight of the water pumped into the building to
extinguish the fires (Mlakar et al. 2003, pp. 48-50).
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Technical Lessons Learned

The report noted that,

Despite the extensive column damage on the first floor, the collapse of
the floors above was extremely limited. Frame and yield-line analyses
attribute this life-saving response to the following factors:

¢ Redundant and alternative load paths of the beam and girder fram-
ing systems;

e Short spans between columns;

e Substantial continuity of beam and girder bottom reinforcement
through the supports;

e Design for [7.2 kPa] 150 psf [Ib/ft?] warehouse live load in excess of
service load;

e Significant residual capacity of damaged spirally reinforced columns;

e Ability of the exterior walls to act as transfer girders (Mlakar et al.
2003, p. 58).

The partial collapse 20 min after the impact was attributed to the
effects of fire on the structural frame, particularly with protective materials
and concrete cover removed by the impact.

The report’s recommendations found,

The Pentagon’s structural performance during and immediately follow-
ing the September 11 crash has validated measures to reduce collapse
from severely abnormal loads. These include the following features in
the structural system:

e Continuity, as in the extension of the bottom beam reinforcement
through the girders and bottom girder reinforcement through the
columns;

e Redundancy, as in the two-way beam and girder system;

e Energy-absorbing capacity, as in the spirally reinforced columns;

® Reserve strength, as provided by the original design for live load in
excess of service.

These practices are examples of details that should be considered in the

design and construction of structures required to resist progressive col-
lapse. (Mlakar et al. 2003, p. 59)

Recommendations were also made for further research and develop-
ment into performance of reinforced concrete structures in extreme events.
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Essential Reading

The comprehensive work on the engineering aspects of the Pentagon
on September 11, 2001, is The Pentagon Building Performance Report by
the Pentagon Building Performance Study Team (Mlakar et al. 2003). The
case is also featured in five papers published in the proceedings of ASCE’s
Third Forensic Congress (Bosela et al. 2003).

Other Cases

Ronan Point

The collapse of Ronan Point is discussed in Chapter 4. It was a pre-
cast panel structure. The case illustrates the importance of workmanship in
concrete construction, as well as the importance of tying building elements
together.

L’Ambiance Plaza Collapse

One of the theories on the collapse of I’ Ambiance Plaza is poor detail-
ing of post-tensioned concrete floor slabs. The case is discussed in Chapter 4.

Willow Island Cooling Tower Collapse

The Willow Island Cooling Tower collapse represents yet another
formwork failure. The case is discussed in Chapter 9.

Schoharie Creek Bridge

The Schoharie Creek Bridge collapsed on the morning of April 5, 1987,
after three decades of service. The full case study is discussed in Chapter 8.
The collapse of Pier 3 caused two spans to fall into the flooded creek. Five
vehicles fell into the river, and 10 occupants died.

The main cause of the failure was scour, which undermined the foun-
dation of Pier 3. The pier dropped into the scour hole and cracked, which
caused the two steel spans resting on the pier to fall.

The detailing of the reinforced concrete pier may have contributed to
the severity of the accident. The pier frames were constructed of two slightly
tapered columns and tie beams. The columns were fixed within a lightly
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reinforced plinth, which was positioned on a shallow reinforced spread
footing.

Shortly after construction was completed, in the spring and summer
of 1955, the Schoharie Creek Bridge pier plinths began to form vertical
cracks. The cracks occurred because of the high tensile stresses in the
concrete plinth. The plinth could not resist the bending stresses between
the two columns. The original designs called for reinforcement to be
placed in the bottom portion of the plinth only because designers had
confidence that the concrete in tension could resist the bending stresses
without reinforcement.

In 1957, plinth reinforcement was added to each of the four piers to
correct the problem of vertical cracking. The plinth may be seen as an upside-
down, uniformly loaded beam, with the soil-bearing pressure providing the
uniform loading and the two columns acting as supports. It becomes obvi-
ous that the top of the plinth represents the tension face of the beam and
requires reinforcement. The plinth reinforcement is shown in Fig. 5-15.

However, to be properly anchored, the tension reinforcement must
be extended past the supports—in this case, into the columns—for the full
development length required by the ACI Code. Obviously, this extension
was not done, and it would have been difficult to extend the reinforcement
through the columns without replacing the columns. Ironically, because the
added plinth reinforcement was not adequately anchored, it may have con-
tributed to the brittle and sudden nature of the subsequent collapse by sup-
porting the plinth until most of it had been undermined.

Column Forces

Plinth Tensile
Reinforcement

LA A R N N N S NS A

Soil Pressure

Figure 5-15. Schoharie Creek Bridge plinth reinforcement.



REINFORCED CONCRETE STRUCTURES 169

Sampoong Superstore

The collapse of the Sampoong Superstore in Seoul, South Korea, rep-
resents an example of a structural collapse of a reinforced concrete build-
ing attributed in large part to corruption. The full case study is discussed
in Chapter 10. The store opened in December 1989. The first contractor,
Woosung Construction, built the foundation and basement but balked at
making some of the changes to the structure that the owner requested on the
grounds that the proposed changes were not safe.

Sampoong completed the construction with its own engineers and con-
struction workforce. In the process, they converted the use from an office
block to a department store and changed the roller skating rink on the fifth
floor to a traditional Korean restaurant. This change added significant dead
load because at such a restaurant the diners sit on a heated floor, which was
about 0.9 m (3 ft) thick and made of concrete.

At 6 P.M. on June 29, 1995, the store was full of shoppers. The center
of the building collapsed, with a final death toll of 498 people.

The subsequent investigation revealed a number of important design
and construction deficiencies:

o When the building had been converted from an office block to a
department store, it had been necessary to cut large holes in the
floor slabs for escalators and to remove some of the supporting
columns.

o Because the change of use also required fire shutters, large chunks
of the remaining concrete columns were cut away to allow shutter
installation.

o The floor plan of the fifth-floor restaurant was not compatible with
the lower floors. Therefore, the columns were not continuous from
one floor to the next. The loads, which should have been transferred
by continuous columns to the foundation, were instead transferred
through the slab between the fourth and fifth floors.

o The roof system had about a quarter of the capacity required to
support the water-cooling system.

o On the lower four floors, columns specified to be 890 mm (35 in.)
wide were only 610 mm (24 in.) wide and had only 8 reinforcing
bars rather than the 16 specified.

e Slab dead loads had been miscalculated, based on 100-mm (4-in.)
thick slabs when some slabs were three or four times thicker.

e Some reinforcement had not been installed, and connections
between slabs and walls were poor.
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o To maximize sales space, the spans between the columns had been
increased to almost 11 m (36 ft), which was much too large.

o The concrete strength used was only 18 MPa (2,600 Ib/in.?) rather
than the specified 21 MPa (3,000 Ib/in.?), and the actual concrete
strength from samples taken after the collapse ranged from 18.4 to
19.3 MPa (2,700 to 2,800 Ib/in.?). The originally specified value
is rather low for structural concrete, and the further reduction in
strength would reduce the slab punching shear capacity.

o Theeffective slab depth for negative moment areas had been reduced
from the specified 410 mm to 360 mm (16 to 14 in.) because the
reinforcement was improperly placed.

Some of the officers of Sampoong were convicted and sent to jail, and
the building officials who had approved the changes were prosecuted.

Autoroute 19 de la Concorde Overpass

The de la Concorde Overpass over Autoroute 19 in Laval, Quebec, col-
lapsed on September 30, 2006, killing five people and injuring six. The gov-
ernment of the province of Quebec convened a commission to investigate.

The bridge was an unusual side-by-side prestressed box girder con-
figuration designed and built between 1968 and 1971. The ends of the gird-
ers rested on cast-in-place concrete cantilevers extending out from abut-
ments. The bridge was an unusual structure, difficult to inspect, and no
more bridges of this type were built in Canada after 1972.

The cantilever supports also doubled as expansion joints and had
complex load-transfer mechanisms. The joints were difficult to seal and
maintain and allowed water and de-icing chemicals to collect at the cantile-
ver supports. Substantial repair work undertaken in 1992 may have caused
some damage that later led to the bridge collapse.

The cantilever supports relied on a complex reinforcement detail to
transfer bearing forces into the top bars through stirrups. However, the
tops’ stirrups were placed slightly below the top reinforcement, leaving a
horizontal plane of weakness.

The investigating commission cited as primary physical causes the
improper detailing of reinforcement (the top bars were not anchored),
improper installation of reinforcement, and low-quality concrete. The con-
crete specification was confusing and appeared to allow the use of weaker

and less durable concrete. At the time of the collapse, the concrete strength
was a bit higher than the specified 27.6 MPa (4,000 Ib/in.?), but a higher
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strength would have been expected after 36 years. The air content and de-
icer scaling resistance of the concrete were also poor. The commission also
cited the contributing physical causes of lack of shear reinforcement in the
thick cantilever slabs, lack of waterproofing of the cantilever concrete, and
possible damage caused during the 1992 repair work.

Just before the collapse, puddles of water and chunks of falling con-
crete were observed. Some drivers also noticed bumps at the expansion
joints when they crossed the overpass. The concrete cantilever peeled off
just below the top layer of reinforcement, and the prestressed box girders
fell onto Autoroute 19 and two passing cars. Three cars and a motorcycle
fell with the overpass.

The final report of the investigating commission was published (Com-
mission 2007) and is available on-line in English at http://www.cevc.gouv
.qc.ca/UserFiles/File/Rapport/report_eng.pdf.
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Steel Structures

IN THE UNITED STATES, DESIGN OF STEEL STRUCTURES
typically follows the American Institute of Steel Construc-
tion (AISC) Specification (2005). Topics such as compos-
ite columns, built-up sections, plate girders, plate stability,
torsion, lateral-torsional buckling, and overall structural
behavior (braced and unbraced frames) may be included
in an introductory course or may be covered in a more
advanced course.

Steel differs from reinforced concrete and other build-
ing materials in that local and global stability is almost
always a concern because of the thin and slender sections,
plates, and elements used. Therefore, column buckling,
beam lateral-torsional buckling, local plate buckling, and
bracing considerations are important.

In the United States, structural steel may be designed
using two methods. Over the past few decades, steel design
began to move from allowable stress design (ASD) to load
and resistance factor design (LRFD). Both design meth-
ods are covered by the current AISC (2005) specifications.
LRFD provides a more uniform level of safety for structures
and is compatible with the strength design methods that
reinforced concrete has used for almost half a century. For
failure investigation, ASD methods may be more appropri-
ate than LRFD methods because the actual rather than the
factored loads are used. If LRFD is used to compare actual

173
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loads to available structural capacity, all load and resistance factors should be
set equal to 1.

It is worth noting that structural steel courses typically cover hot-
rolled and built-up steel sections. Cold-formed steel design is not covered.
These sections use much thinner steel than hot-rolled and built-up sections
and are even more prone to local and overall buckling. A different standard,
published by the American Iron and Steel Institute (AISI 2007), applies to
cold-formed steel, and the AISC specifications should not be used. Cold-
formed steel analysis and design is rarely covered by university courses, even
at the graduate level.

Hartford Civic Center Stadium Collapse

No one was killed or injured when the huge space truss roof of the empty
Hartford Civic Center coliseum collapsed under a heavy snowfall at 4:19 A.m.
on January 18, 1978. Had the failure occurred just a few hours before,
the death toll might have been hundreds or thousands. The dramatic roof,
designed with the aid of computers, had shown evidence of distress during
construction, but the warnings had not been heeded. The building had been
in service for five years when it collapsed (Levy and Salvadori 1992).

Design and Construction

The design engineers of the Hartford Civic Center in 1971 designed
the roof truss system using a complicated, expensive, and innovative com-
puter program. They were able to convince the city council to accept the
results. The estimated savings from the refined state-of-the-art analysis com-
pared to a more conventional design were half a million dollars (Wearne
2000, p. 21).

To save money, the engineers proposed an innovative design for the
91.4 X 110 m (300 X 360 ft) space frame roof 25.3 m (83 ft) over the arena.
The proposed roof consisted of two main layers arranged in 9.14 X 9.14 m
(30 X 30 ft) grids composed of horizontal steel bars 6.4 m (21 ft) apart.
Diagonal members 9.14 m (30 ft) long connected the nodes of the upper and
lower layers and, in turn, were braced by an intermediate layer of horizontal
members. The 9.14-m (30-ft) members in the top layer were also braced at
their midpoint by intermediate diagonal members (Fig. 6-1).

This design departed from standard space frame roof design proce-
dures in five ways.
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Figure 6-1a, b. Elevation and detail of Hartford Civic Center roof (1 ft = 0.305 m).

Courtesy Lev Zetlin Associates.

1. The cross-sectional configuration of the four steel angles making

up each truss member did not provide good resistance to buckling.
The cross-shaped built-up section has a much smaller radius of
gyration than either an I-section or a tube section configuration of
the same structural members (Fig. 6-2). As a result, the buckling
load for the cross-shaped section is much lower than that of the
other configurations.

. The top horizontal members intersected at a different point than
the diagonal members rather than at the same point, making the
roof especially susceptible to buckling because the diagonal mem-
bers did not brace the top members against buckling.

. The top layer of this roof did not support the roofing panels; short
posts on the nodes of the top layer did. Not only were these posts
meant to eliminate bending stresses on the top layer bars, but their
varied heights also allowed water to be carried away to drains.
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Figure 6-2. Possible truss member configurations.

4. Four pylon legs positioned 13.7 m (45 ft) inside of the edges of the
roof supported it instead of boundary columns or walls (Levy and
Salvadori 1992).

5. The space frame was not cambered. Computer analysis predicted a
downward deflection of 330 mm (13 in.) at the midpoint of the roof
and an upward deflection of 150 mm (6 in.) at the corners (ENR
1978a).

Because of these money-saving innovations, the engineers used state-
of-the-art computer analysis to verify the safety of the building. However,
given the primitive state of computer structural analysis in 1971, there were
understandable concerns about the accuracy of the solution.

A year later, construction began. To save time and money, the roof
frame was completely assembled on the ground. While it was still on the
ground, the inspection agency notified the engineers that it had found exces-
sive deflections at some of the truss joints. Nothing was done.

After the frame was completed, hydraulic jacks located on top of the
four pylons slowly lifted it into position. Once the frame was in its final
position, but before the roof deck was installed, its deflections were mea-
sured and found to be twice those predicted by computer analysis. The engi-
neers were notified. They, however, expressed no concern and responded
that such discrepancies between the actual and the theoretical should be
expected (Levy and Salvadori 1992).

When the subcontractor began fitting the steel frame supports for
fascia panels on the outside of the truss, he ran into great difficulties because
of the excessive deflections of the frame. On notification of this problem, the
project manager “directed the subcontractor to deal with the problem or be
responsible for delays.” As a result, the subcontractor coped (or cut away
material from) some of the supports and refabricated others to make the
panels fit, and construction continued (ENR 1978a).

The roof was completed on January 16, 1973 (Feld and Carper 1997).
The next year, a citizen expressed concern to the engineers regarding the
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large downward deflection he noticed in the arena roof, which he believed
to be unsafe. The engineers and the contractor once again assured the city
that everything was fine (Levy and Salvadori 1992).

During construction, the architect had twice tried to convince the
owners to hire a qualified structural engineer for continuous on-site inspec-
tions of the truss construction and erection.

The idea was rejected by the construction manager as a waste of money.
He took on all the inspection responsibilities himself. Thus, at a stroke, the
construction manager eliminated the system of checks and balances. . . .
As the citizens’ panel noted rather euphemistically: “inspection of his
own work by the construction manager is an awkward arrangement.”
(Wearne 2000, p. 24)

Collapse

On January 18, 1978, the Hartford Arena experienced the largest
snowstorm of its five-year life. At 4:19 A.M., the center of the arena’s roof
plummeted the 25.3 m (83 ft) to the floor of the arena, throwing the corners
into the air. Just hours earlier, the arena had been packed. Luckily, it was
empty by the time of the collapse (Ross 1984).

Causes of Failure

Hartford appointed a three-member panel to manage the investigation
of the collapse. This panel in turn hired Lev Zetlin Associates, Inc. (LZA) to
ascertain the cause of the collapse and to propose a demolition procedure
(Ross 1984). LZA issued its report later that year (LZA 1978). LZA dis-
covered that the roof began failing as soon as it was completed because of
design deficiencies. A photograph taken during construction showed obvi-
ous bowing in two of the members in the top layer.

Three major design errors, coupled with the underestimation of the
dead load by 20%, allowed the weight of the accumulated snow to collapse
the roof. The estimated frame unit weight was 0.862 Pa (18 Ib/ft?), but the
actual frame weight was 1.10 Pa (23 Ib/ft?) (ENR 1978a). The load on the
day of collapse was 3.16-3.50 Pa (66-73 Ib/ft?), although the arena should
have had a design capacity of at least 6.70 Pa (140 Ib/ft?) (ENR 1978b). The
three design errors responsible for the collapse are listed below:

o The top layer’s exterior compression members on the east and the
west faces were overloaded by 852%.
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o The top layer’s exterior compression members on the north and the
south faces were overloaded by 213%.

e The top layer’s interior compression members in the east-west
direction were overloaded by 72%.

In addition to these errors in the original design, LZA discovered that
no midpoint braces were provided for the members in the top layer. The exte-
rior members were only braced every 9.14 m (30 ft), rather than the 4.57-m
(15-ft) intervals specified, and the interior members were only partially and
insufficiently braced at their midpoints. The two members attached to the
midpoint of the top chord were both in the same plane as the long axis of
the chord, so they only provided bracing in one direction. The perpendicular
direction was effectively unbraced for the full 9.14-m (30-ft) length. This
situation significantly reduced the load that the roof could safely carry. In
addition, certain perimeter top chord members with a post landing at mid-
point were subjected to bending stress from the roof load applied through
the post. Because the members were not designed for bending, this design
led to considerable overstress (LZA 1978).

Table 6-1 compares some of the original details to actual designs
used in the building, demonstrating the reduction in strength that these
changes caused. Connection A was typically used on the east—-west edges of
the roof, whereas connection B was used on the north-south edges. Most
of the interior members used connection C, and a few used connection D.
The key difference between the original and the as-built details may be seen
by comparing the top and bottom rows of the table. The diagonal mem-
bers were attached some distance below the horizontal members. Thus,
the flexibility of the connection reduced the effectiveness of the bracing
by introducing a “spring brace” instead of the hard brace that had been
assumed. The effect of a spring brace instead of a hard brace is illustrated
in Fig. 6-3.

The most overstressed members in the top layer buckled under the
added weight of the snow, causing the other members to buckle. This buck-
ling changed the forces acting on the lower layer from tension to compres-
sion, causing them to buckle also in a progressive failure. Two major folds
formed, initiating the collapse (ENR 1978a). These faults were not the only
errors that LZA discovered. Listed below are the other factors that contrib-
uted to but probably were not solely responsible for the collapse.

e The slenderness ratio of the built-up members violated the Ameri-
can Institute of Steel Construction (AISC 1970) code provisions.
The spacer plates separating the individual angles were placed too
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TABLE 6-1. Comparison of Original Design and Actual As Built
Connections

Connection A

Connection B

Connection C

Connection D

Original

Assumed
Brace

Allowable force:
710 MN (160,000 Ib)
Allowable moment: 0

Assumed
Brace

Allowable force:
821 MN (185,000 Ib)

Allowable force:
2.78 GN (625,000 1b)

Allowable force:
2.51 GN (565,000 Ib)

As-Built

Allowable force:
68.6 MN (15,440 Ib)

Allowable force:
262 MN (59,000 Ib)

Allowable force:
1.61 GN (363,000 Ib)

Allowable force:
2.51 GN (565,000 Ib)

Allowable moment:
12,800 N'm
(9,490 Ib-fr)

Source: Martin and Delatte (2001).

far apart in some of the four-angle members, allowing individual
angles to buckle.

o The members with boltholes exceeding 85% of the total area vio-
lated the AISC code requirements for section reduction of tension
members (ENR 1978b).

o Some diagonal members were misplaced (Feld and Carper 1997).

Loomis and Loomis, Inc., also investigated the Hartford collapse. They
agreed with LZA that gross design errors were responsible for the progres-
sive collapse of the roof, beginning the day that it was completed. They, how-
ever, believed that the torsional buckling of the compression members, rather
than the lateral buckling of the top chords, initiated the collapse.
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Figure 6-3. Effect of assumed (hard) versus actual (spring) bracing condition.
Courtesy Lev Zetlin Associates.

Using computer analysis, Loomis and Loomis found that the top truss
members and the compression diagonal members near the four support
pylons were approaching their torsional buckling capacity the day before
the collapse. An estimated 0.575-0.718 Pa (12-15 Ib/ft?) of live load would
cause the roof to fail. The snow from the night before the collapse consti-
tuted a live load of 0.670-0.910 Pa (14—19 Ib/ft?). Because torsional buck-
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ling is uncommon, it is often an overlooked mode of failure (ENR 1979a).
The cruciform shape is particularly weak against torsional buckling.
Hannskarl Bandel, a structural consultant, completed an independent
investigation of the collapse for the architect’s insurance company. He blamed
the collapse on a faulty weld connecting the scoreboard to the roof. This opin-
ion conflicts with the opinions of all the other investigators (ENR 1979b).
The LZA report’s findings were also disputed by the engineer (ENR 1978c).

Technical Aspects

The engineers for the Hartford Civic Center depended on computer
analysis to assess the safety of their design. Computer programs, however,
are only as good as their programmers and may tend to offer engineers a
false sense of security (Shepherd and Frost 1995). The LZA report noted

.. . the computer model used by the structural engineer only included
the top and bottom chords and the main diagonals. Roof loads were
only applied at top chord main panel points. If the computer model
had represented the intermediate diagonals and horizontals and had
included the roof loads at the mid-point, sub-panel points at the top
chord, the instabilities and primary bending moments would have been
detected by the designer. (LZA 1978)

Instead of the cruciform shape of the rods, a tube or I-bar configura-
tion would have been more stable and less susceptible to bending and twist-
ing. The cruciform shape has the advantage of making the members much
easier to connect. Also, if the horizontal and diagonal members intersected
at the same place, the bracing would have increased the buckling capacity
in these members. The LZA report noted that “apparently, the choice of
the typical member as a cruciform, a section that is weak in bending and
torsion, was based on the design assumption that such bending and torsion
would be negligible in the space truss” (LZA 1978).

The LZA report further noted that “space trusses and/or space frames
are valid and safe structural systems” and pointed out that some of the con-
struction work was not done correctly (LZA 1978).

Professional and Procedural Aspects

The Hartford Civic Center contract was divided into five subcontracts
coordinated by a construction manager. Not only did this fragmentation
allow mistakes to slip through the cracks, but it also left confusion over
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who was responsible for the project as a whole. Even though the architect
recommended that a qualified structural engineer be hired to oversee the
construction, the construction manager refused, saying that it was a waste
of money and that he would inspect the project himself. After the failure, he
disclaimed all responsibility on the grounds that a design error had caused
the collapse. He asserted that he was only responsible for ensuring that the
design was constructed correctly and not for the performance of the project
(Feld and Carper 1997, p. 202).

It is important that the responsibility for the integrity of the entire
project rest with one person. Feld and Carper (1997, pp. 202-204) offer an
excellent discussion of the role that procedural deficiencies played in this
collapse.

As a result of the construction manager’s refusal to hire a structural
engineer for the purpose of inspection, no one realized the structural impli-
cations of the bowing members. This collapse illustrates the importance of
having a structural engineer, especially the designer, perform the field inspec-
tion. The designer understands the structure that is being built and would
best be able to recognize the warning signs of poor structural performance
and rectify them before they grow to catastrophic proportions. The LZA
report noted that the quality control procedures had been inadequate.

Finally, the Hartford department of licenses and inspection did not
require the project peer review that it usually required for projects of this
magnitude. If a second opinion had been obtained, the design deficiencies
responsible for the arena’s collapse probably would have been discovered
(LZA 1978). Peer reviews are an essential safety measure for high-occupancy
buildings and structures experimenting with new design techniques (Feld
and Carper 1997). Today, Connecticut is one of the few states that require
peer review of certain buildings.

Ethical Aspects

The excessive deflections apparent during construction were brought
to the design engineer’s attention several times. The engineer, confident in his
design and the computer analysis that confirmed it, ignored these warnings
and did not take the time to recheck his work. The engineer should pay close
attention to unexpected deformations and should investigate their causes.
They often indicate structural deficiencies and should be investigated and
corrected immediately. Unexpected deformations provide a clear signal that
the structural behavior is different from that anticipated by the designer.

Kaminetzky (1991) quotes at length from a story in The Philadelphia
Inquirer from May 28, 1978, about this incident, headlined “Why The Roof
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Came Tumbling Down.” The story suggests that the ironworkers knew
from observing the deformations during construction that the building was
a death trap and had vowed never to enter it once it was completed. It also
questions why the worker’s warnings were not listened to.

Educational Aspects

Petroski discusses this case in terms of the need for engineers to be able
to reason out whether computer results make sense, through hand calcula-
tions and knowledge of structural behavior and performance.

Because the computer can make so many calculations so quickly, there
is a tendency now to use it to design structures in which every part is of
minimum weight and strength, thereby producing the most economical
structure. This degree of optimization was not practical to expect when
hand calculations were the norm, and designers generally settled for an
admittedly overdesigned and thus a somewhat extravagant, if probably
extra-safe, structure. However, by making every part as light and as
highly stressed as possible, within applicable building code and factor
of safety requirements, there is little room for error—in the computer’s
calculations, in the part manufacturers’ products, or in the construction
workers’ execution of the design. Thus computer-optimized structures
may be marginally or least-safe designs, as the Hartford Civic Center
roof proved to be. (Petroski 1985, p. 199)

In the years since Petroski wrote these words, despite tremendous
advances in computing power and software, there is no sign that computer
programs will soon be able to envision failure modes that the designer has
not foreseen or to check their work.

According to technology journalist Mitch Ratcliffe, “Computers have
enabled people to make more mistakes faster than almost any invention in
history, with the possible exception of tequila and hand guns.” Engineers
should not uncritically assume that computer results are correct.

As a class example or homework problem, students may compare
the moment of inertia for the cruciform, I, and tube configurations of four
angles, as shown in Fig. 6-2. Angle legs ranged from 89 to 203 mm (3%
to 8 in.) long and were 8-22 mm (%16-7% in.) thick, depending on loads,
and the angles were separated by spacers 19-22 mm (374 in.) thick (LZA
1978). For numerical examples, 127 X 127 X 8 mm (§ X § X %6 in.) angles
may be used. The torsional stiffness of these configurations may also be
calculated and compared.



184 BEYOND FAILURE

Conclusions

A useful lesson from this case is that computer software is only an
analytical tool and that computed results must be checked by the designer
with a careful eye. Users must understand the theoretical foundations of
the programs and the associated limitations. This case serves as a lesson for
engineering students and practicing engineers concerning the difficult tech-
nical, professional, procedural, and ethical issues that may arise during the
design and construction of a complex, high-occupancy structure. There is
no substitute for a thorough knowledge of structural behavior, coupled with
a healthy skepticism toward the completeness and accuracy of computer
software solutions to unusual problems.

It is interesting to compare this case to the collapse of the Quebec Bridge
in 1907, discussed in Chapter 3. The errors in concept, design, and construc-
tion management are strikingly similar. Some of the parallels include:

o high confidence on the part of the designers,

o pushing design well beyond the limits of the established state of the
practice without taking sufficient care against errors,

o lack of effective on-site field inspection,

 ignoring excessive deformations (which signaled impending buck-
ling failure),

o serious underestimation of dead loads, and

o failure by buckling of steel truss compressive struts.

Essential Reading

The case is discussed by Levy and Salvadori (1992, pp. 68-75) as well
as by Wearne (2000, pp. 17-25). This case study is also featured in the His-
tory Channel’s Modern Marvels More Engineering Disasters and Engineer-
ing Disasters 9 videotapes and DVDs.

Mianus River Bridge Collapse

In the late 1950s, a simple span bridge was built over the Mianus River in
Cos Cob, Connecticut, as part of Interstate 95 and the Connecticut Turnpike.
This bridge design included pin and hanger style connections commonly used
at the time. The Mianus River Bridge was a multispan structure carrying
more than 100,000 vehicles per day (Levy and Salvadori 1992, p. 138). On
the morning of June 28, 1983, at around 1:30 A.M., an eastbound section of
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the bridge fell into the chilly waters of the river, leaving three people dead
and others injured.

Each bridge span was 30 m (100 ft) long, three travel lanes wide, with
a 53° skew. Each section had a 2.7-m (9-ft) deep plate girder on each side, on
top of a 190-mm (7.5-in.) concrete deck topped with 50 mm (2 in.) of asphalt.
The mass of the bridge section was approximately 500 tonnes (500 tons). The
drop to the tidal flats was 20 m (70 ft) (Feld and Carper 1997, p. 145).

Investigation

An investigation began immediately after the collapse. At that point,
the only evidence of a possible reason for the bridge failure was a missing
pin that was found in the river. The pin had been sheared completely in half
and separated from the rest of the bridge. Once this was discovered, a more
in-depth study was required to determine if there were any other factors
involved. The state asked John W. Fisher, an engineer and a Lehigh Univer-
sity professor, to investigate the collapse (Levy and Salvadori 1992, p. 139).

Besides Fisher, three outside engineering firms and the National Trans-
portation Safety Board were brought in to study the collapse and determine
the reason. Investigations began by looking at the pin and hanger assembly
to see if there was any way to identify the cause of the failure of the bridge.

Figure 6-4 shows the pin and hanger assembly. Washers were used to
separate hangers from the steel girders. Locking caps were used to keep the
hanger from slipping off of the pin. According to the experts, the caps were
thin and flimsy. “Calculations proved the caps’ thickness was less than one
half that required by the design regulations in force at the time of construc-
tion (1957)” (Levy and Salvadori 1992, p. 139). The thin pin caps could be
easily bent.

Another factor was the excessive amount of rust found on the hanger
assembly. The rust and the dishing of the pin cap could have been seen with
the naked eye, but the rust behind the pin cap could not be inspected. At the
time, bridge inspection did not require the removal of the pin cap. The rust
on the steel increased the stress on the pin cap because of the reduced cross
section of the hanger plate.

Where did all the rust come from?

It was discovered that ten years before the accident the storm drains had
been paved over, allowing water, salt, and dirt to flow through the joint
between the cantilevered and suspended spans, dropping directly onto
the hanger assembly and causing accelerated rusting of its steel. (Levy
and Salvadori 1992, p. 140)
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Figure 6-4. Pin and hanger assembly.

There was another important factor, suggested by investigator Lev Zetlin.
Zetlin argued that sideways forces generated by the skew of the bridge caused
the collapse. Zetlin also pointed out that there was no excuse for the deplor-
able conditions of the hangers and other portions of the bridge (ASCE 1985).

To support Zetlin’s theory, Fisher noted that the collapse was caused by
the pin being overloaded due to the sideways loading caused by the skew of
the bridge. “The collapse could have been predicted if the skew forces, coef-
ficients of friction, slippage, creep, corrosion, cohesion, and indentations had
been known in advance” (ASCE 19835). Perhaps if the pins and plates had
been heavier, then the collapse could have been prevented. Lateral displace-
ment of the assembly was what ultimately brought the section of the Mianus
River Bridge down (Feld and Carper 1997, p. 147).
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Changes to Standards and Procedures

After the collapse of the Mianus River Bridge, the Connecticut Depart-
ment of Transportation focused inspections on other similar bridges and began
to retrofit them with steel slings. The steel slings were used to add redundancy
to the remaining spans of the bridge. A temporary road section was also put
into place so that the section of I-95 could be reopened for traffic.

This retrofit detail helped to save Boston from a similar situation
when inspectors found two broken hangers on the Harvard Bridge over the
Charles River (Schlager 1994, p. 230).

Even before the final jury decision in 1986, ConnDot had embarked on
a ten-year infrastructure renewal program. Expected to cost $5.5 billion
over the decade, the program includes inspection and maintenance of all
bridges and highways. (Schlager 1994, p. 234)

On July 19, 1984, the National Transportation Safety Board published
the highway accident report for the Mianus River Bridge collapse. The NTSB
proposed regulations and other recommendations to make bridges safer and
to give better guidelines as to how they should be inspected. A recommenda-
tion was made:

Conduct detailed inspections of the Mianus River Bridge and other repre-
sentative bridges having a skewed and nonskewed suspended span design
with pin and hanger assemblies to determine whether there is a significant
difference between the two designs in terms of the movement of hangers
on pins due to either dead or live loading and whether such movement is
acceptable (Class III, Longer Term Action) (H-84-49). (NTSB 1983)

The Connecticut Department of Transportation reopened the paved-over
drains so that water could run off. Regular maintenance of these pipes was
also required. The Federal Highway Administration developed an integrated
bridge inspection procedure to ensure that all bridges in the United States
were inspected properly and along common guidelines. Other organizations,
such as the American Institute of Steel Construction, the U.S. Department of
Transportation, and the American Association of State Highway and Trans-
portation Officials, also instituted guidelines and changes (NTSB 1983).

Lessons Learned

Like the Point Pleasant Bridge, the Mianus River Bridge on the Con-
necticut Turnpike (I-95) had collapsed after decades of service. The bridge’s
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skewed simple spans were suspended on pins and hangers. Ten years before
the accident, the bridge’s storm drains had been paved over. This paving
allowed water, silt, and dirt to drop directly onto the hanger assembly and
accelerate corrosion. The end caps that were intended to keep the hangers
from slipping off the pins were only 7.5 mm (0.3 in.) thick (Feld and Carper
1997, pp. 145-148).

The NTSB report concluded that the collapse of the bridge probably
occurred because of “deficiencies in the State of Connecticut’s bridge safety
inspection and bridge maintenance program” (NTSB 1983). Many similar
bridges were retrofitted to prevent similar collapses (Levy and Salvadori
1992, p. 148).

Essential Reading

The key reference for this case is the NTSB (1983) highway accident
report Collapse of Suspended Span of Route 95 Highway Bridge over the
Mianus River, Greenwich, Connecticut, June 28, 1983. The case is also dis-
cussed in Chapter 9 of Levy and Salvadori (1992). This case study is featured
in the History Channel’s Modern Marvels Engineering Disasters 8 videotape
and DVD.

Cold-Formed Steel Beam Construction Failure

During a concrete placement on the second story of a building under con-
struction, the cold-formed steel beams supporting the decking and concrete
collapsed. Four workers were injured, one fracturing his hip. Approximately
two-thirds of the deck had been placed. The project structural engineer had
been at the site earlier but had left before the collapse.

The collapse occurred while concrete was being placed onto steel deck-
ing on the second floor of the structure. The steel decking was supported
by 203-mm (8-in.) deep cold-formed 1.21-mm (0.0478-in., 18 gauge) steel
beams without shoring. Some of the workers raised concerns about the
safety of the structure with the project structural engineer. He assured the
contractor and workers that shoring was unnecessary and that the beams
were rated for more than enough capacity to support the concrete.

The testimony of the workers and the photographs available indicated
that good construction practices were followed with respect to placing and
finishing the concrete. The project structural engineer contended that the
failure occurred because workers allowed the concrete to form a pile on the
formwork, thus increasing the loading.
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Description of the Structure

The structure had three parallel masonry walls, each nominally 305 mm
(1 ft) wide, with cold-formed steel beams crossing the walls. The second
level was approximately 7.62 X 28.3 m (25 X 93 ft) in plan. The spans
across the masonry walls were 3.4 and 4 m (11 and 13 ft) center to center,
and the beams were continuous across the two spans. The cold-formed steel
beams were spaced 610 mm (2 ft) on center, and they supported metal deck-
ing on which the concrete was to be placed. Welded wire mesh reinforcing
fabric was also placed on the decking before the concrete.

The steel grade and section properties of the 203-mm (8-in. deep) cold-
formed 1.21-mm (0.0478-in., 18 gauge) steel beams were not provided in the
documents reviewed. Therefore, it was necessary to assume section properties
based on the available information from the design drawings, as well as tables
from the American Iron and Steel Institute (AISI) Manual (AISI 1996).

In the Cold-Formed Steel Design Manual (AISI 1996), the CS des-
ignation refers to C-sections with lips. Therefore, the section was assumed
to be 8CS1.625Xx045, which is the only 1.21-mm (0.0478-in., 18 gauge)
thick, 203 mm (8-in.) deep section listed. A yield stress of 228 MPa (33 kip/
in.?) was used in the computer calculations for the roof truss, which also
used cold-formed steel. Therefore, it was most likely that the beams were
228 MPa (33 kip/in.?). However, because this section may be made of steel
with a yield point of either 228 or 379 MPa (33 or 55 kip/in.?), both grades
of steel were investigated.

One of the workers noted that some of the beams had been bent ear-
lier as a heavy point load of decking was placed on them. The top flanges
of the beams were damaged. They were repaired, straightened, and re-used,
rather than being replaced. A short length of intact beam was screwed to
each straightened beam. These beams may have had local buckling or residual
stress from the bending, resulting in reduced load-carrying capacity. Damage
to the beam compression flange occurring in the midspan at the point of max-
imum positive moment may significantly reduce the bending strength of a
beam. The damaged beams may have triggered the progressive collapse.

Collapse

Immediately before the collapse, concrete was being placed from a
pump onto the decking. An experienced worker was using the pump nozzle
to spread the concrete. The workers started at one end, moving toward the
other end of the second floor. One worker claimed that the deck was vibrating
during the concrete placement.
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When approximately two-thirds of the concrete had been placed, the
decking on the longer 4-m (13-ft) span gave way suddenly, and five of the
workers fell. Two workers were able to grab wire mesh and avoid falling
the entire distance. The others fell onto the first floor. One fell onto a plumb-
ing fixture pipe and broke his pelvis. Photographs taken immediately after
the collapse showed that the beams were bent at the interior wall support
and at about the midpoint of the longer 4-m (13-ft) span. The damaged
beams hung downward from the interior wall.

Investigation

A number of documents and records were obtained and reviewed.
Most of the project records and reports were available. The attorneys for
the plaintiff and for the defendants obtained depositions from a number of
individuals.

Because the building owner was listed as a defendant, it was not possi-
ble to arrange a site visit during the preliminary analysis. Instead, the inves-
tigator was asked to prepare an analysis based on the available documents
and records. Those documents included the depositions, photos taken before
and after the collapse, and the building plans. After the initial analysis, a site
visit was to be arranged. However, the case was settled before trial.

Loaps DURING CONCRETE PLACEMENT

The loads to be considered for concrete placement may be found in a
number of sources. These sources include the Standard Building Code (SBC
1997), as well as the American Concrete Institute (ACI) publication Form-
work for Concrete (Hurd 1995).

Using these sources and the 100-mm (4-in.) thick deck slab shown on
the plans, a combined dead and live load of 31.4 kN per linear meter (200 Ib
per linear foot) of concrete and workers was used for the calculations. All
live loads should be distributed so as to cause “maximum effect,” as speci-
fied by Section 1604.4 of the Standard Building Code (1997, p. 215). To
cause maximum effect, they may be placed on one span or on both.

STRUCTURAL ANALYSIS

To determine the bending moments in the two-span continuous beam,
slope-deflection equations were used. Three load cases were considered:

o Case I: Concrete and live load spread uniformly across both spans.
This uniform load distribution would be impossible to achieve at
all times during construction because concrete cannot be simultane-
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ously placed across the entire 7.32-m (24-ft) length of a beam from
a single pump nozzle.

o Case II: Concrete spread uniformly across both spans, with the live
load on the longer (4-m, 13-ft) span only. This load combination
is commonly used for design, with dead load assumed along the
full length of the beam and live load only where it causes the great-
est effect, in accordance with the Standard Building Code (1997).
However, it is not possible to place concrete in this way.

e Case III: Concrete and live load spread uniformly across the longer
4-m (13-ft) span only. This would be a prudent load combination
for the designer to consider because the concrete must be placed on
one area of the beam, and the workers need to be where the con-
crete is to work with it. This is also the only load combination that
considers the “unbalanced loads” referred to in Chapter 5 of the
ACI publication (Hurd 1995).

Bending moments for these three load cases are shown in Table 6-2 and
Fig. 6-5. The greatest absolute value of the moment is always the positive
moment near the midspan of the longer beam, for the load cases considered.

Therefore, the bending failure in the beams would occur near the center
of the 4-m (13-ft) span and at the support between the 4- and 3.4-m (13- and
11-ft) spans. This result agrees with the damage shown in the photographs
that accompanied the various depositions.

PossIBLE FAILURE MODES

According to Chapter 4 of Yu (1991), C-sections used as beams can
fail through bending, shear, combined bending and shear, lateral-torsional
buckling, and web crippling. The centroid and the shear center of such a
singly symmetric section do not coincide, leading to torsion stresses.

The notation for the engineer’s computer calculations for the roof truss
indicated the use of the American Institute of Steel Construction (AISC) Steel
Construction Manual (AISC 1998). This specification is only applicable to

TABLE 6-2. Maximum Moments by Loading Case

Distance
Wy wy My 10 Moy i
Case kN/m  plf kN/m  plf  kN-m ft-kips m ft kN-m  ft-kips
I 2.92 200 2.92 200 —3.31 -245 1.69 556 420 3.09
1I 1.46 100 2.92 200 —-2.68 —1.99 175 573 444 3.29
I 0 0 2.92 200 —-2.06 —1.53 1.80 591 4.72 3.50
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Figure 6-5. Bending moment diagrams.
Source: Delatte (2005).

hot-rolled steel sections, not to cold-formed steel. Therefore, this was not the
correct specification to use for this design. The AISI Cold-Formed Steel Design
Manual (AISI 1996) and the AISI Specification for the Design of Cold-Formed
Steel Structural Members (AISI 2007) should have been used instead.

For bending, the nominal moment capacity in the 8CS1.625x0435 section
is 4.27 kN-m (3.16 ft-kip) for 228 MPa (33 kip/in.?) steel, and 5.49 kN-m
(4.07 ft-kip) for 379 MPa (55 kip/in.?) steel from Table II-1, p. II-3, of AISI
(1996). These capacities are shown in Table 6-3. These capacities are based
on the effective section modulus, adjusted for local buckling of the beam
compression flange.

For allowable stress design, these nominal capacities must be reduced by
the appropriate factor of safety. For bending, the required factor of safety (£);)
is 1.67 (AISI 1996, Section C3.1.1, p. V-45). Therefore, the allowable moment
is 2.56 kN-m (1.89 ft-kip) for 228 MPa (33 kip/in.?) steel and 3.29 kN-m
(2.44 ft-kip) for 379 MPa (55 kip/in.?) steel.

Under all loading conditions considered here, the moment in positive
bending exceeded the allowable moment regardless of the grade of steel
used. In fact, for 228 MPa (33 kip/in.?) steel, the moment exceeded the
nominal moment for beams 1.21 mm thick (0.0478 in. thick, 18 gauge).
Actual factors of safety are shown in the last column of Table 6-3. Factors
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TABLE 6-3. Beam Cross-section Moment Capacities

Steel yield Nominal moment Factor of
Flange width, strength, capacity, kN-m safety (moment
Metal thickness mm (inches) MPa (ksi) (foot-kips) capacity/M,,,.)
1.21 mm 413 (1.625) 228 (33) 427 (3.16%) 0.90
(0.0478 inch, 379 (55) 5.49 (4.07%) 1.16
18 gauge)
63.5 (2.5) 228 (33) 4.19 (3.10) 0.89
379 (55) 6.98 (5.17) 1.48
1.52 mm 41.3 (1.625) 228 (33) 5.32 (3.94%) 1.13
(0.0598 inch, 379 (55) 8.48 (6.28%) 1.80
16 gauge)
63.5 (2.5) 228 (33) 5.82 (4.31) 1.23
379 (55) 9.71 (7.19) 2.06

of safety less than 1 indicate that the design loads exceed design capacity,
with a risk of failure under service load conditions.

Because cold-formed steel sections are not universally standardized
(Yu 1991, p. 24), it is possible that the section used had a larger flange
than the 41.3 mm (1.625 in.) assumed. Therefore, section properties for a
channel with a 63.5-mm (2.5-in. flange) were calculated and are shown in
Table 6-3. Thus, even with a larger flange, the 203-mm deep, 1.21-mm thick
(8-in. deep, 0.0478-in. thick, 18 gauge) beam would be overstressed with
228 MPa (33 kip/in.?) steel for all load cases, and for 379 MPa (55 kip/in.?)
steel and unbalanced concrete and live load.

For other construction materials, such as hot-rolled steel and rein-
forced concrete, multiple span beams have reserve capacity because of the
formation of plastic hinges. However, cold-formed steel sections, such as
those investigated in this chapter, are not compact and may have local buck-
ling; they cannot be relied on to form plastic hinges (Yu 1991). Failure of the
system occurs when any part of the beam is overstressed.

All of these stresses occur because of bending only. Torsional stresses,
which were not calculated, would add to the bending stresses. The other
potential failure modes, e.g., shear and web crippling, were not analyzed
because the photographs of the collapsed structure strongly suggested bend-
ing failure.

Reconstruction

After cleanup, the slab decking was rebuilt using 1.52-mm (0.0598-
in., 16 gauge) steel beams to replace the damaged thinner beams. Beams
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that had not been damaged were not replaced. This time, the beams were
shored. The concrete placement occurred without mishap. The building was
completed and put into service.

Discussion

The structural integrity of the beams and decking was questioned, but
the structural engineer provided assurances that they were adequate. No
supporting documents were available.

The structural engineer contended that the collapse occurred because of
poor construction practices, leading to concrete piling up and causing unbal-
anced loading. However, the testimony of the workers indicated that the
concrete placement was carried out in accordance with good practice. There
was no testimony from the workers or observers present that the workers
allowed the concrete to pile up at any point on the decking. In fact, this
would have made screeding and finishing the concrete much more difficult.

It is well known that the structural integrity of formwork for concrete
is important. Hanna writes, “Partial or total failure of concrete formwork
is a major contributor to deaths, injuries, and property damages within the
construction industry” (Hanna 1999, p. 6).

The investigation was hampered because it was not possible to access
the site and because the failed structure had been removed before the inves-
tigation started. Unfortunately, material samples had not been retained.
Therefore, it was necessary to analyze the failure solely from the available
documents and records.

Summary and Conclusions

There was only one engineer qualified by training, experience, and
professional licensure on the project. The structural engineer should have
consulted the proper references and performed the necessary structural cal-
culations to ensure that the structure would be safe against collapse, under
the load combinations prescribed by building codes. He should have ana-
lyzed the beam under an unbalanced load of concrete and live load and
compared the calculated moments to the section capacities provided in the
AISI manual (AISI 1996).

There are important differences between design procedures for hot-
rolled structural steel, which are taught in most civil engineering undergrad-
uate programs, and those for cold-formed steel. Designing with cold-formed
steel requires a knowledge of failure modes, such as local buckling, that can
often be safely ignored with hot-rolled steel. Engineers designing with this
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material should take care to obtain the proper codes and design documents.
This case study was previously published (Delatte 2005).

The World Trade Center Attacks

The response of reinforced concrete buildings to terrorist attacks is discussed
in Chapter 5, with the cases of the Oklahoma City Murrah Federal Building
and of the Pentagon attack on September 11, 2001. The collapse of the twin
World Trade Center (WTC) towers on September 11, 2001, provides some
insight into the vulnerabilities of steel structures against such attacks. After
the event, the Federal Emergency Management Agency (FEMA) conducted
an investigation (2002).

Design and Construction

The two World Trade Center towers were the tallest of six buildings on
the WTC Plaza Complex in New York City. Construction started on August 5,
1966, and steel erection began in August 1968. The north tower (WTC-1)
was occupied starting in December 1970, and the south tower (WTC-2) in
January 1972. Each tower was 110 stories tall (FEMA 2002, p. 1-2).

The towers were of similar height, 417 m (1,368 ft) for WTC-1 and
415 m (1,362 ft) for WTC-2 at the roof. WTC-1 also supported a 110-m
(360-ft) television and radio transmission tower. The buildings were square,
a little more than 63 X 63 m (207 X 207 ft) on a side, providing almost
0.4 hectare (1 acre) of floor space on each level. Each building also had a
rectangular service core at the center, 26.5 X 42 m (87 X 137 ft), housing
three exit stairways, elevators, and escalators. The service core in WTC-1
was oriented east to west, and that in WTC-2 north to south (FEMA 2002,
p. 2-1). Figure 6-6 shows a typical floor plan.

The basic structural form for the building was a tube of closely spaced
box columns, with about 59 per face of the building. At each floor, they were
connected by 1.3-m (52-in.) deep spandrel plates. The outer steel frame was
made of overlapping three-story-tall segments. Splices between segments
were staggered, so that no more than one-third of the splices were on any
one story. Plate thicknesses and grades of steel were varied to accommodate
different loads. Under wind loading, the tube acted similarly to a box beam
in flexure, with windward and leeward walls acting as compression and ten-
sion flanges connected by a Vierendeel truss web (FEMA 2002, pp. 2-2-2-3).
Figure 6-7 shows the outer steel frame, and Fig. 6-8 shows the structural
behavior under lateral loading.
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Figure 6-6. WTC typical floor plan.
Source: FEMA (2002).

The floor slab and framing system connected the outer tube to the inner
core. The floor was 100-mm (4-in.) thick lightweight concrete on 38-mm
(1%-in.) noncomposite steel deck. The floor rested on a series of composite
floor trusses. The trusses were similar to open web joists but had more redun-
dancy and better bracing. They were placed in pairs, approximately 2 m
(6 ft 8 in.) apart. Transverse trusses ran between these main trusses. Truss
spans were approximately 18 m (60 ft) to the sides and 10.7 m (35 ft) to the
ends of the central cores. The truss top chords were supported at the outer
wall in bearing by seats attached to alternate columns, and on seats at the
central core (FEMA 2002, pp. 2-3-2-4). Figure 6-9 shows the trusses and
end connection details.
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Figure 6-7. WTC bearing wall steel frame.
Source: FEMA (2002).
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Figure 6-8. WTC structural behavior under lateral loading.
Source: FEMA (2002).

The building was stiffened further against wind loads by a diagonal
brace truss system between the 106th and 110th floors. This system coupled
the outer tube and the core. On WTC-1, the truss also supported the trans-
mission tower (FEMA 2002, pp. 2-5-2-10).

For most tall buildings, wind forces are the controlling design issue.
Ordinary structures are designed using code-proscribed wind loads. How-
ever, for important tall buildings, wind tunnel studies are often performed to
predict more accurately the wind loads. WTC-1 and WTC-2 were among the
first structures designed using wind tunnel studies (FEMA 2002, p. 1-15).

Model design codes do not consider loads that occur because of acts
of war or terrorism (FEMA 2002, p. 1-15). In the wake of Oklahoma City
and the September 11 incidents, these types of attacks are likely to be con-
sidered in the future for some government buildings, particularly overseas,
and other potential highly important targets.
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Fire protection is an important element of buildings codes. The first
line of defense is automatic sprinkler systems, which are effective for small
fires but less so for larger fires, such as those that engulfed WTC-1 and
WTC-2 after the aircraft impacts. The second line of defense is firefighters.
The effectiveness of firefighting efforts is reduced if fires are high up in the
building or if elevators are damaged. The final defense is the inherent fire
resistance of the building materials themselves. In particular, the fire resis-
tance of the structural steel is important for preventing collapse during fire.
All of these defenses were overwhelmed by the scale of the attack on WTC-1
and WTC-2 (FEMA 2002, p. 1-16).

In WTC-1, a spray-applied fireproofing product containing asbes-
tos had been used up to the 39th floor. The asbestos was later replaced or
encapsulated. On the other floors of WTC-1 and throughout WTC-2, an
asbestos-free mineral fiber spray product was used. The initial thickness was
19 mm (3% in.), which was scheduled for upgrade starting in the mid-1990s
to 38 mm (1% in.) as individual floors became vacant. However, at the
time of the incident, only 31 floors had been upgraded. Spandrels and gird-
ers were specified to have a three-hour fire protection rating, and stair and
elevator shafts and stairwells a two-hour rating. The towers had originally
been built without sprinkler systems, which were installed starting in 1990.
Tanks on the 41st, 75th, and 110th floor provided water into the standpipe
system (FEMA 2002, pp. 2-12-2-13).

The towers had actually been designed for an aircraft impact.

The WTC towers were the first structures outside of the military and
the nuclear industries whose design considered the impact of a jet air-
liner, the Boeing 707. It was assumed in the 1960s design analysis for
the WTC towers that an aircraft, lost in the fog and seeking to land at
a nearby airport, like the B-25 Mitchell bomber that struck the Empire
State Building on July 28, 1945, might strike a WTC tower while low
on fuel and at landing speeds. However, in the September 11 events, the
Boeing 767-200ER aircraft that hit both towers were considerably larger
with significantly higher weight, or mass, and traveling at substantially
higher speeds. The Boeing 707 that was considered in the design of the
towers was estimated to have a gross weight of [1.16 MN/119 Mg]|
263,000 pounds and a flight speed of [290 km/h] 180 mph [mi/h] as it
approached an airport; the Boeing 767-200ER aircraft that were used to
attack the towers had an estimated gross weight of [1.22 MN/124 Mg]
274,000 pounds and flight speeds of [756 to 950 km/h] 470 to 590 mph
on impact. (FEMA 2002, p. 1-17)
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The kinetic energy that is transferred to the structure on impact is
Y mv?*. With the small increase in mass and considerable increase in veloc-
ity, the kinetic energy of the Boeing 767-200ER aircraft was 7 to 11 times
that assumed in the design for a slow-moving Boeing 707. Calculations of
impact forces are discussed in Chapter 2.

A deep foundation extended under WTC-1 and WTC-2 and the rest
of the WTC plaza. The western part, under the towers, was 21 m (70 ft)
deep with six underground levels. It was surrounded by a slurry wall,
which formed a bathtub to keep water from the Hudson River out. The
slurry wall was stabilized by tieback anchors. The subterranean floor
slabs provided lateral support to the bathtub structure (FEMA 2002,
pp. 2-10-2-11).

The Attack
The FEMA report describes the attack:

On the morning of September 11, 2001, two hijacked commercial jet-
liners were deliberately flown into the WTC towers. The first plane,
American Airlines Flight 11 ... crashed into the north face of the
north tower (WTC 1) at 8:46 aA.M. The second plane, United Airlines
Flight 175 . . . crashed into the south face of the south tower (WTC 2)
at 9:03 a.m. (FEMA 2002, p. 1-4)

The north tower was hit by a jetliner traveling at approximately 756 km/h
(470 mi/h) between floors 94 and 98. The impact caused a huge fireball,
spreading jet fuel and igniting fires over several floors. The north tower
burned until it collapsed at 10:29 A.m., or 1 hour and 43 minutes after the
impact (FEMA 2002, p. 1-4).

The south tower was hit by a jetliner traveling at approximately
950 km/h (590 mi/h) between floors 78 and 84. Thus, the impact on WTC-2
was faster and lower in the structure than that on WTC-1. The south tower
also caught fire and collapsed first, at 9:59 A.M., or 56 min after impact.
It was estimated that the complex held about 58,000 people at the time
of the collapse, and almost everyone below the impact areas was able to
escape. The total loss of life was 2,830, including 2,270 building occu-
pants, 157 in the aircraft, and 403 emergency responders (FEMA 2002,
p- 1-4).

The collapse of the two structures also severely damaged other nearby
buildings, as well as underground services and utilities. One nearby building,
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the 47-story WTC-7, caught fire and collapsed after burning for seven hours
(FEMA 2002, p. 1-8).

The FEMA Investigation and Results

The FEMA Building Performance Study (BPS) team investigation exam-
ined the evidence and sequence of events and thoroughly reviewed the struc-
tural performance of WTC-1 and WTC-2 during the event, as well as that
of other nearby buildings.

DAMAGE AND RESPONSE OF WTC-1

Each tower was subjected to three loading events: the initial aircraft
impact, the simultaneous ignition and growth of fires over several floors of
the building, and, finally, a progressive sequence of failures leading to total
collapse. The impact to WTC-1 broke loose at least five of the three-column
assemblies. An estimated 31-36 columns were destroyed over four stories
of the building. It also appears clear that the building core experienced sig-
nificant but undetermined damage. Some aircraft debris passed completely
through the structure (FEMA 2002, pp. 2-15-2-16).

Because of the structure’s high degree of redundancy, the area of imme-
diate collapse was limited to the general area of the impact. The loads previ-
ously carried by the destroyed columns were transferred to alternate load
paths, through the Vierendeel truss. The most heavily loaded columns were
probably near, but not over, their ultimate capacities. The inherent robust-
ness of the structural system allowed it to remain standing for 1 hour and
43 minutes after the impact (FEMA 2002, pp. 2-16-2-21).

The fires, however, would prove fatal. Each of the aircraft contained
approximately 38,000 L (10,000 gal) of jet fuel at the time of impact. Some
of the fuel was consumed in a huge fireball on impact, and some remained
within the building to fuel the fires. Damage from the impact created openings
that provided oxygen for the fires. The impact probably also damaged and
disrupted sprinkler and fire standpipe systems. At any rate, so many sprin-
klers were opened by the fires that the system would have quickly depressur-
ized and become ineffective (FEMA 2002, pp. 2-21-2-23).

The fires imposed structural effects on the damaged building. It is
likely that the impact knocked off and damaged some of the insulation pro-
tecting the structural steel. As mentioned earlier, some columns were heavily
loaded because of the redistribution of forces after the impact. Also, some of
the floor framing beneath the partially collapsed area was probably carrying
considerable additional weight from the debris (FEMA 2002, p. 2-24).
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The specific chain of events leading to the structural collapse will prob-
ably never be known, but certain structural effects of fire are likely to have
played a part:

o As the floor framing and slabs were heated, they expanded. This
effect alone may have caused some structural members or connec-
tions to fail.

o With increasing temperature, the floor and slab assemblies became
less stiff and sagged into catenary action. Loading from debris would
have increased the forces caused by sagging. The sagging imposed ten-
sile forces on horizontal framing and floor elements, possibly causing
end connections to fail. Because the floor and slab assemblies braced
the exterior columns, as these connections failed, the unbraced length
of the columns would have increased and their buckling loads would
have decreased substantially.

o As the temperature of steel increases, its yield strength and modulus
of elasticity decrease. Therefore, the elastic and inelastic buckling
strength is decreased (FEMA 2002, pp. 2-24-2-25).

The final structural collapse was rapid. Although much of the debris
stayed within the building footprint, some was scattered as far as 120-150 m
(400-500 ft) from the tower base and heavily damaged some adjacent struc-
tures (FEMA 2002, p. 2-27).

DAMAGE AND RESPONSE OF WTC-2

WTC-2 was subjected to the same loading events as WTC-1, but it
collapsed more quickly. At the location of impact, six three-column assem-
blies were broken loose. An estimated 27-32 columns were destroyed over
five stories of the building on the south building face, with more perhaps at
the southeast corner as well. As with WTC-1, some aircraft debris passed
completely through the structure, and the building core may also have been
badly damaged. The building stood for 56 minutes after the impact (FEMA
2002, pp. 2-27-2-31).

There were, however, important differences between the aircraft
impacts on WTC-2 and WTC-1. The higher speed of the aircraft hitting
WTC-2 imposed about 60% more energy to the structure, which would
have resulted in more severe damage. Also, the area of impact was closer to
the corner of the building, and thus damaged two adjacent faces. In addi-
tion, the impact on WTC-2 was about 20 stories lower than that on WTC-1,
so the columns were carrying substantially higher gravity loads. As a result,
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the overall structural effect of the impact on WTC-2 was more severe (FEMA
2002, pp. 2-31-2-32).

Before the impact, the outer columns of WTC-2 were estimated to be
loaded to 20% of capacity because of gravity loads, and the interior columns
to 60%. Wind and deflection were the design considerations for the outer
structural frame, not gravity loads. After impact, fires spread through WTC-2
in a similar manner to those in WTC-1 (FEMA 2002, pp. 2-33-2-34).

DAMAGE TO SUBSTRUCTURE

With the collapse of the two buildings, almost 600,000 tonnes (600,000
tons) of debris fell. The impact punched through the plaza and several of the
six levels of substructure, which was partially filled with debris. The damage
degraded the support provided to the slurry wall bathtub by the floor slabs.
A significant engineering effort proved necessary to tie back and stabilize the
wall during debris removal (FEMA 2002, pp. 2-35-2-36).

Overall FEMA Study Findings

The FEMA report assessed overall performance:

The structural damage sustained by each of the two buildings as a result
of the terrorist attacks was massive. The fact that the structures were
able to sustain this level of damage and remain standing for an extended
period of time is remarkable, and is the reason that most building occu-
pants were able to evacuate safely. Events of this type, resulting in such
substantial damage, are generally not considered in building design, and
the ability of these structures to successfully withstand such damage is
noteworthy. (FEMA 2002, p. 2-36)

Although the buildings withstood the initial attack, they were not able
to withstand the severe structural effects caused by the fire loading. The
burning fuel was not enough by itself to cause the buildings to collapse, but
this fire ignited the building contents. The burning building contents, over
time, combined with the structural damage to cause the collapses (FEMA
2002, pp. 2-36-2-37).

Some features of the building design helped the buildings stand long
enough and aided the evacuation of most of the inhabitants. These features
were the overall robustness and redundancy of the steel frames; the provi-
sion of adequate, well lighted and marked egress stairways; and prior emer-
gency exit training for the building occupants (FEMA 2002, p. 2-38).
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The FEMA BPS team identified a number of potential design features
that might have improved building performance if they had been used.
These features were:

o the type of steel floor truss system used in the two buildings and the
system’s structural robustness compared to other floor systems,

o impact-resistant enclosures around egress stairways and paths,

« resistance of fireproofing to blast and impact, and

« the position of egress stairways in the central core, as opposed to

dispersed over the building floor plan (FEMA 2002, p. 2-38).

The FEMA BPS team was not able to determine the effect of these design
features on the collapse, and they recommended further study. They also did
not recommend any building code changes because there remains insufficient
data about specific threats to specific buildings (FEMA 2002, pp. 2-38-2-39).

Some additional studies were recommended:

e detailed modeling to evaluate the condition of the interior structure
of the towers after impact and before collapse;

o more detailed modeling of the fires within the structures;

o modeling of the complexity and redundancy of the floor framing
system, as well as the connections to the structural frame;

o fire performance of steel trusses with sprayed-on fireproofing;

o susceptibility of spray-applied fireproofing to damage from blast
and impact; and

o whether, given the size and weight of the towers, there were feasible
design and construction features that might have been able to arrest
the damage (FEMA 2002, pp. 2-39-2-40).

Recommendations to Improve Robustness and Safety

The FEMA BPS team made some general observations, findings, and
recommendations based on the study of WTC-1 and WTC-2, as well as the
other nearby structures:

e Structural framing systems need redundancy and/or robustness, so
that alternative paths or additional capacity are available for trans-
mitting loads when building damage occurs.

* Fireproofing needs to adhere under impact and fire conditions that
deform steel members, so that the coatings remain on the steel and
provide the intended protection.
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e Connection performance under impact loads and during fire loads
needs to be analytically understood and quantified for improved design
capabilities and performance as critical components in structural
frames.

¢ Fire protection ratings that include the use of sprinklers in buildings
require a reliable and redundant water supply. If the water supply is
interrupted, the assumed fire protection is greatly reduced.

* Egress systems currently in use should be evaluated for redundancy
and robustness in providing egress when building damage occurs,
including the issues of transfer floors, stair spacing and locations,
and stairwell enclosure impact resistance.

e Fire protection ratings and safety factors for structural transfer sys-
tems should be evaluated for their adequacy relative to the role of
transfer systems in building stability. (FEMA 2002, pp. 8-1-8-2)

Essential Reading

The Federal Emergency Management Agency published World Trade
Center Building Performance Study: Data Collection, Preliminary Observa-
tions, and Recommendations, FEMA report No. 403 (FEMA 2002). This
report is available online in PDF format at http://www.fema.gov/rebuild/mat/
wtestudy.shtm. In addition to providing a thorough discussion of WTC-1
and WTC-2, the report also discusses the performance of the other nearby
buildings, such as WTC-7. Free printed copies of FEMA reports may be
obtained directly from FEMA at www.fema.gov.

Pittsburgh Convention Center
Expansion Joint Failure

Joints and connections are often weak points in structures. They have to
fulfill the competing needs of allowing movement and preventing stress
buildup and, on the other hand, of transferring loads.

The David L. Lawrence Convention Center

The David L. Lawrence Convention Center in downtown Pittsburgh
was built between 2000 and 2003 for the Sports & Exhibition Authority of
Pittsburgh and Allegheny County, or SEA. It is a four-level structure, roughly
265 X 174 m (870 X 570 ft) in plan. An expansion joint along column line
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X9, roughly 146 m (480 ft) from the west end, splits the center approximately
in two. The connections of the expansion joint are exposed to ambient tem-
peratures (WJE 2008).

Collapse

At about 1:30 .M. on Monday, February 5, 2007, a tractor-trailer
was parked on the second-floor loading dock of the convention center. The
trailer had just hitched its bumper to the loading dock. Under the weight, a
6.1 X 18 m (20 X 60 ft) section of concrete slab and the steel beam support-
ing it collapsed. There were, fortunately, no injuries. The ambient tempera-
ture at the time was about —19 to —14 °C (=3 to —7 °F). Problems with
18 misaligned portions of the column foundations had halted construction
work in November 2001, and the collapse had occurred in the vicinity of the
shifted columns. Work was resumed once repairs had been made to some
precast concrete beams. The $370 million building opened in 2003. The
collapse led to the cancellation of the Pittsburgh International Auto Show
(Ritchie and Houser 2007, WJE 2008).

At the time, a reporter for the Pittsburgh Tribune-Review, Mark
Houser, called me and sent me a picture of the collapse and asked for com-
ment. From the photo, it was difficult to attempt to figure out what was
going on. He noted, however, that the failure had occurred at an expansion
joint. Because it had been a cold day, it was possible that the expansion joint
detail had played a role. In the newspaper article, I observed,

If you have a bolt holding something on, and it contracts due to cold
... then you come along and load it up, the combination of the two
may be enough to cause a failure where neither one by itself would. . . .
An expansion joint will be open the most when it’s coldest. The more
an expansion joint opens up, the harder it’s going to be to hold up
the gravity load. And at some point, if an expansion joint opens up
too much, it may actually slip off (its support). (Ritchie and Houser
2007)

It was, of course, a somewhat wild but educated guess based on limited
information. However, the investigation determined that the expansion joint
was in fact the culprit.

Investigations

Several independent investigations were carried out. The owner hired
the Wiss, Janney, Elstner Associates Cleveland office and Leslie E. Robertson
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Associates, and the architect hired Thornton Tomasetti. A follow-up story
was printed in the Pittsburgh Tribune-Review after the investigators briefed
the public on their initial findings. It was disclosed that a beam had failed
at a similar connection in 20035, causing the beam to drop 64 mm (2% in.)
before it was stopped by a column, but the earlier collapse had not been
disclosed to city and county officials. Another failure had occurred in Feb-
ruary 2002 during construction. In the 2002 collapse, an ironworker was
killed when incorrect nuts were used to connect some of the steel structural
elements (Houser and Ritchie 2007). The failed expansion joint detail is
shown in Fig. 6-10.

The expansion joint essentially divided the building into two large sec-
tions. Twenty-five slotted expansion joint connections were provided along
the expansion joint.

Greg Luth, who wrote an award-winning paper on the Hyatt Regency
collapse (Luth 2000), discussed the connection with the Pittsburgh Tribune-
Review and called it “structurally unreliable.”

History of troubles

The floor collapse is the third problem
to occur along the convention center's
expansion joint. The joint allows the
building to in cold b

Location of
caisson shift
from 2001
failed
connection
fram 2005

How an expansion joint works

As the temperature outside 25 connections like the
fluctuaus, an expansion Location of failed one that failed will be
joint allows floor beams to conneckion replaced along the

expand and contract. expansion ja'r\_t. Four

were replaced in 2005,

Cold-weather contraction

David L. Lawrence
Convention Center

2nd floor plan
New expansion joint assembly

Location of Location of
failed beam fallen slab

How the expansion joint failed
Instead of sliding, the bolts stuck
in the expansion joint assembly,
ripping the connection free.

The beam now

restson a
Teflon-coated seat
so it can slide.

Figure 6-10. Pittsburgh Convention Center expansion joint detail.
Courtesy Pittsburgh Tribune-Review.
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“I’ve never talked to a structural engineer that thought this was a
reliable way to do an expansion joint,” said Gregory Luth, whose
Santa Clara, Calif., firm designed a casino and racetrack out-
side Harrisburg and a Disneyland hotel. Luth was not involved in
the inspection at the convention center, but reviewed diagrams of
the connection provided by engineers. “In my opinion, this would
not be first-class engineering,” he said. . .. “I’ve only seen the slot-
ted hole connection used one other place in an expansion joint in
30 years of doing engineering. And it fell in that place, as well,” Luth
said. That was at a Hyatt Regency hotel in Kansas City, in 1979.
(Houser and Ritchie 2007)

This was the atrium partial collapse that occurred just before opening and
almost two years before the walkway collapse.

The WJE investigation addressed issues with design, materials, fab-
rication, and construction. The main design issue was that the slotted hole
expansion joint was almost guaranteed to fail because of significant friction
and insufficient room for thermal contraction. Also, the design drawings did
not prohibit bolt threads on the bearing surface, which increased friction
further. Other design errors did not contribute significantly to the collapse;
these errors included inadequate length of the slot and no limitation on bolt
torque (WJE 2008).

Materialsand fabricationissues included steel with too high a strength—
ASTM A 992, not A 36. This high strength kept the angles from bending
and caused them instead to tear away at the weld. Other problems were
bolt threads bearing on the slot surface and slots fabricated with a bump
in the middle. There was little evidence of the bolts actually sliding within
the slot; instead, the threads seem to have worn away at the same spot.
Washer plates were added, although they were not shown on the drawings
(WJE 2008).

The construction issues included the use of the wrong type of steel
angles, with high-strength steel. A drift pin was lodged tightly into one of
the boltholes, helping to lock the connection. Other construction errors that
did not contribute significantly to the collapse were a missing bolt and the
torque of the bolts (WJE 2008).

Expansion Joint Detailing and Forces

The amount of displacement caused by temperature change & is

dr = a(AT)L (6-1)
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where o = the coefficient of thermal expansion, AT = the change in tem-
perature, and L is the length of the element. The amount of displacement
d caused by load is

3:2 (6-2)
AE

where P = force, A = cross-sectional area, and E = modulus of elasticity.
Therefore, if thermal deformation is restrained, the force built up in
the element is

P = o(AT)AE (6-3)

WIJE estimated the amount of free movement required at the expan-
sion joint as 41 mm (1.6 in.), based on a thermal coefficient for steel of
0.00001 mm/mm/°C (0.000006 in./in./°F), a temperature change of 28 °C
(50 °F), and L equal to half the length of the building: 133 m (435 ft or
5,220 in.). The WJE finite element analysis estimated that the distortion of
the ASTM A 992 high-strength angles imposed a force of 630 kN (140,000 Ib)
of tension at the connection welds, with approximately 8 mm (0.3 in.) of
displacement. With lower strength A 36 steel, the force on the welds would
have been reduced by 40%.

There are two obvious problems with a slotted hole expansion joint
of this type. The first is that the slots must be long enough, and the bolt
must be centered, so that the bolt can move freely back and forth in the slot
without bearing against either edge. If the beam contracts and the bolt bears
against the edge of the slot, the connection is locked and will behave as a
fixed connection and pull apart when any additional contraction occurs.
The second problem is that the bolts must be loose enough to keep from
locking the joint. If the bolts are tightened, which can easily happen during
construction, the joint won’t work. Corrosion, paint, and debris can also
lock the joint. For this particular type of joint to work, it must be built and
maintained perfectly, and that may not happen in the field.

During cold weather contraction, as shown in Fig. 6-10, the beam
pulls away from the connection. The two slotted angles were welded only at
the outer edges, which made them weak in tension. When they pulled free,
the connection failed.

A more reliable detail for this type of connection is a low-friction sup-
porting bracket. To retrofit the connections at the convention center, the
bolts were removed and Teflon-coated supporting seats were added. This
detail was designed by Thornton Tomasetti and is shown in Fig. 6-10.
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The failed expansion joint did not conform to the American Institute
for Steel Construction (AISC) Manual of Steel Construction (1998). Charles
Carter, an AISC engineer, observed that the manual recommends two ways
to build an expansion joint. One way is to provide a double line of struc-
tural columns, one on each side of the joint, and in essence create two build-
ings that can move independently. The other is a low-friction sliding connec-
tion, such as the shelf support connection developed for the retrofit. Carter
noted that the original detail, with the sliding steel bolts, would create a
lot of friction and would probably not be an effective joint. The manual’s
recommendations are not mandatory but are considered good practice. The
recommended retrofit of the 25 expansion joint connections was estimated
to cost $350,000 (Houser 2007).

Reading and Follow-Up

This partial collapse was, on the whole, a relatively minor and local
case. However, it illustrates the principle that many useful failure and near-
failure case studies can be found in the newspaper every year. This expan-
sion joint failure occurred near the start of a course on strength of materials
that T was teaching, and the newspaper article handouts provided useful
material for classroom discussions. A recent connection failure is of more
direct interest to students than the case of the Hyatt Regency walkways,
which is now approaching three decades old.

The Wiss, Janney, Elstner Associates, Inc., final report can be found online
at http://www.pgh-sea.com/images/DLLCCCollapseFinalReportFeb%2008.pdf.

Minneapolis 1-35W Bridge Collapse

On August 1, 2007, an eight-lane, three-span section of the I-35W Bridge
across the Mississippi River in downtown Minneapolis collapsed at approx-
imately 6:00 r.m. It was crowded with rush hour traffic. The final death toll
was 13. The bridge was the main north—south route through the city. Figure
6-11 shows the bridge before the collapse. Eyewitness reports suggested that
a span at the south end collapsed first and that the failure propagated across
the bridge to the other two spans in turn.

Much of the wreckage remained above the water, but about 50 vehicles
with their occupants went into the river. At the time, repairs were being made
to the bridge deck, guardrails, and lights. Figure 6-12 shows the wreckage of
the collapsed bridge.
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Figure 6-11. Minneapolis I-35W Bridge before the collapse.

Source: National Transportation Safety Board.

The Bridge

The total length of the three spans was approximately 300 m (1,000 ft),
and the bridge deck was about 18 m (60 ft) above the river. The bridge had
been built in 1967 and was about 40 years old. There are approximately
466 bridges of similar design in the United States.

The total length of all 14 spans of the bridge was 581 m (1,900 ft).
The 11 north and south approach spans were a combination of steel multi-
beam and concrete slab simple spans. The three main continuous spans over
the Mississippi River consisted of a pair of steel deck trusses, each with
two 80.8-m (265-ft) approach spans and a 139-m (456-ft) central span.
The two main trusses also had 11.6-m (38-ft) cantilever spans at the north
and south end, with 27 perpendicular floor trusses spaced at 11.6 m (38 ft).
These floor trusses cantilevered out past the main trusses approximately 5 m
(16 ft). Truss member connections included both rivets and bolts and had
numerous poor welding details (classified as Category D or E). Some cor-
rosion of the connections had been noted on inspection reports. The entire
deck truss was supported on four piers, three with rollers and one with a
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Figure 6-12. Wreckage of the collapsed Minneapolis I-35W Bridge.

Source: National Transportation Safety Board.

fixed connection. The bridge deck was 32.9 m (108 ft) wide from gutter to
gutter (O’Connell et al. 2001, pp. 25-26).

This bridge was the subject of a research project on fatigue evaluation
completed in 2001. The report’s executive summary noted,

The approach spans have exhibited several fatigue problems, primarily
due to unanticipated out-of-plane distortion of the girders. Although
fatigue cracking has not occurred in the deck truss, it has many poor
fatigue details on the main truss and floor truss systems. Concern
about fatigue cracking in the deck truss is heightened by a lack of
redundancy in the main truss system. The detailed fatigue assessment
in this report shows that fatigue cracking of the deck truss is not likely.
Therefore, replacement of this bridge . . . may be deferred. (O’Connell
et al. 2001, p. xi)

One of the authors of the report, the late Robert Dexter of the University of
Minnesota, was a well-known expert in the field of fatigue of steel structures.

The report also noted that cracks had been discovered before the col-
lapse (O’Connell et al. 2001, pp. 28-29).
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Other cracks were found and repaired with similar retrofits. These cracks
considerably reduced stress ranges, which should have reduced the prob-
ability of further fatigue cracking.

The bridge was reportedly rated “structurally deficient” in 2005, with
a rating of 50 out of 100 for structural stability. This is not particularly
uncommon. About one in eight U.S. bridges are considered structurally defi-
cient. As a whole, the bridge was structurally nonredundant.

The NTSB Investigation

The National Transportation Safety Board (NTSB) immediately began
an investigation, as with most bridge collapses. The investigation team
arrived the day after the collapse.

At first glance, this collapse seemed to share some parallels with the
Point Pleasant Bridge collapse of 1967 (discussed in Chapter 3) and the
Mianus River Bridge failure of 1983 (reviewed earlier in this chapter). As
with the Point Pleasant Bridge, the Minneapolis bridge was 40 years old and
collapsed during rush hour with many vehicles on the span. In fact, the Min-
neapolis bridge was completed just a few months before the Point Pleasant
Bridge failure. Both the Point Pleasant and the Minneapolis I-35W Bridge
had three spans that all fell together.

As of summer 2008, the cause of the I-35W Bridge collapse remains
under investigation, and the final reports have yet to be written. However,
considerable work has been done, and a critical design flaw that may well
have been the cause of the collapse has been identified. The U10 and L11
gusset plates, shown in Fig. 6-13, were only about 13 mm (%2 in.) thick when
they should have been 25 mm (1 in.) thick.

At the time of the collapse, the contractor working on the bridge had
stockpiled aggregates and heavy construction equipment on the site. Care-
ful reconstruction of the traffic and other loading by the Federal Highway
Administration (FHWA) and others has found that the U10 and L11 gusset
plates were considerably overstressed at the time of the collapse (Holt and
Hartmann 2008).

Discussion

All states owning similar bridges have been encouraged to review them
for similar flaws. Two bridges of this type are along Interstate 90 in north-
east Ohio, and I have driven over them many times. At this point, the gusset
plate design error seems to have been isolated to the I-35W Bridge.
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Figure 6-13. Minneapolis I-35W Bridge U10 and L11 gusset plates.

Source: National Transportation Safety Board.

This sort of design defect would not be noted during routine bridge
inspections because the inspectors would merely note the condition of the
gusset plate. They would not have the documents or the time to check its
adequacy. In this respect, then, one final similarity to the Point Pleasant
Bridge collapse remains: a hidden flaw, not detectable to normal inspection
procedures, that can lie dormant for 40 years and then bring a structure
crashing down.

Further Reading

The NTSB has posted the Holt and Hartmann (2008) report and other
reports, illustrations, and documents on a website at http://www.ntsb.gov/
dockets/Highway/HWY07MHO024/default.htm.

Other Cases

Dee Bridge

Beams can fail through lateral-torsional buckling, as well as by bend-
ing. An early failure of this type was the cast iron Dee Bridge in 1847,
designed by Robert Stephenson, one of the most famous early British engi-
neers. This collapse is described by Petroski (1994, pp. 83-93).

Because cast iron is weaker in tension than in compression, the tension
flanges of girders were larger than compression flanges by a ratio of 16:3,
following the ratio of material strengths. The Dee Bridge had a relatively
long simple span for the day of roughly 29 m (95 ft). The girder cross sec-
tion is shown in Fig. 6-14. The bridge was also designed with a relatively
low factor of safety of 1.5.
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Figure 6-14. The Dee Bridge girders (1 in. = 25.4 mm).
Source: Petroski (1994), courtesy Cambridge University Press.

To strengthen the bridge, an inverted arch of wrought iron tension
bars was used to truss the girder. This arch added compressive stress to the
span. Two girders supported wooden decking, ballast, and rails from their
bottom flanges. The top flanges were not braced.

The bridge was completed in September 1846. In May 1847, 125 mm
(5 in.) of ballast was added on top of the wooden decking, in part to reduce
the risk of fire from the sparks of the locomotives. When the first train
crossed the bridge after the installation of the ballast, the bridge sank beneath
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it. The locomotive reached safety, but five cars fell into the river. Five people
were killed, and 18 were injured.

“The most likely cause of failure was a torsional buckling instabil-
ity to which the bridge girders were predisposed by the compressive loads
introduced by the eccentric diagonal tie rods on the girder” (Petroski 1994,
p. 90). In effect, the top flange of the girder became a column under the
compressive force and buckled out of plane, causing the collapse.

The lengthening of cast iron spans caused the governing mode of fail-
ure to change from bending to lateral-torsional buckling.

The Dee Bridge failed because torsional instability was a failure mode
safely ignored in shorter, stubbier girders whose tie rods exerted insuf-
ficient tension to induce the instability that would become predominant
in longer, slenderer girders prestressed to a considerable compression by
the trussing action of the tie rods. (Petroski 1994, p. 95)

Subsequently, Stephenson pointed out the need to study failures to learn
from them.

Lateral-torsional buckling remains an important failure mode for
steel beams, unless the top flanges are braced. The problem is generally less
severe than it was with iron because steel is equally strong in tension and in
compression, and thus top and bottom flanges are of equal size. This type of
buckling, however, remains an important limit state that must be checked.

Quebec Bridge

The 1907 collapse of the Quebec Bridge remains a landmark in the
development of steel design and construction. The full case study is pre-
sented in Chapter 3. To some extent, the lessons of the Quebec Bridge col-
lapse are similar to those of the Hartford Civic Center failure, which is
discussed earlier in this chapter.

A number of elements of the Quebec Bridge collapse are relevant to a
course in the design of steel structures. These include the following:

o Determination of loads: The dead loads turned out to be consider-
ably higher than the design assumptions.

e Structural ductility and redundancy: Overall, structures should be
designed to provide warning of impending failure and to provide
for load redistribution in the event of a member failure.

o Buckling of columns and bars: The buckling strength of compres-
sion elements depends on the slenderness ratio. Cooper’s allowable
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buckling stress, as a function of slenderness ratio, was higher than
that allowed by the contemporary AISC (2005) specification, with
newer and better steel.

e Analysis and design of built-up members: This point follows from
the previous discussion of buckling of columns and bars. Many
existing steel bridges use built-up members, and engineers involved
in assessing and rehabilitating such structures need to know how to
evaluate member capacity and likely failure modes.

o Importance of structural deformation: If deformations exceed pre-
dictions, the cause for the excessive deformations should be deter-
mined. This is a clear warning that something is wrong.

Point Pleasant Bridge Collapse

The Point Pleasant Bridge collapse of 1967 illustrated the importance
of structural redundancy and ductility, as well as the design of steel struc-
tures for fatigue loading. The full case study is presented in Chapter 3. One
fact relevant to steel design that was not discussed in detail is the lower
ductility and fatigue resistance of high-strength steel. High-strength steel
can be used successfully for structures, but there is a need to take special
precautions against fatigue failure. Connections and details that are suscep-
tible to fatigue failure should be avoided for bridges whenever possible.

Hyatt Regency Walkway

The immediate cause of the 1981 Kansas City Hyatt Regency walk-
way collapse was the failure of a hanger rod to box beam connection. The
full case study is discussed in Chapter 2. The actual failure mechanism was
a failure of the material between the nut attached to the hanger rod and the
box beam. The poor quality of the box beam welded connection, without
stiffeners, substantially reduced the bearing capacity of the beam. It would
be difficult to provide a proper weld to connect the two channels for this
type of box beam.

The connection had an unacceptably low factor of safety. One of the
possible design alternatives, suggested after the fact, was the use of a bearing
plate to distribute the bearing stress against the box beam. This is, of course,
a gross oversimplification of the case study, and the reader is encouraged to
review the complete narrative. This critical connection was never designed,
so the bearing stress was never considered. The ethical implications of this
case are also important.
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L’Ambiance Plaza Collapse

[’Ambiance Plaza, discussed in detail in Chapter 4, was a lift-slab proj-
ect that collapsed during construction, killing 28 workers. Lift-slab construc-
tion uses long steel columns, supported on footings, which experience their
heaviest loads during the lift-slab jacking operations. Individual columns
may buckle (in nonsway mode), or the structure as a whole may buckle in
sway mode. Overall sway buckling is one theory offered for the collapse.

Analysis of the overall structure is complicated by several factors. The
columns approximate a fixed-free condition, with an effective length factor
(K) of 2, but the footings allow some rotation. Therefore, the K factor may
exceed 2. A procedure for determining the K factor is provided by Zallen
and Peraza (2004, pp. 39-51).

The slab shear heads do not provide a moment connection, unless, as
at the Cleveland Pigeonhole Parking garage, the building sways 2.1 m (7 ft)
out of plumb and the shear heads jam against the columns (which may be
too late to be helpful). Therefore, the building must be stabilized during
construction by shear walls, cross bracing, k bracing, or a combination of
bracing systems. Unfortunately, the bracing systems cannot be installed until
the slab packages have been lifted past their attachment points, and the
heavy slab packages high on the columns contribute to instability.

Agricultural Product Warehouse Failures

Structural damage to two agricultural product warehouses is examined
in a case study discussed in Chapter 4. Some of the structural members of the
warehouses were hot-rolled steel, and some were cold-formed steel. The base
plates at the bottom of the hot-rolled steel frames and columns transmitted
a moment to the unreinforced concrete foundation, causing severe cracking.
The load of the stored cottonseed, which provided lateral pressures against
the warehouse walls, was not properly addressed in the design.

Citicorp Tower

The Citicorp Tower, which averted collapse, is discussed in Chapter
10. The diagonal brace member connections were designed for net com-
pression forces only, not to develop the full strength of the members. This
deficiency turned out to be a potentially fatal design flaw, and it required an
expensive retrofit of the connections.
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Soil Mechanics,
Geotechnical
Engineering, and
Foundations

GEOTECHNICAL ENGINEERING IS A SUBDISCIPLINE OF CIVIL
engineering that has important implications for structures,
pavements, dams, and other facilities, pretty much any facil-
ity that sits on the earth. Much of an introductory geotech-
nical engineering course relies on concepts from strength of
materials, such as stress resultants and Mohr’s circle. Inter-
actions between soil and water are also important.
Current geotechnical engineering relies in large part
on failure analysis. By definition, subsurface conditions have
a high level of uncertainty. Morley (1996) notes that the
study of cases such as the Leaning Tower of Pisa and the
Transcona Grain Elevator helped change the model of geo-
technical and foundation failures as “acts of God” and to
instead put the discipline on a sound theoretical footing.
Morley further states that for the Transcona Grain
Elevator, as well as for the Leaning Tower of Pisa,

A large amount of data was known about the struc-
ture and the soil, making failure analysis a realistic
endeavor. Failures such as these pose a number of
questions for theorists and practitioners. How did
the failure happen? What does the failure reveal
about materials’ performance, construction pro-
cess, and especially in these cases, site conditions?
Could existing theory have predicted the failure?

221
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How useful is this theory for analyzing and understanding the fail-
ure? How does the failure reveal the imperfection of existing factual
knowledge and the weaknesses of theoretical assumptions? Does the
failure present an opportunity to verify or check new theoretical state-
ments? How can the failure be corrected or future failures avoided?
... A subsequent failure must . . . be analyzed in terms of the theoreti-
cal assumptions, tests conducted, and the initial design concept. The
results of this analysis may, in turn, call for modifications in assump-
tions, in the choice of tests or interpretation of results, or in the design
concept. (1996, pp. 27-28)

These thought processes, of course, are useful in all fields of engineering. All
fields of engineering are subject to similar unknowns and uncertainties.

Dam case studies cross the disciplines of geotechnical engineering,
hydraulic and water resources engineering, and structural and materials
engineering. Therefore, some of the case studies in Chapter 8 will also be of
interest for geotechnical engineering students and courses.

Dams are often designed and built to hold water resources and pro-
duce electrical power. However, dam failures may be triggered by deficien-
cies in soil used to build earthen dams, or soil and rock supporting concrete
dams. The geotechnical conditions under and around the dam and reservoir
should be thoroughly investigated. Even a difficult to identify thin clay seam
may lead to a dam failure, as at the Vaiont and Malpasset dams in Europe.

Throughout history, dams have failed and lives have been lost. Levy
and Salvadori (1992) point out that a dam failure in Grenoble, France, was
recorded as early as 1219. For dams built in the United States before 1959,
on the average 1 in 50 failed.

Levy and Salvadori (1992) describe the failures of the South Fork
Dam, which led to the Johnstown Flood, and the Malpasset Dam in detail.
The failure of the South Fork Dam on May 31, 1889, released a wall of
water 12 m (40 ft) high traveling at 32 km/h (20 mi/h) that killed almost
3,000 people in Johnstown, Pennsylvania, and other towns. More recently,
the Malpasset concrete arch dam in France failed on December 2, 1959,
when the abutment shifted because of a weak seam in the rock. Almost 400
people lost their lives (Levy and Salvadori 1992). Dam failures stand as a
warning against overconfidence and hubris. “As every dam engineer knows,
water also has one job, and that is to get past anything in its way” (Macau-
ley 2000, p. 93).

Popescu and Popescu discussed using two library research assignments
in an undergraduate geotechnical engineering course. In the first assign-
ment, students discuss a prominent personality in geotechnical engineering.
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The second assignment is to report on a failure case history. “The list of
proposed case histories includes:

e Pisa Tower;

o Lower San Fernando Dam failure;

e Carsington Dam failure;

o Kettleman Hills Waste Landfill slope failure;

e Desert View Drive Embankment failure;

o La Conchita slide;

o Landslide Dam on the Saddle River (Alberta);

o Transcona Grain Elevator failure;

o Buffalo Creek Disaster, West Virginia; and

e Vaiont Dam Landslide, Italy” (Popescu and Popescu 2003, p. 43).

Teton Dam

Some of the factors influencing dam safety and performance can be reviewed
through the case of the Teton Dam. The failure of the Teton Dam in eastern
Idaho during initial filling of the reservoir on June 5, 1976, killed 14 people
and caused hundreds of millions of dollars in property damage downstream.
A thorough investigation identified the causes of the failure and suggested
improvements for the design and construction of earthen dams.

Design and Construction

The Teton Dam was situated on the Teton River, 5 km (3 mi) northeast
of Newdale, Idaho. It was designed to provide recreation, flood control,
power generation, and irrigation for more than 40,000 hectares (100,000
acres) of farmland. The Office of Design and Construction of the U.S. Bureau
of Reclamation (USBR), at the Denver Federal Center, designed the dam;
the construction contract was awarded to the team of Morrison—-Knudsen—
Kiewit in December 1971.

The preparations for this dam project had been underway for many
years. The first active site investigation in the area occurred in 1932,
Between 1946 and 1961, eight alternate sites within about 16 km (10 mi)
of the selected site were investigated. Between 1961 and 1970, approxi-
mately 100 borings were taken at the site (Independent Panel 1976).

The design of the foundation consisted of four basic elements: 21-m
(70-ft) deep, steep-sided key trenches on the abutments above the eleva-
tion of 1,550 m (5,100 ft); a cutoff trench to rock below the elevation of
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1,550 m (5,100 ft); a continuous grout curtain along the entire foundation;
and the excavation of rock under the abutments (Independent Panel 1976).
These elements for the foundation were important because the types of rock
located in this area, basalt and rhyolite, are not generally considered accept-
able for structural foundations.

The embankment itself consisted of five main zones. Zone 1 was the
impervious center core, which formed the water barrier of the dam. Zone 2
overlaid Zone 1 and extended downstream to provide a layer to control
seepage through the foundation. Zone 3 was downstream, and its main
function was to provide structural stability. Zone 4 consisted of the storage
areas downstream from the control structure and the temporary enclosures
built to permit the work to be done. Finally, Zone 5 was the rockfill in the
outer parts of the embankment (Independent Panel 1976). Some of these
features are shown in Fig. 7-1.

Construction of the dam began in February 1972. When complete,
the embankment would have a maximum height of 93 m (305 ft) above
the riverbed and would form a reservoir of 356 million m? (288,000 acre-
ft) when filled to the top. The dam was closed and began storing water on
October 3, 1975, but the river outlet works tunnel and the auxiliary outlet
works tunnel were not opened (Arthur 1977).

Because these sections were incomplete, the water was rising at a
rate of about 1 m (3 ft) per day, which was higher than the predetermined
target rate set by the U.S. Bureau of Reclamation of 0.3-0.6 m (1-2 ft) per
day for the first year. However, the increased rate was considered accept-
able by the Bureau of Reclamation as long as seepage and the water table
downstream of the dam were measured more frequently (Independent
Panel 1976).

The Failure

On June 3, 1976, several small seepages were noticed in the north
abutment wall. Pictures were taken, and these leaks were reported to the
Bureau of Reclamation. This finding led to more frequent inspections of the
dam. It was now to be inspected daily, and readings were to be taken twice
instead of once a week. On June 4, 1976, wetness was observed in the right
abutment along with small springs (Independent Panel 1976).

On June 5, 1976, the first major leak was noticed between 7:30 and
8:00 A.m. The leak was flowing at about 500-800 L/s (20-30 ft3/s) from
rock in the right abutment. By 9:00 a.m., the flow had increased to 1,100-
1,400 L/s (40-50 ft3/s), and seepage had been observed about 40 m (130 ft)
below the crest of the dam (Arthur 1977).
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At 11:00 A.M., a whirlpool was observed in the reservoir directly
upstream from the dam, and four bulldozers were sent to try to push riprap
into the sinkhole near the dam crest (Independent Panel 1976). Two of the
bulldozers were swallowed up by the rapidly expanding hole, and the oper-
ators were pulled to safety by ropes tied around their waists. Figure 7-2
shows a cross section of the dam with the approximate locations of the
seepage, the sinkhole, and a whirlpool in the reservoir noted.

Figure 7-3a shows the location of the initial leak as it expanded up the
dam. Between 11:15 and 11:30 A.M., 2 6 X 6 m (20 X 20 ft) chunk of dam fell
into the whirlpool, and within minutes the entire dam collapsed (Independent
Panel 1976). The failure sequence is illustrated in Figs. 7-3a through 7-3d.

At 10:30 A.M., dispatchers at the Fremont and Madison county sheriffs’
offices were notified that the dam was failing. An estimated 300 million m?
of water (80 billion gal) headed down the Upper Snake River Valley. The
towns in its path included Wilford, Sugar City, Rexburg, and Roberts. More
than 200 families were left homeless. The final toll was 14 killed directly or
indirectly and an estimated $400 million to $1 billion in property damage.

Investigating Panel

After the failure, the governor of Idaho and the U.S. Secretary of the
Interior selected an independent panel to review the cause of the failure.
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Figure 7-3a. Failure sequence, initial erosion.
Source: Independent Panel (1976).

Figure 7-3b. Failure sequence, seepage widens.
Source: Independent Panel (1976).
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Figure 7-3c. Failure sequence, beginning of final failure.
Source: Independent Panel (1976).

Figure 7-3d. Failure sequence, failure of dam.
Source: Independent Panel (1976).
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This independent panel was made up of prominent civil and geotechnical
engineers, including Wallace L. Chadwick, a former president of the ASCE,
and the eminent geotechnical engineers Ralph B. Peck, H. Bolton Seed, and
Arthur Casagrande. The investigators quickly developed a detailed plan,
including field excavation of the failed dam down to the grout curtain and
extensive laboratory testing. The panel began work almost immediately and
issued its report in December 1976 (Independent Panel 1976).

Panel Investigation and Results

The panel considered all possible causes of failure and tried to estab-
lish the sequence of events leading to the failure. During the investigation,
conditions favoring erosion and piping were evaluated. Levy and Salvadori
(1992, p. 162) define piping as “the development of tubular leak-causing
cavities.” In effect, a pipe forms within the earth fill and gradually enlarges
through erosion.

One of the first possible mechanisms considered was excessive settle-
ment of the structure under the weight of the structure and the water, which
would have led to cracking. It was determined that this did not contribute
to the failure because the tunnel below the spillway would also have been
cracked by the settlement. Furthermore, earthen dams are relatively flexible
and tolerant of differential settlements. The failure hypotheses eliminated
included seismic activity, reservoir leakage, and seepage around the end of
the grout curtain, as well as differential settlement.

Conditions favorable for erosion and piping existed in Zone 1 (see Fig.
7-1), where the primary materials were highly erodible silts. Wherever this
material was in contact with flowing water, it could be attacked and washed
away. This contact could have occurred in three possible ways. First, see-
page through the material could have caused backward erosion. This was
determined not to play a major role in the failure because this process occurs
slowly. Second, erosion by direct contact could have occurred where water
was in contact with open joints, and third, where there was direct contact
through cracks in the fill itself. It was determined that these last two were pos-
sible and were probably occurring simultaneously (Independent Panel 1976).

The key trench contained a grout cap, overlying a grout curtain that
was intended to stop the flow. The investigation found openings and win-
dows in the grout curtain near the failure section. The review panel also
found that the construction of the grout curtain differed from the origi-
nal design. The intended grouting procedure was to first grout the row of
holes downstream, then grout the row of holes upstream, and then grout the
center row of holes. This procedure was not followed during construction,
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and the closure between the two outer rows, the center row of grout, was
left out. Also, the spacing between the holes was not as specified, and gaps
were likely to be present (Independent Panel 1976). There was no way to
determine if the spacing had an effect on the erosion. Another effect on the
erosion was that the topography near the key trench showed that the foun-
dation was probably poorly compacted, which meant more rapid erosion
could occur (Arthur 1977).

An additional possible cause of failure that was investigated was hydrau-
lic fracturing near the leaks in the dam. Hydraulic fracturing causes cracking
when the sum of the normal and tensile stresses exceeds the pore water pres-
sure. It was determined that because of the cracks that had already existed,
the pressure beneath the key trench was less than full reservoir pressure, and
it was not possible to build up enough pressure for hydraulic fracturing. In
other words, because of the fact that the grout curtain was not fully effec-
tive, the ultimate failure was probably not caused by hydraulic fracturing.
Hydraulic fracturing, though, may have been a factor in the initial breach-
ing of the key trench fill (Independent Panel 1976).

The failure is best explained overall in the report to the U.S. Depart-
ment of the Interior as, “. .. caused not because some unforeseeable fatal
combination existed, but because (1) the many combinations of unfavorable
circumstances inherent in the situation were not visualized, and because
(2) adequate defenses against these circumstances were not included in the
design” (Independent Panel 1976, pp. 12-18).

The panel summarized its conclusions (Independent Panel 1976,
pp. Vil-ix):

1. The predesign site and geological studies were “appropriate and
extensive.”

2. The design followed well-established USBR practices but without
sufficient attention to the varied and unusual geological condi-
tions of the site.

3. The volcanic rocks of the site are “highly permeable and moder-
ately to intensely jointed.”

4. The fill soils used, “wind-deposited nonplastic to slightly plastic
clayey silts,” are highly erodible. The soil classification was ML,
low plasticity silt.

5. The construction was carried out properly and conformed to the
design, except for scheduling.

6. The rapid rate of filling of the dam did not contribute to the failure.
If the dam had been filled more slowly, “a similar failure would
have occurred at some later date.”
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7. Considerable effort was used to construct a grout curtain of high
quality, but the rock under the grout cap was not adequately
sealed. The curtain was nevertheless subject to piping; “too much
was expected of the grout curtain, and . . . the design should have
provided measures to render the inevitable leakage harmless.”

8. The dam’s geometry caused arching that reduced stresses in some
areas and increased them in others and “favored the development
of cracks that would open channels through the erodible fill.”

9. Finite element calculations suggested that hydraulic fracturing
was possible.

10. There was no evidence of differential foundation settlement con-
tributing to the failure.

11. Seismicity was not a factor.

12. There were not enough instruments in the dam to provide ade-
quate information about changing conditions of the embankment
and abutments.

13. The panel had quickly identified piping as the most probable cause
of the failure, then focused its efforts on determining how the
piping started. Two mechanisms were possible. The first was the
flow of water under highly erodible and unprotected fill through
joints in unsealed rock beneath the grout cap and thus develop-
ment of an erosion tunnel. The second was “cracking caused by
differential strains or hydraulic fracturing of the core material.”
The panel was unable to determine whether one or the other
mechanism occurred, or a combination of the two.

14. “The fundamental cause of failure may be regarded as a combina-
tion of geological factors and design decisions that, taken together,
permitted the failure to develop.”

The panel further described the geological factors as numerous open
joints in the abutment joints and scarcity of better fill material than the
highly erodible soil. The design decisions resulted in “complete depen-
dence for seepage control on a combination of deep key trenches filled with
windblown soils and a grout curtain,” a geometry of the key trench that
“encouraged arching, cracking, and hydraulic fracturing” in the backfill,
using compaction of the fill as the only protection against piping and ero-
sion, and failure to provide for the inevitable seepage (Independent Panel
1976, pp. 1x—x).

Another factor was the poor compaction of the aeolian (wind-trans-
ported) silt fill material. It was compacted at less than the optimum moisture
content. The “material, as compacted in the dam, permitted continuous
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erosion channels (pipes) to be formed in the core without any evidence of
their existence becoming visible” (Independent Panel 1976, pp. 7-14).

Technical Aspects

The failure of the Teton Dam could have been avoided. Early investiga-
tions into the geology of the site showed that the rocks in the area were almost
completely of volcanic origin. These volcanic rocks consisted of basalt and
rhyolite. In the footnotes to the geological survey of January 1971, the rhyo-
lite is defined as “lightly to locally highly fractured and jointed, relatively light
weight” (Independent Panel 1976, pp. 4-7). This state was also the condition
for other possible sites located upstream of the site where the dam was con-
structed. These materials are usually avoided because of a history of erosion
and deposition. The reason for the extensive foundation was the poor qual-
ity of the underlying material, including the grout curtain. The grout curtain
failed to do its job of preventing these materials from being washed away.

The panel noted that the design did not provide for downstream
defense against cracking or leakage and did not ensure sealing of the upper
part of the rock under the grout cap. The grout curtain was not constructed
in three rows, and the reliance on a single curtain was judged to be “unduly
optimistic.” The dam and foundation were not instrumented sufficiently to
warn of changing conditions.

Professional and Procedural Aspects

At the first sign of a problem, the people at the dam site informed the
Bureau of Reclamation. The bureau did not immediately inform the public
because they feared panic and because there were initially no signs of imminent
danger, but the public was warned about 45 min before the collapse (Arthur
1977). It was determined that the people involved acted responsibly. However,
the failure of the Teton Dam brought about changes in dam construction
and operation by the federal Bureau of Reclamation to ensure safety.

On the 25th anniversary of the disaster, Ken Pedde, the acting regional
director of the Pacific Northwest Region of the USBR, reviewed the lessons
that had been learned. Some of the changes in the process of dam design and
construction include peer review of dams, special treatment for fractured
rock foundations, and frequent site visits during construction by the design
engineer. Also, redundant measures were implemented to control seepage
and prevent piping (USBR 2001).

This failure also made federal agencies review their dam safety activi-
ties. Congress passed several acts that authorized a national dam safety pro-
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gram. These reviews and programs brought about annual dam inspections
and the installation of instruments to monitor dams. Also, the Reclamation
Safety of Dams Act of 1978 provided funds to analyze and modify existing
structures that were determined to be potentially unsafe (USBR 2001).

Educational Aspects

This case demonstrates the importance of engineering geology and
geotechnical engineering for civil engineering students. Engineering geology
is important for evaluation of the suitability of foundation and borrow or
fill materials. In this instance, both the rhyolite under the dam and the fine
aeolian silt used as a fill material were deficient. Ironically, better borrow
material was available in the valley downstream from the dam site, but the
USBR decided that using it would be environmentally disruptive. It is also
important to compact fill materials to maximum density at or near the opti-
mum moisture content. In this case, the material was too dry and was not
sufficiently compacted (Independent Panel 1976).

The static hydraulic pressure may also be determined using the height of
the dam of 93 m (305 ft) and the height of the water of 86.1 m (282.4 ft). The
pressure increased continually as the dam was filled. The static pressure at the
bottom of the reservoir was 844 kPa (122 Ib/in.2). Also, this case can be used
to review aspects of professional practice, such as the responsibility of review-
ing designs and using redundant measures to ensure the safety of the public.

From the failure of Teton Dam, many lessons were learned. One of
these lessons is that a dam site must have solid foundation material. A grout
curtain may be an effective way of dealing with this unsuitable material, but
only if there is a way to check if the grout curtain forms a solid barrier once
it is in place. Also, this failure showed that dams must be designed so that
pressure can be decreased if necessary. This option was especially important
in this case because the dam was allowed to begin filling while other parts
were still under construction.

Summary and Conclusions

The case may be best summarized in the words of the panel report,

The Panel concludes (1) that the dam failed by internal erosion (piping)
of the core of the dam deep in the right foundation key trench, with the
eroded soil particles finding exits through the channels in and along
the interface of the dam with the highly pervious abutment rock and
talus, to point at the right groin of the dam, (2) that the exit avenues
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were destroyed and removed by the outrush of reservoir water, (3) that
openings existed through inadequately sealed rock joints, and may have
developed through cracks in the core zone of the key trench, (4) that,
once started, piping progressed rapidly through the main body of the
dam and quickly led to complete failure, (5) that the design of the dam
did not adequately take into account the foundation conditions and the
characteristics of the soil used for filling the key trench, and (6) that
construction activities conformed to the actual design in all significant
aspects except scheduling. (Independent Panel 1976, pp. iii-iv)

In the design and construction of earthen dams, it is necessary to select
proper materials that are sufficiently resistant to piping and to ensure that
they are compacted to the proper density. If a grout curtain is used, it is nec-
essary to ensure that it is continuous and forms a seal with the underlying
rock. The design should incorporate adequate defense against cracking and
leakage. Finally, dams must have sufficient instrumentation to provide early
warning of piping and impending failure.

Essential Reading

The most valuable single reference on this case study is the indepen-
dent panel’s 1976 report, “Report to the U.S. Department of the Interior
and State of Idaho on Failure of Teton Dam.” The case study has also been
published by Solava and Delatte (2003).

Vaiont Dam Reservoir Slope Stability Failure

A slope stability failure is more commonly known as a landslide, particu-
larly among nonengineers. This type of failure occurs when the weight of a
soil mass overcomes the soil’s shear resistance along a failure plane. Water
within soil increases its unit weight while reducing the shear strength. As
a result, water and water pressures often play a role in triggering a slope
stability failure.

The Vaiont Dam disaster of 1963 was a classic slope stability failure.
This is also called the Vajont Dam in some references; in Italian they are
pronounced the same. Ironically, the dam itself did not fail and still stands
today. The dam is a thin concrete wedge in a narrow gorge. A vast soil mass
falling into the reservoir triggered a massive wave that blew over the dam
and destroyed villages downstream.
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Design, Construction, and Operation

The Vaiont Dam was part of an extensive system of dams, reservoirs,
and hydroelectric powerhouses located in the Piave River Valley, high in the
Italian Alps. The elements of this system were linked by tunnels and pipe-
lines (Ross 1984, p. 131). The Piave River Valley is roughly 100 km (60 mi)
due north of Venice, near the Austrian border.

The thin arch dam was 262 m (858 ft) high, but the arc around the
crest was only 190 m (625 ft), and the chord was 169 m (555 ft). The dam
was a double curvature type, 22 m (73 ft) thick at the base but only 3.4 m
(11 ft) thick at the crest. It was the highest arch dam in the world at the
time of construction, exceeded only by the 284-m (932-ft) Grand Dixence
concrete gravity dam in the Swiss Alps (Ross 1984, pp. 132-134). The full
reservoir was intended to contain a volume of 169 million m? (6 billion ft?
or about 138,000 acre-ft) of water (Genevois and Ghirotti 2005).

The designer of the dam, Carlo Semenza, had reservations about the
dam site as early as June 1957, when the dam owner proposed increasing
the dam height by 30% to triple storage and power generation capacity.
The owner was the private power company SADE, for Societa Adriatica di
Elettricita (Adriatic Electric Society). A March 22, 1959, landslide at the
nearby Pontesei Reservoir of 3 million m? (106 million ft?) of rock had
killed one person (Wearne 2000, pp. 206-207).

The Pontesei landslide started slowly, but then began moving very rap-
idly. The flow over the Pontesei Dam was only a few meters deep and caused
no damage to the valley below. The Vaiont Dam was already at an advanced
state of construction, so this landslide caused some concern. Leopold Muller
was responsible for studying the stability of the Vaiont Reservoir, in light of
the concerns (Semenza and Ghirotti 2000).

Miiller asked Carlo’s son Edoardo, a recently graduated geologist, to
investigate the site. Carlo identified an “uncemented mylonitic zone” run-
ning about 1% km (1 mi) along the gorge, as well as the site of an ancient
landslide. He identified layers typical of river sedimentation down to about
30 m (100 ft), showing where the ancient landslide had buried a riverbed.
Edoardo took borings as deep as 171 m (561 ft). Edoardo was young, how-
ever, and the utility was reluctant to take his opinions seriously. They sought
another opinion from a Professor Calois, who claimed that there were only
10-20 m (33-66 ft) of loose slide material over firm in situ rock (Wearne
2000, pp. 208-209).

Clearly, the issue was whether the reservoir was the site of an ancient
landslide. If it was, the landslide could move again under the right condi-
tions. The size of the landslide and its speed of movement would determine
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the extent of the damage that the slide would cause. Edoardo Semenza in
fact identified a number of ancient landslides, but he considered only one
to be potentially dangerous. The ancient landslide had pushed uphill on the
other side of the valley, and the river channel had subsequently cut off and
isolated a hill from the original slide. Edoardo Semenza cited this hill as
proof of the ancient slide (Semenza and Ghirotti 2000).

Edoardo Semenza identified the following features:

o the 1.5-km (1-mi) zone of uncemented cataclasites along the base
of the left wall of the valley, along with solution cavities, sinkholes,
and springs;

« ancient landslide masses that had filled the valley and then had been
cut into two by the new Vaiont stream;

o the southern slope of Mt. Toc, which had a “chair like” structure
of bedding planes, dipping steeply at the top and more shallowly
near the base; and

e a fault separating the in situ rock mass from the ancient landslide
(Genevois and Ghirotti 2005).

Genevois and Ghirotti state that the dam’s designers concluded that a land-
slide was not likely to occur, “mainly because of both the asymmetric form
of the syncline . .. and the good quality of in situ rock masses” (2003,
p. 41). In other words, because the form of the landslide was broken up and
difficult to make out, it was thought that it would probably not move as a
mass again.

In 1960, SADE began slowly filling the reservoir and monitoring
earth movements. Elevations of 594 m (1,950 ft) and 650 m (2,133 ft) were
reached. Throughout September, the movement rate increased from 5 to
10 mm/day (0.2 to 0.4 in./day), reaching 20-40 mm/day (34-1%2 in./day) in
early October (Genevois and Ghirotti 2005).

On November 4, 1960, 750,000 m? (27 million ft3) of rock fell into
the Vaiont reservoir after a week of heavy rain. The landslide caused a 2-m
(7-ft) wave in the reservoir, but no one was injured. Creep of the soil mass
was observed over a large area. The recommendation was to lower the res-
ervoir to slow the slide and to add drainage tunnels under the slide mass to
reduce water pressures (Wearne 2000, pp. 209-210).

Miiller had been asked to study the problem and propose remedial
measures. Measures such as draining the mountainside, removing millions
of cubic meters of soil, cementing the sliding mass along the failure surface,
and buttressing the foot of the slide were considered but rejected as imprac-
tical. Miiller believed that it would not be possible to completely stop the
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slide but that its movements could be monitored and controlled (Semenza
and Ghirotti 2000).

SADE implemented the plan. A 1.6-km (1-mi) bypass tunnel 5 m (16 ft)
wide was built. The purpose of this tunnel was to ensure water flow to the
dam even if part of the reservoir were blocked by a small landslide. A grid
of sensors was installed to monitor earth movement. Drill holes more than
90 m (300 ft) deep explored the mountainside, and two drainage tunnels
were provided. The water level was dropped to 600 m (1,968 ft), and creep
slowed. At about this time, Carlo Semenza died, and his voice of caution
was lost. As the reservoir was gradually raised again, a pattern seemed to be
established—higher reservoir level, more movement. Therefore, it seemed
that any future movement could be handled safely by lowering the reservoir
(Wearne 2000, p. 211).

Miiller observed that when the movement exceeded 15 mm/day
(0.6 in./day) on the second filling, the lake level was 100 m (330 ft) higher
than it had been when that amount of movement had occurred on first
filling. He therefore hypothesized that the initial saturation of the materi-
als was causing the movement and that it was safe to raise the lake level
(Semenza and Ghirotti 2000).

In March 1963, SADE was nationalized and absorbed into the national
power grid. The new owners, the Italian electric monopoly ENEL (for Ente
Nazionale per I’Energia Elettrica), emphasized increasing electrical power
production. It was assumed that the reservoir was safe up to 700 m (2,268 ft)
and dangerous at 715 m (2,346 ft). However, by July 1963, the water in the
reservoir was muddy, and people reported noises from within the mountain.
Movements of as much as 570-700 mm (22%-27% in.) per day were mea-
sured. Rain increased the level of the reservoir to 720 m (2,361 ft). Obviously,
this was of concern. Movements were approximately 200 mm (8 in.) per day.
The new owner began lowering the reservoir approximately 1 m (3 ft) per
day (Wearne 2000, pp. 212-213). It is possible that the transfer of ownership
delayed the decision to lower the reservoir (Semenza and Ghirotti 2000).

Failure

On October 9, 1963, at 10:41 r.M., approximately 270 million m3
(9,535 million ft3) of rock fell into the reservoir, moving as fast as 25 m/s
(82 ft/s). A tremendous wave of water blew over the dam, virtually the
entire reservoir, sending a 70-m (230-ft) wall of water down Vaiont gorge.
It destroyed the town of Longarone downstream, with a population of
4,600, and severely damaged or destroyed the hamlets and villages of Vil-
lanova, Codissago, Pirago, and Fraseyn. There were 2,043 people killed,
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including 58 of the utility’s employees (Wearne 2000, pp. 213-214). The
flood also knocked out many access routes, hampering rescue operations
(Ross 1984, p. 132).

The slide moved a 250-m (820-ft) thick mass of rock about 300-
400 m (980-1,300 ft) horizontally. It pushed the old slide mass up the far
slope. Trees and soil along the Vaiont Valley were removed as high as 235 m
(770 ft) above the reservoir level (Hendron and Patton 1985, p. 8)

The dam, however, stood. It had withstood a force of approximately
4 million metric tons (4 million tons) of water, roughly eight times the force
for which it had been designed. The dam is still there, but there is no water
behind it (Wearne 2000, pp. 217-219). There was a small gouge in the
concrete about 1.5 X 9 m (§ X 30 ft) along the crest near the left abutment
(Ross 1984, p. 132).

The volume of the slide was slightly larger than the working volume
of the Vaiont Reservoir. It was more than twice the volume of the largest
earthen dam ever built, the Fort Peck Dam on the Missouri River in Mon-
tana. Because of the great volume, it was not practical to remove the mate-
rial from the reservoir to restore the dam’s function (Ross 1984, p. 134).

Investigations and Repercussions

About a week after the disaster, Engineering News Record (ENR)
reported that the new owner, ENEL, had anticipated a slide but only expected
about 19 million m? (670 million ft}). They claimed that it was impossible
to foresee that the slide would be so large. The engineer in charge of the dam
had reportedly phoned the electric company asking for permission to evacu-
ate the entire area on account of the earth movements. ENR noted that the
electric company was said to have told him “to stay calm and sleep with his
eyes open” (Ross 1984, pp. 132-133).

Investigations started almost immediately. An Italian government
committee of inquiry with four members was charged to determine:

o whether the hydrogeological examination of the dam area was given
proper consideration in planning and construction, and whether
the previous landslides in the area were taken seriously,

o whether the dam’s testing was still continuing at the time,

o the level of the reservoir in the 10 days before the disaster, and
whether safety recommendations for the level were followed,

o whether a previous landslide in the area a few days before the disas-
ter should have warranted an evacuation order downstream, and

o whether officials acted properly (Ross 1984, p. 133).
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The commission’s report was released four months after the failure. It
blamed “bureaucratic inefficiency, muddled withholding of alarming infor-
mation, and buck-passing among top officials.” The prime minister of Italy
suspended a number of public officials, including the province chiefs and
civil engineers of Belluno and Udine (Ross 1984, pp. 134-135).

More than four years after the disaster, the public prosecutor of the
province of Belluno charged 11 men with crimes ranging from manslaughter
to negligence. By that time, two had already died. A third committed suicide
the day before the trial was to begin. The charges included ignoring consul-
tants’ cautions and failing to fully investigate the earlier earth movements in
the slide area. The prosecutor asserted that each of the men charged could
have controlled the situation and prevented the disaster. The charges for each
individual were outlined in detail in the December 7, 1967, issue of Engi-
neering News Record (Ross 1984, pp. 135-137).

Three of the 11 charged were found guilty, and two served short jail
terms. The proceedings, however, focused more on assigning blame than on
determining the technical cause of the failure. Technical papers were writ-
ten, but the conclusions did not agree (Wearne 2000, pp. 217-218).

Engineering Analyses

Although a landslide had been feared, the size and velocity were sur-
prising. The mass and velocity pounded considerable kinetic energy into the
reservoir, which was the main cause of the height of the wave in the lake and
the extent of the destruction downstream of the dam. Miiller’s hypothesis
that the movements only took place when the material was first saturated
was obviously disproved. The phenomena involved proved to be complex.

The following causes have been suggested for the slide’s triggering
mechanism:

o the creation of the lake basin, as well as the variations in the level
of the reservoir;

o the clay seam along the failure surface;

« the ancient landslide;

o the geological structure;

e seismic action; and

 a confined aquifer behind and below the failure surface (Semenza
and Ghirotti 2000).

Seismic action has generally been ruled out, but the other factors all
seem to have been involved in the landslide.
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Miiller wrote several papers over the five years after the landslide,
contending that once a certain limit velocity had been achieved, some type
of thixotropy must have occurred. Perhaps water in the joint had made the
mass of the slide buoyant. Miiller continued to favor the hypothesis of a
first-time slide and argued that the slide that took place had not been pre-
dictable (Genevois and Ghirotti 2005). Thixotropy is shear-thinning mate-
rial behavior, a decrease in shear flow resistance once a certain strain rate
is achieved. The phenomenon is seen when ketchup suddenly flows quickly
from a bottle, drenching a plate.

The lack of agreement among the studies of the Vaiont slide was a
cause of concern for the engineering geology community.

Despite the substantial literature on the topic, no study had previously
taken account of:

o the three-dimensional shape of the slide surface,
e actual laboratory shear strengths of material from the site, and

e piezometric levels taking into account rainfall and reservoir levels
(Hendron and Patton 1985, p. 2).

Frank Patton, a consulting engineering geologist, and his colleagues
began investigating the slide in 1975 and visited the failure plane. They found
a layer of plastic, low-strength clay (also known as fat clay) at the base of
the slide, between 13 and 100 mm (%2 and 4 in.) thick. The clay would have
reduced friction along the failure plane and also acted as a membrane to hold
back water (Wearne 2000, pp. 218-220).

Surprisingly, many of the earlier investigations had reported that there
was no clay layer. The Hendron and Patton (1985) report contains dozens of
photographs of the soft clay layer, along with a map providing the locations.
The clay showed up everywhere they looked along the failure plane. They
noted that where the clay was exposed, it was rapidly eroded by rainfall.
Also, for the first few years the clay had been covered up by slide debris that
was gone by the time Hendron and Patton surveyed the hillside. There was
some confusion because of the different terms used in technical writings for
the soft clay layer.

The basic structures affecting the slide are: (a) the steep back of the slide
which provided the driving forces, (b) the pronounced eastward dip of
the seat of the slide, (c) the continuous layers of very weak clays within
the bedded rocks, and (d) the faults along the eastern boundary of the
slide. (Hendron and Patton 1985, p. 21)
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It had been observed that movements increased as the reservoir level
increased, but the reservoir level also increased when it rained. Therefore,
two possible causes for the increased movement were higher water pressures
caused by higher water levels within the reservoir, or increased pressures
within the mountain from rainfall against the fat clay. To determine the
cause, it would be necessary to know water pressures behind the clay before
the failure (Wearne 2000, pp. 220-221).

Hendron and Patton (19835, pp. 51-58) plotted the correlations among
reservoir level, precipitation, and rate of movement. They discussed Miiller’s
contention that the movement was greatest on first wetting, pointing out,
“The erroneous assumption which led to the conclusions . .. was that all
other factors were remaining constant and the reservoir level was the main
variable controlling the stability of the slide. In fact, rainfall was significant
and was not remaining constant” (Hendron and Patton 1985, p. 54).

Periods of high rainfall preceded all of the major slide movements, but
obviously the reservoir level often also rose at the same time. At those times
when the reservoir was at the same level, however, the difference in move-
ment correlated with the amount of rainfall. It proved possible to plot a fail-
ure envelope of combinations of reservoir elevation and precipitation, with
points plotted above the envelope indicating instability of the soil mass.

Patton reviewed Edoardo Semenza’s reports, finding that Edoardo had
reported this clay layer as mylonite. Edoardo Semenza had made four bore-
holes, one of which penetrated to the base of the slide. This borehole found
water pressures equivalent to 70-90 m (230-295 ft) above the reservoir.
Unfortunately, the tunnels that had been installed to reduce water pressure
were too high up on the mountain. The heavy rains the first week in Octo-
ber had infiltrated the mountain and increased pressures behind the clay
layer. When the water level in the reservoir had been lowered just before
the landslide, it had reduced the pressure holding back the slide and might
in fact have triggered it. The nature of the clay might also have accelerated
the disaster; its kinetic coefficient of friction was much smaller than its static
coefficient of friction. Tests later showed that the shear strength decreased
as much as 60% when slip exceeded 100 mm (4 in.) per minute. In fact, the
fat clay acted as a lubricant (Wearne 2000, pp. 221-223). The test results
that identified the loss of shear strength had been carried out by Tika and
Hutchinson (Genevois and Ghirotti 2005).

Patton and co-author Hendron started from Edoardo Semenza’s find-
ings, with the following results:

o The existence of the old landslide was confirmed.
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o The clay layer was up to 100 mm (4 in.) thick, with a residual fric-
tion angle between 8° and 10°.

o They found the probable existence of two aquifers, one above and
one below the clay layer.

The lower, confined aquifer was fed mostly by precipitation on Mt. Toc
(Semenza and Ghirotti 2000). Figure 7-4 shows a plan view of the mass that
slid to the north. To observers on the opposite side of the valley, it appeared
to be M-shaped.

Using aerial photographs available at the time, Hendron and Patton
(1985, p. 31) identified a pattern of apparent kettles or sinkholes, along
with shallow slide areas. These are shown in Fig. 7-5. These features could
have been used to identify a possible landslide area for further ground-based
investigation.

These sinkholes readily allowed rainwater or snowmelt to infiltrate
into Mt. Toc, and to reach the base of the slide as shown in Fig. 7-6. With
increasing precipitation, pressure would build behind the clay layer. During
his surveys in 1959 and 1960, Edoardo Semenza had observed moist areas
and springs below the eventual slide plane, which was consistent with the
hydrogeology shown in Fig. 7-6 (Hendron and Patton 1985, pp. 34-35).

Soil samples were tested at laboratories in the United States, Canada,
and Italy. The grain size distribution was 51% clay, 36% silt, 7% sand, and
6% gravel. Earlier studies had reported 52-70% clay. Atterberg limit tests
placed the clay in two groups. The first was a CL/ML/MH (low plastic-
ity clay/low plasticity silt/high plasticity silt) with liquid limits from 33 to
60 and plasticity indices from 9 to 27. The second was a CH (high plasticity
clay) with liquid limits from 57 to 91 and plasticity indices from 30 to 61.
Clay mineral analyses indicated that up to 80% of each sample was clay
minerals. Overall, “such clay minerals have an expanding lattice, are associ-
ated with low shear angles, and exhibit swelling properties when stresses are
reduced and water is present” (Hendron and Patton 1985, pp. 37-39).

Hendron and Patton (1985, pp. 59-65) included the reservoir level,
precipitation findings, and the soil properties in a revised three-dimen-
sional stability analysis. “The shear strength along the base of the slide was
assumed to be related more to the residual shear strength of the multiple
layers of clay found along the basal surface of sliding than to the higher
shear strengths of the rock-to-rock contacts,” which had been used in previ-
ous stability analyses (Hendron and Patton 19835, p. 59). Laboratory tests
suggested a residual angle of shearing resistance ¢, of 5°~16°, with no cohe-
sion. Such a low angle had puzzled previous investigators because it meant
that the slide mass should have never been able to stay in place at all. The
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Figure 7-4. Plan view of mass before slide.
Source: Hendron and Patton (1985).

residual angle of shearing resistance ¢, was adjusted to a mean value of
10°-12°, based on the number of rock-to-rock contacts and the irregular
surface. The angle of shearing resistance within the mass () was estimated
at 30°-40°. This shearing resistance was mobilized when adjacent slices of
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Figure 7-5. Aerial photograph of site before slide.
Source: Hendron and Patton (1985).

the mass moved relative to each other. Water pressures were also consid-
ered, with the reservoir pressure against the front of the slide and higher
pressures, up to 90 m (295 ft), at the back.

Hendron and Patton (1985, pp. 66-79) noted that because the fail-
ure had occurred, it was necessary for stability analyses to demonstrate a
factor of safety near 1.0 under the failure conditions. It was also neces-
sary to demonstrate factors of safety near 1.0 at the times when significant
movement was observed, as well as somewhat greater for the periods where
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Figure 7-6. Infiltration of water through the mountain.

movements were insignificant. The periods of time when the factor of safety
should be near 1.0 are the prehistoric landslide, the major movement of
October 1960 when the cracks formed, and October 9, 1963. The impor-
tant input parameters for the model are the soil shear strength, which is
relatively constant under all conditions, and the pore pressure, which varies
with different reservoir levels and rainfall conditions. The angle of shearing
resistance within the mass was also important. Two- and three-dimensional
slope stability analyses were performed for no reservoir and for reservoir
levels of 650 and 710 m (2,130 and 2,330 ft), under low and high rainfall
conditions. A two-dimensional analysis indicated that the slope would be
unstable for much of its history, which could clearly not be correct. The
three-dimensional analysis found factors of safety ranging from 1.21 for no
reservoir with low rainfall to 1.00 for 710 m (2,330 ft) and high rainfall,
the conditions under which the slide occurred. The second lowest factor of
safety, 1.08, occurred at 650 m (2,130 ft) with high rainfall. The final soil
parameters used were ¢, of 12° and B of 40° between slices and 36° along
the eastern surfaces of the slide.

Once the slide began to move, of course, the problem became more
complicated. Because the mass of the slide and the driving force remained the
same, a considerable reduction in the resisting force was necessary to explain
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the velocity reached by the slide. This velocity could be due to reduced shear

strength of the soil, increased pore pressure, or both. Shearing resistance

could also be decreased as the toe of the slide began to ride into and over the

water of the reservoir because water has no shear strength. This last factor

was not found to be significant (Hendron and Patton 1985, pp. 80-82).
Hendron and Patton stated,

The strength losses along the sliding surface which resulted in the unex-
pected high maximum velocity of the slide probably originated from
three mechanisms: (a) a displacement induced reduction in the fric-
tion angle, B, between adjacent vertical surfaces of the sliding mass,
especially at the back of the slide at the abrupt change from a steep to
a flat failure plane; (b) a reduction of peak to residual shear strength
along the eastern side of the slide where the sliding surface did not
follow the bedding planes but sheared across the bedding; and (c) a
reduction in shear strength along the basal sliding plane parallel to the
bedding caused by heat-generated increases in the water pressure along
this plane. (19835, p. 83)

In their analysis, they found that the combined action of all three phe-
nomena could explain the velocity reached by the slide mass if the reduction
in the clay’s shear strength was about 50% (Hendron and Patton 1985,
p. 90). The explanation for the high velocity of the slide was that the shear
resistance of the clay layer decreased substantially once movement started.
This change could have occurred due to either frictional heat or an inher-
ent property of the material. Because it would have taken time for the heat
to build up, the alternate explanation of the loss of frictional strength with
shear strain rate is most likely (Semenza and Ghirotti 2000).

Lessons Learned

The Vaiont Dam case study shows the need for a thorough geotechni-
cal investigation for a construction project, particularly one as important as
a massive dam. It is necessary in particular to locate any thin clay seams that
represent potential weak failure planes. Genevois and Ghirotti state,

The catastrophic 1963 landslide failure has demonstrated to profes-
sionals and researchers in the fields of civil engineering and engineering
geology the importance of performing detailed geologic investigations
of the rim of narrow steep-walled valleys, which are planned as the res-
ervoir for large dams. The failure mechanism of a large landslide mass
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may be very complex and difficult to evaluate and even leading experts
may fail to reach correct conclusions if they do not fully understand
all factors affecting the mechanism and the evolution of the landslide.
(2005, p- 43)

At the time, geotechnical investigations were much less thorough and
relied on more primitive tools than those available today. The full implica-
tions of the confined aquifer were not recognized, and the speed of the slide
was much more than expected. The Vaiont landslide has played an impor-
tant role in the subsequent development of engineering geology (Semenza
and Ghirotti 2000). In fact, at the time of the Vaiont project, reservoir slope
stability analysis was usually not included in the design. The available geo-
logical studies, carried out decades before, did not identify the ancient land-
slide (Genevois and Ghirotti 2005).

Interestingly, the local population seemed to be aware of the unstable
nature of the slope. Edoardo Semenza pointed out that the name Mt. Toc
means “crazy” in the local dialect (Hendron and Patton 1985, pp. 64-65).

The low strength and lubricating properties of high plasticity fat clays
are important. Another important property of clay material is imperme-
ability: Because it is difficult for water to pass through, it is easy for high
pressures to build up under or behind clay layers.

Slope stability and the factors that affect the weight of the soil mass,
as well as the frictional shear resistance along the failure plane, are impor-
tant. Overall, water tends to increase the soil mass and reduce the shear
resistance of many soils. In hindsight, it might have been possible to reduce
pore pressures, drain the slope, and reduce the risk of a landslide, but
the two drains installed were too high up the slope and did not penetrate
behind the clay layer.

The engineers responsible for the dam’s operations also failed in their
duty to inform the public about the danger of a dam failure. Although the
landslide itself was sudden, there had been plenty of concern and warn-
ing beforehand. The fact that the reservoir was being lowered shows that
there was an appreciation of the risk. Even if the anticipated slide were
19 million m? (670 million ft3), that was more than enough to warrant an
evacuation order.

Later that same year, the Baldwin Hills Reservoir near Los Angeles,
California, failed. Fortunately, the recent memory of the Vaiont disaster led
the engineers to order an evacuation, perhaps saving hundreds of lives. On
the other hand, the Malpasset Dam failure less than four years before should
have been adequate notice for the engineers operating the Vaiont Dam. The
Malpasset case study is discussed in Chapter 8.
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An October 24, 1963, editorial published in Engineering News Record
made some comments on the Vaiont Dam landslide:

e The main lesson is obvious—get out of the way if a landslide threat-
ens a reservoir. An evacuation should have been ordered at the first
signs of trouble, which were roughly 10 days before the slope sta-
bility failure. The potential, and in the end actual, loss of life greatly
outweighed any inconvenience from a possible false alarm.

o The engineers operating the dam were confident that the slide
would only be about a tenth of what actually occurred, but they
were wrong. They were also confident that the dam would hold,
and it was known that arch dams had considerable reserve strength.
Given the uncertainty on both elements, not evacuating the down-
stream population was a considerable gamble.

o This was the first time in history that a reservoir had been com-
pletely filled by a massive landslide (Ross 1984, pp. 138-139).

As lessons learned, Genevois and Ghirotti state, “By its nature, any specific
landslide is essentially unpredictable, and the focus is on the recognition
of landslide prone areas...” (2005, p. 50). Hendron and Patton (1983,
pp. 96-97) cautioned that cursory studies of important events such as the
Vaiont Slide could be misleading. “Previous studies of the Vaiont Slide vary
from useful factual accounts to misleading fiction. . . . The most misleading
accounts in the literature have generally been given by those who have not
visited the site or who are not familiar with the geology.”

Essential Reading

The key document on this case study is The Vaiont Slide: A Geotechni-
cal Analysis Based on New Geological Observations of the Failure Surface,
Volume I, Main Text (Hendron and Patton 1985). It may be difficult to find
except on loan from some large university engineering libraries.

The Vaiont Dam case study is covered in pp. 206-225 of Collapse:
When Buildings Fall Down by Wearne (2000) as well as pp. 127 and 130-
139 of Ross (1984). Wearne’s chapter contains accounts from engineers and
survivors of the disaster. Engineering News Record reported on the case in
the October 17, 1963, and December 7, 1967, issues and published an edi-
torial in the October 24, 1963, issue.

A similar mechanism caused the 2005 Bluebird Canyon landslide near
Los Angeles, which is featured in the History Channel’s Modern Marvels
Engineering Disasters 17 videotape and DVD.
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The Transcona and Fargo Grain Elevators

The Transcona Grain Elevator collapsed in 1913, and the Fargo Grain Ele-
vator collapsed in 1955, with almost identical failure mechanisms. They
were similar structures built on similar types of soil. The two cases provided
important confirmations of soil-bearing capacity calculations.

The Transcona Grain Elevator

This collapse was investigated four decades after the event by Ralph B.
Peck, a geotechnical engineer and professor of civil engineering at the Uni-
versity of Illinois, who was also a native of Transcona’s neighbor Winnipeg
(Morley 1996, p. 27). Construction of the elevator started in 1911. It con-
sisted of a work house and a bin house. The work house was 21 X 29 m
(70 X 96 ft) in plan, and 55 m (180 ft) high, with a raft foundation 3.7 m
(12 ft) below the surface. The bin house had 13 bins, each approximately
28 m (92 ft) high and 4.3 m (14 ft) in diameter. The bins rested on a rein-
forced concrete raft foundation, 23.5 m (77 ft) wide and 59.5 m (195 ft)
long, also at a depth of 3.7 m (12 ft) below the surrounding soil. The under-
lying soil was a layer of stiff blue clay, roughly 6-11 m (20-35 ft) thick
(Peck and Bryant 1953).

Small plate load tests were performed before construction. These tests
indicated that the soil should be able to bear a pressure of 383-479 kPa
(4-5 ton/ft?). The total pressure with the warehouse filled with grain would
be no more than 316 kPa (3.3 ton/ft?) (Morley 1996, p. 26).

The structure was finished in September 1913 and began to be filled
with grain as uniformly as possible. On October 18, 1913, the bins were
about 88% full, and settlement was observed, increasing within an hour to
a uniform 300 mm (1 ft). Over the next 24 hours, the structure tilted to the
west by almost 27°. Surprisingly, the bin house remained intact through the
rotation. Wash borings were taken immediately after the failure, and they

determined the thickness of the layer of clay as well as several underlying
layers (Peck and Bryant 1953).

An eyewitness account of the failure states that on October 18, 1913,
the bin house began to move almost imperceptibly, but after an hour,
0.31 m [1 ft] of vertical settlement had occurred. It then began to tilt
to the west, and when it stopped moving the next day, it was resting at
an angle of 27° from the vertical. The east side had risen 1.52 m [5 ft]
above the original ground level, and the western side was about 8.84 m
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[29 ft] below. . . . Displaced soil all around the structure had risen up to
at least 1.52 m [5 ft] above the ground. (Morley 1996, p. 27)

It proved possible to restore the grain elevator to service because it
had subsided monolithically without cracking. The bin house was gradually
righted using jacks. By October 17, 1914, the elevator was upright and back
in service, although now 4.27 m (14 ft) below grade (Morley 1996, p. 27).

Two additional borings were obtained in 1951 to apply subsequently
developed soil-bearing capacity theories to the failure. The soil was identi-
fied as a tan and gray slickenslided clay with an average water content of
45% and an unconfined compressive strength of 108 kPa (1.13 ton/ft?).
The liquid limit and plastic limit values were about 105% and 35 %, respec-
tively, and the soil was classified as an inorganic high plasticity clay (CH).
The underlying layer was a weaker gray silty clay, with a 62 kPa (0.65 ton/
ft?) unconfined compressive strength. For both layers, the angle of internal
friction was assumed to be 0 (Peck and Bryant 1953).

Peck and Bryant (1953, p. 205) calculated the weight of the grain and
the dead load of the structure and determined a uniform load of 293 kPa
(3.06 ton/ft?). Assuming a unit weight of the soil removed for the founda-
tion at 1,900 kg/m? (120 1b/ft3), the net unit load at the bottom of the foun-
dation was 224 kPa (2.34 ton/ft?).

Peck and Bryant (1953, p. 206) next calculated the soil-bearing capac-
ity. The bearing capacity g,, is a function of the soil unconfined compressive
strength g, or the shear strength s and the dimensions of the foundation:

0 =§qMNe — N, (7-1)

The factor N, depends on the length L, width B, and depth D of the
foundation. The equation works equally well with ST and U.S. customary
units because it uses ratios.

Ne=5[1+£][1+2j (7-2)
SL SB

Using the dimensions of the Transcona Grain Elevator in meters and
feet, respectively:

N=sl1+-235 [14-30 oslio 77 [14 12 =556
5%595 | 5%x23.5 5x195 | Sx77
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Peck and Bryant (1953, p. 207) used a weighted average of 89 kPa
(0.93 ton/ft?) based on the properties of the two clay layers. This figure
gives a bearing capacity of 246 kPa (2.57 ton/ft?), which agrees quite well
with the bearing stress at the time of failure of 224 kPa (2.34 ton/ft?). This
example indicates a factor of safety of 1.09, which is close enough to 1 to
indicate failure, particularly given the uncertainty in the input parameters
for the equations.

The development of soil mechanics after the Transcona failure eventu-
ally provided a basis for computing the ultimate bearing capacity of
soils. It was subsequently realized, therefore, that the Transcona fail-
ure served as a “full-scale” check of the validity of such computations.
(Shepherd and Frost 1993, p. 5)

Fargo Grain Elevator

The Fargo Grain Elevator collapsed 42 years after the Transcona
Grain Elevator. Major filling began in April 1955, and the collapse occurred
on June 12, 1955. The structure broke apart and was completely destroyed
in the collapse. It collapsed in the northward direction, forming a mass of
concrete rubble and grain with soil heaved up on the south side as much as
1.8 m (6 ft). Like the Transcona Grain Elevator, the Fargo structure was on
part of the ancient Lake Aggassiz clay deposits that stretch across much of
the northern Great Plains of North America (Nordlund and Deere 1970).
Figure 7-7 shows the elevation and plan of the failed grain elevator.

The Fargo Grain Elevator was a reinforced concrete structure made
up of 20 circular bins and 26 small interstitial bins. The circular bins,
arranged in two rows of 10 bins each, were 5.8 m (19 ft) in diameter and
37 m (122 ft) high. The foundation was a reinforced concrete raft 16 m
(52 ft) wide, 66 m (218 ft) long, and 0.7 m (2 ft 4 in.) thick. It was thus nar-
rower but longer than the Transcona Grain Elevator, with about 75% of
the capacity. The edge of the foundation was thickened, and the bottom of
the raft was 1.8 m (6 ft) below grade, excluding the thickened edges. Steel
sheet piling was also driven around the edges of the foundation (Nordlund
and Deere 1970).

Settlement readings were taken on the raft foundation starting on
May 10, 1955, a month before the collapse. Seven elevation benchmarks were
established, and readings were taken once per week. There was no record of
any possible settlement before the benchmarks were established. Settlement
readings are shown in Table 7-1. Settlements increased dramatically over the
week and a half before the collapse, reaching 222-308 mm (8.75-12.13 in.).
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TABLE 7-1. Settlement Readings

Settlement readings, mm (in.)

Date of

observation BM 1 BM 2 BM 3 BM 4 BM S BM 6 BM 7
May 10,1955 0(0.00)  0(0.00)  0(0.00)  0(0.00)  0(0.00)  0(0.00) 0 (0.00)
May 18,1955 15 (0.60)  3(0.12) 18(0.72) 24 (0.96) 30 (1.20) 40 (1.56) 37 (1.44)
May 25,1955 49(1.92) 27 (1.08)  52(2.04) 58(2.28) 73 (2.88) 89 (3.49) 76 (3.00)
June 1,1955 125 (4.92) 119 (4.68) 137 (5.40) 140 (5.52) 150 (5.89) 152 (6.00) 150 (5.89)
June 8, 1955 241 (9.48) 222 (8.75) 265 (10.42) 277 (10.92) 293 (11.52) 308 (12.13) 287 (11.30)

Source: Nordlund and Deere (1971).

“It is clear that a day-to-day plot of these data would have given clear warn-
ing of the impending failure” (Nordlund and Deere 1970, p. 589).

For the investigation, Nordlund and Deere (1970, pp. 587-588)
divided the elevator footprint into nine sections. Within each section, they
calculated pressures ranging from 188 to 262 kPa (3.92 to 5.47 kip/ft?) with
an average of 227 kPa (4.75 kip/ft?). There was significant eccentricity to
the loading.

Three borings were made at the site and samples were removed for lab-
oratory analysis. Penetration and torque measurements were also obtained.
Four strata were labeled A, B, C, and D from the surface down.

e Stratum A was a 0.9-1.5 m (3-5 ft) thick surface layer of black to
gray mottled silty clay. The average unit weight was 1,760 kg/m?
(110 Ib/ft}), and the shear strength was estimated as 79-91 kPa
(1.65-1.90 kip/ft?).

o Stratum B was a 2.6-3.4 m (8%2-11 ft) thick layer of gray and tan
silty clay. Shrinkage cracks were observed in the top 1.5-2.4 m
(5-8 ft) of this layer. The average unit weight of this soil was also
1,760 kg/m? (110 1b/ft3), and the shear strength was estimated as
43-86 kPa (0.90-1.80 kip/ft?).

e Stratum C consisted of 0.6-1.8 m (2-6 ft) of interbedded sand,
silt, and clay. Shear strength could not be measured directly, but
an average friction angle of 25° based on penetration test N-values
of 4-12 was assumed. This estimation provides a shear strength of
30 kPa (0.63 kip/ft?).

e Stratum D was a thick deposit of dark gray clay with occasional
pebbles. The average unit weight was 1,520 kg/m? (95 Ib/ft?), and
the shear strength was estimated as 57-81 kPa (1.20-1.70 kip/ft?)
(Nordlund and Deere 1970).
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To use equations 7-1 and 7-2 to calculate bearing capacity, several
assumptions should be satisfied:

o the ratio D/B should be less than 2.5;

o the shear strength should be averaged over a depth of 25 B below
the raft—in this case, a depth of 10.6 m (34.6 ft), which includes
all four strata;

o the foundation should be loaded concentrically;

o the soil considered should be entirely cohesive; and

o the shear strength within the layers considered should not vary by
more than 50% from average (Nordlund and Deere 1970).

The latter two requirements were not satisfied because layer C was
essentially cohesionless and significantly weaker than the other layers. Nev-
ertheless, a comparison is still useful. Using the dimensions of the Fargo
Grain Elevator in meters and feet, respectively:

N=5|1+—20 [14 28 Jos[14-92 1146 =53
5x67 | Sx16 SX218 | 5x52

Nordlund and Deere (1970, p. 600) estimated an average shear
strength over 24 B of 37-58 kPa (0.77-1.22 kip/ft?). Multiplying these by
N, = 5.35, the bearing strength becomes 197-312 kPa (4.11-6.52 kip/ft?).
The ratio between calculated and observed strength ranged from 0.80 to
1.37. These numbers are reasonably consistent with a factor of safety equal
to 1, indicating a foundation loaded to failure.

It was also observed that for a two-dimensional raft foundation, the
failure surface is roughly elliptical and much deeper and wider at the middle
than at the ends. This result contradicts the assumption of a cylindrical
failure surface used in two-dimensional analyses. The increase in settlement
occurred at a load of about 153 kPa (3.2 kip/ft?), or about 65% of the fail-
ure pressure, indicating plastic movement of part of the soil (Nordlund and
Deere 1970).

The method of failure, settlement and loading records, and subsequent
analysis show that the collapse of this grain elevator was a classic exam-
ple of a full-scale bearing capacity failure. Even the most unsophisti-
cated testing program and computation would have revealed that a net
working pressure of [239 kPa] 5 ksf [kip/ft’] was courting failure. A
soil investigation limited to unconfined compression tests on untrimmed
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samples would have been adequate. Using these test results, a net failure
pressure of [197 kPa] 4.11 ksf [kip/ft?] would have been calculated. The
minimum factor of safety is 1.5 so that a maximum working pressure
of [131 kPa] 2.74 ksf [kip/ft?] would have been allowed . . . a simple
plot of load versus settlement for any one of the bench marks would
have shown the elevator to be in imminent danger of collapse. Prompt
unloading would have saved it. Why this data was not analyzed is a
mystery. (Nordlund and Deere 1970, p. 605)

Lessons Learned

The two grain elevator failures occurred 42 years apart, and the land-
mark papers analyzing the failures were written almost two decades apart.
In each case, the authors went into great detail concerning their field sam-
pling and laboratory testing procedures, as well as the methods they devel-
oped to estimate the shear strength of the soils. Readers interested in those
details should obtain and read the original references.

The key point is that engineering theories, by and large, do a pretty
good job of predicting failure, provided that reasonable input data are
obtained and analyzed with a critical eye. Of course, in each of these cases,
the authors of these landmark papers had the advantage of knowing in
advance the ultimate failure loads on the foundations. Designers do not
have this advantage but can gain confidence from these two full-scale verifi-
cations of bearing capacity calculations.

Essential Reading

The key references on these cases are by Peck and Bryant (1953) on
the Transcona Elevator and by Nordlund and Deere (1970) on the Fargo
Elevator. Morley (1996) discusses the significance of the Transcona and
other cases in the development of geotechnical and foundation engineering
as a discipline.

Other Cases

Johnstown Flood

The Johnstown Flood of 1889 in Pennsylvania was another earthen
dam failure, with much greater loss of life than the Teton Dam. The gener-
ally accepted total number of deaths is 2,209. This case study is reviewed in
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Chapter 8. Although the original construction of the South Fork Dam was
relatively sound, the later repairs of the dam, using low-quality fill materials
including horse manure, made the failure inevitable.

Austin Concrete Dam Failure

The Austin, Pennsylvania, dam failure of 1911 occurred north of
Johnstown and killed between 50 and 149 people. The case study is pro-
vided in Chapter 9. The dam was a concrete gravity type, but one element
of the failure was a weak shear plane at the foundation, further weakened
by water pressures caused by seepage under the dam.

Schoharie Creek Bridge

The 1987 Schoharie Creek Bridge failure may be considered a struc-
tural, foundation, or hydraulic (scour) failure, depending on one’s point of
view. It is discussed in Chapter 8, which covers fluid mechanics and hydrau-
lics. The foundation of the bridge pier was washed away, causing the bridge
superstructure spans to fall. The material under the piers was vulnerable to
scour and should have been protected by riprap.

Agricultural Product Warebouse Failures

Two elements of the agricultural product warehouse failures, discussed
in Chapter 4, pertain to geotechnical engineering. The pressures of cotton-
seed or other agricultural products are analogous to lateral earth pressure,
making the warehouse walls, in effect, underdesigned walls. Also, the con-
nection between the steel structure and the concrete foundation was flawed,
leading to cracking of the foundation. The foundation was underdesigned
and had insufficient reinforcement.

New Orleans Hurricane Katrina Levee Failures

The Hurricane Katrina levee failures of 2005 could have been discussed
either in this chapter or in Chapter 8, Fluid Mechanics and Hydraulics. The
levee failures were due, in large part, to poor selection of soil fill materials
and poor foundation design. However, because the overall purpose of the
system was flood control, the case is discussed in Chapter 8.
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Fluid Mechanics
and Hydraulics

FLUID MECHANICS BUILDS TO SOME DEGREE ON CONCEPTS
from statics and dynamics. Fluid mechanics courses may be
taught by faculty in other engineering disciplines, such as
mechanical or chemical engineering. In contrast, hydrau-
lic engineering courses are specific to civil engineering. A
hydraulic engineering course may begin with a review of
fluid mechanics.

Johnstown Flood

Johnstown, Pennsylvania, was a thriving community with
a strong economy based on the coal and steel industries.
The community was essentially wiped out by the historic
Johnstown Flood of May 31, 1889, along with six other
villages in the Conemaugh River Valley. The South Fork
Dam, 22 km (14 mi) upstream of the town, burst and sent
a wall of water approximately 12 m (40 ft) high at a speed
of 32 km/h (20 mi/h) down the valley. The debris from
the flood was trapped against a surviving railroad bridge
below the town, and then it caught fire. About 2,200~
3,000 people died in the flood and fire, and 3,500 people
were left homeless. This brief introduction is summarized
from Levy and Salvadori (1992, pp. 162-166).

257
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Construction of the South Fork Dam began in 1839 and was inter-
rupted for 10 years for lack of money. It was finally finished in 1853. The
original purpose of the dam was to provide water for the Pennsylvania
Canal, which runs from Philadelphia to Pittsburgh. The original design
included a spillway 45 m (150 ft) wide to allow water up to 3 m (10 ft) deep
to pass safely over the dam.

Railroads became increasingly more important for transportation
than canals, and four years after completion the dam was sold to the Penn-
sylvania Railroad. The railroad had little use for it, and the dam fell into
disrepair. In 1880, the dam was sold to the South Fork Hunting and Fishing
Club of Pittsburgh. Members of the club included Andrew Carnegie and
Henry Clay Frick.

The new owners made dangerous modifications to the dam. The outlet
pipes were removed because there was no longer a need to feed the canal.
The dam was lowered 0.6 m (2 ft), and a trestle bridge for a road was
installed across the spillway. A screen was placed in front of the trestle to
keep fish from escaping from the reservoir if water overtopped the spillway.
The spillway, a critical safety fuse to prevent the breach of any dam, was
reduced to about a third of its capacity.

Heavy rain began on the evening of May 30. The club’s resident engi-
neer, John G. Parke, Jr., observed the rising water in the morning and rode
by horse to South Fork village and sent a warning telegram to Johnstown.
He returned around noon and found water already 2.25 m (7.5 ft) above
normal lake level and cutting into the dam outer face. Parke ate lunch and
then came back to the dam.

By this time, the water was washing away the outer face and cutting a
large hole into the dam. The dam breached, and within 45 min the lake was
fully drained. The rainfall was heavy—about 127 mm (5 in.) in 34 h—but
the original spillway would probably have been sufficient if the club had not
made the modifications.

Construction of the Dam

The South Fork Dam was 22 m (72 ft) high and more than 275 m
(900 ft) long. The dam itself was steep and covered with loose rocks, wild
grass, bushes, and saplings rooting within the structure.

The reservoir behind it was about 3 km (2 mi) long and went by vari-
ous names— Western Reservoir, Old Reservoir, Three Mile Dam, and finally
Lake Conemaugh. The lake covered about 182 hectares (450 acres) and
was up to 21 m (70 ft) deep. The dam held back approximately 20 million
metric tons (20 million tons or about 16,000 acre-ft) of water. The distance
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to Johnstown downstream was 24 km (15 mi), with a drop in elevation of
137 m (450 ft) (McCullough 1968, pp. 39-41).

When the dam was originally conceived, canals remained an important
form of transportation in New York, Pennsylvania, and Ohio. In 1836, the
Pennsylvania legislature appropriated $30,000 for a reservoir to supply water
to a new canal system from Johnstown to Pittsburgh during dry months. For
much of the summer, there was not enough water to use the canals. Another
$240,000 proved necessary to complete the dam, which was obsolete two
years after it was finished. The canal had been intended to compete with the
Erie Canal further to the north (McCullough 1968, pp. 50-51).

The site for the dam was surveyed and selected by the head engineer
for the Canal, Sylvester Welsh. The design for the canal, originally 259 m
(850 ft) long by 19 m (62 ft) tall, was developed by state engineer William E.
Morris. Because of finances, the project continued off and on for 15 years.
When eventually finished, it was somewhat longer and higher than the origi-
nal plan (McCullough 1968, pp. 51-52). “Considerable care went into the
construction of the new dam. The valley floor was cleared down to the bare
rock” (Frank 2007). Then the newly completed Pennsylvania Railroad put
the canal out of business. In 1857, the state of Pennsylvania sold the canal
to the railroad, which could then use the right of way. The sale included the
dam and reservoir, but the railroad had no use for it and simply let it sit for
more than two decades. The dam broke in 1862, but the lake was only half
full, and a watchman at the dam opened the sluices to release the pressure.
While the reservoir was owned by the railroad, it was kept almost empty
and posed little danger. Congressman John Reilly bought the dam and res-
ervoir and held it for four years, selling the cast iron sluice pipes for scrap
(McCullough 1968, pp. 53-55).

Repairs and Modifications

The South Fork Hunting and Fishing Club was organized in Pittsburgh
in 1879. The club’s 16 prominent Pittsburgh industrialists all purchased
shares in the property. One of the later leaders of the club was industrial-
ist Andrew Carnegie, who had been coming to these mountains for years
beforehand. The club was able to purchase the lake property from Reilly
for a reasonable price. The dam had fallen into disrepair and would require
work. The club was chartered in Pittsburgh, in Allegheny County, but not in
Cambria County, where the dam and lake were located. The illustrious, and
mostly wealthy, membership included Carnegie, Henry Clay Frick, Henry
Phipps, Jr., and other important members of the Carnegie empire, Robert
Pitcairn and Andrew Mellon (McCullough 1968, pp. 42-49, 57-58).
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Benjamin F. Ruff, the president of the club, originally proposed rebuild-
ing the dam to only 12 m (40 ft) high and cutting the spillway 6 m (20 ft)
deeper to handle any overflow. However, this change would have cost more
than repairing the old break and restoring the dam to its original height
(McCullough 1968, p. 55). Ruff repaired the dam in a slipshod manner,
“dumping in . . . just about everything at hand” (McCullough 1968, p. 55).

Overall, the repairs cost the club about $17,000, and heavy rains
washed away much of the restoration work over the next few years. Never-
theless, the construction of the club buildings and stocking the lake with fish
continued (McCullough 1968, p. 56).

The newly refilled dam caused considerable worry in Johnstown. Matters
were not helped by the club’s secretive business dealings. There was a scare on
June 10, 1881, and two men from the Cambria Iron Company inspected the
dam, pronouncing it safe although the water rose to only 0.6 m (2 ft) below
the crest. The danger passed, perhaps creating a false sense of security. Still,
many in Johnstown lived in fear. The valley had a history of floods. Flooding
was getting worse because the hills had been stripped of timber for lumber
and to clear space for land to build on (McCullough 1968, pp. 63-66).

Daniel Johnson Morrell, who ran the Cambria Iron Works, was con-
cerned about the safety of the dam. He sent his engineer John Fulton up
to meet with the club’s representatives and inspect it in November 1880.
Fulton expressed two serious misgivings about the dam—the lack of a dis-
charge pipe to drain the dam for repairs or in case of danger, and the poor
quality of the materials used for the repair, which were already leaking.
Morrell sent a letter reporting these findings to Ruff, who claimed that there
was no leak and Fulton’s calculations of how much water the dam held back
were incorrect. Morrell offered to help pay for installing a proper discharge
system, but the offer was not accepted (McCullough 1968, pp. 72-75).

Four other important changes had happened to the dam. Overall, the
dam had been lowered about 0.3 to 1 m (1 to 3 ft) to provide enough width
for two carriages to pass along the crest of the dam. Because the spillway
was not lowered also, this meant that there was little safety margin above
the spillway before the water would overtop and destroy the dam. Second,
a screen was placed along the spillway under a trestle bridge to keep fish
from going over. If debris became trapped against the spillway and bridge,
as it almost certainly would in a flood, the spillway would be blocked. The
third change was that the middle of the dam sagged slightly, by perhaps only
0.3-0.6 m (1-2 ft) at the location of the repaired break. As a result, the spill-
way was only 1.2 m (4 ft) or so below the middle of the crest. Finally, the
club raised the level of the lake by an additional 7.6 m (25 ft) (McCullough
1968, pp. 75-77).
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In total, the changes made it inevitable that the dam would fail and
increased the effects of the failure. More water was now held back, the
sluice pipes were gone, and the spillway would clog almost immediately as
the screen caught the debris.

The Failure of the Dam

The South Fork Hunting and Fishing Club’s resident engineer, John G.
Parke, Jr., had actually had three years of civil engineering education at the
University of Pennsylvania, which was unusual for the day. He had taken
the job about three months before, and supervised a work crew of about
20 laborers (McCullough 1968, p. 20).

The storm that struck that evening was the worst downpour recorded
in western Pennsylvania, with approximately 150-200 mm (6-8 in.) of rain
in 24 h. Some places on the mountain recorded 250 mm (10 in.). At the dam,
the rain started at 11:00 .M., and Parke slept through the entire storm. The
total rainfall at the dam was probably about 125 mm (5 in.) (McCullough
1968, pp. 21-22).

At this time, the population of Johnstown and the other communities
packed tightly against it in the narrow valley was almost 30,000. Many
were immigrants, in large part from Germany and Wales. The main indus-
tries were the Cambria mills, the Gautier wire works, and the woolen mills
(McCullough 1968, pp. 26-28).

By morning, the rivers were rising in Johnstown at a rate of approxi-
mately 0.3 m (1 ft) per hour. Some citizens headed for higher ground. The
flood in the town was approximately 0.6-3 m (2-10 ft) deep (McCullough
1968, pp. 79-82).

The first of three warning telegraph messages arrived some time
between noon and 1:00 p.m. Little or no effort was made to spread the
alarm. The wording of the message was along the lines of “SOUTH FORK
DAM IS LIABLE TO BREAK: NOTIFY THE PEOPLE OF JOHNSTOWN
TO PREPARE FOR THE WORST” (McCullough 1968, p. 87).

Two more messages arrived during the afternoon, at approximately
1:52 .M. and about a half hour later. One read, “THE WATER IS RUNNING
OVER THE BREAST OF LAKE DAM, IN CENTER AND WEST SIDE AND
IS BECOMING DANGEROUS” and the other read, “THE DAM IS BECOM-
ING DANGEROUS AND MAY POSSIBLY GO” (McCullough 1968, p. 96).

At the dam, work had continued through the morning once the danger
was noted. At 6:30, Parke woke up and observed that the lake was up 0.6 m
(2 ft), or halfway to the crest. He surveyed the creeks feeding into the lake,
noting the large quantity of water still coming in. By the time he returned to
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the dam, a crew of approximately 50 men was working on the dam, trying
to raise it and cut a spillway. Colonel Elias J. Unger, the new club president,
was present and directing the work. An onlooker told Unger to pull out the
bridge and the screen impeding the spillway, but he refused until it was too
late (McCullough 1968, pp. 90-92).

By 11:00 A.M., water was starting to flow across the crest, and leaks
were appearing on the outer face of the dam near the base. At this point,
Parke rode to the telegraph office to send a warning to Johnstown. Unfor-
tunately, perhaps in part because of his youth and because of other warn-
ings that had not come true in the past, there was reluctance to pass on his
warning. As the day wore on, more messages were sent on, as quoted above.
In Johnstown, there was disagreement as to how seriously to take the warn-
ings, and at any rate it was difficult to send word through the flooded streets
(McCullough 1968, pp. 93-95).

Water continued to flow across the dam, and Parke went to dinner. He
had thought about cutting a new spillway across the dam but lacked confi-
dence to make such a drastic decision that would almost certainly destroy
the dam. When he returned, water was cutting away the dam and had made
a hole 3 m (10 ft) wide and 1.2 m (4 ft) deep. At 10 to 3:00 in the afternoon,
the first break came through the dam, and 20 minutes later, the dam failed in
what was later described as one big push outward. Over the next 30-45 min,
the reservoir emptied at a flow rate comparable to Niagara Falls. The wall of
water had started down the valley (McCullough 1968, pp. 99-102).

It would take almost an hour for the flood to reach Johnstown. The
Conamaugh River Valley winds through steep mountains, slowing the flood
and causing it to change direction many times. Despite the twists and turns
of the valley, the speed reached about 65 km/h (40 mi/h). Some observers
estimated the height of the wall of water at about 30 m (100 ft), although in
reality it was closer to 12 m (40 ft). When the valley narrowed, it rose to as
much as 21-23 m (70-75 ft). A stone viaduct dammed the valley temporar-
ily before it was swept away. As the flood rolled down the valley, it rolled
over itself, causing a powerful downward force at the front of the wall of
water (McCullough 1968, pp. 105-112).

The rail line ran through the valley. One locomotive driver tied his
whistle down so it blew continually—a recognized sign of warning at that
time—and headed down the valley ahead of the flood to warn stranded
trains downstream. Many were able to flee, but much of the rolling stock
was swept away (McCullough 1968, pp. 115-126).

As the flood approached Johnstown, it destroyed Woodvale, killing
314 people, or approximately a third of the population (McCullough 1968,
pp. 126-128).
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The wall of water then smashed into Johnstown itself, where the Little
Conamaugh River fed into Stony Creek, at roughly 4:07 r.m. It washed up
into the hills and up Stony Creek and then washed back again. The destruc-
tion of the city took about 10 min. Much of the debris became jammed at
the Pennsylvania Railroad 7-m (23-ft) high stone bridge at the far end of the
town. This bridge formed a dam and kept the bulk of the water and debris
from continuing on downstream. Some who were not drowned were pinned
and buried in the debris pile, and perhaps 80 people later died when the pile
caught fire (McCullough 1968, pp. 145-173). Today, the stone bridge is still
there, and is shown in Fig. 8-1.

The first reporters to the scene wired back wild estimates of 10,000
dead, but the final generally accepted total is 2,209. The violent nature of the
wall of water would make an exact accounting impossible—some victims
were driven deep into the mud, and many bodies were swept downstream
past the stone bridge. A third of the bodies found could not be identified.
The estimated population of the valley was 23,000 at the time, meaning
about 1 in 10 people had been killed (McCullough 1968, pp. 193-196).

Figure 8-1. The stone bridge.
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With so much contaminated water and the bodies of people and ani-
mals, the situation was favorable for an outbreak of disease in the valley.
Fortunately, this additional suffering was avoided through the cleanup
efforts of the survivors and others who came into the valley to help them,
the Pennsylvania state militia, and the Red Cross under Clara Barton. This

work represented the Red Cross’s largest peacetime effort up until that point
(McCullough 1968, pp. 228-234).

Repercussions

The members of the South Fork Hunting and Fishing Club were able
to skirt responsibility for the failure of the dam. The club was liable, not
the members individually, and the club itself had almost no assets. The
question of responsibility came down to whether the disaster had occurred
because of human error or because of an unprecedented natural event, the
heavy rains.

Colonel Unger and John Parke went to Johnstown three days after
the flood. They were understandably eager to promote the position that the
flood had been an unavoidable natural calamity. They told the newspapers
how they had worked to prevent the disaster and assured the papers that
everyone at the club was alive and unharmed. Parke noted that he had sent
a warning, and at any rate the danger should have been obvious to anyone
in the valley (McCullough 1968, pp. 213-214).

For a while, some club members even expressed doubts that their dam
had failed, but once reports reached the site, it became obvious. An angry
crowd of men from Johnstown went up to the dam site, but by then Unger
and the club members had left. There was resentment about how the club
members had left so abruptly when there was such a need for able-bodied
men in the valley and also resentment as local farmers told about the poor-
quality materials that had been used to repair the dam. Newspaper report-
ers passed on the accounts about the club, including condemnations of the
maintenance and repair of the dam. Strangely, although much abuse was
heaped on the club and its members in the abstract, few newspapers men-
tioned the names of any of the members. In Johnstown, the prevailing opin-
ion was that human error, and not the elements, had produced the disaster
(McCullough 1968, pp. 241-252).

A lawsuit was brought against the South Fork Hunting and Fishing
Club. The club’s members continued to stay quiet, though, particularly
Frick and Carnegie. Member James Reed was a prominent Pittsburgh attor-
ney, who led the defense. To begin with, the club had only $35,000 and
a $20,000 mortgage still outstanding. Reed claimed that he could see no
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grounds for a lawsuit. A lawsuit was also brought against the Pennsylvania
Railroad because 10 barrels of whiskey had been looted after the flood.
That lawsuit was the only one that succeeded against either the club or the
railroad. In the other cases, the juries agreed with the defendants’ claims of a
“visitation of providence.” These findings ignored the fact that several small
dams near Johnstown had not failed despite the magnitude of the rainfall
(McCullough 1968, pp. 255-260).

In the 19th century, the difference in legal and political influence
between the powerful and the humble was great. It was not surprising,
therefore, that lawsuits against the most powerful men of Pittsburgh had
little success in a Pittsburgh courtroom of the day.

Lessons from the Case

One important lesson is the effect of land use on design and perfor-
mance of engineered facilities. Two important changes that took place in
the valley were the removal of timber from the hillsides, which dramatically
increased runoff, and the tripling of population after the Civil War. Similar
changes often take place with any dam project—the land becomes more
valuable, population increases (including downstream of the site), forests
are cleared, and land is paved. These changes increase the extent of flooding,
as well as the potential property damage and loss of life.

The United States has a vast dam infrastructure, much of which is
poorly maintained. Critical elements to maintain are the safety valves—the
pipes and spillways.

The Johnstown disaster illustrated a basic problem with dams in the
United States: large numbers were privately owned, unregulated and
uninspected. Many dams are by-products of industries such as mining
or agriculture, industries that are often based in remote areas. A dam
at Buffalo Creek in West Virginia was one such dam. In 1972, the dam,
which enclosed vast waste water from a coal mine, collapsed, killing 125
people. In 1980, the Federal Emergency Management Agency (FEMA)
completed a huge survey and concluded that the majority of non-federal
and privately owned dams in the United States were unsafe. They were
“poorly engineered, badly constructed, and improperly maintained.”
(Wearne 2000, p. 200)

Of course, with changing land use patterns, remote areas may become
much less remote over time. Changes in facility use need to be carefully con-
sidered so that the safety systems are left in place and maintained.
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Runoff predictions also change over time, often adjusted upward as
more data and better models become available. In the case of the South Fork
Dam, significant rain had fallen before the big storm, and the ground was
saturated. This antecedent moisture condition greatly increased runoff.

Engineers have an important part to play in emergency planning.
Although such planning is a public policy matter, the policy should be based
on sound engineering information. It is necessary to have a communications
and evacuation plan to move people away from the hazard. False alarms
have to be handled carefully, so as to keep the populace from losing faith in
the predictions. No formal system existed in Johnstown to provide warning,
and the nearly annual predictions of the dam failure—which, in hindsight,
had considerable merit—served in large part to ensure that when the warn-
ing finally came it would be ignored.

On May 8, 2007, Lawrence H. Roth testified to congressional sub-
committees on dam and levee safety.

“There are now more than three thousand three hundred unsafe dams
nationwide—an alarming number,” Roth said. ... According to the
National Performance of Dams Program, which collects information
on performance from dam owners and state and federal regulatory
agencies, more than 30 dam failures have occurred in the past four
years. . .. “The problem of hazardous dams is enormous,” Roth went
on to say. “Although catastrophic failures are rare, there were over one
thousand dam safety incidents—including one hundred twenty-nine
failures—between 1999 and 2006. The number of high-hazard dams—
dams whose failure would cause loss of human life—is increasing dra-
matically, largely because of downstream development. By 20035, the
number of high-hazard-potential dams totaled more than eleven thou-
sand nationally.” (Fitzgerald 2007)

Essential Reading and Other Resources

The most important book on the disaster is The Johnstown Flood
by David McCullough (1968). McCullough includes extensive accounts
of the individuals involved and was even able to interview some of the
survivors decades after the disaster. Many of the survivors had left detailed
personal accounts. This case is discussed by Levy and Salvadori (1992,
pp. 162-166).

The Johnstown Flood is one of the few disasters of this type to be com-
memorated by a national memorial operation by the National Park Service.
The Johnstown Flood National Memorial (http://www.nps.gov/archive/jofl/
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home.htm) is located at the site of the failure of the South Fork Dam. The
memorial website states, “We encourage everyone who views this web site
to travel to the place where this event began, the South Fork Dam. The
Johnstown Flood National Memorial preserves the remains of this dam and
works with many area partners in order to tell you this story.” The John-
stown Area Historical Association (http://www.jaha.org/) also maintains a
Johnstown Flood Museum in Johnstown. Some photos from a visit to the
South Fork Dam are shown in Figs. 8-2 and 8-3.

Malpasset Dam

The sudden and unexpected collapse of the Malpasset Dam in France led to
considerable loss of life.

The necessity of water for irrigation and drinking, joined with the wish
to interrupt regular inundations by the Reyran River, are the reasons
that led the French agriculture ministry to approve the building of the

Figure 8-2. The basin of the former reservoir.
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Figure 8-3. Remains of the South Fork Dam.

Malpasset Dam in August 1950. Construction was started in April 1952
and was finished in December 1954. The dam was located in a narrow
gorge of the Reyran River Valley, about 12 km [7.5 mi] upstream of
Fréjus, a French town upstream of the Cote d’Azur area.

The dam was 66.5 m [218 ft] high with a variable thickness between
1.5 and 6.77 m [§ and 22 ft]. The upper crest was 223 m [732 ft] long.
The dam formed a reservoir of 55 X 10 m? [14.5 billion gal or about
44,000 acre-ft].

The reservoir was filled slowly in the five years following the build-
ing, but the intense rainfall of November 1959 caused a rapid increase
of the water level that reached 7 m [23 ft] below the dam crest. At that
time, a water leak was observed along the right bank. From Novem-
ber 19 to December 2, 500 mm [20 in.] of rain fell on the basin of
the Reyran River, the water level in the reservoir reached the crest of
the dam, and water overflowed. Permission to open the bottom outlet
gate was given only at 6 .M. on December 2. The delay was due to the
wish not to damage the highway bridge piers under construction down-
stream from the dam.
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At 9:14 r.Mm. on December 2, 1959, the Malpasset Dam failed explo-
sively, giving rise to a flooding wave more than 40 m [130 ft] high. The
wave reached the Fréjus Gulf about 21 min after the dam break, and the
valley morphology was drastically changed; some very large concrete
blocks were carried very far from the dam. A large portion of the Esterel
Freeway was destroyed. Only a little portion of the arch of the dam still
remains in its original position. 421 casualties were reported.

Several inquiries were conducted in order to highlight the cause of
the failure. The result was that the main causes of the disaster were the
exceptional rainfall and a lack of detail in the geological survey. (Valiani
et al. 2002, p. 465)

The valley and the extent of the flooding are shown in Fig. 8-4.

Design and Construction

The Malpasset Dam was a continuation of the work of the famed
designer André Coyne, who had slowly been raising the allowable compres-
sive stresses within arch dams. At Malpasset, the allowable compressive
stress was increased from 2.4 MPa (355 Ib/in.2) to 4.7 MPa (680 Ib/in.?).
When it was completed, Malpasset was the thinnest arch dam in the world
(Ross 1984, p. 127). A plan view of the dam is shown in Fig. 8-5.

A thin curved arch structure such as the Malpasset Dam is efficient
and requires much less material than a gravity dam. The structural behavior
is similar to that of a half dome turned on its side. The structural integrity of
arches and domes relies in large part on the strength of the supports. In the
case of an arch dam, the supports are the valley walls. These walls carry the
horizontal thrust from the arch. Therefore, a thorough geological investiga-
tion is necessary to locate any potential weak areas at the abutments. The
right abutment of the Malpasset Dam was a rock face, and the left abutment

used a wing wall to close the gap between the dam and the canyon wall
(Levy and Salvadori 1992, pp. 166-172).

Failure of the Dam

The French investigation report noted,

Toward mid-November the water level stood at elevation 95.20 [m,
312 ft], the valve operator noticed certain leaks on the right bank
approximately 20 m [66 ft] downstream of the dam: upon examination,
these appeared to be due either to certain deep cracks of the dam or to
the rising water level connected to the rains.
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Figure 8-4. Area flooded by the Malpasset Dam Failure.
Source: Ministére de I’Agriculture (1960).
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Figure 8-5. Plan view of the dam.
Source: Ministeére de I’Agriculture (1960).
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On the 27 November the outflows were clearly noticeable; on the 28,
heavy rains fell in the region. On the 29 the water level reached eleva-
tion 95.75 [m, 314 ft]. It was clear that the seepage of water on the right
bank did not proceed from the contact point of the bedrock with the
dam, but was due either to deep infiltrations or to the rains. Renewed
heavy rains descended on the night of the 29 to the 30 November. The
reservoir filled up, elevation 96.30 [m, 316 ft] was reached on the morn-
ing of the 30 November and elevation 97 [m, 318 ft], around 6 P.m.
Seepage on the right bank increased. On 1 December, rain rendered
communication precarious: elevation 98 [m, 322 ft] was passed around
noon of that day; at midnight elevation 99 [m, 325 ft] was reached,
and at noon of 2 December elevation 100 [m, 328 ft] was reached.
(Ministere de I’Agriculture 1960, pp. 5-6)

Normally, the valves would have been opened to discharge water from
the dam at 98.50 m (323 ft) to reserve room for absorption of floods, with
opening automatic at elevation 100 m (328 ft). However, work was in prog-
ress on a bridge below the dam, and there were concerns about safely dis-
charging the water.

After a conference held near the dam on the afternoon of the 2 Decem-
ber, the order was given to the dam watchman to open the valve at 6 p.Mm.
This operation was carried out without normal vibration, the level of
the reservoir was 100.12 [m, 328 ft]. The discharge of the valve sur-
passed expectation; the valve operator noted a 3 cm [1.2 in.] lowering
of the reservoir around 7:30 p.m. At 8:45 p.m. the dam watchman left
the structure.

Around 9:10 p.m. the watchman who had returned to his home on
the right river slope of the valley approximately 1,500 m [4,900 ft]
downstream of the dam, heard successive crackings, a violent blast
opened doors and windows, a brilliant flash appeared, and the electric-
ity went out. The dam broke in an instant. (Ministére de I’Agriculture
1960, p. 6)

A plan view of the dam after the failure is shown in Fig. 8-6.

Investigations and Repercussions

French authorities launched an investigation, supervised by the min-
ister of agriculture. Sabotage, earthquake, meteorites, explosions, down-
stream scour, and erosion were ruled out. Observers noted that the dam
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Figure 8-6. The dam following the failure.
Source: Ministére de I’Agriculture (1960).



274 BEYOND FAILURE

began breaking apart near the center. This evidence suggested that an abut-
ment had shifted. At the right abutment, blocks of concrete were found to
be still bonded to the bedrock, indicating that the failure had not started
there (Ministere de I’Agriculture 1960, pp. 6-11).

Overall, the quality of the concrete and the grout were adequate. The
concrete and grout were found to be well bonded to the rock. The arch dam
design calculations had been carried out correctly (Ministére de I’ Agriculture
1960, pp. 11-24).

This result suggested a fault or weakness of the rock at the left embank-
ment. The panel attributed the failure to an unpredictable shift of rock at
that embankment (Levy and Salvadori 1992, pp. 166-172).

The 69-year-old engineer of the Malpasset Dam, André Coyne, died
6 months after the disaster. In France, unlike the United States, failures of
engineering structures may lead to criminal prosecution. The engineer who
accepted the dam on behalf of the Agriculture Department, Jacques Dar-
geou, was indicted for negligent homicide. Dargeou demanded a new inves-
tigation. The new investigation faulted Dargeou for not exploring the dam’s
foundation better but also implicated the late Coyne. After a long trial,
Dargeou was acquitted (Levy and Salvadori 1992, pp. 166-172).

After this event, a group of 240 relatives of victims sued four of the
engineers involved. Interesting new facts emerged. A month before the col-
lapse, changes in the shape of the dam had been documented in a photo
survey. The engineer who had taken over from Dargeou did not consider
this information significant but had been slowly starting an investigation. A
watchman suggested that strong highway blasting near the dam had been
far over the safe limit. At the end of the trial, the four engineers were cleared
(Levy and Salvadori 1992, pp. 166-172).

Lessons Learned

The technical cause of the failure was revealed during the inves-
tigations. A thin, clay-filled seam in the rock behind the left abutment
allowed the abutment to shift. This displacement and the loss of support
led to the cracking at the center of the dam (Levy and Salvadori 1992,
pp. 166-172).

The clay seam was only 25-50 mm (1-2 in.) wide. The prosecutor,
after the failure, alleged that this seam should have been taken into account
in the dam’s design. However, the clay seam was only part of the story (Ross
1984, pp. 127-129).

Ross (1984, pp. 127-130) reviewed some of the lessons learned from
this failure that were discussed in an Engineering News Record letter to
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the editor published in the November 2, 1967, issue. The letter was writ-
ten by P. Londe of Coyne & Bellier, the firm that had designed the dam.
While acknowledging that the weak clay seam led to the failure, he stated
that the problem was more complex and that such seams are often encoun-
tered in dam foundations and successfully dealt with. By this time, several
years of rock mechanics research had been carried out. Londe stated that
the explosive failure occurred because of the pressure of water percolating
through the rock abutment. The three conditions required to trigger the
failure were:

o upstream geological discontinuities,
e a downstream shear fault, and
o watertight rock under compression.

The last condition was unusually intense at the Malpasset Dam. There-
fore, the dam did not merely slip on a clay seam. It was safe under the dam
thrust alone, but the support was weakened by the unprecedented water
pressure within the rock at the abutment.

Because the speed and depth of the flood caused by the Malpasset
Dam failure were well documented, this case study has been used to develop
and verify hydraulic models to improve future flood predictions (Valiani
et al. 2002).

The velocity of the water after the dam break may be estimated using
the Bernoulli equation between two points (1 and 2):

2 2
&+U_1+z1:&+v_2+z2:H (8-1)
Y28 v oo2g

where p = pressure, y = unit weight, v = velocity, g = gravity, and z =
elevation above some reference point, at points 1 and 2, respectively. H is
the Bernoulli constant.

For a dam break, point 1 represents the water just behind the dam as
it breaks and point 2 represents the water just downstream. Both points are
on the surface, so p, and p, are 0. The water velocity just before the dam
break v is assumed to be 0. Therefore, the velocity after the dam break v,
may be determined from the difference in elevations (z; — z,) equal to the
height of the dam. Therefore,

v, =28(z — 2,) = 2g(A2) (8-2)
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Note that this is the same equation found in Chapter 2 using the work-
energy principle from dynamics. Therefore, for the Malpasset Dam with
a height of 59 m (197 ft) and g = 9.81 m/s? (32.2 ft/s?), the final velocity
would be

v, =2g(Az) = J2(9.81)(59) = 34 m/s (112 ftls)

Conclusions

The panel report concluded,

The disaster had no witnesses and the description of the process of fail-
ure is thus necessarily hypothetical. However, one thing is certain: fail-
ure of the arch could be caused only by the supports giving way. In fact,
an arch well designed and well built, as was the case, will not collapse
unless the supports fail.

How can we explain that failure? In the last analysis, these supports
were all constituted by the foundation terrain. However, along the top
of the left bank the arch had no direct contact with the ground except
by the intermediary of a buttress. It may therefore be asked if this but-
tress which moved approximately 2 m [6.1 ft] was not the cause of the
accident. (Ministére de I’ Agriculture 1960, p. 31)

The report ends with these conclusions:

1. The disposition of the structure was correct; the calculations were exact
and in conformity with standard practice.

2. Execution was very good, especially concerning the quality of the concrete
and its bond with the bedrock.

3. The cause of the break must therefore be exclusively attributed to the
ground below the foundations.

4. The most probable cause of the disaster should be attributed either to the
presence of a slip plane or to the higher upstream fault described in the
report, which for a considerable distance ran almost parallel with, and
close to, the foundations of the arch in the upper part of the right bank.
The already high deformability of the foundations was locally increased by
the presence of this slip plane. The structure was unable to adapt itself to
this increased deformability.

5. The absence of a deep grout curtain has no connection with the disaster.
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As the result of these investigations, the Commission can affirm that the
catastrophe of Malpasset should not diminish the confidence of engineers
in dams of the arch type, the safety of which is ensured as long as the entire
supporting structure is capable of permanently carrying the loads transmit-
ted by such a structure. (Ministére de I’Agriculture 1960, p. 39)

Essential Reading

This case study is covered in pp. 166-172 of Levy and Salvadori
(1992). The French Ministry of Agriculture Final Report of the Investigat-
ing Committee of the Malpasset Dam (Ministére de ’Agriculture 1960) was
published in English translation, but it may be difficult to find.

Schoharie Creek Bridge

The Schoharie Creek Bridge in New York State collapsed on the morning of
April 5, 1987, after three decades of service. The collapse of Pier 3 caused
two spans to fall into the flooded creek. Five vehicles fell into the river, and
10 occupants died.

Bridges across waterways must be designed structurally not only to
carry their own weight and traffic loads, but also to resist the hydraulic forces
imposed by rivers and other bodies of water. Moreover, the construction of
the bridge abutments and piers alters the river’s flow and may lead to new pat-
terns of erosion and deposition. The collapse of the Schoharie Creek Bridge
illustrates the importance of designing bridge piers to resist scour. The case
also illustrates the importance of the inspection and maintenance of bridges.

Design and Construction

The Schoharie Creek Bridge was one of several bridges constructed by
the New York State Thruway Authority (NYSTA) for a 900-km (559-mi)
superhighway across New York State in the early 1950s. The bridge was sit-
uated northwest of Albany in the Mohawk Valley (WJE and MRCE 1987).

The 1949 edition of the American Association of State Highway
Officials (AASHO—now the American Association of State Highway and
Transportation Officials, AASHTO) “Standard Specifications for Highway
Bridges” (AASHO 1949) was used for the design of the Schoharie Creek
Bridge. The preliminary design for the bridge was contracted out to Madigan-
Hyland Consulting Engineers (WJE and MRCE 1987).
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The New York State Department of Public Works (DPW), later named
the New York State Department of Transportation (NYSDOT), approved
the 165-m (540-ft) bridge for the crossing of the Schoharie Creek. The final
design was submitted in January 1952 and consisted of five simply sup-
ported spans with nominal lengths of 30.5, 33.5, 36.6, 33.5, and 30.5 m
(100, 110, 120, 110, and 100 ft). Concrete pier frames supported the bridge
spans along with abutments at each end (Fig. 8-7).

The pier frames were constructed of two slightly tapered columns
and tie beams. The columns were fixed within a lightly reinforced plinth,
which was positioned on a shallow reinforced spread footing. The spread
footing was to be protected by a layer of dry riprap. The superstructure
was made up of two longitudinal main girders with transverse floor beams.
The skeleton of the 200-mm (8-in.) thick bridge deck was made of steel
stringers (WJE and MRCE 1987). A plan of the bridge spans is shown in
Fig. 8-8.
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Figure 8-8. Schoharie Creek Bridge plan view.

The construction contract for the bridge was awarded to B. Perini and
Sons, Inc., on February 11, 1953, and construction began shortly thereafter.
Madigan-Hyland Consulting Engineers performed construction inspection
for the bridge, in conjunction with DPW. The majority of the construc-
tion was completed and the bridge was opened to partial traffic during
the summer of 1954. The Schoharie Creek Bridge was fully completed in
October 1954 (WJE and MRCE 1987). Almost a year later, the bridge suc-
cessfully survived a 100-year flood, but the damage from the flood of Octo-
ber 16, 1955, may have had a bearing on the collapse three decades later
(NTSB 1988).

The as-built plans did not reflect the true condition of the bridge. They
showed that sheet piling had been left in place to protect the piers. How-
ever, the sheet piling had been removed after construction (WJE and MRCE
1987, NTSB 1988).

Pier Modifications

Shortly after construction was completed, in the spring and summer of
1955, the Schoharie Creek Bridge pier plinths (shown in Fig. 8-7) began to
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form vertical cracks. The cracks ranged from 3 to 5 mm (¥4 to % in.) in width,
and the locations of the cracks varied from pier to pier (WJE and MRCE
1987). The cracks occurred because of the high tensile stresses in the con-
crete plinth. The plinth could not resist the bending stresses between the two
columns. The original designs called for reinforcement to be placed in the
bottom portion of the plinth only because designers had confidence that the
concrete in tension could resist the bending stresses without reinforcement.

It was later determined that the upper portion of the pier plinths had a
tensile stress of 1.4 MPa (200 Ib/in.?) and there should have been “upwards
of [39,000 mm?] 60 square inches of steel in the upper face” of the plinth
(WJE and MRCE 1987). In 1957, plinth reinforcement was added to each
of the four piers to correct the problem of vertical cracking.

The plinth may be seen as an upside-down uniformly loaded beam,
with the soil bearing pressure providing the uniform loading and the two
columns acting as supports. It becomes obvious that the top of the plinth
represents the tension face of the beam and requires reinforcement. How-
ever, to be properly anchored, the tension reinforcement must be extended
past the supports—in this case, into the columns (NTSB 1988). This design
is illustrated in Chapter 5’s Fig. 5-15.

Obviously, this extension was not done, and it would have been diffi-
cult to extend the reinforcement through the columns without replacing the
columns. Ironically, because the added plinth reinforcement was not ade-
quately anchored, it may have contributed to the brittle and sudden nature
of the subsequent collapse by supporting the plinth until most of it had been
undermined (WJE and MRCE 1987, Thornton-Tomasetti 1987).

Several other problems occurred shortly after the completion of the
bridge. Inspectors noticed that the expansion bearings were out of plumb,
the roadway approach slabs had settled, the roadway drainage was poor,
and the supporting material for the west embankment dry stone pavement

was deficient. All of the problems mentioned and other minor problems
were corrected by the fall of 1957 (WJE and MRCE 1987).

Collapse

The Schoharie Creek Bridge collapsed on the morning of April 3,
1987, during the spring flood (Boorstin 1987, Thornton et al. 1988). Rain-
fall totaling 150 mm (6 in.) combined with snowmelt to produce an esti-
mated 50-year flood (WJE and MRCE 1987).

The collapse was initiated by the toppling of Pier 3, which caused the
progressive collapse of Spans 3 and 4 into the flooded creek. The piers and
spans are shown in Fig. 8-9. One car and one tractor-semitrailer were on the
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Figure 8-9. Schoharie Creek Bridge collapsed spans.

Courtesy Howard F. Greenspan.

bridge when it collapsed. Before the road could be blocked off, three more
cars fell into the gap. The drivers of the other vehicles were probably too
close to the bridge to stop in time when it fell. Over the next three weeks, nine
bodies were recovered. One of the victims was never found (NTSB 1988).

Pier 2 and Span 2 fell 90 min after Span 3 dropped, and Pier 1 and
Span 1 shifted 2 h after that (Thornton-Tomasetti 1987). The National
Transportation Safety Board suggested that Pier 2 collapsed because the
wreckage of Pier 3 and the two spans partially blocked the river, redirecting
the water and increasing the stream velocity to undermine Pier 2 (NTSB
1988). The failed plinth is shown in Fig. 8-10.

Six days later, a large section of the Mill Point Bridge located about
5 km (3 mi) upstream of the Schoharie Creek Bridge collapsed. Fortunately,
the bridge had been closed since the flood because NYSDOT feared that its
foundation had also been eroded (WJE and MRCE 1987).

Causes of Failure

Two teams investigated the Schoharie Creek Bridge failure—Wiss,
Janney, Elstner (WJE) Associates, Inc., with Mueser Rutledge Consulting
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Figure 8-10. Schoharie Creek Bridge failed plinth.

Courtesy Howard F. Greenspan.

Engineers investigated for the NYSTA, and Thornton-Tomasetti, P.C.,
investigated for the New York State Disaster Preparedness Commission.
The teams cooperated, and the chief role of Thornton-Tomasetti, P.C., was
to review WJE’s work. A number of other firms assisted in the investiga-
tion. A cofferdam was constructed around the failed piers, and the site was
dewatered and excavated, to aid both the investigation and the construction
of the replacement bridge (WJE and MRCE 1987).

Each of the teams prepared a report as to the cause of the failure, and
they similarly concluded that the Schoharie Creek Bridge collapsed because
of the extensive scour under Pier 3. Scour is defined as “the removal of
sediment from a streambed caused by erosive action of flowing water”
(Palmer and Turkiyyah 1999). The vulnerability of scouring under Pier 3
was affected by four important factors (Thornton-Tomasetti 1987):

e “The shallow footings used, bearing on soil, could be undermined.”
Therefore, the depth on which the footings stood was not enough
to take them below the probable limit of scour.

e The foundation of Pier 3 was bearing on erodible soil. “Layers of
gravel, sand and silt, interbedded with folded and tilted till,” allowed
high-velocity floodwaters to penetrate the “bearing stratum.”
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o “The as-built footing excavations and backfill could not resist
scour.” The area left around the footing for excavation was back-
filled with erodible soil and topped off with dry riprap, “rather
than being backfilled with riprap stone” to the entire depth of the
excavation, as design plans specified.

o “Riprap protection, inspection and maintenance were inadequate.”

The process of scouring under the piers began shortly after the bridge
was built. In 19535, the bridge footings experienced floodwater flows unan-
ticipated in the design of the bridge, a 100-year flood, and it is believed that
the majority of the scouring energy was dissipated into moving the original
riprap layer from around the footings. Once the backfill had been exposed,
the years of peak flows removed the backfill material, and the backfill mate-
rial in turn was replaced by sediment settling into the scoured holes (WJE
and MRCE 1987).

The 1955 flood had an estimated flow of 2.17 million L/s (76,500 ft3/s).
The 1987 flood had an estimated flow of 1.8 million L/s (63,000 ft3/s) and
an estimated velocity of 4.6 m/s (15 ft/s). However, after the 1955 flood,
berms were constructed upstream, and the velocity at the bridge may have
been the same as that in the 1955 flood. Furthermore, the riprap placed at
construction had probably been washed away during the 1955 flood and
had not been replaced (WJE and MRCE 1987).

This process continued until so much material was removed that there
was a loss of support capacity (Shepherd and Frost 1995). The upstream
end of Pier 3 fell into a scour hole approximately 3 m (9 ft) deep (NTSB
1988). It was estimated that approximately 7.5-9 m (25-30 ft) along the
length of the pier was undermined (WJE and MRCE 1987).

Sheet piles were used to keep water out of the excavation area during
construction. The bridge design originally called for leaving the sheet piles
around the piers (Levy and Salvadori 1992). The specified riprap would
then fill the area left between the pier footings and the sheeting.

Unfortunately, the sheet piles were not left in place. Possibly, they could
have prevented the scour altogether. Levy and Salvadori (1992, p. 146) note
that “in the contract issued in 1980 for maintenance work, all reference to
new stone riprap had been deleted by a nonengineer state employee who
decided, after viewing the site from shore, that it was unnecessary.” The
NTSB also noted this incident (NTSB 1988).

The riprap was also too light. The specification called for riprap with
50% of the stones heaver than 1.3 kN (300 1b) and the remainder between
0.44 and 1.3 kN (100 and 300 Ib). However, the investigators found that
riprap weights of 4.4-6.7 kN (1,000-1,500 1b) should have been specified
(WJE and MRCE 1987).
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Although the main cause of the bridge failure was scour, several other
items were considered during the investigation of the collapse. These items
include the design of the superstructure, the quality of materials and con-
struction, the inspection and maintenance of the superstructure, the inspec-
tion and maintenance of piers above the streambed, and the inspections per-
formed using the guidelines available at the time of inspections. These items
did not contribute to the collapse of the Schoharie Creek Bridge (Thornton-
Tomasetti 1987).

Thornton-Tomasetti found six items that aggravated the tendency for
scour (Thornton-Tomasetti 1987, pp. 3-5):

e The flood was greater than that anticipated by the designers and
followed the 1955 flood and others that had disturbed the riprap.

e A curve in the river upstream of the bridge directed a higher veloc-
ity flow toward Pier 3.

e Drift material caught against the piers directed water downward at
the base of Pier 3.

e Berms built in 1963 directed floodwaters under the bridge.

e An embankment west of the creek channel increased flood velocities.

e The Mohawk River Dam downstream was set for winter conditions
and was 3 m (10 ft) lower than in the 1955 flood, increasing the
hydraulic gradient.

Furthermore, Thornton-Tomasetti found a number of other factors that
contributed to the severity of the collapse (Thornton-Tomasetti 1987, pp. 5-6):

o The bridge bearings allowed the spans to lift or slide off of the
concrete piers.

e The simple spans were not redundant.

o The lightly reinforced concrete piers did not have enough ductility
to permit frame action.

e The plinth reinforcement stopped the hinge action of the plinth
cracks. Therefore, instead of dropping slowly into the scour hole,
the plinth cracked suddenly.

The first two elements were common practice when the bridge was
designed in the 1950s.

The National Transportation Safety Board conducted its own investiga-
tion and concluded that the probable cause of the accident was failure to main-
tain riprap. As contributing factors, they pointed to ambiguous construction
plans and specifications, an inadequate NYSTA bridge inspection program,
and inadequate oversight by the NYSDOT and FHWA (NTSB 1988).
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Scour and Countermeasures

Scour removes material through three mechanisms (Thornton et al.
1988, Palmer and Turkiyyah 1999):

1. Long-term aggradation or degradation, the change in channel bottom
elevation that occurs through normal erosion and deposition of
material in the riverbed. Clearly, the degradation is of concern from
a bridge safety standpoint.

2. Contraction scour when the stream width is narrowed by natural
processes or bridge abutment and pier construction. By the continu-
ity equation Q = Av (where Q = flowrate, A = cross-sectional area,
and v = velocity), if the channel cross-sectional area decreases, then
the velocity must increase, resulting in an additional lowering of the
channel bottom elevation.

3. “Local scour occurs when flow is obstructed by a pier or abutment
placed in the floodplain. Vortexes that form at the pier or abutment
remove stream bed material” (Huber 1991, p. 62).

Clearly, ata bridge pier, all three processes occur and are additive. Because
the last two mechanisms occur only after the bridge has been constructed, the
extent of potential scour may be difficult to estimate in advance.

Scour may be countered by riprap, by supporting piers on piles, by pro-
viding cofferdams around piers, and through other measures. The key is an ade-
quate prediction of the hydraulic forces that occur during powerful floods. The
analysis should also include the effects of potential land-use changes upstream,
such as increases in runoff from development and associated paving.

Technical Aspects

The NTSB suggested a number of ways that the disaster could have
been prevented or that the loss of life could have been reduced. The bridge,
like other bridges on the Schoharie Creek, could have been supported on
piles, which would have resisted scour. The AASHO 1949 provisions were
unclear on whether piles were required for this bridge. In the absence of the
piles, leaving the sheet piling in place and providing enough riprap would
have helped protect the pier. However, the quantity estimates provided to the
contractor by the design engineer did not have enough sheet piling or riprap
for pier protection. The use of continuous spans, rather than simple spans,
would have provided redundancy once Pier 3 failed and perhaps would
have allowed for the redistribution of forces between the spans. Also, the
plinth reinforcement added after the bridge construction was not anchored
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in the columns (NTSB 1988). The reinforcement does not cross the crack in
the plinth of Pier 3.

However, the key lesson pointed out by the NTSB was operational,
not technical. It is important for bridge owners to identify the critical fea-
tures that can lead to the collapse of a bridge and to ensure that those criti-
cal features are inspected frequently and adequately (NTSB 1988).

The WJE Associates and Mueser Rutledge Consulting Engineers report
notes that bridges must be designed for hydraulic, geotechnical, and struc-
tural effects. Of the three, only the geotechnical design, relying on the sup-
port strength of the glacial till, was satisfactory (WJE and MRCE 1987).

Bridge inspections play a major role in evaluating the superstructure
and substructure for deterioration to determine if maintenance is required.
Although the Schoharie Creek Bridge had been inspected annually or bien-
nially since 1968, an underwater inspection of the pier footings had never
been performed. The bridge was scheduled for an underwater inspection
in 1987, but the bridge collapsed before the inspection took place (NTSB
1988).

The Thornton-Tomasetti report notes, “where riprap is used to pre-
vent scour, inspection and restoration of protective riprap should be per-
formed after every significant flood to avoid . . . progressive damage, and the
replacement stones used should be heavier than those which were observed
to shift” (Thornton-Tomasetti 1987, p. 20).

Because of the collapse of the Schoharie Creek Bridge and other
bridges failing in a similar manner, bridge inspectors were further trained to
recognize scour potential by examining and comparing any changes in the
conditions from previous inspections (Huber 1991). Scouring failures also
sparked the much-needed research for detecting scour potential.

Changes to Engineering and Management Practices

When the bridge was built, the tools of the day were not adequate for
predicting scour. While the bridge was in service, the inspection procedures
used were not sufficient to detect the scour. Since the collapse of the Schoha-
rie Creek Bridge, important advances have been made. A study conducted in
1989 revealed that 494 bridges failed between 1951 and 1988 as a result of
hydraulic conditions, primarily because of scouring (Huber 1991).

Summary and Conclusions

The collapse of the Schoharie Creek Bridge was an important event in
the development of bridge design and inspection procedures. It is important
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to predict accurately the effects of scour and to design bridges to resist those
effects. Lessons learned include the following:

1. proper selection of a critical storm for the design of bridges cross-
ing water;

2. the need for regular inspections of the superstructure, substructure,
and underwater features of the bridge; and

3. the importance of adequate erosion protection around piers and
abutments susceptible to scour.

Similar Failure of the Hatchie Bridge

Two years after Schoharie, the 55-year-old Hatchie Bridge near Cov-
ington, Tennessee, also collapsed because of scour. A 9-m (28-ft) section of
the bridge dropped 8 m (25 ft) into the water as a furniture van and sev-
eral cars were crossing. The furniture van hit an additional bridge support,
expanding the collapse, and the van and some cars were buried under the
debris. The Hatchie Bridge had a timber pile foundation. However, over
time the river had meandered, spreading to unprotected bridge piers that
had originally not been in the main channel. Earlier field inspectors had rec-
ommended adding scour protection to these piers. At the time of the failure,
the river was about 1 m (3 ft) above flood stage (Levy and Salvadori 1992,
pp. 147-148).

Essential Reading

One important, comprehensive reference is the National Transporta-
tion Safety Board’s (NTSB 1988) highway accident report “Collapse of New
York Thruway (I-90) Bridge over the Schoharie Creek, near Amsterdam,
New York, April 5,1987.” The case study is discussed in Levy and Salvadori
(1992, pp. 143-147). This case study is featured on the History Channel’s
Modern Marvels Engineering Disasters 9 videotape and DVD.

New Orleans Hurricane
Katrina Levee Failures
The failure of the levees and the flooding of New Orleans during Hurri-

cane Katrina on August 29, 20035, represent the first time in history that an
engineering failure has brought about the destruction or near-destruction
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of a major U.S. city. The ASCE Hurricane Katrina External Review Panel
stated that,

The catastrophic failure of New Orleans’s hurricane protection system
represents one of the nation’s worst disasters ever. . . . A storm of Hur-
ricane Katrina’s strength and intensity is expected to cause major flood-
ing and damage. A large proportion of the destruction from Hurricane
Katrina was caused not only by the storm itself, however, but also by
the storm’s exposure of engineering and engineering-related policy fail-
ures. (ASCE Review Panel 2007, p. v)

The Hurricane Protection System

The port of New Orleans has been vital to the national economy since
before the founding of the United States. It is the gateway for imports and
exports to the Mississippi Valley and the Midwest. Land throughout the area
is formed from sediments carried down the Mississippi River, with substantial
amounts of organic material. The city was founded in the early 1700s near
the mouth of the Mississippi River on high ground, but as the city grew, adja-
cent low-lying marshlands were developed. The first levees were built around
swampland that was then drained and developed. The area also contained
bayous, many of which became canals. Over time, a system of flood walls
and levees was gradually developed (ASCE Review Panel 2007, pp. 5-8).

The problem of protecting the city and the surrounding area is com-
plicated by the fact that the underlying soft sand, silt, and clay are gradually
sinking. Much of the city and its surrounding parishes is now below sea
level. In the past, as the earth sank, new material was deposited by the river,
but the flood control system now channels the sediments out into the Gulf
of Mexico. Groundwater withdrawals and petroleum production have also
increased the rate of subsidence. The rate of subsidence is approximately
4-5 mm (0.15-0.2 in.) per year overall and as much as 25 mm (1 in.) per
year in some areas (ASCE Review Panel 2007, p. 8).

The first major hurricane protection project was authorized by Con-
gress in 1946. Additional projects were authorized over the years. Con-
gress gave the primary responsibility for the design and construction of the
system to the U.S. Army Corps of Engineers (USACE). Some of the levees
and pumping stations are owned and operated by other agencies. The over-
all USACE flood protection strategy was to build levees and flood walls
around different segments of New Orleans, grouped into three main units.
Based on guidance from Congress, USACE developed a “standard project
hurricane” or SPH to use for design, based on storm records from 1900 to
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1956. It was recognized that a hurricane stronger than the SPH was possible
(ASCE Review Panel 2007, pp. 17-20).

The three types of flood protection structures designed and built by
USACE were I-walls, T-walls, and levees. The levees were earthen dams
made of compacted material or hydraulic fill, sloped at a rate of 1 vertical
to 3 horizontal. As a result, a levee would need to be more than 6 times as
wide as it was tall. Raising a levee, then, would require purchasing private
property and demolishing buildings. Therefore, I-walls and T-walls were
built on top of low existing levees to raise their height without widening
them. I-walls were built from Z-type steel sheet piling, and T-walls were
reinforced concrete structures shaped like an inverted T, supported by bat-
tered pilings. T-walls are much stronger than I-walls but also more expen-
sive (ASCE Review Panel 2007, pp. 20-22). Figure 8-11 shows these flood
wall and levee configurations.

One common error in the design and construction of the levees and
flood walls was the use of an incorrect datum. The structures were intended
to be built referenced to mean sea level (MSL). However, they were actually
built to a land-based datum, which was incorrectly assumed to have a con-
stant offset from MSL (ASCE Review Panel 2007, p. 22).

Because of the high annual rainfall of 1.5 m (60 in.) in the New Orleans
area, pump stations are used to remove water. The levees surround a series

FLOOD SIDE PROTECTED SIDE.

2! 8’
EL. 12.0

N ey
FLO0D SIDE 1> - FPROTECTED SIDE
T;‘ 2.0
COMPACTED MATERIAL
Z TYPE STEEL o us
SHEET PILING
B 3. IVQI(W
1-Wall EL. -20.0 o g r——m i conAGTED MaTERL
e e 1
SHEET FILING b E
e a0
&lﬁfﬁ?iﬁﬂ
PP T-Wall
w
EL. 12.0
W gy
B 108 EL 18,0
e. 50 LtiZH CONPACTED WATERIAL 1 o0 EL 8.0,
3B~ INCOMFACTED NATERIAL CAOTED TRy

Levee

Figure 8-11. New Orleans floodwall and levee configurations.
Source: IPET (2007).



290 BEYOND FAILURE

of bowls below sea level. The pumps were designed to handle storm water
runoff but not water from levee and flood wall overtopping and breaches.
The pumps remove water to canals and eventually to the surrounding lakes.
The New Orleans system is one of the largest pumping systems in the world
and consists of more than 100 pumping stations, some of which are almost
a century old. The system can handle approximately 225 mm (9 in.) of
water over a 24-h period. Power for the pumps is provided by diesel engines
or the electrical grid with backup generators. Some of the older stations use
25 Hz power rather than the more common 60 Hz, requiring frequency
changers (ASCE Review Panel 2007, pp. 22-23).

Failure of the System

Hurricane Katrina made landfall in the early morning of August 29,
20035, in southeast Louisiana to the east of New Orleans. Throughout the
area, levees and flood walls failed or were breached in more than 50 loca-
tions. Eighty percent of the city of New Orleans was flooded, to a depth of
more than 3 m (10 ft) in some neighborhoods. The extent of the destruc-
tion made it difficult to account for the victims, but the toll a year later was
listed as 1,118 dead people and 135 missing and presumed dead. More
than 400,000 citizens fled the city, many never to return. Property damage
reached tens of billions of dollars (ASCE Review Panel 2007, p. 1).

Wind and storm surge are the damaging agents of a hurricane, storm
surge at the coast and wind away from the coast. Storm surge is a com-
bination of wind-induced water motion, reduced atmospheric pressure in
the storm, and possibly high tide. Hurricane Katrina, unfortunately, came
ashore at high tide, and the storm surge in Plaquemines Parish reached as
much as 6.1 m (20 ft) above sea level. In Lake Pontchartrain, directly to the
north of New Orleans, wind from the north piled water up as high as 3.7 m
(12 ft) above sea level. The hurricane also brought heavy rainfall, increasing
the probability of flooding (ASCE Review Panel 2007, pp. 13-16).

The Lake Pontchartrain and Vicinity Hurricane Protection Project system
experienced the worst damage during and after Hurricane Katrina and
resulted in the most serious consequences to the city and people of New
Orleans. The massive, destructive flooding of New Orleans was caused
by ruptures at approximately 50 locations in the city’s hurricane pro-
tection system. Of the [457 km] 284 miles of federal levees and flood-
walls—there are approximately [563 km] 350 miles in total—[272 km]
169 miles were damaged. (ASCE Review Panel 2007, p. 25)
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Failures of the system began even before Hurricane Katrina made
landfall, with overtopping of the Mississippi River-Gulf Outlet levees and
flooding of parts of St. Bernard Parish. Shortly after landfall, at 6:30 a.m.,
levees on the south side of the New Orleans East neighborhood were also
overtopped and breached. Shortly thereafter, waves reached 1.2 m (4 ft) in
the Industrial Canal, causing more overtopping and flooding. Four I-walls
also breached, between about 5:00 and 8:00 A.M., even before the water
rose high enough to overtop them (ASCE Review Panel 2007, pp. 25-27).

With all of the breaches, some neighborhoods flooded to the rooftops
in minutes. Even where the flooding was slower, further from the sites of
the breaches, the water rose approximately 0.3 m (1 ft) every 10 min. The
deadliest breaches were in the Industrial Canal and the London Avenue
Canal. These canals extended south from Lake Pontchartrain into the heart
of the city, adding to the rapidity of the flooding (ASCE Review Panel
2007, pp. 28-31).

As the hurricane moved north that morning, the storm surge receded,
but the damage had been done. Once the I-walls failed, the city continued
to flood until the water level was equal to that of Lake Pontchartrain. By
September 1, more than 80% of the city was flooded, much of it 2-3 m
(6-10 ft) deep. The pump stations were no longer working, and in any case
the water couldn’t be pumped out until the levee breaches were repaired
(ASCE Review Panel 2007, pp. 31-32).

The consequences of the failure are discussed in detail by the ASCE
Review Panel (2007, pp. 33-46). In essence, the city and its economy were
destroyed, and much of the population moved away permanently. A year
and a half later, much of the city remained almost uninhabited and unin-
habitable. The failures also, understandably, shook the public’s faith in the
civil engineering profession.

Investigations

After the disaster, the chief of engineers of the U.S. Army Corps of
Engineers, Lieutenant General Carl A. Strock, ordered a thorough inves-
tigation. The investigation team was termed the Interagency Performance
Evaluation Taskforce (IPET). He also requested that ASCE form an external
review panel to assess IPET’s work. Many other teams of investigators also
assessed the performance of the levee system.

The IPET was asked to answer the following four questions:

1. What were the storm surges and waves generated by Hurricane
Katrina, and did overtopping occur?
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2. How did the flood walls, levees, and drainage canals, acting as an
integrated system, perform and breach during and after Hurricane
Katrina?

3. How did the pumping stations, canal gates, and road closures,
acting as an integrated system, operate in preventing and evacuat-
ing the flooding due to Hurricane Katrina?

4. What was and what is the condition of the hurricane protection
system before and after Hurricane Katrina and, as a result, is
the New Orleans protection system more susceptible to flooding
from future hurricanes and tropical storms? (ASCE Review Panel
2007, p. 2)

Seven of the major failures were breaches of the I-walls, which were
devastating because these walls had been intended to protect heavy resi-
dential development. These failures included the 17th Street Canal Breach,
the London Avenue Canal South Breach, the London Avenue Canal North
Breach, and several breaches of the Industrial Canal (ASCE Review Panel
2007, pp. 47-58).

THE 17TH STREET CANAL BREACH

The 17th Street Canal Breach occurred at about 6:30 A.M., with the
failure of a 137-m (450-ft) section of I-wall. This failure flooded the Lake-
view neighborhood. The water was about 1.5 m (5 ft) below the top of the
wall when it failed, well below the design water level (ASCE Review Panel
2007, p. 47).

The levee and flood wall were built on a layer of organic marsh soil, on
top of a layer of soft clay. The strength of the weak soil was badly overesti-
mated by the designers. Soil data were taken from borings along the center-
line over the entire 2,400-m (8,000-ft) length of the levee. The strength was
highly variable, and in some sections the actual strength of about 12 kPa
(0.13 ton/ft?) was less than the design strength of about 18 kPa (0.19 ton/ft?).
Also, the soil along the centerline had been consolidated and strengthened
by the weight of the levee, but the soil away from the centerline was weaker.
The problem of weak soil was exacerbated by the choice of a low factor of
safety of 1.3, in conflict with USACE guidance requiring a factor of safety of
at least 1.4 or 1.5. The margin for error was simply too small (ASCE Review
Panel 2007, pp. 47-50).

Another error in the design of the I-wall was that the effect of a water-
filled gap was not taken into consideration. This error turned out to be a
common feature of I-wall failures throughout the area. As the I-wall is
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pushed back by water, a gap opens adjacent to the wall in the levee and fills
with water. Instead of a sliding failure surface that encompasses the entire
base of the levee, the I-wall can now fail along a sliding surface extending
up and away from the bottom of the water-filled gap. The effect of the gap
is to reduce the overall sliding resistance by about 30%, effectively reduc-
ing the 1.3 factor of safety to 1.0. Full-scale tests carried out by USACE
on an I-wall two decades before had shown 75 mm (3 in.) of deflection
at the ground surface. As this behavior was verified by further research,
however, the existing walls were not checked (ASCE Review Panel 2007,
pp- 50-52).

Tue LoNDON AVENUE CANAL SOuTH BREACH

Some time around 6:00 to 7:00 A.M., the London Avenue Canal South
was breached. As with the 17th Street Canal, failure occurred with the water
still about 1.5 m (5 ft) below the top of the wall. The failure mechanism,
however, was different. In this area, the soil below the marsh was sand,
not clay. Water seeping through the highly permeable sand caused upward
pressures that tended to lift the levee. In essence, the levee and marsh layer
floated and then broke apart as the sand was eroded by the rushing water
(ASCE Review Panel 2007, pp. 52-53).

The failure of this levee, therefore, was brought about by seepage and
subsurface erosion of the underlying sand layer. The importance of seepage
was well known to USACE, and the designers of the levee had considered
it. However, a review of the design documents after the failure did not
show proper consideration of the marsh layer (ASCE Review Panel 2007,
pp- 53-54).

Measures such as deeper sheet pile walls or relief wells would have
reduced the uplift pressures or provided an additional line of defense against
failure, but they were not used. The information available at the time of
design was sufficient to develop a satisfactory system, if a more rigorous
analysis had been used. A water-filled gap also probably contributed to this
failure or its severity (ASCE Review Panel 2007, p. 54).

Tae LoNnDON AVENUE CANAL NORTH BREACH

The breach on the west side of the London Avenue Canal North
occurred around 7:00 or 8:00 A.m. This levee and its I-wall were underlain
by about 4.6 m (15 ft) of marsh over a thick sand layer. The sand under the
London Avenue Canal North levee was much looser and weaker than that
under the London Avenue Canal South levee. The failure mode was prob-
ably similar to that of the 17th Street Canal. Underseepage through the sand
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layer may have also played a role in the sliding failure, by reducing sliding
resistance. A water-filled gap reduced the factor of safety of this levee from
about 2.0 to about 1.0 (ASCE Review Panel 2007, p. 55).

BREACHES OF THE INDUSTRIAL CANAL

Several breaches of levees with and without I-walls occurred at vari-
ous locations in the industrial canal. The source of the earliest flooding,
at around 5:00 A.M., was probably a failure of the Industrial Canal East
Bank north I-wall. In this area, the soil was marsh over soft clay over sand.
This levee probably failed in much the same way as the 17th Street Canal,
as a sliding failure exacerbated by a water-filled gap (ASCE Review Panel
2007, p. 56).

The Industrial Canal East Bank south and West Bank I-walls were
overtopped by the hurricane floodwaters, with a peak water level about
0.5 m (1.7 ft) above the tops. As the water flowed over the I-walls, it scoured
and eroded soil from the land side, undermining the sheet piles until the
wall was pushed over by a lack of foundation support (ASCE Review Panel
2007, p. 56).

Levees without I-walls around New Orleans, including the Industrial
Canal West Bank south, failed because of overtopping by the storm surge.
Most of the 50 estimated levee breaches occurred in this manner. Once over-
topping occurred, the earth fill levees simply washed away. Levees built of
well-compacted clay with grass cover performed better than those made
with high silt and sand content or hydraulic fill. Some of the weaker levees
washed away completely (ASCE Review Panel 2007, pp. 57-59).

BREAKDOWN OF THE PUMPING SYSTEM

With multiple levee and flood wall breaches, the city was doomed to
flood until the water level inside the city rose to that of Lake Pontchartrain.
Although it is difficult to envision a pumping system that could have kept
up with the inflow, for various reasons the system in place turned out to be
useless during and directly after Hurricane Katrina.

The pumping stations throughout the New Orleans area could have
been—but were not—an integral part of the hurricane protection system.
Most hurricanes and tropical storms bring heavy rainfall, but the pump-
ing stations were designed only to remove storm water runoff and rou-
tine seepage water from the interior drainage system and pump it into
Lake Pontchartrain or other nearby bodies of water. (ASCE Review
Panel 2007, p. 59)
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The panel found the following reasons for the ineffectiveness of the
pumping system:

o During Hurricane Katrina, total rainfall was more than 300 mm
(12 in.). A few pump stations operated, but their output was only
16% of pumping capacity. The operating pump stations were
unable to lower floodwaters significantly because they were not in
the areas of the worst flooding.

e Many of the pump station operators evacuated areas in Jefferson
and St. Bernard Parishes because the stations had not been designed
to resist hurricane forces.

o Electrical power failed early in the storm, idling the many pump
stations that were electrically powered.

e Many pump stations were flooded and damaged as the city flooded.

o Buildings housing some of the older pump stations could not with-
stand the hurricane wind and water forces.

e The pump stations discharged into the canals and waterways that
had been breached, so even if they had been able to keep up with
the inflow, they would have simply recirculated the water.

e Some pumps in Jefferson Parish lacked automatic backflow preven-
tion devices. Therefore, water flowed through some idle pumps into
the city (ASCE Review Panel 2007, pp. 59-60).

Contributing Factors

In addition to the direct causes of flooding discussed above, there were
a number of factors that contributed to the large-scale failure of the system.
The system was overwhelmed by Hurricane Katrina.

LAack oF FUuLL APPRECIATION OF Risk

With the scale and complexity of the hurricane protection system, it
was difficult to assess either the probability or the potential consequences of
failure. A major dam would typically be designed for a likelihood of failure
of once in 100,000 or 1 million years of operation. In contrast, the risk of
a failure of the hurricane protection system resulting in 1,000 deaths was
once in 40 years. Moreover, it is generally easier to release water pressure
behind a dam and to evacuate people from downstream than it would be to
evacuate an area enclosed by a levee. The risks of levee failure were never
quantified before Hurricane Katrina and were greatly underestimated. If the
true risk had been known, it is likely that an evacuation would have been
ordered sooner. It is estimated that the probability of a hurricane on the
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scale of Katrina occurring in any given year is between 1 in 50 and 1 in 500
(ASCE Review Panel 2007, pp. 61-63).

PrEcEMEAL CONSTRUCTION OF HURRICANE
PROTECTION SYSTEM

The piecemeal construction of the system made it more vulnerable to
failure. Rather than a system, it was in fact a collection of parts cobbled
together, with elements built at different times and to different standards.
The pump stations near the south end of the 17th Street, Orleans, and
London Avenue Canals are masonry structures, almost a century old, that
have never been upgraded. They could not resist the water-pressure loads
from the storm surge. There were gaps for pump stations and hundreds
of penetrations through the levees for roads, railways, and pipelines. The
closures that were supposed to seal the gaps were often missing or inoper-
able. The segmented construction of the levees led to abrupt discontinuities
(ASCE Review Panel 2007, pp. 63-64).

Under the attack of the storm surge, the system could only be as strong
as its weakest link. There were many weak links, and many failed.

SysTEM UNDERDESIGNED

The standard project hurricane (SPH) used to design the system was
much weaker than the probable maximum hurricane (PMH), as defined by
the National Weather Service (NWS). The SPH was at the low end of the
162-177 km/h (101-110 mi/h) expected winds determined by the forerun-
ner of the NWS in 1959 for New Orleans. The hurricane protection system
was not evaluated for a PMH. The SPH was not updated when the NWS
revised its predictions in 1979. When design criteria were updated, the previ-
ously designed and constructed elements of the system were not improved
to the new standard. Hurricane Katrina’s maximum wind speed in the Gulf
of Mexico was roughly equal to the 259 km/h (161 mi/h) predicted for the
PMH. Overall, if the system had been designed and built to withstand the
PMH rather than the SPH, it would probably have performed better. Analyz-
ing the existing system for the PMH would have identified the segments of
the system that needed upgrading (ASCE Review Panel 2007, pp. 65-66).

Many Levees Not HicH ENouUGH

The error in the datum used to set the height of the levees has already
been mentioned. Given the known rate of subsidence, the levees should
have been built higher so that the levees and flood walls would still be high
enough even after sinking over time. Subsidence plus the use of an incorrect
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datum left many of the levees and flood walls up to 0.9 m (3 ft) lower than
designed. Because the peak storm surges were only 0.3-0.9 m (1-3 ft) above
the tops, many of these walls would not have been breached if they had been
at the correct elevations (ASCE Review Panel 2007, pp. 66—68).

No SINGLE ENTITY IN CHARGE

The large number of agencies responsible for parts of the hurricane pro-
tection system led to “chaotic and dysfunctional” management of the system.
Ten federal, state, and local agencies had overlapping and poorly defined
responsibilities. There was no single agency empowered to provide system-
wide oversight. Because of overlapping agency responsibilities, the floodgates
at Frances Road in Orleans Parish were not closed. Separate agencies con-
trolled design and maintenance. As a result, parts of the system were poorly
maintained. Major gaps also occurred in the emergency response. Continu-
ous operation of pumping stations might have reduced the flooding in the east
bank of Jefferson Parish. In some cases, local boards successfully defeated
improvements proposed by USACE. The local boards were also concerned
with local development projects, such as parks and casinos, in addition to
the hurricane protection system (ASCE Review Panel 2007, pp. 68-71). The
system, as a whole, suffered from division of focus and responsibility.

Lack oF EXTERNAL PEER REVIEW OF DESIGN

Large, complicated engineering projects, particularly those that involve
a substantial risk to public safety, are often subject to review by outside
experts. Peer reviewers assess the overall direction of the project, the valid-
ity of assumptions, the appropriateness of analytical methods used, and the
overall design approach. Before Hurricane Katrina, the USACE peer review
requirements were weak and inconsistent. Peer review might have uncovered
some of the faulty assumptions and systemic design errors (ASCE Review
Panel 2007, p. 71). Ironically, after the failure of the system, the work has
been subjected to an extraordinarily thorough peer review.

Lack oF STABLE FUNDING

The hurricane protection system funding provided to USACE was
through federal appropriations, with some costs borne by local agencies.
Funding was irregular at best, forcing delays to projects or reductions in
scope of work. Rather than a system funded to protect the public, the scale
of the construction was reduced to what could be paid for. Funds were
saved, for example, by not armoring the land sides of the levees in high-risk
areas. Overall, the funds provided by Congress were not adequate for the
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system, and USACE and the local agencies did not argue vigorously enough
for adequate funding (ASCE Review Panel 2007, p. 72).

Conclusions and Recommendations

The hurricane protection system for New Orleans was and remains
badly flawed. Moreover, loss of public confidence in the system has seriously
hampered the reconstruction of the city. People remain reluctant to move
back and invest.

According to the ASCE Review Panel, “we must place the protection of
public safety, health, and welfare at the forefront of our nation’s priorities”
(ASCE Review Panel 2007, p. 73). The specific reccommendations made by
the panel, with 10 specific calls to action classified under four recommended
changes in thought and approach, were the following:

Understand risk and embrace safety

— Keep safety at the forefront of public priorities

— Quantify the risks

— Communicate the risks to the public and decide how much risk
is acceptable

Re-evaluate and fix the hurricane protection system

— Rethink the whole system, including land use in New Orleans

— Correct the deficiencies

Revamp the management of the hurricane protection system

— Put someone in charge

— Improve inter-agency coordination

¢ Demand engineering quality

— Upgrade engineering design procedures

— Bring in independent experts

— Place safety first (ASCE Review Panel 2007, pp. 73-82).

Some specific deficiencies that need to be corrected, listed under call to
action 5, “correct the deficiencies,” were to establish mechanisms to incor-
porate changing information, to make the levees functional even if over-
topped, to strengthen or upgrade the flood walls and levees, and to upgrade
the pumping stations (ASCE Review Panel 2007, p. 78).

Essential Reading

An important report was published by the American Society of Civil
Engineers Hurricane Katrina External Review Panel, entitled The New
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Orleans Hurricane Protection System: What Went Wrong and Why (ASCE
Review Panel 2007). The various reports prepared by the Interagency Per-
formance Evaluation Task Force (IPET), entitled Performance Evaluation
of the New Orleans and Southeast Louisiana Hurricane Protection System,
are being published on the IPET website as they are released and revised,
https://ipet.wes.army.mil/. There are a total of eight volumes. The Interim Final
Volume [—Executive Summary and Overview (IPET 2007) is 147 pages long.

Other Cases

Vaiont Dam Reservoir Slope Stability Failure

The Vaiont Dam failure case study in provided in Chapter 7. The
landslide that pushed a wave of water over the Vaiont Dam led to consider-
able flooding downstream and loss of life. The water was channeled by the
valley walls, thus increasing the height of the flood. Ironically, the concrete
dam itself did not fail, but the reservoir was filled by the landslide, render-
ing it useless.

Austin Concrete Dam Failure

The failure of a dam in Austin, Pennsylvania, in 1911 is discussed in
Chapter 9. This concrete gravity dam slid and broke apart, releasing a flood
that wiped out Austin and other villages.
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Construction Materials

FOR A SUCCESSFUL PROJECT, THE DESIGN, MATERIALS, AND
construction must all be satisfactory. The project may be
envisioned as a three-link chain, governed by the weakest
link. A sound design with quality materials may become a
failure if construction is poor. Also, poor materials selec-
tion may decrease the safety or durability of a project.

Undergraduate courses in construction materials typ-
ically cover the properties and testing of common mate-
rials used in civil infrastructure. Usually, these courses
have a laboratory component so that students can observe
materials properties directly. The course may be primarily
laboratory based, with little theory.

There is a useful distinction to be made between
materials that are furnished in the final state, e.g., steel and
wood, and those that are essentially manufactured on the
job site, e.g., concrete, masonry, and asphalt. For materi-
als manufactured on-site, the engineer may bear a much
greater responsibility for ensuring that tests are performed
and interpreted correctly. It is often necessary to accept or
reject materials on the basis of limited test information.

For many students, this course may be the only expo-
sure to wood and masonry they will have. Universities gen-
erally teach structural design of steel and concrete—and
then the students graduate, and the first project they work
on may be a masonry building with a wood-frame roof.

301
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New materials, such as fast-setting repair materials, fiber-reinforced
polymers (FRPs), and epoxies, are increasingly being used in construction.
Advantages may include higher strength or stiffness or increased speed of
construction. However, there may be long-term disadvantages to the use
of the materials, and some of these disadvantages may not be known until
the new materials have been in service for many years. For new materials,
manufacturers may use different test protocols for key properties, such as
creep and cracking resistance, making it difficult to compare the engineering
characteristic properties of different products.

Newman (1986, p. 38) has observed that “it is a truism that good
quality reinforced concrete is made from cement, sand, aggregates, water,
and reinforcement—and so is bad quality concrete. So what has happened?”
In his article, he goes on to suggest some of the causes found and remedies
applied in Europe.

Corrosion of metals is also an important issue. In 1850, an early
wire cable suspension bridge across the Angers River collapsed as about
500 soldiers were marching across it in a storm, and almost half of them
died. The cause was corrosion of the cable wires within the anchorages.
The sealed anchorage system, intended to protect the cables, had instead
hastened their corrosion. Unfortunately, by this time there were hundreds
of bridges of this type, and the anchorage systems were difficult to inspect
(Scott 2001, p. 6).

Corrosion also factored in to the collapse of the Berlin Congress Hall.
The structure was a donation from the U.S. government to the people of
Berlin, and it was designed by a U.S. architect and built in 1957. It had a
large, hyperbolic, parabolic, prestressed concrete roof. The arch of the roof
was stiffened by a ring beam 400 mm (1.3 ft) long and 8.3 m (27 ft) wide.

On May 21, 1980, the southern overhang of the roof collapsed, killing
one person and injuring several more. A forensic investigation was carried
out by German engineers. It was found that the structural system was sensi-
tive to unplanned deformations and would not have permanently resisted
the applied stresses. Insufficient mortar in the tendon ducts and subsequent
corrosion of the tendons combined to cause the failure. Both conditions
were necessary for the collapse (Buchhardt et al. 1984).

Over the 23-year life of the structure, stress fluctuations led to crack-
ing in the concrete. The cracks diminished the concrete’s protection of the
reinforcing steel tendons. This condition led, in turn, to severe corrosion
and breaking of the wires that made up the tendons. A contributing factor
was the fact that the roof concrete was of poor quality and was uneven and
porous (Feld and Carper 1997, pp. 320-321).
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Austin Concrete Dam Failure

Quality of concrete construction is important, particularly in cold weather.
The September 30, 1911, failure of a concrete gravity dam in Austin, Penn-
sylvania, claimed between 50 and 149 lives. Greene and Christ (1998) put
the death toll at 78. It occurred fewer than 150 miles north of Johnstown,
Pennsylvania, 22 years after its more widely known disaster.

Dam Construction

The Bayless Pulp and Paper Mill decided to replace a smaller dam with
a larger dam in 1909 to increase production. The new dam was a gravity
dam, designed to hold back the water by its mass and friction against the
foundation. Cost and time constraints led to pressures to complete the dam
before winter. The dam blocked the Freeman Run Valley and was 161 m
(530 ft) long at the base and 166 m (544 ft) at the crest. The dam was 15 m
(49 ft) high at the crest, 13 m (42 ft) high at the spillway, 9.8 m (32 ft) thick
at the base, and 0.76 m (2.5 ft) thick at the crest. The reservoir filled half of
the valley and was designed to hold 750,000 m? (200 million gal or 613 acre-ft)
of water (Freiman and Schlager 1995b, pp. 205-206).

The dam was built from 12,200 m?3 (431,000 ft?) of cyclopean con-
crete. The cyclopean concrete consisted of boulder-sized pieces of native
sandstone rock, bound with conventional cement and concrete. Twisted
steel rods 32 mm (1% in.) in diameter and 7.6 m (25 ft) long, were spaced
0.8 m (2.7 ft) apart to reinforce the dam. An earth fill embankment 8.2 m
(27 ft) high and sloped 3 horizontal to 1 vertical was rolled against the
upstream face of the dam (Freiman and Schlager 1995b, p. 207).

The dam’s foundation was the rock of the valley floor, which consisted
of thin layers of shale between narrow layers of sandstone. About 6,000 m?
(212,000 ft?) of soil was excavated at the foundation, and loose material
was washed and cemented together with grout. A 1.2 X 1.2 m (4 X 4 ft)
footing extended into the bedrock, and the abutments were also cut 6.1 m
(20 ft) into bedrock (Freiman and Schlager 1995b, p. 207).

The dam was not yet finished as winter approached, and the last hur-
ried concrete construction was carried out with temperatures below freezing.
By December 1, 1909, when the dam was completed, a large crack passed
completely through the dam, fracturing some of the cyclopean boulders. A
second crack appeared later that month. With the dam empty, and no visible
settlement of the foundation, it appeared that the cause was contraction of
the concrete (Freiman and Schlager 1995b, pp. 207-208).
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The Near-Disaster

The dam reservoir was filled within about six weeks of completion.
On January 17, 1910, a combination of heavy rain and snowmelt caused by
warm temperatures put floodwater over the spillway. Heavy seepage near
the toe of the dam and cracks on the downstream face of the dam were
observed. To lower the reservoir, Bayless used dynamite to blast two notches
in the dam crest. Superficial repairs were made to the dam after the water
level dropped, and then the water level was allowed to rise to normal pool
again (Freiman and Schlager 1995b, p. 208).

During this event, the dam developed six prominent vertical cracks,
and the top center of the dam bowed 0.76 m (30 in.) downstream. The dam
had been built without construction joints, so the cracks divided the dam
into seven separate segments. The blasting had been necessary because the

dam had no spillways or gates to allow controlled water release (Greene and
Christ 1998, p. 9).

Dam Failure

The dam failed on the afternoon of Saturday, September 30, 1911. A
hole opened at the west abutment, and the force of the water pushed out the
blocks of concrete, which slid downstream. The water channeled as a large
wave between the high vertical valley walls, and it smashed into the town
of Austin (Freiman and Schlager 1995b, p. 208). The remains of the failed
dam are shown in Figs. 9-1 and 9-2.

As the water destroyed a lumber mill, it picked up the logs and lumber
as debris. The mill’s whistle blew, but for many the warning would be too
late. Most of the buildings in the town were destroyed (Greene and Christ
1998, p. 10). Figure 9-3 shows the extent of the damage in Austin.

The fast-moving water ruptured a large gas main and set it on fire,
burning much of the wreckage left by the flood. The city’s fire protection,
of course, had been destroyed in the flood. And 5 km (3 mi) down Freeman
Run, the wall of water completely destroyed the town of Costello. The town
of Wharton, 13 km (8 mi) past Costello, was heavily damaged, but no one
was killed there (Freiman and Schlager 1995b, pp. 209-210). The pattern of
a flood followed by devastating fire in Austin was reminiscent of the bridge
fire in Johnstown more than 20 years before.

Causes and Investigations

Two separate inquiries were launched, one by the Pennsylvania State
Water Commission and one by the District Attorney of Potter County,
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Figure 9-2. The failed Austin Dam.
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. pusTidl DAV-Fioop WRECK

Figure 9-3. Damage from the Austin Dam failure.
Courtesy Library of Congress.

where the town of Austin was located. The dam engineer, Chalkley Hatton,
asserted that his design had been sound, but that the foundation had been
undermined by seepage. He claimed to have told Bayless to build a concrete
cutoff trench upstream, but his recommendation was not followed. Hatton
also blamed poor construction practices—placing concrete at temperatures
below freezing and not allowing enough time for the concrete to cure before
the dam was put into service. Even by the standards of 1909, the dam foun-
dation investigation was inadequate and the construction methods were
poor. The cyclopean sandstone boulders were weak themselves, as shown
by the fractures through them when the dam first cracked (Freiman and
Schlager 1995b, pp. 210-211).

Investigations also showed that the cracks corresponded to cold joints
between concrete cast on different days. The faces of all of the cracks but
two were discolored, indicating that they had occurred some time before
the dam failure. Foundation excavations showed that considerable water
seepage had undermined the foundation. A block of underlying rock had
slid downstream along with the dam itself. Because of the seepage, the
hydrostatic force lifting up the gravity dam, and hence reducing friction,
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turned out to be much greater than that assumed in the design (Freiman and
Schlager 1995b, p. 210).

The Engineering News, forerunner of Engineering News Record, dis-
patched an editor, F. E. Schmitt, to investigate the disaster. He surveyed the
wreckage in the field, mapping the final location of the blocks. Schmitt iden-
tified two main breaches in the dam, one 30 m (100 ft) from the left abut-
ment and one the same distance from the right abutment. Two blocks, one
at each breach, had been pushed about 9 and 30 m (30 and 100 ft) down-
stream, respectively. He concluded that “the whole appearance of the wreck
points directly to a sliding failure” (Greene and Christ 1998, pp. 10-12).

The site geology and the in situ materials explain how such a sliding
failure could have occurred. Schmitt identified “remarkably upfolded and
crumpled masses of laminated shale strata suggesting a great downstream
pressure” between two of the failed concrete sections. The site geology con-
sisted of a thin layer of sandstone between two layers of shale. The dam
foundation rested on top of the sandstone. The sliding plane developed in
the lower shale layer, and the upper sandstone layer slid along with the
concrete blocks. The sandstone layer, which the designer had thought made
an appropriate foundation, was in fact only 0.6 m (2 ft) thick (Greene and
Christ 1998, pp. 12-13).

Greene and Christ state,

Geology played a major part in the disaster at Austin. Had the dam’s
foundation been taken deeper into bedrock, it may have prevented the
underseepage that ultimately brought about the high uplift condition
that caused the structure to become unstable. Uplift pressure reduces the
effective weight, and therefore the stability, of a concrete dam. When
the effective weight of a dam is reduced, the horizontal force of the
water load is able to move the structure. In addition, had the foundation
been taken below the shale layer (where the sliding plane developed),
the dam’s stability would have been significantly enhanced. In an article
written by the project design engineer, Mr. T. Chalkley Hatton, it is
stated, “The failure of this dam was not the result of poor workman-
ship, but poor judgment upon my part in determining its foundation.
I should have sought the advice of a man more skilled in determining
foundations for dams than myself.” Hatton went on to say, “The great
mistake I made in building this dam was trusting the rock foundation to
be impervious.” (1998, p. 13)

Hatton made these admissions in Engineering News in 1912. In Hat-
ton’s defense, Greene and Christ (1998, p. 13) point out that the Bayless
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Mill imposed severe constraints on his design. He had designed a founda-
tion cutoff wall that would extend far enough into bedrock to prevent see-
page, but he was overruled because of the additional expense.

Operation of the dam was also clearly at fault. Once cracks appeared
in the dam, stronger measures should have been taken to ensure the safety
of those downstream. The first crack was more than adequate warning,
but construction continued without change. The implications of the second
crack were also ignored.

Blasting holes in the dam, which they did to bring down the water level,
was an astounding, absurd blunder that probably weakened whatever
remained of the structure’s integrity. When . . . Bayless . . . disregarded
the engineer’s recommended repairs, the dam’s fate was sealed. Although
the reservoir should never have been filled after cracks were observed in
December 1909, it definitely should have been abandoned completely
after the near disaster of January 1910. (Freiman and Schlager 1995b,
p.211)

Aftermath

Pennsylvania had suffered two dam failures with substantial loss of
life, Johnstown and Austin, just over two decades apart.

Not surprisingly, very soon after the failure of Austin Dam, legislation
was enacted in Pennsylvania calling for state supervision of the design,
construction, and operation of dams and reservoirs within the com-
monwealth. A comprehensive dam safety program was thus initiated
in Pennsylvania to prevent the recurrences of disasters such as those
suffered at Johnstown and Austin. The failure of the dam at Austin not
only raised awareness of dam safety but also taught designers of dams
worldwide valuable lessons as to what is needed to prevent this type of
tragedy in the future. (Greene and Christ 1998, p. 13)

Lessons Learned

There were clearly two major problems with the Austin Dam; one
was the inadequate foundation design, and the other, the shoddy concrete
construction. The mode of failure clearly shows that the dam slid in separate
blocks. This evidence suggests that the most important factor was the low
friction against the dam base.
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It is by no means clear that a gravity dam resting on shale would have
resisted water pressure indefinitely, even had it not cracked. However, the
poor quality of the concrete construction probably also played some part, at
least in the extent of the disaster. The cracks and weakness of the concrete
divided the dam into the blocks, and once the weakest block began to slide,
the breaches would widen. Cracks within a dam allow hydrostatic pressures
to work to break the dam apart.

If it had held together, the dam would have been safer, although
perhaps not safe enough. The small amount of reinforcing steel provided
clearly had no effect on the cracking or structural integrity of the dam. A
broader discussion of the statics of concrete gravity dams is provided at
the end of Chapter 2. The discussion includes the calculation of factors of
safety against overturning and sliding, as well as the effect of hydrostatic
uplift forces.

As with some other projects discussed in this book, such as the Quebec
Bridge in Chapter 3, time and economic pressures compromised safety.
The decision to omit the foundation cutoff wall from the original design,
combined with the refusal to pay for the concrete cutoff trench upstream,
doomed the dam to a sliding failure. The rush to complete the dam before
the winter led to the freezing of the concrete. Early freezing considerably
reduces the strength of concrete.

Concrete shrinks. If the shrinkage is restrained, as with a long grav-
ity dam, it will crack. As a result, control joints or “designed cracks” are
generally put in concrete structures. In concrete dams, control joints are
provided with water stops to keep water from penetrating into the dam and
weakening it. The cracks that divided the Austin Dam occurred pretty much
where control joints should have been provided, dividing the failed dam into
blocks of roughly equal size.

The accounts referenced do not describe any extraordinary event on
September 30, 1911, that triggered the dam failure, unlike the record rains
that triggered the Johnstown flood. Perhaps the dam simply got tired of
holding back the water. Like the South Fork Dam responsible for the Johns-
town Flood, the Austin Dam did not have pipes or any other means to rap-
idly reduce the water level in case of danger. The remains of the dam are still
visible today along Pennsylvania Route 872, north of the town of Austin.

Essential Reading

This case is discussed by Freiman and Schlager (1995b, pp. 205-212).
Another source is Greene and Christ’s “Mistakes of Man: The Austin Dam
Disaster of 1911,” published in Pennsylvania Geology (1998).
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Liberty Ship Hull Failures

The Liberty ships of World War II were an engineering and industrial solu-
tion to a specific military and political problem. The problem was that is
was necessary to build merchant ships faster than the German Navy sub-
marines could sink them. These ships were desperately needed to supply the
United Kingdom and sustain its war effort. The problem was complicated
by the fact that the Great Depression had greatly reduced U.S. shipbuilding
capacity.

Between 1930 and 1937, U.S. shipyards built only 71 merchant ships.
However, 5,777 were built between 1939 and 19435. This surge was made
possible by changes to construction methods, as well as the standardized
Liberty freighter and similar T2 tanker designs. One shipyard built a Liberty
ship in five days. The massive increase in production was possible in large
part because of a change from riveted to electric arc-welded construction.
Shipyards were organized for maximum efficiency around the welding pro-
cess. New welding equipment was developed for heavy steel ship plate. The
success of the German pocket battleships had pointed out the efficiencies
of welded ship hulls. By saving a thousand tons of weight in the hull, they
could carry that much more armament (Tassava 2003, pp. 90-93).

Tassava notes,

Many experts understood that compared to a riveted ship, a welded
ship could be stronger and faster; welding eliminated the consider-
able weight of thousands of rivets and decreased the resistance created
by overlapped plates and rivet heads. In the shipyard, too, welding
seemed superior to riveting. When properly organized, welders could
work more quickly and efficiently than riveters, and thus make possible
higher rates of production. By eliminating the need to create overlaps
through which rivets could be driven, welding allowed a shipbuilder to
purchase less steel, saving money and driving down the cost of a ship.
(2003, pp. 93-94)

Despite these desirable features, welding was considered an unproven
technique for shipbuilding. Stresses due to “warpage and shrinkage” from
the welding temperature changes were difficult to understand. There were
few experienced welders available, and the best welders in the country were
hired by the shipbuilders to train and supervise other welders. Many women
and African-Americans learned welding through accelerated courses at the
shipyards (Tassava 2003, pp. 93-94).
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The training programs were effective in turning out large numbers of
productive welders. The training emphasized skills, not theory. Some of the
new welders became skilled enough to pass the difficult American Bureau of
Shipping certification exam. Overall, however, the volume of work was too
great for the available number of certified welders. Stress tests and X rays
were used to spot-check weld quality (Tassava 2003, pp. 95-96).

Ship Failures

One of the best known Liberty ship failures was the S.S. Schenectady:

At 10:30 p.M. on January 16, 1943, an explosive boom shattered the
cold night that had settled over the Swan Island shipyard outside Port-
land, Oregon. Rushing to the fitting-out docks where the yard’s T2 tan-
ker vessels were completed, graveyard shift workers discovered that the
yard’s very first ship, the S.S. Schenectady, had cracked in half amid-
ships. The ship’s deck and side shells had fractured completely; only the
plates running along the bottom of the [162-m] 532-foot long hull held
the fore and aft sections together. (Tassava 2003, p. 87)

Although this wasn’t the first cargo ship failure, it was highly visible,
as the first ship built in the new yard. In March, another tanker, the Esso
Manbhattan, split in half while entering New York harbor. In January 1943,
about 20 ship failures occurred, with 4 or 5 suffering Class I damage or total
hull failure like the Schenectady. Twenty Class I failures occurred in January
1944, with 120 failures the next March. Many failures occurred in the open
ocean. Because the Schenectady and Esso Manbattan failures occurred in
port, the ships could be put in drydock, repaired, and put back into service
(Tassava 2003, pp. 88-90).

Given the rapid expansion of the welding workforce, suspicion fell
immediately on the quality of the welders. Given the prejudices of the day,
the high proportion of women and African-Americans did not help. Within
3 months of the Schenectady incident, an investigating committee of engi-
neers and supervisors identified eight relevant factors, four of which related
to poor workmanship. As the problems continued, the welding engineers
continued to blame the welders. There were, perhaps, two motives. One was
to advance the war effort. The other was for the welding engineers to build
their status as professionals (Tassava 2003, pp. 96-97).

In contrast, Admiral Emory Land, the chairman of the Maritime
Commission, which had jurisdiction over shipbuilding, “identified several
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production errors that could restrict the three-dimensional flow of a steel
plate as a welding arc heated it ...” (Tassava 2003, p. 98). Any of these
could lead to residual stresses, making the ship more susceptible to fracture.
Cold waters could also increase fracture susceptibility, and some ships had
been lost in cold Arctic waters on the supply runs to the northern ports of
the Soviet Union.

Admiral Land argued that the incidence of cracking in the Liberty
ships was in fact rather low, affecting only 74, or 3% of the 2,246 ships
built through 1943. Overall failure rates varied by shipyard, from a low
of 0.75% for the Bethlehem Steel Fairfield shipyard outside Baltimore, to
the relatively high 5.95% for Kaiser’s Oregonship shipyard facilities (which
included the Schenectady). The higher and lower failure rates were found
in both old and new shipyards, suggesting that the rapid expansion of new
shipyards was not necessarily the problem. He also pointed out that harbor
collisions had taken more freighters out of service than cracking problems,
and that 90% of the failed ships had been repaired and returned to service.
In comparison, he noted, the sturdy B-17 heavy bomber had a much higher
13% structural failure rate (Tassava 2003, pp. 98-99).

Solutions

The solutions fell into three categories—improvements to shipyard
practice, changes to the design, and retrofits of the completed ships.

IMPROVEMENTS TO SHIPYARD PRACTICE

In the rush to build the ships as quickly as possible, welders had
been deployed in large numbers without regard to equalizing temperature
stresses. Now, single welders or teams worked symmetrically on opposite
sides of a subassembly or plate. Different yards used either semiautomatic
or manual welding machines. The Maritime Commission hired the Lincoln
Electric Company, one of the largest welding equipment manufacturers, to
evaluate work practices in the yards. Gradual improvements were made
to training methods. Radiographic testing with X rays proved particularly
useful for finding defects, such as tiny bubbles or hollow spots in welds. One
shipyard that used radiographic testing extensively had a low failure rate
(Tassava 2003, pp. 99-101).

CHANGES TO THE DESIGN

Changes were also made to the standard ship designs. “Investigations
revealed that many Liberty ship fractures began in the square corners of
cargo-hold openings” (Tassava 2003, p. 101).
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These findings suggested that, by and large, the welders were not
to blame. If there had been an epidemic of bad welding, why would the
failures all occur at the same place? Bad welds would be randomly distrib-
uted throughout the hulls, and thus the failures could start pretty much
anywhere.

Two antifracture design changes were made. The first was to redraw
the Liberty ship plans to round off the troublesome hatch corners. The
second was to install crack-arresting devices to stop cracks from propagat-
ing through the hulls. It had been observed that fractures were generally
stopped by perpendicular barriers, such as riveted or especially strong seams
(Tassava 2003, p. 101). In the early Class I failures, such as the Schenectady
and Esso Manhattan, the cracks had been able to travel completely through
the hull.

RETROFITS OF THE COMPLETED SHIPS

Of course, by the time the ships were redesigned, there were already
several thousand in service. These ships needed to be retrofitted. Rounded
fillets were welded to the hatch corners to reduce the stress concentrations,
and crack arresters were installed. Ironically, the largest crack arrestor had
to be riveted on. A massive 87-m (287-ft) gunwale bar was riveted along
each side of the middle of a 134-m (441-ft) long ship. The bars were installed
in 9.1-m (30-ft) sections, with 6,200 rivet holes required per ship (Tassava
2003, pp. 101-102).

Technical Aspects

The Liberty ship fractures occurred because of the combination of
stress concentrations and fatigue. These two phenomena are fairly impor-
tant by themselves, but the combination of the two may be lethal.

Figure 9-4 shows a typical curve for determining stress concentra-
tion factors for fillets. The stress concentration factor K is a function of the
radius of the fillet. The nominal average stress is multiplied by K to get the
maximum stress:
=Ko (9-1)

ave

(o)

max

Note that as the radius approaches zero, for a sharp corner, the stress
concentration factor approaches infinity. The solution represented by this
curve is based purely on elastic considerations and does not account for
material yielding. The stress concentration factor remains the same whether
the material is steel, concrete, wood, or silly putty.
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Figure 9-4. Stress concentration factors (Wider dimension D 10% larger than
smaller dimension d).

With ductile materials, such as mild steel, stress concentrations are
relieved as the steel yields. The theoretical maximum stress, shown in
Fig. 9-4, does not occur because the steel at the stress concentration yields,
and the stresses are redistributed.

Different materials have different S—N curves describing the relation-
ship between applied stress and number of cycles to failure. Figure 9-5
shows a typical S—N curve for structural steel. S is the stress level, and N is
the number of cycles to failure, which increases as S decreases. When § =
220 MPa (32 kip/in.?), the material fails immediately with the first loading
cycle. If S is sufficiently small, the material may theoretically sustain infinite
load applications, and the stress is said to be below the material’s endurance
limit. If the approximate number of load cycles N can be predicted, the
designer needs to merely ensure that all stress ratios are low enough so as to
remain below the SN curve.

When stress concentrations and fatigue are combined, ductile materi-
als, such as mild steel, can fail in a sudden, brittle manner. With the stress
concentration, K increases, S increases, and N decreases. The sharp hatch
corners of the Liberty ships, coupled with locked-in residual stresses from
welding, meant that a few load cycles from wave action or other sources
could lead to the brittle fracture.
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Figure 9-5. Fatigue S-N diagram (1 MPa = 145 psi).

Conclusions

The gunwale bars and the other retrofits were successful. No ship with
gunwale bars ever failed in service. Through the end of the war, only 127 of
the 4,694 Liberty ships and T2 tankers ever suffered a Class I fracture, and
no ships with antifracture devices failed. Two years after the war,

An official board of investigation determined that faulty workmanship
caused exactly 25% of the 2,504 fractures which had occurred up to
August 1, 1945, that a combination of inferior workmanship and inad-
equate design caused another 20%, and design so poor that “perfect
workmanship would have done little to prevent the failures” caused a
stunning 55%. (Tassava 2003, p. 103)

It seemed, in retrospect, that the blame placed on the welders had been
misdirected.

Petroski (1994) commented on the change from riveted to welded
shipbuilding.

The riveted joints of overlapping plates had served as effective arrest-
ers of any cracks that might begin to grow in the hull, and which could
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be repaired in due course. Welded construction not only removed such
obstacles from the paths of any cracks that might develop, but also the
very process of welding embrittled the adjacent steel and made it behave
much like a ship of glass. (pp. 56-57)

Essential Reading

A useful review of the Liberty ships, as well as the problems and solu-
tions of welding, was written by Christopher James Tassava, “Weak Seams:
Controversy over Welding Theory and Practice in American Shipyards,
1938-1946” in History and Technology (Tassava 2003). Tassava is a his-
torian, not an engineer, but he does a good job of reviewing the technical
issues associated with the failures. This case study is featured on the His-
tory Channel’s Modern Marvels More Engineering Disasters videotape and
DVD. However, the History Channel version seems oversimplified.

Willow Island Cooling Tower Collapse

Willow Island was the worst construction accident in U.S. history.

Design and Construction

Two natural-draught hyperbolic cooling towers were to be built for
the Pleasants Power Station, a coal-fired power station in Willow Island,
West Virginia. These towers were designed to be large, chimneylike towers
with a distorted hourglass shape, which would allow air to circulate without
fans because the warmer air inside would rise naturally. The base diameter
was 109 m (358 ft), but both diameter and shell thickness would change
with the height of the tower (Schlager 1994). The cooling tower dimensions
are shown in Fig. 9-6, and the two towers are shown in Fig. 9-7.

These two towers were designed and built by the Hamon Cooling
Tower Division of Research-Cottrell, Inc. (R-C), Bound Brook, New Jersey.
R-C was an environmental control company that designed and built air
and water pollution control systems for utility companies (Peterson 1978a).
Research-Cottrell held a $12 million subcontract on the pair of 131-m
(430-ft) tall towers (Ross 1984). The general contractor of the project was
United Engineers and Constructors.

The towers were built using a patented lift-form technique that had
been successfully used for construction of 36 cooling towers. The lift form
scaffolding was made up of five basic components: jumpform beams, anchor
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Figure 9-6. Willow Island Cooling Tower dimensions (1 in. = 25.4 mm, 1 ft =
0.305 m).

Figure 9-7. Willow Island Cooling Towers.
Courtesy National Bureau of Standards/National Institute of Standards and Technology.
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assemblies, jacking frames, formwork, and scaffolding platforms (Velivasa-
kis 1997). Some of these components can be seen in Fig. 9-8.

A four-level-high system of scaffolding was used, and working plat-
forms were suspended from the inside and outside jacking frames. At the
top level, the construction materials were received by the hoisting system,
steel reinforcement was distributed, and concrete was delivered. The second
level was used only during the formwork adjustment process. Levels three
and four of the scaffolding system provided access to the jumpform beams,
and final surface preparation such as patching and grouting was done from
these levels (Lew 1979). The scaffolding system was entirely supported by
the previously completed portion of the tower. Each day, a 1.5-m (5-ft) lift
was completed, and the entire scaffolding system moved with the jacking
frame to the new elevation.

The daily routine to prepare for concrete placement consisted of four
procedures. First, workers loosened the forms from the last concrete lift by
removing the wedging from the formwork. Next, the forms were adjusted to

CATHEAD
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JUMPFORM IJ:QEISIIE\I G
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LIFT 28
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INSIDE OUTSIDE

Figure 9-8. Willow Island Cooling Tower jump form system.
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accommodate the changing diameter of the shell, and the jacking of the entire
formwork and scaffolding system took place at the next elevation. Then, the
lowest jumpform beam was unbolted and moved to its new location at the
top. Finally, the formwork was wedged into position (Velivasakis 1997).

After the tenth lift was completed, the concrete and construction
materials were carried to the working platforms by an elaborate hoisting
system. Six cathead gantry cranes powered by twin drum hoists delivered
the materials (Lew 1979). The legs of each cathead gantry were attached to
the aluminum jumpform beams, which were then attached to the wall at rib
locations approximately 3.7 m (12 ft) apart (Lew 1980).

The catheads moved up the lift form scaffolding as the construction
advanced. A static line guided all of the materials as they were hoisted to
the working platforms. The static line was attached to the slide plate at the
interior end of the cathead at one end and secured to an anchor point on the
ground at the other end (Velivasakis 1997). During construction, because of
the changing geometry of the tower, both the catheads and static line had to
be adjusted periodically.

Failure

The first cooling tower was completed in August 1977, but on April
27, 1978, during construction of the second tower, the formwork system
failed. While concrete was being placed for lift 29, 52 m (170 ft) above the
ground, lift 28 collapsed, and 51 workers fell to their deaths. The scene of
the collapse is shown in Fig. 9-9.

On the day of the failure, cathead gantries Nos. 4 and 5 were being
used to deliver reinforcement and concrete. Failure at cathead gantry No. 4
initiated when the third bucket of concrete was being delivered to the plat-
form, and the tower began to collapse inward (Lew 1980). The platforms,
formwork, fresh concrete, and most of the day-old lift all collapsed.

Schlager (1994) states,

Those on the ground said that the interior work platform peeled away
“like someone opening a can” and it, along with the exterior platform,
fifty-one workers, and tons of concrete, were pulled inside the tower
and collapsed into a heap of jumbled debris. The formwork ripped
loose simultaneously in both circular directions and met directly across
from the starting point. (p. 291)

Another worker made sure that the New York Times let the families know
that, “It was all over in 20 or 30 seconds. It went so fast and none of those
poor men could have suffered too much” (Peterson 1978b, p. 1).
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Figure 9-9a, b. Willow Island Cooling Tower collapse.
Courtesy National Bureau of Standards/National Institute of Standards and Technology.
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Causes of Failure

Immediately after the collapse, the National Bureau of Standards
(NBS) began an investigation on behalf of the Occupational Safety and
Health Administration (OSHA) to determine the cause. The entire system
was divided into three sections to be examined. First was the hoisting
system, second was the scaffolding system, and third was the tower itself
(Lew 1980).

The hoisting system was investigated because the failure initiated
where cathead gantry No. 4 was located. Once all of the parts were col-
lected from the debris, they were examined to see which of the components
failed first. Lab tests were performed on the hoisting cable, static line, chain
hoist, and anchor device of the system. These results, along with the field
observations, indicated that the hoisting system did not initiate the failure.

The next section of the tower examined was the scaffolding system.
According to the NBS investigation, the scaffolding system was not the most
probable cause of failure. They determined in lab tests that bolt failure was
not a cause because the hoisting system could not produce a large enough
force to cause bolt failure (Lew 1980).

Next, the NBS looked at the tower itself as the most probable cause
of the collapse. To do this, the strength and other mechanical properties of
the concrete in lift 28 had to be determined. Concrete specimens were made
using the materials supplied by the same company that supplied concrete to
the construction site. These specimens were then cured in a chamber that
simulated the temperature at the site for the 24 h before the collapse. The
weather that week had been cold and rainy, with temperatures just above
16 °C (in the 60s °F) during the day and just above 0 °C (in the 30s °F) at
night (Ross 1984). Estimating the collapse to have taken place approxi-
mately 20 h after the completion of the tower section located near cathead
gantry No. 4 and curing the concrete at 4.4 °C (40 °F), the compressive
strength of this section was approximately 1,500 kPa (220 1b/in.?) (Lew 1980). It
was concluded that this section on the tower did not have adequate strength
to resist the applied construction loads.

Overall, the NBS investigation concluded the following (Lew 1979,
pp- 47-48):

1. At the time of failure, the concrete bucket was in transit from the
base of the tower to cathead gantry No. 4. Eyewitness accounts
and measurements indicate that the bucket was approximately 60 ft
(18 m) below the cathead beam. Therefore, it is not believed that
the concrete bucket hit the cathead, causing it to fail.
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2. The cables for catheads Nos. 4 and 5 were broken after the onset of
the collapse. Therefore, the breakage of the cables did not initiate
the failure.

3. Field and lab tests show that the collapse did not initiate because
of a component failure of the hoisting, scaffolding, or formwork
systems.

4. The compressive strength of the concrete near cathead gantry
No. 4 was estimated to be 1,500 kPa (220 1b/in.2) at the time of the
collapse.

5. Analysis showed that the resultant stresses at several points along
lift 28 equaled or exceeded the shell strength in compression, bend-
ing, and shear. Failure at any of these points would have propa-
gated, causing the overall collapse.

6. The most probable cause of the collapse was determined to be the
imposition of construction loads on the shell before the concrete of
lift 28 had gained adequate strength to support these loads.

While the NBS was investigating for OSHA, Lev Zetlin Associates
(LZA) was performing another investigation, on behalf of the general con-
tractor. LZA’s findings disagreed with those of the NBS investigation. LZA
claimed that the most probable cause of failure was the early removal of
anchor bolts and cones from the lower portion of lift 27. LZA believed that
if the anchor bolts had been left in place and stayed attached to the jump-
form beams, the collapse would have never occurred (Velivasakis 1997).

Because of the contradictions found in these investigations, H. S. Lew
and S. G. Fattal of NBS analyzed three remaining questions after the inves-
tigations were complete. The first question was what should have been the
strength of the concrete in lift 28 so that the shell could have resisted the
applied construction loads. The second question dealt with the bolts that
should have been in lift 27. The third question dealt with the location of the
static line at the time of the collapse (Fattal and Lew 1980).

After analyzing the hoisting loads, including dynamic effects that
were inherent in the hoisting system, the stress resultants in the shell were
determined. These values were then compared to the resistance of the shell
throughout each shell profile. The results showed that crushing failure in lift
28 would initiate if the strength of the concrete was 6,900 kPa (1,000 Ib/in.?)
or less (Fattal and Lew 1980).

To answer the second question, models were analyzed with and with-
out the lower bolts in place. They found that because “... of the addi-
tional bolts in lift 27 the magnitudes of the critical stress resultants were
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reduced . . ., but were still well beyond the ultimate capacity of the concrete
section in lift 28> (Fattal and Lew 1980, p. 18).

For the answer to the third question, the analysis was performed with
the ground anchor point of the static line at different distances from the
shell of the tower. It was determined that if the base of the static line was
not moved nearer to the center of the tower (its location at the time of the
collapse) the critical stress resultants would have been less than the ulti-
mate strength of the concrete in lift 28. Therefore, the NBS investigators
concluded, “that the concrete in lift 28 would probably not have failed and
consequently, collapse would not have occurred” (Fattal and Lew 1980,
pp. 18-19) if the base of the static line was not moved.

Legal Repercussions

OSHA issued 10 willful citations and six serious citations against R-C
(Ross 1984). Five of the willful citations appeared to be directly related to the
collapse. The charges included failing to test field-cured concrete specimens
before removing the formwork; not properly anchoring the scaffolding and
formwork and catheads; not having key personnel, design specifications,
and erection instructions on site; and not adequately training employees
(Morrison 1980). The other five citations were considered unrelated to the
accident. Criminal charges were dropped, but R-C paid substantial amounts
in damages and fines imposed by OSHA.

Also, OSHA issued two serious citations each to Pittsburgh Testing
Laboratory, the company that performed concrete testing for R-C, and the
Criss Concrete Co., which supplied the concrete for the tower. These com-

panies also faced lawsuits from the victim’s families, as well as from R-C
(Morrison 1980).

Professional and Procedural Aspects

The three companies that faced legal repercussions were not the only
ones under fire after the disaster. OSHA was criticized for lax enforcement
of regulations. At the time of the accident, the number of qualified federal
safety inspectors for construction projects in the entire state of West Virginia
was seven (Ross 1984). This amount was considered “absurdly low” by the
state commission.

As a result of this disaster, OSHA adopted new guidelines. One large
step that OSHA took toward protecting future construction workers was
making changes in the U.S. Construction Safety Act. One of these changes
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shifted more responsibility from the engineer to the contractor for form-
work decisions. Another major change was that OSHA removed a table
that provided a schedule for formwork removal. Now, the act requires that
the concrete specimens be tested before removal of formwork or any system
that relies on the strength of the concrete (Schlager 1994).

Other guidelines that OSHA adopted after the accident included
having a specialist review construction plans for cooling towers and requir-
ing that a detailed safety manual be developed as part of the construction
plan. Also, OSHA improved their inspection procedures by increasing the
items checked at cooling towers and adding an inspection for compliance
with the construction plan (Lew 1980).

Conclusions

This case study shows the importance of safety standards during the
construction process. A process that had been used successfully 36 times,
including once at the same site, drastically failed, causing the death of
51 workers. The men were paid for only eight hours a day, regardless of
how long it took to do a day’s work, which provided an incentive to rush
the work. OSHA now has added many requirements, such as a construction
plan, and has increased safety inspections to make sure that another disaster
like this does not take place.

Another lesson that was learned by this accident was not to tie together
all of the formwork. Not long after the Willow Island cooling tower col-
lapsed, at a cooling tower in Satsop, Washington, two workers were killed
and a third seriously injured when a steel form pulled away from the con-
crete (Ross 1984). If these forms had all been tied together, the loss of life
would have been much greater.

The Charleston [West Virginia] Daily Mail discussed the disaster in a
retrospective published on February 12, 1999:

On Thursday, April 27, 1978, crews of laborers showed up on the site
of the latest project at the plant, the erection of twin cooling towers. By
10 a.m., the first [680-kg] 1,500-pound bucket of concrete had been
hoisted to the men working on scaffolds at the top of the first tower,
168 feet in the air. In what was described as “slow motion,” one section
of the scaffolding holding the workers collapsed in on the tower, which
started a chain reaction collapse around the rest of the scaffolding. . . .

Workers, who were allowed to leave work as soon as they completed
the day’s pour, had not given each section sufficient time to cure. One
family, the Steeles, lost its father and four sons in the disaster, and seem-
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ingly each of the nearly 8,000 residents of tiny Pleasants County was
touched personally. (Charleston Daily Mail 1999)

Essential Reading

Key references are the two NBS reports: Lew (1979), Investigation
of Construction Failure of Reinforced Concrete Cooling Tower at Willow
Island, West Virginia, and Fattal and Lew (1980) Analysis of Construc-
tion Conditions Affecting the Structural Response of the Cooling Tower
at Willow Island, West Virginia. Another point of view is provided by E. E.
Velivasakis (1997), “The Willow Island Cooling Tower Scaffold Collapse:
America’s Worst Construction Accident,” in Forensic Engineering. This case
study is also featured in the History Channel’s Modern Marvels Engineering
Disasters 6 videotape and DVD.

Boston’s Big Dig Tunnel Collapse

Two principles emerge again and again in construction materials and struc-
tural engineering. The first is that new and innovative materials, such as
epoxies, often have properties that are poorly understood when they are
introduced or used in new applications. They may, in fact, introduce failure
modes that have not previously been considered because they did not govern
the performance of the materials used earlier. The second principle is that
structural systems, when they fail, often fail at the connections.

The Boston Central Artery, or Big Dig, was one of the most monumen-
tal transportation efforts undertaken in the United States. It was a matter of
planning and discussion for decades—I remember talking about it in class
at MIT in the fall of 1984. It became notorious across the United States for
cost overruns and construction delays.

When I was a professor in Alabama in the 1990s, state transporta-
tion engineers routinely referred to the “Big Dig” as an excuse not to tackle
the tough congestion problems on Highway 280 coming into Birmingham.
They also may have resented the large fraction of the federal transportation
budget that had to be devoted to the Boston project because those funds
were not available for projects in other states.

In defense of the project, it is not a simple thing to build a new inter-
state-quality highway through the heart of a congested city, through a cen-
tury’s worth of forgotten underground infrastructure. The project was com-
plicated by Boston’s legendary traffic, as well as the tendency for Boston
Harbor to try to work its way into any tunnels in the area.
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The Tunnel Collapse

There was, therefore, great relief among engineers when the Big Dig
finally opened, with only a few loose ends. Then a heavy tunnel ceiling panel
fell on a car, killing a woman. Because the collapse occurred in a tunnel, the
incident fell under the jurisdiction of the National Transportation Safety
Board (NTSB).

The NTSB Investigation

The Cleveland Plain Dealer reported on July 11, 2007, that the inves-
tigation had been completed:

The fatal Big Dig tunnel collapse in Boston could have been avoided if
authorities had considered that the epoxy securing tons of ceiling panels
could pull away slowly. The National Transportation Safety Board
approved a report saying the likely cause of the accident that killed a
woman was “use of an epoxy anchor adhesive with poor creep resis-
tance.” (Cleveland Plain Dealer 2007, p. A9)

In a public meeting on July 10, 2007, one year after the accident, the
NTSB released a synopsis of the highway accident report that would soon
be published on the case. The report synopsis blamed the engineer and the
contractor, with errors by the epoxy supplier and the Massachusetts Turn-
pike Authority also cited:

The safety issues identified during this investigation are as follows:

¢ Insufficient understanding among designers and builders of the
nature of adhesive anchoring systems;

e Lack of standards for the testing of adhesive anchors in sustained
tensile-load applications;

e Inadequate regulatory requirements for tunnel inspections; and

e Lack of national standards for the design of tunnel finishes. (NTSB
2007)

The investigation also found that there had been an incident involving
the same epoxy seven years before. Anchor displacement had been observed
in the high-occupancy tunnel in 1999, but the engineers and contractors did
not continue to monitor the performance of the epoxy.
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Some of the report’s major conclusions, as provided in the synopsis,
are summarized or quoted below:

e By July 2006, many of the adhesive anchors supporting the D
Street portal ceilings had displaced enough to put them in imminent
danger of failure.

e Improper or deficient anchor performance could not, by itself,
account for the anchor failure. The design calculations were consis-
tent with the actual in-service loads.

e The selection of an adhesive anchoring system to support the ceiling
panels was appropriate, if the proper material had been used.

o The engineers “failed to account for the fact that polymer adhesives
are susceptible to deformation (creep) under sustained load, with
the result that they made no provision for ensuring the long-term,
safe performance of the ceiling support anchoring system.” There-
fore, the adhesive specification did not require creep resistance.

e The adhesive product supplied and used to support the anchors,
Power-Fast Fast Set epoxy, had poor creep resistance. The manufac-
turer’s information for the product was inadequate and misleading
and left out the fact that testing had shown the epoxy to be subject
to creep under sustained loading.

o “As shown by the displaced anchors in the D Street portal, the
maximum load capacity of an adhesive anchor, which relates to
short-term loading, does not indicate that the anchor will be able
to support even lighter loads over time, and thus a larger design
safety factor cannot compensate for an adhesive material that is
susceptible to creep.”

o “After unexplained anchor displacement was found in the Interstate
90 connector tunnel in 1999 and 2001, Bechtel/Parsons Brincker-
hoff and Modern Continental Construction Company should have
instituted a program to monitor anchor performance to ensure that
the actions taken in response to the displacement were effective.
Had these organizations taken such action, they likely would have
found that anchor creep was occurring, and they might have taken
measures that would have prevented this accident. Powers Fasten-
ers, Inc.’s, response to the anchor displacements that occurred in
1999 in the high-occupancy tunnel of the D Street portal was defi-
cient in that the company did not identify the source of the failures
as creep in the Fast Set epoxy adhesive and took no followup action
to ascertain why its product had not performed in accordance with
the users’ expectations.”
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o The Massachusetts Turnpike Authority should have regularly
inspected the area above the suspended ceilings. If it had, the anchor
creep would have been detected.

o Ultimate load tests should have been conducted on the adhesive
anchors before installation.

o Installing adhesive anchors in an overhead application is difficult.
This type of work makes it likely that voids will be introduced into
the adhesive, which will reduce holding power and reliability.

e “The circumstances of this accident demonstrate a general lack of
knowledge and understanding among design and construction engi-
neers and builders of the complex nature of epoxies and similar
polymer adhesives, and in particular, the potential for those materi-
als to deform (creep) under sustained tension loads.”

o Test protocols and standards are needed to determine the capacity and
reliability of adhesive anchors in sustained tensile load applications.

The NTSB determined that “the probable cause . . . was the use of an epoxy
anchor adhesive with poor creep resistance, that is, an epoxy formulation
that was not capable of sustaining long-term loads” (NTSB 2007).

Creep to Failure

Creep is continued deformation under a sustained load. It is a time-
dependent phenomenon. When a load is applied to a material that creeps,
the resulting deformation has two components. The first deformation com-
ponent is elastic, remains constant as long as the load remains the same,
and is removed when the load is removed. The second component, creep,
increases gradually over time, and when the load is removed, deformation
(permanent set) remains.

Structural steel does not creep, except at high temperatures. Con-
crete, wood, and masonry creep, and the amount of creep deformation is
in the range of two to three times the instantaneous elastic deformation. It
is necessary to take creep into account for predicting long-term deforma-
tions, but the behavior is well understood and engineering solutions are
well established.

On the other hand, new materials, such as epoxies and plastics, may
have much higher creep deformations. In a tensile anchor application, the
anchor may pull partway out of the hole, reducing the bond strength of the
connection. It is also possible for an anchor to pull completely out. As the
anchors creep, the loads may shift to other anchors. As this failure suggests,
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the long-term behavior of certain epoxy materials in tension is not yet well
understood.

Recommended Changes to Practice

The NTSB suggested the following corrective actions:

e The Federal Highway Administration (FHWA) and the Ameri-
can Association of State Highway and Transportation Officials
(AASHTO) should develop test protocols and standards to deter-
mine the capacity and reliability of adhesive anchors in sustained
tensile load applications. Until the standards have been developed,
FHWA should prohibit the use of adhesive anchors in these applica-
tions where failure would result in risk to the public.

e Legislation should establish and implement a tunnel inspection pro-
gram similar to the National Bridge Inspection Program (which was
established after the failure of the Point Pleasant Bridge discussed
in Chapter 3). This legislation should be supported by FHWA and
AASHTO?’s cooperative development of design, construction, and
inspection guidance for tunnel finishes.

e State departments of transportation should prohibit the use of
adhesive anchors in these applications where failure would result in
risk to the public and should identify existing facilities where such
a risk exists. Those sites should be inspected and repaired.

o The International Code Council (ICC) should require creep testing
for qualification of all anchor adhesives and disqualify for use in
sustained tensile loading any adhesives that have not been creep
tested or that have failed creep testing. ICC building codes and eval-
uation reports should be revised in light of this failure.

e Powers Fasteners, Inc., and Sika Corporation should revise their
packaging and product literature and packaging to state that the
relevant products should be used for short-term loading only.

e AASHTO should “Use the circumstances of the July 10, 2006,
accident in Boston, Massachusetts to emphasize to your members
through your publications, Web site, and conferences, as appropri-
ate, the risks associated with using adhesive anchors in sustained
tensile-load applications where failure of the adhesive would result
in a risk to the public” (NTSB 2007). The American Concrete Insti-
tute, the American Society of Civil Engineers, and the Associated
General Contractors of America were urged to undertake similar
educational efforts.
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Essential Reading

The NTSB highway accident report (2007), “Ceiling Collapse in the
Interstate 90 Connector Tunnel, Boston, Massachusetts, July 10, 2006,” is
available online at http://www.ntsb.gov/publictn/2007/HAR0702.pdf.

High-Alumina Cement

High-alumina cement is a specially manufactured high early strength cement.
However, its use led to some well-publicized structural failures in the United
Kingdom, and it has been banned for structural use in that country. It dif-
fers in composition and properties from conventional Portland cement and
is manufactured from bauxite and limestone. It has also been called fondu
cement, aluminous cement, or calcium aluminate cement. It has the advan-
tage of being highly resistant to sulfate attack and was developed for this
purpose. It also gains strength quickly. Unfortunately, the main hydration
product, which provides strength and durability, is unstable and vulnerable
to a process known as conversion. Conversion may occur at either room
temperature or elevated temperatures. As the cement undergoes conversion,
it may lose up to half its strength, which is obviously unacceptable for struc-
tural purposes. It was used in England for the manufacture of prestressed
concrete units. After failures in the United Kingdom, most other countries
banned the use of high-alumina cement in structures, although some failures
occurred in Spain as late as the 1990s. In structural applications, there is
really no way to guarantee that conversion will not occur. High-alumina
cement continues to be used in refractory applications because it can with-
stand temperatures as high as 1,350 °C (2,460 °F) (Neville 1995, pp. 92—
103). In these applications, the resistance to high temperatures more than
makes up for any loss of strength.

The case of high-alumina cement illustrates the difficulty of making appro-
priate use of new materials. At first glance, it seems ideal for use in prestressed
structural applications because high early strength is needed for tendon release.
The conversion problem did not become widely known until later, although
engineer Adam Neville had argued against the structural use of high-alumina
cement from the beginning. Before new materials are used in structural applica-
tions, it is necessary to test how they will perform over the long term.

Other Cases

For many of the cases discussed in other chapters of this book, material
properties and behavior were involved in the failure.
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2000 Commonwealth Avenue

The collapse of 2000 Commonwealth Avenue in Boston, discussed in
Chapter 5, occurred primarily because of overloaded floor slabs and pre-
mature removal of formwork, combined with poor construction practices
throughout the project. There was, however, a role played by the quality
and the strength development of the concrete.

After the collapse, the necessary records of concrete strength tests
proved to be difficult to find. This, by itself, is a strong indicator of poor
construction management and quality control. Subsequent tests showed
that the concrete was of poor quality.

Also, it was not protected during cold weather construction. As a
result, it would reach the desired strength either late or not at all.

Skyline Plaza in Bailey’s Crossroads

At Skyline Plaza in Bailey’s Crossroads in northern Virginia, as at
2000 Commonwealth Avenue, a large portion of a structure collapsed
when formwork was removed too early. The case is also discussed in Chap-
ter 5. Although the concrete was probably of adequate quality, the collapse
occurred in cold weather before the concrete had had the chance to achieve
adequate strength.

Point Pleasant Bridge

The Point Pleasant Bridge collapse of 1967 was blamed on fatigue and
stress-induced corrosion of high-strength steel. The full case study is pre-
sented in Chapter 3. Higher strength steel has less ductility and is potentially
more susceptible to fatigue failure than mild steel.

Comet Jet Aircraft Crashes

The full case study is presented in Chapter 3. Unlike the Liberty ships
and the Point Pleasant Bridge, which were made of steel, the Comets were
made of aluminum. Aluminum does not have an endurance limit—there is
no stress level for which aluminum may safely undergo an unlimited number
of stress cycles.

Sampoong Superstore

The collapse of the Sampoong Superstore in Seoul, South Korea, is
discussed in Chapter 10. This failure involved widespread corruption on
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the part of engineers, builders, and building officials. Low concrete strength
played a small role in the collapse.

Cold-Formed Steel Beam Construction Failure

The collapse of cold-formed steel beams supporting a concrete place-
ment is reviewed in Chapter 6. The properties of cold-formed steel sections
are significantly different from those of hot-rolled shapes, although the
material itself is similar. Therefore, those who design with this material need
to know and use the proper codes and standards.
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Management, Ethics,
and Professional Issues

ENGINEERING PROGRAMS, PARTICULARLY CIVIL ENGINEERING
programs, are required to cover management, ethics, and
other professional issues in the curriculum. Depending
on how the curriculum is structured, these topics may
be addressed in a separate course or integrated in other
courses. The cases reviewed in this chapter are designed
to support either model. The ASCE Code of Ethics, a fun-
damental foundation for civil engineering practice, is pro-
vided in Appendix B.

Unlike Chapters 2 through 9, this chapter does not
provide a separate section on Other Cases. Virtually all
of the cases reviewed in those chapters have important
management and ethics lessons, so such a section would
be extensive as well as redundant. Instructors looking for
additional case studies are encouraged to review those
other chapters.

Citicorp Tower

This is a story of a collapse that never happened. If the
Citicorp Tower had failed under wind pressure in mid-
town Manhattan, thousands, if not tens of thousands of
people, would have been killed. Fortunately, the structural
flaw was identified and fixed.

333
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The case of William LeMessurier and the emergency repair of the Citi-
corp Center Tower in New York City has been used by some as an example
of ethical behavior by an engineer. This point of view is described in Mor-
ganstern (1997). The abstract of the Morganstern paper states,

What’s an engineer’s worst nightmare? To realize that the wind-bracing
system he designed for a skyscraper like Citicorp Center is flawed—and
hurricane season is approaching. In 1978, William J. LeMessurier, one
of the nation’s leading structural engineers, discovered after Citicorp
Center was completed and occupied, conceptual errors pertaining to
joint weakness, tension, and wind force. Alarmed by the magnitude of
the errors and the danger they presented, LeMessurier acknowledged
the flaws, immediately drew up new plans, and saw that all of the nec-
essary changes to the braces were put into effect. LeMessurier’s exem-
plary behavior—encompassing honesty, courage, adherence to ethics,
and social responsibility—during the ordeal remains a testimony to the
ideal meaning of the word, “professional.”

The Citicorp Center skyscraper had been completed, and the engineer and
architect had moved on to other projects. Morganstern (1997, p. 23) describes
the incident that raised the question of the structural safety of the building:

On a warm June day in 1978, William J. LeMessurier, one of the nation’s
leading structural engineers, received a phone call at his headquarters, in
Cambridge, Massachusetts, from an engineering student in New Jersey.
The young man, whose name has been lost in the swirl of subsequent
events, said that his professor had assigned him to write a paper on the
Citicorp Tower, the slash-topped silver skyscraper that had become, in
its completion in Manhattan the year before, the seventh tallest building
in the world. . . .

The student wondered about the columns—there are four—that held
the building up. According to his professor, LeMessurier had put them
in the wrong place.

“I was very nice to this young man,” LeMessurier recalls. “But I
said, ‘Listen, I want you to tell your teacher that he doesn’t know what
the hell he’s talking about, because he doesn’t know the problem that
had to be solved.” I promised to call back after my meeting and explain
the whole thing.”

Most buildings with a square floor plan, of course, have the main
load-bearing columns at the corners. However, the northwest corner of
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the block for this building was occupied by the historic St. Peter’s Church,
which did not want to move although it would have been replaced at the
same place with a new church. Therefore, LeMessurier and Hugh Stubbins,
the architect, decided to place the main load-bearing columns at the center
of each side. Figure 10-1 shows the church under the building, on the left
side of the photograph.

This design put the entire structure on four massive nine-story-high
stilts, with the skyscraper appearing to hover over the block. To carry the
gravity loads at the corners of the building, multistory diagonal chevron
braces framed into the main columns. A total of 48 braces was arranged in
six tiers of eight each. Figure 10-2 shows one of the tower legs.

LeMessurier called the student back and explained that the position
of the columns increased stability against quartering winds and suggested
that he now had something interesting to tell his professor. He also taught
architecture and engineering as an adjunct professor at Harvard and MIT.
Therefore, he began to review the structure to prepare notes for a structural
engineering course he was teaching to architecture students at Harvard.

He had previously determined the safety of the wind braces under
wind loading acting perpendicular to the sides of the building. This is the

s ouP Center
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Figure 10-1. St. Peter’s Church under the Citicorp Tower.
Courtesy Bob Pitt, University of Alabama.
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Figure 10-2. Citicorp Tower legs.
Courtesy Bob Pitt, University of Alabama.

standard way in which structures are analyzed for wind forces. He decided
now to analyze the forces in the braces under quartering winds—blowing
at 45 degrees against two building faces simultaneously. For tall buildings,
wind is usually the controlling structural load case.

The results of his analysis surprised him. With a more conventional
structure, the reduced wind pressure effects acting over a larger area due to
quartering winds cancel out, and the structural member forces remain the
same. With the Citicorp Tower, however, the brace forces increase by 40%
in four of the braces and cancel out in the other four.

The results were even more disturbing because LeMessurier had
recently learned of a structural change that had been made to the braces.
The original design called for welded connections. Bethlehem Steel had sug-
gested that bolted joints would provide sufficient capacity at a much lower
cost. He had not been told of the change and had been under the impression
that the tower’s joints had been welded.

Under the original structural analysis, the change would have made
no difference because the building dead load would overcome any tension
forces in the braces, and therefore the braces would always be in compres-



MANAGEMENT, ETHICS, AND PROFESSIONAL ISSUES 337

sion. However, with the revised calculation, the tension forces became larger
and would place the braces and their connections into net tension. Mor-
ganstern (1997, p. 24) notes, “At any given level of the building, the com-
pression figure remains constant; the wind may blow harder, but the struc-
ture doesn’t get any heavier.” Thus, the 40% increase in tension became a
160% increase in bolt forces.

Wind forces increase as the square of the wind velocity—when the
wind speed doubles, the pressure and force quadruple. The critical event
that could cause the building to fail, therefore, was a hurricane. Fortunately,
hurricanes may be tracked long before they make landfall.

Unfortunately, failure under wind loading would be sudden and cata-
strophic. Frame-type buildings have considerable ductility and redundancy.
If one element fails, as a general rule the forces can be redistributed to other
members with reserve capacity.

A tension connection failure, such as at the Hyatt Regency walkways,
gives no warning. There is no time to evacuate. Moreover, because the Citi-
corp Tower would have failed under lateral wind loading, it would have
collapsed sideways and not straight down.

On the web (Case Western Reserve University 2007a), the case study
about William LeMessurier superimposes a circle with a radius equal to the
building height onto a map of midtown Manhattan, centered at the base of
the building. Tt shows the dozens of blocks at risk from a collapse. The side-
ways failure, coupled with the lack of warning, would have caused a loss
of life far exceeding that from the collapse of the two World Trade Center
towers on September 11, 2001.

Another design decision reduced the factor of safety still further. The
American Institute of Steel Construction specification in effect at the time
provided different safety factors for columns, or compression members, and
truss members. LeMessurier’s engineers had used the lower safety factor for
trusses, and therefore used a smaller number of bolts.

One mitigating factor was the tuned mass damper (TMD) that had
been installed in the top of the tower. A 410-tonne (410-ton) block of con-
crete floated on a film of oil to reduce the motion of the building. It was
not intended to be a safety device, although it reduced vibration. The TMD
would have little effect on sustained wind pressure, which is treated essen-
tially as a static load.

The degree of risk depended on the actual wind forces acting on the
tower. The Citicorp Tower, like other skyscrapers, had been designed on the
basis of wind tunnel tests. This work had been done at the Boundary Layer
Wind Tunnel at the University of Western Ontario. Review of the test results
did not help the situation—it was possible for a dynamic vibration response
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of the structure to increase some of the member forces. Because the steel
tower was light and flexible, it was susceptible to crosswind vibration.

The Alternatives

LeMessurier took the information and analyzed the structure again.
The weakest connection was at the 30th floor and could fail in a wind-
storm with a return period of roughly every 16 years. If the TMD worked,
it would increase the return period to 55 years—but the TMD required
electrical power, which could fail in a storm.

LeMessurier considered his options:

e silence because only his wind tunnel consultant knew of the
problem, and he would probably not reveal the situation without
LeMessurier’s permission;

o suicide, similar to the above, without the difficulty of keeping the
secret; or

o blowing the whistle on himself.

The short return period settled the issue. The risk to public safety was
too clear to allow the problem to remain unsolved. He called the architect
and the owner, Citicorp, and quickly met with their lawyers. Once they
understood the problem, they offered full support for repairing the build-
ing and dealing with the public. Les Robertson, the structural engineer for
the World Trade Center towers, was brought in to consult on the problem.
Robertson brought disaster management as well as structural engineering
expertise to the team.

The Plan

The obvious retrofit would be to weld the connections together. The
problem was that the building was now occupied. LeMessurier proposed
building a small plywood enclosure around each connection so that a welder
would be able to work without causing too much disruption. It was neces-
sary to locate enough steel plate and certified welders; 200 bolted joints had
to be upgraded.

Because the TMD had been identified as important to the overall safety
of the building, backup power generators were set up to keep it supplied
with power under all conditions. Also, engineers from the company that had
installed the TMD provided full-time, on-site technical support.
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Strain gauges were also installed on critical members to provide struc-
tural monitoring. However, they were not installed by union electricians,
and the wires were mysteriously snipped in the middle of the night.

Hurricane season was approaching. It was also necessary to set up
weather monitoring and to make plans for evacuating the building and the
surrounding area of midtown Manhattan. Robertson and Citicorp officials
met with New York’s emergency officials to prepare a plan.

Publicity

An obvious concern was how the public would react to the situation.
Before work could start, the approval of the New York City building depart-
ment would have to be obtained. At this point, it would become difficult to
keep word from leaking out. Citicorp faced the difficult public relations task
of explaining why a brand-new building had to be fixed and of articulating
the risk to the public.

The Citicorp subsidiary Citibank’s public affairs department issued
a press release on Tuesday morning, August 8, 1978. The release said that
some of the connections were being strengthened, on the advice of the engi-
neers who had designed the building. The retrofit was attributed to new
wind tunnel data, and the public was assured that there was no danger. The
owner’s representative presented the work as an abundance of caution, a
“belt and suspender” approach. The press release was accurate, insofar as it
went, but obviously left a great deal out.

The city’s acting building commissioner was told the full truth. One
concern was finding enough welders, so an agreement was struck to expe-
dite testing and certification of additional welders for the project.

New York City has an aggressive press corps, and not all were satis-
fied by the news release and accompanying explanation. A reporter from the
New York Times called LeMessurier’s home in Cambridge, Massachusetts.
When LeMessurier returned the call later in the day, he found that the Times
and all the other New York newspapers had just gone on strike. The strike
would continue until October, when the crisis would be over.

Executing the Repair

Work started right away. Much of the welding was done at night
because no welding was allowed during office hours. The work continued
seven days a week.
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LeMessurier set the priority for which joints were fixed in what order,
based on the degree of risk. As each joint was repaired, the return period of
the critical wind increased.

On the first of September, a storm in the Atlantic strengthened to a
hurricane and appeared to be headed for New York. The team carefully and
nervously tracked the storm. By this point, the building could withstand a
200-year storm. Fortunately, the storm turned away.

The weather watch ended September 13, and the emergency measures
were stood down. The tower was now strong enough to weather a 700-year
storm, even without the dampers.

Repercussions

All the people had cooperated during the emergency because the most
urgent thing was to get the building repaired. On September 13, Citicorp
informed LeMessurier and Stubbins that the company wanted them to foot
the bill for the work. The estimates ranged from $4.3 to $8 million for
the structural repairs alone. After some discussion, LeMessurier offered the
$2 million limit of his liability coverage. Eventually this was accepted, and
Stubbins was held harmless.

According to Morganstern, there were no villains. All the people
involved behaved well. LeMessurier’s reputation was enhanced.

Morganstern (1997, p. 29) closes his paper the way LeMessurier con-
cludes the story when he relates it to students.

You have a social obligation. . . . In return for getting a license and being
regarded with respect, you’re supposed to be self-sacrificing and look
beyond the interest of yourself and your client to society as a whole.
And the most wonderful part of my story is that when I did nothing
bad happened.

The story is told much the same way at: http://www.onlineethics.org/cms/
8888.aspx.

An Alternative Point of View

Eugene Kremer (2002) takes a different view in his paper “(Re)Exam-
ining the Citicorp Case: Ethical Paragon or Chimera,” which may be found
on-line at http://www.crosscurrents.org/kremer2002.htm. Kremer first made
his case at an ethics and architecture conference in New York City on April 6,
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2002. His essay was published in Cross Currents, the magazine of the Asso-
ciation for Religious and Intellectual Life.

Kremer’s paper narrates many of the same facts as Morganstern. He
provides a more in-depth discussion of the dramatic architectural appear-
ance of the tower and of the state of New York City’s economy in the 1970s.
The tower was a source of great pride.

The story of the retrofit of the tower was concealed for most of two
decades by the parties involved, until Morganstern’s 1995 New Yorker arti-
cle. The case quickly became widely used in ethics courses for engineers and
architects. One example is the Online Ethics website referred to earlier. The
Illinois Institute of Technology Center for the Study of Ethics in the Profes-
sions (http:/ethics.iit.edu/index.html) invited LeMessurier to relate his story
for the center’s 20th anniversary celebration. Kremer also cites several engi-
neering ethics textbooks that use the case as an example of ethical behavior.

Kremer cites six aspects of the case worthy of further attention.

ANALYSIS OF WIND LOADS

The Citicorp Tower should have been checked in the first place for
quartering winds because building codes require consideration of the most
severe loading case. Because this structural system departed so dramatically
from convention, there was an accompanying duty to exercise more than
ordinary caution.

It has been argued that the building code of the city of New York did
not explicitly require analysis under quartering winds. Building codes, how-
ever, set minimum standards and do not reflect the state of the art. In fact,
the designers of other tall buildings in New York and elsewhere had con-
sidered quartering winds. Two of LeMessurier’s senior engineers stated that
quartering winds were considered early in the design of the Citicorp Tower.
The diagonal braces seemed simple and easy to understand, and it seemed
obvious that if the building were safe for winds from any side it would also
be safe against quartering winds.

THE CHANGE FROM WELDED TO BOLTED JOINTS

The decision to change welded joints to bolted joints was an important
change that should have been considered more carefully. The original design
called for five full-penetration welded joints for each eight-story diagonal
brace. The structural steel fabricator proposed a change to bolted joints
and offered a $250,000 credit to Citicorp. LeMessurier’s New York office
approved the change. The decision was critical to the safety of the building
and should have involved all of the key people on the project.
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PROFESSIONAL RESPONSIBILITY

Kremer suggests that by even considering suicide or silence as alterna-
tives, LeMessurier failed to keep his focus on protecting the public, which
was where it properly belonged.

PuUBLIC STATEMENTS

LeMessurier had a duty to publicize the problem with the building.
Kremer contends that the statement issued by Citibank was misleading and
designed to obscure the threat to public health and safety. LeMessurier knew
better, and in fact had supplied an essential part of the cover story. Kremer
suggests that inaccurate statements were made to the Wall Street Journal
and the New York Daily News, as well as to Engineering News Record by
LeMessurier himself on August 17, 1978. This untruth violated Canon 3
of the ASCE Code of Ethics, which states that engineers shall issue public
statements only in an objective and truthful manner.

PuBLIC SAFETY

The Red Cross estimated that a collapse of the Citicorp Tower could
kill up to 200,000 people in the 156 city blocks in the neighborhood. The
cover story denied the public the right to make a critical decision to evacuate
for themselves. The desire to avoid public panic did not justify withholding
critical safety information from these people. The first canon in ASCE Code
of Ethics requires an engineer to hold public safety paramount.

ADVANCING PROFESSIONAL KNOWLEDGE

LeMessurier withheld the story for almost two decades. An address
he gave as late as 1995 traced his experiences in wind engineering and
discussed the Citicorp Tower in detail without mentioning the problem.
Canon 7 of the ASCE Code of Ethics makes clear an engineer’s obligation
to advance knowledge of the profession. Instead, LeMessurier sought to
hide the technical details of the problem and its solution. In the interven-
ing two decades, another building might have been designed to the original
standard, posing a risk to the public. Overall, Kremer’s analysis offers an
interesting counterpoint to the story of LeMessurier as an exemplar of pro-
fessional engineering ethics.

Stanley Goldstein, who had worked in LeMessurier’s New York City
office and ran the project’s later phases for LeMessurier, told a local chapter
of the New York Society of Professional Engineers that the version related
by Morganstern was inaccurate. He says that the Cambridge office was
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aware of the change from welds to bolts and provided the design forces for
the connection. Goldstein points out that the New Yorker article

doesn’t state that the bolts were substituted for butt welds, which
because they would have developed the full strength of the members
rather than just what the calculated forces were, would have obviated
the need for any reinforcing at all. (Korman 1995)

Robert J. McNamara, who was the project manager in Cambridge, claims
that LeMessurier studied quartering winds early in the design process and
was aware of the change from welds to bolts when it was made, not much
later, as claimed in Morganstern’s paper. In response to the comments,
LeMessurier stated, “My mistake was in designing a structure that was
innovative, and I didn’t check and dog people carrying it through carefully
enough” (Korman 1995).

The Intervening Two Decades

Is it true, as Kremer alleges, that LeMessurier buried his story for two
decades? 'm able to offer an unusual perspective on this issue because I
took his course Structural Design of Buildings during the fall 1985 semester
at MIT, about seven years after the incident and a full decade before Mor-
ganstern’s paper.

During the course, we discussed various wind load-resisting systems,
including the Citicorp Tower. My notes from December 6, 1985, which may
have been the last day of class, reflect an in-depth discussion of the case.
Unfortunately, my notes are sketchy, which is probably more of a reflec-
tion of my own laziness late in the semester than any efforts to conceal on
LeMessurier’s part.

An extract from my notes for that day is provided as Fig. 10-3.

The notes reflect the following elements later related by Morganstern:

e A problem was found with the new building in 1978.

o Four connections are shown per diagonal. The connections were
intended to be full penetration wells but were replaced by bolts at
the suggestion of Bethlehem Steel.

e Calculations for the forces in the diagonals due to quartering winds
are shown. For the eight braces per floor, four have essentially no
wind force and four have approximately 1.4 times the force calcu-
lated from the two-dimensional analysis. The 2D analysis was a
homework problem earlier in the course.
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o Connections should have been designed for wind force minus dead
load (W — D), and the actual tension difference in the force was
twice what was designed for.

o Wind tunnel results showed that the 0.707 pressure multiplier for
quartering winds should in fact have been a slightly larger 0.8.

e The building could only survive a 16-year wind without the damper
working or a 52-year wind with the damper.

o Four weather agencies were hired to monitor approaching storms.

o The retrofit required welding two plates per connection, at a cost
of $4 million.

My notes partially answer the question of how forthcoming LeMes-
surier was to his students at Harvard and MIT. Certainly he went to the
trouble to relate the main technical details. The notes are silent on ethical
aspects, but this may simply have been poor notetaking on my part and may
not reflect every detail of the lecture.

Essential Reading

LeMessurier’s side of the story is told quite well in Morganstern’s
1997 paper, which provides greater narrative depth than the account pro-
vided above. The paper, entitled “The Fifty-Nine Story Crisis,” was pub-
lished in the January 1997 issue of the ASCE Journal of Professional Issues
in Engineering Education and Practice. However, this paper does not have
any diagrams or graphics. The article was previously published in The New
Yorker magazine on May 29, 1995.

The story is told in the “Moral Exemplars” section of the Online
Ethics Center for Engineering and Science at Case Western Reserve Uni-
versity’s website http://www.onlineethics.org/cms/8888.aspx. The narrative
closely follows Morganstern’s paper. Some graphics and a video clip have
been added.

The Morganstern paper and the Online Ethics Center website tell the
story from LeMessurier’s point of view. Kremer’s opposing view may be
found at http://www.crosscurrents.org/kremer2002.htm.

Space Shuttle Challenger

Each space shuttle mission involves a large amount of safety engineering,
whether measured in dollars or person-hours. Yet two of the space shuttles
have exploded catastrophically, with a total loss of vehicle and crew. In
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contrast, the shuttle’s predecessor, the Saturn V rocket, had a perfect safety
record.

The shuttles were intended to make space travel routine and to reduce
the costs of putting satellites into orbit and of building and maintaining the
space station. They could be reused, unlike rockets such as the Saturn V.
The shuttles have never fulfilled that promise, either in achieving the desired
frequency of the flights or in reducing the cost per flight.

Engineering, particularly rocket engineering, requires a can-do spirit,
optimism, and a willingness to overcome obstacles. Experimental aviation is
inherently risky. It is difficult to advance space technology while maintain-
ing an appropriate level of safety.

The Challenger exploded 73 seconds after launch on January 28,
1986. It was the 25th shuttle mission. The seven astronauts killed included a
high school teacher, Christa McAuliffe, who was to broadcast lessons from
space. Government investigations and redesign efforts grounded the shuttle
program for the next two years (Freiman and Schlager 1995a, p. 161).

Space Shuttle Design and Operation

The reusable portions of the space shuttle consist of the orbiter, an
external fuel tank, and the solid rocket boosters (SRBs). The orbiter flies
into space and returns to land on a runway. The external tank and SRBs
provide the thrust to lift the orbiter into space and are jettisoned into the
ocean and recovered.

Each of the two SRBs is 45 m (149 ft) long and 3.7 m (12 ft) in diam-
eter and weighs 8.9 MN (2 million 1b) before ignition. Although solid rock-
ets produce much more thrust per unit mass than liquid rockets, they cannot
be turned off or controlled once ignited. Morton Thiokol won the contract
to produce the SRBs in 1974 and used a scaled-up version of the Titan mis-
sile, which had an excellent performance record (Space Shuttle Challenger
Disaster 2007).

Each SRB is made of seven hollow metal cylinders, which are built
separately, shipped in connected pairs, and finally joined together at the
Kennedy Space Center in Florida for launch. At Kennedy, they are con-
nected with tang and clevis field joints, each with 177 clevis pins (Space
Shuttle Challenger Disaster 2007).

Each of the field joints is sealed with two O-rings, a primary and a
secondary ring. The Titan only had a single ring, but a second was added to
the SRBs for redundancy and safety. The purpose of the O-rings is to keep
hot combustion gases from escaping from the inside of the motor through
the field joint. Heat-resistant putty is applied inside the inner O-ring to pro-
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tect the ring itself from the gases. The gap between the tang and the clevis is
adjusted with shims to reduce the gap and increase the compression of the
O-ring (Space Shuttle Challenger Disaster 2007). The O-ring joint is shown
in Fig. 10-4.

Several factors affect the size of the gap, including dimensional toler-
ances of metal cylinders and the tang and clevis assembly, the temperature,
the O-ring diameter, the shims, and the loads applied to the joint. When the
booster is ignited, internal pressure presses against the putty and forces the
O-ring into the gap between the tang and clevis to form a seal (Space Shuttle
Challenger Disaster 2007).
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The pressure against the SRB walls also causes the cylinder to increase
in diameter or balloon slightly. This, in turn, causes the gap in the tang
and clevis joint to open, a phenomenon known as joint rotation. Morton
Thiokol discovered the effect during testing in 1977 and implemented three
changes to decrease joint rotation. The changes were improved dimensional
tolerances of the metal joint and O-ring, an increase in O-ring diameter,
and the use of shims. Morton Thiokol’s testing also indicated that in some
instances, the second O-ring might not seal at all, eliminating the redun-
dancy of the design (Space Shuttle Challenger Disaster 2007).

From the beginning in 1958, NASA’s space program had been built
around a strong culture of safety. However, the shift from rockets to space
shuttles was accompanied by a shift of emphasis to making the program
fully operational and cost effective. By the early 1980s, NASA had lost
much of its internal capability for overseeing technical quality control of
the work done by outside contractors. National security instructions called
for 24 shuttle flights per year, with 6 reserved for exclusive Air Force use.
However, NASA found that each shuttle required at least 1,240 h between
scheduled launches, not the 160 originally assumed. Still, 1986 was to be
a breakthrough year with 15 missions using all four shuttles. There was
considerable pressure throughout the organization to meet this ambitious
schedule (Freiman and Schlager 1995a, pp. 161-165).

Leaks in the Primary Seal

A new problem emerged after the second shuttle mission in November
1981. Postflight examination of the SRB field joints showed that the O-rings
were eroding during flight. Although the joints still sealed effectively, some
hot gases got past the putty and damaged the O-rings. Morton Thiokol
investigated different types of putty to improve joint performance (Space
Shuttle Challenger Disaster 2007).

The onlineethics.org website uses the case of Roger Boisjoly as one of
its “Moral Exemplar” studies (Case Western Reserve University 2007b). Bois-
joly was an engineer with more than a quarter century of experience in the
aerospace industry who became involved in trying to improve the O-rings
used in the space shuttle solid rocket boosters.

Boisjoly observed a large amount of blackened grease between the two
primary seals of the solid rocket boosters in January 1985 during a post-
flight hardware inspection of Flight 51C. This evidence suggested that hot
combustion gases had compromised the integrity of the seals. He reported
the findings and was asked to make a presentation at the Marshall Space
Flight Center in Huntsville, Alabama. The solid rocket booster manufac-
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turer, Morton Thiokol, was also asked to make a presentation. The pre-
sentations were part of the flight readiness review for Flight S1E, which
was scheduled for April 1985. Boisjoly suggested that the lower than usual
launch temperatures had interfered with the seating of the O-rings and were
thus responsible for the amount of gas blow-by. NASA management insisted
that Boisjoly soften his position for the final review board (Case Western
Reserve University 2007b).

Boisjoly and another engineer, Arnie Thompson, discussed the low-
temperature problem and proposed further testing. Resiliency testing on
the O-ring material showed that the rings had problems seating at low
temperatures. Another postflight inspection, that of a nozzle joint from
flight 51B from April 29, 1985, showed seal erosion. Boisjoly thought
that the primary seal might not have sealed at all during the two-minute
flight, and he became more concerned because if the same thing happened
to a field joint, the secondary seal could also fail (Case Western Reserve
University 2007b).

During the Flight Readiness Review for mission 51F, scheduled for
launch on July 1, 1985, Boisjoly presented his findings, including his test
results from a few months earlier. The 7-mm (0.28-in.) diameter O-ring
specimens were compressed to 1 mm (0.04 in.) with a decompression dis-
tance of 0.75 mm (0.03 in.) at a rate of 50 mm/min (2 in./min). At 38 °C
(100 °F), the seals did not lose contact, at 24 °C (75 °F), they lost contact for
2.4 s, and at 10 °C (50 °F), they lost contact for 10 min. Increasing the seal
diameter to 7.5 mm (0.295 in.) helped, but the temperature dependence was
clear (Case Western Reserve University 2007b). During the period that the
seals lost contact, hot gases could get by. Because no tests were performed
at temperatures lower than 10 °C (50 °F), it was not possible to say what
would happen at lower temperatures. However, the trend had been clearly
established.

Boisjoly was concerned about the lack of attention to the problem.
After overcoming initial resistance, he was able to form a solid rocket
motor seal erosion team to address the problem. NASA headquarters asked
Morton Thiokol to make a presentation on all of the booster seal problems.
Boisjoly was told by NASA to emphasize the joint improvements but not the
urgency of the problem. He did not get any response to his presentation, and
the seal erosion team remained frustrated by lack of management support
(Case Western Reserve University 2007b).

Morton Thiokol ordered new steel billets for a redesigned field joint
in July 1985. However, because these billets would take many months to
manufacture, they were not available by the time of the fatal Challenger
launch (Space Shuttle Challenger Disaster 2007).



350 BEYOND FAILURE

The Meeting Before the Launch

A final meeting was held the night before the Challenger launch. Over-
night, the temperatures were forecast to fall to —3 °C (26 °F). Boisjoly pre-
sented his arguments about the temperature sensitivity of the seals and made
his recommendation against the launch. NASA asked those present for their
launch decisions. Joe Kilminster, the vice president of Space Booster Pro-
grams, and George Hardy of NASA did not recommend launching (Case
Western Reserve University 2007b).

The engineering argument against launching was that there were no
data to show that a launch below 12 °C (53 °F) was safe. NASA had speci-
fied a booster operation temperature as low as —1 °C (31 °F). Thiokol had
understood this to be a storage temperature for the booster and that the
launch temperature specification was 4 °C (40 °F). Bob Lund, Thiokol’s
engineering vice president, noted that the predicted temperatures at launch
were outside of the database and recommended delaying the launch until
temperatures rose above 12 °C (53 °F). Larry Mulloy, the Marshall Center’s
solid rocket booster project manager, countered that the data were inconclu-
sive. Jerald Mason, a Thiokol senior executive, commented that a manage-
ment decision was needed. Mason told Lund to “take off your engineering
hat and put on your management hat.” Kilminster wrote out a new recom-
mendation to launch, which the engineers refused to sign. NASA approved
the boosters for launch, although the predicted temperature was outside of
the specifications (Space Shuttle Challenger Disaster 2007).

The Columbia mission before Challenger had been postponed seven
times. Challenger had a tight launch window. It was necessary to fly in the
morning because an afternoon launch would mean that a possible emer-
gency landing in Casablanca on the west coast of Africa would have to
be made at night on an unlit runway. The Challenger was also supposed
to recover the Spartan—-Halley research observatory in orbit, which meant
that the launch had to be before January 31 (Freiman and Schlager 1995a,
pp. 164-165).

The Shuttle Explosion

That night, the temperature fell to —8 °C (18 °F). Ice on the vehicle
became a concern. Several times during the final countdown, key person-
nel had to override the low-temperature safety limitations. At launch, the
coldest spot on the booster was one of the field joints, at —2 °C (28 °F).
At ignition, the joint rotated, but the O-rings were too cold to seat. Hot
gases at a temperature of 2,760 °C (5,000 °F) shot past the O-rings, and



MANAGEMENT, ETHICS, AND PROFESSIONAL ISSUES 351

cameras spotted about nine smoke puffs during the launch. At 72 s into
the flight, the shuttle Challenger exploded, killing all seven aboard (Space
Shuttle Challenger Disaster 2007).

Boisjoly had continued to protest the launch decision, but watched the
launch. After the explosion, he went directly to his office and sat in silence
(Case Western Reserve University 2007b).

Investigations

The Challenger explosion was investigated by a presidential commis-
sion, as well as the U.S. Senate and House of Representatives. This disaster
represented a rare engineering failure where a number of people knew the
cause immediately.

The Rogers Commission, appointed by President Ronald Reagan,
recorded 15,000 pages of testimony and reviewed 170,000 pages of docu-
ments and hundreds of photographs. More than 6,000 people were inter-
viewed as part of the three-month investigation. The commission’s findings
were released on June 6, 1986, in a 256-page report. The House Committee
on Science and Technology also conducted hearings and issued a report.
After the incident, a number of astronauts and other key personnel resigned
from NASA (Freiman and Schlager 1995a, pp. 169-171).

Whistle Blowing

The larger and more important the project, the greater the economic
and political consequences of delay or failure. This situation makes whistle
blowing on large projects particularly difficult, and events rarely work out
well in the long term for whistleblowers. However, for civil engineers, whis-
tle blowing is required by the ASCE Code of Ethics.

Essential Reading

The U.S. House of Representatives Committee on Science and Tech-
nology report (Committee on Science and Technology 1986), “Investiga-
tion of the Challenger Accident, October 29, 1986,” is available online at
http://history.nasa.gov/rogersrep/51lcover.htm and http://www.gpoaccess
.gov/challenger/64_420.pdf. A summary is provided in Freiman and Schlager
(1995a, pp. 161-172). Two ethics websites, onlineethics.org (Case West-
ern Reserve University 2007b) and Texas A&M University (Space Shuttle
Challenger Disaster 2007), feature this case study.
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Sampoong Superstore, Korea

Whether we like it or not, civil engineering, like other engineering profes-
sions, is becoming increasingly international. Many large U.S. construction
and design firms compete throughout the world. In some countries, bribery
and corruption are epidemic. However, the ASCE Code of Ethics and other
professional standards do not have an international exception, and engi-
neers licensed in the United States are bound by those standards, as well as
by U.S. laws, no matter where they practice or where the project is located.
Bribes are not a tax-deductible business expense. In some cases, U.S. firms
have a difficult time competing successfully in construction markets where
bribery is rampant.

This statement is not to imply that there is no corruption in the U.S.
construction industry. Although it is not addressed in any reports, it is dif-
ficult to understand how a mismanaged project like 2000 Commonwealth
Avenue (discussed in Chapter 5) could proceed without a bribe or two
changing hands.

It is useful to study failures outside the United States, particularly those
failures in which shoddy construction, bribery, or corruption may play a
part. Earthquakes overseas often expose broad patterns of poor construc-
tion. An earthquake that would kill a few dozen people in California may
kill hundreds or thousands in the developing world. Buildings sometimes
collapse because of unauthorized construction of additional stories without
permits. The principles of physics and engineering do not respect interna-
tional borders.

Failures outside of the United States present some difficulties for
researchers because the relevant documents and reports may be unobtain-
able or may not be available in English. News reports are generally sketchy
with respect to technical matters and may oversimplify the case.

Another significant difference with U.S. practice is that engineers
and contractors may be charged in criminal court. Some of the engineers
involved with the Vaiont and Malpasset dam failures (in Chapters 7 and 8,
respectively) were tried and convicted.

The collapse of the Sampoong Superstore in Seoul, South Korea,
represents an example of a structural collapse attributed in large part to
corruption. The late 1980s were an exciting time in Seoul and the rest of
South Korea. In 1988, Seoul hosted the summer Olympic Games. The
games gave South Korea an opportunity to show off its technological
advances, and the nation took full advantage. I was stationed in South
Korea as an Army officer during this period, and it was fascinating to
watch the process unfold.
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In Korea, large family-dominated firms called chaebols are responsible
for much of the economy. Names that would be familiar in the U.S. include
Hyundai, Samsung, and Daewoo. The chaebols often cross many industries,
such as automotive, construction, retail, and shipbuilding. It would not be
unusual for a chaebol to own a department store as well as the construction
company that built it. Some of these chaebols are active in the international
construction market.

Design and Construction

The Sampoong department store opened in December 1989. It was
a nine-story building with four basement floors and five above grade. The
building was laid out in two wings (north and south) connected by an atrium
lobby. By the mid-1990s the store’s sales amounted to more than half a mil-
lion U.S. dollars a day (Wearne 2000, pp. 99-100).

Unfortunately, the store had been built on a landfill site that was
poorly suited to such a large structure. Woosung Construction built the
foundation and basement and then passed the project on to Sampoong’s
in-house contractors. Woosung had apparently resisted some proposed
changes to the building plans, such as the addition of the fifth floor (Wearne
2000, p. 100).

Sampoong made significant changes to the structure. The most impor-
tant was the conversion of the original use as an office block to that of a
department store. Other changes included changing the upper floor from a
roller-skating rink to a traditional Korean restaurant. Stricter standards had
to be met for fire, air conditioning, and evacuation. Although the structure
apparently met all building code requirements, the revised design was radi-
cally different from the original (Wearne 2000, p. 100).

Collapse

The building was put into service.

For five and a half years business thrived. In June 1995 the store passed a
regular safety inspection. But within days there were signs something was
seriously wrong: cracks spidering up the walls in the restaurant area; water
pouring through crevices in the ceiling. On June 29 structural engineers
were called in to examine the building. They declared it unsafe. Company
executives who met that afternoon decided otherwise. They ordered the
cracks on the fifth floor to be filled and instructed employees to move mer-
chandise to the basement storage area. (Wearne 2000, p. 100)
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Some employees heard rumors of the structural damage and impend-
ing collapse but remained in their departments to work. At 6:00 p.mM. on
June 29, the center of the building collapsed, similar to a controlled implo-
sion, in about 10 s. The five-story north wing, about 91 m (300 ft) long,
fell into the basement, leaving only the fagade standing (Wearne 2000,
pp. 100-102).

Customers were concentrated in the basement and in the fifth-floor
restaurant. The customers and employees had no time to run. Some survi-
vors were found in the wreckage, and one was brought out 17 days after the
collapse. The overall death toll was 498 (Wearne 2000, pp. 100-107).

Investigations and Conclusions

The technical causes of the collapse seemed straightforward. “The
investigating committee noted design errors, many construction faults, poor
construction quality control, reduction in the cross-section of the columns
supporting the fifth floor and roof and change in use of the fifth floor . ..”
(Gardner et al. 2002, p. 523).

Two Korean professors, Lan Chung of Dan Kook University in Seoul,
and Oan Chul Choi of Soongsil University, investigated. Their findings
were summarized by Wearne (2000, pp. 107-111):

o The store was a flat slab structure, without cross beams supporting the
slab. This made the structure inherently less redundant. This design
explained why the building had collapsed so quickly and completely.

o Quality of the concrete was not the cause. Samples tested for compres-
sive strength did not show extraordinary weakness.

e The foundations and basement built by Woosung Construction had
survived the collapse, and the foundation rested on rock. Therefore,
foundation problems could be ruled out as the cause of the collapse.

e  When the building design had been converted from an office block, it
had been necessary to cut holes for escalators in each floor slab and
remove some supporting columns.

o The change of use also required installation of fire shutters. Large chunks
of the concrete columns had been cut away to fit the fire shutters.

o The fifth-floor conversion to a restaurant had added considerable
weight. In a traditional Korean restaurant, diners sit on the floor,
which must be heated. The floor and embedded heating system was
0.9 m (3 ft) thick and made of concrete. Refrigerators also increased

the dead load.
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o Because the floor plan of the restaurant was not compatible with that
of the lower floors, the placement of the support columns was irregu-
lar. Columns did not line up from floor to floor. Therefore, the slab
between the fourth and fifth floors, not columns, transferred loads.

o The building’s large, heavy water-cooling blocks for air condition-
ing had been installed on the roof, rather than on the ground. In
summer, when the collapse occurred, they were full of water and
weighed a lot. They had been placed on the roof to avoid noise com-
plaints from neighbors.

e Rather than adding columns, the builders increased the thickness of
the roof slab to accommodate the water-cooling system.

e The roof system had about a quarter of the capacity required to sup-
port the water-cooling system.

e The building owners had recently moved the water-cooling blocks
from the back of the building to the front. Instead of lifting them
with a crane, workers slid them across the roof, causing considerable
structural damage. Cracks up to 25 mm (1 in.) wide were observed
where the blocks had been moved.

e On the lower four floors, columns specified to be 890 mm (35 in.)
thick were only 610 mm (24 in.) thick and had only 8 reinforcing
bars rather than the 16 specified.

e Slab dead loads had been miscalculated, based on 100-mm (4-in.)
thick slabs when some slabs were three or four times thicker.

e Some reinforcement had not been installed, and connections between
slabs and walls were poor.

e To maximize sales space, the spans between the columns had been
increased to almost 11 m (36 ft), which was much too large.

Professor Chung and his colleagues blamed the Sampoong department
store collapse unequivocally on “human ignorance, negligence, and
greed.” The prime cause, they said, was the “illegal alteration of the
architectural design and usage of the building.” They cited the negli-
gence of supervision of the planning authorities and the refusal to act
on any of the indications of structural problems by the management as
crucial contributing factors to the disaster. Cracks and leaks had been
appearing in the building for more than five years. . .. (Wearne 2000,
p. 111)

The concrete used was only 18 MPa (2,600 lb/in.?) rather than the
specified 21 MPa (3,000 Ib/in.?). Actual concrete strength from samples
taken after the collapse ranged from 18.4 to 19.3 MPa (2,700-2,800 Ib/in.?)
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(Gardner et al. 2002, pp. 523-524). The originally specified value is rather
low for structural concrete, and the further reduction in strength would
reduce the slab punching shear capacity.

The effective slab depth for negative moment areas had been reduced
from the specified 410 mm to 360 mm (16 to 14 in.) because the reinforce-
ment was improperly placed. Also, the change in use had increased the dead
load on the fifth floor by 35%. The lightweight concrete topping used on the
roof had more than twice the dead load assumed in the design. Dead load of
drop panels was also neglected (Gardner et al. 2002, pp. 523-525).

Punching shear of concrete slabs is discussed in Chapter 5. The factors
that reduced the punching shear capacity of this structure included (Gardner
et al. 2002, pp. 524-525):

o the reduction in concrete strength,

o the reduction in effective slab thickness,

o the reduction in column diameter, and

e omission of a drop panel at the top area of column line 4 and E,
reducing slab thickness from 450 to 300 mm (18 to 12 in.).

Also, moment transfer to columns was only checked for the exterior
columns, not the interior columns. The South Korean structural concrete
building code requirements were identical to the U.S. ACI (1983) 318
code. The ACI 318 code now requires carrying some positive moment steel
through the columns, which might have minimized the extent of the collapse
(Gardner et al. 2002, pp. 525-529).

The final report was delivered by the Seoul District Prosecutors Office,
entitled The Final White Book of Finding Out the Real Truth of the Col-
lapse of the Sampoong Department Store. The public was outraged. In par-
ticular, the news that the senior executives had fled the building without
warning others was disturbing. The report on the collapse, as well as ear-
lier structural and construction failures, suggested a widespread pattern of
corruption in the country’s construction business. A government survey of
high-rise structures found 14% were unsafe and needed to be rebuilt, 84%
required repairs, and only 2% met standards. Joon Lee, the chairman of
Sampoong, and his son Han-Sang Lee, were convicted and sent to prison
for 10%- and 7-year terms, respectively. Twelve local building officials were
found guilty of taking bribes of as much as $17,000 (U.S. equivalent) for
approving changes and providing a provisional use certificate (Wearne 2000,
pp. 111-112).

The cause of the Sampoong collapse, then, was not a technical issue
as much as outright fraud. The Korean construction industry, protected by
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government regulation from outside competition, had become complacent.
Bribes were used to get around the usual government checks and balances
that serve to protect public safety.

It is difficult for a firm that insists on maintaining ethical standards to
operate in such an environment. It is worth noting that Woosung Construc-
tion lost the project after balking at making the requested changes.

Essential Reading

This case study is discussed by Wearne (2000, pp. 99-113) in Chap-
ter 5, entitled “Crooked Construction: Sampoong Superstore.” A technical
paper on the collapse entitled “Lessons from the Sampoong Department
Store Collapse” (Gardner et al. 2002) was published in the Cement & Con-
crete Composites journal.

Misuse of the Professional Engineer License

Although there are other paths to licensure, the most common way to earn
a professional engineer (P.E.) license today is to graduate from an Accredita-
tion Board for Engineering and Technology (ABET) accredited engineering
program, pass the Fundamentals of Engineering (FE) examination, practice
engineering for four years under the supervision of a licensed P.E., and then
pass the principles and practice examination.

There are more than 50 licensing jurisdictions in the U.S. states and
territories, and as a general rule a separate license must be acquired for
each jurisdiction. Licensing requirements may be different in the various
jurisdictions but generally follow a national model law. Each jurisdiction
has its own licensing board that enforces requirements and may suspend
or revoke licenses. Land surveying has a separate LS or PS (Professional
Surveyor) license, and in some jurisdictions structural engineering also has
a separate examination and license. In the states where I hold licenses—
Alabama, Ohio, and Virginia—there is no separate licensure for structural
engineers.

Depending on jurisdiction, a P.E. may be referred to as a registered
engineer, a licensed engineer, or a professional engineer. Within the jurisdic-
tion, only a person with a P.E. in that jurisdiction may offer or perform engi-
neering services. Professional engineers are also bound by the jurisdiction’s
code of ethics, which are usually similar to the ASCE Code of Ethics.

Beyond the licensing boards, engineering is a largely self-regulating
profession. Engineers are supposed to restrict their practice to areas in
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which they are qualified by education or experience, but the P.E. license is
the same for all. A person who earns a P.E. license through education and
experience in electrical engineering, for example, is not directly prevented
from practicing civil engineering. Obviously, this situation has the potential
to create problems.

In the Harbour Cay Condominium collapse in Cocoa Beach, Florida,
discussed in Chapter 5, the retired NASA engineers who designed the build-
ing had probably not been designing reinforced concrete rockets for NASA.
Feld and Carper note that,

The project was built at a time when a considerable amount of con-
struction was under way in Florida, straining the ability of local build-
ing department staff to keep pace with developers. Five of the parties
involved in the Harbour Cay project were charged with negligence by
the Florida Department of Professional Registration. Both structural
engineers surrendered their licenses and will never again practice in
the state of Florida. The architect who designed the project was sus-
pended from practicing in Florida for a period of 10 years, and two
contractors were disciplined. This failure serves as a reminder that
such tragic occurrences are still possible in uncomplicated low-rise
projects, despite the availability of sufficient knowledge to prevent
them. (1997, p. 274)

These two engineers were clearly practicing outside of their expertise
and experience. Punching shear is critical for structures of this type, and
the change in the shop drawings on the height of the chairs should never
have been allowed. The ACI code is revised every three to four years, and
often the revisions are significant. There is a substantial investment of time
required to keep up with the code, but engineers who don’t should not
attempt to design these structures.

I’'ve encountered similar problems in my own practice. In the agricul-
tural product warehouses case, described in Chapter 4, the engineer who
designed the foundation had graduated with a bachelor’s degree in civil
engineering about three or four decades before. His entire career had been
spent in preparing and approving soil laboratory reports, and there was
nothing in the record to suggest that he had designed reinforced concrete
since taking an undergraduate course on the topic. When the building owner
asked him to design the foundation, he should have referred the owner to
a more qualified engineer. Instead, he produced a design that turned out to
be inadequate. No reinforcement was provided to resist the tensile forces
applied to the foundation.
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Property Loss Investigations

Failures may also happen with residential structures because of a number
of factors, such as wind, water damage, foundation settlement, and many
others. Insurance companies hire engineers to perform property loss foren-
sic investigations. The insurance company wants to know the cause of the
property loss, whether the cause of the loss was covered, and possibly an
estimate of the cost to repair or replace the structure. Often, the question
arises as to whether a structure is economically repairable and how it could
be repaired.

Generally, there is no loss of life or injury involved. These are not dra-
matic collapses like some of the larger cases discussed in this book, but they
are of course important to the property owners involved.

I have had cases where homeowners have disputes with insurance com-
panies as to whether the damage to their homes occurred because of founda-
tion settlement or because of some other event (hurricane winds, tornadoes,
or earthquakes). The distinction is important—in the case of foundation
settlement, insurance does not pay for the damage. The insurance company
hires an engineer to examine the damage and make a recommendation.

In three cases, 've been hired by homeowners’ attorneys to inspect res-
idences and to recommend whether they should challenge findings of settle-
ment. In two of those cases, I reviewed reports written by the same investi-
gator, both of which found that the damage occurred because of settlement.
The expert had a degree in mechanical engineering and had taken some
short courses in topics such as wood design. 'm not sure he had the neces-
sary background to come to his conclusions. For example, he did not appear
to have ever taken a course related to geotechnical engineering, which is
rather useful for assessing foundation settlement.

For many small firms or solo practitioners, these residential and small
structural investigations may be the bread and butter of the practice. I've
lost track of exactly how many I’ve done, but it’s several dozen at least.

There is an inherent bias in this system, particularly if the evidence
is ambiguous. An engineer who often finds foundation settlement damage
will probably continue to get work from the insurance company. Therefore,
there is unspoken but subtle pressure to find in favor of settlement. In the
wake of a large event, such as a hurricane or flood, this sort of work may be
highly lucrative for a small engineering firm because of the high volume.

This bias becomes especially pronounced in the case of a large event,
such as a hurricane. After a hurricane, a company that insures a large number
of properties in the affected area faces massive payouts. If the insurance adjus-
tors can deny or reduce claims, the overall payout may be greatly reduced.
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Dietz and Preston (2007) documented widespread efforts by insurance
companies to reduce claims in property loss situations. They also described
pressure applied by an insurance company to an engineering firm to alter
report conclusions and reduce claims after Hurricane Katrina. The dispute
concerned whether losses were classified as wind damage, which was cov-
ered by insurance, or flood damage, which was not.

An engineer involved in Katrina, Bob Kochan, CEO of Forensic Analy-
sis & Engineering Corp., says State Farm asked him to redo his reports
because the insurer disagreed with the engineers’ conclusions. . . .
Kochan says he complied so State Farm didn’t cut its contract with his
company. . . .

Randy Down, an engineer at Raleigh, North Carolina-based Foren-
sic, wrote this Oct. 18, 2005, e-mail response to Kochan: “I have seri-
ous concern about the ethics of this whole matter. I really question the
ethics of someone who wants to fire us simply because our conclusions
don’t match theirs.” (Dietz and Preston 2007)

This situation is not meant to suggest that performing these engi-
neering investigations for insurance companies is an inherently unethical
practice. If T thought it was unethical, I wouldn’t do it. However, I suggest
than an engineer or firm engaged in such work understand the ethical pres-
sures involved and follow the ASCE Code of Ethics. In this matter, as in
so many others discussed throughout the book, the Code of Ethics is an
important guide.
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Appendix A

Notes to the Professor

THERE 1S A DOCUMENTED NEED FOR FATLURE AWARENESS
in the undergraduate engineering curriculum. Engineering
students can learn a lot from failures, and failures play an
important role in engineering design. This need has been
expressed in a number of papers and at a number of con-
ferences over the past two decades. This book is a specific
response to that need and will provide much-needed access
to examples and a heightened appreciation of the role fail-
ure analysis knowledge can play in higher education and
public safety.

Many of the key technical principles that civil engi-
neering students should learn can be illustrated through
case studies. For example, the author has discussed the
Hyatt Regency walkway collapse, the Tacoma Narrows
Bridge failure, and other well-known cases with students
in courses on statics, mechanics of materials, and other
courses. These cases help students:

e grasp difficult technical concepts and begin to
acquire an intuitive feel for the behavior of sys-
tems and structures,

e understand how engineering science changes over
time as structural performance is observed and
lessons are learned,

361
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e analyze the effects of engineering decisions on society, and
e appreciate the importance of ethical considerations in the engineer-
ing decision-making process.

The main obstacle to integrating case studies and lessons learned from
failures into existing courses has been that many faculty do not have time
to research and prepare case studies. Although there are many references
available, they are difficult to translate into classroom lectures without con-
siderable added effort on the part of the instructor.

There are three ways to introduce failure analysis and failure case stud-
ies into civil engineering education. A small number of colleges and universi-
ties offer courses in forensic engineering or failure case studies. Often, these
courses are offered at institutions such as the University of Texas, Mississippi
State University, or the University of Colorado at Denver, which have prac-
ticing forensic engineers on the faculty (Delatte and Rens 2002). Clearly, this
approach depends on the availability of qualified and interested faculty.

Another method is to use case studies in capstone (senior) design proj-
ects (Delatte and Rens 2002). This method also depends on interested and
qualified faculty, as well as on the availability of appropriate projects (which
must be sufficiently free of liability concerns).

These two approaches offer great depth in the topic, but because of
their inherent limitations, their application is likely to remain limited. As a
result, even at colleges and universities where courses are offered in this area,
few undergraduates are likely to be able to take them. Although some people
might argue for a required stand-alone course in failure analysis for all under-
graduate civil engineering students, the argument is likely to fall on deaf ears
as programs shrink their credit-hour requirements. However, this book would
be an excellent text for a civil engineering failure analysis course.

A more promising approach is to integrate failure case studies into
courses throughout the curriculum. Many professors have done this on an
informal basis for years. The author used this approach at the U.S. Military
Academy while teaching two courses in engineering mechanics: statics and
dynamics and also mechanics of materials (Delatte 1997). He continued the
approach in engineering mechanics and civil engineering courses at the Uni-
versity of Alabama at Birmingham (Delatte 2000, Delatte and Rens 2002,
Delatte 2003) and at Cleveland State University.

Why Study Failures?

In a survey conducted by the ASCE Technical Council on Forensic Engineer-
ing (TCFE) Education Committee in December 1989, about a third of the
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87 civil engineering schools responding indicated a need for detailed, well-
documented case studies. The University of Arizona said, “ASCE should
provide such materials for educational purposes,” and Swarthmore College
suggested, “ASCE should provide funds for creating monographs on fail-
ures that have occurred in the past” (Rendon 1993a).

The ASCE TCFE conducted a second survey in 1998, which was
sent to all Accreditation Board for Engineering and Technology (ABET)
accredited engineering schools throughout the United States (Rens et al.
2000b). Similar to the 1989 survey, the lack of instructional materials
was cited as a reason that failure analysis topics were not being taught.
One of the unprompted written comments in that survey was this: “A
selected bibliography is needed on the topic, which could be accessed via
the Internet.”

The use of case studies is also supported by the latest pedagogical
research. From Analysis to Action refers to textbooks lacking in practical
examples as an emerging weakness (Center for Science, Mathematics, and
Engineering Education 1996, p. 2). Much of this document refers specifically
to breadth of understanding, which may be achieved through case studies.
Another issue addressed (Center for Science, Mathematics, and Engineer-
ing Education 1996, p. 19) is the need to “incorporate historical, social,
and ethical issues into courses for engineering majors.” The Committee on
Undergraduate Science Education in Transforming Undergraduate Educa-
tion in Science, Mathematics, Engineering, and Technology (Committee on
Undergraduate Science Education 1999) proposes that as many undergrad-
uate students as possible should undertake original, supervised research.
How People Learn: Brain, Mind, Experience, and School (Bransford et al.
1999, p. 30) refers to the need to organize knowledge meaningfully to aid
synthesis and develop expertise.

This work raises the question of whether failure analysis is merely
tangential to, or is in fact fundamental to, civil engineering education. Put
another way, are failure case studies simply interesting, or should they be an
essential component of a civil engineering curriculum?

Failure Case Studies and
Accreditation Requirements

ASCE TCFE Education Committee surveys of civil engineering depart-
ments reported in 1989 and 1998 (Bosela 1993, Rendon-Herrero 1993a
and 1993b, and Rens et al. 2000a) found that many respondents indicated a
need for detailed, well-documented case studies. Some of those replying felt
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strongly that incorporation of failure case studies should not become part
of accreditation evaluations. However, unless something is specifically man-
dated by the Accreditation Board for Engineering and Technology (ABET),
it is likely to be a low priority for inclusion in a curriculum.

There is certainly an argument to be made that failure analysis should
be mandated by ABET. It may also be argued that, in a sense, it already is.
Under ABET (2007) Criterion 3, Program Outcomes and Assessment,

Engineering programs must demonstrate that their students attain:

(a) an ability to apply knowledge of mathematics, science, and engineering

(b) an ability to design and conduct experiments, as well as to analyze
and interpret data

(c) an ability to design a system, component, or process to meet desired
needs within realistic constraints such as economic, environmental,
social, political, ethical, health and safety, manufacturability, and
sustainability

d) an ability to function on multi-disciplinary teams

e) an ability to identify, formulate, and solve engineering problems

=

an understanding of professional and ethical responsibility
) an ability to communicate effectively

EUQ

the broad education necessary to understand the impact of engi-

neering solutions in a global, economic, environmental, and societal

context

(i) a recognition of the need for, and an ability to engage in life-long
learning

(j) a knowledge of contemporary issues

(k) an ability to use the techniques, skills, and modern engineering tools

necessary for engineering practice.

Programs often struggle with how to document the fact that their
graduates understand the impact of engineering solutions in a global and
societal context, engage in life-long learning, and demonstrate knowledge of
contemporary issues (criteria h, i, and j, respectively). These outcomes can
be difficult to demonstrate. One method of documenting these particular
outcomes is to include case studies of failed engineering works in the cur-
riculum. Many case studies show the direct societal effect of failures and
demonstrate the need for life-long learning by highlighting the evolutionary
nature of engineering design procedures.

Case studies also address the revised criterion c, design within realistic
constraints. Case studies, and specifically failure case studies, illuminate how
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“economic, environmental, social, political, ethical, health and safety, manu-
facturability, and sustainability” affect design, behavior, and performance of
engineered systems.

Criteria for civil engineering programs are more specific. Students
must demonstrate

An understanding of professional practice issues such as: procurement of
work, bidding versus quality-based selection processes, how the design
professionals and the construction professions interact to construct a
project, the importance of professional licensure and continuing educa-
tion, and/or other professional practice issues. (ABET 2007)

These professional issues are integral to many of the case studies addressed
in this book. As an example, some project failures may be traced to poor
interaction and communication between the designers and the builders.

Failure Case Studies and the Civil
Engineering Body of Knowledge

The ASCE (2004) report Civil Engineering Body of Knowledge for the 21st
Century: Preparing the Civil Engineer for the Future, prepared by the Body
of Knowledge Committee of the Committee on Academic Prerequisites for
Professional Practice, goes beyond ABET. The Body of Knowledge (BOK)
defines 15 outcomes. The first 11 are identical to the ABET a—k. BOK out-
comes 12-15 are the following;:

12. an ability to apply knowledge in a specialized area related to civil
engineering.

13. an understanding of the elements of project management, construc-
tion, and asset management.

14. an understanding of business and public policy and administration
fundamentals.

15. an understanding of the role of the leader and leadership principles
and attitudes.

For those failures with complex technical causes, failure case studies
may be used to deepen understanding within specialized civil engineering areas
(outcome 12). Failures can expose and highlight the subtleties of structural and
system behavior that are the province of the specialist. Some specialties, such
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as earthquake and geotechnical engineering, have historically relied heavily
on failure case studies to advance the state of the practice.

Outcomes 13, 14, and 15 may also be addressed through failure case
studies. In many failures, the technical issues involved may not be particu-
larly complex or unusual. Instead, breakdowns may come in the project
management and construction processes or in the management of the facility
by the owner (outcome 13). Pressures of business and public interests may
encourage engineers to take short cuts, with harmful consequences (out-
come 14). Some failures might have been averted with stronger leadership
(outcome 15). A more thorough discussion of the relationship between fail-
ure case studies, ABET, and BOK outcomes is provided in Delatte (2008).

Pedagogical Benefits of Case Studies

Learning that occurs in multiple learning skills domains and exercises higher
level learning skills is crucial to successful engineering education. This learn-
ing must, however, occur efficiently because engineering curricula are already
overcrowded. This is one reason why failure case studies should be an essen-
tial part of engineering classes. The single activity of using a case study as
part of a traditional course lesson plan simultaneously fosters learning in
three different learning domains, thus making learning more efficient:

1. Affective: The failure is interesting and sometimes dramatic, thus
increasing initial acquisition and permanent retention of knowl-
edge from the learning exercise because of the emotional state of
the student during the learning process.

2. Cognitive: The failure validates the science, showing that our engi-
neering tools work and thus motivating the students to learn and
retain more knowledge.

3. Social: Students discover or rediscover how engineering decisions
affect individuals, communities, and society.

As a result of including case studies, students will demonstrate an abil-
ity to process failure analysis, apply ethics in engineering, and demonstrate
an understanding of the engineer’s role in and their value to society. Students
will also demonstrate a greater depth of knowledge by developing intuition
about expected behavior of engineered systems, understanding load paths,
and better visualizing the interaction of components of engineered systems.
Finally, students should experience a change in attitudes about quality engi-
neering as a result of studying failures of engineered systems.
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Use of Cases

Some of the ways to use case studies and a suggested format were reviewed
in Delatte and Rens (2002). These methods include the following:

 Introductions to topics—Use the case to illustrate why a particu-
lar failure mode is important. Often the importance of a particular
mode of failure only became widely known after a failure. Exam-
ples include the wind-induced oscillations of the Tacoma Narrows
Bridge and the failure of Air Force warehouses in the mid-1950s
that pointed out the need for shear reinforcement in reinforced con-
crete beams.

* Class discussions—Link technical issues to ethical and professional
considerations. Add discussions of standard of care, responsibility,
and communications to coverage of technical topics.

e Example problems and homework assignments—Calculate the
forces acting on structural members and compare them to design
criteria and accepted practice. This work can have the added ben-
efit of requiring students to compare design assumptions to actual
behavior in the field under service loads and overloads.

e Group and individual projects—Have students research the cases in
depth and report back on them. This will also help built a database
of cases for use in future classes. Students gain valuable research,
synthesis, and communication skills.

Common Threads

The use of case studies as common threads through the curriculum can best
be illustrated through an example. The 1907 collapse of the Quebec Bridge
during construction, discussed in Chapter 3, represents a landmark of both
engineering practice and forensic engineering. The Quebec Bridge was the
longest cantilever structure attempted until that time. The bridge project was
financially troubled from the beginning. This problem caused many setbacks
in the design and construction. Construction began in October 1900. In
August 1907, the bridge collapsed suddenly, and 75 workers were killed in
the accident; there were only 11 survivors from the 86 workers on the span.

A distinguished panel was assembled to investigate the disaster. The
panel’s report found that the main cause of the bridge’s failure was improper
design of the latticing on the compression chords. The collapse was initiated
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by the buckling failure of Chord A9L, immediately followed by Chord A9R.
Theodore Cooper had been the consulting engineer for the Quebec Bridge
project, and most of the blame for the disaster fell on his shoulders. He man-
dated unusually high allowable stresses and failed to require recalculation of
the bridge dead load when the span was lengthened.

This case study illustrates a number of important teaching points from
engineering courses:

1. Statics—Truss analysis. The bridge was a cantilever truss. As the
two arms of the bridge were built out from the pier, the moments
on the truss arms increased, and the compressive stresses in the
bottom chords of each arm also increased. Both the method of
joints and the method of sections, traditionally taught in statics
courses, may be used to analyze the compressive strut forces at the
different stages of bridge construction. See Chapter 2.

2. Mechanics of materials—Allowable stresses. Mr. Cooper increased
the allowable stresses for his bridge well beyond the limits of
accepted engineering practice without experimental justification.
He allowed compressive stresses that were considerably higher than
that provided by the modern AISC code and were highly unconser-
vative, given the state of knowledge at the time. The compression
struts of the truss were too large to be tested by available machin-
ery, so their capacity could not be precisely known. Development of
engineering codes and standards requires tradeoffs between struc-
tural safety and economy, and there must be mechanisms for resolv-
ing disputes among competing criteria. See Chapter 3, which has
this case study.

3. Mechanics of Materials—Structural deformation. The bending of
the critical A9L member reached 57 mm (2% in.) and was increas-
ing at the time of the collapse. The bending was discussed at the site
and by Mr. Cooper, attempting to supervise the project from New
York, but no action was taken. In fact, the bending showed that the
member was slowly buckling.

4. Mechanics of materials—Buckling of columns and bars. The critical
A9L compression member failed by buckling. It was a composite
section, which meant that it required latticing to require the mem-
bers to bend together. The moment of inertia and buckling capacity
of the composite section may be compared to that of the individual
truss members, showing the importance of the latticing system.

5. Structural analysis—Predicting, computing, and correcting dead
loads. One critical error made in the design was that the dead load
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was greatly underestimated. When material invoices showed that
17-30% more steel had gone into parts of the structure than had
been planned for in the design, no attempt was made to analyze the
bridge for the new loads. See Chapter 4.

6. Design of steel structures—Analysis and design of built-up mem-
bers. This point follows from the discussion of buckling of columns
and bars. Many existing steel bridges use built-up members, and
engineers involved in assessing and rehabilitating such structures
need to know how to evaluate member capacity and likely failure
modes. See Chapter 6.

7. Engineering management—The requirement for the engineer of
record to inspect the work on site. Mr. Cooper attempted to super-
vise the construction of a bridge in Quebec from his office in New
York City. When problems arose, the problems were referred to
him for a decision. The absence of an on-site engineer with author-
ity to stop the work meant that there was no way to head off the
impending collapse. A meeting was held to decide what to do, and
the bridge collapsed just as the meeting was breaking up.

8. Engineering ethics—Professional responsibility. Mr. Cooper planned
for the Quebec Bridge to be the crowning achievement of an illus-
trious career as a bridge engineer. However, by this time his health
was poor and he was unable to travel to the site. He was also
poorly compensated for his work. After the collapse, organiza-
tions such as ASCE began to define better the responsibility of
the engineer of record. Unfortunately, the collapse of the Hyatt
Regency walkways three quarters of a century later showed that
much remains to be done.

As an example, the following problem statement may be used in a
structural analysis, capstone design, or professionalism course, in conjunc-
tion with the Quebec Bridge collapse case study. The problem should be
assigned before the discussion of the case study, probably as an overnight
homework. After discussion of the case study, students should be better able
to identify potential problems with an unusual construction technique:

You are the engineer for a cantilever truss bridge across a major river
in North America. The bridge owner has asked you to prepare specifica-
tions, including allowable stresses, and has emphasized that they have a
shaky financial situation. The bridge was initially intended to be 488 m
(1,600 ft) long. To reduce the cost of the piers, they have been moved into
shallower water and the bridge will now be 549 m (1,800 ft long). When
completed, it will be the longest bridge of this type in the world.
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Problem: List all of the things you can think of that can go wrong
during this bridge construction project.

Once the collapse case has been discussed, the problem may be reas-
signed with the additional assignment to propose communication and qual-
ity control measures to ensure against collapse. Students should refer to the
case study in formulating their answers.

Assessment

The case study materials developed so far have been well received by
faculty across a wide range of civil engineering programs, as well as some
other related programs. To date, however, the benefits identified have
been anecdotal (although nevertheless impressive). There remains a need
to identify, quantify, and assess the effect of case studies on teaching and
learning.

Surveys have found widespread agreement that faculty consider fail-
ure case studies important and useful (Bosela 1993, Rendon-Herrero 1993a
and 1993b, and Rens et al. 2000a). Several of the faculty participants in
the failure case study workshops have reported back that the case stud-
ies have been excellent for motivating their students to learn. So far, the
formal assessment of the effect of using case study materials in courses has
been limited. Some assessment methods and results have been published by
Delatte et al. (2007 and 2008).

Desired student learning outcomes are improved understanding of
technical issues in civil engineering and engineering mechanics and improved
understanding of ethical, professional, and procedural issues in civil engi-
neering and engineering mechanics.

The primary assessment question is: “In what ways does the use of
failure case studies improve students’ ability to demonstrate competencies
that prepare them to be better professional civil engineers?”

The assessment questions are as follows:

e Does the use of failure case studies improve students’ ability to
demonstrate competencies that better prepare them as professional
engineers for the 21st century?

e How does the implementation of failure case studies encourage
deep learning in civil engineering students?

e What has been the time commitment and value-added experience
for faculty who integrate failure case studies in the curriculum that
improves student learning of civil engineering concepts?
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Typical Course Topics

As an aid to the instructor, some typical course topics that case studies may
be used to address are summarized below by chapter.

Chapter 2: Statics and Dynamics

Typical topics in a statics course include:

e Determining force and moment resultants. This topic includes deter-
mining the resultants of distributed loads, including wind, soil, and
static water pressures, as well as dead, live, and snow loads.

e Developing free-body diagrams. This topic includes classification of
supports—e.g., fixed supports, pinned supports, rockers, and roll-
ers. Support classifications, e.g., frictionless pins or fully fixed con-
nections—may seem exact, but the behavior of actual supports can
only approximate these idealized models. With a correct classifica-
tion of supports, the free-body diagram is the basis for the problem
solution. If it isn’t correct, the solution won’t be either.

e Using equations of equilibrium to solve for unknown forces and
reactions.

 Classification of rigid bodies as statically determinate or indeter-
minate and properly or improperly constrained. Improperly con-
strained rigid bodies allow movement in at least one direction and
will be unstable under certain loading conditions.

e Analysis of trusses. Trusses are idealized as assemblages of two force
members, joined by frictionless pins. Truss members are in either
pure tension or compression.

e Analysis of pin-connected frames and machines. This analysis
introduces the concept of forces transferred between members at
connections.

* Calculating internal forces in frame and machine members. This analy-
sis may include developing shear and moment diagrams for beams, or
this topic may be deferred until a course in mechanics of materials.

e Determining forces in cable and pulley systems, including suspen-
sion bridges.

e Analysis of dry friction, including wedges, screws, and other simple
machines.

e Calculating centroids and area and mass moments of inertia for
areas and volumes. Area and mass moments of inertia have limited
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application in the statics course but are important in the subsequent
dynamics and mechanics of materials courses.

Chapter 3: Mechanics of Materials

Typical topics in a mechanics of materials course include:

e normal and shearing stresses and strains;

o failure stresses, allowable stresses, and factors of safety;

¢ design of connections for normal, bearing, and shear stress;

* stress—strain relationships for materials, including the elastic-perfectly
plastic (elastoplastic) model for yielding materials, such as struc-
tural steel;

e axial forces and deformations;

e use of compatibility relations to solve for reactions of statically
indeterminate structures;

e stress concentrations due to discontinuities, such as fillets and holes
in members;

e fatigue failure and relationships between stress range and number
of cycles to failure;

¢ torsion stresses and deformations;

* bending stresses, shear and moment diagrams, and beam design;

e beam transverse shearing stresses;

¢ beam deflections;

e stress and strain transformation and principal stresses and strains;
and

e column buckling and design.

Chapter 4: Structural Analysis

Topics covered typically include:

* types of structures;

* loads acting on structures;

 analysis of statically determinate structures, including diaphragm
and shear wall systems;

 analysis of statically determinate trusses (similar to material cov-
ered in statics);

e internal loadings in structural members, including beam and frame
shear and moment diagrams (similar to material covered in mechan-
ics of materials);
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e cable and arch structures;

e approximate analysis of statically indeterminate structures;

e deflections;

o analysis of statically indeterminate structures by force methods;

e displacement methods of analysis (slope-deflection and moment
distribution); and

* influence lines (quantitative and qualitative).

Chapter 5: Reinforced Concrete Structures

Topics typically covered in an undergraduate-level reinforced concrete
structural design course include:

 materials for reinforced concrete, such as concrete and reinforcing steel
(Concrete as a material is discussed in more detail in Chapter 9);

 design of beams for flexure (rectangular beams, T-beams, and other
configurations);

e beam design for shear (stirrups);

* development, anchorage, splicing, and other details of reinforcement;

 serviceability considerations—cracking and deflections;

e continuous beams;

¢ design of columns for combined axial loads and bending;

e one- and two-way slabs;

e footings; and

 punching shear.

Chapter 6: Steel Structures

Topics typically covered in an undergraduate steel structural design
course include:

e steel as a structural material, including advantages and disadvantages;

e properties of structural steels, bolts, and weld metals, including
ductility and fatigue performance;

* specifications, loads, and methods of design;

e analysis and design of tension members (net and gross section);

 design of axially loaded compression members;

o effective length factors for compression members;

o analysis and design of beams for flexure;

e beam shear;

e beam deflections;
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beam-columns (combined bending and axial force);
bolted connections;

welded connections; and

composite beams (concrete deck slabs on steel beams).

Chapter 7: Soil Mechanics, Geotechnical
Engineering, and Foundations

Topics covered in typical undergraduate geotechnical engineering and

foundations courses include:

engineering geology;

properties and classification of soils;

water in soils—static pressures, capillary moisture, saturated fluid
flow;

permeability and drainage;

soil stresses;

compressibility, consolidation, and settlement;
shear strength;

lateral pressures and earth-retaining structures;
slope stability analysis;

bearing capacity and foundations;

improving soil conditions and properties; and
subsurface exploration techniques.

Chapter 8: Fluid Mechanics and Hydraulics

Topics typically covered in an undergraduate fluid mechanics course
include:

fundamentals, such as density, compressibility, viscosity, surface tension,
vapor pressure, specific weight, specific volume, and specific gravity;
fluid statics: pressures and forces on submerged surfaces (generally
also taught in a statics course);

kinematics of fluid motion: velocity, acceleration, control volume,
and conservation of mass (continuity equation);

flow of an incompressible ideal fluid;

flow of a compressible ideal fluid;

impulse-momentum;

fluid flow in pipes;

fluid flow in open channels;
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e fluid measurements; and
e fluid flow around immersed objects (drag and lift).

Typical topics in an undergraduate hydraulic engineering course include:

e hydrology;

e groundwater hydraulics;

e statistical analysis of hydrological data (probabilities and return
periods);

 pipelines;

e open channel hydraulics;

e sediment transport;

* hydraulic machinery; and

* drainage hydraulics.
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