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Preface

The papers in this Geotechnical Special Publication were presented in the session of
Soils and Rock Instrumentation, Behavior and Modeling at GeoHunan International
Conference: Challenges and Recent Advances in Pavement Technologies and
Transportation Geotechnics. The conference was hosted by Changsha University of
Science and Technology on August 3-6, 2009.
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Grout Efficiency of Lifting Structure in Soft Clay
James -C. Ni' and Wen-Chieh Cheng?
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2ph.D. Candidate, College of Engineering, National Taipei University of Technology, 1, Sec. 3,
Chung-hsiao E. Rd., Taipei, 10608, Taiwan; s2428030@gmail.com

ABSTRACT: An inclined eight-story reinforced concrete building on a thick soft clay
deposit was leveled by compensation grouting with short gel time grout injected through
sleeved pipes. The monitoring system is used to record the injected grout volume, the mat
foundation’s heaved volume after grouting, and the mat foundation’s settled volume
during pore pressure dissipation. The grouting efficiencies improved from negative value
to less than 1, and the stress histories of clay soils changed from normally consolidated to
over-consolidated. A final compensation efficiency of 9.78% was achieved and the
building was successfully leveled.

INTRODUCTION

Compensation grouting is a technique to offset subsidence caused during bored
tunneling and underground excavation. The basic principle is to inject grout into the zone
between the tunnel and overlying buildings to compensate for the ground loss and stress
relief induced by underground excavation (Mair & Hight 1994). The compensation
grouting operation is a series of grouting tubes known as a Tube A Manchette (TAM),
radiating horizontally from a vertical shaft as shown in Figure 1. An electro-level beam
embedded horizontally above the TAM is used to indicate when to start grouting and
when to stop grouting, so that settlements are limited to specified amounts (Boone 1997).
The low-viscosity particulate grouts intrude into the soil and introduce solids enabling the
uplift displacement which contributes to the compensation effect of ground settlement
associated with bored tunneling (Wongsaroj 2007). The major limitation is that the high
mobility and low viscosity of the grout can cause difficulties in controlling grout locality.
Grout with a quick set time can be used to partially solve this problem.

The effectiveness of compensation grouting can be evaluated by the amount of soil
heave for a given injected grout volume (Soga 2004). Grouting efficiency, n, is defined as
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the ratio of the soil heaved volume, Vg, to the injected volume of grout, Vi .

Grouting efficiency, 1= ;—E 1)
inj

The grout efficiency is usually smaller than 1 owing to loss of fluid from the grout
bleeding, escape of the grout from the designated area by migration along fractures, and
soil settlement due to the dissipation of positive excess pore pressures generated during
grout injection. Komiya et al. (2001) conducted a field trial of shield tunneling in a deep
soft clay deposit to investigate the long-term consolidation effect on grouting efficiency.
A mixture of cement, water and water-glass with gel time of 20 seconds was used as the
grout. The grouting program included tail void grouting operation immediately after the
machine passage and grout jacking when the machine was approximately 5 meters ahead
of the injection points. In both cases, the monitoring results show that the upward
displacement owing to either grouting is negated by the consolidation settlement resulting
in a net settlement. It is likely that the considerable consolidation of clay after grout
injection is due to the dissipation of the excess pore pressures generated when the injected
grout sheared the sensitive and compressible clay. This indicates that the grouting
efficiency in soft clay may be negative.

inclined
building

Ve

Vi

Beam electrolevel
steel cased

grouting shaft

l =Vnu
tube a manchette (TAM) concrete
plug base

FIG. 1. Conceptual diagram of TAM grouting points for compensation grouting

100

80

OCR = 1-5 Single

60
/OCR = 1.5 Multiple

40+
20 OCR =1 Muliple

Grout efficiency: %
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-20 t t
10 100 1000 10000 100000

Time: S

FIG. 2. Fracture grouting efficiency in OCR =1 and 1.5 clay
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From laboratory testing results, Au et al. (2003) found that the grout efficiency
dramatically reduced to negative value with time for normally consolidated or lightly
over-consolidated clays (see Figure 2) due to extensive shearing during the injection and
the ultimate increase in mean effective pressure around the injection point caused by the
injection pressure locked in when the grout solidified. However, for heavily
over-consolidated clays, pore water migrated from the positive excess pore pressure zone
around the injection point to the negative zone some distance away from the injection
point during the consolidation stage. The compression near the injection point and
swelling at some distance away from the injection point resulted in a negligible
consolidation effect for heavily over-consolidated clays.

In addition to the efficiency loss discussed above, the efficiency of compensation
grouting defined as the ratio of building settled volume to total injected grout volume may
be further reduced by far-field geometry effects (i.e. the grout beneath the mat foundation
can only contribute the effective lift of inclined building) as shown in Figure 1.

v,
Compensation efficiency, & =—1- 2)
inj
The efficiency of compensation grouting is a function of ground conditions, grout
rheology, injection method and the building weight.

GEOLOGICAL CONDITION

The soil profile at the site consisted of miscellaneous urban fill, very soft silty clay,
and thick deposit of soft silty clay as shown in Figure 3. Static groundwater levels in the
vicinity of the grouting area were one meter below the surface. The eight-story reinforced
concrete building with a one-story basement was inclined to the south at 1/200. The mat
foundation of 32 meters by 18meters is 3.85 meters below the surface. Concrete piles of
0.35 meters in diameter and 9 meters in length were used as retaining wall during
basement excavation.

B1F/8F

GL. (-m)
0

very soft|
— s silty ©

H* tube-a-manchettes | 4

FIG. 3. Subsurface profile, basement and injection pipe
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GROUTING DESIGN

The thick soft clay deposit rules out other grouting methods other than fracture
grouting. To conduct the repetitive grouting procedure, a series of grouting tubes (TAM)
were installed five meters beyond the mat foundation. The grout hole spacing was two
meters on center. Drill casings were one meter in length, and were drilled through
reinforced concrete floor in the mat foundation with small equipment for grout casing
insertion. Water was used as the flush medium.

Because of cost consideration, the common grouting pumps were used. To improve
the compensation efficiency, the grout hose system of 1.5 shots and quick set grout were
adopted to limit the travel of grout. Two stages of grout mixes were used. The first stage
grout mix is given in Table 1 and was used to stabilize the clays between five to nine
meters below ground level and provide the reaction for the next lifting stage. The second
stage grout mix is given in Table 2 was used to grout the clays between four to six meters
below ground level and lift the building.

Table 1. Grout mixes used for foundation stabilization (gel time 20~25 seconds)

A liquid B liquid
Cement Pulézr;lz ed CaO | Water | Na,O-3Si0O, | Water
400kg 300kg 90kg | 250L 150L 350L
500L 500L
1000L

Table 2. Grout mixes used for lift grouting (gel time 15~20 seconds)

A liquid B liquid
Cement Pulézgllz ed CaO | Water | Nay0-3SiO, | Water
400kg 300kg 90kg | 325L 250L 250L
500L 500L
1000L

MONITORING SYSTEM AND GROUTING PERFORMANCE

The elevations of building columns in the basement were monitored before and after
each day’s grouting program. The difference of contour lines between pre-grouting and
post-grouting provides the elevated volume of the inclined building. Also the difference
of contour lines between post-grouting and pre-grouting provides the settled volume due
to the dissipation of excess pore pressure from the grouting. Figure 4 shows that the
overnight settlement of 3.88 m® is more than the elevated volume of 3.17 m® at day one.
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This indicates that the compensation efficiency is negative initially. However, the
normally consolidated clay was gradually changed to lightly over-consolidated clay due
to repetitive grouting, and this explained why the overnight settlement of 0.43 m® is less
than the elevated volume of 3.86 m’ at day four as shown in Figure 5(d). The
compensation efficiency is gradually improved to a positive value. To understand how
long it takes for the excess pore pressure to dissipate, the injection was suspended for
seven days after the fourth day of grouting. The results are shown in Figure 5(f). It takes
five days to reach the final accumulative settlement of 3.82 m® which is near the elevated
volume of 3.86 m’ at day four. Figure 6 shows that the accumulative elevated volume
surpasses the accumulative settled volume from day four. From day four on, the elevated
volume is larger than the settled volume for every grouting day. This indicates that the
higher the over-consolidation ratio, the better the grouting efficiency. To reduce the
differential settlement of the eight-story building on very soft clay, the final compensation
efficiency of 9.78 % is obtained by subtracting final settled volume of 6.68% from the
final elevated volume of 14.36% as shown in Figure 7. The higher the over-consolidation
ratio, the less the compressibility, and the better the compensation efficiency. Since the
sandy soils are a lot less compressible than clayey soils, it is logical to assume that a sand
deposit provides better compensation efficiency than a clay deposit.

inclined direction inclined direction

| A b
: i N [ 2 I =
’ ! ¥ 1 A ;N ooy
a% " i 9 B 7 e 12 e 7% % # i
SN A2 QRSESe G &2
(a) 2006.10.12 before grouting (b) 2006.10.12 after grouting
inclined direction Legend o
8r A injected volume 8.7m"
, ' s B. migrated volume 5.53m’ (63.58%) | oo
15- C. elevated volume 3.17m*(36.42%)
6T D. settled volume 3.88m’ (44.62%)
& st = 160 o
10 > X
E 47 -~
“““ % 1 40
- 37
20 1 20
\\\\\\\\\\ b A
s o B3 ) 2 oo™ 0 o 0
10/12
(¢) 2006.10.13 before grouting (d) grouting analysis

FIG. 4. Grouting results of day one
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{ P s » > % ps %
(a) 2006.10.15 before grouting (b) 2006.10.15 after grouting
inclined direction 100
12| Legend
A. injected volume 13.13m
" ~ 10 B. migrated volume 9.27m* 180
*3 “g (70.61%)
s s ~ 8 C. elevated volume 3.86m° {60 =
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e |2 e
o f — A = 7 5 e 20
g/ B [P g 2~ ™ (mm) 10/15
: I s pA 3 %
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accumulative settled volume

inclined direction
3.82 m*(29.14%)
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oo 16 07 16 07 16 07 16 07 16 07 16 07

10 15 20 2 20

(e) 2006.10.21 before grouting (f) settlement due to dissipation of
pore pressure

FIG. 5. Grouting results of day four through day ten
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200 - Legend
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100 |
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FIG. 6. Bar chart of accumulative injected, migrated, elevated and settled volume
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FIG. 7. The variation of elevation and settlement efficiency
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CONCLUSIONS

1) Compensation fracture grouting can be used successfully to level an inclined
eight-story reinforced concrete building on the thick soft clay deposit with a final
compensation efficiency of 9.78%. 2) Field investigations verify that grouting efficiency
can be improved from a negative value to less than one by repetitive fracture grouting with
a short gel time grout. This study shares the same conclusions from other researchers in
the laboratory testing and in the shield tunneling areas of research.
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ABSTRACT: Resilient modulus of unbound granular materials is a key design
parameter for mechanistic empirical pavement design. But the complexity of the
affected factors has made it challenging and difficult for practical designers and
researchers to find an appropriate model to describe the entire stress-strain response
where the plastic deformation is accumulated during the repeated loading condition.
A cyclic plasticity model based on fuzzy sets plasticity theory is presented in this
paper to model the resilient modulus and permanent strain behavior of unbound
granular materials under repeated loading. The concept of the fuzzy set plasticity is
first introduced, followed by its model formulation and numerical simulation. The
model was calibrated against a resilient modulus testing data of a typical Missouri
soil. The numerical results showed that the fuzzy set model is capable of mimicking
and simulating the resilient and permanent responses of unbound granular materials
under repeated loading.

INTRODUCTION

Pavement design is a process intended to find the most economical methods for the
pavement, taking into account the properties of the soil foundation and the traffic to
be carried during the service life of the road. And resilient modulus of unbound
granular materials is a key parameter for mechanistic empirical pavement design.
With the laboratory resilient modulus testing data, many computational modeling,
which correlate the resilient modulus to different confining pressure and deviator
stress, can be calibrated (Werkmeister et al., 2004). However, the complexity of the
affected factors has made it challenging and difficult for practical designer and
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researchers to find an appropriate model to describe the entire stress-strain response
where the plastic deformation is accumulated during the repeated loading condition.
And the disadvantages of traditional design have become more obvious during the
last decades as a consequence of the growth of transportation needs and the urge for
using recycled materials. So developing reliable and versatile constitutive models to
describe the appropriate characterization of the unbound granular materials has been
challenging tasks. Over the years, many constitutive models have been proposed and
developed, which employ analytical methods focusing on the realistic stress-strain
behaviors of unbound granular materials under repeated load cycles including the
resilient behavior, plastic response and permanent deformation based on theory of
plasticity (e.g. Lekarp, 1997; Jacobsson, 1998; Frost et al., 2004; Garcia-Rojo and
Herrmann, 2005). In the mean time, the selection of the most appropriate material
model has been used in the analytical design of the pavement.

A cyclic plasticity model based on fuzzy sets plasticity theory is presented in this
paper to model the resilient modulus and shakedown behavior of unbound granular
materials under repeated loading. The concept of the fuzzy set plasticity is first
introduced, followed by its model formulation. The model developed here is capable
of simulating realistic stress-strain behaviors of unbound granular materials under
repeated load cycles including nonlinear dilatancy behavior, material memory,
accurate reverse loading feature, non-proportional loading, and long-term cyclic
effects. The resilient modulus calculated from each load cycle is recorded and
calibrated through a set of common Missouri subgrade soils and unbound granular
base materials in accordance with the AASHTO T 307 test method.

MODEL FORMULATION

As previously mentioned, many elastoplastic constitutive models, normally with a
great number of constants and parameters, have been developed to describe the
complex behavior of the granular materials. The determination of these parameters
naturally requires more extensive laboratory test data and site investigation plans
compared to what simpler models need. Nevertheless, the stress-strain state of the
pavement structure can be modeled more realistically using the advanced models.
With that in mind, we intend to assess whether the fuzzy set plasticity model can
mimic more realistic stress-strain behavior of granular material under repeated
loading.

The original fuzzy set plasticity model consists of deviatoric and locking fuzzy
surfaces to account for material responses under purely deviatoric shearing and
isotropic compression/extension condition. In this study, the model has been
simplified and only deviatoric component of the original fuzzy set model was used
for the simulation. Further and detailed information about fuzzy set plasticity can be
found at Ge and Sture (2008).

The fuzzy surface in compression is expressed as F, =r — a, — a,p = 0 which
represents a three-stress-invariant yield surface. p is the mean stress and is one third
of first stress invariant /;. r is the multiplication of g and g, where ¢ is defined in a
way similar to second deviatoric stress invariant J,, and g is the Willam-Warnke
function (Willam and Warnke, 1974). For proportion loading, g is 1, so that » = q.
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At each stress state, the value of the membership function ywill be explicitly
defined and the plastic modulus on the loading surfaces can be found at Ge and Sture
(2008), which is given as follows.

My?
T1-— yi+t

where M and d are model parameters, is the plastic modulus. Although the value
of 7is 1 at fully elastic state and 0 at the fully plastic state, the assignment of the value
in elastoplastic state is deterministic and can be arbitrarily defined as needed. A
linear variation with respect to stress state was adopted in this study.

A classical flow rule incorporating current stress state 7and state parameter yis used
(Been and Jefferies, 1985).

]

3 ~ AL+ xew) =]

where 4 and x;are model parameter and M., is the stress ratio g/p at critical state

condition and is identical to the model parameter a;. y=0.77is the current stress ratio g/p.
The resilient behavior is often expressed in terms of the resilient modulus

M, = M;‘, A indicate “change in”, and o), 62, and &, = major and minor

principal Stress and recoverable axial strain, respectively. And regarding the
combined effects of stress level and test material density, the shear modulus values
have been used (Iwasaki and Tatsuoka, 1977).

P m
6= 6,(L)
Po

where Gy and py are initial shear modulus and mean stress. m is a stress exponent
depending on the shear strain level.

Since modeling the resilient modulus of unbound granular material under repeated
loading is the main task of this research, laboratory test on loose sandy soils and
unbound granular base materials were used for model calibration and verification
purposes.

RESULTS AND DISCUSSION

Table 1 lists the model parameters that were used in the fuzzy set plasticity model,
which was calibrated against the resilient modulus testing data on a Missouri
subgrade soils (Petry et al., 2008). The stress paths for the investigation of the
resilient modulus due to sequences of varied amplitude loading are presented on the
p-q stress space shown in Figure 1. All loading procedures are limited to pulse series
where the confining pressure remains constant, as can be seen from the slopes of the
stress paths. The confining pressure for these stress paths O;- A;- B;- Ci- Di- Ej, O,-
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Aj- By- Cy- Ds- Ey, and Os3- As- Bs- Cs- Ds- E; are selected as 2 psi, 4 psi, and 6 psi,

respectively. The initial void ratios were reported 0.41. Fig. 2 shows the resilient
modulus versus deviator stress response while Fig. 3 presents the permanent axial

strain versus number of cycles.

Table 1. Model parameters used in the simulation

ay aj

10.57

KaWy

0

Gy
4809

0.54  0.071

1.03

0.98

2520

5800

p (psi)

FIG. 1. Stress paths for varied amplitude loading.
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FIG. 2. Resilient modulus vs. deviator stress.

In Fig. 2, the fuzzy set model shows a good match against the three stress paths. It
is seen that the resilient modulus increases after the confining pressure p increased.
And it is also shown that the resilient modulus decreases when the deviator stress is
increased. The results in Fig. 3 show that, after a number of cycles at each stress level,
the rate of accumulation of permanent strain is decaying towards a zero rate. An
increase of applied deviator stress results in more permanent axial strain.

CONCLUSIONS

A simplified fuzzy set plasticity model was developed and its capability and
performance was assessed through one of the AASHTO T 307 tests on common
Missouri subgrade soils and unbound granular base materials. After comparing with
these test data, the simplified fuzzy set plasticity model perform fairly well in
modeling resilient modulus of unbound granular materials under repeating loading.
More work need to be done to fully assess the resilient and permanent deformation
behaviors of unbound granular materials under complex loading/unloading conditions.
The fuzzy set plasticity model can be verified against more factors affecting the
resilient response, such as: stress level, density, particle size, stress history, number of
load cycles.
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FIG. 3. Permanent axial strain vs. Number of loading cycles.
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ABSTRACT: In recent years, with the construction of the freeways, large-scale
hydro projects and deep foundation pit projects, project accidents aroused by people’s
excavation are more and more outstanding, especially in the western of China, which
surface is most covered by soil-rock-mixture slope, the human project activity has
already become the main induced factor of the geologic hazard. Based on in-situ
simulation experiment of excavation and 3D finite element method numerical
simulation, the deformation and evolution mechanism of soil-rock-mixture landslide
under excavation disturbance was studied. The study results show that stability and
displacement field of soil-rock-mixture slope are obviously influenced by excavating
effect, and most of soil-rock-mixture landslides caused by excavation are shallow
draught slope failures.

INTRODUCTION

Soil-rock-mixture is one kind of natural substance formed in geological history. It
behaves between soil mass and rock mass, which has the inherent unique properties
of inhomogeneity, discontinuity and difficult to gather sample. The body of soil-rock-
mixture slope is composed of soil-rock-mixture medium, widely spread in the area of
China as well as all over the world. This kind of landslides often bring about a serious
harm and gigantic property loses to national economic construction, the people
regular and safe life due to it’s larger landslide scale, numerous influencing factors,
paroxysmal landside, complicate slippage conditions. Therefore, there have peculiar
theory and practical value to carry out systems analysis and study on this kind of
landslides.

In recent years, with the construction of expressway, large-scale hydraulic
engineering and new foundation trench excavating project, the engineering accidents
caused by man-made slope-cutting and excavation have been highlighted. Especially
in the coverage area of earth-rock aggregate slope, the engineering activities of
human beings have become the main inducing factors of geologic hazards. For
instance, from 1989 to 2000, 1298 places had large-scale or serious paroxysmal
geologic hazard occurred with large loss. 772 of these hazards were landslides, and

16
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119 of them were collapses. 543 landslides and 79 collapses were caused by slope-
cutting and excavation, which respectively occupied 70.3% and 66.4% of the total.
At present, the stability of lower slope during slope-cutting and excavation has
aroused the concern of scholars at home and abroad. However, the research on the
moving law of lower slope under the disturbance of excavation has not been mature
enough. Therefore, it has special theoretical and practical values to do a deep research
on the distortion theory of earth-rock aggregate slope under the disturbance of
excavation.

This paper aims at the study on the formation and evolution mechanism of earth-
rock aggregate slope under the influence of step-by-step excavation through the on-
site excavation simulation test and three-dimensional finite element numerical
simulation test so as to provide technical and theoretical supports for a better
understanding and prevention of such landslides in future.

ON-SITE EXCAVATION SIMULATION TEST

Test Design

Choose the typical earth-rock aggregate slope at the exit of Qinglong Tunnel in
Guizhou section of Shanghai-Ruili Expressway to make on-site excavation test and
comprehensive monitoring to its original position and research the forming
conditions, deformation and displacement features and destruction and slide laws of
earth-rock aggregate slope under the disturbance of excavation. Refer to the literature
for the landform, topography, engineering geology, hydrological and geological
conditions, soil properties and floor plan of monitoring spot. Measure and read the
slope cracks by steel tape, and observe the deep displacement by inclinometer. There
are 6 inclinometer holes in the test area, both of them with a depth of 11m.

Excavation Sequence

After setting up the monitoring spot of the inclinometer and surface displacement,
put it still there for about a week so that the inclinometer can achieve a balance with
the surrounding soil. In consideration of the dangers of man-made excavation,
excavators have been adopted for this test. The excavation sequence is as shown in
Figure 1. Excavate from soil layer 1 to 4, with an excavation depth of 2m for each
layer, one layer per day until the collapse of the slope. On April 16, 2005, the first
excavation was carried out and the excavation period is 13:30-14:00 daily. The
monitoring frequency is four times per day, and the measuring and reading time is
respectively at 4:00,10: 00,16:00 and 22:00 daily.

Analysis of Test Achievements

Choose the monitoring data at 16:00 per day as the displacement value of the
slope after the excavation of this soil layer. Settle and analyze the inclinometer data
of each hole, and then draft them into figures. Figure 2 is the functional curve
between the displacement and depth of inclinometer hole ZK1 - ZK3 in L1 section
under the effect of step-by-step excavation. It can be seen from Figure 2: With the
increasing depth of excavation, the sliding displacement of the slope increases
gradually; the displacement deformation zone basically takes place within 0-4m
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under the ground. The displacement decreases along with the increasing depth, and
the slope surface bears the largest deformation. Each monitoring hole has a clear
position of sliding surface, and the positions of sliding surfaces at ZK1-ZK3
monitored by this test are respectively at 3.5m, 3.5m and 4m.

The surface of
slope stripped

TR L Sliding surface
2
Cutti ¢ 3 =
utting sequences
— [
L2 ZK1
ZK2
ZK3

FIG. 1 Cutting sequences (m)

Figure 3 is the functional curve between the horizontal displacement and
excavation depth of ZK1 along with the time. The following phenomena can be seen.
With the increasing excavation depth, the horizontal displacement increases
gradually; the deformation of earth-rock aggregate slope disturbed by excavation is
relaxation deformation, which decreases downward from the slope surface. The
displacement at 0.5m is basically equivalent to 2 times of that at 2.5m; however, there
is hardly displacement at 5m. The minor changes in value are only caused by
measurement errors.

The position of the sliding surface can be determined through combining the
position of the sliding surface monitored by inclinometer and the cracks at the
anterior and posterior borders of the landslide. The position and shape of L1 sliding
surface are shown in Figure 4. It can be seen from Figure 4: The sliding surface of
earth-rock aggregate slope is very shallow, with a depth of within 3-4m under the
ground, and this belongs to shallow landslide; the slope shape of the sliding
deformation zone approximates a hemicycle, and the three-dimensional shape of it
approximates 1/4 spheroid. Under the known shape of sliding surface, soil density,
cohesion C and angle of internal friction % in sliding zone, on the basis of method of
slices from limit equilibrium, the stability factors of L1 and L2 sections have been
calculated, and they are respectively 1.04 and 1.02. They are located at the critical
point of sliding instability and belong to instable slope. They are prone to slide under
the influence of excavation or rainfall infiltration. In the afternoon of April 20, the
inclinometer monitoring was stopped, with no longer color strip cloth covering the
test zone. On April 23 and 24, there was heavy rain continuously at test spot. On
April 25, the slope collapsed. As a result, the excavation groove at the anterior border
of the landslide was buried, and the inclinometer pipe was broken, as shown in Photo
1.
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FIG. 2 Variations of horizontal resultant displacement at each observation
point under excavation disturbance in field test
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FIG.4 The shape of sliding surface at profile L1 (m)  Photo 1 The slope after landslide

THREE-DIMENSIONAL NUMERICAL SIMULATION TEST
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Establishment of Finite Element Mode

Through long-term geologic process, the natural slope is in a relative stability
state. However, the excavation breaks the relative balance state and causes the
unloading rebound deformation of the slope towards the free face, and the increasing
deformation will result in landslide. The process of road cutting excavation is actually
a process of unloading for slope rock mass gradually. This paper uses the element
birth and death of finite element to simulate the process of road cutting excavation.
Firstly, determine the initial stress and displacement field of the whole slope. Then,
kill the elements of excavation parts stage by stage in order to determine the stress
and displacement field after excavation. Finally, determine the stress and
displacement values caused by excavation through post processing.

Figure 5 is the finite element network of numerical model, the size and detailed
dimension of which have been marked. X-direction is the longitudinal direction of
excavation, with a width of 20m. Y-direction is the down the slope, with a length of
36m. Z-direction is the vertical direction, with a height of 24m. An octahedral unit
with 20 nodes is adopted, with 2,220 elements and 10,431 nodes in total. The four
flanks of the model limits the displacement in X-direction and Y-direction, and the
bottom face limits the displacement in X-direction, Y-direction and Z-direction of all.
The slope is free surface. Study the sliding and evolving law of the model under the
effect of gravity during the process of step-by-step excavation. Table 1 shows the
property indices of the earth-rock aggregate slope in physical mechanics.

Table 1 The Parameters of The Soil Layers

Elastic . , . . Angle of Angle of
Types of stratum | modulus Po:;i;): s :)k;n/s;g C(()]l:;il)o n internal dilatancy
(Mpa) friction (° ) )
Soil-rock-mixture 10 0.364 17.3 15 255 5
Muddy siltstone 2632.5 0.219 25 200 28 3

TG o T

IR 6 <1 ATT L4 &

K3 & [T 11
< ; \ '4 T £ ftT [

FIG. 5 The finite element model of the slope (m)

Analysis of Simulation Result
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According to the test excavation sequence shown in Figure 1, gradually excavate
the slope of the road cutting. In the analysis of numerical simulation, the horizontal
displacement down the slope along the monitoring line ZK1-ZK3 while gradually
excavating is shown in Figure 6. The analytic result of finite element numerical
simulation shows that the displacements ZK1, ZK2 and ZK3 down the slope increase
gradually along with the depth of excavation. Especially, while excavating layer 2-3,
namely, while the slope becomes from stability to instability, the displacement of the
slope body increases obviously. The horizontal displacement near to excavation
profile is larger than that far away it. The position of sliding face is about 4m under
the slope surface, and it approximates the on-site measured distance of 3.5~4m from
the sliding face to the ground.

Cumulative total displacement (mm) Cunulative total displacement (mm) Cumulative total displacement (mm)
0 5 10 15 20 25 0 5 10 15 20 25
0 0 0
1 1 1
2 2 2
3 3 3
4 1 4
Z 5 £ 5 €5
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FIG. 6 Variations of horizontal displacement at each observation point under
excavation disturbance using FEM

Figure 7 shows the horizontal displacement of the slope under the influence of
step-by-step excavation. It is seen that the deeper the excavation is, the greater the
free face is; due to the self-weight stress, the distortion of the upper covering slope
becomes greater; the landslide zone becomes increasingly obvious. The shape of
landslide zone approximates that of landslide zone observed on the actual slope.

Figure 8 shows the plastic strain vector after the completion of excavation. There
is a clear plastic zone on the slope. Thus, the slope is in a critical stability state, once
induced by external factors, it is possible to cause destruction. Plastic zone mainly
distributes in a hemispheric zone over the free face and within 4m under the slope.
The plastic zone focuses on the slope toe at about 4m under the slope, which is just
the position of sliding face shown by on-site monitoring achievements. Plastic strain
is along the Y obliquely down the slope and then gradually points horizontally to the
outside of the slope.
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FIG. 7 The horizontal displacement of soil-rock-mixture slope under step by
step excavation (m)
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FIG. 8 The displacement vector of plastic strain
CONCLUSIONS

1) On-site excavation simulation test and three-dimensional finite element
simulative calculation shows that the displacement field and stability of earth-rock
aggregate slope have been impacted obviously by excavation effect, most results of
which are shallow traction destruction.

2) The deformation and evolution features of earth-rock aggregate slope under the
influence of disturbance in the excavation: sliding bed is 3-4m under the slope,
sliding deformation zone is within 0-4m under the slope surface and as approximate
as 1/4 spherical. The greatest deformation is the slope, and the deformation gradually
decreases from its surface to its deep part. As to the displacement on the same profile,
the nearer it is to the free face, the greater the displacement is.

3) Through a comparative analysis between the numerical simulation results and
on-site monitoring achievements about the deformation of earth-rock aggregate slope
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under the influence of step-by-step excavation, we find that these two are greatly
consistent not only in the shape and position of landslide zone but also in the sliding
displacement and have played important roles in mutual verification.
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ABSTRACT: In this contribution, on the basis of micropolar (Cosserat) continua
approach, a constitutive model for simulation of granular material (e.g. sand) response
in the elastoplastic range has been presented. Numerical analyses on strain localization
in single and two phase materials are carried out in the last part of this contribution.
The influence of the additional micropolar parameters and solid-fluid interactions on
the formation of strain localization is investigated.

INTRODUCTION

The analysis of strain localization is of importance in engineering practice because
localization is a precursor to sudden failure. Numerical simulations of strain
localization by means of the finite element method are known to lead to mesh
sensitivity when the classical continuum models without enrichment are considered. In
order to obtain a meaningful representation of the continuum response in the presence
of strain localization, much effort has been devoted in recent years to devise
regularization strategies which are able to both, simulate the development of shear
band independent of the finite element mesh and, retain the nature of the governing
equations. In the micropolar continuum approach, the constitutive formulations offer
the possibility of simulating correctly the behaviour and the characteristics of shear
bands in granular materials by introducing an internal length into the solution of the
initial value problem. Although there is a wide interest in micropolar continuum
theories, a critical perusal of the literature reveals that the necessary internal length
scale parameters are often arbitrarily chosen with constant values. However, it is
observed that the internal scales need to change to accommodate the possible variation
in the contact surface between the particles.

In this contribution, the generalized numerical formulations for the case of a 3D
elasto-plastic micropolar continuum have been developed. The evolution of the
micropolar parameters has been defined on the basis of the cumulative effective plastic
strain and particle characteristics. Numerical analyses show that due to the presence of
an internal length scale changing in magnitude during the deformation of the material,

24
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mesh independence can be ensured.
3D MICROPOLAR CONTINUUM FORMULATION

The formulation developed by de Borst (1991) for the case of 2D micropolar
continua is herein extended to 3D micropolar continua. The nine stress components are
denoted by & and the nine couple-stresses by m . Similarly, the nine strain
components by € and the nine micro-curvatures by ¥

On the basis of these, vector of generalized stress is defined as 6 =[5, m] and a

vector of generalized strain as € = [é, f(]. The elastic relation between stress and
strain is defined as 6 = D% with:
D* = diag|D,, D,, Dy, D,, Dg-.]f
Zney Zney Zue
Dy = \2ucy 2ne; Zuey|. Dy —‘
ey 2uey 2ue

W+ b=k
e B

D, — ding[Wl. WL WL WL WL Wl Wl AL 2L
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with ¢, = (- n)/(l— 2n) and c, = n/(l— 2n) . m= E/2(1+ n). E is Young’s

modulus and n is Poisson’s ratio. m, 1,1, are three additional material parameters due
to the bending and due to the torsional couple-stresses. In order to derive the general

expression of the second and third stress invariants in their familiar form, the
transformation:

B S .
s = {_} = P.‘ﬁl’ with P =diagP, P, P, P, P;

m
2)
can be utilized with
) : a; A
Plzdmg{l, 1 LL,PQ =la, o)
LY TS e e O kD O S P o 3

in which a, a, and a; are additional material parameters. The choice a; = a, = 1/2

and a; = 1 (de Borst, 1991) is adopted. Then, in index notation it holds:
1 1
‘]2 = E(S]JS +1n1]mu) and J’a‘ = ( 1) Jusm + m lnjkmlk)

4)
COMPUTATIONAL PLASTICITY

An implicit Euler backward algorithm for integration of the 3D constitutive
equations is utilized. Defining the yield surface via F(0,0)=0 in which a is an

evolution function which characterizes the size of the surface 6 corresponds to the
current state of stress. Admitting an additive decomposition of strains and postulating
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¢» =AN(0,0)=10Q/d6 with Q the potential function and &=Aig(c,a), a
non-linear system is set up as:
F= F(GnJrl’OCnH ) =0

G=0,,, -6°+AAD°:N(0,,,0,,,) Q)

S= Oy — Oy —A7\,g (6n+l > Oy )

n+l

whose iterative solution results to (6,,,0,,;)-

MICROPOLAR FORMULATION OF THE DESAI MODEL

The chosen form of the model yield function is given by:

_ ,Q{ﬂ+{ﬂ} F—0

F=-
])ﬂ pﬂ pﬂ

(6)
with Fo = (1 —8- cos30) " and ©0830 = 1.53 ']3/']'(;‘:2. A physical interpretation of
the various parameters can be founded in Desai (1980) and Liu et al. (2004). The
potential surface is given by:

Pa

I, +R
pﬂ

F, =0

Q

)
All parameters are experimentally determinable. Specific forms for the hardening and
softening parameter o and the nonassociative control parameter 0., can be found in

Liu et al. (2004).

EVOLUTION FORMULATION FOR THE LENGTH SCALES

As the particles translate and rotate a significant change in length scales is expected
due to the effect of the shape indices and surface roughness of the particles. In this
contribution, similar as in Abu-Rub and Voyiadjis (2004), the average internal length
scale 1,,,1s assumed to start with an initial value and then decreased exponentially as a

function of shape indices and the effective plastic rotation strain &g . The evolution
equation has the form of 1,,, = loe_k(liR where k,, is a material constant and 1, is the
initial length scale which is assumed to be as
1, = [(lSPH /Ig )dso + (I /Igpy )dso + R, ]/2 and Igpy, I, ds, are the sphere city
index, roughness index and the mean particle size respectively. R, is the mean surface

roughness. For the sake of simplification, in this contribution, the length scale
parameters 1,1, in Eq. (1) and (3) are calculated on the base of 1,,, .

NUMERICAL EXAMPLES

Example 1: Strain localization in 3D specimen
A cubic 3D specimen is selected for the numerical simulations, Fig. 1. The finite
element mesh consists of 20-noded brick elements. The material parameters have been
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derived on the basis of triaxial tests on ‘Eastern Scheldt’ dense sand (Liu et al. 2004). A
confining pressure of 150 kPa is applied to all boundaries of the specimen and kept
constant throughout the analysis. Incremental displacements are applied on a rigid
platen at the top of the specimen. The left, right and front planes of the specimen can
move freely in the normal direction of each plane. The bottom plane of the specimen is
constrained in the y-direction. The main material and geometry properties are
E=79MPa, v=0.29, m=1.795, y=0.155, n=436, B=0, Iy =0.6565,
I =1.0878 , ds,=0.72 , k,=68.6 , R, =0.946 , L=100mm , B=50mm ,
W =5mm.

APPLIED DISPLACEMENT
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FIG. 1. Schematic of 3D specimen geometry and loading conditions
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FIG. 2. Deformation patterns of the three meshes

In order to verify mesh insensitivity of the model, three finite element meshes with
densities of 10x20, 15x30, 18x36 clements respectively are examined. The three
deformed meshes, at the same level of vertical displacement, are compared in Fig. 2.
The corresponding contours of effective plastic strain are shown in Fig. 3. It is obvious
that the localization is captured correctly and the thickness of the localization zone
converges to a finite bandwidth without dependency on mesh refinement, Fig. 3.
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10x20 15x30 T I8x36
FIG. 3. Contour plots of the effective plastic strain in the four meshes

Example 2: Geotechnical slope failure simulation

A typical slope failure problem under plane strain conditions is selected for
demonstration of the model potential. The geometry and the boundary conditions are
shown in Fig. 4. A normally consolidated clay is chosen. Two material simulations are
compared, a dry (single phase) case and a fully saturated. The main material properties
are E=20MPa, v=0.2, m=1.8, y=0.0044, =0, n=2.54, k, =le—08m/s.
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FIG. 4 Schematic of finite element mesh of the slope

The load is applied by means of increasing vertical displacements on a rigid plate
resting on its crest. Cohesionless interface elements have been introduced under the
rigid plate.

In Fig. 5 and 6, at a vertical plate displacement of 430 mm, the distributions of
effective plastic strains and the plastic rotations are compared for the dry and the fully
saturated cases.

It is evident that the effective plastic strains and the plastic rotations for the saturated
case are higher than the dry one. On the other hand, the thickness of the plastic rotation
zone is thicker for the dry case. In both cases, the zone of effective plastic strains is
embedded within the zone of plastic rotations.
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FIG. 5 Contour of (a) total effective plastic strains and (b) total grain rotations

-1000-

-2000-|

-3000-

-4000-

0007 saturated [ saturated

-6000-{ L 6000

FIG. 6 Contour of (a) total effective plastic strains and (b) total grain rotations
CONCLUSIONS

The developed formulation provides an easy means for extension of most J2 and/or J3
plasticity models to micropolar continua. The numerical results show that formation of
the Desai hierarchical concept on the basis of a micropolar continuum theory
introduces the necessary regularization aspects for utilization of the model in studies of
post peak response.
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ABSTRACT: The stability assessment of slopes is difficult because characterization
of rock masses and determination of their strength involve many uncertainties due to
their complex nature. The fuzzy set theory is one of the tools to handle such
uncertainties. And the difficulty can be overcome by using the Hoek-Brown empirical
failure criterion in conjunction with the Geological Strength Index Classification
System and fuzzy sets to express the uncertain parameters. For the stability
assessment of slopes, a methodology has been presented in the study to process the
fuzzy uncertainties in a slope reliability analysis. Simplified Bishop’s method and
interval theory were used to calculate the safety factor intervals with a-level intervals.
The slope failure possibility was obtained by non-probabilistic fuzzy reliability
analysis method and the possibility theory. In addition, a numerical example of slope
instabilities in heavily jointed rock masses was analyzed and the result was evaluated
to demonstrate and to check the performance of this approach. Its failure possibility is
zero, which matches well with the result 0.12% of Monte Carlo method.

INTRODUCTION

According to Goodman (1995), when the materials are natural rock, the only thing
known with certainty is that this material will never be known with certainty. In
recent years, some methodologies in artificial neural networks, fuzzy systems, and
evolutionary computation have been successfully combined, and new techniques
called soft computing or computational intelligence have been developed. These
techniques are attracting more attention in several research fields because they
tolerate a wide range of uncertainty (Jin and Jiang, 1999). Some applications of fuzzy
logic related to rock mechanics, geotechnics and engineering geology were
performed (e.g. Juang et al., 1998; Dodagoudar and Venkatachalam, 2000; Nawari
and Liang, 2000; Sonmez et al., 2003; Rubio et al., 2004; Seol et al., 2008). Generally,
the purpose of utilizing the fuzzy logic method in these studies is to minimize the
uncertainties originating from ignorance and variations.

30
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For slope stability assessment, information on the shear strength parameters are
quite limited, and their distributions type of the uncertain variable are difficult to
determine. This situation makes the application of classical estimation procedure
extremely difficult. Under such conditions of limited information it appears
reasonable to make use of fuzzy set theory. The variability of slope material and other
uncertainties associated with slope stability led to the development of possibilistic
approaches based on conceptual models that parallel those used widely for
deterministic studies. If the form of the uncertainty happens to arise because of
imprecision, ambiguity or vagueness, then the variable is probably fuzzy and can be
represented by a possibility distribution or membership function. The main objective
of the paper is to incorporate the fuzzy uncertainty in shear strength parameters of
slope and its fuzzy reliability analysis.

FUZZY THEORY IN APPLICATION OF GSI TO ROCK PARAMETERS

The standard method for assessing the strength of a geotechnical material is to
recover representative samples and test them in the laboratory. In the case of a closely
jointed rock mass it is clearly not possible to recover a sample that is large enough to
represent the joint system. In order to overcome this difficulty in laboratory
determination of the shear strength of jointed rock masses, the empirical Hoek-Brown
failure criterion (Hoek et al., 1997) is commonly used in conjunction with the
geological strength index (GSI) classification system based upon the visual
impression on the rock mass structure.

The GSI seems a more practical parameter to estimate the strength of jointed rock
masses from field observations with rock mass classification. But rock mass
classification requires time consuming procedures and has some limitations as
discussed by Sonmez et al. (1999, 2003) in detail. However, due to the complex
nature of the rock masses, the rock mass classification systems always include some
uncertainties, which result in difficulty in determination of the rock mass parameters
and their rating used by the systems as definite values. As Hoek (1998) indicates that
although some geologists go to extraordinary lengths to try to determine an ‘exact’
value of GSI, geology does not lend itself to such a precision and it is simply not
realistic to assign a single value. The fuzzy set theory is one of the tools to handle
such types of uncertainties. The study done by Sonmez (2003) is an attempt to
provide an approach utilizing the fuzzy set theory for determining GSI ratings to be
used by the empirical failure criterion. The original GSI system is modified with
fuzzy sets and a Mamdani fuzzy algorithm is constructed employing 23 “‘if-then”
rules for evaluating discontinuity parameters and their ratings considered in the GSI
system. The suggested GSI chart considering fuzzy sets is shown in Fig. 1. It
considers the effect of structure rating (SR), calculated by the volumetric joint count
(Jv), and surface condition rating (SCR), calculated by the rating of roughness (J;),
weathering (Jy) and infilling (Jg). Then the triangular membership functions of GSI
values can be gained through Fig.1 and the method proposed by Sonmez (2003).

According to the fuzzy theory (Zadeh, 1978), the fuzzy GSI can be changed into a
group of a-level intervals. By replacing fuzzy numbers with intervals, the analysis
with uncertain parameters reduces to a series of interval analyses. Then the triangular

fuzzy membership functions of shear strength parameters ¢ and ¢ shown as
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e=(c",cM,c?)and @=(¢",0",p")can be calculated in conjunction with Hoek-
Brown critical (Hoek et al., 1997) and interval theory (Alefelda and Mayer, 2000). ¢*,
™ and c® are respectively the left value, middle value and right value of the triangle
fuzzy number ¢, the same as @. For example, the triangle fuzzy number ¢ and its
o-level interval can be shown in Fig. 2.
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FIG.1. Fuzzy GSI system chart.
FUZZY RELIABILITY ANALYSIS OF SLOPE STABILITY
There are different techniques for solving stability problems depending on which

assumption is used to make the problem determinate. The greatest uncertainties in
stability problems arise in the selection of the pore pressure and strength parameters.
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The error associated with the rigorous

. . c
method of analysis, amounting to about 5% e )1 ,,,,,
difference in computed factor of safety for leo a1
the relatively better techniques, is small L

compared to that arising from the selection of o -
strength parameters. In the present study,
Bishop's simplified method has been used to
analyze the stability of rock slope. The 0 ¢
uncertainties in the rock parameters can be
incorporated in the analysis of safety factor
by considering them as fuzzy variables. In the
present study, the fuzzy uncertainties of parameters ¢, ¢ and y are considered. The
triangle fuzzy number ¢ and @can be determined by the method proposed before,

FIG.2. Triangular membership
functions of parameter ¢

and ¥ can be gained by its mean value and coefficient of variation.

The main idea of using fuzzy sets is to express the uncertain rock parameters as
triangle fuzzy numbers into a group of a-level intervals. By replacing triangle fuzzy
numbers with intervals, the analysis can be done by a series of interval analyses.
Juang et al. (1998) presented the analysis method to calculate the fuzzy set of safety
factor. The process can be shown as below:

1. Change the triangle fuzzy numbersé, @and 7into interval numbers[cL,ck],
[, o8] and [yL, 78], whereer=0, 0.1, 0.2, ---, 1.0. Then make the three interval
numbers into eight musters, such as {c., @, 75}, {ch, ok, 75}, =, {cX, o8, ¥8).

2. Make use of Bishop's simplified method and each muster to calculate the safety
factor of slope, eight factors can be gained. Regard the maximal value as F , the
minimal value as F,, , and the interval number[F,, F] is the result of slope safety
factor with a-level.

3. Calculate the slope safety factors of eleven different levels from 0 to 1.0, the
triangle membership functions ¥ can be got.

In order to evaluate the slope stability from the triangle fuzzy number ¥ , the
stability of slope is classified into four classes with the analysis method proposed by
Juang et al. (1998). Method was also used by Sonmez (2003). This method can
propose the qualitative results and the classification grade but not the quantitative
result. So the non- probabilistic fuzzy reliability measuring method is introduced to
evaluate the triangle fuzzy number F , which can provide the failure possibility and
stable inevitability.

For the acceptable safety factor F,, which usually is a certain value, the
performance function can be shown as below:

Z=g@¢.7)=F-F, (M)

When the triangle fuzzy number Fis changed into interval number[F, F} | with
o-level, the performance function can be changed into standard form according the
interval theory. It is shown as below:

2,=12;.2;1= 80 0 7) =[Fy F 1= F, @)
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Then, the fuzzy reliability index 77,,can be got by non-probabilistic reliability
theory (Tao, 2007). It is shown as below:
Mre=ZaolZe 3
Where Z, and 7 are respectively the mean and deviation of the interval value
[ZL,Z%]. When the a-level changes from O to 1.0, eleven fuzzy reliability indexes
will be got. In order to evaluate the stability of slope from the fuzzy reliability
indexes with different a-levels, Cremona and Gao (1997) proposed the possibilistic
reliability theory. And the failure possibility my and stable inevitability N, can be
shown as below:
7, =Poss (7, <1) = a|%:1 ac[0.1], 7,,€R )
N, =Ness(7,, >1)=1-m, %)
Finally, the reliability of slope stability can be evaluated in conjunction with the
stable inevitability N; and the safety standard proposed according to the engineering
situation.

CASE STUDY

The site of this slope stability investigation is located in Hunan province of China.
The rock is sandstone, which is strongly weathered. The height is 35 m, slope angle is
60 °. According to the engineering geology and

the method proposed, the fuzzy GSI is (29, 36, 1.0

45). And the triangle fuzzy numbers¢, @andy 08 /u/n
can be calculated, they are (95, 106, 119) kPa, _ g6 o

(30, 33, 37) °, (24.2, 25.5, 26.6) kKN/m’. If the % 04 n/”/

acceptable safety factor F is equal to 1.4, then ?'5 02 j

the fuzzy reliability index7,can be got, which 0:0 ¢

is shown as Fig.3. And the stable inevitability N; 0123456789
can be gained by the fuzzy reliability analysis Fuzzy reliability index 77,
method, which is zero. That is to say slope FIG. 3. Fuzzy reliability index
cannot be unstable withF, =1.4. The slope was

also analyzed by the Monte Carlo method. The failure possibility is 0.12%. It shows
that the method proposed is reliable.

CONCLUSIONS

In this study, the fuzzy set theory is applied to the GSI System by following the
fuzzy algorithm. The resulting GSI fuzzy set provides more information than does a
single, fixed GSI value as obtained from quantitative GSI chart which is particularly
helpful for engineers with little practice on rock masses, and prevents to obtain a
wide range of GSI values when the use is made to the original chart. The fuzzy
reliability analysis method proposed can be used to evaluate the stability of slope in
conjunction with non-probabilistic reliability theory and the fuzzy strength
parameters got by the GSI fuzzy set and Hoek-Brown critical. It is noted that the
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method is required in the interpretation of the factor of safety in fuzzy sets, and fuzzy
set theory may be a useful tool for rock engineers and engineering geologists who
study complex rock mass conditions. The fuzzy reliability analysis method seems to
be good tools to minimize the uncertainties encountered during the rock engineering
and engineering geology projects, because the fuzzy systems have a sufficient
flexibility for specific cases.
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ABSTRACT: This paper introduces a new instrument and experimental procedure
that estimates the change of air suction in soils during the freeze-thaw process. The
experimental procedures include a nondestructive measurement by Time Domain
Reflectometry (TDR) sensor, which captures the freezing-thawing status. The change
of air suction causes change of soil volume, which is estimated from the volume
change and soil deformation modulus. The experimental data indicates there is
graduate decrease in the magnitude of the negative air suction, which resulted in
volume expansion in soils. The observed bulk volume change is the combined effects
of the volume contraction due to ice melting and the volume expansion due to the
reduction in the negative air suction. The magntiude of air suction reduction estimated
is achieved by fusion the information from both mechanical and electromagnetic
measurment.

INTRODUCTION

The change of air suction in freezing granular materials such as soils and concrete
has been observed in many model or field study. Air suction is commonly measured
by use of porous ceramic materials, due to the ability of such material to allow water
to infiltrate while prevent air from infiltration (Fredlund and Rahardjo 1993). In
frozen soils ceramic materials can be damaged during the volume expansion by ice
crystallization process. Other technologies include thermal conductivity method
(Shuai and Fredlund 2000), Time Domain Reflectometry (Topp et al. 1980),
tensiometer (Ridley and Burland 1993), granular matrix sensor (Bertolino 2002) and
filter paper (Harrison and Blight 1998). The air suction can also be estimated from
methods such as dew point meter; the applicability of this method to freezing soil,
however, is limited due to its principle of operation. This paper introduces an
experimental method that estimates the change of soil air suction during the freezing-
thawing process. The principles described in this paper outline the potential to develop

36



GEOTECHNICAL SPECIAL PUBLICATION NO. 194 37

a non-destructive technology to determine the change of air suction in soils during the
freezing-thawing process.

BACKGROUND

Negative Air Suction in Porous Media

The special characteristics of porous materials are the existence of pores of
different sizes and distributions. Interactions exist among solids, water and air at their
interfaces. These interactions generate various magnitudes of microscopic
force/pressures acting on the soil skeleton. The vector summation of these forces
should be in balance with the external applied forces (Fig. 1).

soil
g:ain\'

FIG. 1. Schematic of interactions in a soil skeleton

These pressures are expressed as a macroscopic pressure (or equivalent pressure)
using the concept of stress. Using the effective stress principles for unsaturated soils,
there is,

o=0 +(-x)u,+xu, 1
where o is the total stress, ¢’ is the effective stress, u, and u,, and the pore air pressure
and pore water pressure respectively, x is the percentage of cross section by water,
which is related to the degree of saturation but affected by soil structure (Bishop et al.
1969).

The air pressure is generally expressed as a negative value for cohesive soils to
account for the fact that a net suction force occurs inside the pore spaces, resulting
from the unbalanced surface tension between soil solids, air and water. Air suction
has been measured as high as thousands of kilopascal in highly cohesive soils. The
magnitude of air suction is also decided by the degree of saturation in a given soil,
which is described by the soil-water characteristic curves.

During the freezing-thawing process, the magnitude of air suction changes. It has
been observed that during the freezing process, the increases of the air suction can
cause water migration in soil skeleton. The accumulation of water can lead to the
formation of ice lenses in frozen soils. However, it has not been possible to directly
measure the change of air suction during the freezing-thawing process. This paper
presents a method that estimate the magnitude of air suction change at different extent
of freezing-thawing status. This method includes a guided electromagnetic wave
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technology, called Time Domain Reflectometry, to measure the degree of freezing-
thawing status. Details of this technology and experimental design are provided in the
subsequent context of this paper.

Time Domain Reflectometry

TDR is an established technology for soil water content measurement. A typical
TDR system generally includes a TDR device (pulse generator and sampler), a
connection cable, and a measurement probe. The measurement probe is surrounded by
materials whose properties are to be measured. TDR works by sending a fast rising
step pulse or impulse to the measurement sensor and measuring the reflections due to
the change of system geometry or material dielectric permittivity. The ability of TDR
for water content lies in the large contrast between the dielectric constant of water
(around 81) and that of the air (1) or soil solids (the dielectric constant for dry solids is
between 2-7) (Yu and Yu, 2006).

Fig. 2 shows a typical measured TDR signal. Dielectric constant (denoted by Ka
in this paper) and electrical conductivity (denoted EC, in this paper) can be obtained
from direct analysis of the time domain TDR signal. Dielectric constant is related to
the speed of electromagnetic wave in soils and electrical conductivity is related to the
rate of attenuation of electromagnetic wave propagation. The dielectric constant is

calculated by Eq. (2).
2
K, - m
L

o (2
where L, is the apparent length determined from the reflections on a TDR signal, L, is
the length of the probe embedded in the material.
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FIG. 2. Typical TDR Output Signal
There are several empirical equations to relate soil water content to TDR measured
soil dielectric constant. The Siddiqui and Drnevich equation (Eq. 2) is unique in that it
accounts for the effects of soil density and soil type.

wel Pwﬁ_aj
b(pd 3)

wherepq is the dry density of soil,py is the density of water, a and b are soil-dependent
calibration constants.
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Soil specimen right fit into
the hollow tube TDR
sensor

Connect to TDR electronics

FIG. 3. Photo of PVC TDR sensor
An innovative TDR tube sensor was fabricated to nondestructively measure the
change of free water content during the freezing/thawing process (Yu et al. 2008).
The underlying principles are that during the freezing/thawing process, the transition
between water in liquid and solid (ice) status causes significant change of their
dielectric constant (81 for liquid water and 3 for ice). The TDR waveguide was
mounted in a PVC tube (Fig. 3). The PVC tube has a diameter which is very close to
the specimen prepared. It demonstrated high sensitivity to follow the freeze-thaw
process as will be shown in the subsequent context of this paper.

THEORETICAL BASIS FOR AIR SUCTION ESTIMATION

Applying the effective stress principle (Eq. (1)) for frozen soil in the thawing stage,
there is,

c=c*- (1- x)ua - (X' xl)uw T XN Uice (4)
where x; is the relative volume of ice in soil skeleton (ranges from 0 to x). ujc. is the
pressure carried by ice components. The other terms are defined as previously.

The pressure acting on the solid components, i.e, soil solids and ice, can be
represented by an equivalent stress, let
o'=o'+xu,, (5)
Equation (1) can be rewritten as,
o=0"+(1-xu, +(x—x)u, 6)
The change of the volume of soil skeleton is caused by the change of the effective

stress. During the melting process, the total stress and the pore water pressure can be
assumed to be unchanged. The change of effective stress can then be expressed as

Ac'=Ac - A= xu,)- A= x)u,) == A(T- x)u,) ™
where the terms are as defined in the previous equations.

As thaw progresses, the degree of saturation increases. In addition, the magnitude
of pore air pressure decreases. The total effect is the reduction in the soil effective
stress, which causes the volume expansion. As the amount of volume change is small,
the deformation can be assumed in the elastic stage, i.e., there is

Ao’ =Eg, ®)
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where E is the deformation modulus of soil
Combining Eqgs (7) and (8), there is,

- AL~ x)u,) = Ee, )
Or
Au, = _Ee,
1- x (10)

Eq. (10) provides a way to estimate the relative change of the pore air pressure during
the thaw process.  This involves measuring the deformation modulus E, volume
expansion due to pore air pressure reduction and the corresponding degree of thaw.

EXPERIMENTAL DESIGN

A CL clay collected in Cleveland local construction site was used in the
experiment. Nine specimens were prepared at the optimal water content (17%) and
compacted using a Harvard miniature compactor. These specimens were compacted in
three layers, each layer with 42g of soils. The compaction control aims to develop soil
samples with high consistency and similar densities.

After the soil specimens are prepared, they were first frozen in a freezer and then
thawed at room temperature. Table 1 summarizes the physical properties and testing
program conducted on each specimen. Destructive compressive strength test were
performed on soil specimens S1, S2, S3, S6 and S7 at different thaw stages. S4 was
used for TDR monitoring of freezing-thawing status, and S5 was used for the
measurement of axial deformation during the thaw process.

Table 1. Physical properties of soil specimens and testing program

Specimen No. Mass (g) Water content(%) Function
S1 117.01 17 Compression test at 0 min
S2 118.14 17 Compression test at 13 min
S3 117.68 17 Compression test at 26 min
S4 117.67 17 TDR test
S5 116.81 17 Volume test
S6 116.56 17 Compression test at 39 min
S7 117.63 17 Compression test at 52 min
S8 117.63 17 Back up
S9 115.23 17 reference sample

EXPERIMETAL DATA AND ANALYSES

Monitoring of Degree of Freeze-Thaw by TDR

Figures 4 and 5 show us signals during the freeze-thaw cycle using the developed
TDR tube sensor. The signal changes as time increases. The trend of change in these
signals indicates this sensor can record the progresses of freeze/thaw process with high
sensitivity. The signals in Figure 4 also indicate it takes around 100 minutes for
samples to be completely frozen. While Figure 5 shows it takes around 60 minutes for
samples to completely thaw. The difference might be due to the difference in the
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thermal conductivities of specimen during the freezing/thawing stages. The degree of
freezing or thawing can be estimated from the TDR signals via an analyses algorithm,
which is described by Yu et al. (2008) and is not repeated here.
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Volume Change during the Thawing Process

Figure 6 is the measured volumetric strain during the thaw process. The positive
sign stands for volume expansion. It can be seen that the volume decrease first and
increase next. Since the total volume change can be viewed as being composed of two
major components, i.e., 1) the volume change due to the phase change of ice into
water, €1. As water has larger density than ice, the volume reduces as ice melts; 2) the
volume change due to the reduction of the negative air pressure, €. This results in a
net decrease of the effective stress on soil skeleton and thus causes the volume
expansion. The mathematic representation of the terms can be written as following:

£, =¢- & (11)
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FIG. 6. Components of volumetric strain during thaw process

Estimation of Air Suction Change During the Thawing Process

The magnitude of air suction change at different thaw status can be estimated by
applying Eq. (10). When applying this relationship, the strain should only include &,
as shown in Fig. 6 and Eq. (11). The deformation modules can be obtained from the
stress-strain curve from the unconfined compression test. Figure 7 shows the strain of
volume expansion due to air suction reduction as well as the estimated change of air
suction for the thawing soil specimen. Similar data are plotted for experimental results
on specimens with different moisture contents.
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FIG. 7. Estimated change of pore air pressure during the thawing process for
specimens of different water contents

Figure 7 shows that there are gradual drop in the magnitude of the air suction
pressure as the thawing progresses. Such change is small at the beginning of the
thawing process. However, there is a stage (corresponding to around 60-80% degree
of thawing) where there is a significant drop in the magnitude of pore air pressure.
This is possibly due to the formation of complete percolation path for the air.

It needs to point out, the estimated values of air suction pressure is the net change
of soil air suction. The exact values of air suction pressure are dependent upon the air
suction in the complete thawing status, i.e.,
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a,ini ~ Aua,r (12)

Where u, maw 1S the air suction pressure at certain thaw status, U, ini is the air suction
pressure when soil is completely thaw, Au is the change of the air suction pressure as
the thaw status changes.

u =u

a,thaw

CONCLUSIONS

This paper introduces experimental design that measures the change of soil air suction
during the freezing-thawing process. The change of air suction is related to the
deformation modulus and the volumetric strain caused by the reduction of the
magnitude of air suction. The total volumetric strain of soil while thawing is found to
include two components. One corresponds to the phase change of ice into water. The
other corresponds to the reduction of the magnitude of air suction. An innovative
TDR sensor can be used to non-destructively measure the degree of freezing-thawing.
Combining these experimental procedures and techniques, the change of air suction
during the freezing-thawing process can be estimated, which is found to fall within
reasonable range. With further integration of non-destructive technologies for
mechanical properties (such as modulus) determination, it might be possible to
develop a technology that measures the change of air suction of freezing-thawing soil
specimens non-destructively.
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ABSTRACT: The introduction of larger and heavier aircraft with more complex
wheel configurations is making the current design methods inadequate for airfield
pavements. In addition, airport pavements experience significant wander. However,
the effect of wander on airport pavement performance has not been evaluated. In
previous studies, the stress interactions between each tire of a triple-dual-tandem
(TDT) axle used on B-777 and A380 aircraft cannot be captured using a two-
dimensional model. In addition, many of these studies have assumed a linear-elastic
material behavior of the pavement layers. The purpose of this study is to conduct a
three-dimensional finite element analysis to quantify and evaluate the effects of
wander and aircraft wheel configurations on the mechanical response of the pavement
layers. The flexible pavement system that is modeled in this study is comprised of a
medium and low strength subgrade. The stress-strain response of the base, subbase,
and subgrade layers are simulated using an elasto-plastic model and the asphalt layer
is modeled separately as a viscoelastic and elasto-plastic material. The model
parameters are validated using results from laboratory and field tests. The results of
the study show how flexible airport pavements are affected when wander and
complex gear configurations are considered. Correlations between deformations from
a single wheel and 4- and 6- wheel configurations are also studied to understand the
effect of gear configuration on flexible airport pavements. Where possible, the results
from the analysis are also compared against full scale results available from the
National Airport Pavement Test Facility (NAPTF).

INTRODUCTION

The introduction of larger and heavier aircraft with more complex wheel
configurations is making the current design methods inadequate for airfield
pavements. In addition, airport pavements experience significant wander. However,
the effect of wander on airport pavement performance has not been evaluated. In
addition, the stress interactions between each tire of a triple-dual-tandem (TDT) axle
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used on B-777 and A380 aircraft is a three dimensional problem and cannot be
captured using the two-dimensional model that most design methods are based upon.
Some design methods use a single “equivalent” wheel load to estimate the effects of
larger wheel group. This design method has many apparent inadequacies and is no
longer relevant to airport pavement design. Due to the increasing number of wheels
being used on modern aircraft, equating larger multi-wheel gear configuration to a
single wheel becomes exponentially inappropriate. This technique fails to recognize
that larger wheel configurations can span large sections of pavement and can result in
a non-traditional rutting pattern (Hayhoe, et al. 1993). Also previous studies and
current airport pavement design standards have assumed a linear-elastic material
behavior of the pavement layers (FAA 2004). Linear elastic material models are not
capable of predicting failure conditions or permanent damage to the pavements.

This research counteracted these problems with current computational design
models by using a three-dimensional environment to perform mechanical testing.
With three dimensional testing there is no need for equivalent wheel loading, instead
full loading on a whole gear will be used. This study tests and compares using other
material properties besides linear elastic such as plasticity models. Further
exploration of the effect of complex gear loading configurations on the pavement
systems and the feasibility of using moving wheel load analysis in designing the
pavement structure is also be examined.

MATERIAL VERIFICATION

Material properties used in the Finite Element Model are critical to the accuracy of
the model performance and behavior. The extended Drucker-Prager models, which
were used in this study, are typically used for modeling granular materials, such as
soil and rock, and exhibit pressure-dependent yield. It also allows for volume change
with inelastic behavior with a flow rule defining the inelastic straining, allowing
simultaneous inelastic dilation and inelastic shearing (HKS 2006). Considerable
effort during this study was spent on material verification and determination of
suitable material models and properties for the various pavement materials that
comprise the pavement system using test data available from the FAA (FAA 2006).
The California Bearing Ratio (CBR) test was used to calibrate the model’s material
properties for the subbase and base. The subbase and base have an assumed elastic
modulus and the CBR test is used to find the corresponding friction and dilation
angles. Viscoelastic and Drucker Prager material properties of the asphalt layer were
calibrated with the results of the CBR tests. These simulations were used to identify
the correct instantaneous elastic modulus and shift factor needed to allow the results
to fit full-scale test data for viscoelasticity. They are also used to find the plasticity
model parameters, which are a combination of elastic modulus, friction and dilation
angle, and cohesion that will best fit the FAA Static Punch Test conducted March
2001 at the National Airport Pavement Test Facility (NAPTF).

FIG. 1 shows the cross section for the pavement (Low strength subgrade LFC
section) used in this study for material verification and for further analysis. The
section is also identical to a cross-section of pavement tested at the National Airport
Pavement Test Facility (NAPTF) for full scale testing.
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FIG. 1. LFC Cross Section.

Table 1 shows the final Drucker Prager material properties that were obtained from
the verification studies for each layer that will be used throughout the studies. More
details of the verification studies can be found in previous publications (Johnson
2008).

Table 1. Final Drucker Prager Material Properties

Material | Young’s | Friction Dilation | Cohesion Densit;/ Poisson’s
Modulus | Angle Angle (kKN/m?) (kN/m”) | ratio
(MN/m?)

P-401 3447 20 5 4.32 25 0.3

P-209 276 50 5 0.72 25 0.3

P-154 138 45 5 0.92 23.8 0.35

Low 20.7 0.01 0.067 4.6 14.8 0.45

strength

subgrade

WANDER MODELS

This section discusses the effects of wander and wheel configuration on flexible
pavement structure. One and four wheels are tested with and without wander. The
results from a four wheel gear configuration with and without wander are presented
here. The wander pattern mimics the standard distribution that the FAA uses in
testing (Hayhoe and Garg 2002); however instead of 66 runs down and back, this
model only uses eight due to time and memory constraints (Johnson 2008).

The overall finite element model dimensions used in the study are 30 feet by 40 feet by
6 feet deep. The model contains 12880 brick elements (C3D8R) and 1840 infinite
(CIN3D8) elements, and 17343 nodes. The elements in the loaded center section of the
model have dimensions of 10.5 inches long by 6 inches wide. FIG. 2 shows the
deformation in the asphalt layer after 8 cycles of loading for a 4-wheel gear
configuration. The dotted line is for wander after 8 cycles of the abbreviated wander
pattern. It can be seen that the surface deflection of the asphalt layer after 8 cycles of
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loading is reduced when wander takes place as compared to trafficking with no

wander.
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FIG. 2. Deflection in asphalt layer after 8 cycles of loading.

FIG. 3 displays the vertical plastic strain in the subgrade layer under four wheels
with and without wander. The assumption for this study is that compressive strains
are negative. The dotted line represents the results for four wheels with wander after
8 cycles of the abbreviated wander pattern and the solid lines represent the plastic
strain in the subgrade after 8 cycles of loading with no wander. Four wheels with
wander causes 29% more permanent strain in the subgrade.
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FIG. 4 shows the vertical plastic strain in the subgrade under four wheels without
wander. Plastic strain decreases with each run and can be estimated with a linear
equation. Though the magnitude of plastic strain in the subgrade is low, the rate of
decrease of vertical plastic strain in the subgrade is linear and implies that the plastic
strain accumulation in the subgrade will continue to decrease at the same rate with
each subsequent run.
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525603 . Y Ra 55021 * PE%

\ —Linear(PE %)
-5.30E-03

-5.35E-03

-5.40E-03 ,\

-5.45E-03 .\
-5.50E-03 \
-5 55E-03

-5.60E-03

Plastic Strain (%)

0 2 4 6 8
# of passes

FIG. 4. Vertical Plastic Strain Accumulation in Subgrade without wander.

FIG. 5 shows the vertical plastic strain in the low strength subgrade of LFC pavement
under four wheels with wander. The plastic strain decreases with each run can be
described by a log function that tapers off with each run. This implies that wander causes
higher magnitudes of vertical permanent strain in the subgrade but the rate of plastic
strain accumulation with each subsequent cycle of loading diminishes.
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FIG. 5. Vertical Plastic Strain Accumulation in Subgrade with wander.
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CONCLUSIONS

Based on the study of the four wheel gear configuration under quasi-static loading,
there are several conclusions that can be drawn. Deflection and upheaval in the
asphalt is greater without wander than with wander. In the subgrade, wander causes
more stress to be transmitted which leads to a greater amount of vertical plastic strain.
Wander also allows for greater vertical stress and plastic strain to be imparted to the
subgrade. Rutting and upheaval show decaying attenuation rate. Each run has a
diminishing increase in rutting and upheaval. These results indicate that pavement is
showing signs of consolidation. If rutting and upheaval rates were accelerating, then
the pavement would be showing signs of structural failure. As permanent deformation
increases, the amount of increase of elastic strain becomes smaller. This is why a decay
function, such as a log function, describes the rate of elastic strain increase. There is a
clear difference with plastic strain; wander allows for higher magnitude of plastic strain
to be imparted to the subgrade but the rate of increase of plastic strain with each pass of
the wheel is reduced. This is important when determining the life of the pavement with
wander because even though surface rutting might be reduced due to wander for
initial cycles of loading, the greater plastic strains induced in the underlying layers
might induce shear failure and reduces the life of the pavement.
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ABSTRACT: A series of triaxial compression tests were performed on samples of
compacted granite soils in a modified triaxial cell that can separately control pore air
pressure (u,) and pore water pressure (uy) in order to examine the characteristics of
pore pressure, volume change and stress-strain behavior under undrained loading
condition. Unsaturated granite soil samples were prepared by compaction in a mould.
These samples were tested at different suction and different confining stresses. The
volume change of an unsaturated soil during shearing undrained is much sensitive to
the confining pressure compared to the initial water content, and the matric suction.
The volume expands during shearing, and the volumetric strain is much larger at the
smaller confining pressure and at the higher matric suction. The variation of the
internal frictional angle according to the initial water content and the matric suction is
negligible, but the effective cohesion increases according to matric suction.

INTRODUCTION

In general, an unsaturated soil generates force that is necessary to absorb water by
capillary effect or osmotic suction. Due to this force, the unsaturated soil behaves
differently from a saturated soil. This force is defined as total suction. The total
suction is divided into the matric suction that is difference between pore air pressure
and pore water pressure, and osmotic suction. The osmotic suction occurs usually at
special area and special soil, and its value is usually smaller than the matric suction.
Meanwhile, the matrix suction is developed by an attractive force between water
molecules at contact area between water and air and plays an important role in
controlling the shear strength and consequently the stability of many steep slopes.
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Thus, the theory of effective stress for saturated soils may not be applicable to such
an unsaturated soil.

The state of effective stress of an unsaturated soil can be defined using two sets of
independent stress state variables that are the net stress state term, (G-u,) and suction
term, (u,-uy). This study aimed at investigating the characteristics of pore pressure,
volume change and stress-strain behavior of an unsaturated weathered granite soil. A
series of triaxial tests with undrained loading condition were conducted to achieve
these objects. The tests were performed with different degree of saturation, confining
pressure and suction values.

LITERATURE REVIEW

Since the theory of effective stress for an unsaturated soil proposed by Bishop
(1959), many researchers have studied on an unsaturated soil. For example, Bishop
and Donald (1961) investigated the shear strength of an unsaturated clayey soil.
Jenning and Burland (1962) presented that the stress state variables can be divided
into the net average stress and suction. Fredlund et al. (1978) proposed the equation
of shear strength of an unsaturated soil in terms of two sets of stress variables. Later,
he carried out several researches with his coworker, Morgenstern (1976, 1977).
Rahardjo et al. (1990, 1995) investigated the characteristics of pore water pressure
and volume change of an unsaturated soil in both drained and undrained conditions.
Miller and Nelson (1993) published the results of the study on the characteristics of
shear strength and relationship between suction and stress state.

The equation of shear strength for an unsaturated soil proposed by Fredlund et al.
(1978) is defined as follows.

T=c+(0—u,)tan @'+ (u, —u,)tan @’ 1)

where ¢ = effective cohesion; 6-u, - the net normal stress; ¢= internal frictional angle;
u,-u,, - matric suction; ¢°= angle that indicates the increase of the effective cohesion
due to the matric suction. Equation (1) indicates that the shear strength of an
unsaturated soil increases as the net normal stress or the matric suction increase. The
relationship between g T and S is shown in figure 1. This figure shows that one
failure surface is formed as the matric suction increases. The increase of cohesion due
to increases of matric suction is defined as follows.

c=c'+(u,—u,)tan (p" )

Extended Mohr-Coulomb
failure envelope

&

(us - uwk tan ¢° fi

s

Shear stress, T

g .
° Net normal stress, (0 - ua)

FIG. 1. Extended Mohr-Coulomb failure envelope for unsaturated soils
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EXPERIMENT
Material and Specimen

The weathered residual soil used in this study had been sampled at areas around
Pocheon Kyungkido, Korea. The soil was air dried in a room temperature, and then
filtered through the sieve #4. The basic material properties are shown in Table 1.
Three sets of specimens that have the initial moisture content of 11.6 %(OMC), 6.5%
(Dry side), 18.5 %(Wet side), and dry density of 1.7(g/cm3) which is 92% of the
maximum dry density were prepared. The specimens have dimensions 100mm height
and 50mm diameter.

Table 1 Material properties on the Pocheon granite soil

dmax O.M.C |LL PL #200 GS Li(%) | USCS

1.85 11.6 NP NP 17.15 2.67 2.80 SM

Matric Suction

Matric suction of a soil can be measured by means of several methods such as Filter
Paper method, Thermocouple Psychrometers method, and Thermal Matric Potential
Sensors method etc. Of them is Tensiometer method, which is able to measure in-situ
using a fine porous ceramic sensing tip. However, since pore water pressure in an
unsaturated soil is negative, it is almost impossible to measure the pore water
pressure in the condition of high suction. In this case, a high air entry ceramic disk, or
a membrane should be used. The other method is to use a pressure plate apparatus,
which adopted the axis translation method developed by Hilf (1956).

In this study, a pressure plate apparatus with a high air entry membrane and a
porous ceramic stone was used. The high air entry membrane and the porous ceramic
stone allow nothing but water to flow through. Experiments were performed based on
the reference, ASTM D 2325.

Triaxial Consolidated Undrained Compression Test

Triaxial tests for unsaturated soils were carried out using the modified triaxial
compression apparatus that can control suction value. The suction was applied by
means of axis-translation technique to avoid cavitations. In this technique, the air
pressure (u,) and backwater pressure (uy) were applied on the soil sample. The
difference between the air pressure and the backwater pressure applied on the sample
is taken as the applied suction (u, — u,,). In the study, the air pressure was applied to
the top of the sample whereas the backwater pressure was applied to bottom of the
soil sample. The suction applied is not to exceed the air entry value of the high air
entry ceramic disc at the cell.

A series of undrained triaxial tests with 3 different confining pressure (1, 2, 4
kgf/em?), and 3 different suction values (0.5, 1.9, 2.0 kgf/cm?) were performed. The
rate of strain set to be 0.1%/min. The detail of the test procedure is as follows.

A specimen is first consolidated with applying constant suction pressure. After
having done the consolidation, the specimen is subjected to deviator stress. If the
initial moisture content of the specimen is, during this stage, different from the matric
suction, the deviator stress is applied after the specimen has reached the equilibrium
state. In order to confirm whether or not the equilibrium state has been reached, the
moisture content with respect to time is monitored. The minimum time that requires
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the specimen to be stable is then evaluated. The specimen is subjected to the deviator
stress after time that is three times as long as the minimum time.

RESULTS AND DISCUSSION

Stress-Strain Behavior

Deviator stresses and volume changes with respect to axial strain for each case are
shown in figure 2. As indicated, the deviator stresses appear to decrease as the initial
water contents increase.

The initial tangent seems to be a little stiff for the case that the initial water content
is OMC than the wet side. In addition, the maximum deviator stress occurs at small
strain. The deviator stress for the initial water content being dry side is less sensitive
to the matric suction than that in wet side. That might be because of the attractive
force between water molecules at contact area. The volumetric stain appears to be
hardly affected by the initial water content. For the smaller confining pressure, the
volume expands during shearing, while the volume dilates for the larger confining
pressure at about 10% of axial strain. In case or the same confining pressure, similar
phenomenon may occur at the larger matric suction.

2 E
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Deviator Stress(kgflcm %)
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15 T
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FIG. 2. Consolidated undrained test on unsaturated granite soil

Effective Cohesion

Figure 3 plots the test results in the space of net normal stress, matric suction, and
shear stress. According to this figure, as the matric suction increases it forms a failure
surface in the space. This is the Mohr-Coulomb failure surface at constant matric
suction. There seems to be small changes in internal frictional angle appears to be
almost constant according to the matric suction, while effective cohesion seems to
increase. The increases of the effective cohesion for each case are ¢°=3°(dry side), 8°
(OMC), and 9° (wet side).

Figure 4 shows the relationships between the matric suction and the cohesion. In
this figure, the solid line represents a linear regression, and the dotted line represents
a polynomial regression. As we can see, the cohesion for dry side of the initial water
content appears to be 0.98 (linear regression), and 0.96 (polynomial regression). In
the other two cases, we can hardly see difference between the linear and the
polynomial regression. Thus, we may conclude that it is really not matter which
regression analysis is chosen, when evaluates a slope that indicates increase of the
effective cohesion due to increase of the matric suction.
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FIG. 3. Extended Mohr-Coulomb failure envelope for consolidated undrained
test on the unsaturated Pocheon granite soil
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FIG. 4. Relationships between the matric suction and the cohesion for
consolidated undrained tests

Pore Air Pressure

Since the volume of an unsaturated soil varies during shearing undrained, and the
void is filled with air and water, it may be important to bring attention to the
mechanical characteristics of pore air pressure and water pressure. The changes in
pore air pressure with respect to axial strain with different initial water contents,
confining pressures, and matric suctions are shown in figure 5. When the confining
pressure is 1 kgf/cm?, the pore air pressure appears to be positive values at the only
beginning part of the axial strain. When the confining pressure is 4 kgf/cm®, the
values of the pore air pressure become positive during almost entire test. And they
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appear to be higher as the matric suctions increase, and the initial water content of the
wet side is larger.
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FIG. 5. Variation of pore air pressure with respect to axial strain with different
initial water contents, confining pressures, and matric suctions for
consolidated undrained tests

Pore Water Pressure

The changes in pore water pressure with respect to axial strain with different initial
water contents, confining pressures, and matric suctions are shown in figure 6. The
pore water pressure appears to be higher at the confining pressure of 1 kgf/cm? than
the confining pressure of 4 kgf/cm®. In case of the same confining pressure, the
higher the matric suction the larger the pore water pressure. For instance, for the
matric suction of 0.5 kgf/cm?, the pore water pressure appears to be negative after
certain amount of axial strain.

(omg; (Wet Side)

pore weter pressure (kgfo)
ore viter pressure (ffcm’)
porewater pressire feffa?)
°
5

05 05

FIG. 6. Variation of pore water pressure with respect to axial strain with
different initial water contents, confining pressures, and matric suctions
for consolidated undrained tests

CONCLUSIONS

In order to investigate the characteristics of pore pressure, volume change, and stress-
strain behavior according to an initial water content of an unsaturated soil, a series of
consolidated undrained experiments were conducted. Based on the investigations, we
obtained the following results.

The volume change of an unsaturated soil during shearing undrained is much
sensitive to the confining pressure compared to the initial water content, and the
matric suction.

The matric suction has more influence to the deviator stress, when initial water
content is wet side. In most case, the volume expands during shearing. The
volumetric strain is much larger at the smaller confining pressure, and at the higher
matric suction.
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The change of the internal frictional angle according to the initial water content and
the matric suction is negligible. However, the effective cohesion appears to increase.
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ABSTRACT: Sonic wave testing technique is the most commonly used one for
ascertaining the loosening zone of roadway surrounding rock, but it has a great
limitation in lamellar rock mass. For overcoming the limitation, the problems of sonic
wave testing boreholes arrangement mode were studied. Firstly, the theoretical bases
of the testing boreholes arrangement in inclined lamellar rock mass were analyzed on
the basis of the mechanical characteristics and the propagation rule of sonic wave in
layered rock mass. Secondly, three principles of sonic wave testing boreholes
arrangement were summarized from numerous testing experiences on field. Then, new
arrangement modes in four representative lamellar rock mass (dip angle was
respectively 0°, 15°, 45° and 90°) were proposed. The testing results from the
engineering example with the gently inclined lamellar rock mass showed the improved
arrangement mode could determine the scope of the loosening zone quickly.

INTRODUCTION

The scope of the loosening zone in roadway surrounding rock is an important basis
for stability evaluation and support design (Huo et al. 1994). There are many mehods
to ascertain the scope of the loosening zone, such as sonic wave testing mehod,
seismic wave method, GPR method and so on, and the sonic wave testing method is
the most commonly used one. The single-borehole testing method in sonic wave
testing method has been widely applied in underground rock engineering by its
simplicity in the testing process and less work load than the double-borehole testing
method. Fig.1 shows the conventional testing boreholes arrangement mode. If the
singel-borehole testing method along the conventional mode to ascertain the scope of
the loosening zone in lamellar rock mass, the change of the relationship curves (¥},-L)
between p-wave velocity (V) and borehole depth (L) would present the irregular
feature due to weak interlayers. Only by the curves, the scope of the loosening zone
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could not be ascertained difficultly.

FIG. 1. Conventional testing boreholes arrangement mode.
THEORETICAL BASES OF TESTING BOREHOLE ARRANGEMENT
Theoretical Foundation of Sonic Wave Detection Technique

If rock mass is regarded as the elastic body, unit motion equations can be list as

(Chen 1990)
do, 9J0, +80'D_ _ du
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According to the Hooke law, the relationship formula of stress and strain is
expressed as

o, =AA+2ue

o, =AA+2u¢e,

o, =AA+2ue,

o - ue @)
Xy xy

O-yz = #8)72

0. = HE,,

Where p is density of medium, u, v and w are the displacement in the direction of x,

yandz, A=¢g - & - &_is volumetric strain, and 4 are Lame coefficient.

From Eq. (1) and Eq. (2), the following equation can be derived as follows:
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2
po2 =Gt 20V )
Where V?is Laplace operator.
If a point in rock mass is regarded as the vibration source of wave, change law
of Awith ¢ is given by the following formula:
A=Asinat “
From Eq. (3) and Eq. (4), the following equation can be derived as

v = A+2u )
\f o)

Lame coefficient is an expression about rock elastic modulus £ and Poisson
coefficient v, namely:

Ev
e “
A= 0+ 2w )

P-wave formula velocity can be derived.

y - [E» "
» 7\ pL+v)(1-2v)

From Eq. (8), the sonic wave velocity is closely related to the medium nature. The
nature also is theoretical foundation of sonic wave detection technique.

Mechanical Properties of Inclined Lamellar Rock Mass

The inclined lamellar rock mass belongs to the transversely isotropic medium.
According to Lekhnilski transversely isotropic medium theory (Lekhniskii 1981), the
elasticity modulus meets the formula as follows:

¢ in' v, | .
1 _cos 0+s1n 6+ 1 2 sirf fcos @ )
G E

E, E E

v

Where E,is the elastic modulus at 6 angle from the rock strata direction, E, is
elastic modulus at parallel direction, E,is elastic modulus at vertical direction, G, is
shear modulus at vertical direction, v, is Poisson’s ratio at parallel direction.

From Eq. (9), the elastic modulus of rock mass has the maximum value in the
direction parallel to bedding plane and the minimum value in the direction
perpendicular to bedding plane. Moreover, the value of elastic modulus decreases with
the increase of bedding plane dip angle, which was showed as the line A in Fig.2. Eq.
(9) only considered the influence of anisotropy without taking the impacts of bedding
plane and micro-joints into account. The studies by Abbas (1998), Zeng (2001) and
Nasseri (2003) showed that the minimum value of elastic modulus in lamellar rock
mass appeared at the angle of 40°~60°, which was showed as line B in Fig.2. So, line
A was just a special case.
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E/GPa

Fig.2 The relationship between elastic modulus and the dip angle of rock strata
Sonic Wave Propagation Rule in Lamellar Rock Mass

The bedding planes and the filling materials between the strata in lamellar rock mass
resulted in the differences of sonic impedance of rock mass, which made the sonic
wave spread with directivity (Zhao et al. 2005). When p-wave propagates at angle of
a across bedding planes, reflection and refraction appeared. Besides transversal
guided wave function and longitudinal resisted wave function of bedding planes
increase the propagation time, p-wave velocity attenuated quickly. The more the
numbers of the rock strata were, the faster p-wave velocity attenuated. When a was
equivalent to0°, sonic wave spread parallel to the bedding planes. If boreholes were
arranged in a rock stratum and parallel to bedding plane, p-wave velocity change was
controlled by the properties of the rock strata. When a was equivalent to 90°, the
sonic wave spreads perpendicular to the bedding planes, and p-wave velocity change
affected by bedding planes had a periodic regularity. When a was other angle, the
testing data was affected badly by the bedding planes and weak fillings between the
interlayers. Combined with the mechanical properties of lamellar rock mass, the
corresponding boreholes (intersecting aslant with the rock strata) arrangement mode
was not desirable.

PRINCIPLES OF SONIC WAVE TESTING BOREHOLE ARRANGEMENT

The principles of sonic wave testing boreholes arrangement in inclined lamellar rock
mass with the different dip angle were proposed through summarizing numerous
testing experiences on field. The Principles mostly included: no less than two rows of
testing boreholes in the wall height range were arranged in a rock stratum and parallel
to the direction of rock strata in roadway walls; on the midline of the surfaces of the
roof and the floor, testing boreholes were arranged perpendicular to the bedding
planes; the controlling depth of the testing boreholes should be larger than the scope of
the loosening zone. Fig.3 showed the testing boreholes arrangement modes for four
representative lamellar rock mass. The corresponding dip angle was respectively 0°,
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15°, 45° and 90°.

A N

(2)0° (b)15° (0)45° (d)90°

Fig.3. The testing boreholes arrangement modes for the lamellar rock mass
ENGINEERING EXAMPLE
Engineering Background

The ore body No.7 is main one in a certain gypsum with gently inclined lamellar
rock mass. Its bedding structure is especially developing. The dip angle of rock strata
is about 16°. The thickness is between 20cm~80cm, and 25cm takes the majority.
Between the strata there is a weak interlayer formed by sedimentation, which is
usually soft shale, clay shale, and other debris etc. The roadway surrounding rock
belongs to transversely isotropic medium. Since the mine was exploited, the road
heading method along the rock strata direction has been adopted. The phenomena such
as separation, fracture and falling of the roof were often happened in the past due to
the big section size of roadway. In order to determine the support parameters of
surrounding rock in gently inclined lamellar rock mass, the mine took a research on
the sonic wave testing of the loosening zone of the roadway surrounding rock.

Analysis of Sonic Wave Testing Result

A RSM-SYS non-metallic ultrasonic tester developed by Wuhan Rock & Soil
Institute of Chinese Academy of Sciences was used in this testing. Single-borehole
testing method was adopted on the basis of the improved mode. The testing results of
the lower left testing borehole and floor testing borehole in certain roadway 3 #
section were analyzed. Fig.4 showed the V},-L curves.

In Fig.4, the V},-L curve of lower left testing borehole had an area where V), value
was increased obviously with the improved mode, which made that the scope (about
2.2m) of the loosening zone in roadway wall easily was determined. While the V,-L
curve of floor testing borehole presented more disciplinal, and the V), value appeared
the interval decrease phenomenon reflecting the sonic wave impedance effect of
structural planes and weak interlayers. If these abnormally lower V), value was left out,
the scope (about 1.7m) of the loosening zone in floor could be determined rapidly too.
Generally, due to the structural effect of rock mass, the scope of the loosening zone in
floor was smaller than that in the roadway wall. The results showed new arrangement
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mode could determine the scope of the loosening zone in the gently inclined lamellar
rock mass quickly.
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Fig.4. The V,-L curve of lower left testing borehole and floor testing borehole

COMPARATIVE ANALYSIS WITH CONVENTIONAL TESTING
BOREHOLES ARRANGEMENT MODE

In order to analyze the reasonableness of the improved mode, a horizontal testing
borehole was arranged nearby lower left testing borehole of 3# section with the
conventional mode. Fig.5 showed the V,-L curve. From this picture, because of the
adverse effects caused by bedding planes and weak interlayers with unequal thickness,
the V, value had no an obvious change rule with L. So, it was difficult to determine the
scope of the loosening zone. The phenomenon explained that the sonic wave testing
borehole arrangement mode had great impact on the testing data.
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Fig.5. The Vp-L curve of lower left testing borehole using conventional mode
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CONCLUSIONS

The traditional arrangement mode of sonic wave testing boreholes in the lamellar
rock mass would make the Vp-L curves obtained present disorderliness change due to
the negative effect of the bedding planes and weak interlayers. It was difficult to
determine the scope of the loosening zone of surrounding rock quickly.

The theoretical bases of the testing boreholes arrangement in lamellar rock mass
were analyzed on the basis of the mechanical characteristics and the propagation rule
of sonic wave in lamellar rock mass. Three principles of sonic wave testing boreholes
arrangement were summarized: the testing boreholes in two sides were parallel to the
strata; the testing boreholes in the roof and floor perpendicular to the strata; the
controlling depth of the testing boreholes should be larger than the scope of the
loosening zone. Based on the theoretical bases and the principles, some new
arrangement modes in inclined lamellar rock mass with the different dip angle were
proposed. The engineering example showed that the new mode had a better
applicability, which could quickly determine the scope of the loosening zone.
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ABSTRACT: The aquifer which includes abundant groundwater resources usually exists
at toe of foothill where soil profile at the study area consists of soft silty clay, andesite
rock blocks with gravelly sand, and bedrock. A series of constant-rate pumping tests were
conducted in the aquifer between two impermeable layers to understand its hydrogeology
characteristics. Pumping well is located inside of diaphragm wall, and observation wells
are scattered inside and outside of it which was completed before these field experiments.
In analytical analyses, diaphragm wall is modeled as impermeable boundary and hillside
is assumed as constant recharge boundary. The problem that naturally arises when
analyzing data from pumping tests is how to select an appropriate geometry for the
particular aquifer system into which flow occurs. This study employs the generalized
radial flow (GRF) model to analyze constant-rate pumping test data of the andesite rock
blocks-based aquifer and to identify its fractional-flow dimensions further assessing
aquifer parameters. This study concludes that the GRF model cannot analyzes the
drawdown response if pumping encountered perpendicular boundaries, and the
fractional-flow dimension is not unique while other boundaries applied.

BACKGROUND

Sedimentary geological formation usually exhibits transversely anisotropy or
heterogeneity due to the sedimentary processes. The fractal theory is widely used to
describe the flow geometry especially for complicated aquifer system such as rock blocks
aquifer or crystalline fissure rock aquifer. Barker (1988) was proposed the concept of
fractional-flow dimension and then developed the generalized radial flow (GRF) model.
The GRF model not only can represent the characteristics of the fractured rock aquifer,
but also can describe flow cross-sectional area varying with radial flow distance.
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Leveinen et al. (1998) performed numerous pumping tests in Finland to characterize
fractured aquifer system, and fractional-flow dimensions (1 —1.2 and 1.5) were evaluated
by regression analyses of straight-line slopes and type-curve matching. Kuusela-Lahtinen
et al. (2003) carried out constant pressure injection test to identify characteristics of the
low-conductivity crystalline rock site; however, significant non-uniqueness in many cases
in distinguishing fractional-flow dimensions n=2, 2.5 and 3 from each other owing to
experimental difficulties in achieving ideal test conditions in the beginning of field
experiment. Thus, the Andesite rock blocks-based aquifer discussed herein can be
analyzed by the GRF model to represent its hydrogeology characteristics, and then the
well configuration can be calibrated so as to reach the optimal deployment and to decrease
uplift force beneath the silty clay deposit.

CONCEPT OF THE GRF MODEL

The assumptions of the GRF model can be found in related references (Barker 1988),
and the following symbols are defined as they appear. The correlation between
throughflow area and distance from source is given by Eq. 1 and Eq. 2 through overall
mathematical development, in which r represents radial distance from centre of source
measured in the aquifer system, A, is throughflow area, I' is gamma function, b is
cross-line of flow and n is flow dimension. 1) For one-dimensional linear flow (n=1),
throughflow area varies according to Ane<1° being constantly with flow distance from
source. 2) For two-dimensional radial flow (n=2), throughflow area varies according to A,
or', representing that throughflow area increases linearly with flow distance from source.
3) For three-dimensional spherical flow (n=3), throughflow area varies according to A<
r*, indicating that throughflow area increases quadratically with flow distance from
source.

A4,(r)=b"ar"" )
o - 272.().571 (2)
" ()

3)

The observation-well responses H(r,p) in Laplace domain can be expressed as Eq. 3,
in which Q represents volumetric pumping rate, p is Laplace parameter, 1, is radius of
pumping well, C,, is wellbore storage, Sy is skin coefficient and K,(x) is v order modified
Bessel function of second kind. A can be represented as Eq. 4. The correlation between v
and flow dimension n is v=1-0.5xn. v can be defined as the slope of logarithmic time vs.
logarithmic drawdown. Thus, the Stehfest (1970) algorithm can be applied to establish the
type-curve (see Figure 1) through Eq. (3) so as to identify the flow dimension.
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FIG. 1. GRF type-curve (incomplete gamma function) (after Leveinen 1998)
REGIONAL GEOLOGY, HYDROGEOLOGY REPRESENTATION
Geological Formation

In the northern Taiwan, most of mountains around the Taipei basin were covered by
volcanic lave flow about two million years ago (Ho 1994). After tremendous volcano
eruptions, Taipei basin went through several scenarios such as ground subsidence, stream

privacy, barrier lake generation, and so on, to form the recent appearances progressively
(Ho 1994). The study area is located at toe of the Ta-Tun volcanic foothills, and is

surrounded by volcanoes except for its west side (see Figure 2). The geological formation
consists of silty clay (GL. -4.7~-26.3 m), andesite rock blocks with gravelly sand (GL.
-26.3~-52.7 m) and bedrock (below GL.-52.7 m). The contractor was requested to
concern about the safety during underground excavation because high uplift force acted
beneath the clayey deposit, therefore, the aquifer characteristics should be assessed
accurately so as to deploy the well points effectively. Through previous field
investigations (Cheng and Ni2008), the aquifer properties, including horizontal hydraulic
conductivity Ky, porosity and specific yield (e.g. effective porosity), are 1.45x 107 co/sec,
29.1%, 28.0%, respectively.
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Well Configuration, Monitoring Instruments, Field Experiments

The layout of pumping wells and observation wells is shown in Figure 3(a) and the
observation-well responses are indicated from Figure 3(b) to Figure 3(h). The screen of
pumping wells are 9.5~16.0 m in length located in the rock blocks aquifer, and the
pumping rate and well capability are 214 ~335 /min, 5~ 10 Hp, respectively. The
electrical piezometer was installed at each well point to monitor the drawdown response
during these field experiments. Figure 3(b) and Figure 3(c) indicate that the large
drawdown at P11, P12 and P14 can be referred to the difficulty in recharging came from
outside the diaphragm wall further to result in slow recovery. The response-curve of P1,
P2 and P3 exhibit high slope consistency presenting the constant boundary existed outside
the diaphragm wall provides immediate recharge to preserve the water-level in these well
points. There are two scenarios can be seen as Figure 3(d); 1) with the barrier effect, P16
has smaller drawdown than that of the other observation wells, 2) the recharge difficult
flows through the barrier, into the interior of diaphragm wall, to result in slow recovery at
P11, P12, P13 and P14. According to the comparisons between Figure 3(f) and Figure
3(g). the horizontal barrier is the key factor to bring about the different scale of drawdown
and to delay the trigger time of steady-state response as well.
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FIG. 2. Topographical lineaments; the probably flow path lied in the NE-SW
direction through the testing readings analyzing of field experiments

HYDROGEOLOGY REPRESENTATION

The flow dimension at each well point was identitied by linear regression analysis or
type-curve matching. Table 1 expresses the results of flow dimension identification and
aquifer properties assessment. Only P1, P2 and P3 responses as shown in Figure 3(b) were
employed to identify the flow geometry due to continuous slope at large-time,
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nevertheless, the scarce data measured before the stabilization from P12 and P14 suggest
log-log straight line with regression slope of 0.044 and 0.012, respectively (e.g., n=1.91
and 1.98). The readings made before the start of stabilization at P11, P13 and P14 suggest
double logarithmic straight line with regression slope of 0.047 and 0.011 as well as 0.010,
respectively (e.g., n=1.91, 1.98 and 1.98) (see Figure 3(c)). The readings of P15 and P16
recorded by the minute suggest log-log straight line between 15~42 and 10~35 min with
0.054 and 0.050 regression slopes (e.g., n=1.89 and n=1.9) (see Figure 3(d)). Furthermore,
the readings of P14 and P16 measured by the minute before the stabilization suggest
log-log straight line between 50 and 150 minutes with 0.005 and 0.003 regression slopes,
respectively (see Figure 3(e)). For the duration of WAS pumping test, the readings of P16
and P17 recorded by the minute before the stabilization suggest log-log straight line
between 20~65 and 60~ 120 minutes with 0.007 and 0.004 regression slopes (e.g.,
n=1.986 and 1.992). Last but not least, the readings at P17 and P18 measured before the
stabilization recommend the flow geometry of 1.83 and 1.99, respectively (e.g.,
regression slopes=0.084 and 0.006), during WA6 pumping test.

The readings at P4 as shown in Figure 3(f) exhibit suddenly “jump” at long-term
response to verify that P4 is not on the flow path of recharge. Through the discussion, it
can be quite confident that the strike of recharge in the andesite rock blocks-based aquifer
is in NE-SW direction (see Figure 2) further to re-explain why the early steady-state
occurring for P1, P2 and P3. Besides, the more complicated water-level responses will
arise if encountered perpendicular no-flow boundaries.
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Table 1. The fractional-flow dimensions with corresponding aquifer parameters

. . Generalized | Hydraulic | Hydraulic | Generalized | Specific Flow
Test | Well " tr issivity | diffusivi ivity | storativity storage | dimension|
distance, p Kb K/S, | K (m/min) S+ S (m) n
3.62x107 5.99 5.82x10° 6.04x10° | 9.72x10* 24
2.38x107 5.37 520x10° | 4.44x10° | 9.68x10™ 2.5
1.72x10” 5.36 5.10x10° 3.22x10° | 9.52x10* 2.6
1.14x107 4.85 4.57x10° | 2.35x10° | 9.43x10* 2.7
WAL | P1 2.04 8.17x10° 4.75 4.44x10° 1.72x10° | 9.36x10* 2.8
5.40x10° 4.34 3.98x10° 1.25x10° | 9.19x10* 2.9
2.72x10° 2.94 2.72x10° 9.23x10* | 9.23x10* 3.0
7.91x10™ 2.93 2.67x10° | 2.70x10* | 9.12x10"* 34
1.23x10* 2.84 2.57x10° 4.32x10° | 9.07x10* 4.0
2,02x107 38.19 4.41x10% | 5.20x10* | 1.15x10" 2.5
1.45x10” 39.23 4.29x10° 3.70<10* | 1.09x10* 2.6
8.21x10° 29.94 3292107 | 2.74x10" | 1.10x10" 27
WA4 | P2 L11 5.73x10° 30.97 3.12x10° 1.85x10* | 1.01x10* 2.8
3.60x10° 25.81 2.66x10° 1.40x10" | 1.03x10* 2.9
2.26x10° 21.68 2.26x10° 1.04x10* | 1.04x10* 3.0
6.22x10™ 20.65 2.10x10° 3.01x10° | 1.02x10* 34
2.81x107 12.39 4.53x10° 2.27x10° | 3.65x10* 2.4
1.66x107 10.32 3.62x10° 1.61x10° | 3.51x10" 2.5
9.07x10° 7.43 2.68x10° 1.22x10° | 3.61x10* 2.6
was | p3 224 5.70x10° 7.33 2.29x10° 7.78x10* | 3.12x10"* 2.7
’ 2.87x10° 6.19 1.56%10° 4.63x10"* | 2.52x10* 2.8
1.80x10° 5.99 1.33x10° 3.01x10" | 2.22x10* 2.9
9.06x10™ 5.68 9.06x10* 1.59x10* | 1.59x10* 3.0
2.23x10° 2.99 4.68x10" 7.44x10° | 1.56x10* 4.0

This study employs the GRF model to analyze a series of constant-rate pumping tests
data, and the flow dimension can be identified with type-curve matching or linear
regression analyses further to assess aquifer properties accurately. This study concludes
that the GRF model cannot apply to identify the flow dimension if pumped with
perpendicular no-flow boundaries, and it is not unique when encountered with other
hydraulic boundaries. Through hydrogeology representation, the andesite aquifer’s flow
geometry is ranging between 2.4 and 4.0, which means the sources located in finite radial
distance away from the study area further resulting in early steady-state drawdown
response occurred. Meanwhile, the delivery capacity gradually decreases with the flow
dimension increasing due to preserve the drawdown under a specified radial distance.
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ABSTRACT: The soil-structure interaction attaches great importance to the stability
of embankment and retaining wall in expressway engineering. Based on the simple
shear test results of sand-concrete interface under the constant stress increment ratio
stress paths (CSIRSP), a nonlinear elastic coupling constitutive model is proposed on
purpose for describing the interface deformation behavior, including strain softening
and normal dilatancy, as well as the effect of stress paths. In the model, the relation
curves of shear stress and tangential strain are fitted by a piecewise function composed
by hyperbolic function and hyperbolic secant function, while the relation curves of
normal strain and tangential strain are fitted by another piecewise function composed
by quadratic function and hyperbolic secant function. Finally, the predictions of the
model have been compared with experimental results, and results show the model is
reasonable and practical.

INTRODUCTION

Many soil-structure interaction questions exist in expressway engineering, such as
soil-pile interaction in rigid pile composite foundation, soil-retaining wall interaction,
and so on. All these attach great importance to the deformation and stability of
embankment and retaining wall. However, the behavior of soil-structure interface
plays a major role in the definition of soil-structure interaction. Consequently, the
serviceability of a wide range of structures in expressway engineering is dependent on
the interface behavior, and its mechanics study is one of the most intractable problems
in geosciences.

In order to understand the basic mechanisms and simulate the interaction between
soil and structure, many studies have been carried out and various soil-structure
constitution models have been present (Desai et al., 1985; Boulon-and-Nova ,-1990;
Lu and Bao, 2000; Gennaro and Frank, 2002;- Luan-and-Wu ,-2004;- Wang et al.,
2007; Zhou and Lu, 2008). The entire model proposed above are based on the routine
simple shear tests, in which the normal stress are constant during the shearing.
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Nevertheless, the loading path which the normal stress and the tangential stress
increase synchronously exist in practical engineering, for example, the soil-pile
interaction during the roadbed filling process, the soil-retaining wall interaction during
the soil backfilling process behind the wall. According to these kind of questions, we
designed a loading path as constant stress increment ratio stress paths(CSIRSP), in
which the ratio value of the shear stress increment to the normal stress increment is
constant, and the ratio value is regarded as a parameter 17 (n=A1/Ao). Moreover, we
conducted a series of simple shear tests of sand-concrete interface under CSIRSP
(Zhou and Lu, 2008).

This paper is devoted to establish a 2D nonlinear elastic coupling constitutive model
based on the test results of sand-concrete interface under CSIRSP, which can simulate
the interface deformation behavior of strain softening and normal dilatancy, and
reflect the effect of stress paths.

MODEL DESCRIPTION

In the proposed model, the incremental strain and stress relationship of interface is

described by:
de,] [Cy C,)([do,] _
{ds}={dy}-[cn czszr }—[C]{da} )

in which de, and dy are the incremental normal and tangential strains, while doy, and
dr are the incremental normal and shear stresses, respectively. In simple shear tests,
the value of dy is independent of do,, so we can take Cy; as zero. The rest variables
including Cyy, Ciz and Cy; are defined by the relationship of stress-strain curve.

Characters of Tangential Strain
During the shearing, the interface a A
displays the behavior of strain 27 I
softening, in order to consider the |
effect of stress path, the relationship L R W ————
between a (stress ratio, a=7on
=t(ogtvn),0p is the initial normal
stress. ) and y is discussed. The
typical a~y curve is shown in fig.1,
where oy is the peak value of stress 0 " "
ratio, o, is the residual stress ratio, y1 FIG. 1. Typical curve of @~y.
is the strain responding to the peak
stress ratio.
Piecewise function composed by hyperbolic function and hyperbolic secant function
is applied (o deal with the curve, and its expression is as [ollow:
¥ O<ys=<
a=la+by r=n @)
ar+(af_ar)seCh[Sl(y_72)] Y>"n
in which @ and b are the parameters of hyperbolic model, and S is a parameter of the
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model governing the shape of the curve in softening segment, which can deduced
following a procedure of optimization by successive adjustments. Referring to
Duncan-Zhang hyperbolic model, parameter a is defined by: a=0y/[Kp.(0v/p,)'], and the
K and n are test parameters.

Assume the material follows Mohr-Coulomb failure criterion, and the failure
strength is independent on the loading path, we can get that the interface failure when
the loading path intersect with the strength envelope. Further, the stress corresponding
to the damage state can be obtained by the equation as follow:

{z’:c+0'tan(p 3)
T=(O-_O-o)77
Solve Eq. (3), we can get:
+0, +0,t
; :J’ 7, :w (4)
n—tang@ 77 —tan@

In order to make the curve continue at the position of =}, and consider the Eq. (4),
follow relation can be got:
hoo_y, =i=77(c+aotan(p) 5)
c+oyn

Ca+by, o
from Eq. (5), we have:
—_¢crton a4
n(c+o,tang) 7
There are some relations can be found from the test, which are expressed as follow:
a=tang, y=e+ /g0, /p)=e+f1g[(c+am)/((-tang)p,)]
in which ¢ is the friction angle of the interface corresponding to the ultimate state, e,
and f; are the fitting parameters, p, is reference pressure, and can be taken as the

atmospheric pressure. Further, differentiating Eq. (2) and comparing with Eq. (1), we
can get:

(6)

an’o,
#2 0<y<y,
_ﬂ_ [77(70+(1_b77)7] (7)

2 odr cosh[S,(y=7)] coth[S,(y—#)] n—tang
- Y>N

S(e,-a,) c+o,n

Analysis above shows that 8
parameters required describing the relation " -

ns

of shear stress and tangential strain. These | 7K =

8 parameters are K, n, ¢, 9@ ey, fiand S;. ., ,ﬁb‘m min
| %) -7 n |
0 plerss :

Characters of Normal Compression T Ensfiax

The typical relationship between & and y e
of interface under CSIRSP is shown in
Fig.2. The normal strain & is composed by
two parts: one is the normal compression FIG. 2. Typical curve of &,~%
& which is caused by the increment of

En
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normal stress, and the other is the normal dilatancy ¢, which is caused by the
increment of shear stress.

With the assumption that no coupling effect of normal compression and tangential
shear exsit, the relation of ¢,.and 0, in simple shear test can be considered equal to the
relation in oedometric compression test. Experimental evidence show that the
oedometric compression curve can be fit by exponential function, and described as:
£.= t(1-¢™), Further, differentiating the function and comparing with Eq. (1), we
can get:

G, = tltzeilzgn (3)
where #, and #, are test parameters obtained by oedometric compression test.

Characters of Normal Dilatancy
Based on the schematic sketch shown in Fig.2, normal dilatancy &, can be
separated from &, and its expression is €,=&-€nc. The relation curve of normal strain
and tangential strain also can be fitted in subsection by quadratic function and
hyperbolic secant function. The functions are given as follow:
my +ny’ O=y=y,
E =
" { + (€ pgmax — gmmin)sech[sl(y - 72)] r=7s
where 7, is the strain responding to the maximum normal compression, m and » are the
parameters of parabola model, &g 1S the maximum normal compression of &, Exsmin
is the minimum normal compression of &, and S, is a parameter of the model
governing the shape of the curve in dilation segment and it can be derived by the
procedure like S; described in the previous section. According to the parabola equation
character, we have: m=2&usmax/ V2, 1=-Ensmax! y2>. Generally, v, and &gmax occurred in the
initial stage in which the incremental of normal stress is limited. Fitting the relation of
7o~ 1g(0v/pa) and €usmax ~ (O0/pa), We get the relation :
Vo= + 1280,/ Epmn =&+ 1(0,/P,)
where e, e3, f> and f; are fitting parameters. While the &,s,» Occurred in the failure
stage, and experimental evidence shows that the relationship between &,gin and (o7/pa)
can be approximating fitted by straight line, and the expression is:

gn.\'min = e4 + f;l(af/pa) = 64 + .f;t [(C + 0()77 )/ ((77 - tan (p)pa )]
where e4 and f; are fitting parameters. Further, differentiating Eq. (9) , we can get:

©)

nsmin

(m+2ny)dy O=sy=y,
dgﬁ: = S (Emmax - mmm) (10)
Y >7
cosh [S (y- yz)] coth [S (y- yz)]
Considering the Eq. (11), we have Eq.(12-14).
de, = m g 2 98 OV 4 (11)
S dT dy Jt
m+2n
c, (m+2ny) 0=y =7, (12)

" an'o,[no, +(1-bmo)]°
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—_ SZ (gn.\ max 8’” min )(770-0 + T)z
anc, cosh[S,(y— )] coth[S, (- 1)][(n0, + ) (15, +(1-bn)7)]
»<y<n (13)

C,=

_ 88, (€ 15 max _gnsmin)(af —a,)(c+o,n)
(17— tan @) cosh [, (y—7,)]coth [S, (¥ — %) ]cosh [S, (¥ = 7,)]coth [ S, (¥ - 7,)]

rn (14
There are 7 parameters more required to duplicate the relation of normal dilatancy
and tangential shear stress which are ey, es, es, f2, 5, f4 and S,. All the parameters can
be defined by simple shear experimental tests.
Hereto, nonlinear elastic coupling constitutive model was completely defined to
describe the soil-structure interface deformation behavior of strain softening and
dilatancy under CSIRSP, and all parameters can be derived from experimental tests.

C12

MODEL VERIFICATION

The interface orthogonal tests (op= 50,100,200,400kPa, 7= 1.0, 2.0, 4.0, o between
coarse sand and rough steel are conducted to verify the validity of the proposed model.
The sample shape is cylinder type with the size of 300mm in diameter and 40mm in
height. The sample compactness is controlled in 0.8. Tablel shows the physical
properties parameters of test sand. The model parameters are derived according to the
test results, and are listed in Table2. The predicted results (7= 1.0 and 4.0) are show in
Fig.3 together with the experimental results. It can be seen that the model is able to
reproduce the behavior of soil-structure interface under different CSIRSP.

Tablel. Physical Properties Parameters of Test Sand
name Dsp/mm Cy C. G, €max €min
coarse sand 0.70 10.22 1.82 2.62 0.72 0.40

Table2. Values of the Constitutive Parameters Used for the Numerical Study
151 15} K n c /kPa ¢7’° ¢/° St AY)
0.056 | -0.04 | 41.69 | 045 0 354 33.1 10.27 | 6.28

e [$) es €4 f b b Ja
0.223 | 0.029 | 0.072 | -1.68 | 0.396 | 0.025 | 0.015 | 0.168

CONCLUSIONS

This paper has proposed nonlinear elastic coupling constitutive model for soil-
structure interface between soil and rough structure. The main features of the model
are as follow:

(1) The presented model can describe the deformation character of strain softening
and dilatancy, as well as the effect of CSIRSP.

(2) Hyperbolic function and hyperbolic secant function were adopted to piecewise
fit the curve of shear stress to shear strain. The dilatancy curves were also fitted by
quadratic function and hyperbolic secant function in segment. Hyperbolic secant
function can well reproduce the curve in segment of softening and dilatancy.
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(3) The parameters of the model have clear physical meanings and can be identified
rather easily following a series of procedure according to the test results.

P 1888 ——Model prediction T00RPa
< 800 o0
< 700 -
% 600 ——Model prediction
% 500 200kPa
g
2 200 kPa
@ 100 50kPa '

% 10 20 30 40 30 60 70 80 %10 20 30 40 30 60 70 80

Shear strain y/% Shear strain 7/%

(a) the relationship of v~y (7=1.0) (b) the relationship of v~y (7=4.0)
. -8% Shear strain y/% X :Ig —Model prediction
< 020 10 20 30 40 50 66—70- 80 .12 100kPa
5 04 > 5-1.
s 0o S0kPa S8 200kPa
g 08 100kPa Z-0.6 T00kPa
2 1.0 5.04
= 1.2 200kPa 2.0.2
£ 14 400KP: g 0.0
5 1g a £ 02 0 30 40 50 60 70 80
“ 2.0 ——Model prediction 8% Shear strain /%

(c) the relationship of &~y (7=1.0) (d) the relationship of &,~y (17=4.0)
FIG. 3. Comparison of model predictions and experimental results
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ABSTRACT: Considering the dynamic deformation characteristics of rock and
introducing the Kelvin model which consists of a viscous element and a paralleled
elastoplastic element, a mechanical analysis model for rock under uniaxial loads is
developed. This new model can take the influence of loading speed (or strain rate)
and the dynamic behavior of rock into account. Based on that, with consideration of
the influence of strain rate and volume change, a damage statistical constitutive
model with the property of visco-elastoplastic is proposed by the statistical damage
theory. Moreover, a method to determine the model parameters is presented. Finally,
the proposed model is used to a practical problem, whose theoretical results are
illustrated and compared to those of experiments. It is shown that the proposed
constitutive model is effective to describe the characteristics of strength and elastic
modulus of rock increasing with the increase of strain rate, and to simulate the
dynamic deformation process of rock in uniaxial stress state.

INTRODUCTION

Currently, many efforts have been done to study the dynamic mechanical behavior
of rock using light gas gun (Seamen ef al.,1976) and spilt Hopkinson pressure device
(SHPB) (Kolsky 1949), and the deformation mechanism of rock under the dynamic
load has been recognized. Most experimental results describe the influence of loading
speed or strain rate on dynamic properties of rock. However, the knowledge about the
constitutive model of rock regarding the mechanical behavior in dynamic loading
conditions appears to be absent, and there are only two types of models used to
simulate the dynamic deformation process of rock: one is the dynamic constitutive
model considering energy transition (Xin et al., 1996). But this model has many
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parameters to determine and the calculation process is complex. The other one is
established on the regression analysis of the dynamic stress-strain relationship from
the experiments (Li et al., 2001; Gao et al., 2000). This empirical model only can
describe the stress-strain characteristics under a specific loading speed or a specific
strain rate condition, and it is apparently inappropriate in the case of rock under
different loading speed or strain rate.

The purpose of this paper is to developed a new model for rock under uniaxial
loads by employing the Kelvin model to describe the deformation behavior under
dynamic loads and the damage statistical theory (Krajcinovic et al.,1982) to treat the
damage process and failure characteristic of rock. Moreover, the method to determine
the model parameters is going to be presented and the effects of voids or volume
changes on the dynamic behavior of rock are going to be discussed.

VISCO-ELASTOPLASTIC CONSTITUTIVE MODEL FOR UNIAXIAL
LOADING CONDITIONS

Since the mechanical model of rock is the key to develop a method to simulate the
dynamic deformation process of rock with taking the influence of loading speed or
strain rate into account, an analytical model for the rock in uniaxial stress states is
proposed based on the Kelvin model. As shown in FIG. 1, this analytical model is the
parallel connection of a viscous element used to describe the effect of loading speed
and strain rate and an elastoplastic element used to characterize the linear and
nonlinear properties. The expressions of the stress and strain of the presented model
are shown as follows:

{01 = Ocpl + Ov] (1)

= - Ol
81 - Ecpl - gvl
where 07 and ¢ are the axial stress and strain
of rock, respectively. Ocp1 and &1 represent the  yiscous elastoplastic
axial stress and strain of the elastoplastic element element

element, respectively. oy is the axial stress of
viscous element and &, the corresponding  FIG. 1. Simplified analytical

axial strain. The constitutive relationship mode of rock deformation
between oy and &,; can be expressed as (Chen
etal., 1998):

o, =nde,, /df )

in which # is the viscosity coefficient; de, /dt is the strain rate describing the loading
speed of rock in uniaxial stress conditions. From Eq. (1), the development of dynamic
constitutive model of rock under the uniaxial compression is dependent on the
determination of the relationship between o, and & of elastoplastic element.
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Damage Constitutive Model of Elastoplastic Element
According to the damage statistical theory and the work did by Cao ef al. (2007),
the elastoplastic element of rock is supposed to divided into three parts: voids, an
undamaged or intact part and a damaged part. The load is assumed to be only
supported by the undamaged part, and the following equation is then given as
o, =(1-n)o, (1-D) ®)
where o, is the macroscopic stress (applied stress); 0%p1 is the microscopic stress
(net stress); D is the damage variable; and » is the void ratio which consists of the
initial voids and the new growing voids and describes the tendency of voids changes
during dynamic loading process, which can be determined by (Cao et al., 2007):
n=(n,-e)l(1-¢,) “
in which, e,=¢|+¢e,t+e3. In the uniaxial loading case, &,=¢3, so &,=¢1+2¢3.

Determination of Microscopic Stress 0”cp
As 01 is considered as the microscopic stress acting on the undamaged part of
the elastic plastic body, it is assumed to be following the Hooke’s law:

O;pi = EE;pi + U(Oépj + O;pk) ®)

where i, j, k=(1, 2, 3), (2, 1, 3), (3, 1, 2). &’y is the microscopic strain; £ and u are
the elastic modulus and Poisson’s ratio, respectively. By using the strain equivalence
hypothesis (Krajcinovic et al., 1982) and equation (1), it obtains

el =€, =€ 6)

epl epl
Since 0'¢pr= 0p3=0, following relationship is obtained from Eqs. (5) and (6):
&= E;pz =-ue; &= ge,p3 =—ue, @)
Substituting Eqgs. (4)-(7) into Eq. (3), op1 can be given as

Ee,(1-n,)(1-D)
P T (1-2u)e,

Damage Evolution Equation of Elastoplastic Element

The damage variable D, which is important to develop the constitutive model with
Eq. (8), can be determined by the damage statistical theory (Tang et al., 1998, and
Cao et al. ,1998), in which the strength and distribution function of the mesoscopic
elements should be determined.

(1) Determination of mesoscopic element strength

According to the Drucker-Prager criterion, the general strength form of mesoscopic
element is expressed as

®)

F=al, +JJ, -k, )

where 1, is the first stress invariant; J, the second deviatoric stress invariant; ¢ and ko
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are material constants. In the uniaxial stress states, the above parameters can be
calculated by follows:

I,=0,, (10)
JJ, =30, /3 (11

a, =sing/+/9 +3sin’ ¢ (12)
ky =3c-cos@/+/9 +3sin’ @ (13)

where ¢ denotes the cohesion; @ the internal friction angle.
Substituting Eqgs. (10)-(13) into (9) gets

F=(3/3-a,)Ee, —k, (14)

(2) Evolution equation of elastoplastic element
Assuming strength of mesoscopic elements observes Weibull distribution function,
the evolution equation of the elastoplastic element is:
D =1-exp[~(F/F,)"] (15)
Visco-elastoplastic Constitutive Model under the Uniaxial Loads
Substituting Eq. (15) into Eq. (8) produces
o (=m)Ee fi-expl-(F/F)"} 16
! 1-(1-2u)e,
Substituting Egs. (2), (16) into Eq. (1), the visco-elastoplastic damage statistical
constitutive equation describing the dynamic deformation process under the uniaxial
compression for rock is obtained as follow:

_ (1—}1(,)E61{l—exp[—(F/E,)m]}+n% (17)
1-(1-2p)e, dt

f

DETERMINATION OF MODEL PARAMETERS

m, Fo and 5 are the three calculation parameters in Eq. (17) and can be determined
by extremum theory as a complete stress-strain curve of rock under the dynamic
loads has a peak point. The tangent slope of the peak point is 0, so following equation
is existed:

(doy/de, =0 (18)

Ul = O'dci"gl = gdc
where 0gc and &4 are the axial stress and strain at the peak point in the oi-¢; curve.

Supposing that de;/dt is a constant, substituting 0,=0y. and &=¢q4. into Eq. (17), and
combining this result with Eq. (18) yields
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dc
m=——r- Foly (19)
ALY (1- D, )In(1-D,.)
£
- o 20
" [-In(1- D, )" @0
n= (Udc _GS;I )(dfl/dl‘)_1 (21
in which, L* = E(1-n, )(I_Ddcz); - Eey, (1-1,) JF, = Ae, —ky;
[1-(-20)e,] 1=(1-2u)e,,
de,
(Odc_n?)[]_(l_zﬂ)ga]. de _Egdc(l_nﬂ)(l_Ddc)
Ddc =1- E ’ epl :
ew(1-19) 1-(1-2u)e,,

Note that the peak values o4 and &4 in specific strain rate can be obtained according
to the test data.

APPLICATION AND VERIFICATION

The practical example conducted by Li et @/.(2007) is introduced to verify the
rationality of the presented dynamic damage statistical constitutive model of rock and
its method to determine model parameters. The mechanical parameters such as the
elastic modulus E, the poisson’s ratio y, the internal friction angle ¢, and the
cohesion ¢ are obtained from the experimental curves, they are 35.34GPa, 0.25,
30.52°, 23.15MPa, respectively. The theoretical and experimental stress—strain curves
are illustrated in FIG. 2. It is shown that the calculated results are found to agree
satisfactory with the experimental data.

—e— Testing curve in Li et al.(2007)
—o— Theoretical curve .

00 04 o8 12 16 20 24 00 04 08 12 15 20 24
g,/102 g /102 /102

(a) de/dt=137.91s"" (b) de/dt=230.17s"" (c) de/dt=288.47s"!
FIG . 2. Comparison between experimental and theoretical curves

—e— Testingcurve inLietal(200p) 8
—o— Theoretical curve

40

CONCLUSIONS

(1) A dynamic damage statistical constitutive model of rock with the property of
visco-elastoplastic is proposed in uniaxial loading conditions, in which the effect of
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strain rate and volume change can be correctly accounted for, and the method of
determining its parameters is also presented.

(2) It is shown that with the increase of loading speed or strain rate, both the
strength and elastic modulus of rock increase gradually.

(3) When the presented model is introduced to analyze a practical example, the
calculated results tally closely with the experimental data.
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ABSTRACT: Controlling compactness can increase sub-grade capability of resisting
deformation and improve the pavement structure strength and stiffness. Portable
Falling Weight Deflector (PFWD) has many advantages than the traditional method
of testing sub-grade strength. The paper introduces the PFWD technical indexes and
researches the PEWD performance in the sub-grade test. The paper research relations
between deflector by PFWD test and compactness on the four sub-grade type,
include low liquid limit clay soil and difference proportion cement stabilized soil.
The result proves the better linearity relativity between deflector by PFWD test and
compactness. The correlation formula between the back-calculate modulus and
compactness is educed. Sub-grade compactness can be effectively controlled by
PFWD rapid test. The paper provides the new test method and foundation for rapidly
and objectively testing compactness. It is practical and theoretical significance for
enriching the actual guide regulation.

INTRODUCTION

There are seventy percents up to ninety percents due to the sub-grade
deformation in the deformation of the highway structure. So it is important to
improve the anti-deformation properties for improving the whole structure strength
and stiffness in construction. These requests are often achieved by controlling the
compactness. Literature review indicated that there is an “index” relationship
between the compactness and the service life, which makes people pay more
attention to the compactness that should be reached or in fact is reached. Up to now,
the method of testing compactness is the traditional method of “filling sand in the
hole”. Many shortages such as requesting more operators, more human factors, lower
efficiency exist in this method.

Portable Falling Weight Deflector (short for PFWD) is a new dynamic testing
equipment, which follows the FWD using for testing on the sub-grade and the ground.
It can get the dynamic resilience modulus of the sub-grade. The equipment has
several advantages such as higher efficiency, less operators, nondestructive and a
longer service life as well as the FWD, but it also has the advantages as follows:
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small and light, reaching the place which other equipment can’t, objective tested data,
high precision, easy operation and costing less than other equipments.

N
Tn

FIG.1. Portable Falling Weight Deflector
EXPERIMENTAL RESEARCHES ON THE REPEATABILITY OF PFWD

G -

The key of using PFWD testing the resilience modulus of the sub-grade is
collecting the data of load and deflection with load sensors and displacement sensors.
And the stability of the data is important for the calculation in next step. The same
load hammer is used to hammer several times to see whether the loading value and
the dynamic value are consistent with. And this experiment is used for testing the
stability property of the sensors.

150mm radius of a bearing plate, an 850mm high pole and a 10 kg weigh
hammer are used in the repeatability experiment. The PFWD loads on the surface of
the sub-grade directly while the experiment is being done. The same high hammer
loads on the same point with several times (usually 5-7times), and the value of the
load and displacement tested by the displacement sensors. The value of the PFWD
repeatability experiment on the sub-grade surface of a highway is listed as table 1
and table 2 in appendix.

Tables 1 and 2 show that: 1) average Standard deviation value of the load
sensors are 2.3493 and 2.0891 ,which are small, while the PFWD testing on the
sub-grade with 7.5:92.5 cement stabilized soil and on the sub-grade with pure soil.
Coefticient Of variation value of the load on the sub-grade with pure soil is between
0.0042 and 0.0472; and Coefficient Of variation value of the load on the sub-grade
with cement stabilized soil is between 0.0006 and 0.0321, it is smaller than 0.05.
2) Average Standard deviation value of the deflection sensors on the sub-grade with
pure soil and the sub-grade with cement stabilized soil are 41.8525 and 43.1606,
which are much smaller than the measurement. Coefficient Of variation value of the
deflection on the sub-grade with pure soil is between 0.0223 and 0.0976; and
Coefficient Of variation value of the deflection on the sub-grade with cement
stabilized soil is between 0.0131 and 0.0960,it is smaller than 0.1. Therefore, the
stability of the equipment is excellent.

Table 1. Repeatability experiment with PFWD on the sub-grade with 7.5:92.5
cement stabilized soil

Serial load Standard | Coefficient | Average | Standard | Coefficient
number deviation | Of variation | deflection | deviation | Of variation
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1 137.5620 | 2.2799 0.0166 655.5640 | 16.6745 0.0254

2 134.2020 | 2.6450 0.0197 698.7680 | 37.2329 0.0533

3 139.9060 | 2.6088 0.0186 612.7250 | 63.4147 0.1035

4 137.8939 | 2.3397 0.0170 714.8530 | 18.6929 0.0261

5 141.0516 | 0.0911 0.0006 635.6250 | 17.9974 0.0283

6 1403246 | 1.3620 0.0097 714.0020 | 31.5858 0.0442

7 135.1068 | 2.3648 0.0175 589.6270 | 56.6114 0.0960

8 135.1968 | 2.4419 0.0181 713.6960 | 27.8120 0.0390

9 142.0000 | 1.5252 0.0107 748.8500 | 269141 0.0359

10 136.0000 | 3.2040 0.0236 6103690 | 39.4450 0.0650

11 132.7500 | 3.5340 0.0266 759.9470 | 17.2650 0.0230

12 1363577 | 1.5621 0.0115 685.6230 | 8.9814 0.0131

13 137.5968 | 1.4456 0.0105 7575360 | 35.6053 0.0470

14 139.1488 | 2.4563 0.0177 7103170 | 117.5410 0.1650

15 138.9465 | 4.4613 0.0321 6427500 | 97.0111 0.1509

16 137.0657 | 3.3631 0.0245 6263860 | 56.8873 0.0783

17 137.8054 | 2.2531 0.0164 950.5500 | 64.0586 0.0674
Average | 137503 | 23403 0.0171 695.7169 | 43.1606 0.0624

Value
Minimum 3 2500 | 00911 0.0006 589.6270 | 8.9814 0.0131
value

Mi’:lﬁl;lm 142.0000 | 4.4613 0.0321 950.5500 | 227.8120 0.0960

Table 2. Repeatability experiment with PFWD on the sub-grade with pure soil

Serial load Standard | Coefficient | Average | Standard | Coefficient
number deviation | Of variation | deflection | deviation | Of variation
1 137.1195 | 12113 0.0088 7165232 | 552130 0.0771
2 130.5543 | 3.2583 0.0250 750.8593 | 52.4868 0.0699
3 136.1175 | 3.6406 0.0267 737.0182 | 34.0965 0.0463
4 131.5879 | 1.6018 0.0122 619.5281 | 22.8813 0.0369
5 129.5238 | 1.7997 0.0139 589.4724 | 63.1935 0.1072
6 123.4581 | 1.8715 0.0152 1389.6074 | 103.8793 0.0748
7 132.0557 | 6.2332 0.0472 565.7864 | 12.6198 0.0223
3 123.5213 | 0.5127 0.0042 9323972 | 19.9340 0.0214
9 133.4844 | 0.9885 0.0074 805.0619 | 38.5634 0.0479
10 126.5810 | 2.0173 0.0159 715.1465 | 443339 0.0620
11 127.2575 | 1.5020 0.0118 7217051 | 20.1674 0.0279
12 134.2747 | 0.8593 0.0064 593.4128 | 22.9318 0.0386
13 131.0632 | 2.7983 0.0214 673.0286 | 65.6743 0.0976
14 129.9316 | 0.9211 0.0071 563.0540 | 23.1643 0.0411
15 133.7784 | 2.0048 0.0150 650.9201 | 28.4077 0.0436
16 128.6799 | 3.1904 0.0248 788.8808 | 76.4852 0.0970
17 1324477 | 1.1044 0.0083 9895933 | 27.4599 0.0277
Average |30 6707 | 20891 0.0160 753.0586 | 41.8525 0.0553
Value
Minimum |3 4561 | 5127 0.0042 563.0540 | 12.6198 0.0223
value
Mi’;‘lrl?:m 137.1195 | 62332 0.0472 1389.6074 | 127.4599 0.0976
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COMPARATIVE ANALYSES ON THE COMPACTNESS AND THE
DEFLECTION TESTED WITH PFWD

The values tested with PFWD and by the method of “filling sand in the hole”
during the construction process, which is collected on the sub-grade with pure soil,
the sub-grade with cement stabilized soil and the sub-grade with cement and lime
stabilized soil, was illustrated in the table and figure in order to find the relationship
of compactness and deflection intuitively.

Linear correlation equations as follows:

Low liquid limit clay soil: y=-39.915x+4587.1 (n=8, R* =0.8843) (1)

5:95 cement stabilized soil: y=-46.257x+5151.8 (n=8, R* =0.9650) (2)

7.5:92.5 cement stabilized soil:  y=-51.704x+5669.6 (n=8, R> =0.9099) (3)
Cement and lime stabilized soil: y=-23.911x+3114.0 (n=8, R*=0.8150) “)

In the equation:
y—deflection value tested with PEWD (unit:0.001mm);
x—compactness value tested by the method of “filling sand in the hole” (unit:%).

The square of the correlation coefficient is more than 0.8 in the four linear
equations, and the values which focus on the sub-grade with 5:95 cement stabilized
soil is up to 0.965. It suggests that the deflection value detected by PFWD have a
good linear correlation with the field compactness.

Table 3. Correlation of compactness value and deflection value tested on four
types of sub-grade

. 5:95 cement 7.5:92.5 cement |10:10:80 cement and
pure soil stabilized soil stabilized soil | lime stabilized soil
compactness |deflection|compactness |deflection/compactness| deflection | compactness |deflection
87.7 1084.92 85.3 1215.67 82.9 1307.5 84.6 1097.14
90.2 957.2 88.9 1039.33 87.6 1188.5 90.5 987.5
94.2 893.07 91.4 908.25 91.7 938.75 91.3 888.33
95.6 812.54 93.5 798.33 93.5 853.64 93.8 812.15
96.5 771.12 94.6 763.55 94.8 712.33 94.2 848.83
97.1 638.21 96.3 650.67 96.4 634.5 96.1 854.72
95.4 735.31 96.1 739.67 95.3 700.5 95.8 793.5
93.4 864.64 95.2 808.5 92.1 819.0 94.6 913.5




88

GEOTECHNICAL SPECIAL PUBLICATION NO. 194

E

E 1500

€ 1000 \S

e

E 500

bt

% 0

_ 85 920 95 100
Compactness(%)

a) sub-grade with pure soil

£ 1500

3

2 1000 \

=

S 500

§ 1 ]

= 0 - } |

R 80 90 100
Compactness(%)

¢) sub-grade with 7.5:92.5 cement

stabilized soil

1500

1000 \

500

0

Deflection(0.001mm)

80 85 90 95 100

Compactness(%)

b) sub-grade with 5:95 cement
stabilized soil

1500

1000 1 Ty,

80 85 90 95 100

Compactness(%)

001mm)

Deflection(0
[0
1=}
©

o

d) sub-grade with 10:10:80 cement and

lime stabilized soil

FIG. 2. The correlation of compactness value and deflection value tested on four

types of sub-grade

COMPARATIVE ANALYSES ON THE MODULUS AND COMPACTNESS
TESTED WITH PFWD

The modulus of the sub-grade with different compactness was tested with
PFWD in the four fields during the pavement construction. The modulus changes
with the different compactness were listed in the table 4. The relationship of them
was analyzed and a correlation function was found between them.

Table 4. The correlation of compactness value and modulus value
back-calculated on four types of sub-grade

5:95 cement

7.5:92.5 cement 10:10:80 cement

pure soil stabilized soil stabilized soil and "m::itlab"”ed
compactness | modulus | compactness | modulus | compactness | modulus | compactness |modulus
87.7 35.4 85.3 28 82.9 25.75 84.6 32.29
90.2 40.9 88.9 34.75 87.6 32 90.5 42.00
94.2 43.9 91.4 47.83 91.7 42.5 91.3 43.28
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95.6 439 93.5 44.75 93.5 41 93.8 42.28
96.5 44.71 94.6 44 94.8 51.5 94.2 45.61
97.1 50 96.3 55.75 96.4 55.5 96.1 47.8
95.4 46.81 96.1 47.83 95.3 55.33 95.8 44.6
93.4 45.87 95.2 45.36 92.1 45.8 94.6 43.2

Correlation equations between modulus and compactness was drawn from

analysis the correlation relationship on the figure 3
Low liquid limit clay soil: y=1.1932x-67.943 (n=8 r*=0.8065) (5)
5:95 cement stabilized soil: y=1.9618x-138.25 (n=8 R*=0.7997) (6)

7.5:92.5 cement stabilized soil:  y=2.2559x-164.41 (n=8 R*=0.8713) (7)
Cement and lime stabilized soil: y=1.0881x-57.925 (n=8 r*=0.8042) (8)

In the equation:
y-the modulus tested with PFWD;
x-the compactness tested by the method of* filling sand in the hole”.

60 60
~ 50 - *
£ g % p
% 40 E 40
2 30 Z 30
= _—
2 20 Z 20
=10 S 10
0 0 : { | |
85 90 95 100 80 85 90 95 100
Compactness(%) Compactness(%)
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The square of the correlation coefficient is more than 0.79 in the linear equation,
so, the modulus and the compactness has a good correlation.

And the correlation tested on the sub-grade with7.5:92.5 cement stabilized soil
is the best of all. The square of the correlation coefficient is up to 0.8713.

It is reliable to use the modulus tested by PFWD replacing the compactness
tested by filling sand in the hole to evaluate the carrying capacity of the sub-grade
and the construction quality.

CONCLUSIONS

Pavement nondestructive testing and material properties back-calculation are
very active forefront problem in the world. And the research results are becoming
richer and richer. On one side, the pavement design index (resilience modulus) and
the pavement construction control index (compactness) aren’t consistent each other
in the design and construction specifications; on the other side, pavement resilience
modulus of conventional detection technology has the shortages such as cumbersome
test, long time cost, more operators, high price of device and uneasy to reach the
remote place. So the study of new technologies on the pavement construction quality
control has very important theoretical and practical significance. The main
conclusions were drawn from the study as follows:

1. The relationship between deflection and modulus tested with PEWD and the
field compactness is built through the testing by PFWD on sub-grade with pure soil,
sub-grade with 5:95 cement stabilized soil, sub-grade with 7.5:92.5 cement stabilized
soil and sub-grade with cement and lime stabilized soil. The experimental results
suggest that: there is a good linear correlation between compactness and deflection
and modulus tested with PFWD.

2. The compactness could reach the value of 95% if the deflection tested on the
sub-grade with pure soil reached the value of 796um; The compactness could reach
the value of 95% if the deflection tested on the sub-grade with 5:95 cement stabilized
soil reached the value of 758um; The compactness could reach the value of 95% if
the deflection tested on the sub-grade with 7.5:92.5cement stabilized soil reached the
value of 758um; The compactness could reach the value of 95% if the deflection
tested on the sub-grade with cement and lime stabilized soil reached the value of
843um.

The compactness could reach the value of 95%,if the modulus tested on the
sub-grade with pure soil reached the value of 46Mpa; The compactness could reach
the value of 95% if the modulus tested on the sub-grade with 5:95 cement stabilized
soil reached the value of 49Mpa; The compactness could reach the value of 95% if
the modulus tested on the sub-grade with 7.5:92.5cement stabilized soil reached the
value of 50Mpa; The compactness could reach the value of 95% if the modulus
tested on the sub-grade with cement and lime stabilized soil reached the value of
46Mpa.

From above conclusion, we can obtain the compactness of the whole pavement
according the deflection or modulus tested with PFWD. The compactness could
reach the value of 95% if the deflection tested on the sub-grade reached the value of
750um and modulus reached the value of 50 Mpa. We can unify the design control
indexes and construction control indexes.
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ABSTRACT: With the rapid development of the economy in China, more and more
highways and railways are being constructed in areas with soft soil. As a result,
geotechnical engineers encounter many difficulties in dealing with stability and
deformation problems of soft roadbeds. The significance of a disturbed state concept
for soft clay is presented. Based on the tests, the preparation method of the soft clay
samples with the different degrees of disturbance is illustrated. In addition, an
electrical resistivity method is introduced to define and measure the disturbed variable,
and a formulation for the development of disturbance is established. Also, an
advanced disturbed state concept constitutive model is proposed. Finally, results from
triaxial drained triaxial shear tests show that the advanced model can describe the
stress-strain characteristics of soft clay.

BACKGROUND

Soft clay is distributed extensively in the costal areas and some inland areas of
China. With the rapid development of the economy in China, more and more
infrastructures are being constructed in soft soil areas. In this process, geotechnical
engineers gain much experience in dealing with stability and deformation-control
problems with regard to soft soils. However, due to its complexity, substantial
difficulties are still encountered. For instance, a factory built in the Futian economic
development zone, Shengzhen, collapsed due to large settlements as much as 400 mm.
The A4-AS section of the Lian-Xu express way near Lianyungang was pre-compacted
with sand, gravel and lime-soil compaction piles. During the construction, cracks
appeared, and the settlement was larger than expected. On the lefthand side of one of
the soft soil sections, cracks, collapse and slides occurred. The largest crack is 8 cm
wide, and the longest slide is about 40 cm. Large ecologic losses were the result.
These problems occurred because the engineers did not recognize the problems of soft
soil. When deformation calculations were made, traditional constitutive models were
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used, leading to large differences to the actual deformations. It is difficult to master
the deforming mechanism, and therefore difficult to estimate the final settlement, or
make reasonable design and construction controls of settlement. The difference
between the calculation using traditional constitutive models and the actual settlement
depends on various factors. One of the most important is that in the traditional
constitutive model the structure disturbance and damage are not considered.

RESEARCH TO DATE

Soil structure is one of the most important factors influencing the mechanical
properties of a soil. When constructing a building, the soil often needs some
improvement. This disturbs the soils, leading to a change in soil structure and thus
stress-strain relationship. Engineering practice shows that disturbance of soils leads to
extra settlement of the soil, and increases the settlement of a construction. Surcharge
loading also results in some disturbance of soils, causing structure damages and even
failure. The traditional constitutive models for soft soils seldom consider the effect of
structure disturbance. This might be the reason that the calculated settlement is far
from the actual values.

The influence of disturbance on the soil characteristics has been studied for a long
time overseas. Recently, there have been several advancements on this topic in China
(Sun, 2004; Wang, 2007).

The disturbed state concept (DSC) was first proposed by Desai (1974). It is based
on the idea that a deformed material element can be treated as a mixture of two
constituent parts. One the relative intact (RI)state and the other fully adjusted (FA)
state as reference states. During surcharge loading, the material experiences internal
changes in its microstructure due to self-adjustment. As a consequence, the initial RI
state transforms continuously to the FA state. A disturbed function is needed to
describe the development from RI to FA, i.e. the process of gradual disturbance and
complete destruction.

Recently, geotechnical engineers actively explored the feasibility and applicability
of DSC model. For example, Desai (1995) used a DSC model to describe the
transformation process of a soil from its original structure to secondary one. In China,
studies in this field have been carried only in recent years (Wu, 2002; Wang, 2004;
Zhou , 2004).

In defining and determining the disturbance variables, some of the conventional
tests such as mass - testing, volume testing, pore ratio testing, stress-strain testing and
so on are not possible. This is because of lack of appropriate equipment, some are very
complicated, while the others are too costly. The disturbance functions also have too
many hypotheses or are very complicated in the calculations.

In this paper, first of all a new method of preparing and controlling disturbed
samples is presented. Then, an approach called the electrical resistivity structural
method is introduced to measure the disturbance variables and build the disturbance
function. Finally, a formulation of disturbance development is established based on the
triaxial compression tests and stress path tests.
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EXPERIMENTAL INVESTIGATION

Background

Electrical resistivity is a basic soil parameter indicating electrical conductivity of
soil, and it is one of the intrinsic parameters of soil. The application of electrical
resistivity methods in studying the structural transition of a soil mainly depends on
measuring the changes in electrical resistivity and the corresponding changes in the
structural parameters, i.e. F. f. A. Where F is the average formation factor
reflecting porosity and pore structure of soil, fis the average shape factor describing
the shape of particles, A is the anisotropy factor showing directional arrange of
particle (Arulanandan and Muraleetharan,1988; Thevananyagam,1993).

Very few previous studies could be found with regard to the application of electrical
resistivity method in studying disturbed constitutive model of soft clay. Most are
focused on studying the soil structure. For instance, researchers found that the
relationship between average formation and porosity can be utilized to estimate the
change in porosity of soils with different cohesion and consequently, to probe the
structural change of soils. (Arulmol and Arulanandan, 1994; Tumidajski et al., 1996).
Based on the analysis of consolidation tests and triaxial shear tests, Yu, 2007 proposed
a comprehensive structural parameter, m=m./m, that can be obtained from average
formation factor and average shape factor as well as anisotropy factor, where m. and
my are respectively F 2A/f of disturbed and undisturbed soils. Then, a structural
elasto-plastic creep model was proposed and it fitted quite well to the triaxial drained
shear tests on marine soft clay.

The above-mentioned results provide sound background for application of electrical
resistivity method to the disturbed state theory.

Description of soil samples and testing procedure

The index properties of the undisturbed soft soil obtained from Lianyungang
k14+700~k15+350 section are summarized in Table 1.

Table 1 Index properties of the soft soil

Depth/m | /% | p/g/lem’ Gs e /% | @y/% [ ckPa | @F

4 65.4 1.68 264 | 1.68 | 82.2 29.0 2.0 13.4

6 73.0 1.63 276 | 193 | 87.6 28.9 3.0 13.4

The disturbed samples are obtained by inserting needles with waterproof and
agglutinate-proof coat into undisturbed normative triaxial samples. The layout of
inserted needle is shown in figure 1.

To study the feasibility of using mc to define and measure the disturbed variable of
a sample, inserted needles, measurement of electrical resistivity and unconfined
compression strength test are used. An apparatus called low frequency AC electrical
bridge was used to measure the electrical resistivity of soil, which is shown in Fig.2.
To establish the disturbed function, the triaxial drained shear test with simultaneous
electrical resistivity test is used.
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1. Use m, to define and measure disturbed
variable of a sample.

The proposed form for the disturbed
variable is given as :

D= (mg-m¢) / (mp-m,) (1)
Where my, m, and m, are respectively F 12
2A/ T of undisturbed, disturbed and “
remolded samples. Fig. 3 shows the
relationship between D and S;, with S;=
quo/ques Where quo and gy are unconfined 0
compression strength of undisturbed and 0 10 20 30 40
disturbed samples respectively. D can be Fig.4b The relation between D and ¢ ,/50kPa
obtained from electrical resistivity. It can
be seen that S; increases with the development of D.

Fig.4a The relation between D and ¢ ,/25kPa

0.8
0.4
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2. Establish disturbed function and disturbed development formulation.

Test results from triaxial drained shear show that there is good relationship between
D and volumetric strain. Fig.4 illustrates the correlation of strain and disturbed
function. The disturbed function can be expressed:

D=uas, +bs, +c (2)
Where D is disturbed variable; ¢, is volumetric strain; a. b. c are parameters of

samples. Determination of the parameters a, b and ¢ needs an optimum procedure
involving triaxial drained tests and electrical resistivity tests.

Based on the probing needles test and stress path test, disturbed development
formulation can be obtained as follows:

'_ X 1
DZ% (3) where p,,'~ p,.'~ P, areshownin fig.5.
3. Constitutive model and model validation q
When building a constitutive model for soft clay undisturbed soil - CSLAM

based on the DSC theory, the disturbed variable D is
defined in equation 1 and measured by the means of o
electrical resistivity method. The disturbed function }
can be obtained from equation 2 using test results. ‘ |
Consequently, the advanced disturbed state concept o - s
. 0 Pn p
constitutive model of soft clay can be deduced. .
. . . remolded soil
To investigate the validity of the advanced model,
triaxial drained shear simulation tests on a soft soil Fig.5 Yield curve for soft clay
from Lianyungang were carried out.
The advanced model involves nine soil parameters, as shown in table 2, which can
be determined from consolidation tests and triaxial drained tests.

Table 2 model parameters of soft clay from Lianyungang

parameters [ K'(kPa) A K M 0y a b c

1.681 522 0.439 | 0.032 | 0.77 | 0.45 | 0.03 | -0.008 | 0.0066

K' is the tangent volumetric modulus, and can be Pl kPa

obtained from tangent inclination of the original m % 0
elastic part of curve for volumetric strain and mean
(effective) stress. M, A, k are basic parameters of S-
CLAY 1 model suggested by Wheeler et al. (2003). ay

. . . . 34—k, <
isrotational hardening variable, ¢, = ;70:(7“) , =
1+ 2k0 5 3k Model verification
. . . . . . Y——4—X Model
where, 7, is original stress ratio. The determination o—o— Measured
of the parameters a, b and ¢ needs an optimum “r

procedure, involving triaxial drained tests and

electrical resistivity tests. With the optimized value of

a, b, ¢, triaxial tests with synchronous electrical

resistivity measurements on soils can be simulated.
The model expression is given by

Figure 6 Validation of model
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&, =[1-(0.035 ~0.0085, +0.0066)]x0.0019p'+(0.035," ~0.008s, +0.0066) x[1.31xIn(10.41-3.025In p")] ~ (4)
Figure 6 shows that the experimental data can be well predicted by the advanced
model.

CONCLUSIONS

This paper illustrates the preparation of disturbed soil samples by the means of
inserting needles. Electrical resistivity method is introduced to define and measure the
disturbed variable. Stress-strain disturbed function is established based on the test
results. The advanced disturbed state concept constitutive model of soft clay is
proposed, and triaxial drained tests showed that the advanced model can basically
reflect the deformation of soft clays and is satisfactory in its application.

ACKNOWLEDGEMENTS

This work was supported by Jiangsu province Science Technology Council
(BK2007070). Thank Mr. Geoffrey Gay for his kind help in editing the paper.

REFERENCES

Arulanandan.K, Muraleetharan,K.1988, "Level Ground Soil Liquefaction Analysis
Using in Situ Properties", Journal of Geotechnical Eng.Vol.114,No.7:753-789

Arulmoli.K, and Kandiah Arulanandan,1994, "review of an electrical method for
evaluation of stress ratio required to cause liquefaction and dynamic modulus",
Dynamic Geotechnical Testing[J], ASTM:118-130

Desai C S. 1974, "A consistent finite element technique for work softening
behavior",Proc Int Conf On Computer Methods in Nonlinear Mechanics |,
University of Texas , Austin , TX

Desai C S. 1995, "Constitutive modeling using the disturbed state concept as
microstructure self adjustment concept", Continuum Models of Materials with
Microstructre, Muhlhaus HB( ed. ) ,Chapter 8. Wiley :U K

SHUN Jun, 2004,"Theory of Soil Environment Stability and Deformation Control
under Influence of Construction Disturbance", Journal of Tongji University
(Natural Science), 32(10):1261-1269

Thevananyagam,S.,1993,"Electrical response of two-phase soil:Theory and
applications" [J], Journal of Geotechnical Engineering., Vol.119,No.8:1250-1275

Tumidajski and A.S.Schmnacher.et al., 1996, "On the relationship between porosity
and electrical resistivity in cementitions systems" [J], Cement and concrete
research, vol-26,N0.4:539-544

WANG Guoxin, 2004, "Study of constitutive model of structural clay based on the
disturbed state concept", ACTA MECHANICA SOLIDA SINICA, 25(2):191-197

WANG Li-zhong, LI Ling-ling, 2007, "Field disturbance of structured clay and its

effect on settlements of soil foundation", Chinese Journal of Geotechnical
Engineering, 29(5): 693-704

Wheeler, S.J., Naitdnen, A., Karstunen, M. & Lojander, M, 2003, "An anisotropic
elastoplastic model for soft clays", Canadian Geotechnical Journal 40:403-418

Wu Gang, 2002,"Disturbed state constitution models of engineering material(I)—



98 GEOTECHNICAL SPECIAL PUBLICATION NO. 194

disturbed state concept and its theory principium", Chinese Journal of Rock
Mechanics and Engineering June, 21(6):759-765

YU Xiaojun, 2007, "Research on application of electrical resistivity model theory to
creep behaviors of marine soft soil", Chinese Journal of Rock Mechanics and
Engineering, 26(8):1720-1727

ZHOU Cheng, SHEN Zhujiang, 2004, "A hypopla sticity disturbed state model for
structured soils", Chinese Journal of Geotechnical Engineering, 26(4):435-439



Numerical Simulation of Soil-pile Interaction in Expansive Soils Foundation
Chun-Shun Zhang '%, Yong-He Wang', Hong-Bin Xiao®, Zhen-Hui Fan'

! School of Civil Engineering and Architecture, Central South University, Shaoshan Road, Changsha,
41007, People’s Republic of China; email: zhangchunshun@yahoo.com.cn

? Geotechnical Engineering Center, Sydney University, Darlington, NSW, 2006, Australia; email:
C.Zhang@usyd.edu.au

3 School of Civil Engineering, Hunan University of Technology, Wenhua Road, Zhuzhou, 410082,
People’s Republic of China

ABSTRACT: Analytic solution of load-transfer for single pile in expansive soil is
completed based on shear-deformation method and superposition principle (Fan et al.,
2007). As a complement of the research work, the numerical simulations have been
done based on corresponding grogram in this paper. The results are shown as follows:
increasing of pile length is able to effectively decrease the upward pile movement, but
meanwhile, tensile forces of pile shaft increase as well; pile with small diameter (d =~
0.044L) can effectively reduce the upward pile movements in expansive soils while
those piles with the diameter over 0.045L contribute little if not in vain; the applied
load that act on pile-top for preventing upward pile movement depend on maximum
swelling force, varying from different pile length and influenced zone; As irrigation
proceeds, both the pile shaft displacement and tensile force increase while the
increments of the both keep decreasing at the same interval. Given enough time, soils’
swelling tends to be stable and so do the displacements and tensile forces of the pile
shaft

INTRODUCTION

Expansive soil interaction with pile is a much more complicated problem than
other common clays since the soil deformation and strength changes with water
contents. Simple and practical method would be preferred to deal with the problem
compared to complicated theory. In previous work (Fan et al., 2007), basic theory and
derivation of the pile-soil interaction problem had been established, being simple but
accurate. As a complement work, numerical simulations have been done in this paper,
resulting of several beneficial conclusions.

Mechanism of Pile-soil Interaction in Expansive Soils

99
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Though the proceeding of the derivation of analytic solution to load-transfer for
single pile in expansive soil under its swelling has been presented in detail (Fan et al.,
2007), a summary is introduced as followings to provide a background:

Based on the assumption that no sliding occurs at the pile-soil interface given a
small relative displacement, the pile-soil interaction in swelling soils are considered to
be the superposition of the both cases: pile subjected to applied loads on the top and
the pile subjected to the soils swelling force. The corresponding equations for both
aspects are derived based on shear deformation method (Xiao, 2005; Wei et al., 1998;
Aschenbrener, 1984) and the results are given in Equation 1 and 2, respectively:

Pz p Ch(BO)+nsh(BO)
! " chB+nshf
(2=, B 1 sh(50)

chf+nshf 1)

where W (2) and P1(?) are, respectively, the displacements and axial force(stress)
of pile shaft only under pile-top loads:

()= w,(2) = Csin(az)+C,cos(az)+s, (hy-2)/hy, (0<z<hy)
YpalE)= wh,(2) = Cysin(arz)+C,cos( 0rz), (hy<z<L)

P()= P)(z)=—E, A [aC, cos( az) —aC,sin( az) —s,/h,],  (0<z<h,)
2T P2y =—E, 4 o C, cos( @) - Cysin(a2)], (b, <z<L)
2
where " ) and P2 (@) are, respectively, the displacements and axial

force(stress) of pile shaft only under swelling pressure of expansive soils; /o denotes
influenced depth of expansive soils; L pile length; sy soil surface heave; definition of
other parameters refer to Fan et al. (2007).

Thus, the combination of both Equations 1 and 2 describe the pile-soil interaction in
expansive soils:

{wp (z)= W, (z)+ Wy (2)
P(z)=P(2)+P,(2) (3

According to the work by Fan et al. (2007), only the following basic parameters are
needed in analyzing the pile behavior in swelling soils: pile-top loads, shaft length,
shaft diameter, elastic modulus of pile, shear modulus of the soil close to the shaft and
to the pile-tip, wetting time, soil surface heave and influence depth of swelling soils.
Simple programs are thereby compiled with regards to different situation of pile and
soils parameters.

NUMERICAL ANALYSIS OF PILE IN EXPANSIVE SOILS UNDER
DIFFERENT SITUATION

Note all figures below are ruled as: upward displacements>0; downward
displacements<0; axial tensile force>0, axial compressed force<O0.

Effect of Pile Length
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The parameters for the calculating model are like follows: pile diameter d = 0.2m,
pile length are 4m, 5.2m, 5.8m, 7m and 10m,respectively, viz. ratios of pile length to
pile diameter are 20:1, 26:1, 29:1, 35:1 and 50:1, respectively. Influenced depth /y=
4m, upward topsoil movement so= 0.02m and no loads on pile-top. The calculated
displacement and axial force along the pile shaft are seen in Fig.l1 and Fig.2,
respectively

Displacement (m) Axial force (kN)
0.002 0.004 0.006 0.008 0.01 0.012 0 50 100 150
o x
P ] =
E g
g " 5
§ 6 § —e—L=4m
g 0 £ s
= =
2 10 ® L=7m
—x—L=10m
12 L 12
FIG. 1. Relation between axial FIG. 2. Relation between pile axial
displacement and pile length forces and pile length

It is shown in Fig 1 with the increase of the shaft length, the displacements of the
shaft decrease sharply. Given the same depth, the longer the shaft, the smaller the
displacement of the shaft will be. This proves the availability of reducing the pile
upward displacement by embedding the shaft at deeper subgrade. However, the
embedded depth of pile is not suggested to be unlimited since it would be a waste of
budget. Actually, the embedded depth should obey to exceed some critical depth. In
our simulation in Fig.1, for the pile with 10m length (2.5 times of influenced depth),
the pile-top upward displacement is 4.5mm, being 1/5 of the surface soil heave of 2cm.
Even for the soil heave up to 10 cm, the pile-top upward displacement is 2cm which is
still small enough in safety scale. It is close to the findings by Poulos and Davis (1980)
that the critical embedded depth for pile shaft into subgrade is recommended to be, at
least, 3 times of the expansive influence zone. The axial forces of the shaft would
increase as the shaft length increase and the increments keep rising from the pile-top
to the tip where the biggest increments occur. Meanwhile, for free pile without applied
load, the maximum axial force stay around the middle of the shaft.

Effect of Pile Diameter

The parameters for the calculating model are like follows: pile length L = 10m, pile
diameter are 0.2m (0.02L), 0.28m(0.028L), 0.44m(0.044L), 0.6m(0.06L) and 1m(0.1L),
respectively. Influenced depth /p= 4m, upward topsoil movement so= 0.02m and no
loads on pile-top. The calculated displacement and axial force along the pile shaft are
seen in Fig.3 and Fig.4, respectively.
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Fig 3 presents that the shaft displacements with various diameters intersect in a
neutral point (the section where upward force is equal to downward force). It is clear
seen increasing pile diameter could be helpful in reducing pile-top upward
displacements. The diameters’ effects on pile-top upward movements are also plotted
in Fig 5 which suggests an approximate steady trend occurs once the diameter exceeds
a critical value. In this simulation results (Fig. 5), the pile-top upward displacements
only reduce by 10% from increasing d = 0.045L to d = 0.1L, which means d = 0.045L
is around the critical diameter and the diameters exceeding 0.045L have little effect on
reducing the pile-top displacements. This critical value is close to 0.03L proposed by
Poulos and Davis (1980). As for axial force situation, it can be seen in Fig. 4 that
increasing pile diameters could increase pile axial force and the biggest increments
occur around the middle part of the shaft, then the increments decrease along the top
and the tip of the pile till to be zero at the two ends of the shaft; On the other hand,
increasing the diameter causes maximum axial shaft force to increase, which is
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presented in Fig 6.
Effect of the Loads on Pile-top

The parameters for the calculating model are like follows: pile length L = 6m, pile
diameter d = 0.2m, Influenced depth 4p= 4m, upward topsoil movement is 0.02m, and
loads on pile-top are 10kN, 127kN, 205kN and 400kN, respectively. The calculated
displacement and axial force along the pile shaft are seen in Fig.9 and Fig.10,
respectively.
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FIG. 9. Relation between axial FIG. 10. Relation between pile axial
displacement and pile length forces and pile length

In Fig 9, the upward displacements of the shaft tend to decrease till zero with the
increase of loads at pile-top. After that, settlements start to occur and become bigger
and bigger as the loads continue to increase. Poulos and Davis (1980) proposed that
the loads for stopping the upward movements of the shaft need to be, at least, half of
the maximum swelling tensile force of the expansive soils. Actually, this is a particular
conclusion suitable for the pile with the length of twice of influenced depth, and
however, as for other pile of different length and influenced depth, the conclusions are
different. In this simulation of pile with length L = 6m and influenced depth /= 4m in
Fig 10, only the applied load at the pile-top achieves 205kN, does the shaft settlement
appears. Compared with the maximum swelling force of 80kN in this situation, the
ratio of applied load to the swelling force is 2.5 that is the least loads ratio for stopping
the upward movements of pile. Reasonably, the ratio will change if the pile length
and/or influenced depth change. It is also presented in Fig.10 that the pile-top is
subjected to compressed pressures which decrease along the shaft to the tip when
loaded. The increments of compressed pressures reduce from the pile-top to pile-tip.

Effect of the time

Time-dependent behavior of pile in expansive soils is more complicated than other
aspects listed before. The key problem is to ensure the deformation law of the soil that
are close to the pile and then calculate the pile axial force and deformation based on
pile-soil interaction differential equation. In our previous work (Zhang et al., 2007),
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the author studied the heave relation to time of the pile-surrounded soil as presented in
Equation (4):

o .o B
e — -z,
s(z,t) = hy 0<z<h,
0, z>h,

@)
where, s(z,f) refers soil heave at various depth; 4 and Bare fitting parameters; /4o
influenced depth.

Repeating the derivation work (from Equation 15 to 24) in reference Fan et al.
(2007), the time-dependent behavior of pile could thereby obtained.

The parameters for the calculating model are like follows: pile length L = 6m, pile
diameter d = 0.2m, influenced depth /y= 4m, time are 60.9/4,180.7h, 300.5h, 480k
respectively. 4 and B are referred in Zhang et al. (2007), being 6.8634 and 0.027,
respectively. The calculated displacement and axial force along the pile shaft are seen
in Fig 11 and Fig 12, respectively
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FIG.11. Relation between axial FIG. 12. Relation between pile
displacement and pile length axial forces and pile length

Fig.11 presents the shaft displacements increase with irrigation in proceeding. The
displacement increments of the shaft keep reducing at same time interval as the time
pass by. It means the pile displacements trends to be stable as the soil swelling trends
to be stable. In Fig.12 the longer the time of introduction of water, the bigger the axial
force will be and the biggest incremental forces locate around the middle of the shaft.
The increments of axial forces decrease along the two ends of the shaft until zero. At
same time interval, the increments of axial forces reduce as well, trending to be zero as
soil swelling is close to being stable.

CONCLUSIONS
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1) Increasing pile length may decrease the upward shaft displacement but if too long,
the soil swelling-induced tensile force for a pile might increase too big to be safe. In
this simulation work, minimum pile length is suggested to be 2.5 times of influenced
depth

2) Piles with small diameter (d = 0.045L) under influenced depth are able to
effectively reduce the upward shaft displacement; however, diameters exceeding
0.0045L have little effect on decreasing shaft displacement.

3) Loads for stopping the upward pile movements depend on different pile length
and influenced depth, which is some ratios of maximum swelling force. Thus, the ratio
might be 0.5 suggested in Poulos and Davis (1980) or 2.5 in this simulation example.

4) As irrigation proceeds, the upward shaft movements and axial tensile force keep
increasing while the increments of the both are less and less at the same time interval,
and trend to be zero when soil swelling tends to be stable.
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