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Preface

This Geotechnical Special Publication (GSP), along with its eight companion
volumes, contains selected papers from the GeoHunan International Conference:
Challenges and Recent Advances in Pavement Technologies and Transportation
Geotechnics held in Hunan, China on August 3 to 6, 2009. The conference was
hosted by Changsa University of Science and Technology. This pavement and
geotechnical conference was endorsed by a number of leading international
professional organizations. This conference provided a showcase for recent
developments and advancements in pavement and geotechnique and offered a forum
to discuss and debate future directions for geo—engineering in the 21st century.
Conference topics covered a broad array of contemporary issues and design and
construction techniques for professionals involved in roadway pavement,
geotechnical, geoenvironmental, and geomechnical disciplines.

The conference received 320 full papers from over 30 countries. All 320 full
papers were peer-reviewed, and about 249 papers were accepted through a rigorous
peer review process that were presented in 18 presentation sessions and six poster
sessions, in addition to three invited keynote presentations. This GSP included 27
papers in the following five topics:

Advances in Unsaturated Soil, Seepage, and Environmental Geotechnics
Geosynthetics

Geo-environmental Engineering

NDT Testing of Infrastructure Materials, and

Bridge Approach Embankment

The editors would like to expression their appreciation for having been
provided opportunity to be a part of the conferences’ organization, and hope this
proceeding will be useful to the geotechnical and pavement engineering community
for many decades to come.

vii



This page intentionally left blank



Contents

Advances in Unsaturated Soil, Seepage, and Environmental Geotechnics

A Comparison of Total Suction Measurements with Thermocouple

Tong Qiu and Wei Chen

Energy Approach

Damage Model

and Xiao-Qiang Yan

Geosynthetic Reinforcing Technique

Sao-Jeng Chao

Pile-Supported Embankments

Sections Reinforced by Geogrid

Guoyuan Chen

Test Dimensions

Psychrometer, Filter Paper Technique, and Chilled-Mirror Device 1
Daniel Mabirizi and Rifat Bulut
Probabilistic Analysis of Finite Strain Consolidation with Stochastic Soil
Compression Index and Hydraulic Conductivity 7
Remarks on Constitutive Modeling of Unsaturated Soils 13
Xiong Zhang, Liangbiao Chen, and Lin Li
Swelling Behavior of Compacted Cohesive Soils—An Absorbed
20
Zhongjie Zhang, Mingjiang Tao, and Mehmet T. Tumay
Gradient-Dependent Damage Constitutive: The Second-Order Gradient
26
Bing Zhao, Ying-ren Zheng, Ming-hua Zeng, Xue-song Tang,
Analysis of Two-Dimensional Consolidation of Unsaturated Soils 33
Xue-shan Cao and Zong-ze Yin
Geosynthetics
Improving Bearing Capacity of Shallow Foundations on Weak Soils Utilizing
40
Micromechanical Analysis of Soil Arching in Geosynthetic-Reinforced
47
Anil Bhandari, Jie Han, and Fei Wang
Large Physical Modeling to Optimize the Geometrical Conditions
of Geotextile in Reinforced Loose Sand 53
S. Shahaboddin Yasrobi, S. Mustapha Rahmaninezhad,
and S. Farhad Eftekharzadeh
A Research on the Dynamical Characteristics of Road-Bridge Transition
60
Numerical Modeling of a Reinforced Embankment Based on Centrifugal
68
Jian-Feng Chen, Song-Bo Yu, and Jie Han
Granular Lightweight Fill Composed of Sand and Tire Scrap 78

An Deng and Jin-Rong Feng

X



Geo-Environmental Engineering

Large Direct Shear Test Apparatus for In Situ Testing of Municipal Solid
Waste Landfill Sites

Construction of the Express

Liaqat Ali, Sarfraz Ali, and Ammar Magbool %
Feasibility Analysis for the Ecological Sustainability of Engineering

Tung-Tsan Chen, Yao T. Hsu, and Chun-Yuan Wang 2
Ant Colony Optimization Algorithm for Vertical Alignment of Highways...........cccucuceeee. 99

Kun Miao, Liang Li, Xiao-Li Yang, and Yuan-Yuan Huo
Application of Analytic Hierarchy Process to Slope Greening Design .........c.ceuee. 109

Fang Wang, Fei Chen, and Yingying Cheng

NDT Testing of Infrastructure Materials

Using Ground Penetration Radar Techniques for Roadway Structure

Safety Evaluation
Dar-Hao Chen, Andrew Wimsatt, and John Bilyeu

Visualizing 3-D Internal Soil Deformation Using Laser Speckle
and Transparent Soil Techniques

Jinyuan Liu

Experimental and Theoretical Studies on (Relative) Permittivity
of the Tunnel Lining

Yan-xi Gao and Xia Li

A Review on GPR Applications in Moisture Content Determination
and Pavement Condition Assessment

116

123

129

138

Can Chen and Jie Zhang

Non-Destructive Impedance Spectroscopy Measurement
for Soil Characteristics

Sarah E. Pluta and John W. Hewitt

Ultrasonic Pulse Velocity Tests on Compacted Soil

144

150

David M. Weidinger, Louis Ge, and Richard W. Stephenson

Characterization of Early Stage Concrete by Ultrasonic Method...........cccceeeeueenee

Yan Liu, Bin Zhang, Xinbao Yu, and Xiong (Bill) Yu

Measuring Dielectric Constant in Highly Conductive Soils Based
on Surface Reflection Coefficients

Renpeng Chen, Wei Xu, Yunmin Chen, and Wei Chen

Comparison of Surface Wave Tests for Pavement System Thicknesses/Moduli

Larry D. Olson and Patrick Miller

Bridge Approach Embankment

Solving the Problems of Differential Settlement of Pavement Structures
in the Bangkok Area

Titi Paveenchana and Manoon Arayasiri

Contribution of Loamy Soil Treatment to Improve
Embankments Performance

156

166

174

180

186

Régis De Bel, Antonio Gomes Correia, and Jean-Claude Verbrugge



Indexes
Author Index 193
Subject Index 195

Xi



This page intentionally left blank



A Comparison of Total Suction Measurements with Thermocouple
Psychrometer, Filter Paper Technique and Chilled-Mirror Device

Daniel Mabirizi' and Rifat Bulut?, M. ASCE

!Graduate Student, School of Civil and Environmental Engineering, Oklahoma State University, 207
Engineering South, Stillwater, OK 74078 USA

Assistant Professor, School of Civil and Environmental Engineering, Oklahoma State University, 207
Engineering South, Stillwater, OK 74078 USA; rifat.bulut@okstate.edu

ABSTRACT: Soil suction is one of the most important parameters describing the
moisture stress condition of unsaturated soils, and its measurement is equally
important for realistic applications of unsaturated soil mechanics. The thermocouple
psychrometers, filter paper method and chilled-mirror device are three soil suction
measurement techniques that have found their places in describing the behavior of
unsaturated soils in geotechnical engineering practice. However, as it is inherent with
all the suction measurement methods there are still difficulties and uncertainties
associated with these soil suction measurement techniques. In this paper, the filter
paper, chilled-mirror psychrometer, and thermocouple psychrometer methods are
evaluated and compared based on some recent observations and test results. These
methods are used to measure total suctions of some high plasticity clay soils under
very strict temperature control conditions. From the test results, the capabilities and
limitations of the three methods are analyzed.

INTRODUCTION

In general, soil suction refers to the measure of the free energy or negative stress in
the pore water. The soil suction measured in terms of relative humidity is called total
suction (Fredlund and Rahardjo 1993). This implies that total suction can only be
measured indirectly by calibrating the suction devices against the relative humidity at
thermodynamic equilibrium. In this paper, the calibration and characteristic curves for
the filter paper, chilled-mirror psychrometer and thermocouple psychrometer methods
are assessed, and used to describe the moisture-suction relationship in the soil sample.
There are several devices available for measuring total suction. These devices vary
widely in terms of range of measurement, accuracy, precision, and reliability. This
paper makes a comparison of the filter paper, thermocouple psychrometer and chilled-
mirror psychrometer for total suction measurements of various high plasticity clays.
Since total suction measurements are highly temperature dependent, all soil testing
was performed in a temperature controlled laboratory.
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MATERIALS AND METHODS
Filter Paper Technique

The “non-contact” filter paper technique is used to measure total suction. The filter
paper covers a wide range of suction measurements, as depicted in Figure 1. The filter
paper discs estimate soil suction indirectly by measuring the amount of vapor moisture
transferred from an unsaturated soil specimen to an initially dry filter paper. Basically,
filter papers come to water vapor equilibrium with soil having a specific suction.
Schleicher & Schuell No. 589—White Hard (WH) filter paper discs were used in this
research study.

Prior to total suction measurements, filter papers are calibrated to determine the
relationship between equilibrium water content and relative humidity using salt
solutions of known osmotic potential, usually sodium chloride (NaCl) and potassium
chloride (KCl). Filter papers in dry condition are suspended over known
concentrations of salt solutions corresponding to the range of interest in sealed
containers at constant temperature. The minimum equilibration period is generally at
least two weeks. The equilibrium water content is measured and plotted against total
suction for each salt concentration to define the wetting calibration curve. The
calibration curve shown in Figure 1 developed by Bulut et al. (2002) for the Schleicher
& Schuell No. 589—White Hard (WH) filter paper was employed in this study.

For the non-contact technique, a dry filter paper was suspended above a soil
specimen in a sealed container for water vapor equilibrium between the filter paper
and the soil specimen at a constant temperature. Equilibration period was at least
seven days, but not more than ten days, for soil total suction measurements in this
study. Having achieved equilibrium condition, the filter paper is removed and water
content of the filter paper determined as quickly as possible. The calibration curve was
thereafter used to determine total suction.

6
Schleicher & Schuell No. 589-WH Filter Papers
5+ Ttm = -8.2414w + 6.3662
R? = 0.9899
41 (h > 2.5 pF)

Sensitivity Starts Below 2.5 pF|/'

NaCl Salt Solutions,
Equilibrium Period: 21 Days,
Equilibrium Temperature: 25°C
O T T

0.1 0.2 0.3 0.4 0.5 0.6
Filter Paper Water Content, w

N
I

Total Suction, h, pF
w

RN
I

FIG. 1. Wetting filter paper calibration curve (Bulut et al. 2002).
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Chilled-Mirror Psychrometer

In this study, the WP4 Dewpoint PotentiaMeter from Decagon Devices was adopted
for the chilled-mirror technique total suction measurements. Basically, the instrument
has an enclosed sample chamber which contains a mirror, a Peltier thermoelectric
cooler, and a photodetector cell. The WP4 works on the premise that at equilibrium
the water potential (total suction) of the air in the chamber is the same as the water
potential (total suction) in the sample (WP4 Operator’s Manual — Version 4, 2003).
Water vapor from the soil specimen is allowed to condense on the mirror and a
photoelectric cell is used to detect the exact point at which condensation first appears
on the mirror. The thermoelectric cooler is used to control temperature of the mirror.
The WP4 then displays the final water potential and temperature of the sample.

The WP4 user manual suggests that a one point calibration (accuracy) check is
performed prior to soil suction measurements using a potassium (or sodium) chloride
salt solution at 4.36 pF suction. However, a full characteristic curve was developed for
the WP4 device used in this research study, in order to assess the accuracy of the
equipment over a very wide suction range, as shown in Figure 2. Figure 2(a) shows a
very wide suction range, while Figure 2(b) depicts the sensitivity of the WP4 device at
low suction levels. The characteristic curve was obtained using sodium chloride salt
solutions from very low to very high concentrations. The water vapor equilibrium was
reached within a few minutes during the development of the characteristic curve.

55

545 "

§ 3.5

ﬁ .! + Measured (NaCl)
525 — Theoretical (NaCl)
Pk I

0.000 0.500 1.000 1.500 2.000 2.500 3.000
Salt Molality (m)

FIG. 2(a). WP4 characteristic curve.

L 5

o

Z 45

o 4 i

T35 4+ 3 —+— |

@ 3l —H0 7
o5 / : « Measured (NaCl) |
g 2 /: . — Theoretical (NaCl) -
815 ‘ : | 1

0.000 0.050 0.100 0.150 0.200 0.250 0.300
Salt Molality (m)

FIG. 2(b). Lower portion of WP4 characteristic curve in Figure 2(a).
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Small pieces of soil specimens obtained from Shelby tube samples were employed
for total suction measurements using the WP4 device. The soil samples and WP4
device were kept at the same location for at least several hours for temperature
equilibrium prior to the testing. The sample cups were quickly filled approximately
halfway with soil specimen and closed tightly with their lids to minimize drying of the
specimen. The cups with the soil specimen inside were placed on top of the WP4
device for further temperature equilibrium for about 5 minutes. After that, the total
suction measurements were performed immediately. Equilibration of soil specimens
was achieved within 5 minutes within the WP4 device. In this study, four specimens
were taken from each soil sample and each specimen was measured twice and the
results obtained from each sample were averaged.

Thermocouple Psychrometers

Thermocouple psychrometers measure the relative humidity in the air phase of the
soil pores or the region near the soil (Fredlund and Rahardjo 1993). The thermocouple
psychrometers used to measure soil suction in this research study were from Wescor
Inc. and had stainless screen shields. The soil psychrometers were connected to a
microvolt datalogger from Wescor Inc./Cambell Scientific Inc.

The psychrometers were calibrated at relative humidity values corresponding to total
suctions of pF 3.67, 4.14, 4.37, 4.52, 4.63, and 4.68 by immersing the psychrometers
in sodium chloride (NaCl) salt solution in a sealed container under controlled
temperature conditions of 25+0.1°C. A calibration curve was developed for each
psychrometer (Figure 3) defining the relationship between the thermocouple microvolt
outputs and known total suction values of the NaCl solutions. Equilibration of soil
psychrometers is achieved in one hour.

50

T 40 -
8 y = 2.3404x - 0.1473/
S30

g /
£ 20 / + Measured —
@ 10 — — Calibration —|
0 T

0 5 10 15 20 25
Microvolts (uV)

FIG. 3. Typical calibration curve for a single thermocouple psychrometer.

Thermocouple psychrometers were used in laboratory for unsaturated soil diffusion
coefficient measurements. For each test, two small holes were drilled at specified
locations into the side of a Shelby tube soil specimen and two psychrometers were
buried in the drilled holes to measure total suction over a given period of time. These
holes and the whole soil column were sealed to prevent loss or gain of moisture. The
soil specimens were placed in a water bath to control temperature environment of the
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sample. Typically, the test was run from four to about seven days. A detailed
description of the unsaturated soil diffusion coefficient measurements can be found in
Bulut et al. (2005).

RESULTS AND DISCUSSIONS

The comparisons of the three different suction measurement methods (i.e., the filter
paper (FP), thermocouple psychrometer (TP), and chilled-mirror psychrometer (WP4))
were based on the suction results obtained from the unsaturated soil diffusion
coefficient measurements. Soil suction measurements were performed on soil samples
with physical properties summarized in Table 1. Table 2 shows the results obtained
from total suction measurements obtained from the three total suction techniques
being compared.

Table 1. Physical Properties of Soil Samples

. Atterberg Limits % Finer Than U.S. Sieve No.
B;'(',"'g Depth LL PI 2 200
(ft) (%) (%) (%) (%)
1 4 52 32 100 97
2 1 91 46 100 93
3 8 93 57 100 94
4 6 77 48 100 94

Table 2. Total Suction Test Results

Boring Sample *WP4 Total *FP Total ‘P
No. Depth Suction Suction  Total Suction Drying Time

(ft) (F) (pF) (PF) (min)

1 2-4 4.06 3.56 3.97 1370
6-8 4.26 4.09 4.23 990

2 2-4 415 4.02 4.37 2300
8-10 4.23 4.15 4.08 790

3 0-2 3.71 2.84 418 2560
10-12 4.08 3.52 3.81 620

4 6-7 4.38 4.22 4.55 3450
9-11 4.22 3.97 4.09 1150

*WP4, *FP, and *TP is chilled-mirror, filter paper, and thermocouple
psychrometer respectively

Results in Table 2 are evaluated based on the range and accuracy of the three suction
measurement methods in Bulut and Leong 2008. Recent research studies on the filter
paper method (i.e., Houston et al. 1994, Leong et al. 2002, Bulut and Wray 2005)
demonstrates that if a consistent and well-maintained laboratory testing protocol is
followed, the filter paper technique can be a very reliable method. The results in Table
2 are also in agreement with this statement, when the filter paper results are compared
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with the results from the thermocouple and chilled-mirror techniques.

Total suction measurements were performed on the same Shelby tube soil specimens
using the WP4 and FP methods. The WP4 measurements were performed before the
specimen was setup with the FP and after the FP has reached suction equilibrium with
the soil, which was at least one week. An average value of the two WP4 measurements
was taken for comparison. There was no significant difference between the two
measurements. As shown in Table 2, the FP results are consistently lower than the
WP4 measurements. From the same Shelby tube, a soil specimen was prepared for
diffusion coefficient measurements using thermocouple psychrometers. The diffusion
test soil specimen was exposed to laboratory environment (relative humidity of about
60%) for drying under certain boundary conditions (Bulut et al. 2005). The last two
columns in Table 2 depict the drying times and corresponding total suction results at
the end of those drying periods. An evaluation of the results in Table 2 shows that
suction measurements below 4 pF using the WP4 device should be very carefully
scrutinized for their validity. For instance, the first row in Table 2 gives a TP reading
of 3.97 pF after 1310 minutes of drying period, as compared to 3.56 pF from the FP
and 4.06 from the WP4 device. When the FP results are used as a reference point, it is
very likely that the soil specimen was at a suction of 3.56 pF. The TP measurement
after 1310 minutes confirms that the soil was at a lower suction than 3.97 pF.
However, the WP result of 4.06 pF is very high as compared to both the FP and TP
measurements. This analysis can be carried out for other measurements in Table 2.

The difference in suctions was much less at high suction ranges providing more
reliable total suction estimates. The filter paper technique is low cost and measures
almost the entire range of total suction. If good laboratory protocol is established it
provides very reliable total suction estimates compared to the WP4 and thermocouple
psychrometer.
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ABSTRACT: A probabilistic analysis of the effects of stochastic soil compression
index and hydraulic conductivity on one-dimensional finite strain consolidation is
presented. Random field simulation and finite strain consolidation are combined to
perform Monte Carlo simulations. Parametric study on the effect of the standard
deviation of the stochastic soil properties on output statistics relating to total
settlement and consolidation time is conducted.

INTRODUCTION

In geotechnical engineering practice, consolidation and settlement analysis for
embankments on soft clay is generally deterministic in that the soil properties used are
assumed to be average values determined from laboratory testing of soil samples. To
account for soil variability in the field, engineers often make conservative assumptions
regarding the soil properties based on their experience and engineering judgement.
This practice may lead to unreliable and uneconomical designs. The objective of this
paper is to provide more rational analysis for embankments on soft clay based on
probabilistic analysis of finite strain consolidation.

In this paper, the effects of stochastic soil compression index and hydraulic
conductivity on 1-D finite strain consolidation are presented. Karhunen-Loeve (K-L)
expansion is used to generate the random fields in which spatial correlation is
considered. The random field simulation and 1-D finite strain consolidation analysis
are combined to perform Monte Carlo simulations. Parametric study on the effect of
the standard deviation of the stochastic soil properties on output statistics relating to
total settlement and consolidation time is conducted.

FINITE STRAIN CONSOLIDATION MODEL

A 1-D finite strain consolidation code CS2 was used in this study (Fox and Berles
1997, Fox 1999). CS2 is a piecewise-linear numerical model for large strain
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consolidation. The problem geometry is shown in Fig. 1. A saturated compressible
clay layer has initial height /, and is assumed to be in equilibrium under an effective
overburden stress ¢, and its own self-weight. The specific gravity of solids G, is
constant for the layer, and the initial distribution of pore water pressure is hydrostatic
(i.e., zero excess pore pressure throughout). The compressible layer is modeled as a
vertical column of R, =101 elements, each having a central node and constant initial
thickness. An instantaneous vertical total stress increment of Ag is applied to the layer
at time 7 =0. At some later time 7, the height of the layer is H,. Values of void ratio
e and hydraulic conductivity £ for the elements are updated at each time step, as are
the positions of the nodes with respect to a fixed Eulerian coordinate system. Fig. 2
shows the log-linear constitutive relationships for the clay layer. Values of the initial
void ratio and hydraulic conductivity at the midheight of the layer are e, and k,,

respectively.

PEABENARSERABRUR AR

FIG. 1. Problem geometry

(b)
1
e Ci
el)
k()
logo, logk

FIG. 2. Constitutive relationships for compressible layer:
(a) compressibility; (b) hydraulic conductivity

The CS2 model is dimensionless such that solutions are independent of H, and
the absolute magnitude of k. For example, ¢, is normalized as ¢, =q,/(H,7,), Aq
is normalized as Aq” = Aq/(H,y,), k is normalized as k" = k/k, , settlement § is
normalized as S” =S/H, , and ¢ is normalized as " =k ¢/H, , where ¥, is the unit

weight of water. A dimensionless solution for a given problem can be obtained once
the boundary drainage conditions, soil properties, and loading conditions are specified.
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SIMULATION OF RANDOM FIELD

The spatial variation of soil properties can be decomposed into a smoothly varying
trend (or mean) function 7'(z) and a fluctuating component w(z) as follows (Phoon
and Kulhawy 1999):

Y(z)=T(z)+w(z) 1

where Y is the in situ soil property, and z is the depth. The fluctuating component
w(z) represents the inherent soil variability. In this paper, the soil compression index
C.(z) and hydraulic conductivity k(z) are treated as stochastic with the trend function
being deterministic while the fluctuating component being random. The trend function
of C, is assumed to be constant with depth and this assumption is generally valid for
normally consolidated (NC) soft clay (see Fig. 2a). The trend function of k is
assumed to have a log-linear relationship with void ratio (see Fig. 2b). Since the void
ratio decreases with depth for NC clay, the trend function of £ decreases with depth.
The random fluctuating components of C, and k& are assumed to follow lognormal

distributions (Gui et al. 2000, Baecher and Christian 2003). Thus, the detrendedIn C,

and Ink are normally distributed.
To account for the spatial correlation of soil properties in z direction, the
covariance function C(z,,z,) of the detrended InC. or Ink is assumed to be in the

following form (Gui et al. 2000),
CP(ZI5ZZ)=O-12° eXp(_‘Zl _Zz‘/dp) 2)

where P denotes the spatially random functions InC, or Ink, d, is the correlation

length d of P in z direction, and & is the variance of P. The correlation lengths of
InC, and Ink are assumed to be the same. The random fields of InC, and Ink are
simulated using K-L expansion. The detailed procedures of K-L expansion for the

simulation of stochastic processes are well documented in literature (e.g., Phoon et al.
2002) and are not presented herein.

MONTE CARLO SIMULATION

Finite strain consolidation analysis (i.e., CS2) and random field simulation are
combined to perform Monte Carlo simulations. One realization of the Monte Carlo
simulation consists of the following four steps.

(1) Random field of C, in the soil column is first generated using K-L expansion.

(2) Initial calculation in CS2 is performed to obtain the initial distribution of void

ratio and effective stress.

(3) Random field of initial £ in the soil column is generated. The trend function of

k is determined based on initial void ratio in step (2) and Fig. 2b. The
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fluctuating component of & is obtained using K-L expansion.
(4) Finite strain consolidation is performed using CS2. The compression index C,

for a given element remains unchanged after step (1) during the consolidation,
while k& is updated at each time step based on a constant C, and Fig. 2b.

Five hundred realizations are generated by repeating steps (1) through (4). Output
quantities of interest from these realizations are analyzed statistically.

PARAMETERS AND SIMULATION RESULTS

Parameters used in the analyses are discussed in this section. For simplicity, G, is

assumed to be 2.7. This value is considered representative of most inorganic clays
(Fox 1999). The initial void ratio (at midheight) of clay layer is assumed to be 1.5,
which is representative of many soft clays. The value of C, for many natural soft clay

deposits is approximately equal to half of the initial void ratio (Mesri et al. 1994).
Thus, C, is calculated as C, =e,/2=0.75. The ratio of C,/C, falls between 0.5 and

1.0 for many natural clays (Fox 1999). Thus, the mean value of C, is assumed to be
equal to C,. A normalized correlation length (d/H, ) is assumed to be 0.1. Since the

correlation length for many soil properties in vertical direction is on the order of 1 m
(Phoon and Kulhawy 1999), the assumption of d/H, =0.1 corresponds to an initial

thickness of the clay layer on the order of 10 m. The normalized initial effective
overburden stress ¢, and total vertical stress increase Aq" are assumed to be 1.0 and

5.0, respectively. For parametric study, 0.05, 0.1, and 0.2 are used for o, (standard
deviation of detrended InC,), and 0.2, 0.4, and 0.8 are used for o, (standard
deviation of detrended In k).

1

08 F 08 F
0.6 0.6
S >
% Random % ——Random
04 === Mean 04t 00 = Mean
02F 02 F
(a) (b)
0 0
0.7 0.75 0.8 0.85 0 0.5 1 1.5 2 2.5
C, K,

FIG. 3. Profiles of random C_ and normalized & (o,,. =0.1, g,,, =0.4)

Fig. 3 shows the profile of C, and normalized k for a realization based on

Opc, =0.1 and o,,, =0.4. The spatially correlated fluctuation of the random soil
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properties around their mean/trend values (also shown in Fig. 3) is clearly
demonstrated in Fig. 3. Table 1 shows the effect of variability of C, on the statistics of
final settlement S”. Table 1 indicates that as the variability of C, increases (Oc.

increases from 0.05 to 0.2), the coefficient of variation COV (i.e., o/u ) for the final

settlement also increases. However, the mean values of the final settlement for the
three cases considered are close to the deterministic value (i.e., 0.2037) based the
average value of C, (i.e., 0.75). Fig. 4 shows the histogram of final settlement for the

case of 0}, =0.2. Table 2 demonstrates the effect of variability of C, and & on the

statistics of consolidation time. The deterministic values of #y,, #;,, and f,, based on
the average values of C, and &k are 0.00148, 0.00600, and 0.01736, respectively.

Table 2 indicates that COV for the consolidation time increases rapidly as uncertainty
of k increase (i.e., 0, increases), however, it is relatively insensitive of the

uncertainly of C,. The influence of uncertainties of C, and &k on consolidation time is

more pronounced at early times than later times. The mean values of consolidation
time deviates from the deterministic values as uncertainties of C, and k increase.

Table 1. Effect of Variability of C, on Final Settlement

o Deterministic Statistics of Probabilistic Values of S~
e Value of §" u - Cov
0.05 0.2040 0.0042 2.1%
0.1 0.2037 0.2050 0.0088 4.3%
0.2 0.2076 0.0171 8.4%
30 - 100%
70 + [ Frequency
60 4 —o= Cumulative T 80%
» 07 1 60%
=
% 40 +
= ol T 40%
20 +
+20%
10 1
04 F 0%

T OT QWO YO0 O~ A% @M% @m
DR R R e R B - - S R R s R S A A R
- = = = = = = = = A a8 d000dS A
S - T R R R e I R I = T B B O I - =T =

Normalized Settlement (S/H )

FIG. 4. Histogram of final settlement (o,,. =0.2)
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Table 2. Effect of Variability of C, and % on Consolidation Time ¢’

. e O, =02 o, =04 o, =0.8

’ H Cov H Cov H Cov
f 0.00150 | 12.0% | 0.00155 | 23.6% | 0.00174 48.8%
oo 0.05 0.00612 10.5% | 0.00635 | 20.3% | 0.00741 42.9%
I 0.01777 | 102% | 0.01852 | 19.3% | 0.02215 41.2%
o 0.00152 | 14.0% | 0.00157 | 243% | 0.00178 53.8%
oo 0.1 0.00620 | 12.7% | 0.00646 | 21.2% | 0.00751 44.2%
Iy 0.01802 | 12.8% | 0.01890 | 20.5% | 0.02233 41.3%
f 0.00157 | 19.6% | 0.00162 | 28.5% | 0.00183 51.6%
oo 0.2 0.00641 18.9% | 0.00667 | 26.2% | 0.00780 45.9%
50 0.01879 | 19.9% | 0.01966 | 26.4% | 0.02354 44.8%

CONCLUSIONS

The effect of spatially random compressibility index and hydraulic conductivity on
final settlement and consolidation time has been investigated using a combination of
finite strain consolidation, random field simulation, and Monte Carlo simulations.
Research indicates that the proposed method is capable of generating realistic random
field of soil properties, and may lead to more rational and reliable analysis of
consolidation of soft clays.
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ABSTRACT: More and more attention has been paid to account for the effects of
hydraulic behavior including hydraulic hysteresis on the stress—strain behavior of
unsaturated soils. Current trend is to have two elasto-plastic models for unsaturated
soils, one is for the modeling of the mechanical behavior of the soil and the other is for
the modeling of hydraulic behavior of the soil. However, few researchers have
considered the consistency between these two models. In many existing constitutive
models, main drying and wetting curves were assumed to be unique functions between
degree of saturation and matric suction for the description of hydraulic hysteresis, in
which the degree of saturation is a function of matric suction. In this paper, the
Barcelona Basic Model (BBM) is selected to discuss problems associated with such an
adoption.

INTRODUCTION

One of the first constitutive models developed for partially saturated soils was the
BBM (Alonso et al. 1990). This model was based upon the modified Cam clay model
for fully saturated soils, and was extended for unsaturated states through the
introduction of the concept of the loading-collapse yield surface. Since then there has
been an increasing interest on unsaturated soils resulting in a large amount of
theoretical developments (Wheeler and Sivakumar 1995, Cui and Delage 1996;
Bolzon et al. 1996). A review of the early constitutive models can be found in Wheeler
and Karube (1996), Delage and Graham (1996) and Gens (1996). Wheeler and Karube
(1996) pointed out that in the BBM the models for the soil structure and the water

phase were inconsistent and cannot be used for fully coupled hydro-mechanical

13
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analyses. Since then many researchers developed elasto-plastic model for unsaturated
soils in which special attention was paid to the modeling for the water phase (Vaunat
et al. 2000; Gallipoli et al. 2003; Wheeler et al. 2003; Tamagnini 2004; Sheng et al.
2004; Tarantino and Tombolato 2005). Current trend is to have two elasto-plastic
models for unsaturated soils, one is for the modeling of the mechanical behavior of the
soil and the other is for the modeling of hydraulic behavior of the soil. However, few
researchers have considered the consistency between these two models. In many
existing constitutive models, main drying and wetting curves were assumed to be
unique functions between degree of saturation and matric suction for the description of
hydraulic hysteresis, in which the degree of saturation is a function of matric suction
(Romero and Vaunat 2000; Tamagnini 2004; Wheeler et al. 2003; Sheng et al. 2004).
In this paper, the BBM is selected to discuss problems associated with the constitutive

modeling of unsaturated soils.

MODIFIED STATE SURFACE APPROACH AND THE BBM

Sheng et al. (2004) considered that all the existing models are variants of the BBM
and the BBM remains one of the fundamental models for unsaturated soils. Zhang and
Lytton (2008a and 2008b) proposed a modified state surface approach (MSSA) to
study volume change of unsaturated soils. In the MSSA, a conventional void ratio
constitutive surface is divided into an elastic surface and a plastic hardening surface. It
was found that the state surface used in the BBM consists of three surfaces as shown
in Fig.1, an elastic surface AHIF, a plastic collapsible soil surface JIFGB, and a plastic

expansive soil surface HCJI as shown in Fig.1. Their mathematical expressions are as

follows:
¢ =C, —kln p—x, In(s+ p,, ) (Elastic unloading/reloading surface) (1)
e=C,—-k,In [Hp‘” ]— A (s) In [pc ](Plastic collapsible surface) 2)
at p
e=C,—xInp—A In(s+ p, ) (Plastic expansive surface) 3)

where e = void ratio, p = mean net stress, s = suction, k¥ = slope of the unloading-

reloading line associated to the mean net stress, &, = slope of the unloading-reloading
line associated to soil suction, p, = atmospheric pressure. The superscripts “e”
represents the elastic change in the specific volume.
A(s)= l(O)[(l—r)exp(—,Bs)+r}; r = parameter controlling the slope of the virgin

compression line, £ parameter controlling the slope of the virgin compression line for
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s#0,4(0)=slope of the virgin compression line associated with the mean net stress at
saturation (s=0); pc = reference stress, A = slope of the virgin compression line

associated with soil suction, and C,, C, and Cs= constants. Note that Fig. 1 was plotted
in scale based on the real data of Case 3 in Alonso et al. (1990).

Stress Path 1: ACD(G)E
Stress Path 2: A(FG)B

FIG. 1. State surface used in the BBM (Zhang and Lytton 2006a).

The plastic hardening surface is unique and remains stationary all the time in the e-
p-s space, but the elastic surface is movable, depending on the occurrence of the
plastic deformation. The proposed MSSA was successfully used to explain the BBM

and many other unsaturated soil behaviors.
SOIL RESPONSES UNDER UNDRAINED LOADING CONDITIONS

An elasto-plastic model for unsaturated soil should be able to model any stress path
including soil responses under undrained conditions. During undrained loadings, the
stress path depends upon the internal coupling effect between the volumetric volume
change and hydraulic behavior of the soil. Discussion of undrained conditions for an
elasto-plastic model can provide some useful information regarding how the
mechanical and hydraulic behaviors are coupled together in an unsaturated soil.

Let us consider the responses of a soil to isotropic loading and unloading under
constant water content conditions as shown in Fig.2 in the BBM. Fig.2a presents the
schematic plot of the stress path. The soil sample is initially in the elastic zone at an
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arbitrary point A with an initial water content of (WGs)a. The corresponding saturated
preconsolidation stress is labeled as P, and the initial position of the LC yield curve is

LCy. An isotropic external load is applied to the soil and then immediately taken away
from the sample and the corresponding stress path is ABC and CD, respectively. The
LC yield curve is taken to a new position LC; due to soil yielding. The whole process
is so fast that there is no water drainage. For unsaturated soils, the following
relationship is always valid:
S e=wG, 4)

The water content remains constant during the whole process. From points A to B,

the soil is in the elastic region and the stress path falls on the elastic surface expressed

by Eq. 1 according to the MSSA (Zhang and Lytton 2006a and b). The degree of
saturation therefore can be calculated as follows:

(wG,), _ (vG.),

S = -
e C,-xklnp-xIn(s+p,)

»

®)

From points B to C, the soil is in the elasto-plastic region and the stress path falls on
the plastic hardening surface expressed by Eq.2. Correspondingly, the degree of
saturation can be expressed as:
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FIG. 2. Schematic soil response to undrained loading and unloading conditions.
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S — (WGS )A - (WGS )A (6)

¢ C,—k,In ST Pa —-A(s)In LL
Pu p

From points C to D, it is an elastic unloading process according to the MSSA and
BBM, and the stress path falls on a new elastic unloading surface parallel to the
surface expressed by Eq. 1. The corresponding degree of saturation is as follows:

(WGS )A — (WGS )A
e C,/'-xlnp-x In(s+p,)

S =

»

(M
During this process, there is plastic deformation. As a results, C,' in Eq.7 is less

than C, in Eq. 5, that is, C,'<C,. The changes in the degree of saturation during this

process can be calculated from Eqgs. 5 through 7. Figs.2b and 2c are the schematic
plots of variations of degree of saturation versus the net normal stress and the matric
suction during this process. Similarly, if the soil is loaded under constant water content
conditions and the shear stress is not equal to zero, the degree of saturation should be a
function of p, ¢, and s according to the BBM.

(wG.), __(vG),
S, = = 8
T T ) )

PROBLEMS IN EXISTING CONSTITUTIVE MODELS

The above discussion indicates that the degree of saturation should be a function of
both mechanical stress (including normal stress p and shear stress q) and suction s.
However, in many existing constitutive models, main drying and wetting curves were
assumed to be unique functions between degree of saturation and matric suction for
the description of hydraulic hysteresis (Romero and Vaunat 2000; Tamagnini 2004;
Wheeler et al. 2003; Sheng et al. 2004), the degree of saturation is a function of matric
suction only. As a result, these constitutive models cannot correctly model the
behavior of unsaturated soils under undrained conditions even under elastic conditions
as illustrated by Eq.4. Gallipoli et al. (2003a and 2003b) attempted to incorporate the
influence of changes of void ratio on the degree of saturation using a unique

relationship between the degree of saturation, suction, and void ratio as follows:

S, =<1+|:¢(e)w s]n}im )
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Where m, n, ¢, and i are soil constant. When Eq.4 is submitted into Eq.9, it is found

that degree of saturation is still a function of suction only during undrained conditions.

CONCLUSIONS

Based upon the discussion of soil responses under undrained loading and unloading
process in the BBM, it is found that the assumption that main drying and wetting
curves are unique functions between degree of saturation and matric suction for the
description of hydraulic hysteresis is not consistent with the volumetric behavior of
the soil. These models cannot simulate the behavior of unsaturated soils under
undrained conditions even under elastic conditions.
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ABSTRACT: Swelling characteristics of compacted cohesive soil were examined
through laboratory tests from an absorbed energy perspective. A series of samples was
prepared by a “compression procedure” in the laboratory, in which the energy or work
absorbed by tested samples was derived from recorded forces and deformations.
Swelling behavior of the compacted samples was found to correlate well with the
absorbed energy of the samples. The testing results from this study also led to a
correlation between swelling behavior and samples’ basic properties (dry unit weight
and moisture content), which will provide a quick approximation for swelling
susceptibility in the field. The factors that significantly affect swelling characteristics
of the compacted soil were also identified. Good correlations among swelling
behavior, the absorbed energy, dry unit weights and moisture contents confirmed the
viability of the absorbed energy approach in characterizing swelling aspects of
compacted cohesive soils.

INTRODUCTION

Swelling phenomena of compacted cohesive soils have caused billions of dollars of
damage to light weight structures around the world (Nelson and Miller 1997). Due to
complex mechanisms of swelling, predicting swelling potential of a certain soil still
presents a challenge to geotechnical practitioners. Many factors, such as the type and
amount of clay, dry density, initial moisture content, and soils’ suction, have been
recognized to significantly affect swelling behavior of cohesive soils. Numerous
empirical correlations have been proposed by many researchers to predict swelling
behavior. Seed et al. (1962) studied the swelling of artificial sand-clay mineral
mixtures. They observed that swelling characteristics are well correlated with the type
of clay and the amount of clay content, and an empirical relationship between swelling
potential and soils’ plastic indices was proposed. Chen (1975) and Holtz and Gibbs
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(1956) proposed their empirical correlations based on different soils and under
different surcharges. The swelling of compacted soils is essentially the consequence of
reduction in effective stress due to addition of water, thus correlating well with soils’
suction values. However, measuring suction of soil samples is even more time-
consuming than standard swelling tests in the laboratory. More research on swelling
potential of compacted cohesive soils is still needed because a better understanding of
swelling mechanism will help in seeking sound engineering measures to solve
swelling-related problems.

Zhang et al. (2005a, 2005b, and 2005c) recently examined the properties of
compacted soils through an absorbed energy approach, which is the work transferred
to soil samples from mechanical compaction. Test results on three soils with different
plastic indices indicated that good correlations exist among unconfined compression
strength (UCS), the absorbed energy, soil’s dry unit weights and moisture contents.
These successful preliminary studies encourage the application of the absorbed energy
concept to swelling behavior of compacted cohesive soils. A series of samples was
molded by using a “compression procedure”, and the standard odometer swelling tests
were performed on these samples. The results from this study are presented herein,
with an emphasis on the correlations among swelling behavior and the absorbed
energy.

LABORATORY TESTS AND MATERIALS

The soil under investigation was gathered from pavement subgrade on US 190 in
Louisiana. Soil’s basic properties are summarized in Table 1, with its specific gravity
equal to 2.69. Figure 1 shows the standard Proctor compaction curve of the soil. Its
maximum dry unit weight was 14.5 kN/m® (91.5 pef) at an optimum moisture content
0f 26.1%. The soil is then classified as CL (low plasticity clay) and A-7-6 according to
the Unified Soil Classification System and the AASHTO System, respectively.

Three sets of samples, as illustrated in Figure 1, were molded by using a
“compression procedure”. Among these samples, S-I had the same molding moisture
content, S-II had the same dry unit weight, and S-III had the same degree of
saturation. The “compression procedure” used to mold samples in this study is
illustrated in Figure 2. Specifically, an odometer ring was placed at the bottom of a
standard compaction mold. The mold was filled up to a height of 2 in. with
predetermined amount of the soil-water mixture. Then, the soil-filled mold was placed
in a load frame tester, and the soil sample is compressed to a predetermined density by
a load cell. The forces applied to the soil sample and the sample’s deformations during
this compression process were recorded by a personal computer with a data
acquisition card. A typical force-deformation curve is shown in Figure 2(d), with
which the absorbed energy by the sample can readily be calculated.

Table 1. Physical indices of tested soils
Soil Type Silt Clay LL PI G, Classification
(%) (%) (%) (%) USCS/AASHTO
Clayey silt | 60.7 28.4 46 18 2.69 CL/A-7-6
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FIG. 2. “Compression procedure” for sample preparation: (a)
compaction mold; (b) assemblage of compaction mold and odometer ring;
(c) a load frame to compress samples; and (d) a typical force—
deformation curve

After the samples were extruded from the compaction molded and trimmed, the
standard odometer swelling test was performed by following ASTM D4546 method A.
For each testing point shown in Figure 1, three duplicated samples were tested to
assure the repeatability.

TEST RESULTS AND DISCUSSION

The swelling results are presented in terms of swelling pressures and swelling
potential. Swelling pressure is the pressure value to return the specimen back its
original state after swelling. Swelling potential is defined as the change in height in
percentage of a sample’s initial height.

Linear correlations between swelling characteristics (swelling pressure and swelling
potential) and the absorbed energy are shown in Figures 3(a) and 3(b). As expected,
the more energy soil samples absorbed during the mechanical compaction process, the
higher swelling potential the soil samples will possess.
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o R2=0.8082 < R2=0.7738
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FIG. 3. (a) Swelling pressure versus absorbed energy (SPR-Swelling
Pressure) ; and (b) swelling potential versus absorbed energy (SPO-
Swelling Potential)

As suggested by Zhang et al. (2005a), the absorbed energy correlates well with soil
state parameters (dry unit weight and moisture content). Such correlations make it
possible to correlate swelling characteristics with soils’ state parameters. Based on the
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results from this study, an absorbed energy-dry unit weight-moisture content
correlation was obtained as:

AE =w™*%(0.0054y, -0.0596)  R*>=0.838 (1)
Where AE = absorbed energy in N.m; w = moisture content in decimal; and y; = dry
unit weight in kN/m”.

Then, good correlations among swelling characteristics, dry unit weight, and
moisture content were also developed, which are given by Egs. (2) and (3).

SPR = w™¥(0.0596y, —0.7135) R*=0.720 )
SPO = w™*¥(0.002y, —0.0225)+1.085 R* =0.802 (3)

Where SPR = swelling pressure in kPa; and SPO = swelling potential in percent.
There correlations are also graphically illustrated in Figures 4(a) and 4(b).
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FIG. 4. (a) Normalized swelling pressure versus dry unit weight (NSPR:
normalized swelling pressure with respect to moisture content); and (b)
measured swelling pressure versus predicted swelling pressure

From Egs. (2) and (3), it can be noted that SPR and SPO increase linearly with the
increase in dry unit weight at a constant moisture content; while these two swelling
parameters decrease nonlinearly with the increase in moisture content at a constant
dry unit weight.

It is worth mentioning that swelling pressure and swelling potential values reported
in this study were measured under a negligible amount of overburden pressures.
Therefore, swelling characteristics as well as developed regression equations are
relevant to the maximum swelling of the tested soil.

Figures 3(a) and (b) illustrate the relationships that swelling pressure and swelling
potential increase linearly with absorbed energy of the soil. However, these
relationships are constrained by an upper limit of absorbed energy or dry unit weight
of the soil during mechanical compaction, which is bounded by the zero air void line
as demonstrated in Figure 1.
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CONCLUSIONS

A series of laboratory tests were performed with respect to compacted soils’
swelling characteristics. Some conclusions are drawn as follows:

e Swelling characteristics of compacted soils (swelling pressure and swelling
potential) correlated well with the energy transferred into soils during the
mechanical compaction pressure. The absorbed energy concept provides an
alternative approach to understand swelling phenomena.

e Both dry unit weight and moisture content significantly affected swelling
characteristics of compacted soils. By using regression equations (2) and (3),
swelling characteristics can be reasonably and quickly approximated.

e The conclusions from this study are only valid for free swelling conditions
since swelling pressures and swelling potentials were measured under
negligible overburden pressures. Additional studies are under way with respect
to the influence of overburden pressures.
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ABSTRACT: When the strain tensor, the scalar damage quantity and the Laplacian
thereof serve as the state variables of Helmholtz free energy, the general expressions
of elasticity-gradient damage constitutive equations are derived directly from the basic
law of irreversible thermodynamics by constitutive functional expansion method at the
initial state. When damage variable equals to zero, the expressions can be simplified to
linear elastic constitutive equations, when the damage gradient vanishes, the
expressions can be simplified to the classical damage constitutive equations based on
the strain equivalence hypothesis.

INTRODUCTION

Since the pioneering works by Kachanov(1958) and Rabotnov(1963) for creep failure
of metals, the damage mechanics has been greatly developed and has become a most
active research area. Numerical analyses based on these local damage models,
however, are often found to depend on the mesh size. The growth of damage tends to
localize in the smallest band that can be captured by the spatial discretization. Upon
mesh refinement, the solution converges to a localization zone of zero width (in the
limit), which results in zero energy dissipation and hence the results become
physically meaningless. This non-physical behavior is caused by the fact that the
localization of damage is not consistent with the concept of a continuous damage field,
which forms the basis of the continuum damage mechanics approach. Many solutions
have been proposed to restore the objectivity of the numerical modeling and the
physical reliability of the results. The most successful regularization techniques are
based on the inclusion of the nonlocal effect. The idea of nonlocal theory, introduced
during the 1960s, is to consider the field variables to be the mean of a spatial
neighborhood of each point under consideration. Because the microstructure scale and
the internal characteristic which indicate the interaction of the microstructure are
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introduced, the nonlocal theory has unique advantage in solving strain localization and
softening. If all of the field variables in equations are treated as nonlocal, the problem
will be too complex to solve, so lots of models were improved by some scholars. A
nonlocal damage theory in which the damage energy release rate were dealt with
nonlocal average, was first proposed by Pijaudie and Bazant in 1987. An
elastic-plastic nonlocal constitutive model was proposed by Bazant and Lin in 1987,
In 1988, the variable local strain in damage parameters has been dealt through
nonlocal average by Bazant; the nonlocal stress has been dealt through spatial average,
which has been proposed by Bazant in 1994. The essential idea of above nonlocal
damage model is to subject to nonlocal treatment only those variables that control
softening, and treat the other variables as local. Because all above nonlocal damage
theory depended on empirical hypotheses, to construct a nonlocal damage model is
lack of the unity in methodology and the tightness in theory. An overall review has
been given by M lJirasek, and a successful nonlocal model should satisfy the two
fallows: the one is that the calculation results under elastics should be consistent with
the nonlocal model; the other is the solution of pole units in tension should be
consistent with actual solution.

The paper is organized in three sections. After a brief review of literatures in the
first section, the Helmholtz free energy function W, with state variables of strain
tensor, scalar damage variable and damage gradient are introduced, based on this
introduction, a general forms of gradient anisotropic damage model is derived in the
second section. In the third section, the degenerated forms of general gradient
anisotropic damage model were discussed.

ELASTICITY-GRADIENT DAMAGE BASIC EQUTION

Thermodynamics Equation
For an isothermal and infinitesimal deformation process, the Clausius-Duhem
inequation is
o &—-Y20 €))]
where o is Cauchy stress tensor, ¢; is infinitesimal strain tensor, ¥ is the Helmholtz

free energy (specific free energy) of per unit volume.

For isotropic elastic damage problem, strain tensor and damage quantity are served as
state quantities of free energy in classical damage theory. But in fact, the damage
quantity represents nothing more than statistical average microscopic breakage on a
representive element volume (REV). When damage is not very sharp in space, it is
appropriate to use the statistical average quantity instead of the reality quantity. But
damage gradient will always take place along with the inhomogeneity which always
existent. When damage is high nonlinear in REV (for example, localization occur), the
free energy state of REV will be changed with the damage gradient V>D . Therefore, in
the paper, it is natural to assume that the free energy depends on the damage gradient

V’D, as well as depends on damage quantity D and strain tensor &;. Then, ¥ can

denote as

¥ =¥(e.,D,V?D) 2)

ij?
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+—D+ 3
88 it aD ovV’D )
The substitution of Eq. (3) into Eq. (1) yields:
NG } M. OP
6, —— B —| =—D+ VD 4
[ ! ds; , ! (E)D ovV*’D ] @
The inequality (4) holds for an arbitrary value of¢;;, which require
¥
=9 5
i ®)
[y, a‘f Vzlﬂzo (6)
oD ovV:D j
Defining damage energy release rate as
o
Y=- 7
) Q)
then the inequality (6) becomes
Y| D- a]f Vzlﬂzo (®)
ovV<D y
where, aé% has dimension of length, and it reflects microstructure interactive of
material.
Let:
dD
I’ = 9
avV°D ©)
where, /* is internal characteristic length parameters . Then Eq. (8) is written as:
D-1*V?D )20 (8a)

Elasticity-gradient Damage Basic Equation
The initial damage state of a material is assumed to be &;=(g;),C;=(Cy), >

Y =Y, , where D=0 and V°D =0. The Helmholtz free energy ¥ is expanded to

Taylor’s series with respect tog,, D and V’D. The series is truncated at the second

ij 2

power of &, the N_th power of D and the first power of V°D, since g; is an

ij 2
infinitesimal variable and D is a variable with finite values(0<D<1). For elastic isotropic
damage, the expansion of V¥ is:

¥ ¥
=Y +ZC(”Dr +[av Dj V2D+ZF<‘)D e +(av D) VD M, ¢,

¥ v?
+(8V2D] D Z’H(”Dr + Cuk] €. 8k|+ ZAfJ',Z,D €€y

r=1
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r=1

where, C® and P® are scalar coefficient, Fi;”, M; and ng') are two order tensor

coefficient, Cy, A‘(J'lll, Bfi'lzl and Ny, are four order tensor coefficient. ‘t, denote

Helmbholtz free energy of initial damage state,

Let Y, the damage energy release rate of initial damage state

_(o¥
Y,= oD ), (11)

it denote the threshold value of damage energy release rate when damage take place,
W ) (oY) oD s o ¥ .
then VD =\op |, 3vep Y, /”. The substitution of VD Omto Egs. (10)
yields:
N N
Y=%,+Y,C"D" - Y, I’ V’'D+Y F'D'¢, - Y, I’ V’'D M, ¢,

r=1 r=0

-Y, > V’'D ZH‘”D €, +1 CUH ety ZA("D €€y

ijkl

—EYO I’ V’D ZB;‘;ID €€y —EYO I’ VD Ny, g6
r=1

N
- Y, ° VD Y PD" (12)
r=1
Eq. (12) is the general expressions of Helmholtz free energy. The substitution of Eq.
(12) into Eq. (5) and Eq. (7) yields:

N
c:J:{Cijkl +ZA$|Dr Y, 1> V’D ZngrnllDr - Y, I’ V’D Nijkl}gkl
= r=1

N N
DT 2 2 2 2 DT
+§E§)D -Y, I’ V’'D M, - Y, I’ VD Z:‘ng)D (13)
< 1 < 1 2 2 < 1
Y=Y, —Z{rC("D" —X(J‘Fé')rD" g;- Yo Mg, +Y, > VD Zngj”rD" g
N
+Y, ZH;F)D' €;— ZZAf;ger” g 8k1+ Y, > V’D ZB;‘; D™ g6,
r=1 r=1
+ Y, ZBff,:lDr €€y +;Y Ny €84+ Y, I VD ZP D!
r=1
+Y, ZP(”D' (14)
r=1

where the higher order terms of €, in Eq. (13) were ignored.
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Considering the irreversibility of damage, when the damaged material is unloaded
completely to initial damaged state, it is seen that 6; = (0y), » &; = (&), >

(0)=Cij (€)y> Y=Y, and D#0, V?D #0. (D may be an arbitrary positive value in
its allowable range) From Eq. (13) and Eq. (14), it is found that:
{Cukl +2ALKIDT -Y,!/ *V’D ZBS}ZID‘ -Y, I’V’D Nijkl}(skl)o
N
+2F§>D‘ -Y, > V’D M, -Y, I’V’D Y H/'D" =0 (15)

r=0 r=1
and

N N
—z’rc(r)Drl —ZFS)TDH (gg)o + Yo My (&),
+Y, I’'V’D ZH(”rD” (&)t Yo ZH“)D‘ (&)
r=1 r=1

*zAffllerrl (Su) (8k1)0+ Y, ! *V’D ZBS&]I‘D” (Sij)o(gkl)o

D 1
+ Y, ZBLI:ID (Sij)0(8k1)0+EY0 Nijk] (‘gij)o(gkl)o

N N
+Y, ’V’D Y PUD™ +Y, Y PUD =0 (16)
r=1 r=1
In a arbitrary damage state, there is
g;=(gy),tdey, 0;=(0y), +doy, (0)0=Ciu (&40 (17)
Ignoring the higher order term of de;, the substitution of Eqs.(15)-(17) into Eqs.(13)
-(14) yields

{CulirZA("D' Y1V2D213<;g,1)f ~Y, PV’D N, Jde,  (18)

ijkl

N
Y=Y, —ZFU(.‘)rD"‘ de;+Y, M, de;+Y, I°V?D Y HOD™ de;

r=0 r=l

+Y, ZH“)Dr de, +{—7ZA;‘;l D”+2 Y, I’V DZBf{erD”

r=1 r=1
+ Yo ZBLrlllDr += Y Nukl}{dgkl(gu)o +d8|](8kl)0} (19)

Eq. (18) and Eq. (19) are the general forms of gradient anisotropic damage model.
DISCUSSION

(1) When D=0, VD =0, Eq.(18) is degenerated into linear elastic stress-strain
constitutive equations, where Cy, is elastic tensor.

daij = Cijkl dey, (20)
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(2) When D#0, V’D=0 and N=1, A, =—C,,, B{\=0, N,,=0, F"=0, M,=0,
ng” =0, Egs.(18)-(19) are degenerated into the classical damage constitutive equations

based on the strain equivalence hypothesis:
do; = (1-D) Cy, de,, 21

1
Y= Yo+5 Ciu {d8k1 (&5)0 +dg; (Skl)o} (22)

(3) When D#0, V°D #0 and N=I, Afj'k’] =— Cyq> ij‘k)] ==Ciyu> Njw=Cya >
Fé”ZO, M;;=0, Hfj”:0, the simplified gradient damage equation are obtained from
Egs. (18)-(19):

do—ij = Cijkl dey, (1_D){1_YOIZV2D} 23)

1
Y=Y, + Ecijkl {dskl (aij)o + dgij (&40 }{1 +Y,(1-D- IZVZD)} (24)
CONCLUSIONS

(1) When damage gradient serve as the state variables of Helmholtz free energy, the
general expressions of elasticity-II order gradient damage constitutive equations are
derived directly by constitutive functional expansion method at the initial damage state.

(2) When damage variable equals to zero, the elasticity-II order gradient damage
constitutive equations can be simplified to linear elastic constitutive equations, when
the damage gradient vanishes, the expressions can be simplified to the classical damage
constitutive equations based on the strain equivalence hypothesis.
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ABSTRACT: It is essential to study the practicality of consolidation and simplified
approach of unsaturated soils with high degree of saturation. The water and air in the
pores can be regarded as a mixed fluid in unsaturated soils when degree of saturation
is between 70% and 95%. Mass balance, mixed fluid continuity, modified water
continuity equations are then established regarding the compressibility of the mixed
fluid in the pores. The influence of permeability and initial degree of saturation of
soils are analyzed with the new method. The conclusions are: there is a strong
interaction between the pore-air and pore-water in the consolidation of unsaturated
soils with low permeability; the degree of pore-air pressure influence on consolidation
of unsaturated soils is related to initial degree of saturation of soils.

INTRODUCTION

Infrastructure construction in China has increased tremendously as a result of the
high speed economic development since 1980s. There are many problems related to
the consolidation of unsaturated soils, such as the problems with slope stability of
expansive soils in the south to north water transfer canal and the hydraulic fracturing
in core wall of a high rock-fill dam. Therefore, it is essential to study a practical
approach for the consolidation of unsaturated soils under the influence of permeability
and initial degree of saturation.

METHODS OF CONSOLIDATION OF UNSATURATED SOILS.

The consolidation of unsaturated soils is very complex, because of the interaction
between pore-air and pore-water. The two-phase fluid, as put forwards by Fredlund
and Rahardjo(1993), established employing the pore-air and pore-water continuity
equations, can be applied for any degree of saturation. However, it has too many
variables and equations which are difficult to solve in a two-dimensional
problem(Dakshanamurthy et al.1984), making it very difficult for applications. In fact,
the consolidation method of unsaturated soils can be simplified under some degree of
saturation.

33
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(1) unsaturated soils with S,<40%. The pore-water is absorbed in soil skeleton, and
the pore-air is connected with outside. In this case, the pore-air can move freely and
the increase of the pore-water pressure is very small, and the deformation can take
place quickly under loading. Therefore, the finite element method using total stresses
could be applied to calculate the soil deformation.

(2) unsaturated soils with S, >95%. The compressibility of pore-fluid could be
ignored because there is less amount of air in the pores or the air is dissolved in water.
Therefore, the Biot consolidation theory of saturated soils could be used for
deformations.

(3) unsaturated soils with 40%< S, <70%. The pore-water is adsorbed on the soil
particles in the pore space, and the pore-air occupies the center portion of the pore
space. The pore-air has very high coefficient of permeability. Therefore, the continuity
equation is established and the pore-air pressure is dissipated quickly(Yin 2007; Ling
et al.2005).

(4) unsaturated soils with 70%< S, <95%. The pore-water could move freely. The
pore-air is occluded in the water and moves with the pore-water. Then, the water and
air in the pores are regarded as a mixed fluid with a single compressibility value, and
the fluid continuity equation is established to simplify the consolidation problem
(Chang et al.1983; Yin. et al.1998,2007; Cao et al.2008). The method with simple
consolidation equations could be applied in engineering with a few parameters. It was
originally put forward by Chang & Duncan(1983), and was improved by Yin et al. in
1998. Although there are many achievements on the method, some assumptions are
unreasonable, and the suction measurements are difficult, Fortunately, it is an
important development that water continuity equation(Yin et al.2007; Cao et al. 2008),
put forward by Yin et al., is added to calculate pore-water pressure. Then the pore-air-
pressure, and suction could be obtained. But there are still some defects. Therefore, a
more reasonable and simplified method of fluid consolidation needs to be developed
by improving the water continuity equation.

ESTABLISHING CONSOLIDATION EQUATIONS FOR UNSATURATED
SOILS

When the degree of saturation is high, the pore-water and pore-air are assumed as a
mixed fluid moving together. Continuity equation of the mixed fluid is established
using the coefficient of mixed fluid and the compressibility of mixed fluid.

Fluid pressure

The mixed fluid pressure ¥ is a weighted average of the pore-water pressure ¥, and
pore-air pressure %, through the parameter X :
”m=(]_X)"a+qu,-=”a_W: )
Then the effective stress equation can be modified as follows:
ol=ft+ P, @)
Equation (2) shows that the total stress is the sum of the mixed fluid pressure and the
soil skeleton stress.
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Pore fluid continuity equation

Considering the pore-fluid continuity equation and mass balance equation, the
displacement and mixed fluid pressure u,, can be obtained:

~la][ploJvi+[0] P, = {7}

9 L,V kyo, 1 0u, _
5{M} [a]{w}-y—mv ”’"+Bm =0 N

where {f} is the volume force, {W} is the displacement variable, ¥ is the mixed fluid

unit weight and k, is the mixed fluid permeability coefficient, B, is the volume
compressed modulus of mixed fluid.

There is an extra item in the above equations, comparing Biot consolidation
equations. Then the equations are solved by modifying Biot consolidation equation
program.

Water continuity equation

It is essential to add the water continuity equation to improve the simplified method
of fluid consolidation. This was not a reasonable assumption in the past that (1)
volume change of pore-water is only related to the change of pore-water pressure;
(2)the coefficient of pore-fluid is (2~5) times larger. In fact, the volume change of the
pore-water caused by drained water volume, is related to the volume change of the
pore and the change of degree of saturation in the process of consolidation of
unsaturated soils. Thus, the pore-water pressure is calculated and the interaction
between the pore-water and pore-air is avoided. This is another improvement in the
simplified method of unsaturated soils consolidation.

Considering the water and mixed fluid continuity equations, the new water
continuity equation is:

kg sy, @
yM‘ y”l

where Vv is the water unit weight, k, is the water permeability coefficient. Equation
(4) expresses that the volume change of the pore-water caused by drained water
volume equals the product of the drained volume change of the pore-fluid and degree
of saturation.

L u . -
Combining “~and v, the suction can be obtained:
u’ll - uw

I-x (5)

s

ANALYSIS OF UNSATURATED SOILS CONSOLIDATION

Numerical example and influence factors
Figure 1 shows an embankment 7.5 m high, constructed on an unsaturated soil depth
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of 7 m. The fill load is applied in two stages. The fill height and period for the first and
second stage are 4.5 m, 20 days, 3 m, 20 days, respectively. The computed model is
symmetric. The groundwater table is located at 5 m below tie bottom of the
unsaturated soil layer (i.e. zZ=-5m). The embankment is drained a1 the grade surface
and undrained at the bottom, The top of the embankment is drained in the process of
construction, and undrained 20 days after the completion of construction. On the
drainage boundaries, the pore-air pressure is -150kPa, and suctien is 150kPa. The
parameters of the fill are the same as that of the foundation soil, ¥ =20kN/m3, the
other Duncken-Chang model parameters of E~B are summarized in Table 1. The
initial pore-air pressure equals the atmospheric pressure. The initial pore-water

pressure depends on its location from the ground water table, i.e. = TwZ .

The node number 90 (as given in Figure 1), below the ground surface (2.5~3.0 m),
far from the boundaries of water and air pressure, is selected to observe the change of
mechanical properties.

Table 1: Parameter of of E~B of embankment

C @ K, Sro | S1 Ugp
/&Pa | /() Re [K N (K | M Koo |y | o | /o /kPa

30 | 35]07]150)03]300] 02300 08] 10° 80 | 15 | 2] 40

kz/m Symmetric

il load

i

0
¢ 5 10 15 20 25 30 x/m

Fig. 1 Computed mesh of embankment

Influence of permeability of soils

The coefficient of permeability is an important parameter to influence the pore-water
pressure and rate of dissipation in the process of consolidation of unsaturated soils.
The results of u,, u,, O, of unsaturated soils with different permeability of £,,~10
Sem/ss Kk, =10%cm/s, k,,=107cm/s in the period of construction and consolidation
are shown in Figure 2.

Figure 2(a) shows the result of u, of unsaturated soils with different permeability in
the period of construction and consolidation. The increase of pore-air pressure caused
by compression under loading is related to the coefficient of permeability. When
k=107 cm/s, the pore-air pressure is always zero, because the pore-water moves very
quickly, and the pore-air pressure is dissipated very quickly. When kys=10%cm/s, the
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pore-air pressure increases, and the pore-air pressure is dissipated quickly. When
k=10 cm/s, the pore-air pressure increases to large values, and the pore-air pressure
is dissipated slowly.

Figure 2(b) shows the result of u,, of unsaturated soils with different permeability in
the period of construction and consolidation. The increment of pore-water pressure,
raised by compression under loading, is related to the coefficient of permeability.
When k=107 cm/s, the pore-water pressure increases very quickly under loading, and
dissipates with time in the process of consolidation. Thus, the pore-air pressure is zero
and have no influence on the increase and dissipation of pore-water pressure. When
kys=10"cm/s, the pore-water pressure increases quickly under loading, and continues
to increase to highest in the process of consolidation. The pore-water pressure is
dissipated slower, and the time of consolidation is prolonged. Thus, the pore-air
];)ressure has some influence on the change of pore-water pressure. When k=10

cm/s, the pore-water pressure increases small under loading, and continues to increase
to highest in the process of consolidation. And the pore-water pressure is dissipated
slowest, and the time of consolidation is longest. Thus, the pore-air pressure has great
influence on the change of pore-water pressure.

15 10
0 o T
® 10 = k,=10"cm/'s < -10 A S
& - k,=10%nys | %= -20 ;
3 [ (S V- s=10-7cm/s- \é -30 - e k=107 emds
® -k, = 40 o k=10 ems
0 R R -50 — K, =107em/s T
-60 :
0 900 3600 8100 14400 22500 0 900 3600 8100 14400 22500
N days i/ days
(a) pore-air pressure, u, (b) pore-water pressure, u,,
250
< 200
& 150
=100
50
0

0 900 3600 8100 14400 22500

\ft /days

(c) vertical effective stress, o.

Fig. 2 Result of uy, u,, Oz, of unsaturated soils in different permeability in the
period of construction and consolidation

Figure 2(c) shows the result of 9= of unsaturated soils with different permeability in
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the period of construction and consolidation. When km:IO’Scm/s, the vertical effective
stress increases under loading and continues to increase in the time of consolidation.
When k,=10°cm/s, the vertical effective stress increases more under loading and
decrease quickly in the first and increase in the latter time of consolidation, because
some suction before loading turns into the new increment of vertical effective stress.
When kwsiloJcm/s, the vertical effective stress increases more under loading and
decrease in the first and increase in the latter time of consolidation, because some
suction before loading turns into the new increment of vertical effective stress.

Therefore, the lower the coefficient permeability is, the bigger the pore-air pressure
increases more, and the pore-air pressure has greater influence on the change of pore-
water pressure.

Influence of initial degree of saturation of soils

The degree of saturation of soils is related to the water content and ratio of soil pore
(Fredlund et al.1993). And the degree of saturation of soils depends on the the water
content when the ratio of soil pore is defined. Result of u,, u, of unsaturated soils with
different initial degree of saturation 85%, 90%, 93% in the period of construction
and consolidation are showed in Figure 3.

15 0
10 P e s
=10 e o // e
& = 5,0=85% £ -20
3 ——85,=90% _| S _a0 Y s
5 e« —ono = —— 85,5-90%
{\- $,0=93% —40 B e $,0=93%
0 : R 50 . L
0 900 3600 8100 14400 22500 0 900 3600 8100 14400 22500
N, days t ! days

(a) pore-air pressure, u (b) pore-water pressure, u,,

a

Fig. 3 Result of u,, u,, of unsaturated soils in different initial degree of saturation
in the period of construction and consolidation

Figure 3(a) shows the result of ua of unsaturated soils with different initial degree of
saturation S, in the period of construction and consolidation. When S,0=85%, the
volume of pore-air is most, and the pore-air pressure increases to the highest. When
S,0=90%, the volume of pore-air is more, and the pore-air pressure increases to the
higher. When §,0=93%, the volume of pore-air is much, and the pore-air pressure
increases to the high.

Figure 3(b) shows the result of u,, of unsaturated soils with different initial degree of
saturation in the period of construction and consolidation. When S,0=85%, the pore-air
pressure is highest, thus, the extremum of pore-water pressure is smallest and the time
of dissipation is longest. When S,0=93%, the extremum of pore-water pressure is high,



GEOTECHNICAL SPECIAL PUBLICATION NO. 189 39

but the speed of dissipation is quickest.
CONCLUSIONS

(It is essential to study practicality of unsaturated soils consolidation method to be
simplified by degree of saturation.

(2) The pore-water and pore-air can be regarded as a mixed fluid with high degree of
saturation, then the simplified method of consolidation equations is established.

(3) the influence of soil permeability on consolidation for the interaction between
pore-air and pore-water is intensified in the unsaturated soils with low permeability.

(4) the degree of pore-air pressure influence on consolidation of unsaturated soils is
related to initial degree of saturation of soils.

ACKNOWLEDGMENTS
The authors appreciate the support of the International Engineering Foundation.

REFERENCES

Cao X S., Yin Z. Z., Ling H.(2008). “Deformation and simplified computation of
unsaturated soils under compression loads.” Chinese Journal of Geotechnical
Engineering, Vol.30(1): 61-65(in Chinese).

Cao X. S., Yin Z. Z., “Simplified Computation of Two-dimensional Consolidation of
Unsaturated Soils.” Soil and Rock Mechnics (waitting).

Chang C. S., Duncan J. M.(1983), “Consolidation analysis for partly saturated clay by
using an elastic-plastic effective stress-stating model.” International Journal for
numerical and analytical methods in geomechanics, Vol.17(7):39-55.

Dakshanamurthy V., Frendlund D G., Rahardjo H.(1984), “Coupled three-
dimensional consolidation theory of unsaturated porous Media.” Preprint of
papers: Sth Int. Conf. Expansive soils, Institute of engineers, Australia, May :99-
104.

Fredlund D G, Rahardjo H(1993), Soil mechanics for unsaturated soils. John Wiley &
Sons, INC.

Ling H., Yin Z. Z.(2005). “Two- or three- dimensional simplified consolidation
calculation of unsaturated soil.” Advances in Science and Technology of Water
Resources, Vol. 27(2). (in Chinese).

Yin Z. Z.(2007). “Principle of soil engineering”, Water Press of China (in Chinese)

Yin Z Z, Sun C L, Miao L C.(1998). “Consolidation of unsaturated expansive
soils.”//2nd International Conference on Unsaturated Soils. China, :494-500.

Yin Z Z, Ling H.(2007). “Simplified computation of 1D consolidation for partially
saturated soil.” Chinese Journal of Geotechnical Engineering, Vol. 29(5): 633-
637(in Chinese).



Improving Bearing Capacity of Shallow Foundations on Weak Soils
Utilizing Geosynthetic Reinforcing Technique

Sao-Jeng Chao

! Associate Professor and Chairman, Department of Civil Engineering, Ilan University, Taiwan,
chao@niu.edu.tw

ABSTRACT: The purpose of this paper is to propose the geosynthetic soil reinforcing
technique as a simple and cost-effective alternative of improving the bearing capacity of
shallow foundations. It is also expected that the geosynthetic soil reinforcing technique
presented herein can help prevent those buildings built on shallow foundations from
excessive settlements. Over the last few decades, many pilot and full-scale tests have
been conducted, and it has been confirmed that the geosynthetic soil reinforcing
technique can improve the bearing capacity of shallow foundations. This paper
summarizes the processes of the theoretical development, experimental work, and
numerical simulation on the bearing capacities of shallow foundations built on soils
reinforced utilizing the geosynthetic reinforcing technique.

INTRODUCTION

The inadequate bearing capacities of the shallow foundations of buildings result in
many practical problems during construction work (Chao, 2006). The issues of
inadequate bearing capacity of shallow foundations due to weak soil conditions may be
solved by employing the geosynthetic reinforcing technique to strengthen the properties
of the weak soil (Wu, 2003; Chao, 2008). Studies on the geosynthetic soil reinforcing
technique started around 1980s. In the past 30 years, many pilot and full-scale tests
haves been conducted. Based on those study results, it has been widely accepted that the
geosynthetic reinforcing technique can improve the bearing capacity as well as reduce
the settlement of shallow foundations (Holtz et al, 1997).

The purpose of this paper is to propose the geosynthetic soil reinforcing technique as
a simple and cost-effective alternative of improving the bearing capacity of shallow
foundations. This paper summarizes the theoretical development, experimental work,
and numerical simulation on the bearing capacities of the shallow foundations built on
reinforced soils. It is also expected that the geosynthetic soil reinforcing technique
presented herein can help prevent those buildings built on shallow foundations from
excessive settlements.

40
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THEORETICAL DEVELOPMENT

The geosynthetic reinforcement placed under the shallow foundation is illustrated in
Fig. 1. The failure mechanism of the reinforcement can be classified into 2 categories as
follows (Michalowski, 2004):

1. The loading comes from the shallow foundation tends to drive the soil
underneath outward. Since the stiffness of the reinforcement is larger than the
soil, the driving force is handled by the reinforcement. As a result, the
reinforcement may reach the tensile strength and break down. This kind of
failure happens at location 1 in Fig. 1.

2. The active zone under the shallow foundation tends to move downward. The
initial mobilizing plane resists to slide with the help of soil shear strength and
the reinforcement. When the movement achieves certain amount, the
reinforcement may fail in shear direction. This kind of failure happens at
location 2 in Fig. 1.

WTTETTITL AN

Reinforcement

FIG. 1. Illustration of the stress distribution under the shallow foundation

In addition, the passive zone far away from the shallow foundation would also fail
when the reinforcement reaches its shear strength, which happens simultaneously with
aforementioned failure mechanism. This kind of failure happens at location 3 in Fig. 1.

Bearing Capacity Under Tensile Failure

For developing the value of the tensile stress in the reinforcement, we can assume
that the tensile stress in the reinforcement increasing with the depth because the length
is reduced down along the active zone as shown in Fig. 1. We set up the equilibrium
condition by proportioning the triangle as shown in Fig. 2, given by

q, B
+77
b Tk 1

, )
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l»B-tan(45+g)—al P
where K| :217 and K, = tan® (45+ =)
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FIG. 2. Reinforcement under tensile failure mechanism

Using Equation (1) and considering the tensile strength provided from the
reinforcement at location 3 all together, we finally can reach a compact form as follows:

tan®(45+ g) B-tan(45+ g) -2d
d

4

4, =T + 2 ings+ De (2)

B~tan(45+%)—d

Equation (2) is the supplementary bearing capacity comes from the reinforcement
which is failed under tensile condition both at the location 1 and location 3.

Bearing Capacity Under Shear Failure
The initial mobilizing plane resists to slide with the help of soil shear strength and the

reinforcement. When the movement of the active zone is large enough to shear the
reinforcement as shown in Fig. 3, the relation can be written as

. 2T
qu6~B~sm(45+§):2T:>un:7 (3)

i [
B sm(45+2)

FIG. 3. Reinforcement under shear failure mechanism
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For the purpose of simplicity, we directly highlight the final form here as follows:

ZT(I +4¢%™? .sin’ (45 +g)j

4, = p (4)
B-sin(45+ E)

Equation (4) is the supplementary bearing capacity comes from the reinforcement
which is failed under shear condition at the location 1 and tensile condition at location 3.

EXPERIMENTAL WORK

Sandy and clayey soils were used in the laboratory tests to determine the
reinforcement efficiency. The efficient ratio of reinforcing was defined as the bearing
capacity of shallow foundation with reinforcement over that without reinforcement.

The sandy soil used in the laboratory test was classified as SP. The friction angle ¢
was about 45° while no cohesion was considered. The geosynthetic reinforcement was
placed at the depth of 0.5B from the surface. A round footing was used for this test. The
relationship of bearing capacities and settlements of the shallow foundations with and
without reinforcement for sandy soil is shown in Fig. 4.

As shown Fig. 4, the ultimate loading of shallow foundation without reinforcement is
only 738 kgf, while the ultimate loading of the shallow foundation with reinforcement
can reach 1158 kgf. Based on the results of the laboratory tests for sandy soil, the
efficient ratio of reinforcing is 1.6.

Load (kgf)

0 0 a0

0 100 1200

Settlement (cm)

. Reinforcement
No reinforcement §

14

FIG. 4. Test results of sandy soil with and without reinforcement

The clayey soil used in the test was classified as CL with the property of PI ranging
from 12 to 40 and LL from 16 to 58 from the investigation report. The unconfined
compression strength ¢, was in the range of 36~51 kN/m’. The geosynthetic
reinforcement was also placed at the depth of 0.5B from the surface. The relationship
between bearing capacities and settlements of shallow foundations with and without
reinforcement for clayey soil are shown in Fig. 5.

As shown in Fig. 5, the ultimate loading of shallow foundation without
reinforcement is just 483 kgf, while the ultimate loading of the shallow foundation with
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reinforcement can reach 1036 kg. Based on the results of the laboratory tests for clayey
soil, the efficient ratio of reinforcing is 2.2. It can be found that the efficient ratio of
reinforcing for clayey soil is better than that for sandy soil.

Load (kgf)

0 200 00 00 s00 1000 1200

Reinforcement

No reinforcement

Settlement (cm)

30

FIG. 5 Test results of clayey soil with and without reinforcement
NUMERICAL SIMULATION

In order to further understand the performance of the geosynthetic reinforced soil, a
finite element program PLAXIS was utilized. The geosynthetic reinforcement and the
soil can be easily simulated using PLAXIS to predict the bearing capacities and
settlements of the laboratory tests.

The soil model employed the Mohr-Coulomb failure criteria while the reinforcement
simply used the elastic tensile model. The boundary conditions were chosen to be fixed
on the bottom for both directions and on the lateral boundary for horizontal direction.
The mesh generated for FEM simulation is shown in Fig. 6.
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FIG. 6 FEM mesh for the laboratory tests

The properties of the sandy soil and clayey soil are summarized as follows:

Sandy Soil Clayey Soil
Unit Weight (g/cm’) 2.1 1.94
Elastic Modulus E (g/cm?) 448,500 124,000
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Poisson Ratio 0.3 0.35
Friction Angle (degree) 45 0
Apparent Cohesion (g/cm®) 50 300

The material property of the geosynthetic reinforcement EA = 300,000 g/cm. The
predicted ultimate bearing capacity obtained from FEM for sandy soil is 1930 g/cm’
without reinforcement. Furthermore, the predicted result is 2877 g/em’ with
reinforcement. The value of efficient ratio of reinforcing for sandy soil in the laboratory
condition is 1.5 in Fig. 7. On the other hand, based on the predicted result obtained from
FEM for clayey soil, the ultimate bearing cag)acity is 744 g/em’ without reinforcement.
In addition, the predicted result is 1834 g/cm” with reinforcement. The value of efficient
ratio of reinforcing for clay in the laboratory condition is 2.5 in Fig. 8.
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Without reinfarcement W;‘f‘" cement

FIG. 7 The predicted results from FEM for sandy soil

\ With Reinforcement

Without reinforcement .

\
\

FIG. 8 The predicted results from FEM for clayey soil

CONCLUSIONS

The inadequate bearing capacity and the excessive settlement problems of shallow
foundations due to weak soil conditions may be solved by employing the geosynthetic
reinforcing technique to strengthen the weak soil. The geosynthetic reinforcement
placed under the shallow foundation can be derived by classifying into 2 categories and
obtained the close-form solutions. Based on the results of laboratory tests, it is found
that the efficient ratio of reinforcing is 1.6 for sandy soil and 2.5 for clayey soil. On the
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other hand, based on the predicted result obtained from FEM, the value of the efficient
ratio of reinforcing is 1.5 for sandy soil and 2.5 for clayey soil, which agree with
experimental results. Finally, it is notable that the worse condition provides the better
efficient ratio for reinforcing.
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ABSTRACT: Geosynthetic-reinforced pile-supported embankments have been used
as an economic and rapid construction technique for earth structures, such as
embankments and retaining walls over soft soil. They have limited total and
differential settlements and increase load transfer from soft soil to piles thereby
leaving less load to the soil. Two key mechanisms of this technique are: soil arching
within the embankment fills when a differential settlement occurs to mobilize the fill
shear strength and tension membrane effects of geosynthetic reinforcement when it
deforms. This study focuses on understanding the complex load transfer mechanisms
by performing a numerical study using the Discrete Element Method (DEM). The
granular backfill material was modeled using cylindrical rods. The geogrid
reinforcement was modeled using bonded particles. At the end of the simulation, the
displacements of granular particles were plotted for the illustration of soil arching.

INTRODUCTION

Geosynthetic-reinforced pile-supported embankment is an economic solution to
combat total and differential settlement problems encountered in the construction of
earth structures over the soft soil (Han and Gabr 2002). This construction technique is
equally useful to address the challenges posed by an existing sinkhole under a
proposed highway alignment (Wang et al. 2008). Soil arching is a key mechanism to
transfer the load due to the embankment weight and external loadings to the piles from
the soft soil or a void area. The details of soil arching and the governing factors can
be found in Giroud et al. (1990), McKelvey (1994), Han and Gabr (2002), Jenck et al.
(2007), and Chen et al. (2008). For an unreinforced embankment, the height of soil
arching is generally taken as 1.5 to 2.5 times the width of voids or clear spacing
between the piles / pile caps (Terzaghi, 1943). This height should be less for a
geosynthetic reinforced embankment. However, the equal height of soil arching is
assumed in the reinforced embankment as in the unreinforced embankment and the
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strength of the geosynthetic is designed based on this assumption (Giroud et al. 1990).
In the present study, discrete element method (DEM) modeling of unreinforced and
geogrid-reinforced embankments supported on piles is presented to show the
differences in the height of soil arching. The DEM modeling treats soil as a
particulate medium. Therefore, the DEM modeling is a suitable tool to study the
behavior of granular materials used in the construction of the embankment.

NUMERICAL SIMULATION

A 1.6 m high and 1.5 m long rectangular box was created using four walls (FIG. 1).
A 15 mm diameter particles were generated at a porosity of 0.16 using a radial
expansion technique as described in Itasca (2004). A model created using the radial
expansion technique generates high stress which should be brought to an initial stress
condition. The details of achieving the initial stress condition can be found in the
authors’ previous research (Bhandari and Han 2009; Bhandari et al. 2009). After
achieving the initial stress condition, a geogrid sheet was placed by generating the
bonded particles (large particles of diameter 2.6 mm on the nodes and small particles
of diameter 1.0 mm between nodes) inside the guided walls (created at 1.3 m below
the top wall), which were optional depending on whether an unreinforced or
reinforced case was studied. A 0.3m X 0.3 m pile cap was placed on either side of the
model using walls and the particles inside the pile caps were deleted because they do
not interact with particles outside the walls and there is a need for the calculation of
the unbalanced force on the walls from the particles outside. Furthermore, the
porosity of the assembly below 1.3 m (i.e., between the pile caps) was increased to 0.3
from an initial porosity of 0.16 by randomly deleting the particles within this zone.
The high porosity within this zone was to simulate the compressible soil. Because of
this compressible soil in the lower part, the geogrid would deform and a soil arching
would develop. At the top of the model, a vertical stress of 15 kPa was applied to
simulate the traffic load of an embankment. Nine measurement circles were installed
in the model as shown in FIG. 1 to measure the stresses.

The micromechanical properties of the soil were evaluated using the biaxial test
simulation while those of the geogrid were evaluated using a tensile test simulation.
The micromechanical properties used in this study are shown in Table 1. This soil had
a friction angle of 41°. The details of these simulations can be found in Bhandari and
Han (2009) and Bhandari et al. (2009).

Table 1. Micromechanical Properties for DEM Analysis.

Material Parameters
Young’s modulus of the particle-particle contact, E(MPa®) 85
Soil Ratio of normal to shear stiffness of particles, ky/k, 1.2
Friction coefficient (1) 0.55
Young’s modulus of the particle-particle contact, E (MPa?) 351
Geogrid Ratio of normal to shear stiffness of particles, kq/ks 1.0
Friction coefficient (1) 0.44
Contact bond strength (kN/m) 20.4
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FIG. 1 DEM Model of a Geosynthetic-reinforced Pile-supported Embankment

ANALYSIS OF RESULTS
Influence of geogrid on soil arching

In this simulation, the soil between the pile caps had a tendency to settle as the soil
between the pile caps had a higher porosity. The movement of the soil caused the
mobilization of the shear strength of the embankment soil adjacent to the yielding area
and transferred the load from the yielded soil to the adjacent soil. This phenomenon
increased the pressure on the pile cap and reduced the pressure on the soil between the
pile caps. The contact force distribution of the unreinforced model in FIG. 2a shows
higher contact forces over the pile caps compared to the soil between the pile caps,
which is as an evidence of soil arching. It is noteworthy to mention that the thickness
of the contact force chains indicates its relative magnitude. FIG. 2b also illustrates the
similar soil arching phenomenon in the reinforced model. However, the geogrid
reduced the contact forces transmitted to the soil below the geogrid. Tensile forces
developed in the geogrid, which acted as a tensioned membrane.

The displacement vectors of the soil particles for the unreinforced and the reinforced
models are shown in FIG. 3. The same magnitude of the maximum displacement was
used for these two figures for the comparison purpose. For the unreinforced model,
FIG 3a shows that the differential settlement extended to the top of the embankment.
It can be concluded that the ratio of the embankment height (h) to the clear spacing
between the pile caps (s) at 1.44 used in this model was insufficient to alleviate the
differential settlement at the top of the embankment. Similar findings were reported
by Chen et al. (2008) in an experimental investigation of the soil arching.
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FIG. 2 Contact Force Distribution (a) Unreinforced Embankment (b)
Geosynthetic-reinforced Pile-supported Embankment

FIG. 3 Displacement Vector Distribution (a) Unreinforced Embankment (b)
Geosynthetic-reinforced Pile-supported Embankment

FIGURE 3b shows the displacement vectors of the geogrid-reinforced model. The
geogrid reduced the displacement of the embankment fill compared to the
unreinforced model. The reduced displacement would transfer less force to the
adjacent soil in the embankment and would reduce the stress on the pile caps. On the
other hand, the tensioned geogrid would transfer the vertical component of the geogrid
stress to the pile caps and the stress on the pile caps would increase. In the
unreinforced model, the pressure on the pile caps was 66.4 kPa while that in the
reinforced model was 65.9 kPa. The similar pressure on the pile caps indicated that
the presence of the geogrid reinforcement did not change the contribution of the pile
caps on the total load sharing in this study.
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The displacement vectors of the geogrid-reinforced model show that the height (h.)
of an equal settlement plane is same as the clear spacing between the pile caps (s) for
the given soil properties in Table 1. Furthermore, Fig 3b shows a triangular shape of
the soil arching with a shear angle of 63.5°, where the shear angle is defined as the
angle formed by the shear plane relative to the horizontal plane (Van Eekelen et al.
2003). This angle is close to the active angle of 65.5° (i.e., 45°+41°/2). The triangular
shape of the shear plane was observed in an experimental study of piled embankments
by Van Eekelen et al. (2003).

Development of soil arching with pile-subsoil relative displacement

FIGURE 4 shows the change in the stress concentration ratio (n) with the maximum
geogrid deformation. Stress concentration ratio (n) is often used to characterize the
degree of soil arching and defined as a ratio of the stress on the pile cap, @, to the
stress on the soil, g, (Han and Gabr 2002). The stress concentration ratio increased
with the maximum geogrid deformation up to a maximum value, and then decreased
with a further increase in the maximum geogrid deformation. Similar behavior was
observed for soils with different friction angles (¢). FIGURE 4 also shows that more
deformation of the geogrid was required for the soil of a low friction angle compared
to the soil of a high friction angle to achieve a stable soil arching as characterized by
the constant n. However, the peak stress concentration ratio was similar for all three
soils with different friction angles, which is attributed to the tension membrane effect
of the geogrid. A geogrid reinforcement used in an embankment with the soil of a low
friction angle would be subjected to a higher vertical stress than that used in an
embankment with the soil of a high friction angle. Though there was less stress
transfer to the pile caps due to soil arching in the soil of a low friction angle, the
vertical component of the higher tensile stress in the geogrid would be transferred to
the pile caps. As a result, the net stress on the pile cap would remain close.

18

Stress concentration ratio, n

Geogrid displacement (mm)

FIG. 4 Stress concentration ratio (n) versus maximum geogrid displacement.
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CONCLUSIONS

This study focused on the different aspects of soil arching for a geosynthetic-
reinforced piled-supported embankment using DEM modeling. The modeling results
showed that the height (h.) of an equal settlement plane was lower for the geogrid-
reinforced embankment than the unreinforced embankment. A triangular shape of the
soil arching was observed in the geogrid-reinforced embankment. For an embankment
soil of a low friction angle, larger geogrid deformation was required to achieve a
stable soil arching compared to the soil of a high friction angle.
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ABSTRACT: Laboratory large scale model tests for optimizing the geometrical
conditions of geotextile in reinforced standard dry sand 161 (patterned in Iran) were
carried out. Based on the results of the model tests, the number of reinforcement
layers, critical depth of reinforcement and the dimensions of the geotextile layers for
mobilizing the maximum bearing capacity were determined and the results were
compared with the Plate Load Tests (ASTM-D1194). The total number of tests in
this study was 45. The models dimensions were with 100 cm % 100 cmx 80 cm
(length x width x depth) and the circular foundation had a diameter of 200 mm.

INTRODUCTION

Geosynthetic soil reinforcements such as geotextiles, geogrids and geocomposites
have beneficial effects on the bearing capacity and settlement of shallow foundations
(Koerner, 1997 and Shukla and Yin, 2006). Several researches have shown the
effects of geosynthetic soil reinforcements on ultimate bearing capacity (e.g. Giudo
et. al. 1985, Omar et. al. 1993 and Boushehrian and Hataf, 2003). Most of the
laboratory model tests available have been conducted with square and strip
foundations. This study presents the results of laboratory model tests on the circular
foundation supported by loose sand reinforced with geotextile layers in order to
reduce the stress concentrations occurring in the corners of square and strip
foundations.

LABORATORY MODEL TESTS

Bearing capacity tests were conducted in a box with 100cm x 100cmx 80cm
(length x width x depth) dimensions. This box was made of wood supported by steal
profiles. The inner side of the box was covered by plastics to reduce friction. It was
filled with special sand patterned in Iran (Standard Sand 161). Its specifications are
given in Table 1. The circular foundation had a diameter of 200mm. It was made of
iron plate.
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Table 1. Specifications of Standard Sand161

Parameter Value
GS 2.66
€ max 0.928
€ min 0.583
D 50 0.26
F % 0
Cu 1.8
Cc 1.19

Figure 1 shows a circular foundation (diameter B) supported by sand, which is
reinforced with N number of geotextile layers. The vertical space between the
geotextile layers is 4. The top layer of geotextile is located at the depth (#) measured
from the bottom of the foundation. The width and the length of the geotextile layers
is b. The depth (d) of reinforcement below the bottom foundation is:

d=u+N-1)h [1]

For shallow foundation on dry sand without reinforcement, the bearing capacity at
the allowable settlement is called g. When the sand is reinforced with geotextile
layers, the bearing capacity at the allowable settlement g(R) will increase. The
increase in the bearing capacity can be expressed in a non-dimensional form as the
Bearing Capacity Ratio (BCR):

BCR=¢q®)/q (2]

S —

ol

=

FIG. 1. Circular foundation supported by sand reinforced with
geotextile.
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For all tests, the average the unit weight (yd) and the Relative Density of
Compaction (Dr) were kept at 14.4kN/m* and 35%, respectively. The range of
variation for the Dr was +5% of the average value. An Iranian nonwoven geotextile
was used for the present tests (2N400). The physical properties of the geotextile are
given in Table 2.

Table 2. Physical properties of the used geotextile (2N400)

Fabric Properties Test Method Unit
(ASTM)

Polymer Type PET
Unit Weight D-5261 gr/m? 400
Thickness D-5199 mm 1.60
Grab Tensile Strength D-4632 N 1750
Grab Elongation D-4632 % >50
Trapezoidal Tear D-4833 N 595
Puncture Strength D-4533 N 930
Wide with Tensile D-4595 kN/m 23.1

In conducting the model tests, the box was filled with 138.7 kg dry sand, which is
then compacted per 10cm thickness. The geotextile layers were placed at the desired
values of u/B and A/B in the sand. The foundation was placed on the surface of the
sand bed. Loading was applied by a hydraulic jack. The loads and the corresponding
settlement (s) were measured by a proving ring and three digital gauges. Figure 2
shows the arrangements of jack and gauges on the foundation.

FIG. 2. The arrangements of jack and gauges on the foundation.

MODEL TESTS RESULTS
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The first test was conducted on the unreinforced sand. The load (¢) per unit area
versus s plot was obtained from the Plate Load Tests (PLT). The experimental
ultimate bearing capacity at the allowable settlement of 25.1mm (ASTM-D1194) was
determined to be 8.4kN/m?.

In the second test series, the number of geotextile layers (V) was taken as variable.
The constant parameters were: u/B=h/B=0.5 and b/B=4. Figure 3 shows the plot of
experimental g versus s plot obtained from the tests with the circular foundation.

It is inferred from this plot that, for these foundations, the magnitude of ¢ increases
with an increase in N at the allowable settlement. The load at the allowable
settlement almost increased when N increased to 3. For N>3, the allowable load
remained constant.

Figure 4 shows the plot of the variation of BCR with d/B. For the given foundation,
the magnitude of BCR increases with d/B up to maximum value and thereafter
remains constant. The critical value of d/B is about 1.5-2 for circular foundations.
Guido et. al. (1985) determined the critical value of d/B for square foundations as 1-
1.25 while Omar et. al. (1993) determined it as 1.4-2.
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FIG. 3. The effect of number of layers on the bearing capacity and settlement
(u/B=h/B=0.5, b/B=4)
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FIG. 4. The effect of depth of layers (¢/B) on BCR
(u/B=h/B=0.5, b/B=4)

The third test series were conducted to determine the optimum dimensions of the
geotextile layers. The depth of the reinforcement was kept at about the same level as
d/B=1 determined from the second test series. The BCR obtained from these tests are
plotted against 5/B in Figure 5.
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FIG. 5. The effect of dimensions of geotextile layers (5/B) on BCR
(u/B=h/B=0.5, d/B=1)

It can be seen from this figure that the BCR attained maximums at about 5/B = 3
for circular foundations. The magnitude of the critical d/B for square foundations was
determined by Guido et. al. (1985) as 2.5-3 and by Omar and Dos (1993) as 4.5.

To obtain the maximum benefit of /B ratio, the fourth test series were conducted.
The results obtained from these tests are plotted in Figure 6. In larger /B ratios, the
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failure surface in sand at ultimate load will be fully located above the top layer of
reinforcement. In these tests, N=1 was constant. It appears from the plot (fig. 6) that
the maximum BCR for circular foundation occurs at around /B = 0.25.
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FIG. 6. The effect of depth of the first layer (u/B) on BCR

As Binquet and Lee (1975) observed in order to obtain maximum benefit from the
reinforcement for square foundations, it is desirable that /B be less than 0.67 while
Guido et. al. (1985) and Omar et. al. (1993) determined /B as approximately 0.75
about 1 for square and strip foundations, respectively.

CONCLUSIONS

Large physical modeling results of circular foundations to optimize the
geometrical conditions of geotextile in reinforced loose sand include:

1. The effective depth of geotextile reinforcement is about B.

2. The maximum width of reinforcement required for mobilization of maximum
bearing capacity is about 3B.

3. The maximum depth of placement of the first layer of geotextile is about 0.25B.
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ABSTRACT: The dynamic response of Guanjiazhuang Bridge of
Qinghuangdao-Shenyang passenger rail line was tested. The relations among
dynamic stress and dynamic acceleration of road-bridge transition sections
reinforced by geogrid, and the velocity of the train were studied, as well as the
attenuation rule of the dynamic response versus the depth of the roadbed. Based on
those test results, a dynamic model of the track-roadbed is built to numerically
simulate the dynamic response of road-bridge transition sections. The simulation
results are consistent with the obtained test results, which show that the road-bridge
transition sections reinforced by the geogrid can effectively prevent the propagations
of dynamic stress and dynamic acceleration in the roadbed, and reduce the dynamic
load effects on the roadbed.

INTRODUCTION

Conditions of foundation, stuffing material of the roadbed behind the bridge
abutment, design, construction, and so on will all cause differences between the
sedimentation of the abutment and the roadbed (Cunlin 1999). When the train passed
with a high speed, additional dynamic stress will be generated to the roadbed, which
further increases the differences between sedimentation of the abutment and the
roadbed and causes dangers to the train. Thus, the research on road-bridge transition
reinforced by geogrid is of great significance. Based on the research sponsored by
the Ministry of Railway of China, this paper analyzes the dynamic features of the
road-bridge transition when high speed trains travel on, and the effect of the
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road-bridge transition reinforced by geogrid, which will provide theoretical and
practical guidance for similar projects.

INTRODUCTION TO THE PROJECT

The place is covered by quaternary alluvial-new deposit, which is supported by
the metamorphic rock of the Archean group. The groundwater, the fourth porosity
groundwater with a 0.2~1.9m burial depth is recharged by rainfall. The road-bridge
transition section of the Guanjiazhuang Bridge is reinforced by geogrid, and the
roadbed of the transition shapes like an inversed trapezium. Its vertical and
cross-section is demonstrated in Fig 1.
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Fig.1. Design figure of road-bridge transition sections
ANALYSIS OF MEASURED RESULTS IN THE FIELD

1. Arrangement of the testing components and testing organization

In order to find how the dynamic response of the roadbed in the road-bridge
transition sections will change along the lengthwise direction and depth of the
railway, three testing cross-sections are set up along the lengthwise direction of the
road-bridge transition section. The distances from those cross sections to the
abutment back are respectively 3m, 10m and 15m. On the testing cross-section,
acceleration sensor is put on the bedding surface, and soil pressure boxes are put on
the bedding surface, the bedding bottom and the roadbed body surface. The train
under test is “Pioneer” EMU, and the testing speeds are 160 km/h, 200 km/h, 220
km/h, 240 km/h and 250km/h. The train travels at each stated speed for 3 rounds to
satisfy the demands of the engineering point measurement.
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2. Analysis of testing results

With the increase of speed, the dynamic stress and acceleration of the roadbed
tend to increase first and then decrease. In addition, the dynamic stress decreases
when the depth of roadbed increases. The variation curve of dynamic response of the
road-bridge transition section reinforced by geogrid can be generated based on the
experiment data, which is shown in Fig. 2.

From Fig.2, the dynamic loading effect is gradually shown when train speed
increases. Moreover, the sensitivities of dynamic stress of the measuring points in
the depth direction to train speed are different: the shallower the measuring point,
the more the dynamic stress influenced by the train speed. The dynamic stress
linearly attenuates with the depth. The peak value of the bedding acceleration relates
to the train speed. The bedding vibration is aggravated with the train speed increases,
demonstrating a law similar to that of the dynamic stress. Therefore, the use of
geogrid can add rigidity to the entire bedding, and reduce the influence that dynamic
stress brings to the bedding.
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SIMULATED CALCULATION OF DYNAMIC RESPONSE

1. Calculation model

(1) Computational domain

A finite difference method was built in this paper with the FLAC (Fast
Lagrangian Analysis of Continua in 2-Dimensions). This method is according to the
practical conditions of the tested road-bridge transition and the characteristics of the
experimental train load. Indexes like the vibration acceleration of the train body, the
wheel-rail contact force will all gradually decrease with the increase of the transition
length (Yu,Wang et al. 1999; Qiang Luo et al. 2000). When the transition length
becomes greater than 15~20m, each index changes slightly. Therefore, we took 15m
as the calculation length: the bridge length, transition length and the roadbed length
is 3m, 7m, Sm respectively. The calculation depth is set as 7.2m below the rail.

(2) The initial condition and boundary conditions

When calculation is in the initial balance status, the model bottom adopts fixed
boundary condition. Given the infinite length of the roadbed, the longitudinal
displacement of fixed line is adopted and each point has zero displacement under its
initial condition.

(3) The structural unit of geogrid roadbed

The Geogrid is modeled by the anchor-rope unit in FLAC. At the Geogrid unit
node, spring-slide is used to model the mechanical behavior of geogrid’s tangential
plane. The shearing force between the geogrid and the geotechnical interface is
controlled by the characteristics of connection friction (Yegian et al. 1998). And the
effective side-stresses of the geogrid are assumed to be equal. According to the node
connected unit’s displacement field, the grid displacement is calculated with the
interpolation method.

(4) The simulation of the train load

This paper simulates the interactive acting force with exciting force which reflects
the wave friction effect of the rail surface. Taking into account cyclical features of
the train load, the paper simulates the train load by the function of exciting force
(Yaozhuang Li 2005), as shown below:

F(t)= p, + psinwt

where: F(?) is the train vibration load; py is the wheel statistic-load; p is the exciting
force; @ is the circular frequency.

2. Calculation parameters

The calculation parameters of the geogrid, the roadbed and roadbed body are
chosen according to the geogrid’s characteristics, train load, the boundary condition
and initial conditions (Jun Liu 2006; Wei Liu 2005). Table 1 and Table 2 give these
parameters in detail.
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Table 1. The calculation parameters of geogrid

Elasticity | Grid Yield Normal Thickn Interface

modulus(Pa) | width(m) | strength(N) | rigidity(N/m3) | ess(m) | cohesion(N)
2.0E11 0.04 225000.0 2.0E7 0.0125 100000.0
Table 2. The calculation parameters of bedding and roadbed

Parameters K G n Density(kN/ms) Damping ratio
Roadbed 210 1 0.092 | 0.25 24.0 0.030
Bedding surface | 190 | 0.094 0.25 214 0.028
Bedding bottom | 110 |0.120 | 0.30 19.0 0.035
Roadbed body 90 0.135 0.35 18.0 0.035
3. Analysis of dynamic calculation results

According to the dynamic analysis model and the calculation parameters above, a
simulation analysis have been done. This simulation primarily focuses on the
analysis of the dynamic stress and dynamic acceleration of rail roadbed under
different train speeds. The calculation points distribute on bedding surface, bedding
bottom and the superface of roadbed body. Then the relationship between the
dynamic response and the train speed is obtained, as shown in Fig.3.
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Fig3. Numerical simulations of dynamic analysis.

Fig. 3 shows that the dynamic stresses of the bedding surface and bedding bottom
in the transition section reinforced by geogrid tend to be linearly proportional to the
train speed. The linearity between the dynamic stress of the bedding surface and
the speed is most prominent while that of the bedding bottom takes the second, and
that of the roadbed body isn’t prominently influenced by the speed variation.
Therefore, the dynamic stress generated by the train mainly influences the bedding.
The dynamic stress attenuation speed is not only proportional to the roadbed depth
but also to the train speed. Also the vibration accelerations of the bedding surface,
bedding bottom and the roadbed body are proportional to the train speed. When train
speed exceeds 200km/h, the rising tendency of the vibration acceleration attenuation
becomes faster, which shows up the same law of dynamic stress except a faster
attenuation. This indicates that the vibration effect of the train load to the roadbed
exerts mainly on the bedding surface.

COMPARATIVE ANALYSIS OF MEASURED RESULTS AND NUMERICAL

CALCULATIONS

In order to verify the correctness of the proposed calculation model and the
calculation parameters, this paper compared the calculated results with the test data,
as shown in Table 3.

Table 3. Comparisons between the test data and calculated results

Dynamic stress of the superface Acceleration
Speed Ttems of superface
(km/h) Bedding | Bedding | Roadbed of bedding

surface | bottom | body surface
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(kPa) (kPa) (kPa) (m/s?)
Tested values 35.6 30.1 13.7 1.5
160 | Calculated values 38.1 22.9 14.3 3.8
Relative errors(%) 7.0 23.9 43 153.3
Tested values 41.6 33.9 14.6 2.2
200 | Calculated values 42.9 24.8 14.9 4.1
Relative errors(%) 3.1 26.8 2.1 86.4
Tested values 40.7 30.5 13.7 2.8
250 | Calculated values 47.1 26.8 15.3 4.5
Relative errors(%) 15.7 12.1 11.7 60.7

According to table 3, the proposed model is almost in good agreement with field
measurement data except the value for the acceleration on the top side of bedding
surface at the speed of 160km/h. The complexity and indeterminacy of the
experimental condition in the field test may produce such non-conformity data, but
overall, the field test data are fundamentally in conformity with the numeric
simulation results, which proves that the proposed model can be applied to analyze
the vibration characteristics of the road-bridge transition section.

CONCLUSIONS

In line with the test data and the simulation results, the research concludes that:

(1) The train’s kinetic action to the roadbed increases with the rise of the train
speed, and then the dynamic response of the roadbed goes up.

(2) The dynamic response of the train to the bedding surface is much greater than
that of the train to the top surface of the roadbed body. Therefore, the surface
stratum should be reinforced during the road-bridge transition section design.

(3) The roadbed dynamic stress and vibration acceleration attenuates faster with
the rise of the depth value. And the attenuation rate is related to the train speed.
When the roadbed depth reaches a certain value, the dynamic influence of the train
will not be prominent, which indicates that the road-bridge transition section
reinforced by geogrid can better prevent the dynamic stress and vibration
acceleration from spreading in the roadbed. It can also diminish the live loading to
the roadbed. Therefore, it is a relatively reasonable road-bridge transition section
form.
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ABSTRACT: A centrifugal test of a geogrid reinforced embankment with lime-
stabilized soil as backfill on soft clay was conducted to investigate the reinforcement
mechanisms. A finite element model was developed to simulate the centrifugal test
based on the test dimensions. Verifications of the numerical model were taken by
comparing the numerical results with the measurements obtained from the centrifugal
test, and it was found that both were in good agreement.

INTRODUCTION

Although geosynthetics have been widely used in practice to improve the stability of
various geotechnical projects, the reinforcement mechanisms are still far from clear.
In recent years, there have been a series of centrifugal tests conducted on scaled-down
geosynthetics-reinforced structures to investigate the reinforcement mechanisms and
some were simulated in combination of numerical methods (Bolton and Sharma 1994;
Xie et al. 1995; Mandal and Joshi 1996; Sharma and Bolton 1996; Ding and Bao
1999; Sharma and Bolton 2001; Hu et al. 2003; Viswanadham and Mahajan 2004; Yu
et al. 2005).

Ding and Bao (1999) developed a plane finite element model to simulate
geosynthetics-reinforced embankments on soft hydraulic fill and compared the
numerical results with the centrifugal test measurements. A non-linear hyperbolic
constitutive model and two-dimensional (2D) solid elements were used to characterize
the behavior of the hydraulic fill and the geosynthetics, respectively.

Sharma and Bolton (2001) simulated geotextile-reinforced embankments on soft
clay with or without wick drains using a 2D finite element program CRISP in
combination of centrifuge tests. The Cam-clay model, the Mohr-Coulomb criterion,

68



GEOTECHNICAL SPECIAL PUBLICATION NO. 189 69

and the liner elastic bar elements were employed to model the foundation, the
embankment and the geotextile, respectively.

Hu et al. (2003) and Yu et al. (2005) used a 2D finite element model to verify the
results of centrifugal tests conducted on a scaled-down geotextile-reinforced levee.
They chose an elasto-brittle model and a complex model with a united water-drop
shape yield surface to characterize the geotextile and the soils, respectively.

However, these numerical simulations were performed on the prototypes which were
modeled by the centrifugal tests.

The staged-construction processes of embankments are usually simulated in
centrifugal tests by increasing accelerations. According to the law of similarity, the
dimensions of a centrifugal model vary with increasing centrifugal accelerations,
which is different from actual conditions in prototype. Consequently, numerical
simulation based on the dimensions of a centrifugal test model in a changing
acceleration field is reasonable and significant. However, such documentations are
very limited so far.

In this paper, a numerical model was developed based on the dimensions of a
centrifugal test conducted on a geogrid-reinforced embankment with lime-stabilized
soil as backfill using a 2D finite element program PLAXIS. Verifications of the
numerical model were carried out by comparing the numerical results with the
measurements obtained from the centrifugal test.

NUMERICAL MODELING

Centrifugal Test

As shown in Figure 1, the scaled-down centrifugal lime-stabilized embankment had
a height of 60 mm, a crest width of 130 mm, and a 1:1 slope, underlain by a soft silty
clay foundation of 250 mm thickness. A 5 mm thick sand cushion was placed
between the foundation and the embankment. A model geogrid made of high-density
polyethylene plastics (HDPE) was placed in the middle of the cushion. Model sand
drains of 5 mm diameter were installed in a triangular pattern at a center-to-center
spacing of 32 mm. The water table was set at the ground surface elevation.

Six pore pressure transducers and six earth pressure cells were installed at various
locations in the clay foundation. Four displacement sensors were placed on the
surface of the model. Four strain gauges were glued onto the surface of the model
geogrid with epoxy resin. Detailed description of instrumentations can be found in
Chen et al. (2008). As some of the instruments did not work well, Figure 1 only
illustrates the arrangement of functional ones.

Figure 2 presents an acceleration-time curve. A three-staged construction of the
embankment was simulated by increasing the acceleration up to three levels of 33.3g,
66.7g, and 100g. The three level accelerations corresponded to the construction
heights of 2, 4, and 6 m, respectively, according to the similarity law of centrifugal
test. After each staged construction, there was one month waiting period in the
prototype; that is, 39.0, 9.7, and 4.3 min waiting periods in the model.
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FIG. 2. Relationship curve between acceleration and time.

Matching Procedure in Axisymmetry and Plane Strain

The actual field consolidation of soil around each drain is close to an axial
symmetry, which should be converted into a plane strain condition for 2D finite
element program. Hansbo (1981) deduced a simple equation to solve the
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consolidation of foundation with sand drains considering the factors of smear and well
resistance. Hird et al. (1992) then converted Hansbo’s equation to an equivalent
plane-strain consolidation equation, that is

k,, ==Lk, M

where kj is the horizontal permeability of the clay foundation; the subscript p
denotes plane-strain condition; B is the half width of the plane-strain unit cell; R is
the radius of the axisymmetric unit cell; 4 and 4,are dimensionless factors defined

as
u=In(n/s)- (k,/k)Ins- 0.75- nz(2!- 2)k,/q, )
2k,
K, =§+ 21z -z%) 3)

w

where q,, and Q,, are the discharge capacities of the plane strain and axisymmetric
drains, respectively; &, is the horizontal permeability in the smeared zone; 1 is the

drain length; z is the depth of the calculated point; #=R/r,, S =1, / 7, ,rsand ry
stand for the radii of the smeared zone and the vertical drain, respectively.

If both smear and well resistance effects are ignored, the following relationships can
be obtained: s = 1, k, /g, —0, k,/0, —0- Replace these relationships into Eqgs. (2)

and (3) and assume B is equal to R, thus Eq. (1) can be simplified as

0.67

" Inn- 0.75 k (0>2.12) )

Effort was taken to control the disturbance to the clay foundation when the model
sand drains were installed. The discharge capacity of the drains was found high
during the centrifugal test. Therefore, well resistance and smear effect were ignored in
the numerical analysis.

For triangular pattern installation, the relationship between the radius of the
axisymmetric unit cell (R) and the center-to-center spacing of sand drains (S) can be
expressed as

R=0.525-§ ©)

Assuming B=R (i.e., B=16.8 mm), the relationship k,, = 0.6k, can be obtained
using Egs. (4) and (5) with S=32 mm.



72 GEOTECHNICAL SPECIAL PUBLICATION NO. 189

Finite Element Model and Constitutive Parameters

Due to the inherent symmetry of the embankment, only one half of the embankment
was modeled. Figure 3 shows the model developed by 2D finite element program
PLAXIS. The model had the same dimensions as that in the centrifugal test as shown
in Figure 1(b) except the spacing of drains (2B) at 33.6 mm. Full fixity was assumed
along the bottom of the model. The vertical boundaries of the model were fixed in the
horizontal direction. The ground surface was fully drained and the water table was set
at the ground surface. An unstructured FE mesh that consists of 15-node, triangular
elements was used.

B Sand cushion and
Embankment model eeoerid

Drains
Subsoil
v

FEHSEESNHE + + e
FIG. 3. Geometry of numerical model.

The Mohr-Coulomb model was used to characterize the constitutive behavior of the
embankment and the sand cushion. The geogrid element inherent in PLAXIS was
used to simulate the model geogrid. Sand drains were modeled as drainage boundaries
with a zero-excess pore pressure condition. The hardening-soil model developed by
Schanz et al. (1999) was used to model the foundation clay. The hardening-soil model
is essentially nonlinear and elastoplastic, in which the yield surface in the principle
stress space consists of a hardening hexagonal yield surface enclosed by a hardening
cap. Failure of the model is defined in accordance with the Mohr-Coulomb criterion.
Constitutive model parameters of the hardening-soil model can be readily determined
from consolidated drained triaxial and oedometer tests based on the methods
suggested by Schanz et al. (1999). Table 1 summarizes the values of the constitutive
parameters for the FE analysis.

Table 1. Constitutive Model Parameters for the FE Analysis

Material Model Vunsat  Voar K E,.y v ¢ ) v EY EY Ey m
Clay H"“gz‘i‘l‘“g' 130 173 0235 - ~ 8 23 0 470 470 141 1
Lime-
stabilized Mor- 191 220 - 425 02 109 35 0

R Coulomb

soil

Sand Mor- 160 200 11570 3 03 1 30 0

Coulomb




GEOTECHNICAL SPECIAL PUBLICATION NO. 189 73

®unsar— unit weight above water table (kN‘m'3); Vsa— unit weight below water table (kN~m'3); kyp —
horizontal permeability (10°m/s); E,.,;— Young's modulus (MPa); v— Poisson's ratio; ¢ — cohesion
(kPa); ¢ — friction angle (degree); y— dilation angle (degree); z= — secant stiffness in standard
drained triaxial test (MPa); g~ — tangent stiffness for primary oedometer loading (MPa); gx —

Young's modulus for unloading and reloading (MPa); m — power for stress-level dependency of
stiffness.

® horizontal permeability in the plane-strain condition k;, = 0.6k, = 0.141x10° ms"; vertical
permeability was assumed to be equal to the horizontal permeability.

Geogrid cannot sustain compressive loading. Two parameters needed for FE
analysis are the elastic axial stiffness (EA) and the tensile strength (N;). EA can be
determined from the curve of the elongation of the geogrid plotted against the applied
force and is the ratio of the axial force per unit width to the axial strain. Through
tensile tests conducted on the model geogrid, 0.71 kN/m of the axial force per unit
width at 5% elongation and 1.32 kN/m of tensile strength were obtained (Chen et al.
2008). Thus, for the model geogrid, EA=0.71/5%=14.2 kN/m and N,=1.32 kN/m.

Modeling Procedure

The process of increasing centrifugal accelerations was achieved by setting the
multiplier } Mweight in PLAXIS as three acceleration stages (33.3g, 66.7g, and

100g) as illustrated by Figure 2. Following each acceleration stage, a consolidation
computation for the waiting period was carried out. As significant deformations were
found in the centrifuge test, the options of Updated Mesh and Updated water pressures
were selected to account for large deformations.

NUMERICAL RESULTS AND ANALYSES

Figure 4 shows the contours of resultant deformations, vertical total stresses and
pore pressures at an acceleration of 100.0 g.

Significant vertical and horizontal displacements occurred under the center and toe
of the embankment, respectively, while slight heave occurred at the ground surface
beyond the toe as shown in Figure 4(a). The vertical stresses were higher but the pore
pressures were lower close to the drains compared to those between two neighboring
drains as shown in Figures 4 (b) and 4 (c).
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FIG. 4. Contours of: (a) resultant deformations; (b) vertical total stresses; and
(c) pore pressures.

Figures 5 to 8 present the comparisons of the computed and measured settlements,
earth pressures, pore pressures and reinforcement forces, respectively.

As shown in Figure 5, the computed and measured settlements at s1 (located at the
embankment center) and s3 (150 mm away from the center) in general are in good
agreement. The computed heave at s4 (200 mm away from the center) was
approximately 2 mm larger than the measurement while both varied with time in a
similar.

The computed earth pressures were slightly higher than the measured ones as shown
in Figure 6. Comparison of the computed and measured pore pressures shows good
agreement as shown in Figure 7. It can be also seen that both computed and measured
pore pressures dissipated rapidly during the waiting periods.

As shown in Figure 8, the computed reinforcement force at y2 was approximately
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30% higher than the measured value. The computed reinforcement force at y4 was
higher than the measured value at the stage of 33.3 g; whereas both were close when
the acceleration was increased. Note that the measurement point y2 was adjacent to
the front Plexiglas window. The friction from the window surface might be attributed
to an underestimation of the measured reinforcement force at y2. However, both the
numerical and experimental results show that the reinforcement force at the

embankment center (y2) was larger than that below the slope (y4).
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FIG. 5. Comparison of the computed and measured settlements.
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FIG. 6. Comparison of the computed and measured earth pressures.
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FIG. 7. Comparison of the computed and measured pore pressures.
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FIG. 8. Comparison of computed and measured tensile forces of reinforcements.

CONCLUSIONS

A finite element model was developed based on a centrifuge test performed on a
geogrid-reinforced embankment with lime-stabilized soil as backfill on soft clay.
Verifications of the numerical model were carried out by comparing the numerical
results with the experimental ones from the centrifugal test.

Comparisons of the computed and measured settlements, earth pressures, pore
pressures and reinforcement forces show good agreement in general.
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ABSTRACT: A granular geomaterial, known as sand-tire lightweight fill, was
proposed by blending sand with disposed tire scrap in proportions. The geomaterial can
be used as alternative backfill in many infrastructure works, where less overburdens and
lateral loads are expected. The reuse of tire scraps may not only address growing
environmental and economic concerns, but also help solve geotechnical problems
associated with low soil shear strength. In this study, an experimental testing program
was undertaken with the goal of evaluating the compression and shear behavior of the
materials. Three tests were implemented, i.e., 1-D compression tests, direct shear tests
and consolidated drained triaxial compression tests. A compression strain-load model
was proposed to describe its compression behavior. Rebound-reload tests revealed that
materials' plastic deformation was associated with the mixing ratios. The tire scrap
content was found to influence the stress-strain and volumetric strain behavior of the
mixtures. Mixtures underwent shear contraction during shearing processes, which is
different from the shear dilation of compact sands. Effects of mixing ratios and stress
conditions on shear deformation behaviors were also discussed.

INTRODUCTION

Along with the escalating development of global auto industry, disposed tires are
becoming one of overwhelming solid byproducts. According to the statistics (CRIA
2006), over 100 million tires are manufactured in China annually, close to the
generations of the U.S. and Japan; around 50 million tires are disposed in a year.
Disposals of such vast volume byproducts not only occupy large-scale stack yards or
landfills; improper or unsafe handling (e.g. irrational combustion) may pose adverse
impact to the environments. To beneficially reuse disposed tires is thought to be the
ultimate solution to this concern. Such efforts have initiated worldwide, for instance, as
substantial energy sources via safe combustion, to be used into embankments and
vibration isolation or mitigation facilities (CRIA 2006, Humphrey 1999). With the rapid
advance of chipping and grinding techniques, more and more researchers have focused
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on the reuses of tires in the form of scraps, particularly as construction granular
materials owning special properties. For instance, the tire scraps can be proportioned
into asphalt concrete to mitigate vibration and noise, and thermal gradients (Huang and
Zhang 2006, 2007, Cao and Ren 2007). The tire scraps can be concreted into pavement
bricks, providing walk-comfortable effect. The scraps are also technically suitable for
the uses of absorbing pollutants and preventing soil piping in filter systems (Waritha
and Rao 2006). Recently, tire scraps were mixed with soils and pozzolanic materials to
make structural geomaterials (Pierce and Blackwell 2003, Tweedie et al. 1998, Edil and
Bosscher 1994, Foose et al. 1996). There are few publicly accessible sources focusing
on the nonstructural geomaterials without addition of pozzolanic materials.

In this paper, tire scraps and construction sands were mixed into a matrix at certain
mass ratios. Such formed geomaterials, known as sand-tire lightweight fills, have
advantages over general fills by being lightweight. The property of low unit weight
enables the lightweight fills suitable for various infrastructure works where less
overburdens and lateral loads are expected, e.g., embankments rested on difficult
ground, embankments under broadening, bridge abutments, slope and retaining
structures, and utilities trench backfilling works. To research the mechanical behavior,
especially deformation characteristics of sand-tire lightweight fills, helps predict the
settlement and deformation of the field applications. A laboratory study was conducted
to discover the compression and shear deformation behaviors through 1-D compression
tests, direct shear tests and triaxial compression tests. Factors affecting the deformation
behaviors were analyzed. The work can be regarded as an initiative for further
addressing the constitutive laws of such granular lightweight geomaterials.

EXPERIMENTAL PROGRAM
Materials and Specimens

Materials consisted of construction sands and tire scraps. The water content of sand
was around 5%. Sand specific gravity was 2.62. Figure 1 shows the sand gradation
curves. The sand was well graded. Tires are made of rubber, a polymer with elastic and
frictional property. The tires were chipped into even scraps by the manufacturers, as
shown in Figure 2. The size of scraps fell within 4-5 mm. The tire specific gravity was
1.33, a half of typical soils, contributive to reducing the unit weight of mixtures.
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FIG. 1. Gradation curves of sands. FIG. 2. Scrap tire beads.



80 GEOTECHNICAL SPECIAL PUBLICATION NO. 189

The sands and tire scraps were mixed together according to the mass ratio of sand
versus tire, known as sand-tire ratio 7. The ratios included 10:0, 9:1, 8:2, 7:3, 6:4 and
0:10. Scaled materials were mixed homogenously via air-mixing methods. The mixing
ratios and unit weights of mixtures are presented in Table 1. It is seen that one tenth
increment in tire leads to 10% decrement in unit weight of mixtures.

Table 1. Mixing Ratios and Densities of Specimens.

Sand-Tire Ratios 7 Relative Densities, p, Densities, p (g/cm®)
10:0 0.7 1.784
9:1 0.7 1.617
8:2 0.7 1.466
7:3 0.7 1.325
6:4 0.7 1.257
0:10 0.7 0.701

Test Methods

Test methods included 1-D compression tests, fast direct shear tests and
consolidation-drained (CD) triaxial compression tests. The test procedures were
implemented in accordance with Standard for Soil Test Method (GB/T50123-1999). In
1-D compression test, the loads P were 12.5, 25, 50, 100, 200, 400, 800, 1600 and
3200 kPa. The normal stresses o in direct shear tests included 100, 200, 300 and 400
kPa. The confining pressures o, in CD tests included 100, 200, 300 and 400 kPa. The

axial compression rate in CD tests was 0.015 mm/min (i.e. 0.018% strain per min).

RESULTS AND DISCUSSION
Compression Characteristics

Terzaghi’s 1-D consolidation model assumes that the volumetric strain of soils comes
solely from void decrease, and that contraction of soil particles and pore water are
neglectable. In sand-tire mixtures, however, the rubber tire scrap, as an elastic polymer
material, is relatively less rigid compared to the sand. As a result, tire scraps are prone to
exhibiting non-neglectable volumetric strain if exposed to high isotropic pressures. As
such, the void ratio e is better to be replaced with an alternative parameter to predict the
settlement or deformation of the mixture in 1-D compression tests. To quantify the
compression deformation, compression strain €, (representing vertical deformation
divided by the specimen initial thickness), was used to account for both the void and tire
scrap compression. The relationship between £, and vertical loads P may reflect the
compression characteristics of lightweight fills under 1-D loading conditions, and be
used to calculate the compression modulus Es.

Figure 3 presents the £_-logP curves of specimens at varied ratios. It is shown that
the curves develop hyperbolically without clear yield or jump points, which is thought
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ascribed to the elastic and frictional property of tire scraps. The curve developments are
clearly associated with the sand-tire ratios. With ratio 7 transiting from 10:0 to 0:10,

sand component decreases and tire scrap component increases; the specimen’s
compression deformation intensifies. When the mixture consists solely of tire scraps
(17=0:10), €.-logP curve is isolated from the other curves, presenting substantial

deformation. It is inferred that sand particles efficiently fill the voids of tire scraps and
thus offset partial compressions.

Load P (logarithmic scale, kPa)

1 10 100 1000 10000
0 1 | 1 |
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25 - —4—n=0:10

FIG. 3. £_-logP curves of sand-scrap tire fills.

Rebound-reloading procedures were also conducted in the 1-D compression tests. The
loading P followed the path of 400-100-400 kPa. Resilient index C,,_, was defined as
the slope of the rebound curves shown in Figure 3. A high C,,_, value indicates a high
elasticity and low plasticity of mixtures. It is shown that C,_, increases with the
increase of tire scrap (decrease of 77), which means that tire scrap is able to convert the
mixture into an elastic body. It is also seen that the compression of sand-tire mixture is
composed of two parts, i.e., plastic deformation and elastic deformation. Both of them
increases with decrease of 7.

Simulation of the £_-logP curves results in a quantified estimation of deformation or
settlements of practical works using the sand-tire fills. The curves may be simulated
using Eq. 1, where, a,,b, representing curve fitting parameters (see Table 2).

log(P)=¢,/(a, +b¢&,) )

Table 2. Parameters for £_-1gP Hyperbolic Simulations.

n a, b, R’
10:0 0.21 0.27 0.99
9:1 0.71 0.27 0.99

8:2 0.63 0.27 0.97

7:3 0.67 0.29 0.98

0:10 1.77 0.33 0.95
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Direct Shear Deformation Characteristics

Figs. 4 and 5 depict the shear stress-shear displacement curves of specimens under
normal stresses o of 100 and 300 kPa. The curves develop hyperbolically. It is seen
that there is a clear difference between curve of pure sand and curves of mixed
materials. The curves are basically divided into two groups. For pure sand specimens,
the stress is constant after the peak value is reached, being a strain-soften style of
compact sand; for sand-tire mixtures, the curves are strain-hardening styles, similar to
loose sands. It is interpreted that not only elastic tire scraps decrease the rigidity of
whole mixtures, but also the volumetric contraction of the scraps offsets sand dilation,
similar to the shear deformation of loose sands.

5 5
& (mm) J (mm)
—— N=0:10 = 1n=6:4 > n=7:3 =% n=8:2- n=9:1—+— n=10:0

FIG. 4. 7-0 curves (oc=100kPa) FIG. 5. 7-6 curves (0 =300kPa)

It is also shown in Figs. 4 and 5 that shear resistances decrease with the increase of tire
scraps (decrease of 77). With the increase of tire scrap contents, the stress-harden level

intensifies. This can be interpreted in terms of the shear strength mechanism (Qu 1987,
Lu et al. 2006). It is pointed out that internal friction angle ¢ of granular materials is

related to three components, as shown in Eq. 2.
P=Q, TP+ ¢, 2

Where, ¢ representing internal friction angle of granular soils, ¢, representing
component of sliding friction, ¢, representing component of dilation, ¢, representing
component of breakage and rearrangement.

In the case of sand-tire mixtures, contractible tire scraps offset the sand dilation. The
mixture is lagged in particle breakage and rearrangement compared to pure sands
(leading to decreased ¢, ). Furthermore, the interlock force is offset (leading to
decreased ¢, ). While tire scraps are able to slightly increase skin friction, such resultant
increase of ¢, is less than the decrease of ¢, and ¢, . As a result, the shear resistance is

reduced on the whole.
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Triaxial Shear Deformation Characteristics

Figs. 6-9 depict the deviator stress-volumetric strain-axial strain curves of specimens
at sand-tire ratios of 10:0, 9:1 and 7:3, respectively. Under the conditions of same
mixing ratio and different confining pressure o, , hardening levels of deviator
stress-axial strain curves increase with o, . With the increase of o, , relative densities of
mixtures increase. The interlock force and shear resistance increase. As a result, the
higher the o,, the higher shear resistance and elastic modulus.

Distinct from the shear dilation of compact sand, all mixtures underwent shear
contract. Under the same axial strain ¢,, the higher the o, the more the volumetric

strain ¢, . If the portion of tire scrap increases (Fig. 9), the influence of confining
pressures on volumetric strain is clearer. It is thought that high o, effectively
“consolidates” the scrape before shearing. The major volumetric strain of tire scraps
was accomplished in the consolidation processes. On the other side, such highly
“consolidated” scraps yield relatively less volumetric strain.
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The shear strength parameters (¢ and ¢) for sand-tire mixtures are shown in Table 3.
It is shown that internal friction angle ¢ ranges between 28° and 32° for sand-tire
mixtures, slightly less than that of pure sands (33%-35°) and substantially more than that
of pure tire scraps (18.1°). It is meant that inclusion of a volume of sand helps maintain
the internal friction and interlock effect of mixtures. It is also shown that inclusion of
tire scraps trigger cohesion in the mixtures, with ¢ being on average 30 kPa for
sand-tire mixtures. It is seen that the inclusion of tire scrap enhances the shear strength,
in particular the cohesion, and that mixtures of 7= 8:2 and 7:3 are technically
advantageous over the others, providing a balanced combination of ¢ and ¢.

Table 3. Direct Shear Strength Parameters Sand-Tire Mixtures.

n Direct Shear Tests CD Shear Tests
¢ (kPa) AV c (kPa) AW
10:0 0 32.9 0 34.8
9:1 15 322 29.1 29.7
8:2 30 29.4 31.1 28.9
7:3 31 28.3 28.3 28.5
0:10 15.5 18.1 - -
CONCLUSIONS

This work was conducted to research the compression and shear deformation
characteristics of granular sand-tire lightweight fills. It was found that the relationship
between compression and load develops hyperbolically. The compression included two
parts, e.g., elastic and plastic deformation, which increased with decrease of 7. The
compression summation can be used for predicting the settlement of practical works.
Mixtures underwent shear contraction in triaxial tests. Hardening levels of stress-strain
curves increased with confining pressures. The contents of tire scraps were able to
influence the relationship between confining pressures and volumetric strains.
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ABSTRACT. To optimize utilization of the closed municipal solid waste (MSW)
sites, there is a dire need to establish simple, reliable and cost effective testing
methodologies. Characterization of MSW sites is difficult due to non availability of
standard procedures and limited worldwide experience. The shear strength is
probably the most important parameter for the design of any structure on the closed
MSW sites. Direct Shear Test has been widely used for the evaluation of the shear
strength of MSW. Because of the obvious limitations of lab testing of MSW samples,
a Field Large Size Direct Shear Apparatus was designed. Numerous insitu direct
shear tests were performed in a closed MSW sites with the designed apparatus and
very encouraging results were obtained. While maintaining simplicity, the apparatus
allows strict load and deformation control. This paper highlights the salient design
features of the apparatus.

Keywords: MSW, Insitu Shear Strength of MSW, Field Direct Shear Test Apparatus

INTRODUCTION

For safe and stable design of intended structures, MSW sites necessitate a
comprehensive geotechnical investigation. Shear strength parameters are the most
important geotechnical properties. Due to large variation in composition and difficulty
of extraction of undisturbed samples for laboratory investigation, large direct shear
apparatus is required for in-situ testing. It was therefore decided to design and
manufacture a direct shear test apparatus for insitu testing of large representative
samples of MSW. The design and testing procedure of the new apparatus is based on
number of factors peculiar to un-controlled and non-engineered MSW sites.

DESIGN FEATURES OF LARGE DIRECT SHEAR TEST APPARATUS
Specimen Size and Shape. Through visual observation, horizontal and vertical

profiling using various techniques and physical segregation of solid waste at six pits
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at different MSW sites in Pakistan, it was concluded that the size of representative
sample should not be less than 1 m x 1 m x 0.65 m. Therefore direct shear box
measuring 1.22 m x 1.22 m x 0.75 m was manufactured to ensure testing of
representative specimen.

Method of Loading. The apparatus was designed to allow strain-controlled shear
tests. The box is strong and rugged to allow application of normal stress in the form of
concrete blocks, steel panels, etc. Horizontal shearing force is applied with the help of
a motorized jack via push beam connected to the upper shear box.

Drainage Conditions. The size of particles of the MSW are very large with a very
high permeability, therefore the apparatus is designed to allow drainage from bottom
of apparatus during the shear test.

Robust. The apparatus is very robust; suitable for soft and medium soils also.
Simplicity and Practicality. The apparatus can easily be manufactured using the
guide lines given in this paper. The apparatus is simple to use and easy to transport.
Friction Between Components. Owing to the large size of the apparatus vis-a-vis the
weight, it was obvious that the upper and lower box will develop very high friction
between them. Therefore steel wheels have been provided under the upper shear box
which rolls on guide-rails provided longitudinally on the lower shear box.

Light Weight - Manual Transportation. It will mostly not be possible to transport
the apparatus to the test site on a vehicle because of the low strength of the MSW. The
heaviest component of the apparatus is designed in such a way that it could be
conveniently carried by two persons across the MSW site and quickly assembled on
the test site.

CONSTRUCTION DETAILS OF THE APPARATUS

The apparatus is fabricated with steel and wood that include a number of innovative
elements. Various dimensions of the apparatus are shown in Table 1; plan and side
views of the major components of the apparatus are shown in Figure 1 and 2.

The Shear Box. It consists of an Upper Shear Box and a Lower Shear Box.
The shear box has the capability of sustaining lateral shearing force of upto 100 kN.
Upper Shear Box. It is made of steel angle iron (L-sections) and rectangular steel
pipe fitted with detachable wooden planks. Details of different components are labeled
in Figures 3 through 6. Joints between various steel parts are welded and the
detachable wooden planks are fixed to the steel frame with steel bolts. The steel frame
is provided with two pairs of 7 cm diameter low friction steel wheels at the bottom on
both sides to minimize friction between the upper and lower boxes.

Lower shear box. It is made of 10 mm thick steel sheet welded to Scm x 5 cm x 6
mm L-section H-frame. The 2.1 m long H-frame act as sliding rail for the top shear
box and is capable of facilitating maximum shear displacement of 60 cm. Chisel
edge at the bottom, is flushed into the ground surface to hold the specimen and
provide a reference. A small gap, created by the low friction steel wheels, separates
the two boxes. 9 mm dia steel bars are welded on each side rail, as shown in Figure 7,
to prevent derailment of the upper shear box during application of the shearing force.
Normal Load Bearing Steel Plate. A detachable steel load bearing is provided with
the upper shear box for uniform distribution of normal stress as shown in Figure 11
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and Figure 12. Normal load can be placed in the form of curb stones, concrete blocks
and even sand bags. The size of the bearing plate is 3 cm lesser than the internal

width of the shear box to prevent friction with the

Table 1. Dimensions of the Large Dir

side walls of upper shear box.

ect Shear Test Apparatus

Dimensions Complete | Upper Lower Push Bearing
Box Box Box Beam Plate
Height (cm) 75 60 13 - -
Length x Width (cm) | 122x 122 |122x 122 | 122x 122 | 18x 18 119x 119
Weight (kg) 327 140 100 50 37

Normal Loading
U Shi
Steel Bearing Plate pper Shear

Push Beam

" Motorized
Gear Jack

i Proving Ring

FIG. 1: Plan view of Large
Direct Shear Test Apparatus.

Upper Shear Box

Guidi Detachable
uiding mmh]eam Proving

Rail .
\ /rln
IO.6 m

wheels

Mototized
gear jack

Lower Shear Box Built
within H-Frame
FIG. 2: Side view of Large
Direct Shear Test Apparatus.

H-Frame

Rectangular steel pipe

‘Wooden plank
6cmx4cmx5cm

117 cm x 48 cm x 25cm

Steel L-sections Wooden planks

6.25 cm x 6.25 cm x 8 mm
/ Wooden planks 25 mm thick //'

122 cm

Steel L-Sections
Scmx 5 cmx 6 mm

/l
Steel Bolts /122¢m

37.5mm x 9 mm

Steel L-Sections -

A4

6.25 cm x 6.25 cm x 127 cm x 48 cm X 25 mm

k| i | i

8 mm

FIG. 3. Panoramic view of Upper

FIG. 4. Plan of Upper Shear Box at

Shear Box. mid height.

Proving Ring. A 100 kN proving ring is use

d with the large direct shear apparatus

for measuring the shear stress as shown in Figure 10. The proving ring is provided
with a dial gauge having a least count of 0.002 mm. Load cell along with the data

acquisition system can also be used instead of the proving ring.
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Steel Rectangular Pipe Section, Steel Rectangular Pipe Section,
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FIG. 5. Front elevation of Upper FIG. 6. Side elevation of Upper

Shear Box at mid axis. Shear Box at mid axis.
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FIG. 7. Panoramic View of Lower  FIG. 8. A. Front elevation of Lower
Shear Box. Shear Box at mid axis. B. Side elevation
of Lower Shear Box at mid axis.
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FIG. 9. Panoramic View of FIG. 10. Proving Ring 50 kN attached

Specially Fabricated Motorized with Jack Threaded Head. Gear Jack.
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Motorized Jack. A 220 volts electric motor with a speed of 30 rpm is attached to the
jack to move piston of the jack at the rate of 4 mm/min to a maximum distance of 30
cm. The electric motor with gear can be used at different speeds depending on the
required rate of shear and shearing stress. The jack piston has a threaded male head
which is screwed into the 100 kN proving ring. The jack is provided with a two way
control switch which controls the inward and outward movements of the jack piston;
Figure 9 shows different components of the motorized jack. The jack can also be
operated manually with a detachable handle.

Push Beam. A high strength detachable steel push beam is provided for uniform
distribution of the shearing stress across the entire width of the upper shear box as
shown in Figure 11. This push beam is made of 8 mm thick mild steel plate bent to
make a C-channel and three 8 mm thick steel plates welded on the hollow side.

TESTING PROCEDURE

Excavation of Pit. Mark an area measuring 1.2 m x 1.2 m on the ground at the test
site and excavate a trench around this area to the desired depth ensuring minimum
possible disturbance to the sample in the centre.

Placement of the Shear Box. The lower shear box is place around the sample in a
way that it penetrates approximately 13 cm into the solid waste such that collar is
flushed to the ground. The upper box is then placed over lower box; steel wheels
provided at the bottom of upper shear box maintain space for the shear plane to occur.
Thereafter the normal bearing plate is placed on top of specimen for application of
normal load as shown in Figure 12.

Application of Normal Stress. The required normal stresses can be achieved with
any suitable material which can be easily carried to test site such as concrete blocks,
sand bags, etc. Each specimen should be tested for three progressive normal stresses
by ‘staged direct shear test” to avoid preparation of new samples and to eliminate
effect of sample variability.

FIG. 11. Boxes fixed on the test FIG. 12. Normal Load Bearing
specimen. Plate placed over the specimen.

Application of Shearing Stress. The lateral load is applied to the upper shear box by
means of a 100 kN motorized jack at a constant rate. Different strain rates are
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possible through appropriate gear installation; gear with a speed of 4 mm/ min was
used with the jacks in our test program.

SAMPLE TEST RESULTS

The apparatus was used for measuring direst shear strength of MSW in a closed
MSW site near Islamabad, Pakistan. To avoid preparation of new specimens and to
climinate effects of sample variability, specimen were sheared repeatedly under
increasing normal stresses of 6 kPa, 13 kPa, and 20 kPa at relative displacements of
2%, 3%, and 4% strains. Sample test results are shown in Figure 13 and 14.

= ~
é 16 E 16
< 12 / <12 /
4] @
= 8 . 28 . .
5 s 6 kPa - 2% Strain
L 4 2 “13 kPa noy “ 3% Strain
g ! 20 kPa § N 4% Strain
0 0-
7 0 2 4 6 8 10 12 14 16 500 5 10 15 20
Horizontal Displacement (cm) Normal Stress (kPa)
. FIG. 14. Shear Stress vs. Normal Stress
]F;Iig).lalc:;e.msegiér Stress vs. Horizontal (C = 6.63 kPa, ® = 25.07°).
CONCLUSION

Presently construction of structures over closed MSW sites is very rare because of the
lack of understanding of the geotechnical behavior of MSW sites and absence of
suitable apparatus to evaluate their strength and settlement characteristics. The
apparatus proposed in this paper can be manufactured with little technical skill. The
results obtained from the apparatus are real representative of the shear strength of
MSW at the particular site.
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ABSTRACT : This research is based on three different views of the industry,
academic and government. Our assessment criterion goals were five dimensions of
“the utility aspect”, “the economic aspect”, “the adoption principle”, “the working-
method characteristic” and “the environmental condition”. Using each representative
detailed item from the experts’ interviews and literature reviews, and utilizing Fuzzy
Delphi Method ( FDM ) and Fuzzy Analytic Hierarchy Process (FAHP ) , we get the
comprehensive performance with relative weighted index. Applying the Matrix Law
of Value, we compare the comprehensive performance value of traditional method
and ecological method which are applied to construct national roads. We find that the
ecological method of building national roads is feasible and is better than the

traditional method.

INTRODUCTION

The frequent economic development activity in Taiwan, have caused the
destruction of the ecological environment. The great killer to the environmental
ecology is that the road is frequently excavated and filled out. Using the ecological
method on the national road, we should assess slope protection, drainage, case
content, bridge, tunnel, retaining wall, bar, illumination, serving area, overpass,
ecological corridor, ecological buffering area and the management of construction.
The main purpose is to reduce the negative impact upon the ecological environment
of the road construction, and to keep environmental sustainability. This research is
from the view of road construction and environmental protection. Basing on
ecological knowledge and ecological engineering, we compare the relative
advantages of the traditional method and ecological method applied to the feasibility

of the national road construction.

92



GEOTECHNICAL SPECIAL PUBLICATION NO. 189 93

Construction of fuzzy AHP hierarchy

We approached the key dimensions of the evaluation criteria of ecological
sustainability through comprehensive investigation and consultation with several
experts, including two professors in civil engineering, two professors in construction
engineering, three experienced ecologists and five experienced staffs in professional
procurement of the government department. These individuals were asked to rate the
accuracy, adequacy and relevance of the criteria and to verify their “content validity”
in terms of ecological sustainability assessment. Synthesizing the literature review
such as Chiou and Tzeng (2001 ); Bergen et al. (2001 ); Forman( 1998 ); we develop
the hierarchical structure used in this study.

There are five dimensions of evaluation, including Economy, Utility, Adoption

Principle, Method and Environment. From these, 20 evaluation criteria for the

hierarchical structure were used in this study. (See 1,2™ column in table 1)

Table 1. Fuzzy triangular membership function of evaluation criteria

Dimensions Criteria Min. Geo. mean Max. State
Economy Unit building cost 6 8.51149 10
Maintenance cost 3 8.00825 10
Amount of the budget 5 8.22011 10
Durable service life 2 5.43613 10 Delete
Utility Improvement of efficiency 2 6.58376 9 Delete
Reduction of maintenance cost 1 3.56975 9 Delete
Function of the landscape road 5 8.00792 10
Effect of construction method 7 8.00932 9
Adoption Practicability 5 7.05083 10 Delete
Principle Security 3 6.11813 9 Delete
Gracefulness 6 8.41042 10
Economy 6 8.00294 10
Method Concept of ecology 8 9.53102 10
Artistic vision 7 8.70345 10
Future major trend 6 8.01244 10
Compare with the tradition 4 6.37751 9 Delete
Difficult degree of construction 3 6.53467 9 Delete
Environment  Geometry conditions of the road 8 9.27172 10
Cooperate with other environment 7 8.64017 10
Natural weather conditions 4 7.01487 9 Delete

Selection of evaluation criteria
This research is to investigate face-to-face interview with 6 scholars, 7 industry

professionals and 7 government experts of Highway Administration Bureau.
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According to the definition of Laarhoven and Pedrycz (1983 ) , a triangular fuzzy

number (TFN) should possess the following basic features. A fuzzy number A on R

will be a TFN if its membership function, 4 (x): R— [O,l] is equal to

(x—=L)(M - L),..... L<x<M
U7 (X)) ={U - x) U - M),... M S x S U eveeeemneeea s 1)

O, et e e otherwise

Where, L and U stand for the lower and upper bounds of the fuzzy number 4
respectively, and M for the modal value (geometric mean).

(1) IfMa S, Accept influence factor A which is an evaluation criterion.
(2) IfMa < S, Reject influence factor A.

Where M, is a decision group to the influence factor A, S is a threshold value
whose size will influence the choice numbers of assessment criteria. General
research mostly takes S =0.8, that is the most important assessment criterion.

After passing through Fuzzy Delphi Method, numbers of the overall criteria were
reduced originally from 20 into 12, deleting 8 criteria which did not have the
representative appraisal. The structure of the evaluation criteria after deleting is
shown in Fig.1.

G oal Dimensions Criteria

Al Unit buildngcost
{ A2 Maintenance cost

A A3 Amount of the budget

. B1 Function of the landscape road
Utility —r

B2 Effect ofthe construction method

g B

g Adoption [ C1 Gracefulness

g Principle C2 Economy

k-] C

- D1 Concept of ecology

D D3 Future major trend

i El1 Geometry conditions of the road
Environment

E2 Cooperate with other environment
E

Fig. 1. The structure of AHP for ecological sustainability applied to road
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ANALYSIS, FINDINGS, AND DISCUSSION
Ranking the fuzzy number

It is necessary to nonfuzzify ranking for fuzzy numbers in table 3 for comparison
of each criterion (Hsieh et al. 2004 ) . The procedure of defuzzification (DF) is to
locate the Best Nonfuzzy Performance value (BNP) by equation (1):

DF, =[(UR, - LR,)- (MR, - LR,)l/3- LR, [ A 1) A

ccording to the value of the derived DF or BNP for each criterion, the ranking of

each criterion can then proceed as shown in table 2.

Table 2. Ranking fuzzy weight of assessment dimensions

Dimensions Min. Geo. mean Max. DF. Rank
A Economy 0.0711 0.1706 0.4207 0.2208 2
B Utility 0.1042 0.1407 0.3107 0.1852 5
C Adoption Principle 0.0992 0.1774 0.3487 0.2085 4
D Method 0.1150 0.2317 0.4246 0.2571 1
E Environment 0.0785 0.1773 0.3730 0.2096 3

Comparing comprehensive performance

Five kinds of different facilities are the research object that enumerated
respectively to the traditional method and the ecological method, as table 3 shows.
Experts and scholars interviewed give subjective evaluation in 5 grades to facilities
as shown in table 3. Normalizing the sample data, we carry on the calculation of
performance value (Zadeh 1973 ) . The result is shown in table 4 and table 5.

Table 3. The sample data of the third stage questionnaire

Criteria - Adoption .
m Economy  Utility Principle Method  Environ.

:Pavement of traditional method (T1) 2 2 3 2 2
®:Pavement of permeability (E1) “ “) “) 4 “)
:Retaining wall of anchor (T2) 1 2 1 1 2
®:Retaining wall of frame (E2) %) “ 5) 4 3)
:Slope protection of spray (T3) 3 2 2 2 2
®:Slope protection of grille (E3) “4) “4) “4) 5) 3)
:Cutting of excavation (T4) 2 2 3 3 2
®:Tunnel (E4) 3) “ “) 4 “
:Pavement of asphalt concrete (T5) 2 1 2 1 2
® :Pavement of chain brick (E5) “4) 5) 5) 5) “4)

Note: : Traditional method; ®: Ecological method
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Retracing the data to an expert's questionnaire, we calculate:
Scoring value = X, XlOO/ZX‘. = 0] e e e ()
i=1
1. Traditional method: Pavement of traditional method
2X10Q/(2- 1- 3- 2- 2- 4+ 5- 4- 3- 4)=6.67
2. Ecological method: Pavement of permeability
4x100/(2- 1- 3- 2- 2- 4- 5- 4= 3- 4)=1333

Table 4. Scoring value of satisfying degree in selection samples

Criteria Adoption

Economy Utility Method Environ.

Facilities Principle

:Pavement of traditional (T1) 6.67 345 9.38 6.45 7.14
®:Pavement of permeability (E1) (13.33) (13.79) (12.50) (12.90) (14.29)

:Retaining wall of anchor (T2) 333 6.90 3.13 323 7.14
@ :Retaining wall of frame (E2) (16.67) (13.79) (15.63) (12.90) (10.71)

:Slope protection of spray (T3) 10.00 6.90 6.25 6.45 7.14
®:Slope protection of grille (E3) (13.33) (13.79) (12.50) (16.13) (10.71)

:Cutting of excavation (T4) 6.67 6.90 9.38 9.68 7.14
®:Tunnel (E4) (10.00) (13.79) (9.38) (12.90) (14.29)

:Pavement of asphalt concrete (T5) 6.67 3.45 6.25 3.23 7.14
®:Pavement of chain brick (ES) (13.33) (13.79) (15.63) (16.13) (14.29)

5

Performance.value = Z DF; X Qe ()

i=1
Pavement of traditional method:
(0.2208%x6.67)- (0.1852%3.45)- (0.2085%9.38)- ---- (0.2096x7.14) =7.22
Pavement of permeability:
(0.2208%13.33)- (0.1852x13.79)- (0.2085x12.50)- ---- (0.2096x14.29) =14.22

Table 5 Comprehensive performance value of different methods

Traditional Pavement of  Retaining wall ~ Slope protection ~ Cutting of Pavement of
method traditional of anchor of spray excavation  asphalt concrete
. - Average
Ecological Pavement of  Retaining wall ~ Slope protection T . Pavement of
method permeability of frame of grille unne chain brick
Performance 7.22 4.99 7.94 8.69 5.74 6.92
Value (14.42) (15.05) (14.50) (13.03) (16.57) (14.71)

Feasibility analysis of ecological method
Fig. 2 shows the comprehensive performance value that the traditional method
and ecological method are used to assess five kinds of different project facilities of

national road. We find the superiority of ecological method basing on the following:
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1. Three kinds of experts such as government department, scholar and industry
reflect that the ecological method maps to the higher performance value of
engineering construction of national road unanimously.

2. The average performance value shows that “pavement of permeability” is higher
than “pavement of traditional method”, “retaining wall of frame” is higher than
“retaining wall of anchor”, “slope protection of grille” is higher than “slope
protection of spray”, “tunnel” is higher than “cutting of excavation” and
“pavement of chain brick” is higher than “pavement of asphalt concrete”. This
shows the ecological method is superior to the traditional method in the

engineering construction of national road.

20.00
15.00 S—y —e— Governments
f m - “holars
10.00 — e Scholars
Industrys
5.00 - e Total mean
0.00
T1 T2 T3 T4 TS5 E1 E2 E3 E4 ES5
Fig. 2 Performance value of different experts’ group
CONCLUSIONS

In recent years, advanced countries advocate that the ecological method, could
maintain the structure and function of the natural ecosystem to ensure the human
security and to reach the ideal sustainability at the same time. We find that the

113

ecological method of “the slope protection”, “retaining wall “, “drainage
facilities”, tunnel “and “serving area” of national road can offer better satisfaction
than the traditional method . The comprehensive performance value of the ecological
method is 14.71 which is superior to the traditional method of 6.92. This implies that

the ecological method on the road construction deserves extensive adoption.
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ABSTRACT: Based on discrete theory, this article tries to develop an optimization
methodology to produce an optimum vertical highway profile for a pre-selected
horizontal alignment. The aim of the program was to establish an initial vertical
alignment according to discreet ground elevation of station. Considering the discreet
characteristic of the ground elevation and the intersection point of grade line, a
discrete model is presented. The automatic design problem is set to select the number,
location and elevation of the intersection point of the grade line after considering
several designing constraints. To solve the constrained nonlinear problem, an ant
colony optimization algorithm is adopted to select the roadway grades that minimize
the earthwork cost and satisfy the geometric specification. A numerical example is
presented to illustrate the application of the program.

1. INTRODUCTION

The alignment design of roadway normally involves the vicissitudinary
applications of two elements: the horizontal design and the vertical design. The two
parts would be employed by turn for many times before the final alignment of the
roadway could be established. Usually, the vertical alignment design is based on a
pre-selected horizontal alignment. The horizontal alignment could provide the related
data of road centerline and some necessary parameters to the automatic design of
vertical alignment. Following a certain algorithm we could turn to the vertical
alignment automatically with the help of computer by using the ground data and
parameter provided by the horizontal alignment. To realize this idea, many scholars
devoted to researches involving the following algorithm: enumeration, dynamic
programming, linear programming, and genetic algorithms.

Enumeration has been employed by Easa (1988). The searching process is
exhaustive. the dynamic programming (Goh et al., 1988; Fwa, 1989) is more effective
and better than before. The method makes it possible to optimize the grade change
point and the position of the elevation, obtaining the best railroad vertical section
design. However, when it comes to three-or-more-dimension cases, the model could
not cope with problems caused by the advanced time and space complexity. For the

99
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two-dimensional problem, the memory requirement for it is approximately of O(n'm),
while the computational times is of O(n -m?). If applying it in a higher dimension
situation, computation is not able to be carried out

Another alternative approach for the problem is to regard the road profile as a
continuous function, such as a spline function to simulate alignments and turn it into a
constrained nonlinear programming problem. After all, the function curve is quite
different from the alignment of roadway.

The linear programming approaches (ReVelle et al., 1997; Chapra and Canale,
1988; Fwa, 1989) were used for vertical alignment optimization. The approaches
employed much more simplified assumptions to establish a model which was adapted
to linear programming approaches. However the computing ability was limited.

Numerical Search (Goh et al., 1988; Fwa, 1989)is effective ,but there exist some
local optimal in the search space.

Genetic Algorithms: Jong (1998) employed genetic algorithms for vertical
alignment optimization. Only in the condition that the preliminary design is given and
the number of intersection points (grade change points) is determined, the algorithm
could carry on. But actually, the computer, not given by an engineer, should calculate
the number of intersection point out.

Ant colony optimization algorithm is a kind of important intellectual colony
optimization algorithm, ant colony optimization algorithm was established initially by
Dorigo (1997, 1999), an Italian scholar. Its basic idea is that ant individuals deliver the
information by the pheromone. When an ant is crawling, it will not only release its
own pheromone which would gradually disappear at a certain velocity on its route, but
also detect the circumstance nearby to figure out whether the pheromone exists or not.
An ant adopts a kind of positive feedback mechanism, if more ants had chosen this
route, there will be more pheromone left on the route, and this route also will lead
more ants to select it, creating a higher pheromone. So the final result is that ants form
an optimum route.

Ant colony optimization algorithm can provide solution to many intractable
NP-hard optimization problems. It has its own advantage in solving the complicate
combination optimization, with huge parallelism, positive feedback and robustness. A
great deal of literature shows that the ant colony optimization algorithm had
successfully worked out the following combination optimization problem: Traveling
salesman (TSP), Vehicle routing (VRP), Job shop scheduling (JSP) and so on.

If the vertical alignment automatic optimization is built into a model with discrete
idea, it could be seen as the problem of combinational optimization essentially. Thus,
we could use the ant colony optimization algorithm to seek a route effectively. This
paper is set to solve the problem of vertical alignment automatic optimization with the
help and development of ant colony optimization algorithm.
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2. THE MODEL

The design parameter of road alignment includes the position and elevation of
intersection points, the radius of vertical curve. Among the parameters, the earthwork
coast is mainly determined by the position and elevation of intersection points.
Therefore this paper only considers the position and elevation of intersection points as
the parameter of optimization to illustrate this algorithm.

Once the centerline of the road is established, the elevation of every intermediate
station is going to be given to decide the ground profile. This is a discrete procedure
which also corresponds with the basic requirement of ant colony algorithm.

If we make a grid for the model, and along with the ground profile, we draw a
vertical parallel line at each intermediate station with a certain horizontal space. The
line is going to be equally divided in the bilateral direction. Thus, scattered grid points
are formed along the ground profile, as shown in Figure 1.

- o PR
) s AN r ~ - ~ —
]—0 ~ ~ —
oo TN T T SR T
= P - -
~ (Xs’ yst)
1 <
4
- . 3
FNr/2 4 2 | . E
Ground profile”| -~~~ L —T < | T
j=Nr/24+1 - -
L=
; N P BN
jFNr — — —
o)
? Z

(i fom 1L
Figure 1. Form of Grid

The lines are indexed by 0,1,2, ...,Ng (midddle stick station), the horizontal lateral
lines are indexed by 0,1,2, ..., Nr (from up to down).

Grid points Gy €G={ (i,j) | i€[0, Ng] ,jE€[0, Nr]}; The horizontal and vertical
coordinate of Pjjis (xjj, y;) (i.e. intermediate stations and the elevation); The problem
can be expressed by seeking the serial set of all the grade change points, to make the
objective functions minimum, route= {Py, Py, P> , ..., Py ..., Pnp b, P={ (i j)

| ie Hroute, je Vroute }, Np+l is the total number of the grade change points.
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Z=min C(Po» P1» Py, ..., Py ..., Pyp) (1)

Nr
s.t. zw.. =1, ie Hroute"
=0

Nr
ZWU =0, i¢ Hroute"

=0

Nd

Y wy <N, j=0l: Nr
i=0

w;€ {0,1}, i,)eG

Lmin<x,,, —x, <Lmax, ie Hrouté,

Tmin < 2 Y0s o Imax, (i, )€ routé

Xipg =X
j=Nb, i=0
J=Ne, i=Nd.

Hroute is a subset of the horizontal number in route set, while Vroute is a subset of
the vertical number in the route set. The decision variant wj; shows whether the ant
passes the grid point; Gj;, wi=1 shows that the route includes the grid point Gj;and
w;i=0 shows that the route does not include the grid point Gj;.

(O,Nb) is the starting number, (Ng,Ne) is the ending number of the profile;

generally: 2, 2,

Lmin is the allowed minimum slope length. Lmax is the allowed maximum
slope length. Imin is the allowed minimum roadway grades. Imax is the allowed
maximum roadway grades.

3. ANT ALGOTITHM TO THE PROBLEM

3.1 The way of choosing intersection point:

Placing the ants at point B, ants will then start from point B, and step toward the
destination E, every ant can select only one point at one step, and which point would be
chosen as the next step depends on the transition probability. “p* iuv 1s the transition

probability that an ant steps from point Gkij to point G*u k0,1, 2.....m}, and it

could be work out by eqn (2). There are two factors: the pheromone ants have left
behind on the route and the heuristic information between the two points, which are
affecting the transition probability. Respectively, “tj.,~ and “nij,uv” represent the two
factors. The parameter “o” and “B” are used to show the level of relative influence on an
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ant’s choice between point “Gkij” and point “G*,,”. “o” is the pheromone transition
factor that reflects the relative importance of pheromone. “B” is expectation transition
factor that reflects the importance of “visibility”.

(7., D1 (1., OV
202,01 (7, O

(uv)earrived*

, if (u,v)€ arrived(i, j)* 2)

pki/,uv(l) =

3.2 The construction of “set arrived”

The present point of ant “k” is assumed as Py(i,j) (the ant k reaches a grade change
point at the moment T). According to the usual way of dealing with TSP problems, the
total number of visiting point is (Ng-i) XNr should start from column i+1 to column
Ng. If the length of the road increases, the number of the grid points will also increase,
which will make the calculation impossible. Therefore an arrived set of the visiting
points should be chosen according to the current point to minimize the storage and
searching range. The set is named “set arrived” (denoted by arrived (i,j))includes all
the possible points that an ant may reach at point Py(i,j).

As the design of the vertical alignment, from a grade change point to the next point,
the next grade change point must be restricted in the space within the minimum
roadway grades and the maximum roadway grades and the minimum slope length and
the maximum roadway length. Therefore all the grid points in the space form a set
Arrived. If an arbitrary point Q (u,v) is assumed to belong to the set Arrived (i,j), then
the choice possibility p* ijuv between the point Py(i,j) and the points within the set
Arrived should be calculated in order. Using the method of roulette wheel selection
according to the possibility, the next point Py, to be visited should be selected. And
when the ant visits this grade change point, Py should be stored in the set Route* of
this cycle. In order to ensure that the ant goes from the start point to the ending point
and each grid column is visited only once, the points visited should be stored in the set
Route® immediately. Actually the set Route® is a kind of tabu set, and the points in
the set Route® will not be chosen again. If the ant chooses to visit the next point, then
actually a grade section is formed between this point and the next point. The route that
the ant goes from the starting point to the ending point is the grade change point set
which is a way of the vertical alignment, as shown in Figure 2.
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Figure 2. Set Arrived of Point Pt

3.3 The update of pheromone:

There are two aspects in the update of pheromone on each grade line. On one hand
the pheromone will be increased if the ant selects to pass through that line, on the
other hand, the pheromone is a kind of material of volatility, it could gradually
disappear at a certain time. So the amount of pheromone changing at the moment
“t+n” could be calculated as follow:

it +n) == p)- T (@) + AT () 3)

A7, ()= iAfﬁw Q) o
k=1

2

Az, (¢)is the increment of pheromone between the points “£” and “F,,” in a

ij,uv

cycle. (at the original moment, Az, (£)=0). 7} (¢) is the pheromone which is left

ijuv i

[T3P"e 1}

by the ant “k” between the points “P” and “P,,” in a cycle. is the volatile

0

coefficient of pheromone, so “1- p ” shows the remainder level of pheromone.

Ant colony algorithm could divide into ant-cycle algorithm. ant-quantity algorithm
and ant-density algorithm according to the renew way of pheromone. Ant-cycle
algorithm is the one that the feedback information used in searching process is overall,
but the feedback information used in ant-quantity algorithm and ant-density algorithm
is local. So the ant-cycle algorithm is more discreet than the other two algorithms, and
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k ; fon-
Az, (1) can be worked out by the following function:
AT (1) = # ©)
> (vg, —yd,)’
s=1

where ygs= The ground elevation of the intermediate station “k”. s {0,1, 2, ...,
Ng}; yds= The design elevation of the intermediate station “k”. s {0,1, 2, ..., Ng};
Q = The intensity of pheromone, affecting the convergence velocity to a certain extent.

3.4 The usage of heuristic function

The heuristic function is used to work out the visibility that could show the
influence of guidance factor between the two points. So the function should be the
total cost of all the roadway cost, including earthwork cost, vehicle operating cost,
land cost and pavement cost. But this report is purposed to illustrate the application of
ant colony algorithm in vertical alignment design, so it only regard the earthwork cost
as the target of optimization in the objective function. The other three kinds of
roadway cost are assumed to be excluded from the objective function. The earthwork
cost C is mainly due to the relative difference between grade and ground elevations.
The computation of the cutting and filling cost is summarized below according to C. J.
GoH and E. P. CHEW and T. F. Fwa (1988) .Let “p” and “v” denote the filling and
cutting cost per unit cross sectional area that may be location dependent. Let

A, =yd - yg,, A, =yd,, - yg, where h = the vertical distance of a grid; C; = the
earthwork cost between the station “i and “i +1”,1 {0,1, 2, ..., Ng}.
@) Cutting,no crossing of ground profile and road profile
If A, <Oand A;-A,,, 20 then C, = —%(Ai +A,). ©6)
(i)  Fitting, no crossing
If A,20and A, -A,,; 20 then C, =’u7h(Al +A,,) @)

(ii1))  Crossing, cutting, and filling

If A, 20and A, -A

i+1

2 2
<0 then C, :ﬁ% (®)
2 Ai _Am

(iv)  Crossing, cutting, and filling

2 2
<0 then Ci:ﬁ.%. ©

If A;<Oand A, - A
_Ai+Ai+1

i+l
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So the heuristic function between point “G;;”and “Gy,” is 7, =

3.5 The processing of fixed points constrain

As for the constraints, we had set a set arrived which is made up of all optional
points to make sure that the route is under our control. But actually we might have to
set another kind of constraint. It is that we need some intermediate stations keeping a
certain elevation fixed to satisfy the requirement. For example, the elevation of a

bridge or a tunnel is not allowed to be modified. Supposed elevation of G, isyg,, let

H =yg,- &H,=yg - € (¢ is a quite small real number). If we divide the space

between “H;”and “H,”more accurately to obtain a finer grid, that we will force ants
to select those accurate grid points to keep the elevation of this point change in a small
range, as shown in Figure 3.

Figure 3. Fixed Point Constrain

3.6 A numerical example
The length of a highway in Hunan Province is 4360m.We set parameter as follows:

0=02,=40,p=04, 0=100,1,, =0.3%,1,, =60%,L,, =120,L,, =900,

>~ min >~ max > ~min

Nr=20, Nc=219. The vertical space distance is 0.6m, the horizontal space distance is
20m.The whole region is divided by 219x20 grids in our experiment. The iteration
number of ants is 60.The result alignment shows in Figure 4 (only a part of the
alignment). The total running time is 6.72s on a computer with Intel(R) core(TM)2
Duo CPU T7250, 1G memory.
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Figure 4. A numerical example

3.7 The selection of parameter
Ant colony algorithm is a kind of stochastic algorithm. The accuracy of the result
has something to do with the optimum parameter. For instance, “m”(the total number

of ants) exercises a power influence upon the result. Table 1 shows that the more the
ants are, the better the result is.

Table 1. Cost about the Total Number of Ants
m Worst Average Best
2 180.72 137.5764 110.562
12 146.491 120.8007 92.5396
100 110.37 100.8759 84.5539

The classic ant colony algorithm cannot supply the parameter. So only by a lot of
experiments can we get more suitable parameters. We run the program 100 times in
the case of changing a parameter to get some experimental results:

0<x<5,0£4<5,0.1<p<0.9,10£0<10000.
4.CONCLUSIONS

According to the ant colony algorithm, we designed a program to carry out
automatic design of roadway vertical section. This program has the following
advantage:

(1) Creating the grade change point automatically: the program can automatically
select the number, location and elevation of the grade change points considering
several design constraints, while some other methodology can only select the
elevation of the grade change points.

(2) Computing efficiently a large number unknown parameter, just as our experiment,
the program is able to compute a long distance roadway with a large quantity of
parameters in a high speed.
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ABSTRACT: With the rapid development of highway construction in China, the
importance of slope greening design is gradually increasing. This paper applied
Analytic Hierarchy Process (AHP) into the design of slope greening and respective
analyzed the weight of engineering effect, investment, ecologic function, aesthetics,
visual safety for drivers and cultural connotation for a slope greening design. Through
the analysis, this paper discussed the methods and principle for slope greening design
using AHP. Finally, the paper obtained the result that the effectiveness and the
reliability of engineering technology environments are the most key considered factors
for slope greening design and also consider the act of protecting original ecological
environment, hindering the noise and beautifying the environment for a slope greening
design. The method and principle in this paper can provide theoretical method for
slope greening design.

INTRODUCTION

The construction of highway started relatively late in China, which started in the
beginning of 80's. The protection design of side slope usually used engineering
protection in the first stage of highway construction. After 1990’s, with the
Specifications for Environmental Impact Assessment of Highways (JTJ 005- 96) and
Specifications for Environmental Protection of Highways (JTJ/T 006- 98) were
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implemented, engineering protection of slope replaced by plant protection gradually.
Different from the traditional engineering protection technology, the objective of
side-slope greening and protection are not only ensuring slope stability, but also
beautifying environment, protecting environment, displaying humanistic spirits,
representing urban characteristic and satisfying drivers psychic demands, and so on.
Reviewing the development milestones of highway construction in China, the author
found that highway slope greening has some problems, such as serious grasses
degradation, poor effect of landscape, single tree species, and so on. By comparing
and analyzing, AHP is considered to be a suitable method for highway slope greening
design. Above all, this paper discussed the methods and principle for slope greening
design using AHP, which can provide theoretical method for slope greening design.

THE ESTABLISHMENT OF HIERARICHY STRUCTURE

Mathematical foundation of AHP

A thorough treatment of the basic mathematical concepts of AHP is found in the
literatures (Gass 1985; Harker and Vargas 1987; and Saaty 1977). Based on define of
AHP, the author putted forward the process of analysis system of slope greening
design as follows:

1) Establishing hierarchy structure model of slope greening design to make all
elements to be decomposed, which were shown in figure 1;

2) According to formula 1, determining relative weight of all elements based on the
questionnaire investigation to five experts in ecology, plant landscaping, garden
art and highway construction;

3) Establishing analysis matrix and calculating the every elements weight
coefficient w = (W), W, . ..., Wn) and maximum eigenvalue A nay;

4) Judging the consistency of the matrix and checking the effectiveness and the
reliability of results. the method is firstly calculating every vector of weights or
priorities w = (W), W2 . . . ., Wn) and the maximum eigenvalue A ,,x; And
secondly obtaining consistency index for every judgment matrix “CI”according
to formula (2);

5) Finally, comparing the “CI” to the mean random consistency index “RI”
showing in table 1 to show the effectiveness and the reliability of results when
CI/RI being less than 0.1.

Therefore, the primary task in the AHP involves the estimation of weights of a set of
objects from a positive and reciprocal matrix of pairwise comparison A= (a;;), which is
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all alZ aln
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Where for alli, j=1,2.....n it would be necessary to develop a vector of weights or
priorities W = (W, W» . ..., W,), which can reflect the weight of every elements.

Table 1 The Mean Random Consistency Index “RI”

Order Number 1 2 3 4 5 6 7 8 9

RI 0.00 |0.00 |0.58 1090 |1.12 |1.24 | 132 | 141 |145

Elements analysis and system establishment of slope greening design

By comparing and analyzing, the experts considered the most important factors for
slope greening deign should being engineering technology B, economic benefit B,
ecological function Bj, landscape function B, driving safety Bs, humanities and
sociological evaluation Bg for slope greening design. As figure 1 showing, the paper
established the analysis system of slope greening design, which contains object
hierarchy, rule hierarchy and index hierarchy.

The evaluation system of engineering technology

Slope greening plays a role of preventing erosion and stabilizing side slope, therefore,
whose first purpose is ensuring the effective and safe of engineering technology.
Moreover, it is necessary that considering working security and simplicity. Therefore,
the author established evaluation system of engineering technology based on four
aspects, which are the effectiveness of engineering technology Ci;, the reliability of
engineering technology Ci,, working simplicity of engineering technology C;3; and
working security of engineering technology Cis.

The evaluation system of economic benefit

With the development of highway construction, the economic benefit for an special
highway construction not only consider the construction cost during construction
period, but also consider maintenance cost during operation period. For a slope
greening design, the author analyzed the construction cost saving C,;, the maintenance
cost saving Cy,, the economic saving for reducing traffic accidents Cas, and the benefit
for traffic volume increasing Cos.

The evaluation system of ecological function

It is generally held by highway workers that slope greening not only plays a role of
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preventing erosion and stabilizing side slope, but also plays key roles of improving
environment structure, reducing pollution, and hindering the noise. From the
ecological view, some fundamental ecological function are given out in this paper,
such as soil and water conservation Cs;, water purification Cs,, air purification
Cj33,hindering the noise Csq,protecting animal Css, windbreak and sand fixation Cssand
protecting original ecological environment Cs7.

The evaluation system of landscape function

“Landscape” has two meanings in geography. The first meaning is “scenery”, which is
a visual object from the aesthetic aspect, and the second meaning is “natural land area
or water area”. Therefore, the paper established the evaluation system of landscape
function based on the six elements, which are abundance and contrast of color Cy,
comparison of space Caz, landscape diversity index Ca3, connectivity index of green
space Cu4, landscape heterogeneity index Cys, landscape fragmentation index Cye,

The evaluation system of driving safety

Slope greening affects the traffic safety to some extent. Slope greening play key roles
in reducing the dull sense, directing the line of sigh, preventing crashing, and so on. It
is important to exertthe safety character of the slope greening model and provide the
graceful, comfort and harmonious safety traffic condition. Thus, the author established
the evaluation system of driving safety based on the six elements, which are directing
the line of sigh Cs;, ensuring visual comfort Cs; and delaying appearance of fatigue
Css,

The evaluation system of humanities and sociological evaluation

Slope greening, a part of basic highway construction, firstly should satisfy users’
demand. Furthermore, slope greening, as a special visual object, should have social
connotation, cultural connotation and aesthetic value. Therefore, the paper established
the evaluation system of humanities and sociological evaluation from drivers’ spiritual
demand Cg, regional culture embodiment Cg,, economic and civilization symbol Cgs.

THE CALCULATION OF HIERARICHY STRUCTURE

The calculation of the factors of rule hierarchy

As table 1 showing, the paper established the judgment matrix of every hierarchy of
the slope greening design and determined the pairwise comparison of all elements by
the questionnaire investigation to the experts.

According to the AHP, it is necessary to develop every vector of weights or priorities
W =W, Wy . ..., Wy, judge the consistency of the matrix and check the
effectiveness and reliability of results. As table 2 shows, the paper obtain every vector
of weights or priorities w = (W), W> . . . ., Wn), the maximum eigenvalue  and
consistency index for every judgment matrix “CI” , which were compared to the
Mean random consistency index “RI” based on the table 1.
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effectiveness of engineering technology Cit

The evaluation system of reliability of engineering technology Ci2
engineering technology Bi working simplicity of engineering technology Ci3

working security of engineering technology C1s_|

construction cost saving C21
maintenance cost saving C22

traffic accidents reduction Cz3
traffic volume increasing Ca4

'The evaluation system of
economic benefit B2
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water purification Cs2
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delaying appearance of fatigue Css
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evaluation Be ecoenomical civilization symbol Ces

FIG 1.The system of slope greening design

Table 1. Judgment Matrix of Every Hierarchy

A: Rule hierarchy

A B, B, Bs B, Bs Bs
B, 1 7 12 2 4 5
B, 1/7 1 1/7 1/5 1/3 173
Bs 2 7 1 2 3 3
B4 172 5 12 1 2 3
Bs 1/4 3 1/3 172 1 2
Bg 1/5 3 1/3 1/3 12 1
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B:Index hierarchy Bjand B,

B Cu Ci2 Ci3 Ciy B, Cy Ca; Ca3 Cyy
Cu 1 2 5 2 Ca 1 1/3 1/5 12
Cn 12 1 4 2 Cn 3 1 12 2
Ci3 /5 1/4 1 1/3 Ca 5 2 1 3
Cus 1/2 1/2 3 1 Cyy 2 12 1/3 1
C: Index hierarchy B3
B3 Cs; Cs, Cs3 Ciy Css Css Cs7
Cs 1 1 2 12 3 5 12
Cx, 1 1 2 12 3 5 12
Cs; 12 12 1 173 3 3 1
Csy 2 2 3 1 3 3 1
Css 1/3 1/3 1/3 1/3 1 1 1/3
Cse 1/5 1/5 173 173 1 1 173
Csr 2 2 1 1 3 3 1
D: Index hierarchy By
B, Ca Ca Ca3 Cuq Cis Cis
Cy 1 2 3 3 5 7
Cyq 12 1 1 1 5 5
Cy3 1/3 1 1 1 3 5
Cy 1/3 1 1 1 2 5
Cys 1/5 1/5 1/3 1/2 1 2
Cye 1/7 1/5 1/5 1/5 12 1
E: Index hierarchy Bsand Bg
Bs Cs; Cs, Cs3 B Ce1 Ces2 Ce3
Cs1 1 3 3 Ca 1 1/5 2
Cs, 1/3 1 1/3 Ce2 5 1 3
Cs; 1/3 3 1 Cs3 1/2 1/3 1
Table 2. Single-level Sequencing and Consistency Check
W= (W, W....,W,) Anx | CI | CI/RI

A (0.291,0.035,0.323,0.176,0.094,0.081) 6.21 |0.042 | 0.033
B; | 0.291 | (0.437,0.294,0.074,0.194) 4.23 |0.073 | 0.081
B, | 0.035 | (0.088,0.272,0.483,0.157) 4.01 |0.003 | 0.005
B; | 0.323 | (0.180,0.180,0.127,0.198,0.051,0.048,0.216) | 7.42 | 0.07 | 0.053
B4 | 0.176 | (0.373,0.196,0.165,0.155,0.073,0.037) 6.14 |0.028 | 0.023
Bs | 0.094 | (0.630,0.107,0.203) 3.04 [0.02 |0.034
Bs | 0.081 | (0.252,0.589,0.160) 3.05 |0.025|0.043
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Hierarchy general ranking
By calculating and analyzing, this paper obtained the hierarchy general ranking is as
follows:

Table 3. The Hierarchy General Ranking of Slope Greening Design

Cu Ciz Csr Cu Cs4 Cs1 Ca Cs Cus

0.13 0.09 0.07 0.07 0.07 0.06 0.06 0.06 0.06
Cs2 Cs3 Cq Cgq Cyu Cs3 Ci3 Ca Cx

0.05 0.04 0.03 0.03 0.03 0.02 0.02 0.02 0.02

Css Css Cs3 Cys Csy Cn Cus Cy Cu

0.02 0.02 0.01 0.01 0.01 0.01 0.01 0.01 0

CONCLUSION

According the results showing table 3, the considered factors for slope greening were
divided into six groups. Firstly, the effectiveness and the reliability of engineering
technology environments are the most key considered factors. Secondly, it is
necessary to consider the act of protecting original ecological environment, hindering
the noise and beautifying the environment for a slope greening design. Thirdly, slope
greening plays key roles in directing the line of drive sight, and protecting soil and
water.
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ABSTRACT

Early identification of voids under a roadway structure is critical on preventing major
failures from occurring. In this study, a 400MHz Ground Coupled Penetrating Radar
(GCPR) was utilized to characterize the subsurface conditions of two roadway
pavements (US290 and 34" Street). A huge (1.8m*4.6m*3.7 m=30.6 m®) void under
US290’s reinforced concrete pavement was successfully identified by GCPR. Video
inspection indicated that a disjointed storm pipe had caused washout and void.
Fortunately, the disjointed storm pipe was identified in time. Otherwise, the 30.6 m’
void would have continued to grow in size until the pavement collapsed, which may
have caused human casualties and property loss. This study has successfully
demonstrated that the GCPR is able to identify void locations. Despite leaking sand
from a Mechanically Stabilized Earth (MSE) wall, no voids were detected by the
GCPR surveys near the MSE wall on 34" street. It is concluded that the erosion of the
fill behind the MSE wall is in a very early stage, so that voids are not large enough to
be detected by the GCPR. Therefore, it was recommended that regular inspections
should be performed.

INTRODUCTION

Detecting concealed subsurface voids under a roadway is critical for preventing
tragedies from occurring. The development of voids beneath roadways is a serious
hazard, making their early detection an important aspect of infrastructure maintenance
and remediation. Leaks or pipe breaks allow for fine aggregate to be carried away,
resulting in local base erosion, the formation of weak areas, and eventually voids. In
addition, the subsurface voids tend to increase in size with time, due to additional
erosion and/or washout [Wilson and Garman 2007]. Thus, there is a critical need to
develop non-destructive and in-situ characterization techniques to evaluate structural
safety to prevent the occurrence of severe consequences such as a collapsed roadway.
In modern roadway engineering, one of the most useful noninvasive methods is
Ground Penetrating Radar (GPR), which transmits and records the passage of
electromagnetic waves through the roadway structure.

GPR operates by transmitting an electromagnetic pulse from an antenna into the
ground and then recording properties of the reflections of this pulse, such as time
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taken for the reflected signals to return to the antenna and the amplitude and phase of
the reflected signal [Evans et al. 2007]. The reflected energy contains a record of the
properties and thickness of the layers within the roadway structure. Reflected waves
are converted into voltage, and the pattern of voltage versus time is recorded [Maser
and Scullion 1992]. GPR technology is very effective for identifying areas where
physical properties have changed, and there may be potentially hazardous voids. The
Texas Department of Transportation and the Texas Transportation Institute have
utilized the GPR technology with success in locating voids under roadway pavements
[Chen and Scullion 2008]. The methodologies presented in this study for detecting
subsurface voids are applicable to any other projects.

In general, air voids and water-filled voids are both detectable using GPR because the
dielectric constants of both air (1) and water (81) are substantially different than most
pavement materials (from 5 to 8) [Chen and Scullion 2008]. If the void is air-filled, a
large negative peak will appear in the waveform, since the dielectric constant of air is
much less than pavement material. Conversely, a large positive peak in the waveform
will appear at the surface of a water-filled void, because that is where the dielectric
increases substantially.

The potential of nondestructive testing is presented, with special focus on technical
advances in GPR applications for void detection. This paper presents two case studies
(US290 and 34™ Street) where a 400 MHz Ground Coupled Penetrating Radar
(GCPR) was used to identify subsurface voids. The GCPR surveys were performed at
walking speed, approximately Skm/hr.

Case Study 1 - A 1.8m x 4.6m x 3.7m Void Under US290

Austin District maintenance personnel of the Texas Department of Transportation
(TxDOT) observed that a section of a longitudinal joint in continuously reinforced
concrete pavement (CRCP) had faulted and separated in a Mechanically Stabilized
Earth (MSE) retaining structure of US290 in Southwest Austin. The fault and lane
drop-off measured up to 75mm and the joint had separated up to 25mm. A narrow
asphalt patch in the faulted area was applied by the Maintenance personnel. The lane
drop-off and longitudinal cracks near the MSE wall prompted district personnel to
request an investigation to assess the safety of the structure and to determine if there
were significant voids under the CRCP.

The main concern was that the lane drop-off and longitudinal cracks near the inlet and
storm drainpipe may be associated with voids in the MSE structure, making it unsafe.
A 400MHz GCPR antenna was used to survey and map the subsurface condition.
GCPR data was collected in the longitudinal direction parallel to the faulted joint and
at selected transverse locations. The reflections from the rebar are readily visible as a
series of hyperbolas (refer to Fig. 1). The reason that a transverse bar appears as a
hyperbola is because the metal is imaged not only when the GCPR antenna is directly
above, but also when the antenna is approaching and leaving the target [Daniels 1996].
The apex of the hyperbola represents the top of the steel rebar, and its measured depth
correlates well with what was given in the design plan.

A significant anomaly adjacent to the drainpipe was found, as shown in Fig. 1. There
is a clear change in the GCPR image at this location. The anomaly starts directly under
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the CRCP. The anomaly shows a significant drop in material dielectrics, and based on
the reflection pattern, it was a suspected void. The indication of the voids was an
inversion of the GPR voltage, indicating a change in dielectric (high to low), as shown
in Fig. 2. Normally, the dielectric increases with pavement layers at greater depth,
yielding a positive reflection at the depth of each layer interface. There are inversions
and significant negative reflections in the GPR image where the anomaly is. Based on
the image, the size of the suspected void was estimated to be significant.

The design plan indicated that a transverse storm drain was placed underneath the
concrete pavement near the end of the faulted joint, so GCPR data was collected in
this area, as indicated in Fig. 2. The GCPR data indicated an anomaly over the
transverse storm drain as shown in Fig. 1. Note that when the amplitude and travel
time of the GPR return signals are continuous, this indicates areas in good condition.
However, when there are amplitude and signal travel time variations, the deteriorated
area can be easily identified. The GPR method, as many other nondestructive
techniques, has advantages and limitations. One limitation is the need for trained
personnel to interpret GPR data. Also, in almost all cases, destructive testing is
required for validation.

A pavement core was taken, and a void approximately 1.8m (6ft) deep, 4.6m (15£t)
long, and 3.7 m (12ft) wide was found, as shown in Fig. 2. The estimated void is
approximately 30.6 m®. As can be seen in Fig. 2, the transverse storm drain had
separated. This separation caused water to erode the area around the drain. The
resulting moisture intrusion in this area and moisture flow from the grassy median
through the embankment into the void may have resulted in the embankment settling
where the longitudinal joint faulted.

Fortunately, the disjointed storm pipe was identified in time. Otherwise, the 30.6 m®
void would have grown in size and probably caused the pavement to collapse, which
may have caused human casualties and property loss. Augering is planned in the area
of the longitudinal joint failure to see if there are other problems with the underlying
embankment material such as deeper voids that cannot be detected by the GCPR.
District personnel are planning to let a project to repair this area.
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Fig. 1  Conditions of US290 Showing 7Smm Drop-Off on Top of a Mechanically
Stabilized Earth (MSE) Retaining Structure and GPR Images Showing
Voids

Case Study 2 - Loss of Backfill Sand on 34" Street

Amarillo District personnel have been concerned with the loss of backfill sand in a
MSE retaining structure, as shown in Fig. 3. There are medium to severe transverse
cracks on the pavement surface, as shown in Fig. 3. In general, depressions in asphalt
pavements, as well as excessive cracking are early indicators of base and subgrade
deterioration. The deposits of leaking sand near the MSE wall and the surface cracks
prompted district personnel to request an investigation to assess the safety of the
structure and to determine if there are significant voids under the pavement.
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Fig.2  Confirmed 30.6 m’ (4.6*3.7%1.8m ) Void Under CRCP With Disjointed
Pipe

Case Study 2 - Loss of Backfill Sand on 34" Street

Amarillo District personnel have been concerned with the loss of backfill sand in a
MSE retaining structure, as shown in Fig. 3. There are medium to severe transverse
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cracks on the pavement surface, as shown in Fig. 3. In general, depressions in asphalt
pavements, as well as excessive cracking are early indicators of base and subgrade
deterioration. The deposits of leaking sand near the MSE wall and the surface cracks
prompted district personnel to request an investigation to assess the safety of the
structure and to determine if there are significant voids under the pavement.

Previous TxDOT specifications allowed for fine sand to be used in MSE walls for
backfill. Field observations indicate that many MSE projects have similar leaking sand
problems. TxDOT’s in-house study revealed that the loss of sand is normally
associated with significant amounts of water that enters the embankment through
joints, ruptured drainage pipes, approach slabs, or in the vicinity of bridge abutments
[Chen et al 2007].

Normally, if water enters the top of the wall in any appreciable quantity, it will seek a
path out through any breach in the filter fabric covering inside of the wall panels.
Once this process begins, piping will occur, carrying out the fine sand backfill with the
water. Note that once the fabric is broken, it is difficult to patch the outside of the
MSE panel, because the hydrostatic pressure would exceed the adhesion of the patch
material, or eventually tear the patch itself [Chen et al 2007]. The structure was about
12 years old when the leaking sand was noticed and the investigation started. The
typical pavement section consists of 38mm (1.5 inches) of HMA, 200mm (8 inches) of
cement-treated base (7% cement), and 150mm (6 inches) of lime treated subgrade.
The main concern was the loss of backfill sand that may lead to voids in the MSE
structure, making the embankment unsafe. Four parallel GCPR tests were conducted,
among others, to determine the extent of voids under the pavement. Fig. 3 shows the
GCPR testing near the edge of the MSE wall. Typically, the voids were found close to
the MSE wall, and then gradually would extend into the travel lane.

Fortunately, no significant signal inversion (indicating voids) can be found in the
GCPR images in any tested areas. There are obvious changes in the middle section
because of the changes in material and design. It is concluded that the leaking of sand
deposits near the MSE wall is in a very early stage. Thus, any voids are not large
enough to be detected by the GCPR. In addition, unlike the concrete pavement (that
would bridge over the void until it got very large) the asphalt pavement would settle
gradually into the voids. Therefore, it was recommended that regular inspection should
be performed to monitor the MSE.

CONCLUSIONS

It is one of the main functions of transportation agencies to provide safe transportation
facilities for effective and efficient movement of people and goods. The development
of voids beneath roadways is a serious hazard, making their early detection an
important aspect of preventing major failures from occurring. A 400MHz GCPR was
used in two projects to identify voids beneath roadway structures in Texas. The
presence of air filled voids beneath roadway structures are clearly identified in GCPR
images, as they generate a signature that is relatively easy to identify. A huge void
(30.6 m*) under US290’s reinforced concrete pavements was successfully identified
by GCPR. It was found from the video inspection that the disjointed storm pipe caused
erosion and a large void. Fortunately, this was found in time, or it may have caused the
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roadway to collapse. This study has successtully demonstrated that the GCPR is able
to identity void locations.

Despite leaking sand from the MSE wall on 34™ street, no significant voids were
detected. It is concluded that the erosion of the fill behind the MSE wall is in the very
carly stage, so voids are not large enough to be detected by the GCPR. Therefore, it
was recommended that regular inspection should be performed to monitor the MSE
wall.
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ABSTRACT: This paper addresses the needs for non-intrusively measuring 3-D
internal soil deformation in geotechnical engineering. In this research transparent soil
is used to measure internal soil deformation under a model footing. Transparent soil is
made of either amorphous silica gel or powder with a pore fluid having the same
refractive index to model either sand or clay. An optical system consisting of a laser
light, a CCD camera, a frame grabber, and a computer was developed to optically
slice a transparent soil model. A distinctive laser speckle pattern is generated by the
interaction of the laser light and transparent soil. Digital image cross-correlation was
used to calculate 2-D displacement fields between two speckle images captured
consecutively during footing settlement. A 3-D displacement field was obtained in
Matlab® by combining multiple slices of 2-D displacement fields. The results showed
that the developed optical system and transparent soil are suitable for more advanced
3-D soil deformation measurements.

INTRODUCTION

Visualization of three-dimensional (3D) internal soil deformation or strain field
can significantly improve the interpretation and understanding of geotechnical
engineering problems and help in solving these problems more efficiently. Many
techniques and methods have been utilized to obtain internal soil deformation and
strains, including radiography, computerized axial tomography, and magnetic
resonance imaging (Roscoe et al. 1963). However, all the investigations above are
either intrusive or limited by the high cost and technical difficulties.

Transparent materials including photoelastic material and glass have been used in
model studies to investigate stress and flow fields inside natural soil. However, these
studies are limited by the fact that these materials cannot model soil behaviour and
have poor quality of transparency. This paper presents the development of a
transparent material and measurement of internal soil deformation under a model
footing using image processing and laser speckle techniques.
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TRANSPARENT SOIL

Mannheimer and Oswald (1993) and Iskander et al. (1994) demonstrated that a
material made of silica powder and a pore fluid with the same refractive index
exhibits similar stress-strain behaviour as natural clay. Later another kind of
transparent soil was developed to model sand, which is made of silica gel.
Transparent soil mentioned in this paper has been used by other researchers in their
model studies (Welker et al. 1999; Gill and Lehane 2001).

Amorphous Silica Powder for Modeling Clay

Amorphous silica powder used in this study was a commercial product of PPG,
Inc. used without further processing. It has a two-pore system inside. It consists of
ultrafine particles with individual diameters on the order of 0.02 ym. These particles
combine to form larger porous aggregates. Four different kinds of silica ranging in
aggregate size from 1.4 to 175 um were used for modelling clay. Amorphous silica
powders exhibited typical stress-strain behavior in conventional triaxial compression
tests. The measured behaviors of amorphous silica powder appear to represent a
generic clay whose properties depend on the size of silica and consolidation history.
The deformation mechanism and magnitudes were consistent with those of natural
clays at strains less than 15%, which permits modeling deformational problems, since
the strength corresponding to the strain of interest is comparable to that of natural
soils. More details can be found in Iskander et al (2002a).

Amorphous Silica Gel for Modeling Sand

Silica gel is a colloidal form of silica. It is inert and porous, and is available in
sizes ranging from 0.5 mm to 5 mm. The most common shapes are rounded bead and
angular particle. Typical stress-strain behaviors for both fine and coarse silica gel are
consistent with those of natural sands. Dense specimens of fine silica gel exhibited
typical shear dilate behavior, particularly at low confining pressures. The residual
strength of dense samples approaches the peak strength of loose samples at the same
normal pressure. The angles of friction from triaxial tests were 30°-36° for fine silica
gel and 31°-34° for coarse silica gel. Young’s Modulus ranged between 24-84 MPa
depending on density and size. More details can be found in Iskander et al (2002b).
Pore Fluids

Two liquids resulted in sufficiently clear samples. The first is a blend of mineral
oil and a normal paraffinic solvent by one-to-one weight ratio, which has a refractive
index of 1.447 at 25°C. The second is a brine mixture blended from calcium bromide
and water to have a refractive index of 1.448 at 25°C. These two fluids are not
miscible which permits studying multiphase flow problems.

DIGITAL IMAGE PROCESSING AND LASER SPECKLE TECHNIQUES

Digital Image Correlation

Digital image cross-correlation (DIC) is a classic pattern recognition technique
where two images are compared to obtain the relative displacement between them.
DIC is widely used in many engineering fields to obtain spatial deformation patterns,
albeit with several names. The discrete form of standard cross-correlation function is
as follows:
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M-1 N-1

2 Zj(lﬂ,ﬂ) g(m+ Ax,n+Ay)
MN =0 n=0 (1)

where M and N are the dimensions of the interrogated images, f and g are the
intensities of two images being interrogated. The correlation function given above is
sensitive to the average intensity of images. Therefore, the zero normalized cross-
correlation function is normally used in the analysis.
Laser Speckle in Transparent Soil

A laser light sheet was used to target a region of interest inside a transparent soil
model. The laser light sheet was generated by passing a laser beam through a line
generator lens. The interaction between transparent soil and the laser light sheet
produced a distinctive speckle pattern. The speckle pattern created by a laser beam
scattered from a rough surface or from particles in a liquid, has a well-defined spatial
structure (Goodman 1975). The speckle properties typically depend on both the
roughness and reflectance of the surface. Laser speckle technique used here has been
applied intensively in many engineering fields (Erf 1978).

CAx,My)=

AN OPTICAL SYSTEM FOR SOIL DEFORMATION MEASUREMENTS

An Optical Test Set-up

An optical test set-up, shown in Fig. 1, was developed to consist of a CCD
camera, a laser, a loading frame, a test table, and a computer for image processing.
The camera with a resolution of 640x480 pixels was set 20 cm away from the model.
It is controlled by the computer through a frame grabber. The used laser was 35mW
He-Ne laser with a wavelength of 632.8 nm. A Plexiglas mould with dimensions of
50% 150300 mm was used in the tests. A model footing with a plan dimension of 50x25mm
was used to simulate a continuous footing with a width of 25 mm. Load was applied
vertically through a screw mechanism. A load cell and an LVDT were connected to a
loadframe to measure load and deformation during the test. A precise linear stage
with a resolution of 0.01 mm was used to move the transparent soil mould, which
allows for slicing the model.
Sample Preparation

A strong “sand” overlying soft “clay” case was simulated in this study. Silica gel
with a diameter of 0.5 to 1.5 mm, obtained from Multisorb Technologies Inc., was
used without further processing in this study. Flo-Gard SP with its average aggregate
size of 1.4 um, obtained from PPG Inc, was used to model clay. A blend of mineral oil
and paraffinic solvent was used to make transparent soil model.

For the sample preparation, first, a silica slurry was made of silica powder and
the pore fluid and a separated specimen was made of silica gel. Second, a vacuum
was applied to de-air both specimens until they turned transparent. Third, silica slurry
was poured into the Plexiglas mould and consolidated using a plate with a filter paper
attached to its bottom. Forth, de-aired silica gel was poured on top of silica powder
sample after its consolidation.

After that, the model was placed and adjusted on the linear stage platform. A
loading mechanism was designed to push down the model footing vertically onto the
soil. The sample was then sliced at specific cross-sections by controlling the
movement of the sample through a linear stage.
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The load-settlement curve of the model footing is shown in Fig. 2 with the
deformation steps labeled inside. The curve represented a punching or a local shear
failure, which was reasonable considering the low strength of the “clay” layer relative
to the strength of top “sand” layer.
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Fig. 1. An optical test set-up for measuring Fig. 2. Load-settlement curve of
internal soil deformation the model footing

INTERNAL DEFORMATION MEASUREMENT

Displacement Field Analyses

A typical 2-D displacement field was calculated by cross-correlating two images
on the same cross-section at different loading stages, shown in Fig. 3. 2-D
displacement magnitude fields from four different cross-sections were combined into
a 3-D displacement magnitude field. Slicing this 3-D displacement magnitude field
details the distribution of displacements inside the field, as shown in Fig. 4. The
consistent distribution of displacement along the depth coincides with the plain strain
problem investigated in this study.
Strain Field Analysis

Strains can be calculated using the predicted displacement field. Green’s strains
were used regardless of the magnitude of the displacement. The maximum shear
strain was then calculated based on Green’s strains. The failure envelope was
assumed to coincide with the peak maximum shear strain. The failure development
was then studied by locating the peak maximum shear strain. The out-of-plane
displacement component was not obtained by the optical system. It was assumed that
the influence on the strain field from out-of-plane displacement component was
insignificant in this study because of a plain strain problem studied here.
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20

Fig. 3. A typical 2-D displacement field Fig. 4. Distribution of displacement
inside transparent soil field along the depth

The maximum shear strain on a section 10 mm inside the transparent soil model
is shown in Fig. 5 for the first loading stage, where the peak shear strain regions were
shaded. A punching shear failure mode occurred in the top “sand” layer. The failure
plane extended along the footing edge downward to the surface of the lower clay
layer and then spread outward. The triangular zone assumed by Terzaghi (1943) was
appreciable even at the early loading stage. The failure model was similar to that
reported by Meyerhof (1974) for a footing on thin sand layer overlying a clay layer,
which is the problem being simulated in this study.

No continuous failure plane was developed in both the first and sixth loading
stages. However, the failure envelopes developed on the sixth loading stages were
more appreciable than earlier loading stages. The distributions of maximum shear
strain in different cross sections agreed with each other at the same deformation steps.
It shows that the maximum shear strain is mainly located around the footing. It
punches into clay layer below and spreads to both sides, which again agrees with the
failure envelope proposed by Meyerhof (1974).

Fig. 5. Typical maximum shear strain field
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CONCLUSIONS

3-D displacement fields under a model footing inside a transparent soil model
were obtained and measured non-intrusively using digital image processing and laser
speckle techniques. Transparent soil is made of amorphous silica with a pore fluid
having the same refractive index. The distinctive laser speckle images generated by
the interaction between the laser light and transparent soil were used to calculate the
displacement between two images using digital image correlation. A soil profile
consisting of “sand” overlying soft “clay” was simulated in the model test. The
deformation and strain fields under the model footing were similar to those published.
The results show that transparent soil and the developed optical system are capable
for more advanced 3-D deformation measurements in geotechnical engineering.

ACKNOWLEDGEMENTS

This research is funded by the National Science Foundation through NSF Grant
No. CMS 9733064: CAREER: Modeling 3-D Flow & Soil Structure Interaction
Using Optical Tomography. The supports from Dr. Magued Iskander of Polytechnic
University and the help from Mr. Chratien Mak of Ryerson University are greatly
appreciated.

REFERENCES

Erf, R.K. ed. (1978). Speckle Metrology, Academic Press, New York.

Gill, D. and Lehane, B. (2001). “An optical technique for investigating soil
displacement patterns.” GTJ, 24(3): 324-329.

Goodman, J. W. (1975). “Statistical properties of laser speckle patterns.” In: Laser
speckle and related phenomena, Dainty (ed.), 9-75.

Iskander, M. Lai, J., Oswald, C., Mannheimer, R. (1994). “Development of a
transparent material to model the geotechnical properties of soils.” GTJ, 17(4):
425-433.

Iskander, M., J. Liu, & Sadek, S. (2002a). “Transparent amorphous silica to model
clay.” JGGE,, 128(3): 262-273.

Iskander, M., Sadek, S., and Liu, J. (2002b). “Optical measurement of deformation
using transparent silica gel to model sand.” ZJPMG, 2(4):13-26.

Mannheimer, R. and Oswald, C. (1993). “Development of Transparent Porous Media
with Permeabilities and Porosities Comparable to Soils, Aquifers, and Petroleum
Reservoirs,” Ground Water, 31(5): 781-788

Meyerhof, G. (1974). “Ultimate bearing capacity of footings on sand layer overlying
clay.” CGJ., 11(2): 224-229.

Roscoe, K., Arthur, J., & James, R. (1963). “The determination of strains in soils by
an X-ray method.” CE & PWR, 58: 873-876 and 1009-1012.

Terzaghi, K.(1943). Theoretical Soil Mechanics, Wiley, New York.

Welker, A., Bowders, J., and Gilbert R. (1999). “Applied research using transparent
material with hydraulic properties similar to soil.” G7J, 22(3): 266-270.



Experimental and Theoretical Studies on (Relative) Permittivity of
the Tunnel Lining

GAO Yan-xi', LI Xia?

'Professor, Department of Communications and Transportation Engineering, Changsha University of
Science & Technology, Changsha, 410076, Hunan, P. R. China; gaoyanxigeo@sina.com

*Senior Engineer, Department of Communications and Transportation Engineering, Changsha
University of Science & Technology, Changsha, 410076, Hunan, P. R. China; sunny819@163.com

ABSTRACT: In the paper, for two cases of different ages and different depths, the
speed of radar wave transmitted in the testing concrete lining is measured by using the
ground penetrating radar (GPR), and corresponding data of permittivity of the concrete
lining are therefore obtained. An abnormal phenomenon of the permittivity is observed
which shows that the value of permittivity will increase linearly with the depth of the
concrete lining. Combined with the characteristics of tunnel lining and taken the free
water distribution into account, a new dielectric model of the concrete lining is put
forward. Results show that this model can be used to explain the experimental results
and provide correct reference for the GPR use in measuring the depth of the concrete
lining with good accuracy.

Key words: (relative) permittivity, ground penetrating radar; concrete lining in tunnel;
free water distribution

I. INTRODUCTION

The use of ground penetrating radar (GPR), especially subsurface radar, has grown
rapidly in recent years as a valuable tool for nondestructive surveys of structural
concrete. Applications range from determination of major construction element
thickness and location of metallic reinforcing bars and ducts, to location of voids,
honeycombing, delamination, cracking and moisture ingress. Such applications have
been reported in many technical papers and are reviewed and illustrated in Concrete
Society Technical Report No. 48[Concrete1997]. To achieve these goals, we need to
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know the accurate propagation speed of electromagnetic wave in the concrete.
According to the electromagnetic wave theory, this speed depends on the relative
permittivity of the medium. However, solid component, water content and porosity
will affect the value of the relative permittivity of the concrete [Soutsos, et.al.2001].
So, the determination of accurate permittivity of the concrete is crucial to these
applications.

For mature concrete, the paper [TsuiMatthews1997] discussed a number of
dielectric models to estimate the effective dielectric properties. Such materials are
classified as heterogeneous mixtures and are typically composed of two or more
constituents having different dielectric properties. This paper focuses on premature
concrete which is often the case in tunnel constructions when nondestructive surveys
of structural concrete are required. For premature concrete there is an ageing process
in which quite different features will be presented. For example, the effective
permittivity of the concrete will change with the depth, contrary to the general theory,
according to which the permittivity is regarded as a constant. Therefore, it would be
useful for an inspecting engineer to know the variations and to correct the
measurement data.

The paper is organized as follows: in Sec. 2 we present the experiment scheme and
sample preparation process. Experimental results are also given in this section. In
Sec.3 we give a theoretical explanation to the experimental phenomenon and put
forward a simple formula for practical correct use in the nondestructive surveys of
structural concrete. We conclude our discussion in Sec.4.

II. SCHEME OF EXPERIMENT AND PREPARATION OF THE SPECIMEN

The primary purpose of the experiment is through GPR to measure the permittivity
of the lining in tunnels. For nonferromagnetic materials, the permeability approaches
to unit i.e. &, =1, so the index of refraction » reduces to n=./g u = \/z , where
€, is the (relative) permittivity of the material. Thus we have:

, (e} (et
e=n"=|—|=|= [@D)
% 2/

here ¢ is the propagating speed of the radio wave in vacuum, and v is the
propagating speed in medium. The ¢ represents the time during which the radio wave
goes a forth-and-return route, / is the depth of the lining. Thus, based on this formula,
our experiment is conducted as follows: we record the time of double route with the
GPR and measure the depth of lining, then, finally get the permittivity of the lining.
First, we prepare a designed specimen to mimic the tunnel lining structure. The
strength of the specimen is C25 and the mix proportion of water/cement/sand/broken
stone is 195:465:550:1170. The diameter of the broken stone is about 20.0mm. The
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side and bottom of the specimen are wrapped with resin so that the water can only
evaporate through the top surface, which is very close to the practical situation where
a large area concrete is present. In the specimen, we also burry in advance six round
steel bars of 16mm in diameter to locate the different depth of the concrete by
reflection of electromagnetic wave from these steel bars. The specimen is shown in
Fig. 1. and its size in Fig. 2.

o
-3

FIG. 1. Picture of the specimen.
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FIG. 2. Sectional drawing of the specimen (the unit is centimeter).

In the experiment, from corrugated shape pattern of radar’s single channel we read
the double-route time. Then we measure the actual distance which represents the depth
of the specimen. By the speed formulav=2//¢, we could obtain the speeds of the
radar waves. Since there are six steel bars, we can get six wave speeds which are
designated byv,, v,, v,, v,, vs and v,. We also set the time of measurement into
groups of 10 to 40 days to check the ageing properties of the testing concrete.

The experimental results are shown with figures. The Fig. 3 is the graph of the radar
speed versus concrete age, and Fig. 4 is the graph of the radar speed versus the depth
of the specimen.
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FIG. 3. The graph of the radar speed versus concrete age specimen.

From Fig. 3 we can see that the speed of the radar wave is connected with the age.
The measured wave speeds v, ~ v, are all increased with the age. The wave speeds
within age of 10 ~20 days are increased more appreciably than the wave speeds within
age of 30~40 days. Especially for age over 40 days, the wave speeds will change very
little and tend to stable values. This is because the amount of water contained in the
specimen eventually becomes less due to the evaporation. This result is consistent with
the related studies [Zhou2006].
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FIG. 4. The graph of the radar speed versus the depth of the specimen.

In addition, from this figure we see that even in the same age the wave speeds are
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different for different depths. This feature can be seen more clearly in Fig. 4: the radar
wave speed decreases for deeper depth. The speed-depth relation is almost linear. This
is an abnormal result: because for certain material the permittivity should be a constant!
Although there are some variations for mixtures, there is certainly not any linear
relation between the speed and depth. To our knowledge few reports have been found
on this problem. But it is a problem for accurate nondestructive detection in real
engineering projects and deserves a further investigation.

In fact, this abnormal phenomenon can be settled down by considering the existence
of water in the specimen. Not only can the amount of water contained in the concrete
affect the wave speed, but also the water distribution in the concrete can cause the
change in speed. This is the subject of the next section.

III. THE THEORETICAL EXPLANATION OF THE EXPERIMENTAL
RESULTS

Let us check the relationship between the permittivity of the concrete and the depth
of the specimen. We note that the propagating speed of the radar wave is determined
by the permittivity of the medium. Therefore, the change of speed of the radar wave
with the depth of the concrete can be expressed with the change of the permittivity
with the depth. Substituting data obtained from the experiment into the wave speed
formula, we can get the average permittivity at depth/. We can then draw the graph of
the permittivity of the concrete versus the depth of the specimen shown as in Fig. 5.
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FIG. 5. The graph of the permittivity of the concrete versus the depth of the
specimen.

It can be seen from Fig. 5 that the permittivity is getting large with the increase in
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depth, taking on roughly a linear relation. The amount of water contained in the
concrete will play a main role in determining the value of the permittivity, i.e. for
different moisture capacity it will exhibit different permittivity. The value of the
permittivity for common concrete is about 6~18, while the permittivity of water is
around 80. Because of this, the permittivity of the concrete is mainly determined by
the water contained in it. Furthermore, for concrete containing water, there are two
factors which will lead to the change in permittivity: one is the moisture capacity; the
other is the inhomogeneous distribution of water in the concrete. The effect of the first
factor can be seen from our experiment where the speed of the radar wave becomes
large as the age is getting older, which is a process of water loss. As for the second
factor, it will also change the radar wave. In fact, the free water will take on a certain
distribution along the vertical direction due to the effect of gravitation. Although such
change is very small and can be totally neglected from mechanics or material’s
function point of view, it can be registered by the radar (the accuracy of GPR is
about0.01 ns). It is the free water distribution that accounts for the cause of the
abnormal phenomenon in which the permittivity would increase as the lining gets
thicker.

According to volumetric model which considers only the volume fraction of the
constituents, the effective dielectric constant of the mixture is [ TsuiMatthews1997]

N
=g+ 1(6-¢,) ®))
i=1

where the subscripts # and i denote the permittivity of the host and inclusions. 7;
is the volume fraction of the ith component. In general case, 7, is a constant due to
the conservation of all components in the mixture. As a result, the final effective
dielectric also assumes a constant as we usually used in the normal case. However, if
the amount of component varies, the volume fraction 7, will no longer be a constant.
For example, the water in the mixture undergoes evaporation. As a result, the final
effective dielectric becomes a variable quantity.

We suppose that the concrete is composed of three different components, i.e. solid,
water and air. Regarding the solid component as a host we can rewrite Eq.(2) as

£ =¢g,+1,(6,-€)+7,(E,—¢&,) &)
where 7, . 7, are the volume fractions of water and air respectively. Generally
speaking, the volume fraction of solid component keeps unchanged, while volume

fractions of water and air do change as the age time becomes longer. We write the
volume fraction 7, as

t,=(t-7,)-7,=C~-71, (€Y)

where 7 is the total volume fraction, and 7, is the volume fraction of solid
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component. Because 7 and 7, take on fixed values, their difference is also a
constant which will be denoted as C. By eliminating the volume fraction 7, the Eq.(3)
becomes

€=, +C(e,~8)+7,(6,-€,) )

Next, we consider 7, as a function of the altitude z. We assume that the free water
in the gravitational field satisfies the Boltzmann distribution as air molecular does in
the same field. Therefore, we can get similarly the water molecular number per
volume at altitude z [Wang1965]

n(z)=nye " (6)
where n, is the density of water molecular at z=0, m is the mass of a molecular
of water, g is the gravity acceleration, k is the Boltzmann constant and 7' is the
absolute thermodynamic temperature.

FIG. 6. The relationship between the depth of the concrete and the coordinate z .

According to Eq.(6), we can get the volume fraction of water at /=—z (see Fig. 6)

7,(I)=De"™'"*" <)

where D is a constant which is proportional to n,. Substituting Eq.(7) into Eq.(5),
We finally arrive at

g =¢g,+C(g,—¢g,)+De"™"" (e, —¢,) (®

It can be seen from this equation that the change in effective permittivity comes from
two aspects: one is from the second term C(g, — &,) (negative) in the above equation,
which represents the change of effective permittivity with the increase of the age. It
reflects the influence of the moisture on the effective permittivity. The other comes
from the third term which reflects the influence of free water on the effective
permittivity. People often consider the first factor and totally ignore the second.
However, Eq.(8) makes up the deficiency and could be used to explain the abnormal
phenomenon of permittivity.
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At the room temperature, the term mg/kT 1is comparatively small, being
about2x107 . Besides, the thickness of concrete is about one meter. In this case, Eq.(8)
can be expanded in Taylor power series. By neglecting terms of order(mgl/kT)?,
(mgl/kT)*, and so forth, we get

. /
£ =£,,+C(£u—£h)+D(£w—ga)+DrZ—‘gT7(gw—g”) (9

Apparently, the above equation can now be used to explain our experimental results:
in addition to the first three terms which are constant, there is an extra term which is
linearly dependent on the depth/. This term shows the fact that the effective
permittivity will increase linearly as the depth is increased.

Besides, it can be seen from the experimental results that the tendency become slow
down of increasing linearly with the depth’s increase when the age is getting longer.
This feature illustrates the fact that the influence of free water distribution will become
lessened when the amount of free water in the concrete is reduced, which means that
the concrete approaches to mature state and the permittivity will eventually turn into a
constant.

IV. CONCLUSIONS

We summarize our main results as follows:

1, Companied with the age extension, the actually measured wave speed in the
concrete is increased. The increment of the wave speed is large in the early age, and
eventually becomes small in the later age, which is in accordance with the supposed
theory that the amount of water in concrete will play a major role in determining the
speed of the radar wave traveling in it. Besides, we have also found that within the
same age the wave speed will be inversely dependent on the depth of the specimen. By
relation between waves and permittivity, we then obtain the permittivity of the testing
concrete. The results so obtained show an abnormal feature: the permittivity is not a
constant for the testing concrete, but is linearly dependent on the depth of the testing
concrete, contrary to the general assumption at first sight.

2, By assuming that the abnormal feature of permittivity results from the
distribution of the free water, also combining the Boltzmann distribution theory of
thermodynamics, we have put forward a new volumetric model which can explain
well the thickness-dependence of the permittivity. In the shallow condition, we have
obtained a simple expression for the refined volumetric model which is convenient for
the engineering use.
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Abstract: In highway engineering, GPR is a nondestructive tool for measuring
pavement layer thickness, moisture content of subgrade soils, and assessing other
pavement conditions, such as moisture-related pavement damage. From the reflected
GPR wave information, dielectric properties of the materials, which are highly
dependent on soil or aggregate-water-air systems, can be estimated. An increase in
dielectric constant may indicate an increase in water content of dielectric materials.
However, the relationship between dielectric value and moisture content is complex
and controlled by many factors. GPR studies, which consider both real and imaginary
parts of dielectric value and its frequency-dependent behavior, have shown potentials
for developing more robust model to predict moisture content. This paper presents an
overview of GPR applications in estimating water content and assessing pavement
condition. Further investigation of GPR is also discussed.

INTRODUCTION

GPR is a powerful, reliable, and high performance nondestructive testing tool for
solving various engineering problems related to highway applications such as
determining pavement layer thickness, detecting subsurface distresses and voids,
estimating moisture content of subgrade soils, rebar locations and reinforcement
cover depth, etc. Identification of pavement damage due to anomalous moisture
content is problematic because damages are frequently hidden in subgrade and
pavement layers. Current core sampling method involves physical damages to
pavement and gives only point measurement data. Furthermore, uncertainties are
introduced during in-situ sampling and lab testing. Therefore, GPR as a continuous
and non-destructive method for assessing pavement condition is of great importance.
This paper first reviews the basic principles of GPR and describes its application in
moisture content assessment. Then the development of GPR in pavement condition
and damage detecting are discussed.
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BASIC PRINCIPLES OF GPR

Dielectric Property

Dielectrics include any non-metallic materials that cannot conduct electricity
efficiently, such as soils, concrete and water. Relative dielectric permittivity
characterizes the response of a dielectric to a traveling electromagnetic (EM) wave.
As shown in Eq. (1), it is a complex number, & with the real part being called
dielectric constant, & and the imaginary part, &', being called dielectric loss.

e=¢-je" (1)

Since dielectric constant is frequency-dependent, GPR measurement is also
frequency-dependent. However, at low frequencies (f < 1GHz) it is possible to
assume that the dielectric loss is low and dielectric constant is almost equal to the
relative dielectric permittivity. Since the dielectric constant of water below 1GHz is
about 81, comparing to soils, asphalt, and concrete materials with dielectric constant
around 3 to 8 as well as air with dielectric constant of 1, dielectric constant
measurement can successfully assess water intrusion and air voids in construction
materials. GPR is one of the equipment using dielectric contrast between different
materials to investigate the internal material conditions. The larger the dielectric
constant contrast, the higher the amplitude of the reflection would be shown on GPR
waveform. In addition, reflections from a low dielectric constant material beneath a
high dielectric constant one would result in a negative peak in the waveform.
Correspondingly, a positive peak in the waveform indicates a material with high
dielectric constant.

GPR Resolution and Penetration Depth

The resolution of GPR depends on the frequency bandwidth of the antenna and the
polarization of EM waves. Antenna with higher frequencies would produce a better
image resolution and higher detectability to small voids but at the same time decrease
the EM wave penetration depth. In addition to frequency, penetration depth would
also be influenced by water content, salt content and wave polarization. The term
wave polarization refers to the trajectory of the electric field as being viewed in the
direction of wave propagation. If the electric field of the wave is perpendicular to the
plane of incidence, it refers to perpendicular polarization. Similarly, if the electric
field is parallel to the plane of incidence, it refers to parallel polarization. It is
beneficial to have different polarizations because any anomalies inside materials
oriented parallel to the polarized direction of the electric field would show strong
reflection and can be detected easier (Hong and Oral, 1998).

MODELS TO ESTIMATE PAVEMENT WATER CONTENT

GPR surveys on pavement moisture content can be divided into two parts: the first
considers water content in subgrade soils and unbound base, the other concerns the
water content within pavement construction materials. Since time-domain
reflectometry (TDR) has already been accepted as a reliable method for soil water
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content measurement for many years and GPR has been conceived as the natural
intermediate-scale counterpart of TDR, research findings in TDR can be used in GPR
for measuring soil water. Currently, there are two methods are used in TDR to relate
water content and dielectric constant. The first one focuses on establishing empirical
relationships between volumetric water content and dielectric constant of soil without
considering the physical justification. The most commonly used model was
developed by Topp et al. (1980), which is a third-order polynomial relationship.
Although Topp’s model has been used with fairly good results in a wide range of
soils, it is not suitable for organic soils, clays and fine-textured soils due to the
distinct dielectric loss with the increase of wave frequency. For the second method in
TDR measurement, the relationship between soil water content and dielectric
constant is based on dielectric mixing models, in which soils are divided into three
components: solid matter, air and water. The bulk dielectric constant of the solid
particle-water-air system proposed by Dobson et al. (1985) can be expressed in the
complex refractive index model (CRIM) with the form:

g =[O +(1-me” +(n-0)e | ' (1)

where sb' is the bulk dielectric constant of soil, éis the volumetric water content, 7 is
the soil porosity, £, £ and &/, are the dielectric constants of air, solid, and water

components, respectively. Roth et al. (1990) later found that in Eq. (2) a = 0.5 can
best describe the relationship between soil water content and dielectric constant.
Further research on dielectric mixing model for soil water content measurement can
be found in Friedman (1998), Klemunes (1998), and Huisman et al. (2003).

GPR and TDR water content measurement for pavement materials have been
applied in pavement cement-treated base (Chen et al. 2006, Staab et al. 2004),
concrete slabs (van Beek et al. 1999, Laurens et al. 2003) and HMA surface course
(Liu 2007). However, no quantitative or conclusive results relating the water content
and EM wave changes have been reported in cement-treated base. Similar to soils,
concrete materials can be treated as three-phase materials and the CRIM model was
proved to be successful in concrete water content prediction (Laurens et al. 2003).
For HMA materials, by applying Topp model Liu (2007) found that a 2-5% change in
wave velocity through HMA materials implies a moisture content change of 0.8-1.4%
which corresponds to a saturation change of 10-20% in HMA.

PAVEMENT CONDITION ASSESSMENT

Pavement Thickness Evaluation

The principles of using GPR reflections to compute the pavement layer thickness
was given in Maser and Scullion (1992). EM waves would reflect at pavement layer
interfaces due to the variation of dielectric constant in different layer materials.
Therefore, pavement thickness can be measured by the time difference between layer
reflections and the radar wave velocity in each layer. The time difference can be
directly obtained from the waveform and the wave velocity is related to the dielectric
constant through:
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v=c/Je A3)

where v is the velocity of the wave propagating in materials and ¢ is the velocity of
light in free space.

Studies of GPR application in determining both flexible and rigid pavement
thickness have been carried out (Maser and Scullion 1992, Saarenketo and Scullion
1994, Amara 2001, Al-Qadi, et al. 2004, Willett et al. 2006). Based on evaluation of
over 150 pavement sections, Maser and Scullion (1992) pointed out that using GPR
yields accuracies around +5% for asphalt layer thickness and +9% for base thickness.
Later, Al-Qadi et al. (2006) proposed an algorithm which requires a two air-coupled
antennae system in order to improve measurement accuracy. However, cautions must
be paid in GPR applications in rigid pavements as the concrete thickness
determination by GPR was proved to be much less accurate compared to asphalt
pavements. Willett et al. (2001) reported a +14% to 42% error in rigid pavement
thickness measurement. The reasons are (1) concrete has a much greater
electromagnetic attenuation than asphalt due to its moisture content and dissolved
salts; (2) concrete has similar dielectric constant as granular base material so that it is
not easy to obtain a detectable reflection from concrete/base interface; (3) EM waves
cannot penetrate through steel reinforcement (Scullion et al. 1994).

Pavement Defects Evaluation

Pavement damage is usually associated with the changes of voids in pavement
materials. However, such void changes cannot be predicted due to the lack of
historical records and the presence of overlays.

For asphalt pavement, GPR is widely used in detecting void changes caused
stripping and rutting (Rmell and Scullion 1997, Morey 1998). However, most
researches are experience-based. The experience of the Texas Transportation Institute
indicated that intermittent negative peaks between the first peak (air-surface) and
second peak (surface-base) in asphalt pavements can indicate the occurrence of
stripping (Rmell and Scullion 1997). However, Saarenketo and Scullion (2000)
pointed out that similar peaks can also be received from an internal asphalt layer with
different electrical properties. Thus drill cores and FWD data should always be used
to confirm the GPR interpretation. Similar to stripping detection, Chen et al. (2003,
2006) showed that GPR can supply some clues in determining the rutting layer by
measuring layer thickness and relative moisture content in pavements with other
parameters obtained by FWD, seismic, cone penetrometer as well as other methods.
However, the requirements for precise measurement and interpretation are still the
major problem associated with this application.

For rigid pavement, void changes are mainly due to faulting, pumping and
delamination cracking. Alongi (1992) divided the delamination cracking into dry and
wet conditions and indicated that in dry conditions cracking can be detected from the
air gap size and in wet conditions it can be determined by signal attenuation. In dry
conditions, Maser (1996) indicated that such delamination cracking (always around
2-3mm) had little influence on GPR waveform. Scullion (1994) further concluded
that only voids bigger than 15mm can be detected. Thus, GPR detectability decreases
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with decreasing void size. In wet conditions, rebar steel corrosion is the dominant
cause for delamination cracking, which can cause an increase in water conductivity
and a significant attenuation in EM waves. The relationship between wave
attenuation and water conductivity was studied by Algongi (1992) and Daniels (2004).

In composite pavements, Maser (2002) used GPR for reflective cracking detection.
He concluded that if obvious negative or positive peaks were shown on the waveform
around the asphalt/concrete interface, it would indicate the occurrence of reflective
cracking with high air voids or high water content. However, no follow-up field study
was reported.

Location and Orientation of Steel in Rigid Pavements

The location, orientation and cover depth of reinforcing steel have a great influence
on rigid pavement conditions. The principle of GPR in locating reinforcement is the
fact that steel is highly conductive and will reflect almost all the incident energy. In
addition, the polarization of the electromagnetic field must be considered. In order to
obtain distinctive image of the reinforcement on the waveforms, parallel polarization
should be chosen (Hong and Oral 1998). Based on experiments, Maierhofer (2003)
found that for both polarizations, the horizontal position as well as the varying depth
of each dowel can be determined very clearly from the waveform. However, to detect
structures behind reinforcement, Maierhofer (2003) indicated that the relative
polarization which can suppress reflections from rebars should be selected. In
addition, Pérez-Gracia et al. (2007) indicated that the migration post-processing
technique can greatly enhance the discrimination of rebars in concrete. When several
reinforcement grids are placed inside concrete slab, Bungey et al. (1994) concluded
that steel bars of any size can be detected when they are spaced at 200 mm or more
but for closer spacing, cover depth will be the primary factor for detecting rebars.

CONCLUSIONS

This paper provides a review on GPR applications in evaluating moisture content and
assessing related pavement conditions. It shows that GPR can serve as a useful
diagnostic tool to identify pavement condition. However its limitations are also
obvious. It is not suitable for rigid pavement thickness measurement, and for
materials containing more salt and clayey soils. In addition, current GPR
measurements are still experience and qualitative based, further development in GPR
technique and application is needed.
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ABSTRACT: A non-nuclear, non-invasive instrument capable of measuring density
and moisture content of soil using electromagnetic impedance spectroscopy (EIS) is
currently being developed. During the development of the empirical soil model, it
was found that the model was sensitive to the specific surface area of the material
being measured. With the material’s specific surface area being accounted for, in six
test compactions a 119% increase in accuracy was seen by the soil density gauge’s
(SDG) wet density calculation when compared to the Nuclear Density Gauge’s wet
density calculation.

INTRODUCTION

Because of the growing effort to develop a non-nuclear alternative to the Nuclear
Density Gauge (NDG), the investigators are currently working on the development of
a non-nuclear, non-invasive instrument capable of measuring density and moisture
content of soil during road and other civil infrastructure construction using
electromagnetic impedance spectroscopy (EIS). Using EIS and a parametric
approach, an empirical model was developed to calculate wet density and moisture of
soil, specifically, a run-of-crusher poorly-graded gravel with silt and sand (ASTM
USCS classification GP-GM), during a Department of Homeland Security (DHS)
contract. The empirical model was then tested on four controlled gradations within
the ASTM USCS classifications of 1) well-graded gravel with sand (GW), 2) well-
graded sand (SW), 3) well-graded gravel with silt and sand (GW-GM), and 4) sandy
silt (ML). The test compactions were completed with controlled moisture levels
within a 36-inch by 36-inch by 15-inch wooden frame using an electric vibrator plate
compactor, VIBCO/Heinrich Plate compactor Model TP-1830, which had an 18-inch
by 18-inch plate area. Holding the moisture constant in four of the test samples and
varying the gradation allowed for the investigation of the effect of changing
gradations on the EIS frequency response, without the added complication of
moisture influences. Next, moisture was varied to allow for a secondary test to be
completed on the effect of gradation on the calculation of moisture.

144



GEOTECHNICAL SPECIAL PUBLICATION NO. 189 145

A practical, real-world, real-time model to transform the impedance data into soil
density and moisture does not
exist for the sensor setup currently

Botiom View Transmit being using, i.e., a surface, non-
electrode invasive, concentric ring setup,

shown in Figure 1. Therefore,

Sense experimental data was collected

electrade for the development of an

empirical soil model to be used in
the SDG via a parametric

Side View 5 = bir Gap approach. The SDG’s sensor
W operates by the transmission of a

Sl \ constant voltage from the center

electrode to the receiving

Electric Field Lines electrode, passing through the

material under test (MUT) and
utilizing 86 frequencies between
300kHz and 40MHz.

Figure 1. Surface, Non-Invasive
Concentric Ring Sensor Setup

TECHNOLOGY BACKGROUND

EIS is the measurement of a material’s dielectric properties (permittivity) based on
the interaction of an external field with the electric dipole moment of the MUT, over
a known frequency range. Typically, soil is a mixture of stone, water and air. Since
the water molecule has a permanent dipole, its dielectric constant (approximately 80)
is higher than that of dry soil, which is only polarizable by atomic and electronic
polarization. Therefore, dry soil has a low dielectric constant (approximately 5). The
dielectric constant of the soil matrix is not constant, but varies with frequency and
‘depends on physical parameters such as soil texture, soil water content and type and
concentration of ions in the soil solution’ [1]. For these reasons, the investigators
used both the real and imaginary parts of the measured permittivity. To take
advantage of the fact that the permittivity of soil is dominated by the soil water
content at low frequencies, an EIS measurement is taken from 300kHz to 40MHz.

The development of models to measure soil properties, like moisture and density,
has been investigated and summarized by several researchers [1,5,6,7]. The use of
dispersions seen in soil to develop these models is common. One such dispersion,
commonly called the Maxwell-Wagner dispersion, is caused by the applied electric
field on the bonds between the water and soil particles, which have different dielectric
values [1,5,7]. Within the SDG’s measurement frequency range, the investigators are
able to make use of this information and the empirically derived soil dielectric mixing
equation [1,8] to aid in the development of the empirical soil model. The
investigators used second order parametric curve fitting and regression analysis on
the frequency data to develop the empirical soil model. A second order curve was
fitted to the frequency spectra (i.e.,y=Ax”>+Bx+C). Then, by completing a
regression analysis on the second order fitted coefficients/parameters (i.e., 4, B and
(), a pattern was identified that was related to wet density and moisture content.
Another benefit of using the curve fitting approach was the reduction in noise
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associated with the surface measurements and single point analysis. Using the
spectra enabled the extraction of physical meaning from the fitted coefficients,
thereby allowing the investigators to draw conclusions about the soil compaction data
and enabling the development of an empirical linear inversion model for wet density
and moisture. The empirical inversion model for the current sensor setup is
proprietary information.

EXPERIMENTAL SETUP

Starting with a run-of-crusher GP-GM soil, the material was broken down for the
gradation testing into twelve sieve sizes and reassembled into three predetermined
gradation mixtures, GW, SW and GW-GM. The fourth gradation, ML, a sandy silt,
was used as is from a quarry in New York State. Below, Tables 1 and 2, are the
gradation breakdowns in terms of percent gravel, percent sand and percent fines as
defined by ASTM D 2487 specification and Proctor test results as defined by ASTM
D 698, respectively.

After each soil was assembled, GW, SW, GW-GM(1), GW-GM(2), and ML, de-
ionized water was added to moisturize the soil to 7.09%, 7.14%, 7.30%, 5.61% and
8.25%, respectively. The GP-GM soil had a test moisture level of 7.12%. After the
water was added, the soil was thoroughly mixed and allowed to sit covered overnight
before testing began. The moisture levels were determined by pulling samples at the
beginning and end of each compaction, as defined by ASTM D 2216.

The compaction of each material was completed in the wooden frame, using the
VIBCO electric plate compactor. Data was collected with four SDGs and a NDG, a

CPN MC3 Portaprobe
with a 12-inch rod and
with a current factory
calibration, following the
pattern shown in Figure 2,
after one, two, four and
eight compactor passes.
In Figure 2, the four
circles, labeled A, B, C
and D, represent the
centers of the SDG
measurements and  the
three lines over the SDG

A (1-5)

B(5-10

\ Vo

NDG measurements \
NOG Sensor Hole

50l measurements
(Clover-Leaf Pattern)

Figure 2. Data Collection Setup for SDG and NDG

circles  represent  the
placement of the NDG for its three measurements. The SDG’s measurement pattern
is shown to the right as a clover-leaf pattern of five.

Table 1. Tested Soil Gradation Summary

GP-GM* | GW SW | GW-GM(1) | GW-GM(2) | ML

% Gravel | 4821 | 65.04 | 10.03 53.63 40.77 2.90
% Sand 4135 | 2993 | 82.14 36.05 49.82 32.70
% Fine 10.44 5.03 7.83 10.32 9.41 64.40
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Table 2. Tested Soil Proctor Information

GP-GM* | GW SW | GW-GM (1) | GW-GM (2) | ML
Proctor Peak
(b/fE) 137.27 | 136.65 | 135.22 141.5 141.5 125.02
Proctor Optimum
Moisture (%) 8.50 9.50 8.13 7.63 7.63 10.13

* GP-GM soil was the material used for the break down and reassembly process.
EXPERIMENTAL RESULTS

Since the EIS response of soil using the SDG sensor could not be estimated in
advance, several controlled compactions were completed, varying the moisture level,
density level and gradation separately. Then, working with the soil responses of the
collected compaction data, the form of the soil response was estimated with a second
order equation. The equation’s parameters that best fit the data were identified.
Afterwards, the parameters were further interpreted such that statistically significant
patterns were revealed expressing the soil’s density and moisture properties. Using
the identified patterns, a system model was developed to calculate the soil’s wet
density and moisture content. Applying this model to the gradation data, Figure 3, it
can be seen that changing the soil type alters the response from the original model
such that the original model for one soil type is not robust enough for all soil types in
terms of wet density. In order to make the original model more robust, thus enabling
use on handling several soil types, adjustment were made.

Model Enhancement

It was found that by using the MUT’s specific surface area (SA), linear adjustments
could be made to the soil model’s calculation of wet density and moisture. Bulk SA
adjustments were developed using the SA of idealized particles found in soil for
gravel, sand and silt [2]. Other researchers have also found that their models are
sensitive to the MUT’s SA [3, 4]. Figure 4 shows the re-calculated wet density
results using the model adjustments made by the MUT’s SA. Table 3 shows the
slopes of the wet density calculations without and with the SA adjustment. In five of
the six tested materials, when the SA adjustment was applied, the slope of the SDG
wet density calculation became closer to one. In addition, the average wet density
error between the NDG and the SDG was reduced by 119% when the SA adjustments
were applied to the model.

Table 3. SDG Slope without and with SA Adjustments

Material Sloiedjvrllsttl::;:tSA Slope with SA Adjustment
GPGM 0.7059 0.9945
GW 0.3274 1.004
SW 0.8971 1.003
GWGM (7.30% M) 1.15 1.702
GWGM (5.61% M) 0.8173 1.113
ML 0.7812 0.8256
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CONCLUSIONS

The investigators’ testing and research demonstrated that soil gradation does affect
the frequency response of the SDG/EIS instrument. Therefore, soil gradation affects
the instrument’s calculation of wet density. By using the gradation information of the
tested materials, an adjustment was developed and applied to the empirical algorithm
such that a variable was added to modify the slope and offset of the algorithm due to
the soil’s gradation, or more specifically, the specific surface area of the MUT.
Currently the user enters the gradation of the MUT and the SDG instrument
calculates the MUT’s SA and adjusts the empirical inversion model accordingly. The
specifics of the SA adjustment are proprietary information. The same method of SA
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adjustment is currently being applied to the measurement of moisture in soil. Initial
results with the SA adjustment are encouraging and will be reported on at a later date.
The SA of clay materials is significantly greater than that of the gravel, sand and fine
materials that are typically used in road base and similar construction areas. As the
empirical model continues to evolve, the use of the SDG on clay material will be
possible.

Future applications of this technology include use as a quality control tool for
concrete maturity, Cold in Place Recycled (CIPR) and Warm Mix Asphalt (WMA)
road construction projects. This is made possible because of its ability to accurately
measure the moisture content of these materials.
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ABSTRACT: In this paper, results of a series of ultrasonic pulse velocity tests on
compacted soil were presented and discussed. Ultrasonic pulse velocity tests provide
compression and shear wave velocity information that can be used in calculating
dynamic elastic moduli such as Young’s modulus and shear modulus. From the test
results, calculated Poisson’s ratio shows a linear relation with the water content in
compacted soil, which leads to a linear trend in both P and S wave velocity against
water content. Furthermore, presenting plots in bulk density versus wave velocity
gives a clearer trend than dry density versus wave velocity.

INTRODUCTION

Ultrasonic pulse velocity testing is a type of pulse transmission test that propagates
high frequency sound waves ranging in frequency from 20 kHz to 1 GHz through a
soil specimen to produce strains on the order of 10% (Leong et al., 2004).
Ultrasonic pulse velocity testing is a nondestructive testing technique that can be used
to determine the dynamic properties of materials capable of transmitting waves.
Elastic bodies can transmit three different types of waves: longitudinal or
compression waves also known as primary waves (P-waves), shear or transverse
waves also known as secondary waves (S-waves), and Rayleigh waves. Rayleigh
waves are surface waves that travel on the outside surface (free surface) of a medium.
Compression waves move in the same direction as the direction of particle
displacement. Shear waves move orthogonal to the direction of particle displacement,
and are typically about half the speed of compression and Rayleigh waves. The
velocities at which the P-waves and S-waves travel through a specimen are a function
of the dry density and elastic constants of the specimen. By measuring the velocity of
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the P and S waves through a soil sample, the shear modulus (G), Young’s modulus
(E), and Poisson’s ratio (V) can be determined for the strain level of 107 %.

ULTRASONIC PULSE VELOCITY TESTS

The material used in this study was selected based upon its availability, past
experience, and its typical textbook silt-like properties. The soil is a modified loessial,
low plastic silt that comes from the Mississippi River Valley near Collinsville,
Illinois. The silt has a liquid limit of about 30, a plastic limit close to 24, and natural
clay content of 17.0% or so. The material is classified by the Unified Soil
Classification System as an ML soil (Izadi, 2006).

The soil was first mechanically pulverized then passed through a #40 sieve (425
mm). The soil was moistened to a predetermined moisture content then allowed to
cure for 24 hours. It was then compacted into a 152 mm (6-inch) split proctor mold
in three equal height lifts under standard proctor compaction energy (ASTM Standard
D 698). An automated compaction device was used for a tighter control on the
compaction effort. The soil has a standard proctor optimum moisture content of 15%
and a maximum dry density of 17.1 kN/m®. After compaction, the soil was gently
extruded from the split mold, wrapped in plastic wrap, placed inside a sealed bag, and
allowed to further cure in a moist cure room. Three 152.4-mm (6-inch) diameter
proctor specimens were trimmed at each moisture content, so that three independent
tests could be conducted.

All pulse velocity measurements determined in this study utilized a GCTS ULT-
100 Ultrasonic Velocity Test System (GCTS, 2004). The device consists of sender
and receiver transducers housed in the top and bottom platens of a standard triaxial
cell. The two, 70-mm diameter test platens are wired to a data acquisition and
processing unit. The piezoelectric crystals are arranged for the transmission and
reception of P and S-waves. Piezoelectric crystals are small ceramic elements that
change shape when a voltage is applied, or produce a voltage when they change
shape. These properties transform an electrical wave into a mechanical wave or vice
versa. Figure 1 shows a compacted silt specimen in a triaxial cell for the pulse
velocity test. The typical pulse velocity measurements are displayed in Figure 2. The
determination of P-wave arrival time for the compacted silt within this study was
trivial; however, not for the S-wave arrival time determination. As an example given
in Figure 2, 4 possible S-wave arrival times were found. After a thorough
examination and judgment, the most possible S-wave arrival time can be determined.
The detailed discussion on wave arrive time determination can be found in Weidinger
(2008).
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Figure 1 — Test Figure 2 — Typical pulse velocity measurements.
setup.
RESULTS AND DISCUSSION

The standard proctor compaction curve for this particular soil is shown in Figure 3.
The calculated Poisson’s ratio was compared to an assumed range of values. The
actual Poisson’s ratio of the silt is unknown, but an appropriate range can be assumed.
Typically, Poisson’s ratios for sands range from 0.2 for loose sands to 0.4 for dense
sands. Poisson’s ratios for clays range from 0.4 to 0.5 for saturated clays (Holtz and
Kovacs, 1981). The soil used for these tests is a densely compacted low plastic slit
with 17% clay content. This places the Poisson’s ratio in the range of 0.35 to 0.40,
depending on the moisture content (Figure 3).

The Poisson’s ratio ranged from 0.41 in the stiff, low moisture content samples to
0.34 for the softer samples at higher moisture contents and lower dry density. The
average Poisson’s ratio for all tests was 0.38 with a standard deviation of 0.02 which
confirmed the assumed range of the Poisson’s Ratio was between 0.35 and 0.40. P-
wave velocities obtained from ultrasonic pulse velocity measurements were ranging
from 260 m/s to 390 m/s (Figure 4) while the S-wave velocities were ranging from
110 m/s to 180 m/s (Figure 5). The maximum shear wave velocities occurred in the
soil samples prepared dry of the optimum moisture content and decreased with
increasing moisture content and saturation. Finally, presenting plots in bulk density
versus wave velocity gives a clearer trend than dry density versus wave velocity.
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Figure 5 — S-wave velocity measurements

CONCLUSIONS

Ultrasonic pulse velocity testing is a quick and simple, nondestructive test
compared to other conventional geotechnical laboratory tests. From the test results,
calculated Poisson’s ratio shows a linear relation with the water content in compacted
soil, which leads to a linear trend in both P and S wave velocity against water content.
Furthermore, presenting plots in bulk density versus wave velocity gives a clearer
trend than dry density versus wave velocity. The wave velocities associated with
various soils can yield a great deal of information about a soil under dynamic loading.
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ABSTRACT: Seismic methods are useful tools to non-destructively assess the integrity of
concrete. It has also been applied to characterize the behaviors of curing concrete to provide
information for construction decision. This paper shows that freezing of concrete significantly
affects the seismic properties of concrete. Attention needs to be paid when applying seismic
method to concrete curing in cold weather. In the experimental program ultrasonic tests were
conducted on curing concrete subjected to different freezing process. The results indicate
while there exists linear correlation between small strain seismic wave velocity and concrete
strength under normal curing conditions, such relationships do not hold if the concrete is
subjected to freezing process. A correction accounting for the effects of ice on the bulk
strength needs to be applied. This correction was found to have linear relationship with water
content (or ice content if concrete is completely frozen). Procedures to correct the effects of
freezing are proposed, which include the use of Time Domain Reflectometry to measure the
water content. Fianally the strength of concrete in frozen status can be estimated. This
information could be incorporated to determine the magnitude of Winter Load Increase in cold
regions.

INTRODUCTION

The evaluation of mechanical properties of concrete by nondestructive techniques is
gaining popularity. Several techniques are currently in use, such as impact echo, ultrasonic test,
spectra analyses of surface wave. They are based on the information contained in the
propagation of ultrasonic waves. Different wave modes and transceiving methods are explored.
For example, Boutin' and Arnaud used the speed of longitudinal waves (L-waves, also known
as compression waves) of low frequencies from measuring the time of transition between fluid
and solid state of cellular cement paste. A new device for monitoring the hydration of cement
mortar that measures the transit time and the energy of an L-wave pulse propagating through a
mortar sample has been introduced by Reinhardt® et al. With this device the setting and
hardening process of mortar can be evaluated. Other investigators have applied both,
longitudinal and transverse waves (T-waves, also known as shear waves) to examine the
hydration of cementitious materials. Sayers® and Grenfell found a linear relationship between
the effective bulk and shear moduli determined by pulse velocities. D'Angelo* et al. detected a
considerably higher sensitivity of T-waves to the hydration process compared to L-waves.
Boumiz’ et al. studied the development of elastic modulus, shear modulus and Poisson's ratio
as functions of time and degree of hydration.

Most current studies are on concrete under normal service conditions. For cold regions,
freezing can have significant effects on the technologies based on seismic waves, especially
for concrete in the early stage of curing. Ohio Department of Transportation, for example,
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specifies a 5-day thermal curing during winter construction. The concrete can quickly become
frozen upon removing the thermal curing. This study aims to determine a NDT test framework
to quantify the effects of freezing on seismic wave propagation in curing concrete.

BACKGROUND

Ultrasonic Testing

Ultrasonic Testing uses high frequency sound wave propagation to measure material and
structural responses. This technology has been used for flaw detection, dimensional
measurements, material characterization and etc.

A typical UT inspection system (shown in Figure 1) consists of several functional units,
such as the pulser and receiver, transducer, and display devices. A pulser and receiver is an
electronic device that can produce high voltage electrical pulses. Driven by the pulser, the
transducer generates high frequency ultrasonic energy. The sound energy is introduced via
couplant to propagate through the materials in the form of seismic waves. From the signal,
information about the location, size, orientation of structural features can be obtained.

Pulser/Receiver

Transducer

Initial Pulse

|

Back Surface
Echa

=

I
{GS

n
&
a
2

=

Plate

FIG. 1. Ultrasonic testing inspection system

In recent years, techniques based on ultrasonic wave propagation are used to assess the
strength of early age concrete. Several methods that relate the ability of cementitious materials
to transmit ultrasonic waves and their compressive strength gain can be found in the literature.
Keating® et al investigated the relationship between ultrasonic longitudinal pulse velocity and
cube strength for cement slurries in the first 24 hours. For concrete cured at room temperature,
it was noted that the relative change in the pulse velocity in the first few hours is higher than
the observed rate of strength gain. However, a general correlation between these two
parameters could be deduced. Another study about the interdependence between the velocity
of L-waves and compressive strength has been presented by Pessiki’ and Carin. Within the
scope of this work concrete mixtures with different water-cement ratios and aggregate
contents cured at three different temperatures were examined. The L-wave velocity was
determined by using the impact-echo method in a time range of up to 28 days. At early ages
the L-wave velocity increases at a faster rate when compared with the compressive strength
and at later ages the strength is the faster developing quantity. L-wave velocity is found to be
a sensitive indicator of the changes in the compressive strength up to 3 days after mixing.

From the measured ultrasonic velocity, two different types of moduli, i.e, longitudinal and
shear modulus can be calculated as follows:

L=p-v;
G=p-v}

(0]
@
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where L is the longitudinal modulus, G the shear modulus and v; and vt the velocity of L- and
T-waves respectively. The moduli L and G are related to the direction of particle motion
caused by L- and T-waves. The longitudinal modulus relates strain to longitudinally applied
stress. The shear modulus describes the elastic behavior of a material subjected to shear strain.

Time Domain Reflectometry

Time Domain Reflectometry (TDR) is a guided radar technology. It utilizes the propagation of
electromagnetic wave to measure materials properties and structural responses. The
configuration of a typical TDR system is shown in Figure 2(a), which includes a TDR device
(pulse generator and sampler), a connection cable, and a measurement probe. The
measurement probe generally consists of multiple conductors embedded in materials whose
properties are to be measured. Figure 2(b) shows a schematic plot of typical TDR signal.
Information commonly obtained on materials electrical properties include the apparent
dielectric constant K,, which are related to the speed of electromagnetic wave in the material;
and the electrical conductivity EC,, which is related to the energy attenuation. Both quantities
can be easily obtained from a TDR signal. A brief introduction on determining these
quantities are summarized below: the travel velocity, v, of an electromagnetic wave through
media is calculated as follows:

V=

3

K
where ¢ is the velocity of an electromagnetic wave in free space (2.988x10°m/s) and K, is the
dielectric constant (for TDR measurement in soils, this quantity is generally called apparent
dielectric constant). The time for the electromagnetic wave traveling down and back along a
metallic waveguide of length, L, is given by:

== )

Substituting equation (4) to (3) yields
2
t
K, = [C\ 5)
2L,
t
By defining % as apparent length 1,, the apparent dielectric constant can be calculated as

l 2
K =[%) ©)
[L )

In the TDR signal, the apparent length is determined from analyzing the time elapse
between reflections. The determination of the apparent length /, is illustrated in Figure 2(b).
The electrical conductivity of bulk soil sample can be simultaneously obtained from the final

signal level (Yu and Drnevich 2004).

Relationship between Dielectric Constant and Gravimetric Water Content

Water has dielectric constant of around 81, which is much larger than that of soil solids
(typically around 3 to 7) or air (around 1). A variety of relationships has been developed
between TDR measured dielectric constant and volumetric water content. Siddiqui and
Drnevich (1995) '? developed an equation that relate the TDR measured dielectric constant to
the gravimetric water content. The equation accounts for the effects of soil type and density by
incorporating two calibration constants. This equation is shown below.
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FIG. 2. a) Schematic plot of TDR measurement system;
b) Tvpical TDR signal and information utilized

EXPERIMENT DESIGN

Experiments were designed to establish the effects of freezing on the strength of concrete.
Three representative types of concrete used in Ohio DOT projects were used in the experiment.
Concrete mixes were obtained from commercial suppliers THE COLLINWOOD-HORNING
CONCRETE COMPANY (http://www.collinwood-horning.com). The concrete mixes are
designated as ODOT Class C (Ordinary pavement concrete of 4000 psi), High Strength (8000
psi) and Self-consolidating concrete (6000 psi). A list of concrete properties is shown in Table

1.
Table 1. Concrete Mixes Used in the Experimental Program
ODOT Class C | High strength Self-consolidating
Designed 28-day strength (psi) 4000 8000 6000
Slump (inch) 4 6 6
Designed Water-cement ratio 0.53 0.26 0.31
Accrual w-c ratio 0.648 0.552 0.33
Sand (1b) 1380 1140 1438
#57 Limestone 738
Gravel(lb) 1480 1660 48 Limestone 783
Cement(lb) Type 1-5 650 | Type 2-3 665 648
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AE-260 7
Admixture(0z) AE-260 4 3500N 32 | Duraflux33 (SCC
Admixture) 10
Super 84
Water(lb) 76 102 240

Concrete specimens were prepared to determine the mechanical strength at different
curing ages. Sufficient numbers of specimens were prepared to ensure at least three repetitive
tests can be conducted for each test. All of these samples were kept in the curing room before
they were subjected to different freezing processes. In TDR test, 7 specimens were monitored
in each group of experiment; each subjected to different curing process. Among these, there
were 4 different freezing process produced by placing the specimen into temperature
controlled freezer at 1st, 2nd, 4th and 6th day of curing. The remaining 3 specimens are cured
under normal curing conditions but with different types of TDR probe design, including a
parallel strip design, a four-spike probe design and an insulated four-spike probe design. TDR
sensor monitors the electrical conductivity (ECy) and dielectric constant (K,) of concrete
specimens subjected to different curing processes. For each of these 7 specimens, thermal
couples were used to monitor the temperature process (Figure 3b). The channel assignments
are shown in Table 2.

FIG. 3. a) TDR sensor head with cable b) TDR sensor and thermocouple distribution

Table 2. Distribution of Monitoring Channels

TDR When was it
Channel | TDR sensor type | Sample f Thermal couple No.
No. Tozen
1 Parallel 4-inch 1™ day 5
5 Parallel 4-inch 2" day 2
3 Parallel 4-inch w/o 3
4 Parallel 4-inch 4" day 4
6 Parallel 4-inch 6" day 6
7 Uninsulated spikes | 6-inch w/o 7
8 Insulated spikes 6-inch w/o 8
1 (Environment Temp)

The ultrasonic system includes a high power pulse generator, 1MHz ultrasonic transducers,
and a PC-osciloscope (Fig. 4). The high characteristic frequency ultrasonic transducer ensures
a high resolution in determining the ultrasonic wave speed. They are coupled to the concrete
specimens via water.
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FIG. 4. Ultrasonic testing device and example photos of testing concrete specimen

In conjunction with ultrasonic test and TDR monitoring, the mechanical and physical
properties of concrete subjected to different curing procedures are also measured. These are
used to determine properties of concrete such as the compressive strength, ultrasonic wave
speed and water content of each type of concrete (destructive oven dry method). The details of
experiment plan are shown in Table 3. The mechanical and physical properties of virgin
samples were tested every day from the beginning to the 7" day and then at 28" day. For the
specimens subjected to freezing, the strength and water content at 3™ day, 7" day and 28" day
are measured. The frozen specimens were first defrosted before being tested.

Table 3. Physical Properties Test Schedule of Different Type of Concrete

Sample 1 2 3 4 5 6 7 28
VlI‘gin * * * * * * * *
1™ frozen * * *
2" frozen * * *
4™ frozen * * *
6™ frozen * * *

EXPERIMENT DATA ANALYSIS

Ultrasonic velocity - strength relationship for concrete with normal curing procedures
Figure 5 plots the strength of concrete versus ultrasonic wave velocity for concrete subjected
to normal curing conditions. As seen from this plot, there are reasonably linear relationships
between both factors. This confirms the observations in many existing literatures. Such
relationship can be used to estimate the compressive strength of concrete from ultrasonic
measurements.

4300Y 7 0-2105x+3715.6 y=0.1007x + 3802.4
4200 R2=0.7172 2=07972
T A4 ’ B self-consolidate
. 4100 - ) concrete
< 4000 - ¢
-E- 3900 - 0DOTclass €
3800 - y=0.2132x+ 3485.4 ordinary
3700 - R?=0.8998 conctet
3600 . ) # High strength
it
0 2000 4000 gooo oM

strength (psi)
FIG. 5. Relationships between ultrasonic velocity and strength of concrete
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Ultrasonic velocity (after thaw) - strength (after-thaw) relationship for concrete subjected to
[freezing during the curing process

In this experiment, concrete specimens were placed in freezer at different curing ages (1-day,
2-day, 3-day, 4-day, 5-day etc). At the end of the 7-th day, the specimens were taken out of the
freezing room. Ultrasonic test and compression tests were then conducted on each specimen
either in complete frozen status or in complete thaw status. The frozen status is ensured by
compressing the specimens immediately after taken out from the freezer; the complete thaw is
ensured by subject the specimens to rapid thawing procedures. Figure 6 shows the plots of
ultrasonic wave velocity and strength relationship for concrete specimens that are completely
thaw. This figure indicates there exist reasonably linear relationship between ultrasonic
velocity (after thaw) and strength of concrete (after thaw) subjected to freezing during the
curing process.

5000 y=0.3179x + 3216.6
y=0.5702x + 3198.3 R2=0.7913 .
4500 - R? = 06655 M Self-consolidate
- / concrete
S
4000 - *
.E, * High strength
3500 - . y=0.3325x + 3189.3 concrete
R?=0.8572  ODOT Class C
3000 T ' ordinary
0 1000 2000 3000 4000 conctete

strength (psi)
FIG. 6. Relationships between ultrasonic velocity (after thaw) and strength of frozen
concrete (after thaw)

Ultrasonic velocity (before thaw)- strength (before-thaw) relationship for concrete subjected
to freezing during the curing process

Figure 7 plots the ultrasonic velocity (before thaw) versus strength of frozen concrete
specimens (either before thaw or after thaw). The large scattering in the data indicates there
are no reliable relationships between the ultrasonic velocity (before thaw) and compressive
strength for frozen concrete, whether it is frozen or complete thaw. This implies if NDT
testing is conducted on concrete while it is frozen, the measured wave speed can not be used
to reliabily predict the strength of concrete.

4750
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FIG. 7. The ultrasonic wave velocity of frozen concrete versus strengths of concrete
specimens
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The differences observed in Figs. 6 and 7 can be clearly seen from the trend of ultrasonic
velocity and strength development in frozen concrete samples (Figs. 8 and 9). Fig. 8 shows the
evolution of the strength of concrete (either before thaw or after thaw) with time. Fib. 9 shows
the evolution of the ultrasonic velocity (either before thaw or after thaw) with time. The thaw
concrete specimens show gradual increasing trend in both compressive strength and ultrasonic
velocity. While those of frozen concrete show the opposite trend. This leads to what are
observed in Figs. 6 and 7.

65000 Bsamol __4900
s 5000 g sl 4700 - *samples
) n before £ m = frer
g 4000 m—uu thaw Z4500 | N
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time (day) time (day)
FIG. 8. Evolution of concrete strength with time FIG. 9. Evolution of ultrasonic velocity with time

Estimation of Frozen Concrete Strength

Fig. 8 shows the frozen early stage concrete has higher strength than those completely thaw. A
plot of the differences in the strength of concrete in the complete frozen or thaw conditions is
plotted in Fig. 10. Also plotted on Fig. 10 is the evolution of free water content (or free ice
content when completely frozen). It is interesting to notice that both curves show similar
trends. Fig. 11 directly plots the free water content and the differences in the compressive
strength of concrete in complete frozen or thaw status. There appear to exist high linear
relationship between both quantities. The relationship between these quantities is probably due
to the fact that when the free water in the sample freezes, the strength of ice contributes the
bulk strength of frozen concrete specimens.
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FIG. 10. Free water content and differences in strength of frozen and thaw concrete
specimens
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FIG. 11. Difference strength versus free water content (i.e. ice content in completely frozen
concrete)

With the use of relationship such as shown in Fig. 11, an estimation of the strength of
frozen concrete from seismic test can be performed in the following sequences:

1) Defreeze the concrete

2) Estimate the strength of thaw concrete from ultrasonic test (using relationship shown
in Fig. 6)

3) Use free water content to determine the differences in the strength of concrete
between complete frozen and complete thaw status (using relationship shown in Fig.
11)

4) Estimate the strength of frozen concrete by adding strength from steps 2) and 3).

A final issue to implement such a procedure is the estimation of the free water content in
concrete. This can be achieved by use of NDT technology such as Time Domain
Reflectometry (TDR). Previous research by the author shows TDR can be used to reliably
estimate the free water content in curing concrete . The combination of ultrasonic testing
and TDR testing thus provides a way to estimate the strength of frozen concrete in the field.
This information can be valuable for pavement open-road decisions in cold regions, where the
Winter Load Increases is used to improve freight efficiency. The measured strength of frozen
concrete can be incorporated to determine the magnitude of overload that can be allowed on
pavements.

CONCLUSION

The relationship between seismic wave velocity and strength is the basis for application of
many NDT technologies based on seismic wave principles. Our experimental data shows
while there exist good linear relationships between the compressive strength and the ultrasonic
velocity, such relationship does not hold when the concrete is frozen. The strength of frozen
concrete does not have direct correlations with ultrasonic wave velocity. The strength of
frozen concrete, however, can be estimated from that of thaw concrete and a correction related
to the amount of ice (free water). Combination of ultrasonic method and method for water
content measurement (such as TDR) provides a nondestructive method to estimate the strength
of curing concrete subjected to freezing procedures. This can potentially be used for
implement Winter Load Increases in cold regions. More studies are needed to further validate
and improve this technology.
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ABSTRACT: Time domain reflectometry (TDR) fails in soils with high electrical
conductivities, because the attenuation of the signal eliminates the reflection from the
end of the probe. This paper describes a new approach for determining dielectric
constants in highly conductive soils using TDR measurements. It makes use of
information contained in the reflection at the soil surface rather than the reflection at
the end of the probe. A relationship between the reflection coefficients at the soil
surface with the apparent dielectric constant of the soil was established theoretically.
The apparent dielectric constant of the soil can be estimated from the surface
reflection coefficient. Results indicate that the dielectric constant can be determined
with reasonable accuracy by the proposed approach for soils with high electrical
conductivities, where the conventional travel time analysis fails due to significant
signal attenuation.

INTRODUCTION

Soil water content plays an important role for soil engineering property
assessment and compaction quality control in geotechnical engineering. Time domain
reflectometry (TDR) technology is becoming an established technology in civil
engineering for soil moisture measurement (Benson and Bosscher, 1999; Siddiqui et
al., 2000; Noborio, 2001; Yu and Drnecich, 2004a; ASTM D6780-05, 2005). The
apparent dielectric constant (K, ) and the bulk electrical conductivity (0, ) are two

basic electrical parameters of soil. TDR apparatus can measure the apparent dielectric
constant and the electrical conductivity in the same specimen simultaneously, which in
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turn can be used to estimate soil water content. Topp et al. (1980) established a
relation between soil volumetric water content and soil apparent dielectric constant.
However, geotechnical applications require the gravimetric water content. It relates to
the volumetric water content by the dry density of the soil. Siddiqui and Drnevich
(1995), Yu and Drnevich (2004a), and Yu and Drnevich (2004b) presented efforts to
extend the application of TDR for measuring the gravimetric water content and the dry
density of soils with the apparent dielectric constant and the electrical conductivity.
An ASTM standard, designated ASTM D6780 (2005), describes the details of this
method. Figure 1 shows the typical TDR system used in ASTM D6780. The apparent
dielectric constant is based on the travel time of the electromagnetic wave traveling
along the probe (coaxial cylinder in Fig. 1). The identification of the reflection at the
probe end (point D in Fig. 2) is critical for the travel time analysis.

Campbell Scientific, TDR100
50 ohms Coaxial Cable

Connection to

coaxial head
computer serial port

&

coaxial cylinder

Interfacel -I

Interfacell -Il

Interfacelll -Il

116mm | 348mm

Lp=

Interface IV-IV

(A-A)

(b) (©)

FIG. 1 TDR system used in ASTM D6780 and the probe with extended rods: (a) TDR
system, (b) the configuration of the coaxial head, and (c) the configuration of the mold
probe with extended rods.

Notes for figure: 1-stainless steel in the coaxial head, 2- studs, 3-stainless ring, 4-
extended rods, 5-centre rod, 6-metal mold, 7-air gap, 8-Delrin as the insulating
material in the coaxial head, 9-Delrin as the base of the mold, 10-soil or water in the
mold,11-soil or water surface.
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It was observed that the travel time analysis is challenging when the tested soil
with high electrical conductivity, which causes significant energy attenuation (Topp et
al., 1980; Jone and Or, 2004; Chen et al., 2007). This makes it impossible to use the
travel time analysis for highly conductive soils such as chemically modified soils, fat
clays, and contaminated soils. This paper describes a new approach for determining
the apparent dielectric constant from the TDR measurement in highly conductive soils.
The new approach makes use of information in the reflection at the surface of the soil.

The apparent dielectric constant measured using the TDR technique is based on
the travel time of the electromagnetic wave propagating along the probe. A TDR
waveform for deionized water is plotted with solid line in Fig. 2(a). The point B is the
start of the reflection at the soil surface. The point D is the reflection at the probe end.

An equation is presented in Fig. 2(a) to show how to calculate K,, from the travel

time of the wave along the probe (time difference between points B and D), Af, the
length of the probe, L,, and wave velocity in vacuum, ¢. Chen et al. (2007) stated

that the small step C is the end of the reflection at the soil surface, and the difference
of the reflection coefficient between B and C depends on the dielectric constant of the
soil in the mold.

There is an air gap between the coaxial head and the mold (see Fig. 1). The
length of the air gap (number 7 in Fig. 1(c)) has a significant impact on the position of
the point B (Chen et al., 2007). When the length of the air gap is as short as 48 mm
(typical length of the air gap in ASTM D6780 (2005)), the reflections at the coaxial
head, the air gap, and the surface of the soil interfere with each other. The reflection at
the soil surface could be overlapped with the reflection at the air gap. The longer air
gap can separate the reflections at the air gap and the soil surface, then results in a
flatter peak B. In this study, four studs in the coaxial head were extended with four
300 mm rods (number 7 in Fig. 1(c)). The extended rods were bolt joint with the studs
in the coaxial head. A waveform for deionized water measured with the extended rods
probe is plotted in dash-dotted line in Fig. 2(a). It is clear that the peak of the
waveform becomes flatter, and the points C and D move up right. But, the time
difference between the points B and D are the same.
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FIG. 2 TDR waveforms measured in deionized water using the probe with the
extended rods (short air gap) and without the extended rods (long air gap): (a) TDR
waveforms for short air gap (solid line) and long air gap (dash-dotted line), (b) the first
derivatives of the TDR waveforms for short air gap, and (c) the first derivative of TDR
waveforms measured in the same mold with an extended rods (long air gap).
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Reflection wave and transmission wave in coaxial cable

For the probe used in the study (as shown in Fig. 1(c)), there are four impedance-
mismatch interfaces: interface I-I (between the cable and the coaxial head), interface
II-IT (between the coaxial cable and the air gap), interface III-III (between the air gap
and the soil), and interface IV-IV (probe end). If we denote the characteristic
impedance of the cable, the coaxial head, the air gap, and the mold as z,, z,, Z,, and
Z, , the reflection coefficients at the interfaces (p,,p,, and p,, ) and transmission
coefficients at interfaces (z,,7,, and 7, ) can be easily obtained.

The dielectric permittivity of soil can be expressed as:

2 2
K = é l_pm (1)
~ Zu 1*‘plll
where K is relative dielectric permittivity calculated from the surface reflection

coefficient p,, ; Z, is the geometric impedance of the mold.

The wave phenomena in a TDR measurement include multiple reflections,
dielectric dispersion, and attenuation due to the conductive loss and cable resistance
(Lin 2003). Dielectric dispersion and attenuation slow down the rise time of the step
voltage. Multiple reflections make the total reflection coefficient unequal to the true
reflection coefficient at the interface.

We studied the multiple reflections in TDR system, and obtain:

JE. =k ["”Ap j (2b)

y-Ap
y=>1-p)0-py) (2¢0)

zZ
in which k = Z—” and Ap=p,, =P -Pu> Pu>and p,, is the total reflection coeffici-

a

ent at the time ¢, #,, and ¢,. It can be found in TDR recorded waveforms (see Fig. 3).
k and y are constants, which depend on the geometry and insulating material of the
probe. Their values can be obtained from lab calibration. Ap depends on the dielectric

constant of the material in the mold, as shown in Fig. 2. Equation (2b) suggests that if
the probe constants k and i are obtained, the dielectric constant Ky, can be deter-

mined by the surface reflection coefficient. If the dielectric constants of the materials
can be measured by travel time analysis, i can also be calibrated using Eq. (2b). Fig-

ure 4 shows the calibration curve of y . From calibration, y is 0.803.
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Soil samples of standard sand, silt sand, Xiaoshan clay, and Bentonite were used
in the experiments. The waveforms for ethanol and butyl alcohol were also measured.
After the calibration of £ and y, Eq. (2) can be used to estimate the dielectric

constant K . Figure 5 shows the comparison of K estimated using Eq. (2b) for
sands and water to the apparent dielectric constants K, obtained by travel time
analysis. The data lie within + 10% of the 1:1 line. It indicates that the proposed
approach of estimating K provides satisfactory accuracy.
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Fig. 5 Comparison of apparent dielectric constant (K,) by travel time analysis
compared to the dielectric constant (K,s) from the surface reflection coefficient for
sands and waters.
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Moreover, the high electrical conductivities of clay and Bentonite make the
measurements of the apparent dielectric constants difficult as the second reflection is
indiscernible. The surface reflection coefficients methods still work satisfactory for
situations where the conventional travel time analysis fails due to weak or non-existent
second reflections. Note in Fig. 5 water contents calculated by use of K, are quite
reasonable for situations where it was not possible to measure K,. The developed new
method appears to have an advantage over the conventional travel time analysis in that
it can be applied to soils with high electrical conductivities where second reflections
are weak or absent altogether.

CONCLUSIONS

This paper presents an approach to estimate the apparent dielectric constant
from the reflection at the surface of soils by using surface reflection coefficient
obtained in time domain signal. This approach can be applied to contaminated soils,
chemically modified soils and fat clays which have high electrical conductivities. An
improved probe with extended rods is developed first compared to the convention
probe in ASTM D6780. The probe with extended rods is used to identify and separate
the reflections at the coaxial head and the surface of sample. The reflection of TDR
signal at the soil surface is used to obtain the dielectric permittivity of soil by Eq. (2b).
The approach was validated with the experimental data on salty water, sand soils, and
clay. Major conclusions from this investigation include:

Calculate K from reflection coefficient in time domain is a possible ways to

find K, from surface reflection. The total reflection coefficient was considered as

being obtained from the sum of all the signals reaching the sampling oscilloscope from
various successive reflections and transmissions at the line interfaces..The high
electrical conductivities of clay and Bentonite make the measurements of the apparent
dielectric constants difficult as the second reflection is indiscernible. The surface
reflection coefficients methods still work satisfactory for situations where the
conventional travel time analysis fails due to weak or non-existent second reflections.
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ABSTRACT: This paper discusses the comparison of the shear wave velocity results
for the concrete, lime treated base and subgrade pavement layers obtained from two
separate surface wave test methods at a concrete pavement site. The older Spectral
Analysis of Surface Waves (SASW) and newer Multiple Impact of Surface Waves
(MISW) test methods were performed at the same concrete pavement forensic
investigation project for comparison purposes. Neither the SASW nor MISW test
methods require the installation of boreholes to measure the shear wave velocity and
layer thickness profiles of asphalt or concrete pavements, and the underlying base and
subgrade layers, thus reducing the costs of the tests. The older SASW and newer
MISW methods differ only slightly from one another in the equipment used, method
of data collection, but involve significantly different data processing. This paper
includes a comparison and discussion of the surface wave test results, as well as
backgrounds of the MISW and SASW methods. The MISW method is able to provide
much more accurate determinations of layer thicknesses (within 4-5 mm for the
pavement surfaced layer) and layer thicknesses/moduli for the underlying less stiff
base and subgrade layers than the SASW method which greatly overestimates moduli
of less stiff base materials immediately below the stiffer asphalt or concrete pavement.

INTRODUCTION

As pavement design is increasingly being done with mechanistic-empirical design
methods, there is an increasing need to measure Young’s moduli in situ. This has been
possible to do so during construction of each pavement layer using the Spectral
Analysis of Surface Waves (SASW) method since its research and development by Dr.
Kenneth H. Stokoe, II and his students at the University of Texas at Austin beginning
in the late 1970’s (Heisey, Stokoe and Meyer, 1982). There are a number of different
surface waves methods that have been developed for pavement and geotechnical site
investigations including the SASW, frequency wave number (f-k) spectrum, multi-
channel analysis of surface waves (MASW) and continuous surface waves (CSW).
These methods are reviewed in detail along with other surface seismic and borehole
seismic methods by Stokoe, Joh and Woods (2004).
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Ryden and Lowe (2004) reported a study on guided waves in a layered half-space
with large velocity contrasts where a decreasing velocity with depth is presented. They
found by calculating multiple mode dispersion curves in the complex wave number
domain and taking into consideration the attenuation caused by leakage into the
underlying half-space, that they could better resolve the thicknesses and moduli of
layered pavement systems with improved matching of the experimental and theoretical
phase velocity vs. frequency dispersion curves. This method is called Multiple Impact
Surface Waves (MISW) herein. In particular, the lower moduli base and subgrade
layers are able to be much better resolved with the MISW approach versus the SASW
and other surface wave approaches as reported in this paper for a concrete pavement
case history. The test methods are described below along with a comparison of SASW
and MISW results for a concrete pavement site.

SASW AND MISW SURFACE WAVES METHODS

The SASW method uses the dispersive characteristics of surface waves to
determine the variation of the surface wave velocity (stiffness) of layered systems with
depth (Heisey, Stokoe and Meyer, 1982). Shear wave velocity profiles can be
determined from the experimental dispersion curves (surface wave velocity versus
wavelength) obtained from SASW measurements through a process called forward
modeling (an iterative inversion process to match experimental and theoretical
results). The SASW method can be performed on any material provided an accessible
surface is available for receiver mounting and impacting.

The MISW test method utilizes many of the same principles and equations as the
SASW method (Ryden and Lowe, 2004). The data collection of both methods is also
similar. The differences between the two methods are predominantly in the data
analysis. All of the data taken during MISW testing is analyzed together to create a
dispersion image or phase velocity spectrum. As generally seen in the MISW phase
velocity spectrum for pavements, the phase velocity increases as a function of
frequency. This apparent increase in the dispersive trend at higher frequencies is built
up by interference of higher modes of surface waves and it is reported that the data can
be more accurately evaluated by taking this effect into account. This effect can be
accounted for by modeling to match the dispersion image rather than the fundamental
mode dispersion curve primarily analyzed in SASW.

Collection of SASW AND MISW Field Data

In SASW tests, two receivers are placed on the surface, and a hammer is used to
generate the acoustic energy (see Fig. 1). Short receiver spacings use accelerometers
to sample the shallow layers while for long receiver spacings geophones are used in
sampling the deep materials. The source and receiver signals were recorded by an
Olson Instruments Freedom Data PC Spectral Analysis of Surface Waves System and
stored for further analysis at the concrete pavement site. Two profiles, a forward
profile and a reverse profile, are typically obtained in SASW measurements where the
accessible surface is struck by a hammer on two opposite sides of the receivers.
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The MISW method is illustrated
in Fig. 2 and data was taken with the
same instrumentation system. In
MISW tests the generated surface
waves were measured with a seismic
accelerometer fixed at zero offset.
Hammer impacts were generated
from 0.20 to 5.00 m offset in 0.20 m
increments. All recorded signals
were then compiled to make an
equivalent  multichannel record
which can be transformed to a phase
velocity spectrum similar to the
MASW transformation technique
(Park et al., 1998).
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FIG. 1. SASW test with Geophones velocity profile from the "apparent"
Accelerometers on Pavements . . .
velocities of the dispersion curve,
analytical modeling is necessary.
The analytical modeling used herein is a forward modeling process that is iterative and
involves assuming a shear wave velocity profile and constructing a theoretical
dispersion curve or dispersion image. The experimental (field) and theoretical curves
are compared, and the assumed theoretical shear wave velocity profile is adjusted until
the two curves or images match.
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FIG. 2. MISW Data Acquisition, Processing and Shear Wave Velocity Profile
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For SASW modeling the interactive computer software WINSASW for both 2-
dimensional and 3-dimensional analyses have been developed by Dr. Sung Ho Joh
during his Ph.D. research at the University of Texas at Austin to compute a theoretical
dispersion curve based upon an assumed shear wave velocity and layer thickness
profile. These algorithms have produced reasonable accuracy when comparing
velocities determined with the SASW and seismic crosshole methods on soil sites. A
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SASW result with a good match between the measured and experimental data and the
resulting shear wave velocity profile is presented in Fig. 3 for a concrete pavement.

FIG. 3. SASW dispersion curve plot for Concrete Pavement Site (velocity vs.
wavelength on left with good match of experimental data — open circles and
theoretical match — solid circles) and Theoretical Shear Wave Velocity vs. Depth-right

L WinSASW 2.4 - c\Users\Pat\Deskiop\pat ata\SASW\Inv_models\p2da

THD: A1 R
0. Gabal ~| oo THo
LT L ad Profile & Disp.C. Inversion
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For MISW modeling, a program developed by Dr. Nils Ryden (Ryden et al 2004)
was used for data collection, analysis, and theoretical modeling. The modeling
program iteratively adjusts multiple parameters in order to match the experimental
dispersion velocity spectrum image. This technique and analysis algorithms have been
shown to accurately determine the layer thicknesses and moduli of pavement and soil
systems. A MISW result from the same concrete pavement site as tested with the
SASW method is presented in Fig. 4 below. The surface wave data is plotted in the
left plot as impact point offset from the accelerometer receiver versus time while the
phase velocity spectrum of the experimental data is plotted as normalized and not
normalized in the two right hand plots. The matching of the experimental phase
velocity spectrum with the theoretical phase velocity spectrum is presented in Fig. 5
with the top plot being the measured phase velocity spectrum, the second plot being
the best fit theoretical velocity spectrum and the third plot comparing the mismatch
between the experimental and theoretical results. The bottom plot on the left is the
shear wave velocity profile versus depth while the layer data in terms of thicknesses,
shear and compressional wave velocities and Poisson’s ratios are summarized in the
lower right. Finally, the direct comparison of the theoretically best fit shear wave
velocity profiles is presented in Fig. 6. Review of this figure indicates that the SASW
method predicted significantly higher shear wave velocity profiles for the lime treated
base below the concrete than the MISW method.
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FIG. 4. Example MISW results from Concrete Pavement Site with time domain data
in left plot and Phase Velocity Spectrum in right plots.
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Further examination of Fig. 6
indicates that the shear wave velocity
of the lime-treated subgrade was
quite high below the concrete in the
SASW results (~4500 ft/s or 1500
m/s). However, the MISW results
predicted a much slower velocity
(500 ft/s or 150 m/s). Unconfined
compressive strength tests on samples
of the lime-treated base revealed
comparatively low strengths at the
pavement site. This finding is in
agreement with the MISW results as
the lime-treated subgrade was found
to have similar strengths to the
underlying natural clayey subgrade
soils that had not been treated.

FIG. 5. MISW Matching of Phase Velocity Spectrum for Experimental (top) and
Theoretical Best-fit (2™ plot), and Mismatch (3 plot) with MISW Theoretical Shear
Wave Velocity Profile vs. Depth (left-bottom) and Layer Information (right-bottom)
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The case history illustrates the
improved accuracy of the MISW
1 L methods over the SASW method
- to accurately measure the shear
wave velocity profile versus depth
2l for the difficult case of softer base
materials below rigid pavements.
The MISW method has similar
advantages for asphalt pavements
and can also measure asphalt and
concrete thicknesses accurately to
within 4 to 5 mm. The MISW
method can thus be wused to
determine shear wave velocity
profiles from which Young’s
— SASW Aug '08' moduli and layer thicknesses can
be accurately calculated for use in
mechanistic-empirical ~ pavement
design. The MISW method can be
applied for Quality Assurance/Quality Control (QA/QC) purposes to each layer of a
pavement system during construction directly to provide accurate layer thickness and
moduli data. In pavement rehabilitation projects, MISW can be used to measure
asphalt/concrete moduli and thicknesses as well as the thicknesses and moduli of the
underlying base, subbase and subgrade layers of pavement systems. It is also used for
seismic shear wave velocity tests of soil/rock.
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ABSTRACT: The Bangkok Area is underlain by 12 to 16 m deep soft compressible
clay. Pavements on embankments 1.5 — 2.5 m high commonly undergo a total
settlement of 500 - 1 000 mm in 10 years. This causes significant differential
settlement problems between the bridge approach embankment and bridge structure
founded on long piles with bases in the sand layers. Significant longitudinal or
cross-sectional differential settlements of the roadway may also take place due to
ground conditions. Stability and settlement are always associated problems on soft
ground. Solutions that have been implemented in the past three decades include the
use of preload embankments, light weight materials, concrete bearing units on
precast piles, preloading with prefabricated vertical drains (PVD), and soil-cement
columns. Case histories of investigation and analysis of the soil mechanics problems
and design solutions by state-of-the-art methods are presented in this paper.

Geotechnical Conditions

The Bangkok area lies in the southern part of the Chao Phraya river deltaic flood
plain. The soil profile through this area from west to east is shown in Fig. 1. The
depth of the dark grey soft and compressible Recent marine clay is generally 12 — 16
m. The typical properties of the soft Bangkok clay are summarized in Table 1.
Beneath the soft clay is Pleistocene stiff to very stiff clay. It is underlain by the first
Bangkok sand layer which begins at 19 — 27 m depth and is 2 — 10 m thick. An
interval of hard clay 10 — 20 m thick lies above the second Bangkok sand layer.
Alternate strata of clay, sand and gravel are found further down to depths varying
from 600 to more than 1 000 m before reaching the bed rock.
Diffrential Settlement Problems

Pavements in the Bangkok area are typically constructed on embankments with a
total height (including pavement) of 1.5 to 2.5 m, and exert pressures of 35 to 55 kPa
on the ground surface. This commonly causes a total settlement of 500 to 1 000 mm
in 10 years. Bridges and viaducts in this area are founded on 20 to 50 m long piles
with bases in the sand layers. Without any ground improvement, a sudden drop in
elevation will take place at the joint of the approach embankment with bridge
structure. This also happens at pavement approaches to buildings, at intersections or
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interfaces with drainage and utility culverts, etc. When a road lies over ponds, canals,
ditches, etc., significant longitudinal or cross-sectional differential settlements may
take pace. Stability problem is always associated with settlement problem on such a
soft ground as that covering the Bangkok area.
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Fig. 1. Soil Profile of the Chao Phraya River Deltaic Plain
Table 1. Typical Properties of the Soft Bangkok Clay at the
Suvarnabhumi Airport (after Moh and Associates et at 1995)
Depth Soil Unit Weight | Coefficient of |Void Ratiof Compression Curve Undrained | S,
(m) Profile 'n(kNlm’) Consolidation € Settlement Strain, ¢ (%) and Consolidation Pressure, P' (kPa) Modulus | (kPa)
¢, and c,,(mllday) E, (kPa)
0-1]  Weathered 162 0011 245 [ e®) 000 131 170 201 254 300 392 497] 2500 | 140
Clay P(kPa) 31 250 350 450 550 650 850 110
1-7|  VerySoft 144 00018 330 [ e®) 000 166 426 719 1001 1292 209 2668 1000 | 110
Clay P(kPa) 267 350 450 550 650 750 1100 1500
7-11|  SoftClay 158 0.0043 261 [ e(®) 000 092 207 336 478 625 847 1148 1800 | 200
P(kP) 454 550 650 750 850 950 1100 1300
11-15( Soft to Medium | 163 0.0035 180 [ e(8) 000 087 194 300 480 7.14 936 1335| 4200 | 260
Clay P(kP) 666 750 850 950 1100 1300 1500 1900
Solutions

The objectives are mainly to maintain the minimum requirements of safe sight
distance in the design life of the roadway as the vertical curve of its alignment
changes with settlement, of the cross-slope of the road surface for safe driving and
adequate surface runoff, and of safe and smooth transition between pavements on
ground and structures.

Fig. 2 shows the solution to the above mentioned problem for the design of the
First Stage Expressway System in Bangkok in 1977. A light weight embankment
material, rice husk ash with a compacted unit weight of about 12 kN/m®, was used
both to alleviate the longitudinal (Fig. 2 (al)) and cross sectional differential
settlements (Fig. 2 (a2)) as well as to improve the embankment stability.

At the approaches to bridge structures founded on long piles, bearing units
consisting of concrete slabs supported by gradually shorter precast piles were
constructed (Fig. 2 (b)). The surface loading including embankment, pavement and
traffic loads was transferred to greater depths in the soft compressible clay, thus
reducing the amount of settlement. The rows of piles immediately next to the bridge
structure reached down to the stiff clay. The pile tips gradually rose up to the very
soft clay layer where the bearing unit joined with the rice husk ash embankment as
shown in Fig. 2 (al). Settlement of friction piles in compressible soils would vary
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with the length and the distance between piles, and this is the basis of the
compensated friction pile foundation method presented by Zeevaert (1973) used for
the deign of the bearing units. Bearing units were also used to solve the stability
problem as seen in Fig. 2(c).
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Preconsolidation with preload embankment has been practiced in Thailand
including the expressway project described above. The Suvarnabhumi airport has
adopted preloading with prefabricated vertical drain (PVD) as the method for
ground improvement of the runways, taxiways, and landside roads. PVD is a
prefabricated flexible flat band drain consisting of a permeable core and outer filter
jacket. Under the preload embankment, the ground water dissipates from the clay
stratum horizontally into and then vertically upward through the PVD. The dissipated
water enters a sub-drain system consisting of perforated hoses installed within a sand
blanket, with pumping wells installed at intervals in the preload areas and at side
trenches.

The settlement under the preconsolidation system consists of immediate, primary
consolidation and secondary compression settlement. For the landside roads, Moh
and Associates et al (1995) analyzed the rate of primary consolidation by vertical
pore water flow by the classical Terzaghi theory, and the rate of consolidation by
horizontal flow into band-shaped drains by the method modified by Hansbo (1979).
They obtained the design parameters by performing back analysis from the full scale
embankment tests with PVD carried out by the Asian Institute of Technology.
Together with the results of other investigations in the airport area, design soil
parameters were adjusted (Table 1), resulting in computed total settlements which
were within 5% difference from the monitored results. The stability of the preload
embankment was analyzed by means of the simplified Bishop procedure. Stage
loading, with which the soft underlying clay can gain an increase in strength through
the consolidation process under each level of preloading was designed for the
construction of the preload embankment.

Moh and Associates performed trial analyses for various factors including PVD
spacing, PVD depth, and height of preload embankment. The effect of embankment
width, and the construction schedule were also taken into consideration. Fig. 3 shows
the results of analysis for preload embankments nominally 2.0 — 4.5 m high. The
design criterion of the rate of settlement of the embankment, for assuring the
effectiveness of ground improvement, was less than 5 mm per month (excluding land
subsidence) before the construction of the pavement. It can be seen that for
preloading to take place until the settlement rate meets this criterion the preload
period may take up to 320 — 450 days. In practice, it was specified that the preload
embankment should be removed when the preload period was greater than 180 days
and the settlement was less than 30 mm in 30 days. The design minimum factor of
safety of the embankment during and after ground improvement was 1.2. The cross-
section of the typical design preload embankment is presented in Fig. 4.

A more rapid method of ground improvement than that of preload with PVD is
soil-cement columns. They are constructed by deep soil mixing with either cement
slurry or dry cement powder. The settlement is reduced by the mechanism of load
transfer to greater depths in the soft compressible clay in the same way as the bearing
units on piles. The total settlement of a soil-cement column includes column
shortening and consolidation settlement. For the at-grade roads at the Suvarnabhumi
airport, MAA Consultants et al (2003) analyzed the consolidation settlement by
means of the conventional equivalent raft foundation method. The resulting estimate
was 40 — 90 mm under embankments 1.0 — 1.8 m high for cement columns 10 - 14 m
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long. The column shortening which occurred during filling was estimated to be 30 —
70 mm. The design adopted a soil-cement column under cement stabilized aggregate
mat system as shown in Fig. 5. Its stability was analyzed in terms of the column
capacity; and flexural strength, punching and bearing capacity of the column/mat
system. The slope stability was also analyzed.
Regional Land Subsidence

The Bangkok area has been undergoing regional land subsidence due to deep well
pumping. In the past 50 years, the piezometric pressure has declined from the
hydrostatic state to almost zero at 20 m below ground surface before it resumes the
hydrostatic trend. Moh and Associates et al (1995) reported 20-60 mm/year
subsidence in the vicinity of the Suvarnabhumi airport. Since the deep subsoil strata
in the Bangkok area contribute to 50-70% total subsidence (Nguyen Anc Duc 1999),
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this will be a cause of significant differential settlement between paved embankments
and structures founded on long piles based in the deep soil layers even after soft
ground improvement.
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Fig. 5. Typical Cross Section of Embankment with Soil Cement Columns
(after MAA Consultants et al 2003)

CONCLUSIONS

Engineering solutions to the problems of differential settlement of pavement
structures by state-of-the-art methods have been carried out in the Bangkok area for
at least thirty years. In the early days, the methods included preloading, light weight
embankment materials, and concrete bearing units on precast piles. In the last
decade, preloading with prefabricated vertical drains (PVD) and soil-cement columns
have been employed.
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ABSTRACT: This paper shows for a loamy soil the benefits of lime treatment on the
evolution of the geomechanical properties governing the slope stability and the
resistance against erosion of embankments. The main results indicate that the effective
internal friction angle (¢) is quite unchanged through time, while the effective
cohesion (c’) strongly increases. Furthermore, erosion tests using the LCPC
erodimeter on slopes between 0 and 30 degrees, and for a curing time up to 112 days,
have shown that the treated soil becomes insensitive to erosion after a few days. These
results clearly establishe the benefits of lime treatment in safety and serviceability of
embankments for highways and high speed trains and, consequently, have an
important impact on the reduction of their life cycle costs.

INTRODUCTION

Lime treatment of fine soils is a common practice in many countries to reuse very
wet or soft soils as embankments or capping layers among others. After adding the
lime, two mechanisms develop: an instantancous granulation referred to as soil
improvement and a long term development of pozzolanic reactions inducing soil
stabilization.

In European practice, only improvement of soil properties is usually expected to
increase workability and to assist compaction during earthworks; long term effects of
lime treated soils being generally not taken into account in the design. However, even
mixing rather low amounts of lime with soil induces pozzolanic reactions that may
continue throughout years, resulting in a continuous increase of strength (Little 1995,
Cabane 2004, Bollens & al. 2005, De Bel 2006, De Bel & al. 2007). Neglecting this
evolution after improvement has a direct impact on costs of earthworks, mainly for
slope stability and erosion.

In this study saturated isotropically consolidated undrained (ICU) triaxial tests have
been performed after different curing times on a loamy soil treated with 0, 1.5, 3 and
4.5% quicklime. Because of a lack of space, only the results for 3% lime are
presented, as they correspond to the minimal lime content to reach, in the Eades and

186



GEOTECHNICAL SPECIAL PUBLICATION NO. 189 187

Grim test (Eades and Grim 1960), a pH value of 12.4 required by the pozzolanic
reactions. The soil-lime mixtures were prepared by dry mixing of air dried soil and
lime prior to add the water. Each treated soil sample was statically compacted at
98.5% of its standard Proctor maximum dry density and at the corresponding optimum
water content. Curing process was carried out in a controlled temperature room at
20°C up to 448 days.

The erosion tests were performed in the LCPC erodimeter for 3 curing times and 3
slopes.

MATERIALS
Soil

Silt sampled in Marche-les-Dames, near the city of Namur in Belgium has been
chosen to be representative of those mostly encountered in Belgium but also in
neighbouring countries. The main identification and SPO values are summarized (De
Bel 2006) as follow: natural moisture content (w): 22%; particles size material
distribution: 98% finer than 80 m and 16% clay (<2 pm); organic matter (through
DCO method): 0.2%; unit weight of solid particles () : 27.18 kN/m?; Atterberg limits
(NF P 94-051): liquid limit (wr): 31%, plasticity index (Ip): 11%; Methyl Blue Value
(VBS) according to NF P 94-068 : 1.8 g/100g; classification according to the French
standard NF P 11-300 : Al; optimum values of the standard Proctor (SPO) test
measured according to French standard NF P 94-093 are Yimax = 18.09 kN/m?> and Wopt
=15.1%.

Lime

The tests were performed using a quicklime CL 90 Q according to EN 459-1,
normally used for soil stabilisation in earthworks. The main properties here presented,
were determined, (with several exceptions mentioned under brackets), according to the
EN 459-2 standard. It largely fulfils all the requirements of Belgian and European
standards: refuse on sieves: 0,02% and 17% respectively for 2mm and 80um;
available lime content : 91.2% (>90% - according to EN 459); reactivity to water : teo
= 2,17 minutes (< 10 minutes - NBN B13-204 / < 25 minutes EN 459-2).

Treated soil

Consistency limits and compaction characteristics of the treated soil are:
Atterberg limits: liquid limit (wi): 31%; plasticity index (Ip): 8 %; optimum values of
the standard Proctor (SPO) Yimax = 17.6 kKN/m3 and wep = 17.1%.
EXPERIMENTAL RESULTS

Shear strength parameters

Isotropically consolidated undrained (ICU) triaxial tests, with measurement of pore
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water pressure on saturated samples were performed for the determination of the
effective values for the ultimate shear parameters, cohesion (c¢’) and internal friction
angle (¢). Their evolution is shown in Figure 1 for curing times up to 448 days. It
shows an immediate increase of strength parameters as already presented by various
authors for UCS tests (Verhasselt 1978, 1990, Little 1995, Cabane 2004, Bollens &
Verbrugge 2005). The increase of cohesion is much more important than the internal
friction angle; this last seeming less modified. Furthermore, the evolution is not
monotonic with time but occurs at varying rate, as put in evidence for the cohesion by
the plateau followed by a significant increase. The trend of these results is in
accordance with the results on UCS tests and the statement of Estéoule & Perret
(1979) and Perret (1979) that the pozzolanic reactions between lime and clay particles
develop along 2 or 3 successive processes depending on the curing temperature.
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© a TR — — — - F —_
£ 300 - +30 =
K ] O untreated (cohesion)| [ &
200 . / —e—23% lime (cohesion) | [ 20
100 - O  untreated (friction) | L qq
;'-0—0/ —m— 3% lime (friction) F
0 —t—+— —t—F—t—F+—+—F+—F—+— F—f—F—F+— 0
0 100 200 300 400 500

Curing time (days)

FIG. 1. Evolution of shear parameters with curing time.

Thus long-term strength gain is important as the cohesion is almost ten times higher
after one year curing time than directly after mixing. Also experiences have
underscored that the strength resistance keeps rising up to 448 days and probably even
more. For the sample at this last curing time, the strength was so high that a rock
triaxial testing device was used instead of the classical soil triaxial. It is obvious that
because of the influence of cohesion in slope stability, this long-term strength gain
should be taken into account in the simulation design of embankments.

Erosion

In addition to the triaxial tests, erosion tests using a LCPC-erodimeter (Henensal &
al. 1990) have also been performed.

In addition to the natural soil, three curing times have been chosen for the tests: 1, 14
and 112 days. This corresponds roughly to the immediate influence of treatment,
during the works and at the end of them. As slopes are mainly concerned by erosion,
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tests were performed at three angles of slope: 0, 15 and 30°. The tests have been
performed on samples directly compacted in the moulds fitted for the erosion testing
device (D = 15.2 cm and h = 6 cm) at the same density and water content as those of
the triaxial tests.

During each test, losses of materials have been measured after 2 minutes erosion by
water jets at a pressure of 2 bars in the LCPC erodimeter. This corresponds to a heavy
rain for the Belgian climate (intensity 15 to 20 mm/hour; drops diameter = 1.5 mm,
falling speed of drops = 5m/sec) (Juanos Cabanas 2007). The mean values of the
results on sets of 3 samples are shown on Figure 2. These results clearly establishe the
beneficial effects of the lime treatment even after one day. This is important at the
early ages of the embankment slope when no vegetation has yet developed on it. After
2 weeks, it may be considered that the erosion has no more effect on the slope.
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FIG. 2. Influence of curing time and slope in losses of untreated soil versus
treatment.

EMBANKMENT MODELLING

Some design simulations have been carried out in order to compare a conventional
solution with natural soil to lime-treatment. The strength parameters used (¢’ and ¢)
are those of figure 1. This academic case of study considers a homogeneous
embankment of 15 m height without ground water (Figure 3). The slope was
calculated with the parameters of the untreated soil to give a safety factor of 1.5.

15 m Embankment

B=36.1°_

FIG. 3. Schematic representation of the simulated embankment.
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Figure 4 shows the evolution of the safety factor with curing time for the
embankment for the cases of untreated and treated soil.

14 -
L 12
2 101
[T 4
8 8
> 6 1 X untreated
e, r ——3% lime
n 2("

0+t

0 100 200 300 400 500

Curing time (days)

FIG. 4. Evolution of the safety factor with curing time of untreated and treated
soil.

DISCUSSION - CONCLUSIONS

The very beneficial effect of lime treatment is clearly put in evidence in Figure 4,
even early after construction, as for instance 4 days curing time where the safety factor
rises from 1.5 for the untreated soil to 2.5 for the treated soil. This evolution grows on
with time and values close to 4 and 10 are reached respectively after 3 months and one
year. These delays, corresponding roughly to the construction period and the first
months of service, are indeed very short considering the total lifetime of the
embankment. Thus, using lime to increase workability and to assist compaction during
earthworks, but neglecting the subsequent evolution for the design gives way to a
money loss. Of course, these considerations are made from a pure academic case and
other factors (type of soil, frost, cycles of wetting-drying,) have to be taken into
account before to allow for a final conclusion. Nevertheless, these results show on one
hand that even at usual dosages (3% quicklime) used for soil improvement, a durable
increase of the mechanical properties may be expected. On the other hand, the increase
of the cohesion induces an immediate positive influence of lime treatment against
erosion which becomes negligible after only a few days. This is a good mean of
protection against erosion in order to keep the slope integrity, mainly during the
construction and immediately after, when no vegetation has yet developed.

The conclusion of this paper is that the initial over-cost of the lime-treatment can be
counterbalanced by other advantages related to the durability of the earthwork which
can be demonstrated by a proper life cycle costs analysis.
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