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Preface

It is well recognised that rock masses are very different from common man-made
engineering materials. The nature-created geological medium is a discontinuous,
inhomogeneous, anisotropic and non-linearly elastic medium. The characteristics of
rock masses vary with time, location and direction. Due to the nature of most of
underground rock excavations, those excavated structures are usually of a large size
and require long-term serviceability. Therefore, the way rock mass characteristics
vary with time, location and direction will be reflected in the surrounding rock
masses of the excavations. Such variation should, ideally, be captured in the
modelling and analysis of rock masses.

This book attempts to tackle the problems of modelling and analysis of
excavations in rock masses, by taking into account discontinuity influence, time
dependence behaviour and construction method.

The content of this book is largely based on many years of research work by
the senior author and his research group in China, supplemented by the contribution
by the junior author and his research groups in Singapore and China. Much of the
content of this book has been published in the form of technical papers, while
some content is presented for the first time. The physical and numerical modelling
work described in this book is conducted with several research grants awarded to
the senior author, including the China National Natural Science Foundation (NSF)
program “‘Interaction between geomaterials and hydraulic structures” sub-project
“Mechanical characteristics of jointed rock masses and construction mechanics of
rock structures”, other NFC projects (Numbers 59939190, 40272120 and 50229901),
as well as the 7-5 National Programs on Science and Technology.

Much of the work presented in this book results from the efforts of the research
groups headed by the authors. The accomplishment of this book would not have
been possible without the great contributions by their colleagues and research
students. The authors wish to thank Shiwei Bai, Kejun Wang, Rongming Pan,
Xinping Li, Jingnan Xu, Guang Zhang, Ping Wang, Zuoyuan Liang, Bailin Wu,
Suhua Li, Rui Ding, Haibin Xu, Haiying Bian, Jungang Cai, Shaogen Chen, Yuhui
Zhao, Haibo Li, Yuyong Jiao, Xiaobao Zhao, Hongwei Song and Ashraf Hefny,
for their contributions, comments and reviews. The authors also appreciate the
encouragement and advice from Elsevier’s editorial team James Sullivan, Vicki
Wetherell and Lorna Canderton.

Weishen Zhu
Jian Zhao
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Chapter 1
Introduction

This book attempts to provide techniques for solving the problems in modelling
and analysis of excavations in fractured rock masses, by taking into account
the discontinuity influence, time-dependent behaviour and construction method
dependent phenomenon. This chapter provides an overview on the rock mechanics
issues related to underground excavation and stability.

1.1. ROCK MECHANICS AND UNDERGROUND EXCAVATION STABILITY

Rock structures are generally excavated within comparatively competent rock
masses. However, rock masses usually consist of various discontinuity features,
such as faults, joints and fractures. They significantly influence the stability of rock
masses surrounding an excavation opening. The deformation and stability of the
surrounding rock masses is controlled by the mechanics of the rock masses subjected
to the change of conditions, which is a function of in situ condition before the
excavation and disturbance due to the construction activities. The instability of
underground works is mainly caused by the redistribution of stresses in the
surrounding rock masses due to the excavation activity, due to excessive stress or
excessive deformation. The process and result involves the interaction among the
rock masses, the boundary conditions, and the engineering activity [1-3].

In order to understand the behaviour of the rock masses surrounding the
excavations, it is necessary to understand the basic behaviour of the fractured rock
masses subjected to loading and unloading conditions [4—7]. Common methods to
study such behaviour are through theoretical analysis when the problems are simple,
and through physical and numerical modelling when analytical solutions are not
readily available [8-16].

Physical modelling is one of the basic tools to understand the behaviour and
mechanism of jointed rock masses subjected to various boundary conditions,
primarily loading conditions [17-19]. Whenever possible, physical modelling and
testing should be conducted to provide the direct observation and basic under-
standing of engineering behaviour.

It is difficult, often impossible, to quantitatively predict the mechanical properties
of jointed rock masses by physical modelling due to their complexity and large
scale. Numerical modelling offers wide applications to simulate jointed rock mass
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behaviours including the effects of loading and time, and the behaviour of rock
material, rock joints and rock masses [20-26].

The rationality and reliability of the results from numerical methods depend, to a
great extent, upon the appropriate selection of computational model and mechanical
and mathematical parameters [27-30]. Once the computational model is determined,
the key to success hinges on the rational selection of the computing parameters.
There are many factors and parameters that affect the rock mass behaviour and
stability. One has to identify the order of importance of all the parameters [31,32].
In terms of computation, the limited resource may be the primary restriction. One
of the common methods is the sensitivity analysis of various parameters within a
system [33,34].

Rocks and rock masses often exhibit time-dependent behaviour, especially weak
and soft rocks or highly fractured rock masses [35-45]. In underground excavation,
the time-dependent phenomenon can be found that the loading on support elements
gradually increases, leading to the final failure of the excavated structure [46—48].

Study of underground excavation in rock masses usually involves various
modelling techniques and analysis approaches. Those methods can be physical
tests, numerical modelling, observation and back analysis. The ultimate goal is to
optimise excavation and support [8,49-52].

In recent years, the back analysis method has been widely applied in geotechnical
engineering especially in the underground works [53-56]. Various related analytical
and numerical techniques have been developed [57-60]. The method is based on the
required input physical information, and can be divided into deformation back
analysis method, stress back analysis method and coupled back analysis method.
The physical information in the coupled back analysis method requires both
deformation and stress. The back analysis has been applied to various rock
engineering projects, particularly to underground excavation, to verify the support
design and opening stability [57-62].

Construction of rock engineering projects usually requires a long duration, from
a few months to a few years. The construction of these rock engineering projects
will disturb the initial stable state of the rock masses. The various rock mass
parameters interact in a dynamic interactive process until the rock mass reaches a
new equilibrium state [63—65]. The construction is therefore a dynamic interactive
process in time and in space. The success in constructing and managing a rock
engineering project not only depends on the eventual state of the project, but also on
the interim process and the construction methods adopted [66-68].

Construction of large-scale rock engineering projects is implemented by continual
excavation of new working faces. Each newly excavated face interacts dynamically
with the existing excavated space in time and in space. This dynamic interac-
tive process of rock engineering constructions is non-inverse and non-linear. Its
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eventual state (or solution) is not unique but changeable with the interim process
[1,63-65,69,70]. In other words, the eventual state is strongly dependent on the
stress paths or stress histories. This leads to the possibility of the optimisation of
construction process. Adopting a proper excavation sequence and installing effective
rock reinforcement are engineering measures to stabilise large-scale underground
excavations.

1.2. STRUCTURE OF THE BOOK

This book is divided into eight chapters. Chapter 1 provides an overview of rock
mechanics issues in underground excavation in fractured rock masses, on the various
topics covered by the main chapters of this book.

Chapter 2 addresses physical modelling of jointed rock masses. The observation
and discussion are based on extensive laboratory studies on modelled rock masses
with discontinuities. The physical modelling includes plane stress and plane strain
tests of various jointed rock masses and bridged rock masses, and large-scale
physical modelling of rock masses surrounding an excavation, and deformation
analysis of excavation opening.

Chapter 3 deals with finite element based numerical modelling of the jointed rock
masses together with computational examples. Deformation and strength equiva-
lence formulations as well as treatment of rock joints are discussed. The numerical
modelling is compared with physical modelling and examples of engineering
application are given. Treatments of thick joints, collinear and multiple disconti-
nuities are also dealt with in Chapter 3. It provides solutions on deformation and
strength equivalence treatment for thick discontinuities, and collinear and multiple
discontinuities.

Chapter 4 focusses on the sensitivity analysis of rock mass parameters. It covers
the sensitivity analysis of common rock material and rock joint parameters,
including methods of sensitivity analysis, and application of equivalent model for
jointed rock mass. Examples on sensitivity analysis of rock mass parameters based
on the extent of damage in the surrounding rock mass for a large underground
cavern project is illustrated.

Weak and soft rocks with rheologic behaviour are often difficult mediums to
model and analyse due to their time-dependent nature. Chapter 5 specifically
addresses stability analysis of rheologic rock masses. It outlines rheological mecha-
nical models for rocks and rock masses, visco-elastic and visco-plastic modelling,
interaction of rock mass and support, and rheological damage and damage
constitutive equations in numerical modelling.
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Chapter 6 presents the principle of back analysis and observational methods
commonly used in underground excavation stability assessment. The back analysis
methods described include elastic back analysis, visco-elastic back analysis, back
analysis and optimised methods in transverse isotropic rock masses. The method
extends to plane and three-dimensional back analysis of jointed anisotropic rock
masses, and stability analysis of excavation stability in such rock masses.
Applications of various statistics models in deformation prediction in the stability
assessment are discussed.

The principle of construction mechanics and excavation optimisation is presented
in Chapter 7. It covers the principles of interactive construction mechanics and their
applications to optimise cavern construction. It also outlines artificial intelligence
techniques for construction optimisation and problem-solving algorithm in cavern
construction optimisation. Engineering applications of artificial intelligence optimi-
sation method and optimisation of excavation sequence are also presented in this
chapter.

Chapter 8 specifically deals with reinforcement mechanism of rock bolts, including
the effect of bolts on supporting the rock mass and reinforcement mechanism of rock
bolts. Physical and numerical modelling of rock bolts are presented, with varying
bolt spacing, length and layout, and with varying rock stress conditions. A scaled
engineering model test is illustrated to verify the modelling results.

A comprehensive list of literatures on those topics is given at the end of this book,
in the reference section.



Chapter 2
Physical Modelling of Jointed Rock Mass

Rock structures are generally constructed within comparatively hard rock masses.
The rock masses consist of various structural features, such as faults, joints and
fractures. They significantly influence the stability of rock masses. In general, faults
are treated as locally special fractures [71-73]. The characteristics of strength and
deformation of the faults are studied specifically for the stability analysis. However,
for joints and fractures, due to their abundant numbers, such special treatment
generally does not apply. Instead they are regarded as basic rock mass elements in a
considerable dimension [4-7,74-95]. However, the joints and fractures significantly
affect the mechanical properties of the rock masses. Generally, distributions of
joints are orderly in sets. In physical and numerical modelling, it is common that
for a project, based on in situ geological investigation, two to three major joint
sets are identified. The mean density, persistence, orientation and typical distri-
bution patterns are generalised and modelled. Often, these joints are distributed
intermittently. Therefore, the study presented here will emphasise the behaviour of
rock masses where joints distribute orderly and intermittently.

If in situ tests are conducted to study the behaviour of rock mass containing
sufficient joints, the dimension of the specimen needs to be a few tens of meters.
However, these tests are not commonly conducted. Usually, the more practical
method is the physical modelling with a reduced scale [78,96—102]. The mechanics of
deformation and failure are observed, which forms the basis for further study.

2.1. MODELLING OF JOINTED ROCK MASSES UNDER PLANE STRESS STATE

2.1.1 Mechanical properties of equivalent materials

For physical model tests, it is important to select a modelling material of which
the properties are similar to those of the material modelled. Obviously, not all the
properties can meet the law of similarity. Usually, the main parameters are made
to meet the similarity conditions and secondary parameters are made to meet the
conditions approximately [102].

A physical model test is performed to model a large-scale hydropower cavern
project. The model is made of sand, barite powder and an organic polymer resin.
Blocks are made by those materials through compaction and heating. The
mechanical properties of the modelling material and the modelled rock masses are
summarised in Table 2.1.
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Table 2.1. Mechanical properties of the modelling material and the modelled rock mass.

Mechanical Modelling material Modelled rock Actual rock material
properties and fracture material and fracture and fracture

o, (MPa) 0.545 218 2124

E (MPa) 68.3 2.73 x 10* 3.0 x 10*

¢ (MPa) 0.79 31.16 16

o () 44.4 44.4 56

¢j (MPa) 0.0094 3.76 0.5

; () 33.6 33.6 36.9

The physical model has the property similarity ratio of 400. The ratio of the rock
strength to modelling material strength and the ratio of the rock modulus to the
modelling material modulus are both 400.

Rock joints in the rock mass are simulated by the joints between blocks. To form
intact portion, the blocks are cemented by the polymer resin. The testing results
indicate that the physical model worked well in simulating the rock masses of
different joint systems.

2.1.2 Model tests of jointed rock mass

In general, only two or three major joint sets have the governing influence on
the engineering properties of the rock mass [102—106]. In most modelling studies,
two representative joint sets are usually taken in the plane modelling. The two
joint sets modelled usually intersect approximately orthogonally at an acute angle.
Studies on both joint set arrangements were performed and they are presented in this
section.

Rock masses that consist of two orthogonal joint sets are fairly common, e.g., the
rock mass surrounding at Ertan and Xiaolangdi hydroelectric power stations.
Physical modelling of the Ertan hydroelectric power cavern is conducted.

From the mapped joint data, three common joint distribution arrangements
are modelled, to represent a number of possible combinations of the intersection
between joint sets, as shown in Figure 2.1.

The modelling of mechanical characteristics of jointed rock masses should take
into account the effect of joint quantity and joint properties. Studies by Muller
and co-workers [107] have indicated that when the ratio of the rock mass dimension
(D,,) over the joint spacing (s)) is greater than 10 (i.e., D,,/s; > 10), the strength and
deformation characteristics of the rock mass model are consistent, and the size effect
has little influence. The model has a size of 50 x 50 x 7cm and consists of blocks of
5x 10 x 7cm, that satisfies the requirement of D,,/s; > 10.
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Figure 2.1. Patterns of joint set arrangements modelled. (a) intact (no joints rock); (b) two joint sets with
the same persistence of 50% forming running-through in one direction; (c) two joint sets with the same
persistence of 50% forming T-shapes; (d) two joint sets with persistence of 50% and 100% respectively.

Loading Loading frame

plates

Dial
gauges

Pressure pipes and meters#

Figure 2.2. Loading and monitoring set-up of the test system.

The loading and monitoring set-up of the test system is shown in Figure 2.2, which
consists of a loading frame, loading and monitoring devices. A 0.5cm thick layer of
sand is placed between the ends of the physical model and the rubber pockets to
eliminate end friction.

Through a series of experiments, the failure mechanism of rock mass, the effect of
joint distribution and effect of shearing are studied.

2.1.2.1 Effect of joint distribution patterns. Three model tests are performed to
represent rock masses of different joint distribution patterns as shown in Figure 2.1.
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In Figure 2.1(b), major principal stress is applied at different directions. When
the major principal stress is perpendicular to the direction of running-through
(Figure 2.3(b)), the model has a low deformation module and a high compressive
strength, because the joints can be completely closed and the rock masses become
intact. In this case, the 6;—¢; curve exhibits a concave shape. While for the same joint
sets, when the major principal stress is applied parallel to the direction of running-
through (Figure 2.3(a)), the lateral deformation is high and the tested model
is liable to failure by splitting. In this case, the uniaxial compressive strength is
lower than the former. The comparison between the two strain—stress curves is
shown in Figure 2.4.

Results obtained from models shown in Figure 2.3(a) and Figure 2.3(c) are
illustrated in Figure 2.5. As expected, because the joints in the model of Figure 2.3(c)
are bridged, both longitudinal and transversal deformations are small, the

Jo o Jo

ﬂ°1 ﬂ°1 ﬂ g, ﬂ01
(@ (b) () (d)

Figure 2.3. Failure patterns of jointed rock mass.

Stress o, (MPa)

o4

€, Strain (109) €,

Figure 2.4. Stress—strain curves of different joint distribution patterns shown in Figure 2.3(a) and (b).
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Figure 2.5. Stress—strain curves of different joint distribution patterns shown in Figure 2.3(a) and (c).

compressive strength is high and the o;—&; curve is similar to that of intact rock
material with no joints. In the model shown in Figure 2.3(b), because the running-
through joint surface is roughly perpendicular to o, its failure mostly exhibits the
form in which longitudinal tensile-opening takes place at the sharp turning points of
the joints, accompanied by local shearing failure. For the rock mass in Figure 2.3(c),
T-shaped joints gradually run through each other longitudinally and lateral cracking
occurs under compressive stresses. As a result, compound shear failure planes are
finally formed. For the rock mass shown in Figure 2.3(d), the main failure mode is
shear failure along joint planes that have been run through completely, accompanied
by lateral tensile cracking of the materials. In summary, there are two basic failure
patterns of the rock masses: lateral tensile cracking and shear sliding. Due to various
combinations of joint set distributions and arrangements, failure mechanisms and
development are different. In general, secondary tensile cracks occur at the joint tips
first, then the cracks link up with the adjacent joints, followed by compound lateral
tensile cracks and finally overall shear failure takes place along a plane shear.

2.1.2.2 Strength of typical jointed rock masses. The effect of lateral shear on the
rock mass strength is studied with the model shown in Figure 2.3(a), where major
principal shear is applied vertically and linear principal shear (o) is applied
horizontally. Table 2.2 and Figure 2.6 give the typical results of tests under different
o,. They show that the peak strength, o, of the rock masses increases with the
increasing ,. The deformation module also increases but the lateral deformation
decreases rapidly.
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Table 2.2. Testing results at different lateral pressure.

Testing No. o, (MPa) o; (MPa) E (MPa) v
1 0 0.28 29.75 0.1
2 0.05 0.41 65.45 0.1
3 0.15 0.59 61.85 0.25
4 0.25 0.69 117.3 0.31
5 0.34 0.96 122.9 0.43

— p

E 0.6 +

2 o, = 0.339 MPa

o+

|

)

% 0.4+

& 0,=0.15MPa

0,=0 0,=0

20 10 0 10 20
€, Strain (109) &

Figure 2.6. Change of stress and strain at different lateral stress for model in Figure 2.3(a).

The modelling results of the jointed rock mass in Figure 2.3(d) show that when
the persistence of joint sets increases, the compressive strength of the rock mass
decreases. The modelling results indicate that the deformation modules are governed
by the persistence of joint sets, as shown in Figure 2.7.

Table 2.3 summarises the uniaxial compressive strength (c.) and deformation
modules (E) of the four different rock masses shown in Figure 2.3.

In summary, the variation of joint set pattern strongly affects the strength
and deformation characteristics of a rock mass. From the modelling studies,
the following qualitative observation is noted for the rock mass represented by
Figure 2.3(a), the peak strength and lateral stress are linearly proportional in general,
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Figure 2.7. Stress—strain relationship of rock mass model of Figure 2.3(d).

Table 2.3. Strengths and elastic moduli of four models.

Model type o. (MPa) E (MPa)
2.3 (a) 0.29 29.75
2.3 (b) 0.37 27.38
2.3 (¢) 0.35 43.60
2.3 (d) 0.2 7.13

as shown in Figure 2.8, failures in most cases start with the lateral tensile cracking
along joints and follow by the formation of a shear plane. Failure occurs finally
along the inclined plane.

2.1.2.3 Anisotropy of rock strength. The variation of the strength of the jointed
rock mass in response to the change of the major principal stress direction is studied.
Rock mass of joint pattern shown in Figure 2.3(a) is subjected to the fixed o; and &,
with the direction of the shears.

The testing results are presented in Figure 2.9 and Table 2.4. The study shows that
the lowest strength of the rock mass occurs when o is at 40 ~ 50°.

2.1.2.4 Relation between rock mass strength and joint persistence. Studies on the
effect of joint persistence on rock mass strength are carried out. The persistence of
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Figure 2.8. Relationship between peak strength and lateral stress for rock mass of Figure 2.3(a).
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Figure 2.9. Change of rock mass strength with joint direction.

Table 2.4. Change of strength with joint direction.

Strength o

0° 10° 20° 30° 40°
o1 (MPa) 0.4 0.37 0.31 0.27 0.24
G1/0. 0.72 0.67 0.57 0.49 0.44

Note: 6.=0.55MPa; ,=0.05MPa.
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Figure 2.10. Change of rock mass strength with joint persistence.

Table 2.5. Effect of joint persistence on the rock mass strength.

ny (%) 0 20 30 50 80

o (MPa) 0.26 0.25 0.22 0.2 0.18

the second joint set (n,) in Figure 2.3(c) is changed, while the loading conditions
remain the same (o, =0.05 MPa). Modelling study reveals the relationship between
the rock mass strength and the joint persistence, as shown in Figure 2.10 and
Table 2.5.

It can be seen from Figure 2.10 that the strength of the rock mass decreases with
the increasing joint persistence. The rate of the strength change is small when joint
persistence is below 20%. A rapid strength decrease is observed when the persistence
increases from 20% to 30%.

2.1.3 Large dimension plane strain model experiment

In many underground rock engineering works, such as tunnels, the surrounding
rock masses are in plane strain condition [108—111]. Therefore, the model study on
mechanical behaviour of the surrounding rock masses under plane strain condition is
of great importance. In plane strain modelling, the model has sufficient length to
remove the influence of end friction. The results of plane strain model experiments
for jointed rock mass are discussed in the following sections.



14 Chapter 2

/7 7/ L, Y 7 7
% 20 [Ty (99
ol (T RIRR
/77 / yyv:
;7 Vel [
A B C D

Figure 2.11. Four types of jointed rock mass modelled.

2.1.3.1 Material properties and experimental methods. The preparation of the
model material is similar to that of the plane stress model. Deformation
characteristics of the joint plane are measured. The material has the following
indexes: unit weight y=2.2 x 10*N/m’, uniaxial compressive strength G¢mm=
0.87 MPa, tensile strength o, =0.11MPa, elastic module E,;,,=170MPa,
Poisson’s ratio v=0.22. Joint plane properties are: cohesion ¢;=0.01 MPa, friction
angle ¢;=39°; shear stiffness K;=5MPa/cm, and normal stiffness K;, =75 MPa/cm.

Large-size model of 100 x 50 x 14 cm is used to eliminate size effect and end effect.
The joints in the rock mass are simulated by the contact surfaces of the blocks.
The shear strength and deformation stiffness of the joints are measured. To simulate
the rock bridge, the contact surfaces of the blocks are cemented to the material
strength. The shearing strength of the bridged joint is also measured. The loading
is applied through a large steel frame under the condition of plane strain. The tests
are performed on 20 rock mass models of four different joint patterns. These four
patterns are shown in Figure 2.11.

2.1.3.2 Testing results. In the tests, the deformations of the model in three
directions are measured. Different failure stages are judged mainly by the defor-
mation rate and the tendency of the deformation curves. Figure 2.12 and Table 2.6
show the typical testing results. The rock mass strength is calculated from various
peak strengths (o) under different lateral pressures (c,) using the Least Square
Method, expressed by the overall equivalent cohesion, ¢, and inner friction angle
of dmm. Figure 2.13 shows the typical deformation curves of the rock mass of joint
distribution pattern of Figure 2.11(D) under different lateral pressures.

It can be seen from the modelling results that for the four different rock masses,
their overall strength can be roughly related to the material strength and the joint
strength, by the following equations: Rock mass cohesion =(0.2~0.3) x (Rock
material cohesion + Rock joint cohesion), Rock mass friction angle =0.5 x (Rock
material friction angle + Rock joint friction angle).
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Figure 2.12. Relationship between specific strengths of rock mass, material and joint, for four rock
masses with different joint distribution patterns.

Table 2.6. Results from large-size model tests of jointed rock masses.

Model No Model type o) (MPa) o, (MPa) o3 (MPa) oy (MPa) op/o; cnm MPa)  ¢pm(®)
90-1 A 0.31 0 0.02 0.19 0.61

90-2 0.62 0.1 0.05 0.40 0.65 0.05 42
90-3 0.71 0.15 0.06 0.52 0.73

90-4 1.45 0.25 0.23 1.25 0.86

90-5 1.28 0.31 0.11 1.11 0.87

91-1 B 0.18 0.02 0.06 0.09 0.50

91-6 0.68 0.10 0.15 0.35 0.51 0.04 39
92-4 1.42 0.30 0.62 0.95 0.67

92-3 1.53 0.31 0.59 0.92 0.60

92-2 C 0.11 0 0.01 0.07 0.55

91-7 0.52 0.08 0.07 0.28 0.54 0.02 40
91-8 0.97 0.21 0.16 0.51 0.53

92-1 1.44 0.27 0.39 — —

91-2 D 0.12 0.01 0.03 0.09 0.73

91-5 0.44 0.05 0.06 0.26 0.60 0.03 39
91-3 0.55 0.09 0.12 0.36 0.66

91-4 0.69 0.14 0.10 0.48 0.70

Note: oy is the stress in the direction of o; when the volumetric strain rate is zero; o3 is the normal stress applied on the

model surfaces to keep the plane strain state.
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Figure 2.13. Stress—strain curves of rock mass model of joint distribution shown in Figure 2.11(D).

2.2. MODEL TEST OF ROCK MASS WITH ROCK BRIDGES

In this section, modelling is performed to study the failure of rock bridges, the
relationship between the joint intensity and the strength of the rock, and the strength
of the rock mass of the bridged joint. Results of two phases of modelling are
presented in the following sections.

2.2.1 Experiment Phase I

In this phase, the model materials are gypsum, diatomite and water mixture that
can be conveniently poured to set. Fractures of given persistence are cast. The
principal physico-mechanical parameters of the model are given in Table 2.7.

In fracture preparation, thin pieces of steel are buried in the specimen when
the material is wet and then drawn out after set. The fractures are naturally closed.
The specimens are subjected to drying and curing. In tests, the models are loaded
by the plane stress, as shown in Figure 2.14. In addition to deformation transducers,
special coating is applied at model surface around the fractures to observe crack
initiation and propagation at the tips. The persistence of the fractures is at 0, 20%,
40%, 60% and 80% respectively. Seven normal stresses at 0.08, 0.2, 0.3, 0.35, 0.4,
0.5 and 0.6 MPa are applied. The sheared planes of all the specimens are examined
after each test.

During the testing, normal stress is kept constant, and horizontal shear load is
applied gradually until failure occurs. Typical stages of crack initiation and
propagation before failure are observed, as shown in Figure 2.15:

(a) Small feather-shaped cracks appear around the existing fractures;
(b) Tensile cracks appears along the direction of shear load at one tip of the fracture
first and then appear at the other tip;
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Table 2.7. Materials and fracture parameters.

Model material Dry density (g/cm®) 0.68
Porosity (%) 68.9
Uniaxial compressive strength (MPa) 2.05
Compressive modulus (MPa) 1.3 x10°
Poisson’s ratio 0.2
Tensile strength (MPa) 0.27
Tensile modulus (MPa) 2.6 x 10°
Fiction angle (°) 35
Cohesion (MPa) 0.53

Fracture Fracture length (mm) 20, 40, 60, 80
Normal stiffness (MPa/cm) 100
Shear stiffness (MPa/cm) 20
Friction angle (%) 10
Cohesion (MPa) 0.1

1. Loading frame 2. Jacks
3. Steel plate 4. Aluminium plate
5. Rolling balls 6. Dial gauge

Figure 2.14. Model test arrangement.

(c) A pair of transversal compressive cracks appear along two approximately

orthogonal directions between two adjacent tensile cracks;

(d) Rotation of lozenge block takes place, in association with shear dilation and

small secondary cracks appearing around large cracks;

(e) Visible opening of joints takes place; and macro visible shear failure occurs where

the block breaks along the lozenge diagonal.
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Figure 2.15. Stages of shear failure of the model.

For samples of different joint persistence and different vertical stresses, the shear

fai

(a)

lure has three categories [112-119]:

For specimens with low joint persistence and medium vertical stress, consider-
able dilatancy of the specimen occurs. The failure mode is compressive torsional
shear failure.

(b) For specimens with medium joint persistence and high vertical stress, the

(©

deformation and failure of the specimen undergoes the following stages: (i) micro
cracks are generated at the fracture tips, (ii) cracks propagate and the secondary
compressive torsional cracks occurs, (iii) lozenge blocks are formed, (iv) shear
crack appears along the diagonal of the lozenge blocks and connects with tips of
the fractures, and (v) the overall failure of the specimen occurs along the existing
fractures and the new shear cracks, and the dilatancy takes place within the
whole specimen. The failure mode is torsional tensile shear failure.

For specimens with high joint persistence and high vertical stress, the
deformation and failure of the specimen develop in the following stages:
(1) small “rock bridge” is broken due to the vertical stress, (ii) with the increase
of the shear stress, overall failure takes place along the existing fractures and the
cracks crossing the rock bridges. Although a slight dilatancy can be observed
in the shearing process, the specimen as a whole fails basically due to the
compression. This is pure shear failure.

Results of over 20 specimens are summarised in Figure 2.16. It shows four shear

strength envelopes for four groups of joint persistence. The apparent shear strength
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Figure 2.16. Change of shear strength with joint persistence.

falls with increasing persistence. When the persistence increases from 0 to 65%,
internal friction angle decreases from 35° to about 15°, and the cohesion decreases
from over 0.5 MPa to about 0.3 MPa.

2.2.2 Experiment Phase Il

In order to have better control of joint persistence in the specimens, a new material
mix is used in the second phase of experiments. The properties of the new material
mix of the model are close to those of rock. Joint persistence is properly controlled.
The material used is the mixture of sand, barite powder, colophony and alcohol.
Fractures are created with polythene films of different lengths. Two types of fractures
with different shear strength (friction coefficient) are created by two different
methods: one by a single film and another one by two films with sandwiched grease.
The designed joint persistence is the same as those in the phase I, i.e., 20%, 40%,
60% and 80%. Mechanical tests show that this material has similar properties
as some sedimentary rocks and similar dilatancy character before failure. The
tensile—compressive strength ratio is about 0.11. The mechanical parameters are
summarised in Table 2.8.
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Table 2.8. Properties of model material and fracture.

Model material Dry density 2.21
Uniaxial compressive strength (MPa) 0.15
Compressive modulus (MPa) 1.45x 10°
Poisson’s ratio 1.12
Tensile strength (MPa) 0.122
Friction angle (°) 38.5
Cohesion (MPa) 0.25

Single fracture Fracture length (mm) 20, 40, 60, 80
Normal stiffness (MPa/cm) 43
Shear stiffness (MPa/cm) 17
Friction angle (°) 30
Cohesion (MPa) 0.065

Double fracture Fracture length (mm) 20, 40, 60, 80
Normal stiffness (MPa/cm) 33
Shear stiffness (MPa/cm) 11
Friction angle (°) 243
Cohesion (MPa) 0.041

The test equipment, installation and testing methods are the same as that adopted
in Phase I. In the tests, failure processes are observed and noted. The crack initiation
and propagation are similar to that in Phase I. From test data of over 60 specimens,
a series of peak shear strength with corresponding normal stress are obtained
by means of the Least Square Method, and are presented in Figures 2.17 and 2.18.

The results indicate a systematic decrease of shear strength of the specimen with
increasing joint persistence. For specimens with double fracture the decreasing rate
is greater. The strength envelopes show relatively good linearity. With increasing
joint persistence, the rock mass cohesion and rock mass internal friction coefficient
decrease accordingly.

The weighted mean method is commonly adopted for predicting the strength
of the fractured rock mass. The shear resistance of the shear plane is obtained by
summing the shear resistances contributed by the fracture and by the bridges. By
assuming the normal stress on the shear plane before failure is uniformly distributed,
the shear resistance of the shear plane can be calculated as,

T = [n¢j + (1 = n)er] + oulng; + (1 — n) ¢/ 2.1)
where 7 is the joint persistence, c; is the joint cohesion, ¢, is the cohesion of rock

bridge, ¢; is the internal friction coefficient of joint plane, ¢, is the internal friction
coefficient of rock bridge.
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different normal stress and joint persistence for single fracture model.
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Figure 2.18. Shear strength at different normal stress and joint persistence for double fracture model.
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Figure 2.19. Change of normalised (a) cohesion and (b) friction angle with persistence.

However, the actual distribution of the normal stress on the shear plane before
failure is not uniform. The failure mechanism of the fractured rock mass under the
shear loading is complex, characterised by multi-stage development of fracturing
[117-129]. It is often a combined tensile-shear failure [130—133]. Therefore the shear
strength expressed in equation (2.1) differs from the actual strength. The differences
in cohesion and friction angle are analysed by normalising the actual cohesion and
friction to that expressed in equation (2.1), and are shown in Figure 2.19. It can be
seen that the differences are little when the persistence is less than 40%. But with the
increase of persistence the differences becomes greater. When the persistence is
between 40-80%, the error is about 20%.

2.3. MODEL TESTS ON STABILITY OF SURROUNDING ROCK OF
LARGE-SCALE CAVITY

Numerous model tests on large-scale underground projects have been conduc-
ted (e.g., [25,125,134-136]). However, model tests studying the stability of the
surrounding jointed rock mass are limited. In this section, a large-scale model test on
jointed rock mass stability is performed by modelling a rock cavern project [137].
Site investigation shows that there are three major joint sets: NE and NW sets
with steep dip angles, and EW with a gentle dip angle. The surrounding rock mass
of the cavern is cut into prisms and polyhedrons by these three joint sets. For
simplification of the problem, only the NE and EW sets are modelled, as shown in
Figure 2.20. The joint sets have cut the surrounding rock mass into cuboids of
8 x 5 x10m in size. In the model, these joint distributions and block arrangements
are simulated (Figure 2.21).
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Figure 2.20. Polyhedron blocks produced by three joint sets cutting through the surrounding rock mass.

2. Block toppling

Figure 2.21.

3. Block falling

Rk

4. Block loosening

Potential failure patterns of the opening and sequence of excavation.



24 Chapter 2

2.3.1 Similarity conditions of modelling

A physical simulation model should meet the similarity to the prototype in the
following aspects:

(1) Size and configuration of the engineering project,
(i) Geometry of the geological structures,
(iii) Physico-mechanical properties of the surrounding rock mass,
(iv) The initial stress state, and
(v) The construction sequences.

A scale of 1:200 is chosen between the model and the prototype. The rectangular
model has a height of 1.7m and a width of 1.6m. The model material is made
of gypsum, sands of various granular sizes and water. It is modelled by plane
stress state condition. An initial horizontal in situ stress of 28.84 MPa and a vertical
in situ stress of 13.35MPa are applied, before the simulation of the excavation.
In order to simulate the actual excavation sequence, a five-stage excavation
sequence is adopted from the top to the bottom for the excavation, as shown in
Figure 2.21.

2.3.2 Deformation of the surrounding rock mass during excavation

The model is applied with a vertical and a horizontal compressive stress first at
boundaries to simulate the in situ stresses. The stresses are maintained at constant,
while excavations in five stages are modelled. The deformation and failure are
monitored during the excavation.

2.3.2.1 Deformation of the surrounding rock mass during excavation. In the first to
the third stage of excavation, both vertical and horizontal displacements are not
remarkable.

From the beginning of the fourth stage through the fifth stage, large inward
vertical displacements take place at the crown, with a maximum displacement of
about 0.1 cm. The displacements at base are small. Large horizontal displacements
are noted on two side walls, with maximum displacement of 0.3cm, as shown in
Figure 2.22.

After the fifth stage when the excavation has been completed, the displacement
zones extends to 15 m above the crown and 53 m away from the sidewalls, as shown
in Figure 2.22. The results show that the horizontal displacement zones are
considerably large, about 8 times that of the excavation width.
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Figure 2.22. Displacement curve and affected range in rock mass surrounding the excavation.

2.3.2.2 Failure of the surrounding rock mass during excavation. From the first to the
third stage excavation, there is basically no failure taking place in the rock mass, only
small tetrahedronal blocks are loosened at the crown.

From the fourth stage to the end of the fifth stage, the tetrahedronal blocks are
sliding at the lower walls. In the upper walls, the blocks are falling along the steep
dip joint into the opening. The rock mass at crown displays tensile rupture along
joint planes and the rock mass at base starts to loose (Figure 2.21).

2.3.2.3 Stability of the surrounding rock mass. Based on the deformation and failure
characteristics of the surrounding rock mass, general conclusions on the stability of
the rock mass can be drawn.

During the excavation from the first to the third stage, the surrounding rock mass
is basically stable. From beginning of the fourth stage till the completion of the fifth,
noticeable instability takes place.

The affected displacement zone in the surrounding rock mass is large. The affected
displacement zone extends far into the sidewalls (50 m) and through the crown (15 m).

The instability is reflected in various patterns: tensile rupture in the crown,
structural loosening in the bottom; and block sliding and falling on the sidewalls.

The instability occurs in the following sequences: first in the lower sidewall,
followed by the upper sidewall and finally the rock mass at the top and bottom.

It should be noted that the model exaggerates the joint persistence, as 100%
persistence is assumed. Simplification and approximation are applied to treat the
three-dimensional problem by the two-dimensional model. The modelling is based
on the law of scaling and the similarity principle, results obtained and observation
made on the mechanism are qualitative, but have significant applications to research
and engineering.
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Chapter 3
Numerical Modelling of Jointed Rock Mass

It is difficult to quantitatively predict the mechanical properties of jointed rock
masses due to their complexity, even by expensive, large-scale in situ tests. The
parameters obtained from laboratory or field tests are usually for joint planes or
rock blocks to a very limited scale. In most cases, the scale is limited to a few meters.
The overall equivalent properties of rock masses of large size are almost not
available through direct measurement. Prediction of jointed rock mass behaviours by
numerical modelling is useful to study the effects of loading, the behaviour of rock
material, rock joints and rock masses. Therefore, it has wide and promising
applications. However, the validity of numerical modelling should be supported by
physical simulation and correlation.

For jointed rock masses, various types of numerical models have been developed
[12,14,15,138-162]. For rocks containing a small number of joints, joint element
[25,26] can be adopted to represent the discontinuous planes. Modelling of densely
jointed rock masses can be mainly realised by two methods. One is the approach of
continuum mechanics, or the equivalence approach, such as material parameter
equivalence, energy equivalence, deformation equivalence, composite equivalence,
fracture mechanics and damage mechanics [77,83,114,163—-167]. The other approach
is to take the rock blocks as particles of a discontinuum, to study the mechanical
properties of the assembly of these particles, including stress, strain and stability in
light of discontinuum theory, and to derive mechanical law for the blocks. Examples
of this approach are the rigid block method, discrete element method [15,150,152—
154,168,169], discontinuity deformation analysis method [20,92,156,159]. However,
all the methods have their own limitations, for example, incompatibility of joint
elements with adjacent continuum elements, the scale effect in equivalence, definition
of damage tensor, equation of damage evolution and discretion error. This chapter
attempts to develop a new numerical approach for jointed rock masses and a
modelling technique for rapid and accurate prediction of their mechanical
behaviour.

An equivalent continuum model for jointed rock mass based joint element
assembly concept, coupled with damage—fracture mechanics and analytical approach
is introduced in the following sections.

27
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3.1. EQUIVALENT CONTINUUM MODEL FOR JOINTED ROCK MASSES

3.1.1 Basic principles

The basic principle of an “equivalence continuum method” is: (a) to have an overall
consideration of the influence of joints on rock mass properties based on equivalence
principles; (b) to make the jointed rock mass homogenous and continuous so as to
derive a set of constitutive relations and then to obtain mechanical properties of
the jointed rock mass by means of numerical analysis. These equivalence models are
usually elastic. Elasto-plastic constitutive relations are seldom adopted.

As shown in Figure 3.1, in order to model the surrounding rock mass consisting
of two joint sets, typical elements should be identified. The typical elements should
be large enough to include the two joint sets and their interaction characteristics
(Figure 3.2). It is desired that the size of a typical element should be sufficiently small
compared with the engineering dimension. Therefore numerical analysis of this
typical element can lead to understanding of the strength and deformation properties
of the typical rock mass containing joints. It further leads to the development of
constitutive relation of the jointed rock mass and the analysis and modelling of rock
mass stability.

The modelling procedure discussed here involves several steps: (a) the typical
jointed rock mass is discretised into intact rock elements and rock joint elements;
(b) equivalent constitutive relations and strength-deformation properties of the

Figure 3.1. Jointed rock mass surrounding an opening.
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101
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Figure 3.2. Typical element representing the jointed rock masses.

Table 3.1. Principle of the equivalent continuum model.

Original rock model Equivalent continuum model
Geometry mode Discontinuous Equivalent continuous body
Deformability Overall deformation comprises rock Deformation equivalence: deformation
deformation and joint deformation equal to that of original jointed model
under the same loading
Strength Joint strength is dominant when Strength equivalence: failure of model
characteristics failure takes place along the joint takes place as the original jointed
plane, and rock strength is used model.
when failure takes place in the
intact rock

jointed rock elements are established; (c) continuum modelling of the typical jointed
rock mass element is performed and the overall mechanical properties of the element
are obtained. This approach has the ‘generality’ of the equivalence method and the
‘particularity’ of the joint element method. The modelling method has significant
applications in modelling jointed rock masses.

The principle of the equivalent continuum model is illustrated in Table 3.1. The
equivalent constitutive relation is established based on deformation and strength.
Both approaches are discussed in the following sections.

3.1.2 Deformation equivalence

The principle of deformation equivalence approach assumes that the equivalent
continuum element and the jointed rock mass element deform exactly the same under
the same loading. Based on this principle, the relation of material constants between
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the equivalent continuum element and jointed rock mass element is derived. The
equivalent continuum element can be treated as an anisotropic medium.

Assuming the joint strike is along z axis, then in the plane-stress condition, the
anisotropic material has a stress—strain relation of

Ox 11 €12 €13 €x
oy | =]ca cn cs]]é& (3.1
Txy 31 €32 €33 Yy

where o, 6, and 1, are stresses acting on x, y and xy plane; €., €, and y,,, are strains
in x, y and xy direction; c; are elastic constants, called elastic stiffnesses.

Because c¢;;=c;; (i, j=1, 2, 3), there are six independent elastic constants. Since
these six parameters can be determined, elastic finite element method analysis
will not be difficult. However, in situ measurement of these constants is not easy.
As a jointed rock mass can be regarded as a composition of isotropic intact rock
material and rock joints, the deformation parameters of the equivalent continuum
medium can be obtained from the properties of the rock material and the joints,
such as the elastic constants of the rock material and rock joints, or joint stiffnesses
and the joint geometrical parameters (spacing, persistence, orientation, aperture and
roughness) [4-7,170-197]. Methods of obtaining the equivalence are discussed in the
following sections.

3.1.2.1 Deformation equivalence with no joint dilation. Assume that an elastic
medium is generally anisotropic. The elastic constitutive relation can be written in
the form of:

Ex S S12 S13 (O
€y =1 821 S22 523 X Oy (32)
Yy 31§32 833 Txy

where s;; are the elastic constants, called elastic moduli.
For a rock mass containing a single joint shown in Figure 3.3, the stress on the
joint plane can be obtained from the equilibrium equation:

G, = Oy sin’ o + G, cos? o — T, sin 20 53)

T = G, SIN0LCOS O — G, SiN 6L COS & + Ty, COS 20
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Figure 3.3. Mechanical analysis of a jointed rock element.

From the principle of superposition, the deformation components of the rock mass
are,

oy . T
8 = s110xd + 5126,d + s13Tyyd + —sino — —cos o

’ ’ kn ke (3.4)

m Oy T . .
O = 5210 + 5220,0 + 5237y, [ + k—cos o+ T sin o

i n s

After substituting equation (3.3) into equation (3.4) and rearranging,
OV = (s11d +—sin” asino + —cos” asin o | oy
} ki ks

1 1
+ (S]zd + k—cos2 osin o — k—cos2 o sin oz) oy (3.52)

1 . . 1 .
s13d —-—sin 2osin ot — ——cos 20.Sin o Ty,
k, kg

1 . 1 .
8':,1 = ( 591/ +—sin® acoso — —sin® acosa |oy
: kn k.v

1 1 .
+ <s221 + cos® acosa + - sin’ 0. cos oc) o, (3.5b)

n S

1 . 1
5230 — —sin 20.c0s oL — -—COS 20, COS O | Ty
kn ks
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The elastic constitutive relation of the equivalent continuum medium is:

e e £ €

24 St St S13 Ox
e _ A€ e e

& | =151 $» S3|X| Oy
e e £ €

Ty S31 S 833 Txy

Under the same loading, the deformation of the equivalent medium is:

e __ e e €
0 = s5,0xd + 5,0,d + 5537 d }

e __ e e e
8}, = 85,0x] + 55,0,/ + 55,7,/

Following the deformation equivalence principle, i.e. 87 = &7, 8} = &) then

s =811 + Lsin20c+icos20c sina
1 k,d kod

1 2 1 2 .
50, = S12 + (kn—dcos a—@cos oc) sin o
. 1 I . .
$73 =513 — <ksdcos 2o0ccos o +k”ds1n 2ousin u)
. r ., |
s5 =821+ <k—”[s1n a_k_JSIH oc) cos ol
. 1 ) I .,
85 = 8s» + (k—n[cos oc—l—msm oc) cosa

. 1.
893 =823 + (m cos 2asin oL — 7, 20.cos oc)
S n

(3.6)

(3.7)

(3.8)

From Figure 3.3, /=d tana and hence s{, = s4,. From the symmetry of the
constitutive relation, it is easy to see that s§; = s{; and 55, = 55;. However, s33 is
very difficult to derive. To simplify the analysis, it can be assumed that s$; = s33.
Therefore, all six parameters needed for building the constitutive relations are

obtained.

For rock mass element with two joints, s; of the rock mass element containing one
joint can be obtained from equation (3.8). By replacing s;; with sf; in equation (3.8)
and repeating the analysis for the second joint, s; and the constitutive relation of the
equivalent medium with two joints can be obtained. As for the case of multiple

joints, the method is similar by repeating the above procedure.



Numerical Modelling of Jointed Rock Mass 33
3.1.2.2 Deformation equivalence with joint dilation. Let the joint dilation (normal

displacement caused by shearing) be J,, the dilation angle be i, then 6,=1/(k tan i),
by considering dilation, equation (3.4) becomes

oy . T T ..
8" = sndoy + s12do, + s13dTyy + —sino — —coso — —tanisino

ke ks ks
(3.9)
8" = s1loy + snlo, + sxlt +ﬁcosoc+lsinoc —ltanicosoc
)y = $2100x 220y 234 Txy k, k. k,
Let the two terms on the right-hand side of each of the equations (3.9) be:
T coso — tanisina " cosa
_ — _tani -
ks ks k.
(3.10)
lsinoc —ltanicosoc = —isinoc
ks ks k!

where

ki, = ky/(1 + tanitan o) }

k! =ky/(1 —tani cotana)

By replacing k, with & in the first three equations in equation (3.8), and replacing
kg with k7 in the last three equations of equation (3.8), then s{,, 5{,, 55, 55;, 55,
and s%; can be obtained. Similarly, as an approximation, s§; = s33, the deformation
equivalence formula with joint dilation is then established.

3.1.3 Formula of strength equivalence

The strength of jointed rock mass is governed by the strengths of rock material and
of rock joint. The jointed rock mass may undergo two types of failure: the failure
of the rock material and the failure of the rock joint.

3.1.3.1 Strength equivalence in the case of a single joint. Assuming that the strength
of the intact rock, rock joint and the equivalent rock mass element follow the
Mohr-Coulomb criterion and the parameters are (c., ¢,), (¢, §), (ce, o),
respectively. The strength conditions of the rock material element and equivalent
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continuum rock mass element are:

61—03_G1+63
2 2

sin @, = ¢, cos @,

G| — 03 O]+03

sin @, = ¢, cos @,

2 2
and it is evident that
Co = Cp
(PC’ = (pr

(3.11)

(3.12)

(3.13)

For jointed rock mass element, let B be the angle between the joint planes and the

plane of the major principal stress, as shown in Figure 3.4.

When B < Buin OF B > Bmax, the strength of the jointed rock mass is dominated by
the strength of the rock material. The strength of the jointed rock mass element, in
this case, is the same as equations (3.13). When Bin < B < Pmax, the failure of jointed
rock mass element takes place along the joint plane, the strength is governed by:

O1

— O3 . o] + O3
Tsm@[} —9;)—

2

|

0,

Figure 3.4. Jointed rock element containing single joint.

sin @; = ¢; Cos @;

(3.14)
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when Bnin <P <PBmax» DY loading the jointed rock mass element, the strength
envelope (¢ and ¢ ) can be obtained. If this strength envelope is regarded as the
envelope of the equivalent medium, then ¢, and ¢, can be obtained. Rewriting
equation (3.11) in the following form:

61—03 O1+03 Sing; cos @;

2 2 sin@B—g¢) sin2B—9)’
and compared to equation (3.12), leading to:

., sing;
sin(2B — ;)
cos @;
9 sin(2B — ¢;) cos @,

¢, = sin
(3.15)

Unlike the intact rock material, when the failure of jointed rock mass is governed
by the joint plane, the strength of jointed rock mass is not constant but varies with
joint inclination (B).

3.1.3.2 Strength equivalence in the case of two joint planes. Figure 3.5 shows a
jointed rock mass element containing two joints. The failure of the rock mass
element is dependent on the geometric combination of the two joints, the stress
distribution and the shear strength of the joints [187-207]. Failure usually takes place

o

B B

04

Figure 3.5. Jointed rock element containing two joints.



36 Chapter 3

along one of the joint planes. The equivalent strength is therefore dependent on the
strength of that joint plane where failure occurs.
Let the strength criterion of the joint plane be written in another form:

2¢;+ 2tan @;03
(1 — tan @,cotanf)sin 2 o3

ol (3.16)

Let B; and B, be the inclination of the joint plane 1 and the joint plane 2, and both
B; and B, meet the condition of B, < B < Bmax. In addition, let

1
A = . ,
! (1 — tan @;cotanf,) sin 23,
1
A

- (I — tan @;cotanf,)sin 2B,

When 4, > A,, joint 1 will be the dominant plane governing the strength of the
rock mass. Similarly when 4, > A, joint 2 will be the dominant plane governing the
strength. It is easy to obtain the equivalent strength following the method similar to
equation (3.15).

For a rock mass element containing three joints, the parameters of equivalent rock
mass strength can be determined in a similar way. Hoek and Brown [194] pointed out
that the strength and deformation properties of a rock mass element containing four
joint sets or more can be considered to be isotropic.

3.1.3.3 Analysis of tensile failure. When a jointed rock mass element is subjected
to tension, its tensile strength, to a large extent, depends on the tensile strength of
joints. Since the rock joint is normally considered having zero tensile strength, the
tensile strength of the jointed rock mass is usually taken as zero [186,194-196].
Therefore, non-tension analysis should be adopted in this circumstance.

3.1.4 Treatment of elements with non-persistent joint
In a jointed rock mass, the joints are often not persistent throughout the joint planes
[175,178,197]. Therefore, relevant modification should be made on the fundamental
formula of deformation and strength equivalence. For simplicity, let us define the
joint projection length ratios in the x- and y-directions, respectively as:
L, L,

R, = L_/: and R, = L_]}},’ (3.17)
where L;, and L, are the joint projection lengths in the x- and y-directions. L, and
L, are the element sizes in the x- and y-directions. It is obvious that deformation of
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elements is positively correlative to R, and R,. Thus, the following modification
should be made for equation (3.8): when 0 < o <45°, the terms containing K,, and K
are multiplied by R, and R,; when 45° < o <90°, the terms with K, and K| are
multiplied by R, and R,

The modified formula is verified in terms of joint length, joint inclination and scale
effect. First, deformation &, (or strain g;) in the direction of o can be calculated
using finite element method (e.g., Goodman’s joint element). With &, as the
equivalent deformation, elastic constant s;; =g&;/c; can be obtained, and D; is
defined as sj,/s11. Alternatively, s;; and D;; can be derived from the modified
equation (3.8) according to the joint distribution. The values obtained from FEM
modelling and from equation (3.8) can be compared. The relative error of the value
of Dy can be estimated by treating the FEM results as the exact solutions.

3.1.4.1 Variation of joint length. Assuming that the jointed rock element is square
in shape at the XOY plane with a size of 5 x 5cm, joint inclination is at 45°, Young’s
modulus of material is 68 MPa and Poisson’s ratio of material is 0.25. The joint has a
normal stiffness of 75.0 MPa/cm and a shear stiffness of 5.0 MPa/cm. Six cases, as
illustrated in Figure 3.6, are modelled and discussed. The modelling results are
summarised in Table 3.2.

3.1.4.2 Variation of joint inclination. As shown in Figure 3.7, three models are
studied to examine the effects of joint orientation. In the models, a joint with a length

(@) (b) ©

(d (e) ®

Figure 3.6. Verification of models with different joint persistence.
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Table 3.2. Influence of joint length distribution on elastic constant Dy;(Dy; = s}, /s11).

Chapter 3

Case R, R, st1/sn (Analytical) s11/s1 (FEM) Relative error (%)
a 0.0 0.0 1.00 1.00 0
b 0.2 0.2 0.83 0.94 12
c 0.4 0.4 0.71 0.83 14
d 0.6 0.6 0.62 0.72 14
e 0.8 0.8 0.55 0.62 11
f 1.0 1.0 0.49 0.49 0

(2 (b) (©

Figure 3.7. Verification models with different joint inclination.

Table 3.3. Influence of joint angle on elastic constant Dy(Dyy = s}, /s11).
Case R, R, s11/s11 (Analytical) shi/s11 (FEM) Relative error (%)
a 0.2 0.0 0.96 0.90 7
b 0.2 0.2 0.83 0.88 6
c 0.2 0.3 0.81 0.93 13

of 1.0cm at the centre of the element dips at 0, 45 and 71.56 degrees, respectively.
Results obtained from the three models are given in Table 3.3.

3.1.4.3 Scale effect of element. Scale effects are studied using the jointed element
models shown in Figure 3.6(d), with the joint dip angle at 45°, R, and R, at 0.6. Six
different model sizes are considered, and the results are presented in Table 3.4.
The results show that when the jointed rock element size is greater than 10cm,
the error decreases to 5% or less. In discretisation of the jointed rock mass in
engineering practice, the size of the finite elements is generally much greater than
10cm. Therefore, the treatment of the deformation equivalence using modified
equation (3.8) is reasonably accurate and easy to be realised in modelling.
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Table 3.4. Scale effect on elastic constant Dyj(Dy; = s}, /s11)(a=45°, Ry=R, =0.6).

Joint length (cm) s11/s11 (Analytical) shi/s11 (FEM) Relative error (%)

5 0.62 0.72 14
10 0.77 0.81 5
20 0.87 0.88 1
30 0.90 0.91 1
40 0.93 0.93 0
50 0.94 0.94 0

3.1.5 Verification of the numerical model by physical modelling

The overall mechanical properties of jointed rock masses can be reflected when
the proposed jointed rock elements are incorporated as the basic elements into the
FEM analysis. Verifications have been performed through correlation with physical
modelling [8,9].

The size of the physical model is 50 x 50 x 7 cm, containing two sets of orthogonal
joints with the same spacing and length of 5cm. Figure 3.8 shows three types of joint
arrangements and the FEM meshes.

Due to the complexity of the physical model test, comparisons are only made on
strength and deformation properties under the uniaxial stress state for all the three
types of joint patterns (Figure 3.8a, b and c) and the properties under the
biaxial stress state for one joint pattern (Figure 3.8a). The comparisons are shown in
Figures 3.9 and 3.10. In Figure 3.9, €} and &} are the strains in the direction of &, and
o, under uniaxial loading, i.e., 6, =0. In Figure 3.10, €] and €} are the strains under
biaxial loading, i.e., when o = &,. Figures 3.9 and 3.10 indicate that the stress—strain
relations obtained from the physical and the numerical modelling under the uniaxial
stress state match well. In the biaxial stress state, the major principal stress—strain
relations, peak strengths and strains match well between the physical and the
numerical modelling results. But the major principal stress—lateral strain relations
dismatch. The reason may be that the boundary friction in physical modelling leads
to smaller measured deformations than the expected values.

3.1.6 Examples of engineering applications

3.1.6.1 Prediction of strength of jointed rock mass. The above method is used to
model the strength of the rock mass at the Ertan hydropower cavern project in
China. The rock masses at the Ertan project site have three major joint sets, two
of which dip steeply and the other dips gently. The two orthogonal main joint sets
(Figure 3.11) are considered in the modelling.
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Figure 3.8. Models of different joint arrangement and FEM mesh.
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Figure 3.9. Comparison of o—¢ relations of the physical and the numerical models under uniaxial
loading.

The measured length of the joints is between 4 and 7m, and is taken as Sm in
average in the modelling, with a joint spacing of 1m, based on the geological
investigation. The joint persistence is 50% and 30%, respectively, for the two joint
sets. The model dimension is 17.8 x 17.8 m, which satisfies the requirement that each
boundary of the rock mass model contains about 10 joints, in order to represent
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Figure 3.10. Comparison of c—¢ relations of the physical and the numerical models under biaxial
loading.

the rock mass adequately. The distribution of joints and the FEM meshes are
shown in Figure 3.11. There are 625 elements, 242 of which are jointed rock
elements. The number of nodes is 676. The joint arrangement belongs to the type
shown in Figure 3.8a. The mechanical parameters of rock and joints are obtained
from the laboratory tests as given in Table 3.5.

In the study, only strength equivalence is considered. FEM analysis involves
three types of elements: intact rock element, and two types of jointed rock elements,
as shown in Figure 3.11. The intact rock element has a size of 71.2 x 71.2cm.
The equivalence of strength property is automatically treated by the program.

Loading simulated by the numerical modelling gives the yield values of o; with
respect to different lateral pressures o,. Strength parameters of the rock masses are
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Figure 3.11. Distribution of joints and meshing of jointed rock.

Table 3.5. Parameters of rock material and rock joints.

Material parameters E (MPa) \% ¢ (MPa) o ()
Intact rock 35,000 0.30 14.58 65.20
Joint plane - - 0.5 36.89

obtained through back analysis, using the Drucker—Prager criterion [208,209]. Results
are summarised in Figure 3.12, showing the strength envelopes of the rock masses.

3.1.6.2 Stability analysis of jointed rock masses. Numerical modelling is performed
to study the stability of the jointed rock mass surrounding a large opening 400 m
below the ground surface. The surrounding rock mass is granite. The separation
between the powerhouse and the transformer chamber, the cavern dimension and the
excavation sequence are shown in Figure 3.13. During the excavation, deformation
measurement with extensometers was taken on several sections of the caverns. The
distribution of two major joint sets and three faults is shown in Figure 3.14.
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Figure 3.12. Rock mass strength envelope obtained from the modelling.

Figure 3.13. Layout of the powerhouse, the transformer chamber and excavation sequence.

Deformation properties of the jointed rock mass and the constitutive relations are
obtained by the deformation equivalence method. In modelling the jointed rock
element is generally assumed anisotropic and the joints have zero aperture and are
evenly spaced across the model. The persistence of the joints is taken as 50% based
on site investigation. Constitutive relation of the rock mass with two joint sets
is derived with the method stated in Section 3.1.2. Mechanical parameters are



44 Chapter 3

listed in Table 3.6. The in situ stresses are ¢,=10.19 MPa, c,=8.51 MPa, and
Ty = 1.12 MPa.

The size of model was 525 x 320 m, containing 654 elements and 630 nodes. The
initial stresses were obtained from back analysis of the displacement data of the
fourth excavation stage of the powerhouse and the data of the second excavation
stage of the transformer chamber.

Using the above mechanical parameters and stress conditions, non-lincar FEM
modelling has been performed on the stability of the caverns. The Drucker—Prager
criterion is adopted. The extent of failure zone around the caverns and displacements
are obtained as shown in Figure 3.14. Table 3.7 gives the comparison of the
displacements obtained by modelling of the jointed rock mass and by elastic analysis
of the rock without considering joints.

............ Displacement
[ ] Damaged zone

Figure 3.14. Over-stressed areas of the surrounding rock mass.

Table 3.6. Mechanical parameters of the rock material and rock joints.

Materials E (MPA) v ¢c(MPa) ¢ (°) oi;(MPa) K, (MPa/cm) K, (MPA/cm)

Intact rock 37,000 0.20 22.27 48.1 5.0 — -
Rock joint - - 0.5 35 0.0 600,000 7500

Table 3.7. Predicted displacement convergence values (mm).

Measurement 1 2 3 4 5 6 7 8 9

Modelling of jointed rock mass 11.4 18.5 19.5 6.0 6.9 7.3 10.8 7.4 6.9
Elastic analysis of non-jointed 9.7 15.5 16.3 5.0 5.8 6.1 9.0 6.3 5.8
rock mass
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3.2. EQUIVALENT ANALYSIS FOR ROCK MASSES CONTAINING THICK JOINTS

In this section an equivalent continuous model is proposed for rock mass consisting
of thick joint sets. The method is based on strength analysis with the same principle
discussed in Section 3.1.

3.2.1 Equivalent deformation principle and method

When a rock mass is cut by two joint sets in direction o and o, respectively, and the
rock material is homogeneous, then there are two parameters describing the rock
material (£, and o,) and four parameters describing each joint set (E;, o;, B and o).
E is the elastic modulus, o is the strength, B is the ratio of joint aperture to rock
mass width and o is the orientation of joint set. Only the basic formulae for plane
condition are given here, which are also illustrated in Figure 3.34. In the process,
the effect of one joint set is taken into account first to produce an ‘equivalent
medium’. The other joint set is subsequently taken into consideration to derive the
equivalent continuous medium of the rock mass containing two joint sets. As shown
in Figure 3.34, considering the first joint set, the joint stress—strain relation is as
follows:

{G}] = [ij G}y' Txyj]T {8}] = [8)6_/ 8}_‘/ Yx}j]T (318)
The stress—strain relation of the rock material is
{olr = [GxR GyR TxyR]T {elr = [exr EyR nyR]T (319)

If the stress—strain state of the above combined joints and material is replaced by the
stress—strain state of the jointed rock mass as shown in Figure 3.15, namely

{G}l = [le Gyl Txyl]T {8}] = [le &yl nyl]T (320)

then they are related by the following equations:

3.2.1.1 Equilibrium condition.
Gyl = (1 - Bl)GxR + Blcxj
Gyl = Gyr = Oy, (3.21)

Oxyl = TxyR = Txyj
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Figure 3.15. Representation of rock joints and rock material.
3.2.1.2 Displacement compatibility condition.
Ex]1 = ExR = &yj
g1 =1 —=Bper+PBigy
nyl = (1 - Bl)nyR + Bl/nyR

(3.22)

3.2.1.3 Physical equations. Suppose that both the rock material and joint material
are homogeneous, isotropic and elastic, then for joint

Oy = aji&y + bji&y;

Oy = bjiey 4 ¢ji8y; (3.23)
Txy = d/l’nyi
for rock material:
OxR = dREXR + DREYR
(3.24)

OyR = brexr + CREYR

TxyR = dR'nyR
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where ag, b, cr, dg are defined by E, and o,, the elastic constants of rock material.
aj, by, cj1, d; are defined by Ej;; and ;;, the elastic constants of joint material. In
plane strain condition,

a=c=El—p/(1+p(l-2p
b=Ep/(1+w(1—2p) (3.25)
d=E/2(1 +p)

Based on further derivation, the relation between {c}; and {€}; in X;0Y; coordinate
system can be obtained

{c} = [Dly[H]; (e}, = [D{e} (3.26)
where
1 0 0
br—bp | _ R
[H], = L Pr+big, 0 (3.27)
dg
0 0 1—B, + B i

b; b;
(1= Boar +Bian + B2 br =) (1 =Bbr+Bicr 0

G 1
[D]Oj = bR

x o | 329

0 0 dR

In the X,0Y, coordinate system, the elastic matrix of the jointed rock mass is

[D]; = [T, [DLITI (3.29)
where
cos?(a) — o) sin®(ot; — 02) —sin’(ot; — o)
[T7, = sinz(ocl — o) cos?(a — o) sinz(ocl — o) (3.30)

Isin2(o — o) —3sin2(oy — o) cos2(oy — o)

It is followed by the second joint set subsequently taken into consideration.
Similarly, the elastic matrices of the bi-directional jointed rock mass in XOY
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coordinate system are given as:

[D], = [TLIDI;IHT, '[TT; (3.31)
where
cos? o sinfo, —sinon
[T], =| sin’o, cos? o sin’ o (3.32)
Isin2u, —1sin20,  cos2a,
1 0 0
dy —bp dy dys
o2 g _p,4p,2 e
[H], = P ) P+ B2 ¢ P p (3.33)
ds, 52 d;
20 o< 1 — + 22
/ bﬂ ’ / bj2 /
(1 = Bo)d}; + Brap + BzC—Q(d21 —bp) (1 =PByd, + Bz;dzz
j '
[D]i‘ = ’ ’
/ dyy dy,

dé; %2 (3.34)
(1 = By)di; + Bz?’i‘&
dyy
d33

and dj; (i,j=1,2,...,6) are elements of [D]; as expressed in equation (3.29).
Generalised in the spatial condition, the general matrix for anisotropic elasticity is

_Gx_ d11d12 ......... dl() _8‘( N
o p Y S dhg 6
o= & (3.35)
Txy ny
Tyz sz
L T d Ldsidep -+ -+ des L7
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Suppose that [D],_; is the elastic matrix of rock mass in the ith local coordinate
system OX;Y,Z; of the rock mass cut by the (i—1)-th group of joint, the elements of
[D];—; are the coefficients (k, /=1,2,...,6) in the above expression.

Similarly, suppose that the rock mass is cut by the ith joint set and the joints are
parallel to plane OX;Y,, then

B 1 0 0 0 0 0 ]
0 1 0 0 0 0
B.déT]_bU- Bd§2 _b’J 1— B +B déSI B d11341 Bdég] Bdégl
"o b i L b
[H], = 0 0 0 1 0 0
dg;’! dgy'! dg3'! dgy'! dss' dss’!
) ) |53 ) 1—B.+B. (56
S B B R B
dii! diy' dis'! dgg' dis' ds'
) ) . ) ) 1 —B.+ B, 206
A S BB |
(3.36)
i j bjj i— i— bjj i—
(1= BT + By + By (s = by) (1= Bdlsy " + Bydy + By (da — by)
ij g
1 bi' i— i— bi' i—
(1 = B)diy" + Bidy + ﬁic—{(dszl —by) (1= B)diy" + Bdy + Bic_{(dnl —byy)
ij g
i—1 bi/‘ i—1 i—1 bi/‘ i—1
(1 =B)di3" + ﬁi;dﬁ (1= B)dy; + ﬁi;dﬁ
[D]iT—lj = b4./. b[_j_
(1= B)diz" + B~ dsy! (1= B)dyy" + B~ dyy!
C,‘j C,‘j
i—1 bij i—1 i—1 bij i—1
(1 =B)di5 + ﬁi:dSS (1—=Bpdys + Bi:d%
ij v
i—1 bi/‘ i—1 i—1 bii i—1
(1 =B)dis + Bi;d% (1 =Bpdss + Bi;d%
L ij ij

dit (L=PBpdiy' dit dipt ]
dy' (1=Bydy' d5' d!
diy' (1-Bpdi' di' dgg!
(3.37)
dg' (1=Bpdiy' di' dg!

dis' (1= Bpdis'  dis' dgs!

dig' (1= PBpdis'  dig" dig!



50

Chapter 3

Having been cut by the ith joint set, the rock mass has the elastic matrix

[D]; = [DJ;

i—

lj[H]'_]

1

(3.38)

The direction cosines between system OX;, Y, Z;,1 and OX;Y;Z; are as follows:

New coordinates

Original coordinates

X; Y; Z;

direction cosines
Xin In mj nj
Yin ln mp np
Zin li3 mi3 n

In the (i + 1)-th local system OX;,Y;,1Z;,, the elastic matrix of the jointed rock

mass is
I
I
2
[T]i = 8
lilp
Il
| lialin
i=1,2,....6.

2
m;

2
mi
2
mi
miimip

mim;3

mjizmj;

”121

"

"
ninp
nipn;3

ni3niji

2lmy

2lpmp

2l3m3
lnmip + lpmy
lpmiz + lzmi

lzmj + lims

3.2.2 Basic principle of strength equivalence

2mjin

2mpnp

2mpng
minj + mph;
mpn;3 + mpani

mgn; + ming

(3.39)

2ni1ly

2nplp

2ni3l;
nitlp + niply

nplia + nialp

nilin +nings |

(3.40)

Suppose that the strengths of the rock material, the joint and the equivalent
continuum body all follow the Mohr—Coloumb criterion, the strengths are ¢,, $,, ¢;,
b, o, O, respectively. The strength of jointed rock mass element consists of the rock
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material strength and the joint strength. Adopting the equivalent strength method
described in Section 3.1, the strength condition is

01—02_01+02
2 2

sinp, = C,cos @, (3.41)

With different angles of the joint plane to the major principal stress plane B, ¢, and
¢, are different:
when B < Bmin or B > Bmax:

C, =Cg 0, = Pg (3.42)
When Bmin =< BS Bmax
B COS @; 1
¢ sin2B— ;) coso, (3.43)

@, = arcsin(sin ¢,/ sin(2f — ¢,))

If the rock mass contains more than two joint sets, the related results can be
obtained by superposition. But it should be noted that the smaller value of ¢, ¢
should be adopted if two values exist.

For different stress states, if all the rock material and rock joint parameters are
known, the strength of the rock mass can be derived by the above procedure. The
equivalent rock mass strength parameters ¢, and ¢, can be determined on the basis
of Drucker—Prager criterion as shown before.

With two stress states (¢ and b) known, the equivalent rock mass strength
parameters (¢, and ¢,) can be determined through the Drucker—Prager criterion.

alf + /I =K
(3.44)
alf +,/J8 =K

From equation (3.44), we have
Jb — . JJja
o= 7\/72 {; (3.45)
-1

Because
V3sing

3,/3+sin2<p’
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the expression below is obtained,

. 3
R ey (346)
From
K- V3Ccoso
vV3+ sin” @
we have

<,/3 + sin’ (p)K
V3cos @

The values of ¢, and ¢, for the rock mass can be obtained from equations (3.46)
and (3.47).

C,=C= (3.47)

3.2.3 Engineering applications

The above equivalent analysis of jointed rock masses is applied to model a large
underground cavern complex of a hydropower project, as shown in Figure 3.16. The
main work includes the selection of separations between caverns, the excavation
sequences and the support schemes. Two-dimensional non-linear analysis and
three-dimensional anisotropic analysis are conducted.

In the FEM modelling, continuous rock mass is simulated with the commonly
used isoparametric elements. Dominant faults are simulated with the isoparametric
joint elements. The fractured rock mass containing joint sets is simulated with
equivalent medium. In two-dimensional modelling, primarily 4-node quadrilateral
elements and 3-node triangle elements are used. The number of elements is 661, and
the number of nodes is 603. Six schemes for cavern separation optimisation, three
schemes for excavation sequence optimisation and two schemes for shotcrete—
rockbolt support optimisation are modelled. In three-dimensional modelling, 8-node
brick-shaped elements and 6-node pentahedron elements are commonly used.
The number of elements is 1094, and the node is 1368. Two schemes of cavern
separation optimisation and two schemes of excavation and support optimisation
are modelled.

A large number of modelling cases have been conducted. Some important
conclusions are outlined here. The maximum displacements in plane elastic analysis
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Figure 3.16. Systematic view of cavern complex of a hydropower station.

and in non-linear analysis occur at different locations. The former appears at the
middle of the left wall in the powerhouse (Figure 3.16). In non-linear analysis the
yield plastic zones between the main powerhouse and the transformer room is joined
together, and the maximum displacement appears at the middle of the right wall
of the powerhouse with a magnitude of about 6.7cm. The maximum compressive
stresses also appear at the vault and the floor. The maximal compressive stress at the
left vault is nearly 47.0 MPa. With the increase of spacing between the caverns, the
areas of yield zones significantly decrease, and eventually the yield zones become
isolated. The cavern separation has significant influence on the area of yield zone.
Non-linear analysis is conducted for three schemes of excavation sequence:

Scheme 1: I - Il - IIl - IV - V (five excavation steps)
11 —
Scheme 2: I — II — E ) -V (four excavation steps)
v —
I — I —
Scheme 3: [ — E ‘ — E ’ (three excavation steps)
v — vV =

Modelling results indicate that the maximum displacement is decreased by 32% in
Scheme 1, by 35% in Scheme 2 and by 12% in Scheme 3. As for yield zone, Scheme 1
has the least yield zone compared with Schemes 2 and 3. Through comprehensive
consideration, Scheme 1 is recommended for the actual construction.
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In the non-linear modelling, the effects of two different bolt schemes are
compared. New concept and method are developed for modelling the bolt effects.
From the model tests, the results show that the main effect of the bolts is to increase
the strength and the stiffness of the surrounding rock mass. Its effect to produce
support reaction is much less significant. The results show that the peak strength and
modulus of the bolted rock mass increase approximately by 10-20%.

However, the residual strength of the bolted rock mass increases considerably as
compared with unbolted rock mass. Under the uniaxial compression, the residual
strength increases by 60-80%, and is influenced by the bolt spacing and the stiffness
ratio between the bolt and the rock mass. The study on bolt is discussed in detail in
Chapter 8.

3.3. STRENGTH CHARACTERISTICS OF FRACTURED ROCK MASS UNDER
COMPRESSIVE SHEAR STRESS

The natural rock masses consist of faults, joints, fractures and other discontinuities.
Engineering projects often generate compressive or shearing stress on the rock mass
[186,194-196,210-218]. It is important to understand the interaction of the rock
discontinuities and the strength and failure mechanisms of the rock masses under
compressive and shear stresses.

Joints and fractures in a rock mass generally distribute intermittently and the
strength of the joint and the bridge area in the rock mass differ greatly in different
rock masses [205,206]. Researchers usually pay close attention to the overall shear
strength of a jointed rock mass and to the secondary crack initiation. Many
researchers suggested that the compressive strength of collinear fractures and rock
bridges can be determined by means of the weighted mean method [219-221]. Others
believed that the different deformation characteristics of the joint and the bridge in a
rock mass should be taken into consideration to assess the rock mass strength.
Because of different stress distributions in the rock bridge and on the joint surfaces,
the friction on the joint surfaces must be multiplied by a mobilising factor [199-200].
Tests conducted on gypsum show that the strength properties of a rock mass with
multi-rowed intermittent fractures aligning along the same direction [205]. Brown
[206] studied the strength of jointed rock mass by means of fracture mechanics. Horii
and Nemat-Nasser [219] gave analytical solution and stress intensity factor of the
secondary crack trajectory, and discussed the formation of a failure plane. Reyes and
Einstein [220], through tests and damage analyses, studied the stress distribution and
failure mode of a rock bridge between two fractures in en-echelon crack arrays.

Analytical models for fracturing mechanisms of the rock bridge between adjacent
fractures in a bilateral compressive stress field, based upon the phenomena observed
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in the experimental studies are proposed and discussed in this section. The models
can be used to predict the overall shear strengths of the rock mass. The analytical
solutions have been verified through experiments.

3.3.1 Strength of rock mass containing collinear cracks

3.3.1.1 Fracture propagating at tight cracks. Stress concentration phenomena will
take place at crack tips under loading. Although the average stress of the crack is
generally less than the threshold stress of crack propagating, the stresses at the tips
are by far higher than the threshold stress. As a result, secondary cracks will occur
near the tips. The initiating point of secondary cracks can be determined from the
fracture toughness of the rock material. For collinear cracks (Figure 3.17) loaded by
compound stresses of compression and shear, stress intensity factor at the crack tips
can be derived as follows:

k=0 (3.48)

/ na
ku = (1 —octang; —¢),/2b tanﬂ (3.49)

Where compressive stress is defined as positive and tensile stress as negative; ¢;, ¢; are
the cohesion and the friction angle of the crack, respectively. The condition for the
crack to propagate is Ky > Ky where Ky, is type 11 fracture toughness of the crack.

The crack propagation does not indicate that the stress reaches the rock strength.
The strength is reflected by the stress that makes the cracks join together to form a
failure plane. The crack initiation and the propagating path become very important

| |

Figure 3.17. Collinear cracks under compressive shear stress.
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for estimating the strength. As shown in Figure 3.18, during the test, rupture initiates
at crack tips, it tends to propagate gradually along the direction of maximum
principal stress, o;. When a crack propagates to a certain extent and meets the
adjacent crack, rock failure occurs. Analysis on the above-observed phenomenon
has shown that stress intensity factors at the tip (point A) of a crack under
compressive and shear stresses are kil = 0 and ki # 0. When |kit| > k., the crack
rupture initiates at point A with an initial rupture angle of approximately 70° (the
angle between initial rupture line and line of the crack). However, with the increment
of external loading, the direction of the secondary crack gradually turns to the
direction of o. The secondary crack path with direction of turning is schematically
described in Figure 3.19. The cracking starts along 4 B. When the crack propagates
to point B, the shear stress between B C exceeds the maximum shear strength of
the rock material, resulting in shearing failure on plane BC to form crack B C.
Therefore, the fracture ABC becomes the final fracture plane.

3.3.1.2 Determination of shearing strength of crack body. At present, the commonly
used method to analyse the strength of a jointed rock mass takes into consideration
the joint persistence m, the shear strength parameters of the crack, c¢yand f; the shear
parameter of rock bridge material, ¢, and f, [221].

f=nﬁ+ﬂ—n%} (3.50)

c=n¢+ (1 —n)e

‘0'1

’ Oy

I

Figure 3.18. Fracture through bridged rock materials.
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Figure 3.19. Stress analysis on the fracture plane.

t=n(ofj +¢) + (1 —n)(cfr +¢) (3.51)

Taking the stress difference between rock bridge and crack plane into account, the
following equation is also used.

t=n[I - Pofi + ¢]+ (1 —n)Bof; +¢] (3.52)
where [ is a factor concerning the normal stress distribution on failure planes and is
to be determined through experiments or numerical modelling.

As shown in Figure 3.10, DA and CE are the existing crack surfaces and 4B is the
secondary crack. Shear strength can be expressed as:
6, = 0 oS> o + oy sin® o (3.53)
then
T =G, H(cn) f; + ¢ (3.54)

where

Hi) — 1 x>0 355
(x) = 0 x<0 (3.55)
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The equilibrium equations of the crack element (Figure 3.19) are

F.=0 F,=0 (3.56)

Consequently,
2boy sino + 2a(tjcos o — G, sin o) + 2¢(tpc cos 0 — ch sinf) =0 (3.57)
—2bcy cos o + 2a(t;sino + 6, cosa) + 2¢(tpe sin O — cfc cos0) =0 (3.58)

where ¢ = (b — a)(cos a)/(cos 0)
Rewriting (3.57) and (3.58), then

a(oc,tana — 1;) — bop tan o

Tpc — 02 tan 0 = T (3.59)
tpe tan 0 4 o = 2O @y ana + 0,) (3.60)
b—a
Solving simultaneously, equations (3.59) and (3.60) gives
By — Aptan 0
BC 0 0
= 3.61
On 1 4+ tan?0 (3-61)
Ao + Bytan 6
= 3.62
tBC 1+ tan?0 (3.62)
where
Ao — a(o,tana — 1;) — boy tan o, (3.63)
b—a
By = boy —a(tjtana + c,) (3.64)
b—a
Let

F = |tpc| — oZ°H(cEO) f, — ¢,

Hence, when F> 0, shear failure occurs at plane BC and a failure plane is formed.
At this moment, dF /90 = 0, thus

TpC
a0

9cB¢
— H(o, ) —5-=0 (3.65)
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based on

TBC . By(1 — tan? 0) —2A4)tan®

3.66
00 (1 + tan?0)? cos2 0 (3.66)
dC gc _ A()(tal’l2 06-—1) ; 2By tan 0 (3.67)
0 (1 + tan? 0)” cos? 0
Substituting equations (3.66) and (3.67) into (3.65) gives
1 Ay — By f, H(cE)
0= 2arcctg Bo + Ao £, H(c5) (3.68)

3.3.1.3 Verification through model tests. The modelling material made in the
physical model is a mixture of gypsum and ceyssatile, which has the following
mechanical properties: uniaxial tensile strength=0.27 MPa, compressive elastic
modulus = 1.3 x 10> MPa, Poisson’s ratio=0.20, internal friction angle = 35°,
cohesion =0.53 MPa. The cracks are closed and have the following properties:
length =20, 40, 60, 80 mm, internal friction angle = 10° and cohesion =0.1 MPa.

Layout of the direct shear test is shown in Figure 2.14. The rock mass model
has crack persistence ranging from 0 to 62%. In the test, the normal stress on shear
plane is kept constant and the lateral loads are gradually increased till the model
fails. The test results are analysed by least square method, giving shear strength
curves as shown in Figure 3.20. It can be seen from the Figure 3.20 that the experi-
mental results agree well with the analytical solution. The comparison is summarised
in Table 3.8.

The above comparison indicates that the strength criterion proposed reasonably
represents the properties of the rock mass containing collinear cracks.

3.3.2  Strength of rock mass containing multiple cracks

Joints, fractures and cracks in a rock mass may be distributed parallel but not
necessarily co-linear, as shown in Figure 3.21. The failure of such rock mass is
indicated by dotted lines. Because the crack is in compressive shear stress state, the
stress intensity factor at the tip is K;=0 and Kj; #0. Hence under the compressive
shear state the condition of the crack initiation should be Kj; > Kjy,.
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Shear strength 1 (MPa)

= = = = Analytical solution

Test results

| | | -
0 20 40 60

Normal stress c,, (MPa)

Figure 3.20. Comparison of strength envelopes between measured and calculated results.

As shown in Figure 3.23, crack initiates at fracture tips, and the secondary cracks
BC and DE are formed at the tips B and D. The secondary cracks expand in the
direction of maximum compressive stress, and at a certain stage, the cracks join each
other to form CD. The rock mass containing multiple cracks then fails.

With understanding the failure mechanism after multi-fractured rock mass, the
following assumptions are used to develop a strength criterion:

(i) The secondary crack propagates in the direction of the maximum compressive
stress, and along a straight line,
(i) The failure of multi-fractured rock mass is due to shear.

As shown in Figure 3.23, BC and ED are the secondary crack surfaces. Stresses can
be expressed as:

G, = G| COS> 0 + G, sin’ o

1 = 0,H (o) f; + ¢

For the element in Figure 3.23, the force equilibrium condition is

EX':O
F,=0
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Table 3.8. Comparison between measured and calculated results.

Persistence (%) Normal stress Shear strength (0.1 MPa) Theoretical
(0.1 MPa) error (%)
Measured Calculated
0 3 7.43 7.4 0.4
0 4 8.56 8.1 5.4
0 5 8.99 8.8 2.1
9 0.8 5.76 5.44 5.56
9 4 7.86 7.53 4.2
13 3 6.43 6.64 -33
13 4 6.80 7.27 —-6.9
13 6 8.06 8.54 —6.00
20 5 7.49 7.42 1
42 5 591 5.9 0.17
43 0.8 4.39 3.84 12.5
43 3.5 5.43 5.12 5.7
44 3 5.36 4.82 10
45 35 5.03 4.99 0.8
46 4 5.63 5.16 8.3
46 6 6.10 6.08 0.3
50 5 5.35 5.34 0.18
60 0.8 3.52 3.03 14
60 2 3.65 3.50 4.1
62 3 4.34 3.76 13.36
62 4 4.14 4.14 0
62 6 4.95 4.89 1.2

|
/7
—’),,'/"1/ =
)I/Il
’ /l
/ /
I

Figure 3.21. Rock mass with a group of parallel cracks.
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Figure 3.22. Enechelon cracking trajectory.

Figure 3.23. Force analysis.

Namely,

2coy sina + 2a(t; cos o — G, sin o) + 2m(tep cos O — o2 sin 0) = 0 (3.69)
—2¢6; cos o + 2a(t; sin o + 6, cos o) + 2m(tcp sin 0 — 6$P cos ) = 0 ‘

where
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Arrangement of equation (3.69) leads to

a(c, tano — 1;) — cop tan o

Tep — c,fD tan 6 = (3.70)
c—a
tep tan 0 + 6P = aly tan o + ) (3.71)
c—a
Solution of equations (3.70) and (3.71) gives
By — Aptan6
CcD 0 0
= - 3.72
" 1 + tan®0 (3.72)
Ao+ Bytan 6
= 3.73
ep 1 + tan®0 (3.73)
in which
a(o,tana — 1;) — cos tan o
Ay =
c—a
co; — a(tjtana + G,)
By =
c—a
It follows from Figure 3.23 by geometrical analysis that
4L 1
0 = arctan| ctana — 4d tan o, — e (3.74)
3c—2a sina

According to the above analysis, the failure criterion for multi-fractured rock mass
under the action of compressive shear stress is

F>0 (3.75)
where

F=1cp—cPHGP)f, — ¢,

Ao+ Bytan6
P T tan’ 0 (3.76)
D _ By — Aptan6

T 1+tan?0
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a(o,tano — 7;) — cor tana

Ay = (3.77)

c—a
By — co; —a(tjtano + ©,) (3.78)

c—a

4L 1
0 = arctan| ctano + 4d tan o — (3.79)
3¢ —2a sina
For uniaxial loading;
[e31 ;ﬁ 0 c,=0

6.703 7> (3.80)

L =
TCKlzc

For biaxial loading;

o1 #0 oy #0

2
I |:,/K12C+ 11.614c, —K]C:| (3.81)
L=-

1 2.2340,
T = 2aF, cosa (3.82)
F, = (o1 — oy)sinacosa| — fiH(G,)0, — ¢; (3.83)
Ho=1' 70 (3.84)
Xx) = .
0 x<0

lm

////A/_

A o

_.%///
l

Figure 3.24. Diagram of the model test.
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In addition, when L <2d/cosa, connection takes place among the propagated
cracks, and at the same time, the rock mass strength reaches the peak. The
present criterion for multi-fractured rock mass is verified by physical model tests [8].

Figure 3.24 shows the schematic layout of the physical model tests. The dimension
of the existing fracture are: a=4.8cm, b=8.0cm, d=1.0cm. The model material
is gypsum and its main physical parameters are: uniaxial compressive strength =
1.84 MPa, uniaxial tensile strength=0.38 MPa, modulus of elasticity =0.238 x
10*MPa, Poisson’s ratio =0.20, internal friction angle =45°, cohesion =0.38 MPa
and the fracture toughness of type I Kjc=74.06N/cm®? The main physical
parameters of the fracture are: the friction coefficient =0.365 and the cohesion =0.

The criterion is also implemented with numerical modelling code. A computer
program using the new strength criterion is written in FORTRAN and was used to
simulate the physical model tests. Comparisons of the results obtained from the
numerical modelling and the physical modeling are shown in Figures 3.25 and 3.26.

From the comparisons, it can be seen that the numerical modelling based on the
new strength criterion generally agree well with the physical test results.



Chapter 4
Sensitivity Analysis of Rock Mass Parameters

At present, a variety of numerical methods are available for stability analysis of rock
masses. Among them, the most widely used are the finite element method (FEM)
[138-140,222-232], the boundary element method (BEM) [14,233-241], the discrete
element method (DEM) [15,148-154,242-246] and coupled methods [16,247-253].
The rationality and reliability of the results from those methods depend, to a great
extent, upon the appropriate selection of computational model and mechanical and
mathematical parameters. Once the computational model is determined, the key to
success hinges on the rational selection of the computing parameters. There are
many factors and parameters that affect the rock mass stability. One has to identify
the order of importance of all the parameters [1-3]. In terms of computation, the
limited resource may be the primary restriction. This section presents some specific
assessments on the effects of various parameters by means of the sensitivity analysis
in systematic approaches.

4.1. SENSITIVITY ANALYSIS OF COMMONLY USED PARAMETERS

4.1.1 Method of sensitivity analysis

Sensitivity analysis method is the method used to analyse the stability of a
system [254]. Given a system whose character, P, is governed mainly by #n factors
of a={ay,0,...,0,}, P=f{oy,05,...,0,}. Under a reference state of o* =
{of, o3, ..., 0}, the character is described by P*. The sensitivity analysis is to, let
the above individual factors vary within respective possible range and then analyse
both tendency and extent to which the character of the system, P, departs from the
base state due to the variation of the factors.

The first step of sensitivity analysis is to establish the system model, i.e., the func-
tional relation between the system character and the factors, P=f {o, 0, ..., 0}
This relation should be, if possible, described by analytical expression. In the case of
a complex system, it can be expressed by numerical method or through presentation
of graphic chart. It is a key step of the effective analysis on parameter sensitivity to
establish a model that reflects the system with the reality as fully as possible.

The basic parameter set should be given after the system model has been
established. The basic parameter set should be established to reflect the subjects
considered. For example, when the sensitivity of the stability of an underground
project to the variation of rock mass parameters is to be studied, the suggested rock
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mass parameters of the in situ rock mass can be used as the basic parameter set. Once
the basic parameter set is determined, the sensitivity analysis can be performed on
each parameter. When analysing the effect of oy on the characteristic of the system,
P, the parameter oy in the set is varied within a possible range while the remaining
parameters are kept constant. In this case, the system’s character displays the
following relation:

P =f(o, ... 0y 0y Oy e O) = @p(0k) 4.1)

The character curve of P—ay is plotted from equation (4.1), which roughly describes
the sensitivity of P to the disturbance from oy. For example, the rapid change of the
curve around oy; shows a high sensitivity of P to oy, i.e., a slight change of oy will
cause a great change of P. On the contrary, the curve is gently around oy, then the
system character of P is less sensitive to the parameter of oy, i.e., P varies slightly
with a large change of aoy. In other words, when the parameter is near oy, it is
a parameter of high sensitivity; when it is near oy, then is of low sensitivity
(Figure 4.1).

The above analysis only gives the sensitivity behaviour of the system character P
to a single factor. The character of a real system is generally governed by many
factors of different physical quantities and units. Therefore, it is difficult to compare
the sensitivity of the various factors by the above method. To solve this problem,
dimensionless treatment and analysis can be applied.

In dimensionless analysis, the sensitivity function and the sensitivity factor are
defined in dimensionless terms. The ratio of the relative error (3,), of the system
character P (85,=|AP|/P) to the relative error of parameter oy (Su=|Aokl/o) is
defined as the sensitivity function, Sy(ay), of the parameter o.

|AP| [ Aoy AP
sea(5)/(5) = s

When |Aay|/ay is small, the function of Si(o) can be expressed approximately as

ok
P

k=1,2,....n 4.2)

d(P Ok
Siton) = [~

ok

5 k=120 (4.3)

From Equation (4.3), the sensitivity function curve of o, can be obtained, which is
shown in Figure 4.2. Given oy =0, the sensitivity factor S} of the parameter oy is
obtained as

X
o

A k=12...n (4.4)

e x
St = Si(ep) = ( d;j:”)ock = o
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Figure 4.1. Characteristic curve of system P—oy.
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Figure 4.2. Curve of sensitivity function S;—o.
where S} and k=1, 2,...,n are a group of non-negative dimensionless real numbers.

The higher S} is, the more sensitive P is to 0. Based on comparison between different

S} values, one can give synthetic assessment on the sensitivity of various factors.

When ¢ (o) is a sectional function, its derivative may be discontinuous at section
boundary point of oy, which makes Equation (4.3) fail to give the sensitivity of S
at ayo. In this case, one of the following methods can be used:

(i) Choose the higher value of the left and the right limits Sy(oy) at oy = o as the

(i)
(iif)

sensitivity S?, i.e.,

St = max{Si(o—), Sk(o+)}

Smooth the function of ¢, (o) using cubic spline function fitting method or
other techniques to eliminate the discontinuous point of the derivative; and

Set a common relative error € for every parameter, i.e., let |Aoy|/oy = &,
k=1,2,...,n and then calculate S2 using equation (4.2).
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4.1.2 Sensitivity analysis of stability of underground works

Examples of using the sensitivity analysis method described in the previous section
are given in this section. It analyses various factors that affect the stability of a rock
cavern complex of a hydropower project.

The project comprises main powerhouse, transformer house and tailrace
surge chamber, and the sectional layout is shown in Figure 4.3. The powerhouse
measures 64.4m in height and 27m in width. The deformations of the side wall
and the crown are of interest to the stability analysis. The project is located in the
region of high in situ stress field where horizontal stresses are greater than the
vertical stresses. Due to the high overlying depth above the chamber complex, the in
situ stress field is assumed to be uniform and the directions of its two principal
stresses are oriented horizontally and vertically at 6,=13.3 MPa and 5, =9.5MPa
respectively.

4.1.2.1 Computational model. A two-dimensional non-linecar FEM programme has
been used to model and analyse the stability of the underground structures. The
following simplifications and assumptions have been made:

(1) The surrounding rock mass is homogeneous and continuous with the effect of
faults neglected, but the joint effect is considered using the equivalent elastic
module, E,, from the in situ measurements.

(i) The initial in situ stress is uniformly distributed within the computa-
tional domain and the two principal stresses act in horizontal and vertical
directions.

Trans-
former
chamber

Power- Tailrace
house surge
chamber

N

Figure 4.3. Sectional diagrammatic sketch of Laxiwa hydroelectric power station.
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The excavation is simulated by unloading process and the effect of the excavation
of the tailrace surge chamber on the weakening of the rock is treated with the
stiffness-reduction method.

The system character, namely, the stability of the underground structure
complex is reflected by the maximum horizontal deformation of the left sidewall
of the main powerhouse (or by other indexes, e.g., damage areas). The parameters
used for the sensitivity analysis include elastic module (E), Poisson’s ratio (v),
cohesion (c), internal friction angle (¢), horizontal and vertical principal stresses
(o, and o,). For the above exercise, the basic parameter set is given in Table 4.1.

4.1.2.2 Analysing the results. All parameters have been analysed one by one using
the method stated earlier. The procedure to analyse the horizontal stress o, and the
elastic module of E is described below.

From experiences, the possible varying range of those two parameters are
determined. E is in the range of 1.0-4.5x 10*MPa, and o, is in the range of
4.75-19.95 MPa. The values of E and o, are adjusted step by step to calculate the
maximum horizontal displacement, u, of the left sidewall of the main powerhouse.
Curves representing u—FE and u—c . are plotted from the computing results, as shown
in Figures 4.4 and 4.5. The function relations of u—F and u—c, have been obtained
from the curves and can be expressed as:

u=0og(E)=2_8.70/¢ (4.5)
U= @4 (o) = 02250, —0.2425 (4.6)

From the equation (4.3) we have two sensitivity functions of Sg(E) and S, (oy):

8.70
Se(E) =5 -=1 4.7
o, 0.2250,
L (0,) = 022525 = 48
So () = 0225 " = 55356, — 0.2425 (48)
Table 4.1. Basic parameter set.
E (x10*MPa) \% ¢ (MPa) o () o, (MPa) c,(MPa)

32 0.21 25 48 133 9.5
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Figure 4.4. u—FE curve.
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The corresponding sensitivity curves of Sg—E and S5 o, are shown in Figures 4.6
and 4.7 respectively.

As shown in Figures 4.6 and 4.7, the sensitivity function of Sg(E) = 1 means that
the sensitivity factor, S, is constantly equal to 1, and is not influenced by the basic
value of the elastic module E. Ss (o) is a decreasing function, and the sensitivity
is high when o, is low and decreases with increasing . The limit of S5, is 1. By
substituting o =1.33 MPa into Equation (4.8), the sensitivity factor, S7 - S7 , of
the parameter o, is 1.088. ' '

Similar analysis can be performed on other parameters. Table 4.2 summarises the
sensitivity factor of other parameters.

1.0

08 -

0.6 ] ] ] ]
0 1 2 3 4

E (x10‘MPa)

Figure 4.6. Sg—FE curve.

12 -

L I L ! !
0 4 8 12 16 20

o, (MPa)

0.6

Figure 4.7. S;—o, curve.

Table 4.2. Sensitivity factor of various parameters.

St St St S Sk St

Gy

1.0 0.077 0.039 0.020 1.088 0.077
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Table 4.2 indicates that when the horizontal displacement of the sidewall of the
powerhouse is used to judge the stability of the cavern, then the most sensitive factor
that affects the stability is the horizontal stress. It has sensitivity as high as 1.088.
In other words, if there exists an error of 15% in o, the relative error (du) of u
is 1.088 x 15% =16.32%. The internal friction angle ¢ is the least sensitive factor
(85 =0.02%). An error of 15% in ¢ only results in a 0.3% (0.2 x 15%) error of u.
As seen from the analysis, the horizontal stress and the elastic module have high
sensitivity factors and should be treated with great care.

It should be noted that the above conclusion is drawn from a given set of basic
parameters that are directly involved in a specific engineering project. The conclusion
differs from problem to problem and project to project. As shown in Figure 4.7, the
sensitivity factor, S , of o varies, depending upon the selection of the basic value of
or. In addition, the sensitivity of some parameters is affected by the interaction of
other parameters. For example when a structure is in a perfect elastic state, cohesion
and friction have no effect on the deformation of the structure. But when the
structure is in an elasto-plastic state, and cohesion and friction affect the
deformability, such effect becomes more remarkable with increasing plastic area.
The sensitivity of ¢ and ¢ is therefore dependent not only on their basic value but
also on the values of o, and o,. Further analysis of such interaction between
parameters requires more rock mechanics knowledge of the problem. One can use
the Rock Engineering System [1-3] or the Grey System [254] to study the interaction
between the parameters. For such cases, when sensitivity analysis is performed on a
parameter that has active interaction with others, it is desirable to make the latter
varying within their possible ranges.

4.1.3 Application to optimisation of test schemes

In order to analyse the stability of the underground rock structures, the mechanical
and engineering parameters of the rock mass must be known. Accurate rock mass
properties can only be obtained from large in situ tests. Such tests are seldom carried
out as they are very expensive and time consuming. Sensitivity analysis of parameters
can be applied for the optimisation of testing schemes.

Test scheme optimisation is to obtain the rock properties that meet the engineering
requirement with the least amount of work for large in situ tests. Studies of
sensitivities of all the parameters would identify the parameters of high sensitivities
that should be measured during the in situ tests. In the example in Section 4.1.2, the
horizontal deformation of the high wall, the horizontal stress and the rock mass
module are the key parameters. They must be determined through field tests, while
the other parameters are less critical and can be obtained through less expensive tests
or other methods.
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Sensitivity analysis helps to avoid mistakes due to subjective conjecture. Different
basic parameter sets have different orders of sensitivity. For this reason, the
sensitivity analysis of parameters should be aimed at specific engineering problems
so as to distinguish key parameters from the rocks. The key parameters may vary
from project to project.

The amount of field tests for rock parameters can be rationalised according to
their sensitivity factors. In principle, parameters of higher sensitivity should be
subjected to more tests.

Selections of appropriate test methods shall be made in accordance with the
requirements of the engineering project and based on the sensitivity factors. For
example, when there are two options available in measuring the horizontal stress o :
one is cheap but has a relative error of 85, = 15%, while another is expensive but has
a relative error of 85, =10%. As the sensitivity of S; is 1.088, the relative errors
of the two methods results in measurement errors of 'Su are 16.32% and 10.88%,
respectively. If a relative error §, < 15% is required, the second method should be
adopted although the first one is cheap. If a larger error of 6, < 20% is allowed, the
first method can be used.

Although the sensitivity analysis provides, in view of accuracy, scientific basis for
the optimisation of testing schemes, the overall optimisation should consider other
factors, such as testing cost, duration and availability.

4.2. ANALYSIS OF THE EFFECT OF JOINT PARAMETERS
ON ROCK MASS DEFORMABILITY

In the previous section, the sensitivity analysis is performed by assuming rock masses
as isotropic and homogeneous media. However, natural rock masses contain sets of
joints, which have influence on the strength and the deformation characteristics of
the rock mass. Chapter 3 has suggested several mechanical models for different kinds
of jointed rock masses. This section examines the sensitivity of the joint mechanical
and geometric parameter on the rock mass stability.

4.2.1 Application of equivalent model for jointed rock mass

The sensitivity analysis of the effect of joints on underground rock structures
involves a considerable amount of work. The current study therefore adopts the
same analytical model and method described in Section 3.3.

The rock mass is assumed to contain two joint sets with different orientations
(Figure 4.8). The following notations are used in the analysis. For the rock material:
E, - clastic module, v, - Poisson’s ratio; and for joint sets (subscripts 1 and 2 for set I
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y 3
Joint set | (€1, vjy, oy, B;y)
Y4 X, . = “
Y, x, Jointsetll (E,, v, o, Cp, Bp)
Oy
0 X

Figure 4.8. Typical rock mass containing two joint sets.

and II respectively): Ej; and E;, - elastic moduli, v;;, v;» - Poisson’s ratio, o, and
;5 - dip angle, 1;; and n;, - persistence, B;; and B, - specific width (total joint width
percentage in the rock mass).

The model is treated under the plane strain condition, and the strike of the
joint sets coincides with the z axis, and the joint persistence C;; and Cj, are both
equal to 1.

Equivalent properties of the rock mass are obtained according to the prop-
erties of individual joint sets and the rock material, as discussed in Section 3.3. The
stress states of the joint and the rock material are respectively (refer to Section 3.3).

(ol = (o ol ey ey = fell el vy
4.9

(o), = {0l ol (&), ={ehel v,y

4.2.2 Basic parameter for sensitivity analysis

The sensitivity analysis of the joint parameter is conducted for the same case as those
in the previous section (Section 4.1). Sensitivity of various parameters to the
maximum horizontal displacement of the cavern sidewall and to the maximum
settlement of the roof is studied.

The project was described in Section 4.1.2 and shown in Figure 4.3. There exists
two prevailing joint sets in the region and the elastic constants of the rock material
are: elastic module E, = 5.8 x 10* MPa and Poisson’s ratio v, =0.21. The parameters
of the two joint sets are obtained from the site investigation and are summarised in
Table 4.3.
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Table 4.3. Basic parameter values of joint sets used in sensitivity analysis.

Joint set 1 E;=0.5x10*MPa v =0.23 ;=70 n; =0.6 Bj =3.2x10"MPa
Jointset 1 E;=14x10*MPa v, =023  op=110 mn,=06  Pp=32x10">MPa

The values of parameter in Table 4.3 are also suggested for the sensitivity analysis.
Accordingly, given that each parameter varies within a certain range, the side wall
displacement (u,) and the roof settlement (u,) are calculated. The change and trend
of u, and u, with the variation of the parameters are examined. A FEM program is
used for the analysis.

4.2.3 Computational results
4.2.3.1 Effects of joint elastic moduli on displacement. Figure 4.9 shows the relation
curves between the joint elastic modulus (£;) and the surrounding rock mass
displacement (p), for each joint set. u, is the deformation of the high wall and u, is
the deformation of the crown. Relative convergence (u/B) and the relative ratio of
the joint elastic modulus to the rock mass modulus (E;/E,) are also presented in
Figure 4.9. B is the cavern width in calculating u,, and B is the cavern height in
calculating u,,.

From Figure 4.9, it can be seen that the u—F; curve can be fitted with the
function of ¥ = A/X 4+ B. The regression analysis determines the u—F; relationship for

u(em) , u/B (x10%) u(cm) . WB (x10%)
200 7% () jointsetl
7.0
816
Ueo
16480
55
>
081 12
13
0.6 Uy
0.8
044 005 015 025 EJ/E 047 02 04 E/E
> . . . 1l Er > . . 06 1T
— I‘ I ) ' L — - ‘ — >
3 7 11 15 14 224 308 39.2
E, (x10°MPa) E,, (x10°MPa)

Figure 4.9. Deformation-joint elastic moduli relations for both joint sets.
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the two joints as:
For joint set I,

uy = 527.6/E; + 1.5505 (4.10a)

uy = 326.4/E; +0.4772 (4.10b)
For joint set II,

uy = 675.8/Ep + 1.6098 (4.10c)

uy = 286.2/Ep +0.5251 (4.10d)

where u, and u, (cm) stand for the maximum displacement of the sidewall and the
maximum vertical deformation of the cavern, respectively. £; and E;, (MPa) are the
modulus of joint sets I and II, respectively.

The following conclusions can be drawn from Figure 4.9 and equation (4.10):

(i) If the actual elastic moduli of the rock joints are lower than the suggested
elastic moduli used in the computation, then the actual deformation of the
surrounding rock mass is greater than that computed.

(i) For the main powerhouse cavern, the total deformation of the sidewall is
greater than that of the roof, for the same change in the joint modulus.
However, the relative deformation of the sidewall is less than that of the roof.
For example, when the elastic modulus of joint set I changes from E7; = 5000
to 2500 MPa (given that the maximum relative error of E; is 50%), then the
absolute values of u, and u,, are 0.106 and 0.065cm, while the corresponding
relative changes are 6.37 and 12.04%, respectively. The results show that the
displacement of roof is more sensitive than the displacement of sidewall to the
change of joint elastic modulus.

(ili) The same changes of the elastic moduli of the joint sets with different initial
moduli have different effects. Given the same relative errors of 50% of both
joint sets whose initial moduli are 5000 and 14,000 MPa, the errors caused are
12.04 and 3.76% at the roof, respectively. It shows that lower elastic moduli
has higher sensitivity to the rock mass deformation.

4.2.3.2 Effect of joint Poisson’s ratio on rock mass deformation. Figure 4.10 shows
the relation curves between the joint Poisson’s ratio (v;) and the rock mass
displacement (u). The Poisson’s ratios of the joint sets (v;; and v;) vary between
0.184 and 0.276, and the deformations (u, and u,) remain almost the same. This
shows that the rock mass deformation is by far less sensitive to the Poisson’s ratio.
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Figure 4.10. Effects of joint Poisson’s ratio on rock mass deformation.
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Figure 4.11. Relationship between displacement and dip angle.

Therefore, in analysing the stability of the rock mass, selection of the Poisson’s ratio
will not result in significant errors.

4.2.3.3 Effect of joint dip angle on rock mass displacement. The effect of joint dip
angle to the rock mass deformation is shown in Figure 4.11. From the curves, the
following conclusions can be obtained.
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(i) The change of rock mass deformation is slightly affected by the joint dip angle
varying between 0 and 90°. It suggests that the joint dip angle is a non-sensitive
factor affecting the rock mass deformation.

(i) The sensitivity of joint dip angle is related to the joint elastic modulus. For the
joint set II with a high elastic modulus, the change in the dip angle results in
little change of the rock mass deformation. On the other hand, for the joint set
I with a low modulus, the change of the dip angle causes increase of the rock
mass deformation as shown in Figure 4.11(c). It implies that the sensitivity of
the joint dip angle increases with the decreasing joint elastic modulus. The
joint dip angle is a sensitive factor when the joint elastic modulus is very low.

(i) The vertical settlement of roof, u,, is more sensitive to the change of joint dip
angle, as compared with the horizontal deformation of the sidewall.

(iv) It is noted from Figure 4.11(c) that when a joint set of low modulus and dip
angle is between 40 and 60°, the rock mass deformation becomes the greatest,
which is most unfavourable to the rock mass stability.

4.2.3.4 Effect of joint persistence on rock mass deformations. Figure 4.12 presents
the relation curve of the joint persistence (n;) and the rock mass displacement (u).
The displacement (1) shows the following character as n; varies:

(i) When n;<0.6, u, and u, increase more or less linearly with increasing mj;
when n; > 0.6, the horizontal displacement, u,, increases acceleratively with
increasing m;, while the vertical displacement, u,, increases at a much lower
rate. This indicates that the joints with a persistence greater than 0.6 have
higher sensitivity to the sidewall deformation. The sensitivity of joint
persistence to the roof displacement, however, is rather low.

(i) The sensitivity of the persistence depends on the joint elastic modulus. For
example, when n*=0.6 and the maximum deviation is £0.2, for joint set I
with £, = 5000 MPa, the maximum error of the sidewall displacement is 4.5%;
while for joint set II with Ej‘z = 14,000 MPa, the error of the sidewall
displacement is 1.68%. It can be seen that when the joint elastic modulus is
low, the sensitivity of the joint persistence to the rock mass deformation is
high.

(ii1) The sensitivity of joint persistence to the sidewall displacement is higher than
that to the roof displacement, as shown in Figure 4.12.

4.2.3.5 Effect of joint aperture on rock mass deformations. The relation between
the joint aperture and the rock mass deformation is as shown in Figure 4.13.
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Figure 4.13. Effect of joint aperture on rock mass deformation.

It leads to the following conclusions:

81

(i) The rock mass deformation increases linearly with the increasing joint

(ii)

(iif)

aperture.

The roof settlement is more sensitive to the change of the joint aperture than
the sidewall deformation, as shown in Figure 4.13.
The sensitivity of the joint aperture to the surrounding rock mass deformation
is also influenced by the joint elastic modulus. The comparison between
Figures 4.13a and 4.13b shows clearly that joint set I, with lower elastic
modulus has higher sensitivity factor compared with joint set II.
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4.2.3.6 Comparison of sensitivity of different parameters. The previous section
discussed the sensitivity of various parameters to the rock mass deformation. In this
section, attempt is made to compare the sensitivities of various parameters within
the same domain. Since the Poisson’s ratio and the joint dip angle are non-sensitive
parameters, only elastic modulus, persistence and aperture of the joint sets are used
in the comparison study.

The sensitivity of a parameter can be measured by the sensitivity factor S, [254],
defined as the ratio of the relative deviation (dp = |Ap/p*|), by which the system’s
character p departs from a certain state of P', to the relative deviation of the
parameter, hence,

Sy(a) = | Ap/p*| /| Aojort] @.11)

A higher value of S, suggests greater effect of the parameter o on the system’s
character, P, i.e., the greater sensitivity of a. The relative deviation of o may depend
on the problem concerned.

In the comparison study below, a relative error of 50% is selected for all
parameters for the same underground cavern complex analysis in Figure 4.3.

The sensitivity factors of various parameters to the sidewall displacement, the roof
settlement and their relative deviations are analysed and summarised in Table 4.4.

It can be seen from Table 4.4 for that particular underground project, the
sensitivity order of the joint parameters to the cavern sidewall deformation: mj
(persistence of joint set I), £ (elastic modulus I), B;; (joint aperture I), Ej (elastic
modulus II), n, (persistence II), and B, (joint aperture II). n; and Ej; are the
parameters of high sensitivity and the others are of low sensitivity. Similarly, the
sensitivity order of the joint parameter to the roof settlement is: Ej;, B;i, E5, B> and
Np. E; and B;; are the parameters of high sensitivity and the rest are of low
sensitivity. The synthetic analysis on u, and u, shows that joint set I with a low elastic
modulus is the main factor affecting the rock mass deformability. A 50% of
combined error of the parameters of this joint set will result in an error of over 10%
of the rock mass deformation.

Table 4.4. Sensitivity factors of various parameters to roof and sidewall displacement.

Sensitivity factor E; i B E, np B2

Su, 0.127 0.203 0.082 0.058 0.0578 0.036
Su,, 0.241 0.077 0.118 0.075 0.013 0.047
d3Su, % 6.37 10.15 4.11 291 2.88 1.82

3Su, % 12.03 3.86 5.89 3.75 0.66 2.34
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It should be noted that the above conclusions have been drawn on the basis that
each basic parameter varies independently. The interactions between the parameters
have not been considered. A more comprehensive study of sensitivity can be
conducted by coupling the present method with a parameter interaction study, e.g.
the Rock Engineering System approach [1-3]. Nevertheless, the present method is
usually sufficient to quantify the sensitivity of various parameters.

4.3. SENSITIVITY ANALYSIS OF ROCK MASS PARAMETERS
ON DAMAGE ZONES

This section discusses the sensitivity analysis of the rock material and joint
parameters on the magnitude of the damaged zone. The rock material parameters
and the rock joint parameters are regarded as dependent variables in the analysis.
The stability criterion is based on the magnitude of the damaged zone. The
engineering case used is the same cavern complex project as the previous section
(Figure 4.3).

4.3.1 Failure criterion for the equivalent jointed rock mass

The principle for analysing the deformation equivalence of the jointed rock mass
is similar to that discussed in the previous section. However, each finite element
includes at least one joint. The finite element may have several possible failure modes
or damage patterns including: plastic flow (or shear) of the rock material, tensile or
shear failure of joints. The rock mass is considered having been damaged, if any of
these phenomena takes place.

Drucker—Prager criterion is used to judge if the plastic flow (or shearing) of the
intact rock occurs,

V3singl, +3y/3 +sin’¢ - /Jo — 3v/3ccosp > 0 (4.12)

I, and J, are the first invariant of stress tensor and the second invariant of stress
deviator respectively, and ¢ and ¢ are the cohesion and the frictional angle of the
rock block.

The tensile or shear failure of the joint planes in the rock mass follows the
criterion of

—0=0 } (4.13)

1l = oteg) + C;
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o is the normal stress on the joint plane (negative sign stands for tension); |t| is the
absolute value of the shear stress on the joint plane; c and ¢’ are the cohesion and
friction angle of the joint plane of failure. ¢; and ¢} are calculated through weighted
mean method taking account of the cohes1on and frlctlon angle of the existing joint
and the rock block as well as the joint persistence.

4.3.2 Sensitivity analysis of an underground cavern complex

The sensitivity analysis is to study the effect caused by the error in the rock mass
parameters on the damaged zones of the underground cavern complex. The
underground cavern complex comprises the main power cavern, transforming cavern
and tailtrace surge cavern, as shown in Figure 4.3. Details of the project are outlined
in the Section 4.1.2.

The single-parameter approach is adopted for the sensitivity analysis [255-261].
The method allows each parameter to vary at a time within a possible range, and
then derives the corresponding variation of the damage zone in the surrounding rock
mass.

In order to compare the sensitivities of all the parameters, the dimensionless
sensitivity factor is defined as:

S(k)émax{ <Akmi2*— A*) (A* _Afkmln>} (414)

where S(k) is the sensitivity of the parameter k, A* is the area of the damaged zone
corresponding to the basic parameter set, Ay max and Ay i, are the maximum and
minimum areas of the damaged zone within the error domain of the parameter k.
The definition of the sensitivity factor here is not the same as the one defined in the
previous section.

The sensitivity analysis is aimed at the following parameters: rock material elastic
modulus E,, Poisson’s ratio v,, cohesion C, and internal friction angle ¢,; rock joint
E;, uj, ¢;, ¢;and dip angle oy, persistence 1; and specific width ;. The basic values and
error ranges of the parameters are summarised in Table 4.5.

4.3.3 Result and analysis

4.3.3.1 Effect of parameters on damaged zones. The relationship between param-
eter’s error and damaged zone area has been obtained through computation.
Examples are given in Figure 4.14 showing the relationships between the main
parameters (C,, ¢, and E;) to the damaged zone area. The values of the parameters
and the damaged zone area are normalised according to respective basic values.
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Table 4.5. Basic value and error range of parameters.

Parameter E, (10°MPa) v, C.(MPa) ¢, () Ej (10°MPa) v ¢ (MPa) ¢, () o ()

Basic value 58.0 0.21 2.5 48.0 5.0 0.23 0.1 24 70
Error range 46.4 ~ 0.168 ~ 1.5~ 28.8 ~ 1.0~ 0.184 ~ 0~ 19~29 50~90
69.6 0.252 2.5 67.2 9.0 0.276 0.2
Parameter nji B (%) Ep 7 cp (MPa) ¢ () o (0) N2 Bp (%)
(10> MPa)
Basic value 0.6 3.2 14.0 0.23 0.1 24 110 0.6 3.2
Error range 0.4~ 1.6~48 28~ 0.184~ 0~0.2 19~29 90 ~ 04~ 1.6~48
0.8 252 0.276 130 0.8
S
18} (@)
16}
L 3
<14}
< 12}
1.0}
0.8}
0 | | ] | | o
0.40.81.01.21.4
CJ/C*
a r
18k (b) 18} (c)
16}F 161
14 <14
<40k <12}
10F 1.0 _\_._‘_
0.8} 0.8~
0 1 1 | 1 | _ 0 | | | | | >
04081.01.214 04081.01.21.4
OO S ST

Figure 4.14. Effects of rock mass parameters on damaged zone area.
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It can be seen from Figure 4.14 that the damaged zone area increases linearly with
decreasing ¢,, while it increases abruptly with decreasing ¢,. Therefore, special
attention should be paid to ¢, with respect to rock stability. The decrease of the joint
elastic modulus also results in the increase of the damaged zone area. But its
sensitivity is much lower than that of ¢, and c,.

4.3.3.2 Comparison between sensitivities of various parameters. Based upon the
error ranges of parameters listed in Table 4.5, the sensitivity factors of all the
parameters have been obtained as defined by equation (4.14). The sensitivity factors
are summarised in Table 4.6.

A parameter with a sensitivity factor greater than 0.2 (§>0.2) is defined as a
highly sensitive parameter. S > (.2 means that 20% of the apparent error in damage
zone area is resulted from the parameter error. A parameter with 0.04 < S < 0.2isa
moderately sensitive parameter. A parameter of S < 0.04 is considered non-sensitive
parameter. From the results, each parameter can be arranged from high to low
sensitivity as follows:

Highly sensitive parameters: ¢,, ¢, (high to low)
Moderately sensitive parameters: E;;, n;1, Ep, and o;; (high to low)
Non-sensitive parameters: B;i, v,, N2, B, £ %o, Vi, ¢, $j1, Vi, ¢j2, and ¢jo.

The results show that the strength of the rock material is the most critical factor
affecting the damaged zones in the surrounding rock mass. Particularly, the internal
friction angle, ¢,, is the most sensitive parameter. On the other hand, the deformation
parameter of the rock material has little effect on the damaged zone.

The deformation and geometry properties of the joints have certain effects on the
size of damaged zone in the surrounding rock mass. The comparison between
various parameters of the same joint set shows that the elastic modulus is the most
sensitive parameter, the persistence and dip angle have almost the same sensitivity
factor. The Poisson’s ratio is non-sensitive. As in the previous sections, the effect of
joint parameter with a lower elastic modulus on the damaged zone area is larger than
that of the joint set with a higher elastic modulus.

Table 4.6. Sensitivity of various parameters.

Rock S(Er) = S(Vr) = S(Cr) = S(d)') =
parameter 0.014 0.035 0.264 0.837

Joint set T S(E;)=0.101 S(v)=0 S(c;)=0 S(b)=0 S(a;1)=0.047 S(n;;)=0.053 S(B;)=0.036
Joint set I S(E2)=0.051 S(vp)=0 S(cp)=0 S(bp)=0 S(a)=0.034 S(n;)=0.035 S(B)=0.010
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The computation results also show that the joint strength parameters of ¢; and ¢;
have no effects on the damaged zone, which can be explained from the following two
aspects:

(i) Under the given in situ stresses of o,=13.3MPa and c,=9.5MPa, the
damage of the surrounding rock mass mainly behaves yielding flow and only
slight damage takes place along the joint plane.

(i) With the joint persistence at 0.6, rock mass strength is governed by
rock material properties rather than those of the joint. Therefore, the effect
of the change in joint strength parameters on the damaged zone is not being
reflected.

4.3.4 Summary

(1) The strength parameters of rock materials are the main factors affecting the
size of the damaged zone. When there is a 20% relative error in ¢, and c¢,, they
will produce about 83.7% and 26.4% increments in damaged zone areas,
respectively. Therefore, careful assessment of the two parameters is important
to control damage zone. Strength reinforcement such as systematic rock bolts
can be applied to reduce the damaged zone.

(i) The elastic modulus of the joint set I also affects the damaged zone area in the
surrounding rock mass considerably. The existence of weaker joint set has
greater effect on rock mass stability, and vice versa.

(iii) The effect of the geometric parameters of joint sets on the damaged zone area
is relatively low and often can be neglected.
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Chapter 5
Stability Analysis of Rheologic Rock Mass

Rocks and rock masses often exhibit rheologic behaviour, especially weak and soft
rocks or highly jointed rock masses. Rheologic behaviour is the time-dependent
characteristics of the material deformation and strength [262-275]. For example, the
deformation of a rock mass may increase under a constant loading with time
elapsing, i.e., creep effect, and the strength may decrease. In the case of underground
works, the phenomenon is often found that due to the rheologic behaviour, the
loading on support elements gradually increases, leading to the final failure of the
system [276-286]. In the vicinity of an excavated opening, weak rocks or jointed
rock masses can creep and deform visco-elastically [287-301]. Often, stresses in the
surrounding rock mass exceed the rock strength, causing the rock mass to become
visco-plastic and increasing the visco-plastic composition in the total deformation
[302-306]. The understanding of rheologic characteristics is important to the design
of underground excavation and support. The reinforcement and support design
for the rheologic rock mass must take into consideration the visco-elastic and
visco-plastic deformation.

5.1. RHEOLOGICAL MECHANICAL MODELS FOR ROCKS AND ROCK MASSES

There are two basic approaches to study the rheological phenomena of a rock mass.
The first approach is from the macro point of view to study synthetical and
mechanical behaviour of the rock mass by taking a large volume to represent the
whole rock mass containing adequate quantities of discontinuities [17-19,307]. The
second is to study the intact rock material and discontinuities individually and then
to assemble them together [15,20,21]. Here, emphasis is laid on the first approach.

There are three basic ideal bodies for common rheological mechanical models:
Hooke’s elastic solid, Newton’s viscous liquid and St. Venant’s plastic mass
[264,291]. In the rock mechanics, these basic bodies are often used to model a variety
of rock masses and to simulate different rheological characteristics of the rock
masses. Table 5.1 summarises the common rheological models of rock mechanics. It
should be noted that all the models are linear. The stress—strain curves of the models
describe the relationship between deviator tensors. The equations are mainly
applicable to the uniaxial loading state. The equations that describe multi-axial
loading state can be derived through the superposition theorem.
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Table 5.1. Typical mechanical model, formula and rock type.

Model Model illustration ~ Formula Rheological type Rock type

Hooke (H) o= Ese Elastic Hard or relatively hard rock

Newton (N) c=2n¢ Viscous Soft rock

St. Venant (V) c=90 Plastic Soft rock or rock under high
confining pressure

Kelvin (K =H/N) o =2Ge+2n¢ Visco-elastic Most medium to soft rock
(elastic post effect)

Maxwell M =H —N) o+ %c’r =2ne Visco-elastic ( plastic) Halite under long-term load

Prandtl (P=H-V)

Poynting-Thomson
(PT=H/(H - N))

Bingham (B=H — (N/V))

Burgers (Bu=M —K)

Schofield—Scott—Blair
(SSB=K — (M/V))

SRR R

o=FEewheno <0
6 = E(e—¢,) when 6 > 0

nm
G+GM0

GM +GH .

=2GH —nM:

GHe + M nMée

c :nEs when ¢ < 0
G+ap6:9+2np's
when ¢ > 0

M K
G+n (Gy +Gg)+nm GM(-S

Gy Gx
NyuNk ..
MUk

o4 Gy, + Ggn, + Gy 5

Gy Gy
npnl(
GM K

. ng ..
+G G o=m (8+GK5

2
6:9+2npé+7npnké'
Gk

Elasto-plastic

Visco-elasto-viscous

Elasto-visco-plastic

Visco-elastic ( plastic)

Elasto-visco-plastic

or rock at depth

Rock under certain confining
pressure

Medium strength rock and
most sedimentation rock

Soft rock and soil under high
confining pressure

Soft rock such as clayed
shale, mudstone

Halite under long-term load

Note: ¢ — deviator component of stress tensor, ¢ — deviator component of strain tensor, G — shearing module and 1 — viscosity factor.

06

¢ 123dpy )
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From the testing results on the rheological characteristics of most rock materials, it
can be seen that the constitutive relations of rocks and rock masses are all non-linear.
This is reflected in two aspects: firstly, the rheological mechanical parameters, such
as G, n, E and v are not constant but the functions of stress level and/or time; and
secondly, strain, stress and their rates are also related non-linearly [19,194,308,309].
The universal constitutive relation of rocks and rock masses can be expressed as

a(o,)(6)™ + b(o,)(6)™ + c(o,1)(6)"
=0+ a(c,1)(e)™ + PB(o,0)(E)"™ + y(o,0)(E)" .1

where ny, n, . .., n, are all positive, 0 is the threshold value of stress at which the rock
material enters the plastic state.

The above non-linear constitutive relation can be used provided that all
parameters concerned are available by sufficient testing of rock behaviour, i.e., the
functional factors such as a(o,f) and power values n, of stress and strain can be
obtained. However, it is difficult to determine so many parameters or variables as the
rheologic tests are time consuming. In practice, simplified linear models are often
adopted for engineering applications [308,309]. Equation (5.2), for example, is a
common constitutive rheological model adopted in rock mechanics study to simulate
a variety of rocks:

ac + b6+ c5=0+ac+ e+ yo6 (5.2)

where a, b, ¢, 0, a, B, y are specially defined as constants. It can be seen that the
mathematical equations of various rheological mechanical models in Table 5.1 are
in fact special cases of equation (5.2) or different combinations of equation (5.2).

5.2.  VISCO-ELASTIC SURROUNDING ROCK MASS AND
SUPPORTING PROBLEM

Most rock masses involved in underground engineering exhibit characteristics of
visco-elasticity to different extents except some very hard and massive rocks [194,308].
It is therefore of paramount importance to study the behaviour of the visco-elastic
rock masses. Nowadays, numerical analyses including finite element method (FEM)
and boundary element method (BEM) have been widely used to study the stress state
of the surrounding rock masses. Nevertheless, it is still of great significance to use the
analytical method as it provides theoretical solutions in limited forms. The final
expression of this method contributes to direct understanding of the problems under
consideration.
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5.2.1 General solution for circular visco-elastic media

In this section, the excavated opening, the support lining and the surrounding rock
mass are treated as a generalised two-dimensional problem. They are assumed to be
homogeneous, isotropic and of finite deformation.

A triple-element model of visco-elasticity (Figure 5.1) is adopted. It is equivalent
to the Poynting—Thomson model (see Table 5.1). Assuming that the deformations of
each element have their own independent physical equations and the Poisson’s ratio
is constant, then the rheological physical equations for the plane problems can be
expressed as [8,52]:

T+ 0t =Gy+ny

. 3v . v .
6z + Oc, _ZG(sz—i- I _2V8> +2n<sz+ I _2V8>

. 3v . 3v . (5.3)
cx+®cx_2G<8X+1_2V8)+2n<sx+l_2ve)
oy 1+ 06y =26 1o ¢
Y YT I TN Ty

where Gy, Gy, 6, and T are the normal stress rate and shear stress rate along the
directions of X, Y, Z; &y, €, and y are the normal strain rate and the shear strain

[P

Figure 5.1. Rheological model of triple-element.
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&0

Figure 5.2. Coordinate system of circular medium.

rate along X, Z; © is the relaxation time, G is the elastic shear module (infinitesimal
loading rate) and m is the viscosity of shearing deformation.

Writing equation (5.3) in the form of integration equation and substituting it into
equilibrium equation and considering geometric equation, one can obtain the Volter
integration equation set of the second type with the body force neglected. The
equation is integral. The components of the stress in a circular medium derived
from the general solution can be expressed in polar coordinates [8,52], as shown in
Figure 5.2:

U(t) = % {(1 —2V)C(1) + (S + [a’l(z)(S _ 4V)Slné
Chi(0S® — (1 — 4)Ci(1)g + d«t)ﬂQl((p)
+ 3 [ an)s” = sy (572
n=2

+ G0 + 1 05|00 (54

W (1) = i {a’l(t)S[G - 4V)Sln§ + 1} + bi(D)S® + (5 — 4V)Ci(Dg + di (g~ }

do(e) , r ¢ " "
(20 +%§[Bz,n(v)an(x)s +by(H)S"

dQ,(9)
d

¥ By(WCog + d,,(z)qH] (5.5)
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o,(1) = KT{[C)(1) — by(1)S*] + (3 — 2v)Sa) (1) + 2b1(1)S® — 2C1(1)q]O(9)}

+K(1 - KT)/ {[C{)(t’) — by(£)SH+[(3 = 2v)Sd, (') + 2b1(¢)S* — 2C1(1')q]

x 0(¢)}eX=df — KT x i [n(n — D)(n+2)a,(1)S" — n(n+ 1)b,(1)S" >
n=2

—n(n+ 1)1 = Den(Dg" — n(n — Ddn(0)g">]0u(@) — K1 ~KT)Y / [n(n—1)

n=2 Y10

x (14 2)ay(1)S" — n(n+ 1)b,(1)S"™ — n(n + 1)(n — 2)ea()q"
—n(n— D)d,(1)q" ] Qu(@)eX " —dr (5.6)
oy(t) = KT{ [C{](t) — bf)(t)Sz] — [(1 — 2v)a’l (0)S + 2b; (t)S3 + 6C1(t)q]Q((p)}

+K(1—KT) / I {[Co() + by(1)S?] = [(1 = 2v)d(£)S +2b1(£)S* + 6C1(1)q]

x O()}eX=dr + KT i [n(n — 1)(n + 2)a,(1)S" — n(n + 1)b,(1)S"
n=2

— (4 D +2)Co0)g" — n(n — D)4 ] 0u(@) + K1 = KT) Y / [n(n— 1)

n=2 Y10

x (1 — 2)an(£)S™ — n(n + )b,(£)S"™ — n(n + 1)(n + 2)Cou(t)q"
—n(n— Ddy(1)g"~*]Qun(@)e " ~"dr (5.7)

o,(1) = KTv{2Co(1) + [2a1(1)S — 8C1 (g1 0(0) }

+K(1 —KT)v / t [2Co(1) + [2a1(£)S — 8C1(1)q1Q1(9)eX " di — KTv

X i [4n(n — D)an()S" + 4n(n + 1)Cu(1)q"|On(9) — K(1 — KT )v
n=2

X i /[: [47’!(7’1 — l)an(l’)S" + 41’1(7[ + 1)Cn(t/)qn]Qn((p)eK(t’ft)dt/ (58)

W()=KT[(1=2V)a1()S=2b:1(1)S’ +2C1(t)q]‘dc1Q(<(P(§)

K0 =KT) [ [0-29a0)5-20,0)5" #2010 LRt
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FRTS [0 = Dan()S" — 1+ Dby(OS™ - nn+-1) x Cu(0+ (1~ Dy (0]
n=2

Xden(\(()(P)_|_K(1—KT)”§2:/l:[n(n_1)Xan([/)S’?_(I/l+l)bn([/)SthZ_’_n(n_i_I)Cn(t/)qn

+n(n— 1)d,,(t’)q”‘z]LQd"q()(p)eK("")dt’ (5.9)

Aen(V) =n[n+2(1 =2v)]  Apu(v) = nln = 2(1 = 2v)]

B.,(v)=n+4(1—-v) By,(V)=n+4(1 —v)
ay(1) = [a, (1), a,(1)] bu(t) = [b,(0), b, (1)] (5.10)
Cu(1) = [C(1), C (D] dn(1) = [d, (1), d (D]

0n(@) = (cos np, sin ne) 01(¢) = (cos @, sin )

where
R() r
== = —234...
S . q R, n .3,
1 . . .
K= ® (reciprocal of the relaxation time)
T :% (time of post-elastic behaviour)

The functions of cos @ [with coefficients of a,,(¢), b,(¢), C(¢), d,(¢)] and sin ¢ [with
ay(t), b (1), C (1), d,,(1)] are determined from the boundary conditions.

Applying the previous equation sets describing the components of displacement
and stress, one can solve all problems (which can be expressed by the Fourier series)
with visco-elastic medium boundary conditions.

5.2.2 Interaction of visco-elastic surrounding rock mass and elastic lining

Long tunnels at depth can often be treated as plane problems for stability analysis.
When the overlying depth (H) is greater than 30 times of tunnel radius, the
gravitational field can be replaced by the stress state in an infinite plane
approximately, as shown in Figure 5.3. The initial vertical stress is P, = ypH and
horizontal stress is P, = A P, = AypH. H is the overlying depth, y is the unit weight
and A, is the lateral pressure coefficient.
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S S S/
P,=y,H

z
i1
— = ="

o= e e - —— -—

x ¥

Figure 5.3. Plane problem of tunnel stability analysis.

Before excavation, the undisturbed rock mass is generally in an elastic state.
According to the theory of elasticity, its initial stress state is

6@ = —1p.[(1 +21) — (1 = 1) cos 20]

iy = —3p-l(1 + M) + (1 — A1) cos 20]

(5.11)
Gf()) = _7\'1172
) = —1p.(1 —\)sin 20
and initial displacement components are
v = 4_—C;2(1 — A)roH(1 — cos 29)
 — i (5.12)
Weo = (1 —Xp)roH sin2¢
’ 462

@ _
14 = 0

If an opening is excavated, the initial stress state around the opening periphery
can be described as: (r=a), Sg)z) = ng)(c 5,’28, G&é, Gf()), 162), U%’ Wff()), VEZ())) Such
a disturbed stress state does not meet the boundary conditions, and a compensating



Stability Analysis of Rheologic Rock Mass 97

stress state, S@, is produced in the same area. The new stress state, Sf2), is the
summation of the above two stress states, i.e.,

2 2) (2 (2 (2 2 (@) 2 A~ 2 2 2 7,2 2 @
S( )(052,69L,6§ l),‘L’( ) Uﬁg,Wet,V( )) Sy (G,O,Geo, Gy0-T0 ,Ur’O,Wejo,VyQ())
2 2) ( 2 2 (2) 2
+S()<()0'e G TP Ud W V;))
(5.13)

Compared with the stress on the lining after excavation, the stress state produced
by the self weight is so small that it can be neglected. The initial stress state in the
lining, Sf)l), can be considered as zero, so

S(l)(cgl(),cgl() 0512,1(1) UglL)’ng?,V(l)) :S(l)(Ggﬁl),cgl)’cy(vl)’_[(l)vUgl)’ng)’Vl(vl))
(5.14)

When the overlying depth above the opening is sufficiently great and the initial
in situ stress state is nearly of hydrostatic stress, P,=P,=P.=y,H, then from
equations (5.11) and (5.12) we have

@ _ 0 _
o, o =0,0= ),0 =-r
=0 (5.15)
@ (@) 2
Up=Wi=V,0=0
The stress state after excavation can be derived accordingly from equations (5.4),

(5.59), (5.6), (5.7), (5.8) and (5.9). In consideration of one-dimensional axial symmetry
of the stress state, all terms relating to the polar angle ¢ are equal to zero, then

!

(=K, Tz[C{),z(t) — bo,z(z)sg] YK (1—KT) /0 [cg,z(z/) - bg’z(/)Sﬁ] x =04y
1

(=K, TZ[C{)’Z(Z) +b6,2(z)S§] FKo(1— Ko T) / Cg,z(z/)+bg’2(z/)S§] x k=g

(1) = Ky T2 Cl () + Ka(1 — Ko T) / Cl (1) =0dr

D(1)=0

U@(z)zirz[(l—zv)c’ (1) +b| (t)SZ]
r 2G2 0,2 0,2 2

wP()=0

V=0 (5.16)
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where K5, T>, G, are the mechanical parameters of the rheological characteristics of
the surrounding rock mass; S> =a/r, r is the radial distance to any point in the rock
mass from the centre of the circular tunnel.

Because the second stress state after excavation is the sum of the initial and the
compensating stress state (equation (5.13)), then

t
c@=K5&[C@0y454054+K41—K;B{A[c@ao—%gamg]fb“ﬂwf—p

!
cﬁggzKﬂakygg+%ﬂﬂsﬂ+nyf&ﬂyl[C@U}Hﬁxﬂsﬂfbwﬁwf—P

oUN=K TrCl,()+K3(1— K3 T3)/OJCé),z(f/)ekﬂ_t)dt/_P
(=0

Ufg(t)=2%;21’z [(1=20C)2(0+57,,()S3

W(H)=0

(5.17)

The stress state in the lining which is assumed to be ideally elastic can be derived
from equation (5.16). Since 0; and 7} = n,;/G; have the same order of magnitude
for the common solid materials, and 6, — 0, T; — 0 for an elastic body, then
Kl T1 = (Tl/el) — 1, i.e.,

KT =1
(5.18)
Ki(1-KT)=0
In this case, equation (5.16) expressing the stress state in the lining is

o)1) = Cf,(0) — by, (DS ]

oy ()= Cp1(0) + b, (S}

cﬁ})(z) =2viC (1)
(5.19)

7 =0

1 / /
U0 = 55n| (= 29)C; 0k, (0]

w0 =vP@)=0
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where v; and G| are the mechanical parameters of the lining; S| = ay/ry, ry is the
radial distance to a given point in the lining from the centre of the circular tunnel and
ay is the inner radius of the lining.

There are four coefficients in equations (5.17) and (5.19) to be determined;
Co.2(0), by 2(0), C4(2) and by, (), which are the functions of time. They can be
obtained according to the following boundary conditions:

i) rn—o  oR=oj+of)=-P
(i) n=a o=0 (5.20)

(i) ri=r=a
o) = o+ o3

v - uP v,
where the last term is the boundary condition of displacement, implicating that once
the lining is completed, the elastic displacement at the periphery of the opening
is relieved. The term of U fft):o)can be easily obtained using the method of elasticity
theory.

The above four functional coefficients can be obtained by simultaneously solving
the simultaneous equation set (5.17), (5.19) and (5.20) that consists of algebraic and
integration equations. And finally, the stress states in the surrounding rock mass and
the lining can be derived as follows:
for the surrounding rock mass,

O~ _pl1 Lo — b
Gr,c__ _g[ _u‘( —e )]

2
o = —P{l + - - eﬁzr)]} (5.21)
, 2

N _p O

where

of — v-a | — 1
_U-a+2G2 T-K>

2_ 2
—ay 1

a @+ (1—-2v)a

v=262
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and for the lining,

o) = —o|P(1 —e P 1 - %
re 1 V%

2
ol = —o P(1 — e—f’ﬂ)<1 + “-3) (5.22)
, 7

ol!) = —2viof P(1 — e P2")

where

o — (T2K2 — 1)[(1 — 2V])+X§] _
'K - 2v) + X2+ (1 - X2)Gl
— G] ao
G = — X = —
G, 0

K[ -2v)+ X5+ (1 - X5)G
K[ -2v) + X3+ (1 - X3)G

It clearly shows that the final stress states in the rock mass and the lining depend
upon the following parameters:

(i) the initial stress state, P
(i) thickness of the lining, Xy = a — ay
(iii) elastic shearing moduli of the lining and the rock mass, G = G|/G,
(iv) relation of post-elastic behaviour time to relaxation time in the rock mass,
K, =T1,/0,
(v) the Poisson’s ratio of the lining, v;.

The value of B, in the equation for stress states only affects the rate of transition
from the initial state to the final state but does not affect the magnitude of the final
state. The parameters that are related to B, include v, Xy, G, T>K5 and T>.

5.2.3 Interaction of rock mass and lining of different visco-elastic media

When the surrounding rock mass and the lining are composed of visco-elastic media,
but different rheological parameters, the rheological mechanical stress state of the
rock mass can still be expressed by equation (5.17). The stress state in lining can be
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expressed by the following rheological mechanical equations,
o (=K, Tl[ 0.1(0) —bb,l(t)S?] +Ki(1-K Tl)/:[ 0. (@) —b{),](t’)S%]e"l("*”dt’
oi ()= KiTi [ Cl, (0 +}, (0S| + Ki(1 = Ki ) /0 [[Ca,m +bp (1S3 ]Har
oy () =2 [K1 T\Cy (0 +Ki(1 - K Tl)/ot Cb,l(l’)} WGP,

r / /
U0 =55 (1 =29)Ch (0 +53, ()7

W= Pn=0 tV)=0

(5.23)

By assuming that the boundary condition is similar to that given in last section,
several functional coefficients in the equations of the rock mass and the lining can be
determined. The four boundary equations independent to each other are:

(1) when rp, — 00

G/(~,23 +oP=-pP (5.240)
—P+ K2T2[C6’2(l‘) + K(1 - K1) x fol Cé’z([/)eb(’/—’)d[/ =_—P ’

(i) when ry=aqg
s =0 }

KiTi[C (1) — by, O]+ Ki(1— Ky Th) x f3[Ch (1) = by (1] x 40 =0dr' =0
(5.24b)

(i) when ri=r=a
o’ = o + o0}
t
KT [ Co(0 = B (0XG |+ Ka(1 = K1 T) / [Coa®) =, ()3 x M Nar
0
t
= K> To[C 5(1) — by (D] + Ka(1 — K> ) / [Coa(1) = by 5 (] 0dr — P
0

(iv) Whenri=r,=a

1 _ 2 ®)
U =UP - U7,

a a aP
— | =2v)C, (1) + b, X2 ==2p S
26, [( Vi) 0,1( )+ 0,1(1) 0] 2G, bo,z(t) ( 2G2T2K2>
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To obtain the solutions to these four simultaneous equations, it is necessary to
solve the following second-order homogeneous differential equations,

aby, (1) + by (1) +¢by (1) = d (5.25)
where
a=KTi(1-X3)G+ K To[(1 = 2v1) + X ]
b=Ki(1 - X3)G(1 + K:T») + K> [(1 — 2v)) + X3 |(Ki T2 + 1)
= Ki K[ (1 — X5)G + (1 — 2v)) + X7 ]
- KiG(1 — Tsz)P

T,

There are three possible solutions to the integration of equation (5.25), depending
on the different values of the discriminant of A = 5> —4ac,1e., A >0, A <0 and
A =0. The main results with the derivation omitted are given below:

When A #0, the stress state of the surrounding rock mass

(2) az /it 1 Fal —kat
Ore =~ - _[ — By = Bye ‘ i ]

)
)
ng P{] + = [ B/Zerlt B// 7ol P —/wt]} (526)
Wop g
where
o (1=X3)G+[(1 —2v)) + X3 | T2 K>
b=

LK [(1 - X3)G + (1 —2v1) + XF ]

K>(1+ T»iy)
K>+ 7y

K>(1+ T»iy)
Ky + 1

By =Ci[(1—2v))+X]]

B, =Ca[(1—2v)) +X7]

c C
,,2:(1<2T2—1){[(1—2v1)+xg]<K +]? +— +2r )Kz—az}
2 1 2 2

. K(ThK— i Ky —1

Cl = = = = = = N~ )
Tz(rz — rl)c Tz(l‘z — rl){Kl T](l —XO)G+K2T2[(1 — 2V1)+XO]}

- —K(T»K>,— Di ThK> — 1

C,= -

Ts(Fr — 71)¢ (i = P{K T (1 = X5)G + Ko To[ (1 = 2v1) + X5}

7l } —b+ /b2 —4ac
2a

(5.27)
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and the stress state of the lining

) “% Y "t V okt
ot =~(1 =)ot
1

1) _ 1 aé IRt "t / ekt
Soe = — +r_2 — B = Bje

1 (5.28)
o) = ~2viGP|o — B — Bl — rie ]
75=0
where
o — ThK, — 1
' DK[(1 - X3)G 4+ (1 - 2v) + X¢]
B — aki(1+ Tif)
b Ki +7
(5.29)

"o EZKI(I + Tliz)
T Ki+h

El C2
¥, = KT, — 1)|:< =+ )Kl —a ]
! ( : K +r K +r2

When A =0, the derivation procedure is the same.
For the rock mass,

a
5]
Il
|
~v
! e,
p—
|
I\)I\)| QN
||

o — Boe™ = By(ne” — /"‘2’]}

[ B/ Pt (t)e 7 e—kzr]} (5-30)




104 Chapter 5
where

o - (1-X3)G+[( —2v) + X3 2K,
T DK[(1-X3)G + (1 —2vi) + X7]
E/I/Kz(l + Tzf) + 5/2/K2(K2T2 — l)

By = [(1 —2v)) + X7 ]

Ky +7)
, AHK(Tor" +1) ,
Bgz[(l—zvl)wﬂ]%ﬁ) (K2T2—1){[(1—2v])+xg].
Kole/(Ky +7") = ¢5] }
(Ky +77) ’
_ b
 2a
a0 _ DK, — 1
T KD - 2v) + X+ (1 - X2)G]
_, (T2K> — D"
(52=

KDo[(1—X3)G+ (1 —2v)) + XZ]
B K, — 1
DAKD[(1 - 2v) + X3+ K Ti (1 - X5)G}

and for the lining,

2
as\ —
Gg’ll) _<1 a rg>GP{O£,1 / r ! BU - 7 _klr}

1

ng— <1+ )GP{O(I / rt B// Pt / 7/(1[}

Gg{? = —2V1GP{ | — /ler_”t _ Bll/er 't rrlef/q,}
TE,I) = 0
where
_ K, — 1
T DK - )G+ (- 2v) + X
g = Ak + TiF)(K +7") + 6 KK Ty = 1)
1 (Ki +7")?
b Ky +r”
K ~ K =II\N=
¥ = (K Ty — 1){ 1[e1(Kq —i_-/rz)cz] B oc’l}
(K, +7")

(5.31)

(5.32)

(5.33)
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In some limiting cases, the above equations can be simplified. When ¢ — oo, for the
rock mass (A > 0 and A =0),

|
1S
)

O _ ,P<1 +a_2) (5.34)
0,c

‘593 =-—-P 15,2) =0

and, for the lining (A > 0 and A =0),

2
o = (1 +) 539

5.2.4 Two-dimensional stress state in surrounding visco-elastic rock mass

In most cases, the in situ stress state of rock mass is anisotropic. The magnitude of
the vertical stress generally equals to the overburden stress, i.e., directly proportional
to the overlying depth. On the other hand, the horizontal stresses vary, which can
approximately be derived using the elasticity theory adopting lateral pressure
coefficient of A =v/(1—v) (v is the Poisson’s ratio of the rock mass). Generally, it is
greater than the vertical stress, i.e., A > 1 [310-313]. Therefore it is of great signifi-
cance to study the stress state in surrounding visco-elastic rock masses for A= 1.

From the general equations (5.4)~(5.9) for visco-elastic rock mass given in
Section 5.2, it can be seen in principle that the equations can be used to solve
any boundary problems of multi-layered circular media. Of course, provided that
the lining is circular in shape and composed of a visco-elastic medium while the
surrounding rock mass is composed of another visco-elastic medium, such two-
dimensional problem can be solved, even for initial in situ stress with A#1. The
solving procedure is tedious. For this reason, this section only deals with a simple
case of two-dimensional problems, i.e., the variation of the stress state in the rock
mass with an unlined opening.
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In this case, the terms with subscript 1 in equations (5.4)—(5.9) are zero, i.e., the
first circular layer does not exist. The basic equations are given as follows:
For stress components,

o, =KT[c)(1)—by()S*+K(1—KT) /0 Z [co () —by(£)S* ] =d e
— {KT[8a2(1)52 —6by(1)S* —2d(1)]+K(1—KT) /0 t [8ax(1')S* —6b(1)S* —2ds(1)]
xef«f—»df}cosz(p
co=KT[cy(t)+by(1)S*+K(1—KT) /0 [ [co(!)+by(£)S ] =d Y
— {KT[—6b2(t)S4 —24cy(1)q> =2dr ()] +K(1—KT)

!
X f [—6b2(/)s4—24cz(z/)q2—2d2(z’)]xek“’-“dﬂ}cos 20
0
6,=V(0, . +00,)
1=—2{KT[2ax(1)S* —3b2(1)S* +6¢2(1)q* +do(1)¢"]

!
+K(1—KT) / [2a2(/)s2—3b2(/)s4+6cz(z/)q2+d2(/)q°]ek<f’—f>dz'}sin 20
0

(5.36)

For displacement components,
U, Z% {(1=2V)eo (D) + by (1) S* +[8(1 — V)ax(1)S* — 2b2(1)S*

+8V e2(0)q” + da(1)gl} cos 29

Wo= _%{4(1 —2V)ar(1)S? +2b2(1)S* +4(3 = 2V)ea()g + 2do(1)g"} sin 2
VvV —v , ) 2
V,= —my{%o(t) — [8a2(1)S” +24¢2(1)g” | cos 20}

(5.37)
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For strain components,

. oU ,
T o
= E {(1 — 2\/)06([) — bi)(t)Sz _ [8(1 _ V/)az([)Sz B 6b2(l)S4
—24V ey (1) g — 2d2(l)q0] cos 2¢}
10w, U,
89 = —— + -
r oQ r
1
=5 {(1=2V)e)(1) + by(1)S? + [8V'ax(1)S* — 6b(1)S*
—24(1 = V)ea(t)g* — 2dz(l)q0] cos 2¢}
€=¢g + &
1
26 {201 = 2v)c(0) — [8(1 = 2v)ax(1)S? — 24(1 — 2v)ea(1)g*] cos 20}
ow, W, 1aU,
2r = Tty

or r +r op
-1

e {8ax(1)S* — 12b5(1)S* + 24c5(1)g* + 4ds (1)} sin 2¢
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(5.38)

The above equations indicate that the undetermined coefficients of c;(¢), b;(¢) only
exist in the terms with » =0 (without trigonometric functional terms), whereas those
of ax(t), by(t), cx(t), dr(f) only exist in the terms with n=2. Therefore, these
undetermined coefficients can be divided into two groups with respect to boundary
equations, i.e., a group of n=0 and a group of n=2, which can be conveniently
solved. The equations for solving these coeflicients for the following boundary

conditions are given below:

(a) When r=a,

Gy, = O + Gro = 0

c(n=0)=0
cr(n=2)=0
T=174+719=0 n=2)

(b) When r— oo,

Gr,c(n = 0) =Gro (l’l = 0)

Ore = Or & 00 = Oro { Gr(n=2)=0, (n=2)

T.=T+ Ty n=2)

(5.39)
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Hence, six simultaneous equations can be given according to equation (5.36) and
the above boundary conditions:

whenr=Ry=a,

Ry a r a
S:—:—:l = — = 0
r a 1 Rl R1—>OO_)
(G,‘,C,I’ZZO)

KT [cy(1)—by()]+ K(1— KT) /0 t [co() = by(2)]e" —0de —%pz(l +2)=0
(Gren=2)
— KT [8ax(1) — 6b5(1) — 2dx(1)] — K(1 — KT') /0 , [8ax(') — 6b2(1') — 2d(1)]

x =gy -i-%pz(l —A)=0

(ten=2)

—2KT[2ax(1) — 3b5(1)] — 2K (1 — KT') /0 t Rax (1) = 3by(£)]e " ~Ddr —%pz(l —A)=0

when r=R; — 00

R() a r R]
r R1—>oo_) 1 Ry R
(Gr,c,n:O)

KTey(t)+K(1—KT) /0 ’ () dr —%pz(l +M)= —%pZ(HM)
(Cre,n=2)

2KTdy(t)+2K(1 —KT) /0 l do (1) =0dr +%pz(1 ") =%pz(1 M)
(te,n=2)

—2KT[6¢:(t)+ do(1)] — 2K(1 — KT') /0 [ [6¢2(1) 4 do ()]~ dr —%pz(l ")

1
=—5p(1=0)
(5.40)

The coefficients in the form of a function can be completely determined from these
six simultaneous equations. The explicit formulae of the coefficients can be obtained
by converting the above integral equations into differential equations in accordance
with the initial conditions. Then each component of the stress state is divided into
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two parts: static and rheologic. The latter is related to deformation rate. The two
expressions for each stress component are shown below, the superscripts of s and r
stand for static and rheologic respectively:

for radial stress,

Cre= Gf’,c + G:,c
S 1 —t/T az 1 /T a2 a4
cr’C=—2p2(1+7»1)|:1—(1—e i )rz]+2pz(l—xl){1—(1—e t )<4r2_3r4 cos2¢

e T, (l—me—’”( AL )cosZ(p

(5.41)
for tangential stress,
s 1 —1)T a 1 —t/T a'
Gpe=—7P:(1+A)| 1+ (A —e )= —sp(1 =A)| 1 +3(1 —e ") —|cos2¢
: 2 T 2 r

r

1 a 3 at
Ch. = _EPZ(I + 7»1)67’/Tr—2 — EPZ(l — %l)e”/TVTcos 20

(5.42)
for shearing stress
1 2 4
= —p(l =) 1+ —e )24 — 3% ) | sin2¢
2 2 s
(5.43)
1 2 4
= —3p(1 - xl)e—’/T(zj—z — 3‘:—4> sin 2¢
The displacement components after excavation surrounding the opening are:
KT -1 _,r a2
U,= G 1)( —x7 ¢ " (1 A1)
2 4
( e T) [4(1 ) - “—4] C0s 20 (5.44)
2o
P KT -1 1 a4
W ~ac 1)( T e 2(1 — 2v) 2 s1n2(p
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Figure 5.4. Variation of stress components in surrounding rock mass with time at roof (¢ = 90°) and
sidewall (¢ = 0°).
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Figure 5.5. Variation of radial displacement of the opening periphery with time at roof and sidewall.
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Figure 5.4 plots the variations of the tangential stress with time at two points of
the circular opening (¢ = 0° and 90°), given A; =0.5. The curves for the static and the
dynamic components are plotted separately.

Figure 5.5 shows the variation of radial displacement with time at the same points
under the same condition as in Figure 5.4, given KT =1.25.

5.3. INTERACTION BETWEEN THE VISCO-ELASTIC-PLASTIC
SURROUNDING ROCK AND LINING

This section studies the interaction between the visco-elastic rock mass within plastic
zones and lining.

5.3.1 Stress state in plastic zones of rock mass

The occurrence and configuration of plastic zones in the surrounding rock mass are
often non-symmetrical and they depend on the rock mass characteristics and in situ
stress. However, in order to give an explicit equation using analytical method, some
assumptions are made to simplify the solutions. As a typical condition, in situ stress
field is isometric, and the surrounding rock mass is homogeneous, isotropic, visco-
elastic and continuous.

Such a problem can be treated as a symmetrical one. If the plastic zone is assumed
incompressible, then the expression for strain state, when using polar coordinates,
becomes very simple:

€p + & = 0

du u (5.45)
g =— g9 = —

dr

Rearrangement and integration of the above two equations yield:

=20 40 40 (5.46)
r I I

Given that the physical equations of the medium within the plastic zone are

Gg—G:2M89} 547)

o, — o =2Me,

where o is the average stress.
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Based upon experimental data available and Mogi’s criterion [128], the plastic
condition of surrounding rock mass can be expressed as

Toct =/ (01 + 03 +00))

Because of symmetry,

1
Om 25(61 + 63 + ©3) = P = const

then

o1 4+ 03 + 0o, = const

(o1 — 62)* + (02— 63)° + (03 — 61)° = K = const

Also for a symmetrical problem

G1 = Op

By substituting equation (5.47) into equation (5.48), we have

By substituting equation (5.49) into equation (5.47), it gives

Therefore,

O3 = O G2 = Oy

—-K

M=—"
2\/68@

Go

o,

O —

-G K/’
Ve
K
V6
—2K,
o, =
NG

The equilibrium equation of the plastic zone is

r

do,
dr

+Gr_69:0

|

(5.48)

(5.49)

(5.50)

(5.51)

(5.52)
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The load applied to the lining at the opening periphery (r=a) is o) (#). By
substituting equation (5.51) into (5.52) and through rearrangement and integration,
the stress components in this area are:

o) =L +oll, (1)
(5.53)
2K
(1) = 7" (1 +1n 2) +o (1)

5.3.2 Interaction between surrounding rock mass and lining

The area beyond the plastic zone in the surrounding rock mass is still in visco-elastic
state. The stress field can be determined using the method stated in previous sections,
i.e., the new stress field (S 5,3)) after excavation is the summation of the initial stress
field (") and the compensating stress (S ) field:

SO =5y + 50

where the initial stress field is the same as in equation (5.23). The compensating stress
field can be simplified because of axial symmetry. The global components of the
stress state are

t
SO =Ks T3 Coa(0=0, (03 |+ K (1= Ka ) /t [ Coal) =By ()53 ] ~dr P
0
3 ! /
o) =K:Ty [C6’3(1)+b6,3(t)5§]+1<3(1—K3 Ts) / [cgm(z/)+bg,3(z/)s§]ek3<’ ~0df — P
fo

!
GSZ([):K3 T5 C6’3+K3(1 —K3 T’;)/ C6’3(l‘/)€k3(1/_l)d[/—P
fo
t3(1)=0
3) 1 / b 2
UR0=57s [(1=29Ch (045,053
=0

(5.54)

where K3, T3, Gy are the mechanical parameters in the visco-elastic area of the
surrounding rocks (as illustrated in Figure 5.6); S35 = R/r3, R is the radius of
the plastic zone and rj is the radial coordinate of the point under consideration.




114 Chapter 5

/ N Visco-plastic zone

=

— o

Figure 5.7. Synthetic rheological mechanical model for plastic zone, visco-elastic area and elastic lining,
where G — BK),; B — constant related to the frictional coefficient of rock block; A — visco-elastic area;
B — plastic zone; C — lining.

The lining material is assumed to be a Hooke’s elastic body, its basic equation is
the same as equation (5.23).

The synthetic mechanical model for the plastic zone, visco-elastic area and elastic
lining can be described approximately using the diagram shown in Figure 5.7.

Each coefficient in equation (5.54) can be determined using the following
boundary and physical conditions.

(a) At an infinite point, i.c., r3 — 00

3
o

=-P
(b) On the inner boundary of the lining, i.e., r| = ay,

oD, =0

r=dan
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(c) Along the interface between the lining and the rock mass, i.e., ry =r, =a, and

provided that the lining is applied with the moment of ¢ =1t;, then

v =y®_y®@

r(t=ty)

(d) Along the interface of visco-clastic and plastic zones, i.e., r»=r; =R,

For plastic condition

-2
(3) 3) _
69 — 05. ) = %Kp
For condition of continuous displacements
v =u®

(5.55)

Based upon the above boundary conditions, the corresponding equations can be
given. By assuming that the time for applying lining is ¢t = ¢, the excavating time is
to=0 and solving integral and algebraic equations in connection with equations
(5.54), (5.23), (5.45) and (5.55), functions of C (1), C (1), by (1), by 5(1) and A(7)

can be determined. They finally give the stress components:
For the lining

GR? K,(0K3T3 — 1)
Mgy = — » 3 ~0/Ts _ ,~1/Ty(] _ §2
o) = @2[(1-2v)+ X2]  V6K:Ts (7 = = 51)
GR> K,(8K3T; — 1)
My 4 343 —1/Ts e 2
fH=— VT 1+5S
% () P[1=2v)+ X2]  JoK: T N ¢S
G(l)(l) __ 2V1GR2 Kp(8K3 15 — 1)(e_II/T3 _ €_I/T3)
Y A2[(1=2v)+X2]  V6K;T;

where G =G /G35 is the stress state in the visco-elastic zone, when r > R,

o)1) KTK, 1 R %
" =+ p[l—i—l—KTe’m}j:Kl—KT/p
cg%z,m} N R < e R A

1 —1'/Ts Rz K({'—1t) 34
X |:l+ﬁ(l—KT)e 2 ¢ di — P

3
ol =-P

(5.56)

(5.57)
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For the plastic zone

IR 2
o) = _2ﬁlnf __OR(1- X)) X Ky(K5Ts — 1)(e—n/T3 — Ty
" NI (TR DS G RN T
2K, GR*(1 — X? Ky (K3T5 — 1
(5(92)([) — 7 (] + 11’11) - ( 0) . > p( 343 )(e_[l/T3 _ 8_1/T3)
Vo @ @[(1-2v)+ Xj] V6K T

(5.58)

Given c))(r) = 612(r), then the boundary, R, between the visco-elastic and plastic
zones can be obtained from equations (5.53) and (5.57),

R = aexp [% (cgi?(z) - cf.?},(z))] (5.59)
P

It can be seen from the above equations that the loading on the lining is a function
of (a) the plastic zone size (R) at the time when the lining is applied (7;), (b) the ratio
of the shearing moduli of the lining and the rock mass (G), and, (c) other related
physical, mechanical and geometrical parameters of the lining and the surrounding
rock mass.

5.4. STRESS STATE IN VISCO-ELASTIC-VISCO-PLASTIC SURROUNDING
ROCK MASSES

The preceding section discussed the stress states in the surrounding rock mass and
the lining when there exist plastic zones. The plastic zone is time-dependent, in other
words, the plastic zone is visco-plastic, whereas the rock masses at further distance
still behaves visco-elastically [320-323]. This section discusses the interaction
between the surrounding rock mass and the lining under such condition. Figure
5.8 shows the mechanical model of the whole system. The mechanical equations for

T
:

. . . . L.
Visco-elastic zone Visco-plastic zone  Lining zone

Figure 5.8. Mechanical model for the surrounding rock and the lining.
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the visco-elastic rock mass and the lining zone are the same as that given in the
preceding section; and the stress in the visco-plastic zone consists of two parts, i.e.,

@ =c? 4@ (5.60)
where the first part, 6@ is the stress component of the Maxwell medium, and the

second part, c@" is the stress component of the St. Venant medium. The physical
equation for the Maxwell medium is

(62 —o) o (67— o) -5

€g — €= +
2 2G
M2 2 (5.61)
(6P -6W)—6 (6@ -6V¥)-0¢
ér _ é — T r + r T
2n, 2G,

in which o is the average stress, & is the average stress rate, € is the average strain
rate.

The general solutions to the differential equation of (5.61) can be obtained. The
assumptions similar to the last section are made and the visco-plastic zone is
approximately regarded as an incompressible medium. By applying the solutions of
equations (5.45) and (5.46), equation (5.61) becomes:

A() A(r) A(r)
u=—>= g = -

p 0=—73 r=——3 (5.62a)
hence
Al . AQ At
a=20 L A0 40 (5.62b)
r r r
From equation (5.61),
1 / ) 1 , ,
S S (O ) B S0 ) ,
£p — &, o (09 op ) + 26, (09 lop ) (5.63a)
Substituting (5.62a) into (5.63a), then
1 d(cy — o, —0o, 20A(t
1 Hop—0r)_ oo—0r _ 204() (5.63b)

2G, ot 2n, 2 ot
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Examining the visco-elastic zone and its boundary with the visco-plastic zone, the
condition of continuous displacements in the boundary leads to

U2e=U2y (5.64)
and the plastic condition (see equation (5.51)) leads to
of) — o = —3K, (5.65)

A solution can be obtained by using equations (5.16), (5.62), (5.63) and (5.65) for
stress and displacement in the visco-elastic zone, i.e.,

A(t):R28Kp[<l ! )e_’/T3—1i| (5.66)

4G5 KT

By substituting equation (5.66) into equation (5.63a) and solving the correspond-
ing differential equation, we have

M
Gy — G, = r_ze—t/Ts 4 C3e_(02/"2)’ (5.67)
where
R>G,8K, 1 1
YA v( _1) (5.68)
G315 \K3T; ((Ga/my) = (1/T3))

In equation (5.67), ¢z is an undetermined constant. In consideration of t=0, the
stress state in the surrounding rock mass after excavation starts transiting from
elastic state to visco-plastic state, i.e.,

a2

Gg — Gri=0 = —2P— (5.69a)
Ia

In substitution of this equation into equation (5.67), we have ¢3 = —1/r*(2Pa*> + M).
Again, upon substitution of the so-obtained c¢3 into equation (5.67), we have

1
oy — 0y = [M(e™Ts — 7Ty — 2PaPe™"/ ] (5.69b)
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It can be obtained according to the equilibrium condition of the medium,

90,
or

(5.69¢)

Gy —C, =T

Solving equations (5.69b) and (5.69¢c), by (5.69c) separating variables and
integrating, we have the solution in the form of

o, = B() + <c - %) (1)
.

J (5.70)
Gy = B(Z) + (C‘ + }"_2> T(l)
Subtraction of these two equations gives
2dT
Ogp — O, = 2(t)
5
By substituting this equation into equation (5.69), we obtain
1
T(t) =55 [M(e™" B —e7!/T2) — 2PaPe™"/ ] (5.71)

According to the condition of continuous displacements at the boundary between
the lining and the rock mass, we have

UL =U20—-U2t) (5.72)

where ¢ is the time of applying the lining.
Making use of equations (5.62), (5.66) and (5.64) and substituting them into
equation (5.72), we have

_ 1
KT

Gglz)a(t) s <1 >(ef/T3 _ e*tl/TJ) (5.73)
3

In the case of unlined opening, i.e., t <1,
@ d
02,0 =B+ (¢ = 5) T =0

B(t) = (ﬁ — é) [M(eit/T3 - eil/Tz) — 2Pa2e”/T2]
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Substituting the expressions for B(f) and T(¢) gives

05.2)(1) _ L:FL [M(eit/T} _C,*L‘/Tz) _ 2Pa2€7[/T2] (t<t) (5.74)
21 2227 212 = '

while in the case of lined opening, i.e., > 11,
5 d 0
2,0 = B + (e = 5) T(0) = o0,

Substitution of the results from equations(5.73) and (5.71) into the above
equation gives

B(1) = 8&@ ) 52 (1- Xg) 1= 1 (e—t/T3 _ e_"/T3)
2 Gy a? (1-=2v, —‘ng) K5T;

() e =) 2

Substituting this equation and equation (5.71) into equation (5.70) gives

GSZ)(I) = % . @ . R_2 . (1 — Xg) . — (g_t/T3 — e_[]/T3)
Gg)([) 2 G; a? (1—=2v; + Xg) K315

1 1
+ <2_512:Fﬁ> [M(e7/T —e™'T) —2Pa?e™/™] for t>1  (5.75)

According to the plastic condition (5.65) and the boundary condition, ¢t¥ — —P
for r — oo, we have at the boundary of r,=r;=R

0K,
(553)(0) =P+ 2I
0K,
6293)(0) =—P— 2’

Let the stress GS’) remain continuous on the boundary of r = R, then when ¢ <¢,,

1 1 0K,
(E - m) (M = e /B) ~2P@e P =~ 4 232 (576)
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and when > 1,

| | B - ~ 8K, G, B> (1-X3)
_ M t/Ts _ t/T, _2P2 t/T> _])__—0
<2a2 2R2>[ (e ") e ]+ 2 Gy @ (1-2vi+XP)
1 3K
1— Ty _ p=0/T3y — _py “ P 5.77
x( K3T3>(e e~h) + (5.77)

Equations (5.76) and (5.77) describe the change of the radius (R) of the visco-
plastic zone, with time elapsing in the form of an explicit function. And equations
(5.74), (5.75), (5.76) and (5.77) comprise the complete solution to the stress state of
the visco-plastic zone.

For example, given that 6=0.8, K,=1.5P, a=2m, lining thickness =40cm,
v=0.25 T,=T5=12 days, K,=K3=1/8 days and G,/G3=0.5, then for r=0,
R=231m and for t - oo, R=2.623 m (as shown in Figure 5.9).

It is easy to prove that the boundary conditions are met for =0 and ¢t — oo under
limit condition. Given ¢ — oo in equation (5.75), we have the stress state in the visco-
plastic zone in infinite time after applying lining:

(5.78)

26 & T KTy

2

0| sk, 6 B (1-X}) (1 1>e—’1/“
S DT L ;
ng)(t) 2 Gz a* 1=2vi+X;

c 2
1
Visco-plastic zone A : |_— Visco-plastic zone when t—w
when t=0 \\;\\
1
: Gp(o)
1
1
1| 000 *
Pl T A
Y
1
! 5))
1
/|
1 | | >
0 a 2a 3a r

Figure 5.9. Stress distribution in various zones in the surrounding rock mass under limit condition.
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It can be seen from equation (5.78) that the rock mass in the visco-plastic zone
is unable to bear long-term shearing loads because its physical property is close
to fluids. Finally, the two main stress components in the whole region tend to
balance and the final loading on the lining is the same as that given in the above
equation, i.e.,

G’(,l:)a(l — 00) = G,(,z)(l — 00)

It can be seen from above that for this type of visco-elastic and visco-plastic rock
mass, the final loading on the lining is related not only to the physical and
geometrical parameters of the visco-elastic zone in the rock mass and the lining but
also to the time when the lining is applied (¢;) and the magnitude of the radius of the
visco-plastic zone. It is different from the previously stated viscoelastic-plastic media.
In the present case the final loading on the lining is related to the ratio of the shearing
deformation moduli G,/G; of the visco-plastic and visco-elastic zones, but not
related to the shearing modulus G, of the lining itself. Additionally, it also can be
seen that to reach a mechanical equilibrium state, the visco-plastic zone extends
beyond the lining into the rock mass with the radius reaching R.

5.5. RHEOLOGICAL ANALYSIS WITH DILATION AND SOFTENING
OF THE ROCK MASS

The previous sections assume that the plastic medium is incompressible. However,
in most cases there exists a broken-swelling effect after plastic zone produced by
excavation. The purpose of this section is to study the stress state accompanied
by dilation effect and meanwhile to consider the softening phenomenon and its effect
in the post-failure region in the rock mass [324-329]. For this reason, a more complete
rheological mechanical model is proposed.

5.5.1 Mechanical model of surrounding rock mass

The assumption of continuum mechanics is still adopted. The media involved is
considered to be isotropic, and the initial stress field is assumed to be uniform, so
axisymmetrical analysis is allowable.

Assume that the rock mass in the far region after excavation is in elastic state while
the rock mass in the near region is in the visco-plastic state in which certain residual
strength still exists. The lining is assumed to be an elastic medium, as shown in
Figure 5.10.
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Visco-plastic zone

Residual strength zone

Lining zone

Figure 5.10. Schematic division of zones.

On the boundary between visco-elastic and visco-plastic zones, the stress state is
assumed to meet the Mohr—Coulumb criterion, i.e.,

co — 0, = (0p + ©,)sin @ + 2ccos ¢ (5.79)

The stress components in the visco-elastic zone are the same as in equation (5.54).
It is known from equation (5.54) that when r — oo, U,.(f) =0; then ¢y(¢) =0 and
the following equation is valid:

1
E(Ge +o0,)=-P
By substitution of this equation into Mohr—Coulumb criterion, gives
g — G, = —2Psin@ + 2ccos ¢ = K, (5.80)

Supposing the minimum strength in the residual strength region is 6 times (6 < 1) K,,,
ie., equal to 8K, then

0K, = —28(Psin@ — ccos @) (5.81)
By substituting equation (5.80) into equation (5.54), we can obtain the

undetermined functional coefficient and then obtain the radial and tangential stresses

R}, .
G, = —P+—22(Psm(p —ccos Q)
%2 (5.82)
Cyg = —P—r—zz(Psin(p — ¢COoS Q)



124 Chapter 5

and the radial displacement

R L
U, = 4—Gr(Ps1n(p — ccos (p)|:(1 - m)e -1 (5.83)

5.5.2 Visco-plastic model considering dilation and softening

5.5.2.1 Physical model. The rock mass in the post-failure region displays visco-
plastic softening behaviour when the peak strength is reached and the dilation
phenomenon takes place simultaneously [325-327]. For this reason, the differential
equation for the Maxwell medium that describes the visco-plastic behaviour is
adopted and applied to describe the softening and dilation characteristics, it is
expressed as follows:

. . . . 2vG
(60— 07) + (60— &) = 2n(8g — )+ T—a=(e0 +5,) = 2G(es —£) + D (584)

This equation not only reflects the softening and relaxation characteristics with
visco-plastic property of the rock mass (the third term on the right-hand side of the
equation), but also guarantees the stress difference in the rock mass.

5.5.2.2 Geometric equation. Assuming that the problem under consideration meets
the small deformation concept, we have, for an axisymmetrical problem,

_Bu

u
g =— -
or

€p =
r
If the dilation phenomenon takes place in the visco-plastic zone and the radial
strain is A/r times of the tangential strain, i.e., dilation occurs near to the opening
periphery, then

A
& = ——&p
r
ou Aou u
I =
or ¥ r?
Integrate u with respect to ry, then
u=A(e"
Ao
_ /r
& =3¢ A() (5.85)

1,
gy = ;e”’A(z)
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and strain rate

. Ao
& = ——e"" A1)
-

| (5.86)
gy = —eM"A(1)
r
5.5.2.3 Equilibrium equation. For an axisymmetrical problem, we have
00,
r—- =00~ 0
" (5.87)

o0 =1 / (0 — 0,)dr + /(1)

5.5.3 Stress components in each zone

5.5.3.1 Visco-plastic zone. By substitution of equations (5.85) and (5.86) into
equation (5.84) and further interpretation, we have

G . _ _
S0 =&+ (00— o) =4 A() =B A +C

where
- 1
A :2G—<1 +5>e”’
r r
_ 2
B E.lewr[z_v <1 _ &) N <1 +&)} (5.88)
n or 1 —2v r r
C:gD
n

Equation (5.88) is the inhomogeneous partial differential equation of (cy — o,), with
the following solution

-G - - _ -
oy — o, = e @/ { - (A n + B) / AV dr + 4 - GV 4(1) + C - geW")’ + D(r)}

(5.89)
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By substituting equation (5.89) into equilibrium equation (5.87) and integrating
it with respect to r, we have

4G2 <4V —2
o,

- n(l —2v) A

x / A" dt - 2G (% + %)W"A(z) + fgln r+ / %B(r) dr+£(1)  (5.90)

3v—1
+ Vr )ex/r-e(G/n)t

It is easy to determine D(r) in equation (5.90), if analysing the transient response.
The equation of D(r)=—D is given by Zhu et al. (1988). Considering this result in
equation (5.90), we obtain

- - ! ’ -
Gy — G, = e—<G/n>f{— (A % + B) / A()e™ MY 4+ 49V A(t) 4+ D (e — 1)}
0

(5.91)

Substituting equation (5.91) into equilibrium equation (5.87) and integrating the
result with respect to r gives

! / 4G 4v—-2 3v-—1 21
o —(G/)t A l/ (G/n)t 7. A (G/n)lA ) i PN
c,=e {—/(; (e d a 2\/)( X + p )e +e (1)-2G k—i-r e

+D( MV — 1) Inr} +£(2) (5.92)

Applying the condition &,,_,=0c,,_, on the boundary between R, visco-elastic
and visco-plastic zones and making equality between equations (5.82) and (5.92)
results in

4G? 4v—2+3v—1 R
n(l —2v) A R,

! , 21
X / A(1)e M dy — 2G<X + F) MR G 4(1) — DM — 1) In Rz}
0

f()=—p+(psing —ccos¢)+ e—(G/n)t{

2
(5.93)

By substituting equation (5.93) into equation (5.92), we can derive the explicit
formula of o,. Applying equations (5.91), (5.92) and (5.93) gives

-G - ¢ , _
Gy = e (@M { — (A n + B) / AV dE + AV A1) + D(el " — 1)} + o,
0

(5.94)
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5.5.3.2 Residual strength zone. Because the residual strength is related to the
confining pressure, the strength is higher at greater depth [328-334]. Owing to
the small size of this zone, it can be assumed that the residual strength and r have a
linear relationship. By examining equations (5.80) and (5.81), the physical equation
to describe this zone can be approximately expressed as

oy — o, = c'r+ 98K, (5.95)

Substituting equation (5.95) into equation (5.87) and integrating the result,
we have

6, =c'r+ 0K, Inr+ ¢(1)

(5.96)
oo =2¢r+ (1 +1nr)dK, + ¢(7)
In the case of unlined opening, r=a, c,=0, then, from equation (5.96),
, 1
¢=— [6K, Inr+ ¢(1)] (5.97)

The term of @(7) in the above equation can be determined from the condition that
the radial stresses o, along the boundary R; between the visco-plastic zone and the
residual strength zone are equal, i.e., the equation (5.92) is equal to equation (5.96).

The stress components in the visco-elastic zone are expressed by equations (5.82)
and (5.83) respectively.

5.5.4 Stress state without lining

5.5.4.1 Visco-plastic zone, R; <r < R,. In the previous equations, there is a
function A(¢) that is undetermined. It can be derived from the condition of
continuous displacements on the boundary between the visco-elastic and the visco-
plastic zones (R,). By letting u,_,=u,_,, then we have its expression from equations
(5.83) and (5.89),

Rk pgne LI P
A(t)_4Ge (Psing — Ccoso)| (1 T e 1 (5.98)
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By substituting equation (5.98) into equations (5.92) and (5.94) and integrating the
result, we have the expression of the stress state in the visco-plastic zone,

_GRy  yry o (1=(/KsTs)
1'](1—2V)L (psing —ccos ) |:G/(n—l/T3)

(G/)—~(1/ Ty)y N, Gy =2 3v—1\ g, (4v=2 3v—1\ 5
><(e —1)——(e —1)]-|:< +— e ——+ e
G A R2 A r

R . 1 2 1 2 1 -

—D( M —1)(InRy — lnr)} (5.99)

6,=—P+(psing —ccoscp)+e_(G/”)’{

-G -\ R .
Cp = e_(G/")r{—<AH+B> ée‘x/& -(psin@ — ccos @)
1 = (/K3T5)  (6m-(1 Ty N, @
N _ 1) -2 (G/m)t _ 1
[(G/n) (i )Gl )
- R 1
LGy 2 R, ; _ _ —t/T5 _
+A4-¢ Ye e X (psin@ ccosq))|:<1 K3T3>€ 1:|

+D(e(g/n)t_1) + Gr}

(5.100)

5.5.4.2 Residual strength zome, a <r < R;. As stated previously, the explicit
formula ¢(7) can be derived from equations (5.96), (5.97) and (5.99) by applying
the condition of equal &, on the boundary between two adjacent zones (R)):

GR,
n(l-2v)

X[ 1-(1/K3T3) X(€<(G/n)(1/Ts))t_1)_2(6(G/n)f_1):|

o(t)=—P+(psing — ccos ) — e‘(G/”)’{ MR (psing — ccos @)

(G/m)—(1/T3)
dv=2 3v—1) 5 4v=2 3v—1Y) 5 1
o (I —_R
X[( P Ry )e r R ) 2
x e/ o= (/R 5 (psing —ccos) || [ 1— ! e T 1 g—l—i MR
K:Ts R,

—<g+i>ek/’“ —D(eG/n’—l)(lnRz—lan)] —3K,(InR, —&lna)}/<l —&>
AR a a

(5.101)
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The stress components in this zone are,

6, =35 K,,(lnr —glna> + (p(t)(l - ’5)

(5.102)
Gy = (1 +lnr—2ar1na> 8K, + ¢(1) - (1 _Zar)

5.5.4.3 Determination of boundary R,. Since the rates of displacement components
on the boundary between the visco-elastic and visco-plastic zones are equal, we can
determine the value of R, by letting

L'éZ) — L't,(,3),
and derive the corresponding displacement components in equations (5.83) and
(5.85) with respect to ¢ and let the results be equal, then
Ry =X\ (5.103)
Although this equation is extremely simple, its physical meaning is rationally clear.
The assumption of g, = —A/rgg in the geometric equation in the previous sections,
when r = R,, €.= —&g, which is the starting point where the volumetric deformation

in the visco-plastic zone begins to dilate in volume. Therefore, the result of R,=2
coincides with the assumption made initially.

5.5.4.4 Determination of boundary R;. Similarly, the stress differences between two
sides of the boundary are equal when r= R;, R; can be determined.
For the residual strength zone, we have, from equation (5.102)

ce—c,:SK,,(l —21na> —gm(z) (5.104)

By comparing the stress difference of (69—0,),_,, in the visco-plastic zone shown in
equation (5.104) to equations (5.91), (5.93) and (5.98), we have

R R
SKP<1 ——‘1na> —o(H—L
a a

4G 1 v A A
— oG] 2Y L R | Y (N 142
oS [Pn 0w ()]

Ro om0 ,[1—(1/K3T3) (@m—-/mne _ 1y _ N (G _ “
x{4e (psing —ccos @) (G/T])—(I/Tg)(e 1) G(e 1)

I R A 1
+§'RTT (1 +R—l> MR=RIRIR (hsin — ccosp)- [(1 —m>e"m - 1]

++ De G/ (O ) (5.105)
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By substituting the values of R, and ¢(¢) into equation (5.105), we can obtain

the value of Ry using trial and error method. In the limit case, we can derive the
following equation for =0

R R . 1 .
6Kp<1 ——llna) ——1{—p+(psm(p—ccos<p)—§R2-e_MRz -(psin@ — ccos Q)
a a

— |+ R P —0K,|InR; ——1 1 ——
X KT |:<k+R2>e <k+R1)€ OK,| In R, —Ina p

R A . -1
X Z—RZI (1 +Rl> . MR RO/RIR -(psin — ccos (P)<K3T3> (5.106)
when 1 — oo
R R R
6K,,(1 —jlna) —i{—[ﬂ—(psincp —ccoscp)—i—ﬁw"}‘/}e2 -(psin@ — ccos @)

[(Av—=2 3v—1\ ,p (4v=2 3v—1)\,,
X_<X+R2)e k+R1e

R .
—72~e7‘/R2(psmq) —ccos Q)

(/2 1 W R 2 1 MR,
—+—)- — =+ DnR, —InR
X _(X—i_ 2) e X+El e +D(nR; —InRy)

—SKp(ln R —%IH“H/(I _%)

_ R merymiRe (g v A A
=R e (psin@ — ccos @) v 1 R, + 1+R1
Ry jiro—ri/RiR: » ;
-2 A1+ = - D 1
3R] e + R (psin@ — cos @) + (5.107)

5.5.5 Stress state with lining

Assume that circular lining of elastic media is applied soon after the excavation, i.e.,
t =0, the stress state in this case can be expressed as [8,52]:

o.(t) = c(t) — b(l)j—(zz)

(5.108)

aZ

oo(1) = (1) + b(1) r—g
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If the inner surface of the lining is free from loading, i.e., o,,=0 when r = qy, then,
(1) = b(1)

So equation (5.108) becomes,

o (1) = c(l)<1 - ‘r‘—§>

i (5.109)
Gol1) = c(t)(l + %)

Again, G, and oy at the boundary (r=a) of two adjacent zones are equal, and
the values of stress differences (o9 — c,) are also equal at r=R;. The following
undetermined parameter or function can be determined when solving the
simultaneous equations (5.102), (5.109), (5.91), (5.95) and (5.98),

2G 1 A A
R B (L A ¥ J - 1
‘ { n R [1—2V( R1)+< +R1>]

Ry ik (i — | L=CA/KSTS) G- _py NG
x{ze (psing —ccos Q) |:(G/n)—(l/T3)(e n 1) G(e 1)

+£<1 _i_l) . oMR=R)/RiR;
x (psing —ccos)- [(1 —(1/K3T3))e_’/T3—1]+De_(G/")’(e(G/”)’—1)—8Kp}/R1

(5.110)
(12 ,
C([) = Taé(c a—+ SKF)

a3 a? 1
=[— 0K, — )=
o(?) <2a(2) 2) ac + |:<2 5 2) In ai|

The term of f{(r) in the stress component in the visco-plastic zone can be
determined using the condition of equal &, at r = R, of the two adjacent zones,

(5.111)

S(O=c R +8K,InR; + (1) + 4V_2+3V_1> . MRm RO/ R Ry

RyG

ﬁ(psm(p ccoscp)( 7 R,
—UJESTS) 1 @mmarmon 0 g6rmr _ pyioimnl B2 pireromins

(G/n) (1/7T5) G 2

) 1 1 T
X (psin@ ccoscp)(k+Rl>-|:<l—ﬁ)e 1:| (5.112)
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The stress components in the visco-plastic zone, residual strength zone and the
lining can be obtained from the function or parameter determined using equations
(5.110), (5.111) and (5.112). The locations of R; and R, are then determined
according to the boundary condition that the stress or displacement components are
equal at r= R, of two adjacent zones.

For simplification, only the stress component in the lining for r—oo is given by
the equation below,

I a\[a 1R . MR—R)/RiR: |V A A
Ny L TR L i _¢ 2 Y (1L 1+

2

R . A
__281(R2—R1)/R1Rz(ps1n(p—ccosq))<l+R—> +D—5Kp}+ a
1

——6K} (5.113)
2 20 7

5.6. EFFECT OF BOLT REINFORCEMENT IN VISCO-ELASTIC ROCK MASS

Bolt and shotcrete support is to reinforce surrounding rock masses, and to control
deformation. The technique effectively controls the rock deformation, block
loosening and cave-in. It reinforces the complete rock mass system by adjusting
the stress distribution in the rock mass, and by mobilising the self-supporting ability
of the surrounding rock mass [66,194-196,330-339].

The mechanism of bolting technique has not yet been thoroughly understood,
although the technology has been well developed and advanced in recent years
[180,218,340-381]. The purpose of this section is to examine the interaction between
the rock mass and the bolts, to study the use of bolt reinforcement and its effect on
the stress state of the rock mass.

5.6.1 Stress state in different zones

Similar to the previous cases, the rock mass surrounding an opening in far region
is regarded as a visco-elastic medium, whereas the rock mass in the bolted region is
considered to be another visco-elastic medium having different parameters, as shown
in Figure 5.11. The assumptions on the continuum mechanics adopted in the
previous sections are still used, and the initial stress state is assumed to be uniform
and the surrounding rock mass is assumed to be isotropic and homogeneous. The
visco-clastic stress state in the far region is the same as in equation (5.54).

Assume that bolts are applied when 7 = ¢, the bolts are (R—a) in length and create
a bolted circular ring. The parameters of 7, K, G in the bolted region have basically
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Reinforcement zone
by rock bolts

Visco-elastic zone

Figure 5.11. Schematic representation of surrounding rock mass zones.

the same value as those in the visco-elastic zone, the bolts only restrain the
displacement of the bolted rock mass.

According to the principle of superposition, the components of stress and
displacements in the bolted region should meet the following conditions:

t
o = K3 Ts[ex(t) — br(1)S 3] + Kx(1 — K3 T3) / [ea(t') — ba(£)S 315 ~dd — P(1 - §3)
1
(5.114)
t
of) = K3 Ts[ea(t) + ba(0)S 3]+ K3(1 — K3 T3) / [e2(t) + b2()S 315 di — P(1 + 53)
15t
(5.115)

1 1 1
U® = 2—G3r[(1 —2v)ea(t) + ba()S 3] + 2—G3PrS§[(1 — m)fﬂs — 1} (5.116)

where Sy =a/r and S3;=R/r.
It should also satisfy the boundary condition below.

(i) When r — oo, because U® = 0, we have, from equation (5.54)
e3() = 0 (5.117)

(i) When r=a, the stress condition is

o? =aAU+oy=a Ufi)a—UfQR + S0 (5.118)
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where o is a constant related with the length, cross-sectional area of rock bolt, and
bolting density and mechanical property of the bolts, i.e.,

E\ B,

In the above equation, E; is the elastic modulus of the bolts; B; is the sum of the
cross-sectional areas of all bolts in unit length of the opening; B, is the total area of
the opening face in unit length; o, is the equivalent normal stress converted from the
axial stress in the bolt; |UP — U 52 gl 1s the displacement difference in the bolted
circular ring after bolts installed at 7> ¢;.

This boundary condition reflects the action of the bolt, i.e., if relative
displacements take place in the bolted region after bolting, they will be restrained
by bolts. In addition, the bolt’s bearing force in the surrounding rock mass is
proportional to the displacement.

Substituting equation (5.116) into equation (5.118), we have

r=a

62, = = [(1 — 2v)(a — R)es(t) + a(l — X2)ba(1)
2G5

+ Pa(l - )(1 — Xo)(e T — e )] + 5 (5.120)

K313

where X>=a/R
Substituting r = a into equation (5.114) gives

t
02, = K3 Ts[ea(r) — ba(D)] + K3(1 — K3 Ts)/ [e2(1) = ba()]e®0dr (5.121)
141
From equations (5.120) and (5.121), we have

KsT[ea() — ba(0)] + Ks(1 — Ks T) / [ex(t) — b)) d

= 2%3 [(1 = 2v) x (a — R)ea() + a(l — Xa)ba(0)

1 —1/T3 —n/T3
—I—Pa(l K3T3>(1 X5)(e e )]+ oo
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Multiplying the two sides of the above equation by X, deriving the result with
respect to ¢ and eliminating the term of ¢%¥’, we have

+ K; [2%3(1 —2v)a—R)— 1}2(1) + K; [%a(l —X2) + l]bz(l)

P 1 !
= Z—G? (1 K T3>(1 - Xz)[[@e“m - <K3 - Tz>erm] ~hoo 6422

(i) When r =R, the displacement condition is
ve—y®
According to equations (5.54), (5.116) and (5.117), we have
b3(t) = (1 = 2v)ea(t) + X3bx(2) (5.123)
(iv) When r= R, the stress condition is
2

3) _ (2)
ng)a =0,=r — XZGI‘:R

The last term in this equation reflects the action of the bolts. Substituting
equations (5.54), (5.114) and (5.117) into the above equation and interpreting the
results, we have

K3T3[(X2 — Déa(t) + Xa(Xa — Dba(1) — bs(1)]
+ K3T3[(X2 — Dea(t) + Xo(Xo — 1)ba(t) — b3(1)] =0

By solving this differential equation and substituting the result into equation
(5.123), we have

by(t) = (1 + 2R(\;_l)>cz(t) + C e/t (5.124)

where C; is an undetermined constant.
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Substituting equation (5.124) back into equation (5.122) gives
2R
(1= Xo)a+ 4R —3R) + 2K Ta(v — 1) |éa(0)
2G3 a

+ K3|:%(l —X3)(a+4vR —3R) +2—R(V — 1):|(22([)
3 a

oPa 1 1
=——(1- 1= Xo)| Kse™/T — [ Ky — — e/ T
2G3< K3T3)( 2)|: 3e ( 3 T3>€

oa 1
- K — (1= X)) = — K3 |C e /T3
3GO+2G3( 2)<T3 3) 1€

then solving this equation gives

_ —(N2/ Nyt a —t/Ts Pa(K3T5 — 1) —t/Ts
P a _
() = Cae +3R—a—4vRCle K3T3(a+4vR — 3R)
1 — X2)aPK3a® 1 2K5G
LU= X)aPKsa” (1 o HaGa (5.125)
N> K3T; Ny

where

(5.126)

N = oca(l — Xz)(a + 4vR — 3R) + 4G3K3T3(V — I)R
N, = Kzoa(l — X3)(a+4vR — 3R) + 4G3RK3(v — 1)

and C;, C, are undetermined constants.
For equation (5.114), when t=t,, r=a and r = R, we have respectively

ex(t)) —by(t)) =0 and  cx(t)) — X3ba(t) =0
From this relation, we have
o(t) =b(11)=0

If we substitute this result back into equations (5.124) and (5.125), then the
undetermined constants of C; and C, can be obtained:

Ci=0
[ Pa(K3T3 — 1) oaPK3a*(1 —Xz)( 1 )]
C,= 1

K;Ts(a+4vR —3R) N, KT

« o @erm-a/ron | 2K3G34S0 (vy/ny
N>

(5.127)
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Substituting equation (5.127) back into equations (5.124) and (5.125) gives

_ Pa(KsT;—1)  _ oPK3a*(1 — X5) 1 _
£ = Cre~N2/NDt _ /T3 1— /T3
e2(1) 2¢ K3T3(a+4vR—3R)e + N> K3Ts ¢

2K3G3a
N
b(1) = |: 2R(V ):| o~ /N _ P(K3T3—1)(a+2vR—2R) —
K3T3(G+VR— 3R)
n [ocPK3a(1 —X3)(a+2vR—2R) <l 1 >i|e,l/T3 _ 2K3G3(a+2vR—-2R) o0
N> K515 N>

oo (5.128)

(5.129)

Furthermore, by substituting equations (5.128) and (5.129) back into equations
(5.114), (5.115) and (5.116) and integrating the results, we have the expressions for
the stress and strain components in the bolted region:

@ M T3V el g2 2RV T DA —oNe YL el KL T
[op K3N1 — N |: 2 :| 2e BN, <1 5( \T5)
253RV— 1) N PUKT: — 1)
=83 ——F—— Kx——Vt — Kat | ———2"~> 7
x[ 2 P i|czexp[< 3TN 3 T dR_3R
! PKza(l — X
xfa—Sa+2vR - 2R)]6Xp|:(K3 ——)11 —K3t:| +w
1\ - aPKza(l — X2)(1 — K3T3)
3 /T3 3 2 313
- WR—2R)[1 ———)e /T —
xla—S3(a+2v )]< K3T3>e *

1 1 2K3G3Go
-2 2vR—2R)]( 1 - K3t + (K3 — — ==
%[0 — S3a+2v )( Kﬂgaﬁ 3+<3 n»} 2

x [a— S3(a+2vR —2R)|[1 — (1 — K3T3)]exp[Ks(t; — 1)] — P(1 — S3) (5.130)

@ _ Ni—T:N, 2S3R(v—1) Cye= M2/ _ M
KiN; — N, K3Ny — Ny

2S82R(v—1 N P(K3T5 —1
X |:1+S%+22/):|C26Xp|:(1<3—2>l1 —K3li| —M

&P+S%- Ko(l — K T)

Ny a+4vR — 3R
ocPK3a(1 — X2)
N>

[P aPKza(l — X>)(1 — K3 T3)
X [a+S§(a+2vR—2R)](1 _ﬁ>e /Ty _ -

1 1 2K3Gso
2 303090
2vR —=2R)]( 1 — K3 —— - Kyt ——
x[a+S2(a+ \Y )]( 3T3>6Xp|:< 3 T3>l1 3l‘i| N

x [a+ S3a+2vR = 2R){1 — (1 — K3Ts) exp[Ks(t; — O]} — P(1 + S2) (5.131)

1
X [a+ S%(a +2VR — 2R)]exp|:(K3 — ?)tl - th} +
3
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. 283R(v—1) _ P(K3T5 — 1)
UD =" |1 —ov 534222087 0o/ *
A TeR M B 2€ Ky To(a+ 4R —3R)
O(PK361(1 - Xz)
N>

x [a(1 = 2v) + S3(a+2vR — 2R)]e™ /1" +

1 _ 2K3G3G()
x [a(1 —2v) + S3(a + 2VR — 2R)]<1 —m)e /T -

1 1
1-2 2a+2vR = 2R} +=——PrS3 (1 ———)e /T —1
xla(l —2v) + S3(a+ 2v )]}+2G3 ,52[< K3T3>e
(5.132)

By substituting equations (5.128), (5.129) back into equation (5.123), we can
obtain the explicit formula of b;(¢). By further substituting b5(¢) and equation (5.117)
back into equation (5.54) and integrating the results, we have the expression for the
stress and strain components in the visco-elastic zone as following:

2
o® = _Ni=T:No K3S? [1 —2v+X§+L2 RCEV_ 1)} Cpe~ Mo/t

' K3Ny— N>
Ny 2 , 2X3R(v—1)
—K3S5(1 - K3T3)| 1 -2v+ X5 +————2=|C
+N1K3—N2 355 : 3)|: vt a 2

N> P(K3T5—1)
X exp|:<K3 _Fl)ll _K3l] +m5%[a(l —2v)+X22(a+2vR—2R)]

1 PKsa(1—X:
x eXpKKs —73):1 —Kst] —ng[a(l —2V)+ X3 (a+2vR—2R)]

» <1_1>611/T3+0WI_XZ)

N S3[a(1—2v)+ X3 (a+2vR—2R)]
2

1 1 2K3G300
X <1 e T3> exp[(& _T3>“ —th} +ng[a(1 —2v)+ X3(a+2vR—2R)]

x {1 —(1—K3Ts5)exp[Ks(t; — )]} — P(1-53) (5.133)
N —T5N. 2X3R(v—1)
@ _ N1~ 1300 2 2 2 —(N2/N1)t
=—— K383 1 -2v+ X5 +—— 2 |C
0 K3Ni— N, 3 3[ v+Ay+ a i| 2@
N

2X2R(v—1)
— KSI1-K3T3)|1-2v+ X342 |C
KN — N, 3 5( 3 3)[ v+X5+ ., )

N, P(K3Ts—1) ,
xexp|:<K3 M)“ Kﬁ} iR Sl =20+ Xy(a+ 2R —2R)]

1 PKsa(1—X.
x eXpKKs —73>t1 - ng} +%22)S§[a(1 —2v)+ X3(a+2vR—2R)]
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I PKsa(l — X
x (1 - m)fﬂ/“ - %22)85[51(1 —2v) + X2(a + 2vR — 2R)]

1 1
1— Ks—— )t — K
X( KsTs) exp[( : T3>Z] 31}

2K;G
- %S%[a(l —2v) + X2(a + 2vR — 2R)]
2
x [1 —( —K3T3)eK3("”)] — P(1 + 52 (5.134)
2 2X2R(v — 1) P(K;T; — 1)
U® =L 1 —2v + X2 2 C oo~ N2/NDE _ ~
26, vt —— 2€ KsTo(a+ 4R — 3R)

0(PK3CI(1 — X2)

x [a(1 —2V)+X22(a+2vR—2R)]e—’/Ts + >
2

2K3G3Go

1\ -
x [a(1 = 2v) + X3(a + 2vR — 2R)](1 _m)e w280

1 1
- 5 3 B —t/T3 _
x[a(l —2v) + X5(a + 2vR 2R)]} +2G prs [(1 K3T3)e 1}

(5.135)

By allowing ¢ — oo, the expression of stress and strain components can be
obtained for the different zones.

(1) In the bolted region

PKia(l — X 1
c;(r2) Zw[a _ S%(a+2VR _ 2R)](1 _)ell/Tz

N; K5T;
2K;G
—3T360[a — S3(a+2vR—2R)] — P(1 — 52)
2

PKsa(l — X 1
ol 2 2 = 22 sl =~ X2) [a+S§(a+2vR—2R)]<1 - T)e—’l/f*
343

N>
2K;G
—3N—23G°[a+sg(a+2vR—2R)]—P(1+S§) (5.136)
PKza(1—X5) 1
v =203 TR (1 —2v)+ 52 (a+2VR—2R)]( 1= —— )=/
5 3GN rla( v)+S5(a+2v )] T e

K360r[ (1—-2v)+S%(a+2vR—2R)]— IG

PrS3 (5.137)
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(i1)) In the visco-elastic zone

@ = _0PKAd = X0) gor 1 ovy 4 X2t 2vR — 2R)) (1 = - et/ Ts
(o N sla( V) + Xj(a+2v ) K15 )¢
2K3G
+ R s a1 = 2) + X3+ 2vR = 2R)] - P(1 - S3)
2
¢ _ WPKsall = X5) oo g 2 - — L e
o) = N, Sila(l —2v) + Xj(a+2vR - 2R)]{ 1 K5 )¢
2K3G
- 73]\[3005’%[(1(1 —2V) + X3(a+ 2vR — 2R)| - P(1 + §3) (5.138)
2
@ 2 OPKall = X5) oo Zavy 4 x2a+ 2vR — 2Ry (1 = =) et/Ts
U= 2G3N; rSsla( V) + Xila+2v ) K373 ¢
K 1
— 2% 83 a(1 — 2v) + X3(a + 2vR — 2R)] — 5 PrS} (5.139)
N 2G;

It can be secen clearly from equation (5.139) that the expression of stress or
displacement comprises three terms, each having distinct physical meaning. The first
term is the effect of the time (¢;) of bolt installation on the surrounding rock mass. It
indicates that the earlier the installation the better to improve the stress state in the
rock mass, i.e., reducing #; as fully as possible. The second term reflects the effect of
prestress of the bolts (c). The higher o, gives the more effective improvement of the
rock mass. The third term reflects the effect of the initial in situ stress, P.

5.6.2 Discussion and application

Figure 5.12 shows stress distribution in the surrounding rock mass reinforced
with bolts.
According to equations (5.126) and (5.119), we have

Ny = K3oca(1 — Xg)((l + 4vR — 3R) + 4G3RK3(V — 1)

_ E1B1 a
= Kga(?) v — E) — 4G3RK;(1 — v)

Because B; > By, 4G3RK5(1 — v) >> (E|B,/B;)K3a(3 — 4v — (a/R)). The above
equation can be approximately reduced to

N> = —4G3RK3(1 — V) (5.140)
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Figure 5.12. Stress distribution in the surrounding rock mass after bolting.

Substituting equations (5.119) and (5.140) into equations (5.136) and (5.137) gives
the approximate solution to the stress and strain in the bolted zones:

E\B P ara a 1
@___ =178 ‘14 2(r _oy_ & _
o= 4B2G3(1—v)R[R+S2<2 2v R)](l K3T3>e o
G() a 2 N _ﬁ _ _ 2
+m[ﬁ+52(2 2v R)] P(1-52) (5.141)
o__  EBP are, oooay a1\
%6 _43203(1—v)R[52(2 2v R) R](l o)
Oy a 2 a 2
+2(1_v)[§—S2(2—2v—§>]—P(l—SZ) (5.142)
o_ " | EBP ara. o oafs 5 O L\ um
Ui _2G3{ 4BZG3(1—V)R[R(1 ) S2<2 2v R)] l—xn)
50 [21 _ovy—s2(2—2v_2\] _ ps2
+2(1_V)[R(1 2v) S2<2 2v R)] PSz} (5.143)

From the plastic condition of equation (5.51) given in Section 5.3, we have

oy — o, = ——=3K, (5.144)

5
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Considering equations (5.141) and (5.142), we have

E| B, PS} 1
o) —o® =172 a(2—2v—ﬁ)<1 )e"/r‘

r 2B2G3(1 — V)E R B K3T3
00 q2fn A, @\ 2
s V)Sz(z 2v R) 2pPS? (5.145)

Therefore, in order to prevent the opening wall (S, =1) from becoming plastic
state after an infinite long time, we may apply the following criterion according to
equations (5.144) and (5.145):

E\BiP a a 1 1T —0) a 2
AT G gAY (1) =00 (v d) op<—Z 5k
2BzG3(1—v)R( v R)( K3T3>€ +(1—v)( v R) Y

(5.146)

To meet the condition in equation (5.146), it is necessary to enlarge the first and
the second terms. To enlarge the second term, however, it needs to increase both
prestress and length of the bolt, i.e., oy and R. However, there is a limit to increase
the prestress of bolts, because a bolt of a certain cross-sectional area can bear only a
limited prestress corresponding to the tensile strength. Therefore, efforts should be
made to increase the first term as far as possible. There are several ways to increase
this term, for instance, install bolts as early as possible (decreasing ¢;), or enlarge the
bolt cross-section area (i.e. increase B) and increase the bolting density (i.e. decrease
B,), or change the bolt length. The first two measures are more effective.

When the prestress (cg) is not taken into consideration or the bolt is not
prestressed, equation (5.145) becomes

E\BiP a a 1
Do = a2 v = D) (1 )P 2P (5147
%0 T O T oBG(1—WR VTR K15 )¢ (5.147)

This equation takes the status of sidewalls of the opening into account, i.e., S =1.

The relationship between o — c®and a/R is expressed in diagram shown in
Figure 5.13.

Given that E;=2.1x10°MPa, By=nxlcm? By,=nx50cm? G;=
4x10°MPa, n=025 T3=12d, K,=1/84, t;,=0, then from the figure,
D, =(0.01-2)P, D,=(0.006—2)P, D;=(0.004 —2)P.

It can be seen from equation (5.147) or from Figure 5.13 that 6§’ — c® has the
minimum value when ¢/R =1 —v.

The above analysis leads to the conclusion that in order to avoid the surrounding
rock mass damage due to stress concentration or to make the stress difference in
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Figure 5.13. Effect of relative bolt length on stress difference of surrounding rock mass.

opening walls reach the lowest level: (a) the bolts must be installed as early as
possible, (b) the prestress in the bolts must be sufficiently large, (c) the bolts must
have sufficient length and cross-sectional area, (d) bolting should be installed with
sufficient density. The optimal bolt length is v/(1 — v) times opening radius, i.e.,
a/R =1 — v, when non-prestressed bolts are used. If bolts are installed late, the first
term in equation (5.145) becomes basically non-functional. The second term in the
equation shows that the higher R, the better, i.e., long bolts should be selected, up to
the optimal length.

If failure is determined by the magnitude of displacements, the conditions of which
the displacement of the opening wall becomes in minimum should be examined.
From equation (5.143) and substituting S, =1, r =« into equation (5.143), we can
obtain

E\B|Pa a 1 _ a
v - 4 S8V = /Ty o (— 1-“Y_p
= =36, 2BZG3R( R) o1 )¢ T o) R)

If the prestress oy =0, then the above equation becomes,

E\B|Pa a 1
v - 4 |58 —(1——) l———)e /T _p
== 2G,|2B,G; R\~ R K:T5 )¢

Under the conditions given in this section, [D],, is proven to be symmetrical and to

have the expression similar to that of matrix [D]. In the case of w =0, [D], becomes
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Figure 5.14. Effect of relative bolt length on displacement of surrounding rock mass.

an elastic matrix and for w = constant with no damage development occurring, the
above proposed algorithm constitutes the constant stiffness algorithm.

In Figure 5.14, D4y = (0.0025 — 1) x (aP/2G5) and Ds = (0.0018 — 1) x (aP/2G3).
Figure 5.14 indicates that U® reaches the minimum value when a/R =1/2, i.e.,
when bolt length equals to the opening radius, opening wall has minimum
displacement.

Similarly, in order to minimise the displacement of opening walls, bolts should
be installed as early as possible and the prestress of bolts should be increased, in
addition to enlarge bolt cross-sectional area and to increase bolting density. In the
case of non-prestressed bolts, the optimum length of bolt should have the ratio of
a/R =1/2. If bolts are installed late, the same conclusion can be drawn from
equation (5.147) that long bolts should be used.

In summary, the optimum time for installing bolts and the magnitude of prestress
applied in the bolts can be determined quantitatively using the method presented in
this section. A clear conclusion can be drawn that the most rational bolt length
(R — a) for visco-elastic surrounding rock mass should be a/(1 — v), where a is the
opening radius, R is the radius of the visco-elastic zone, v is the Possion’s ratio of the
rock mass.

5.7. RHEOLOGICAL DAMAGE ANALYSIS OF THE ROCK MASS STABILITY

Previous sections have studied the problems of the stress state in surrounding rock
masses and the interaction of the rock mass and support using various rheological
models. The present section combines damage mechanics and rheological mechanics
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to study the stability of rock mass. When excavation is in soft rock or at great depth,
the rock mass deforms. A great portion of the deformation is caused by the
loosening due to relatively high stresses as compared to the strength of rock around
the opening. It produces cracks in the surrounding rock mass, and results in
remarkable dilatancy phenomena reflected by obvious volume increment in the
rock mass [39,206,382-389]. As a consequence, the conventional analysis methods
are not adequate to study the rock mass exhibiting the above behaviour. The concept
and method of damage mechanics combining with rheological mechanics are applied
to analyse the rock mass in this section.

5.7.1 Damage evolution equation

The basic concepts and assumptions of damage mechanics have been discussed
in Chapter 3. This section adopts the damage equation by Desai [291,292,382]
based upon the isotropic damage concept to express the effective stress and apparent
stress, i.e.,

o;j = (1 — w)oj +a§)6ij0zk (5.148)

where w is the damage variable.

Considering that the rupture failure planes have residual strength, a specific
maximum damage value w, less than 1 of the rock mass can be assumed. The value
of w, depends upon the type of the rock.

Most rocks have brittle characteristics. Under loading, microcracks initiate and
propagate and a failure plane forms. The failure can be caused by tensile, shear or
combined tensile and shear. The rock dilates before the final failure as cracks are
growing in number and extending gradually. The dilatancy phenomenon is the most
important warning sign of rock failure.

There are three main types of damage evolutions for brittle material such as rocks:

(i) Evolution and development of damages are governed mainly by strains,
especially by the tensile strain.
(i) Damage evolution and development are governed mainly by stresses, especially
by the deviator stress or the major principal stress.
(iii))  Such evolution is governed by energy or relief rate of energy.

Tan [39] studied the mechanism and criterion of rock dilatancy phenomenon and
suggested the condition of dilatancy generation,

Ooct ko
<f3) -1 (5.149)
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where f3 =k —mp is the strength envelope curve (or surface) for a critical surface,
which is roughly corresponding to the long-term envelope (surface); p is the mean
spherical stress; k and m are the strength index; k5 is a real number greater than unity
that is determined from test, and o, is the second variant of deviator stress tensor.

The damage evolution equation adopted in the present section that follows the
assumption of isotropic damage expressed by equation (5.149) is,

w=K( —w)[F(G‘)“) - 1} (5.150)
S

and,

in which tensile stress is taken as positive.
The above damage evolution equation is associated to both increments in number
and extension of the cracks and the dilatancy of the material.

5.7.2  Viscoelastic—viscoplastic-damage constitutive equation and FEM method

5.7.2.1 Constitutive equation. The common constitutive equation of non-damaged
viscous materials has the following increment expression,

{do} = [D]({de} — {dey}) (5.151)

where [D] is the elastic matrix; {do},{de} and {dey} are the apparent stress
increment, overall strain increment and viscous strain increment in the form of
column matrix respectively.

Based on the concept of equivalent strain, i.e., the effect of damage on the strain
behaviour is reflected only by the equivalent stress. This means that the constitutive
relation of a damaged material can use equation (5.151) by replacing the stress term
with the equivalent stress. Hence, we have the following constitutive equation for
viscoelastic—viscoplastic-damage rock masses:

{do”} = [D]({de} — {dey}) (5.152)
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Figure 5.15. A rheological model (o, is the plastic limit).

A typical rheological model with visco-elastic and visco-plastic characteristic is
shown in Figure 5.15.

In the case of one-dimensional problem, the constitutive equation of the model
can be divided into two stages according to the stress level,

N . EE; Em, .
o+ G = € ¢ for o <oy 5.153
El+E El+E,  E+E - ( )
and
c—0o5+ <2,—?+ nzh—;m)d + 2?2; G =1,¢ 1121213 g€ for o> oy (5.154)
in the case of creep, the equation becomes
g = Egl + Egz(l — e B for ¢ < oy (5.155)
and
c o© c—o0
e=—4—(1—e B/ L =54 for o > Oy 5.156
E| Ez( ) n3 ( )
and in the case of creep damage,
g = Z—l + ;—2(1 — e’(EZ/”Z)[) for 6 < o, (5.157)
and
* * *
g=o o (1= ®M) 1 T "% for 5>, (5.158)

Efz N3
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5.7.2.2 FEM method. According to the virtual work principle, we have the
following equilibrium equation,

/ (B {Ac),dV = (Af ), (5.159)
V

where [B] is the strain matrix; {Ac},, {Af }, are the stress increment and the exterior
loading with the time interval of Az, {Af}, = [g [N]"{A),dS + [, [N)'{Ap},dV;
[V] is the matrix of shape functions; {Af¢}, is the surface force exerted on the
boundary of S, within At,; and {Ap}, is the body force within Az,.

Integration on equation (5.148) gives

doj; = (1 — w)doj; — %&w_,-dcrzk - S;do (5.160)

where S is the effective deviator stress.
Equation (5.160) can be written in the matrix form,

{do} = [C,){do™} — dw{S*} (5.161)

where [C,] is the matrix related to the damage variable w, called damage matrix, for
a three-dimensional problem, it is expressed as

[0) w w
(1 —a)+§> 7 3 0 0 0
1 — bt b
a)+3) 5 0 0 0
Cc,]= oL
[C.] (1 a)+3) 0 0 0
symmetry (1—-w) 0 0
(1 - w)
(I - w)
(5.162)

Writing the differential expression of equation (5.186) in the increment form gives
{Ac}, = [C L), {Ac™}, — Awa(S™}, (5.163)

Equation (5.163) shows that within the time interval of Az,, the apparent stress
increment is correlated to the effective stress state, the damage state at the current
moment, as well as the increment of damage and the increment of effective stress
within Az,
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Within At¢,, from equation (5.152), we have
{AG*}H = [D]({As}n - {ASV}n) (5164)

Substituting equations (5.163) and (5.164) into the equilibrium equation (5.159),
we have the equilibrium equation that describes the damage effect,

f (BT [C.),[DIBIAV {(Aul, = (Af )+ / Aen[BIT{S™},dV + / B [C,1IDH Awy ), dV
14 v V

(5.165)
By letting
[D], = [C ,),[D] (5.166)
{S Aot = Aw,{S™}, (5.167)
we can rewrite equation (5.165) as
[kKI{Au}, = {Af ), +{AF"), +{AF}, (5.168)
where
(k] = / [BI"[D],[B]dV (5.169)
v
is the stiffness matrix.
(aF), = [ 1B Lav (5.170)
v
is the additional force caused by damage evolution.
The following equation
(aF'), = [ (BITD), 860,01 (5.171)
v

is the additional force caused by the viscous stress increment.

Under the conditions given in this section, [D],, is proven to be symmetrical and to

have the expression similar to that of matrix [D]. In the case of w =0, [D], becomes
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an elastic matrix and for w =constant with no damage development occurring, the
above proposed algorithm constitutes the constant stiffness algorithm.

5.7.3 Application to stability analysis of an underground opening

Analysis of underground excavation project using damaged rheological model
is conducted and compared with non-damage analysis. The underground project
model described is a metal mine located in a very complicated geological
environment where the old metamorphic rock mass has experienced many times of
tectonic movement. In addition to the faults of various sizes, the joints and fractures
are densely distributed in the mining area. The surrounding rock mass displays
remarkable rheological characteristics. In order to study the surrounding rock mass
stability and to rationalise the supporting scheme, a special testing gallery has been
excavated, with a variety of monitoring instrumentation. Large-size in situ triaxial
rheological tests have been conducted in the gallery to study the rheological
behaviour. The gallery has overlying depth of 500m and a span of 3m with arch
roof. The testing gallery has been supported using initial shotcrete-bolting that follow
the advance of working face closely and secondary shotcrete-steel net supporting.
The grouted bolts are 1.5-1.8 m in length and the total thickness of the shotcreting
layer is about 25cm. Two sections for multi-point borehole extensometer were
installed in the testing segment, each measuring 10 m in depth with six monitoring
points. The observed deformation curve shows obvious 3-stage rheological
deformability. Owing to the uniformly cracked or fractured structure of the
surrounding rock mass, it can be considered approximately as a quasi-continuous
and homogeneous rheological medium.

The rock mass stability around the opening is studied using the viscoelastic—
viscoplastic-damage method discussed in Section 5.7.2, incorporated in a FEM
program. The results from the analysis are compared with the in situ measurements
to check the effectiveness of the model and the method. To make comparison
between the methods, calculations have also been carried out using the rheological
model with no damage evolution.

5.7.3.1 Decomposition of the rheological deformation. According to the model
(Figure 5.15), the overall deformation comprises three parts.

(a) Transient elastic deformation It can be obtained according to Hooke’s law

1
(Ag,) = E[A]{Acr} (5.172)
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where E; is the transient elastic module; [4] is the constant matrix related to
Poisson’s ratio. In the case of plane strain,

1—v2  —v(14vV) 0
[4] = 1—v? 0 (5.173)
symmetry 2(1+v)

(b) Visco-elastic deformation. 1t is calculated from the following equation, for a
time interval Az,

1
(Agyely = - [Al{o}(1 = e~ B/ _ (] — em(Ba/m)Ay e (5.174)
2

where FE, is the delay elastic modulus; 1, is the visco-elastic coefficient; [A4] is the
constant matrix related to Poisson’s ratio.

(c) Visco-plastic deformation. When the material is proven having entered the yield
state according to the criterion of viscoplastic yield, this part of deformation can be
calculated by the following methods.

(i) Visco-plastic yield criterion. 1t adopts Mohr—Coulomb yield criterion, whose
expression under a complex stress state is

1 1
F =sinel 0 — —=sin Osi 12 _ = 5.175
3sm(p 1+ (cos ﬁsm sin (p)(]z) Ccosp =0 ( )

where I} = oy, is the first variant of stress tensor; J, = %(SUG@/, is the second variant
of deviator stress tensor; 0 is Lode parameter,

. RIVER A 1
sin30 = —-————; J3==-0;040,
> (J2)3/2 3 NS

3
is the third variant of deviator stress tensor.

(i1) Visco-plastic stress increment. It can be expressed by:

&(F ))E (5.176)

{évp} = 3{6}

1
-
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where nj; is the visco-plastic flowing coefficient; and

O(F) (F>0)
o) =15 20
®(F) has the form of ¢(F) = F/Fy where Fj is a reference value. The yield function
value of F is dimensionless, and Fy=C cos ¢. Q is the plastic potential function.
Q #F stands for irrelevant flowing, and Q =F stands for relevant flowing; the
relevant flowing law is used here.
From Equation (5.20), the visco-plastic strain increment that occurs in the time
interval of At,=1t,,; —t, can be calculated using the following equation,

{Agy), = An[(1 = O)ep}, + Ofey )] (5.177)

When © = 0, we have Euler’s time integration method and the strain increment is
determined by the strain rate at the current moment, ¢,; when ® = 1, we have the
complete implicit integration method and the strain increment is determined by the
strain rate at the end of the time interval; when ® = 1/2, The implicit trapezoid
method can be adopted.

The above equation is for strain increment of non-damaged material. For
damaged material, the equation is similar, except that the effective stress term is used
instead of the apparent stress term, based on the effective strain concept.

5.7.3.2 Determination of Model’s parameters. The Model’s parameters used for
analysis are obtained through field triaxial compressive rheological tests on the rock
mass. Each parameter used in the damage evolution equation is obtained by fitting
the elastic module of specimens from multi-loading-stage creep tests, i.e.,

E
=1-— 5.178
w=1-% (5.178)

where E is the elastic modulus of the tested body with no damage evolution; the
failure damage value is calculated using equation (5.178) from the elastic modulus.

The values of cohesion (C) and friction angle (¢) are determined from the stress-
volumetric strain curve at maximum volumetric strain. At this stress level, the
swelling deformation initiates. It can be seen from equation (5.150) that the criterion
for damage development is to judge if dilatancy of the rock mass occurs. Therefore,
the method also reveals that the yield condition of the rock mass is the damage
evolution condition. The property parameters are listed in Table 5.2 and the initial
in situ stress field has the vertical and horizontal components of ¢,=20.0 and
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Table 5.2. Material’s properties.

Material Parameters
E; Ey y=1/m; C
(MPa) (MPa) un mp (MPah) [I/MPa-h)] (MPa) (%) K K o,
Rock mass 7500 6500 0.3 174400 045x107* 1.0 330 587x107> 4.82 0.40
Shotcrete layer 22000 0.18
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Multiple point borehole
extensometers (MPBX)
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Figure 5.16. Layout and section view of displacement monitoring in the test gallery.

6, =14.0 MPa, respectively. The shotcrete concrete layer is treated as a linear elastic

medium.

5.7.3.3 Comparison between calculated and in situ measured results. The layout of
monitoring points in the testing gallery in the mining under consideration is shown
as in Figure 5.16. The measured results obtained from extensometer observation

have been compared with the calculated results.
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Figures 5.17-5.20 compare the calculated results and the measured results. From
these results, we can see that the displacement of the gallery periphery calculated by
taking the damage evolution of the rock mass into account is somewhat higher than
the result from conventional viscous calculation. With respect to the attenuation law
of the displacement rate at the periphery and to the distribution of displacements in
the depth of the surrounding rock mass, the computed results by damage model are
better coincident with the measured one. On the distribution of displacements along
depths, the difference between the conventional calculation and the damage
computation lies in the plastic zone. In the plastic zone around the gallery, the

o Monitored roof displacement

20

o o

Damage analysis

Displacement, u (mm)

Non-damage analysis

Time (day)

Figure 5.17. Displacement—time curve of the gallery roof.

3
o Monitored left wall displacement at Section 1
T 0L ° Monitored left wall displacement at Section 2
g
;_’. o . o o Damage analysis
g * °
[ ]
8 1o /e et e o
©
- O s e — -
a ’ Non-damage analysis
a oo
o
(o]
| |
0 100 200

Time (day)

Figure 5.18. Displacement—time curve of the sidewall.
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Figure 5.19. Calculated displacement—time curve of the sidewall with damage evolution of rock mass.
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e Monitored wall displacement at Section 2
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Figure 5.20. Displacement distribution with depth on the sidewalls.

displacement gradient obtained from the damage analysis is greater than that
from the conventional analysis. The conventional value from the damage analysis
is closer to the field measurement. It shows that the visco-elasto-plastic calculation
with rock mass damage evolution can describe more realistically the loosening
failure characteristics in the rheological process of the surrounding rock mass than
the conventional analytical method.
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Chapter 6
Back Analysis and Observational Methods

In recent years, the back analysis method has been widely applied in geotechnical
engineering especially in the underground works. Since Peck [390] proposed this
method in various related analytical methods and numerical methods have been
developed [53-58,391-400].

As a relatively new branch of mechanics, rock mechanics has been developed
by adopting traditional analytical methods of mechanics based on continuum
mechanics. The typical mathematical and mechanical analytical model is somewhat
to find the stress field and deformation field in material by applying the known
external loads (or internal loads) with the known material constitutive relationship,
geometrical shape and mechanical parameters [53—56]. However, back analysis is a
reverse procedure, which is to solve the external load or partial material parameters,
based on the known deformation and stresses at limited points and the partially
known material parameters. In the stability analysis of the geotechnical engineering
problems, it is often necessary to know the in situ stress field, material mechanical
parameters and even the mechanical model, by utilising the monitored physical
information such as deformation, strain, stress and pressure during constructions.
Such a methodology is called back analysis method. The back analysis method,
based on the required input physical information, can be divided into deformation
back analysis method, stress back analysis method and coupled back analysis
method [53]. The physical information in the coupled back analysis method requires
both deformation and stress.

The back analysis has been applied to various geotechnical engineering projects,
particularly to the rock engineering projects. The reason is due to the fact that the
rock masses are very complicated and inhomogeneous. Excavation may disturb the
rock mass to different extents. Therefore, the construction process is not a close
system behaviour, and is affected by the environment and at the same time affects
the environment [63-70,401,402]. In underground excavation and stability analysis,
we face two problems. Firstly, the information available is generally ‘grey’ and
uncertain. It is therefore very difficult to obtain explicitly the exact solution by using
the conventional mathematical and mechanical analytical methods. Secondly, since
the excavation is a process of forming an underground opening, the exchange
of energy would occur between the rock mass and its surrounding environment.

157
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In other words, the rock mass would absorb some external energy and at the same
time, release some energy to the external environment. This would result in some
energy concentration and energy relaxation zones.

Generally, the energy concentration and relaxation zones are obtained by using
conventional continuum-based mechanical methods and they do not account for
the energy dissipation. In fact, actual rock masses do not obey the continuity
assumption, because some cracks and fractures are induced due to stress
concentration and blast effect during the construction. The inhomogeneity and
relative slips at fracture interfaces cause energy dissipation, e.g., thermal energy.
It is often difficult to obtain exact results by using the continuum-based analytical
method to such a discontinuous medium. Therefore, the analysis of rock excavation
must combine both structure analysis and behaviour analysis, since the information
monitored on-site is related to the rock behaviour during the excavation. The
information can supplement the results obtained by using the conventional
analytical method. The deformation monitoring and back analysis is to identify
the ‘grey’ problems by using the information of rock mass behaviour. The rock
engineering problems usually involve several to several thousand meters. It is very
difficult to determine representative or average external loads (in situ stresses in most
cases) and material parameters (such as the Young’s modulus, the Poisson’s ratio,
cohesion and friction coefficient), by testing rock samples. Large-scale in situ tests
are generally very expensive, and often conducted at very few numbers. Hence, it is
difficult to ensure the result as a representative one reflecting the whole project based
on in situ tests. On the other hand, the information used for back analysis is
monitored directly from the actual site. As compared with the in situ large-scale
mechanical tests, the deformation monitoring and back analysis have following
features and advantages:

(a) Monitored deformation is the average response of a rock mass in a large scale,
from several to several tens of meters, sometimes several hundreds of meters.

(b) It corresponds the actual engineering response to the excavation.

(c) It gives large quantity of information, as each monitoring location produces
different information.

(d) It can be correlated with laboratory tests to generate the correlation relationship.

(e) It can monitor the response of rock outside the blast influence zone.

(f) The deformation monitoring is easy to perform.

(g) Monitoring is cost-effective and can be widely used in projects of various
sizes.

With reliable monitoring data obtained from construction site, it is possible to
back analyse the external load and mechanical parameters, by using proper physical
material model and the analytical method.
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6.1. ELASTIC BACK ANALYSIS AND STRESS DISTRIBUTION ANALYSIS

6.1.1 Elastic back analysis

Elastic deformation back analysis method can be classified into three types: force
method, mathematical regression method and graphic method [53-56]. The force
back analysis method can be analytical or a numerical method. The analytical
method is usually used when the excavation shape is simple and analytical solution
can be found. The numerical method, firstly proposed by Sakurai et al. [53,54], is to
assume the deformation at a point in a direction being sum of the individual
deformations produced by individual loads at the same point in the same direction.
Corresponding equation set can then be created. The number of equations or the
number of monitored deformations should be equal to or more than the number of
variables. The variables can then be solved by using damping least square method.
For homogeneous media, the deformation modulus can also be solved. This is
termed the inverse approach of the back analysis method.

6.1.1.1. Basic formulation. The basic formula can be expressed as

(P} = /[B]T{co}dV (6.1)

v

where {c°} is the in situ stress; { P} is the nodal load acting on the excavation face;
V is the excavated volume; [B] is a matrix relating to the element geometry.
The relationship of nodal load {P} and nodal deformation {U} is

{P} = [K){U} (6.2)

where [K] is the stiffness matrix. Using EX and E” to represent the modulus of rock
and lining, respectively, we have
Er
R R
[K]=E ([K ] + 7

[KL]> = ER[K*] (6.3)
where [K®] and [K"] denote the stiffness matrixes when E®=1 and E'=1,
respectively.

The nodal displacement {U} in equation (6.2) can be divided into two parts:
displacements at monitoring points and displacements at other points. They are:

(U") = 2z [41{o°} = [4](60) (64)
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where [A4] is the compliance matrix which is a function of the Poisson’s ratio and the
co-ordinates of monitoring points, G is the normalised in situ stress expressed as

Gp = icg/E GS,/E tg",,/e]T (6.5)

Replacing the absolute displacements in equation (6.4) with relative monitored
displacements, then

{AU™} = [TN[Al{Go} = [47]{Go}
or

160} = [[41714%] 141 1A U™) (6.6)

6.1.1.2. Deformation monitoring and back analysis. An example is given in the
following sections to illustrate deformation monitoring and back analysis technique.

(1) Deformation monitoring of surrounding rock mass. A large underground
hydropower complex is located in a high in situ stress zone in southwest China.
Before the construction, a rectangular test tunnel of 2.5m wide, Sm high and 30 m
long was excavated for deformation monitoring and stability analysis. The layout of
testing tunnel is shown in Figure 6.1. The tunnel is parallel to the exploratory tunnel.
The distance between the two tunnels is 15 m. Three monitoring sections are set in
the test tunnel. Smooth blasting is used around the monitoring sections. Partial
monitoring results obtained from a section are illustrated and discussed in this
example. Three multiple-point borehole extensometers (MPBX) including two bar
electrical transducer and one wire electrical transducer were installed at the roof
of the section. Two MPBXs of steel wire electrical transducer were installed at
sidewalls. The MPBXs are of 10-13 m in length, for roof and sidewalls, respectively.
The monitoring layout is shown in Figure 6.2. The end points are located in the
undisturbed zone and have no deformation. In addition, several monitoring holes of
S5m length are set at the location close to the sections for ultrasonic measurements
and convergence monitoring.

Figure 6.2 shows the monitored final displacements at different points of the
MPBXs. Figure 6.3 shows the displacement-time curves obtained from the MPBX
in the left sidewall. From Figure 6.2, it can be seen that the maximum displacement
reaches about 1.3 mm on the sidewalls, but less than 0.3 mm at the roof. This may be
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Figure 6.1. Layout plan of the monitoring in experimental tunnel.
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Figure 6.2. Displacement measurements by multiple-point borehole extensometers (Section 1 of
Figure 6.1).

caused by the high horizontal in situ stress, and high walls of rectangle shape. In
addition, the longitudinal ultrasonic wave velocity measured from the boreholes
before and after the construction does not change apparently. It indicates that the
surrounding rock has not been damaged or disturbed. The rock is at perfectly elastic
state. From Figure 6.3, it can be seen that the curve tends to be flat when the
excavation approaches Section II (Av/y = 1).
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Figure 6.3. Changes of displacement with excavation.

The displacement monitored at Section I is the deformation after the Im
excavation from Section I towards Section II. Three-dimensional finite element
modelling is carried out to simulate the total displacement and displacements of
different excavation stages. The total displacements at left and right walls are
computed to be 2.54 mm and 2.45 mm, respectively.

(ii) Back analysis and results. The rock mass located around the monitoring
sections of the underground complex is a seinite. The rock mass is fractured and the
fractures are generally closed. The rock mass is under high in situ stresses. The rock
mass is assumed to be uniform, homogeneous and linearly elastic. The in situ stress
in rock is assumed to be uniform. Therefore, the linear elastic theory can be used to
perform back analysis. If the Young’s modulus and the Poisson’s ratio are known, it
is not difficult to back analyse the in situ stress.

By inputting the monitored displacements and adopting the least square method
for solving equation (6.6), the in situ stress can be computed. Taking £ =40,000 MPa
and v=0.15 and treating it as a plane strain problem, the maximum principal in situ
stresses are computed as o; =23.7MPa and 6,=18.7MPa. o, is at 31.5° to the
horizontal plane (Figure 6.4). Figure 6.4 shows comparison of monitored
displacement with the back analysis result at left wall. From the figure, it can be
seen that the back analysis agrees well with the monitoring. It indicates that back
analysis using linear elastic theory is applicable in this particular case. It is also found
that the in situ stress back analysed based on the monitored displacements is very
close to in situ stress measured. In other words, the 2-D rock deformation back
analysis incorporating rock mechanics parameters £ and v and in situ stresses
measured on-site, has verified that the monitored data are reliable.
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Figure 6.4. Monitored and back-analysed displacements at left wall.

6.1.2 Back analysis of in situ stress distribution

In situ stress is generally a necessary input parameter in the analysis of rock stability.
However, for a large underground complex such as the hydroelectric caverns, the in
situ stress cannot be treated to be uniform, as the rock covers very large area (often
more than 300 m). The in situ stress field changes with depth and distance. A stress
function interpolation method [8,52,137] is adopted. Its principle is to use the least
square method to obtain the in situ stress field satisfying stress equilibrium and
deformation condition, based on-site monitoring data and boundary conditions. The
following describes the method for the in situ stress field of the same hydroelectric
complex as in Section 6.1.1.

6.1.2.1. Computational zone and monitored in situ stress. The computational zone
of the underground complex is from the ground surface to a depth of 800 m and
about 200 m radius from the boundary of the opening in horizontal direction. Six
sets of measured in situ stresses are taken [8,52].

6.1.2.2. Determination of stress function. The equilibrium equation at a point in
rock is a set of inhomogeneous linear differential equations. The solution of the
equation set is the sum of its corresponding general solution of the homogenous
equation set and specific solution of the inhomogeneous equation set. The specific
solution is taken as 6, =6,="1,,=1,,=0.=0, 1,. = pgx, and the general solution of
the homogeneous equation set is expressed by the stress functions ¢,(x,y,z),
(¥, ,2) and s (x, v, 7).
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Based on equilibrium equation and stress function, following relations can be
derived.

oo — Fo3 | 80, S 9 s

T2 92 i dxdy

Fo, , Fo; ¥ o,

, = — L= — 6.7
=2 T o Tz 90z S
o _Fe Por P

o2 92 = dzox

By considering the fluctuation and deviation of the measurement data of in situ
stresses, stress functions are assumed to be polynomial of power 4 and the
corresponding stress components to be polynomial of power 2. The general
expression of stress function @;(x, y, z) is:

0(x,p,2) = a;x® + azy2 + a3z2 + asxy + asyz + agzx
+ a7x3 + agy3 + a923 + ajpxyz + a“xy2
+ apx?y + aiyz® + ajgy’z + apszx’

+ a6z x + ayxt + aigy* + aroz* + azoxyz’

+ a21xy22 + azzxzyz + a23xy3 + a24x3y

+ arsyz® + axy’z + anzx® 4 anzx

+ a29x222 + a30y222 + a3122x2 (6.8)

where q; is the extrapolation parameter to be determined. The stress components can
be expressed as

Oy = by + by x + byy + b3z + bax? + bsy? + bez* 4 byxy + bgyz + bozx (6.9)
with

bo=2dy+dy) b =2d5+ds)

by =2Q3ag + d\g b3 = 2(d], + 3ay)
b4 = 2(0,2/6 + 6/27) b5 = 2(60’{8 + a/zg)
be = 2(ahg + ayg) b7 = 2(3as, + d;)
by = 6(ays + ary) by = 2(dyy + 3d5))

where ¢’ and " are the corresponding coefficients of ¢, and @s.
The expressions of stress functions ¢, and @3 and other stress components are
similar to equations (6.8) and (6.9) and are not listed here.
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By substituting equation (6.7) into six deformation equations (other components
are ignored here), we have

2

(1 +V)V20x+ﬁ: 0 (6.10)
ox?

where 6 = 6, + 6, + ©; v is the Poisson’s ratio.

The six extrapolation functions can be eliminated. By considering the relationship
between stress functions and stress components above, each stress function can
eliminate some extrapolation coefficients, and the amount of independent
extrapolation coefficients to be determined becomes 55.

The corresponding boundary conditions must be determined to obtain the
extrapolation functions by using least squares method. They include the stress
measurements at the ground surface and at selected locations. The normal and
tangent stresses at ground surface with outward normal cosine directions of /, m and
n are equal to zero, which can be expressed as

Xo=od+t1ym+1.n=0
Yo=tl+om+1,.n=0 (6.11)
Zyo=1 4+t ym+o.n=0

Substituting the stress components with those extrapolation function coefficients
as listed in equation (6.9) into equation (6.11), all the boundary conditions can be
expressed by extrapolation function coefficients.

Therefore, each stress measurement point below ground has six equations and
each measurement at ground surface point has three equations. These equations
have a general form as

A101(x) + A202(x) + -+ - + A, 00(x) = B; (6.12)

where A, is the extrapolation coefficient to be determined (n=155); x; is the
co-ordinate (x,y,z) of the point; Q; is the exponent function of co-ordinate
(j=1,2,...,n); B;is the stress measurement values at the measurement points or zero
values at ground surface points; i=1,2,...,n,m=6 x I+ 3 x K, Iis number of stress
measurement points, K is the number of ground surface points.

Based on the above equations, all the coefficients of stress functions can be solved
by using least squares method to obtain the co-ordinates of the measurement points.
The in situ stress distribution in the whole zone can thus be obtained. The stress
distribution computed satisfies force equilibrium conditions, continuous deforma-
tion conditions and minimum value in the squares error with actual measurements
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Figure 6.5. Comparison of stresses measured and computed.

and the given boundary conditions. Figure 6.5 shows the comparison of stresses
between the actual measurements and the computed results using the above method.
It can be seen that in general they agree well with each other.

The results obtained by this method were compared with the results obtained by
multiple-variable regression method. It is found that both methods provide similar
results, and the result obtained by this method generally agree better with the actual
measurements. This method is simpler and has the advantage in computer running
time and the preparation work. This method also eliminates the human error in
determining stress field.

Figure 6.6 shows the stress distribution at a section in the middle of the
underground complex.

6.2. VISCO-ELASTIC BACK ANALYSIS AND ITS
ENGINEERING APPLICATIONS

6.2.1 Method of site deformation monitoring and its application results

This section introduces the back analysis method for visco-elastic media using a case
study on a shallow tunnel.
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Figure 6.6. Stress distribution at a section in the middle of the underground complex.
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Figure 6.7. Tunnel section and multiple-stage excavation procedure.

A large railway tunnel is located in a loess layer. The tunnel is a double-lane heavy
vehicle tunnel of 11.5m high, 12 m wide and with 12 m thick overburden. The tunnel
is constructed by the New Austrian Tunnelling Method (NATM) and has an
experimental section to conduct monitoring studies. Monitored vertical deformation
at the crown due to excavation is presented here to illustrate the application of back
analysis. Figure 6.7 shows the tunnel section and multiple-stage excavation

procedure.
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Figure 6.8. Ground condition and instrumentation layout.

Figure 6.8 shows the installation of instrumentation. It can be seen that the
multiple-point borehole extensometers (MPBX) are installed in the boreholes before
the excavation to monitor the absolute deformation in the soil during the tunnel
construction. Relationship between ground settlement and MPBX monitored
displacement are shown in Figure 6.9.

The monitoring results and analysis of MPBX 3 with a period of 65 days during
the excavation of the upper part of the tunnel are shown in Figure 6.10. The largest
deformation of 15.29mm is at the end point (point 1). The deformation can be
divided into three stages:

(a) Initial deformation stage (compression deformation stage) in which the
deformation occurs during the tunnel excavation from the beginning to the
monitoring section, with a period of 24 days. The maximum compression
deformation is —1.91 mm and displacement rate is —0.08 mm/day. All the six
points at different depths have negative deformations. Initially the monitoring
data has small fluctuation in the first 10 days. Then the negative deformation
increases and the curves tend to be close together, indicating that deformations
occurs mainly due to the ground settlement.

(b) Sharp deformation stage. As the tunnel excavation passes through the
monitoring section, the deformations become positive immediately and increase
sharply for 10 days before reaching a maximum of 15.19mm. The average
displacement rate is 1.72 mm/day.



Back Analysis and Observational Methods 169

MPBX

Ground settlement ‘\

!
curve ;, Decreased

1
1
I
\ : } displacement
1
I
1

\I7 |

Measuring point

Excavation direction ——

Figure 6.9. Notation of negative displacement in pre-installed extensometers.
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Figure 6.10. Monitored displacement in borehole 3 with a period of 65 days during the excavation.

(c) Stable deformation stage. When the tunnel excavation is 14 m away from the
monitoring sections, the deformations increase slightly (displacement rate was
0.06 mm/day) for 1 month and then become stable. However, the displacements
at two deeper points (points 1 and 2) decrease in the first several days, indicating
that there may be saturated sand-lens at these locations.

While the lower part is excavated completely, the displacement increased again
about 1-5mm and the average displacement rate is 0.14 mm/day.
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6.2.2 Visco-elastic back analysis

6.2.2.1. Computation method. As noted in the observation, the deformation in
ground above the tunnel develops with the excavation of the tunnel. Therefore,
theoretically it is a 3-D problem. To save the computation time, it is often simplified
as a virtual 3-D problem or a plane problem, but uses the change of a virtual support
force to simulate the unloading due to excavation. Because the monitoring data were
obtained from the excavation of the upper part of the tunnel, analysis is performed
only for the upper part of the excavation. Finite element elastic analysis is
conducted. Figure 6.11 shows the generated mesh. Because of the symmetry, only
half of the domain is taken as the computational model with 144 elements (4-node
isotropic element) and 170 nodes. The in situ stress is obtained from gravity of the
overburden soil. The top of the tunnel is 12 m below the ground surface. The elastic
solution of the stress boundary condition is

J0.2) (6.13)

u(x,y,z) = z

where u(x,y,z) is the displacement at a point in the 3-D space; f(x,y,z) is the
displacement induced by unit load at unit elastic modulus which can be solved by the

/

Figure 6.11. Generated mesh in modelling.
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finite element analysis; P is the excavation load as a function of time.

P = P(x,y,2) |:0.5 — %arctan (t—1ty— 2):| (6.14)

6.2.2.2. Visco-elastic analysis results. Using three-unit visco-elastic model shown
in Figure 6.12 and assuming the Poisson’s ratio as a constant, the visco-elastic
displacement solution can be expressed as follows by transforming equation (6.14)
with visco-elastic responding principle:

U(t,x,y,z) = f(x,y,2)M(t) (6.15)
where,

11 1 Ey e
M(f) = —|= ——arctan(r — tg — 2) || 1 + =2 ¢~ F2/ni=10)
(1) 1|:2 narcan( 0 ):|[ ze

f(x,y) can be computed using 2-D FEM. Subsequently back analysis regression can
be performed for the monitored data by using equation (6.15). Figure 6.13 shows the

d

o

Figure 6.12. The three-unit visco-elastic model.
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Figure 6.13. Regression curves of measurements at points 1 and 4.

regression curves of measurement points 1 and 4. The monitored data are the
absolute displacements combining the ground surface settlements and relative
displacements. It can be seen that the regression data agree well with the monitored
data after the excavation face passed the monitoring sections. Nevertheless, the
overall visco-elastic parameters of the soil can also be obtained from the regression
of the latter part of the curves. The analysis gives E; =15.2 MPa and E, =45.8 MPa,
and are seemingly reliable compared with the empirical values.

6.3. BACK ANALYSIS AND OPTIMISED METHODS IN
TRANSVERSE ISOTROPIC ROCK

The layered rocks such as sedimentary formation are often encountered, so it is very
important to investigate the back analysis method for such media.

6.3.1 Basic formulae of transverse isotropic mechanics

In continuum mechanics, if the media satisfies the assumptions of uniformity,
continuity, small deformation and linear elasticity, the constitutive equations can be
expressed as

O = Dijklskl (616)
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Considering the symmetry of the strain tensor and stress tensor, the elastic
parameters can be reduced from 81 to 36. The matrix form is

{o} = [Dl{e} (6.17)

Due to the symmetry of the elastic matrix, the elastic independent parameters
can be reduced to 21. This can be used in general for anisotropic material that
has three perpendicular elastic symmetric planes. If the axes are located in the
elastic symmetric planes, the general Hooke’s law can be expressed in the form of
matrix as

oy din dpn dis Ex
oy dr dn  dbs 0 Ey
c. dy1 dy  dy &2

S 6.18
Txy des Yxy ( )
Txz 0 dss Vxz
Ty daa Vyz

containing only nine independent elastic parameters.
The stress—strain relationships in the components of the anisotropic media are

oy =diiex + diney + dize:
Gy = d218x + dgzé‘y + d2382
G. = dy16x + dngy + dize.

6.19
Txy = dﬁéyxy ( )
Txz = d55 Vxz
Ty = d447/yz

Assuming that there is a plane parallel to xoz plane at each point in the elastic
body as shown in Figure 6.14, the elastic properties in any direction are equivalent.
The body is called orthotropic medium. The general Hooke’s law has a form of:

Oy din dn diz Ex
oy dy  dn  dx 0 Ey
c. dy1 dyn  dy &z

s 6.20
Txy %(dll - dl2) Vxy ( )
Txz O d44 sz
Tyz d44 Vy:

In this case, only five independent elastic parameters are unknowns. Therefore,
equation (6.17) can be modified to be

(e} = [4}{o) 6.21)

where [A] is the compliance matrix.
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Figure 6.14. Transverse isotropic elastic body.

As the xz plane is an elastic isotropic plane, thus

EXZEZZEV EyZEn
Vxz = Vg Vxy = Vyz = Vp
G = Gy = 0.5 x E,/(1 +vy)
ny - Gyz - Gsn
where [A4] becomes
1 Vi Vs 7
E; E, K
n 1 n
LW 0
E, E, E,
Y M D
= 5 & E (6.22)
G
0 1
Gsn
2(1 + vy)
L E,
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If the main axes of the medium are not the same as the coordinate axes, then [A]
needs to be transformed in coordinate and new compliance matrix is

[4] = [TANTT (6.23)

where [T'] is the coordinate transforming matrix.
For plane strain problems, [4] can be further simplified as

1 —v? —nv,(1+vy) 0
_ L —nv,(T+vy)  n(1=nv?) 0
[4] = E . . E, (6.24)
GSVI
The stiffness matrix is
n(l—nv?) nv,(14+vy) 0
(D] :[A]”:& v (14+vy) 1 —nv? 0 6.25)
m 0 0 mGg, )
E,

where n=E,/E,, m=(1+vy)(1 — v, — 2nv?)

Let us discuss a special and useful case. Assuming the layer plane orientation is
parallel to the tunnel direction (z axis), the excavation face is xoy plane, x axis is
horizontal and is parallel or oblique to the layer plane, the analysis can be conducted
using equations (6.24) and (6.25). If there is a joint set parallel to the layer plane and
with the same mechanical properties, and shear stiffness is K, normal stiffness is K,
and joint spacing is b, the elastic parameters in equations (6.24) and (6.25) can be
determined by using the following equation:

E,=Ev,=v
1
E=——1—
(I/Es n I/Knb)
| (6.26)
G.rn = Gn =

Vp = En l

E,
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6.3.2 Optimisation analysis method
As stated earlier, the inverse approach of back analysis method can be used in a
number of cases with simple conditions. In most cases with complicated conditions,
only the direct approach of back analysis method can be used. This method is
actually a regression method. The most important issue of this direct approach
method is the appropriate understanding of the subject to be back analysed. It
depends extensively on the experience and knowledge. For example, in underground
excavation analysis, the mechanical model (elastic isotropic or anisotropic, visco-
elastic or elasto-plastic models), mechanical analysis method or computational
program have to be determined. When the mechanical model and analytical method
are determined, the next step is to rationalise the regression computation to make it
scientific and fast. This is the optimisation of the direct back analysis to be discussed
in this section. The objective of optimisation, based on monitored convergence
displacement, is to obtain the best sets of material parameters and stress parameters.
Assuming the computational displacement is u(X), monitored convergence
displacement is u? (i=1,2,...,n), the objective function is defined as

n

FOO) =Y [u(x) — ]’ (6.27)

i—1
where
X = [GX) Gya TX)/" E7 V7 ¢, d)]

where o, 6, and 1., are three components of in situ stress, £ is the elastic modulus,
v is the Poisson’s ratio, ¢ is the cohesion and ¢ is the friction angle.

The optimisation method is to make the objective function approach gradually to
minimum in the direct approach. Generally, giving one set of initial parameters X,
and their allowable ranges, the optimisation program searches automatically one
set of parameters X to make the objective function satisfying the given accuracy
requirement.

There are many optimisation methods with or without restraints available [49-51].
Brief outlines of the common optimisation methods are presented below.

(a) Pure shape speeding method: Pure shape acceleration method was developed
from the pure shape method. The pure shape method is to compare the function
values at (n+ 1) peak points of an initial pure shape in n-D space, replacing the
points of maximum function value, with a new pure shape, and approaching
gradually to the points of minimum value through iterations.

(b) Composite shape acceleration method: This method is used to solve optimisation
problems of multiple variables (normally not more than 20) with constraints of
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unequal equations. The optimisation procedure is to take 2n peak points from
non-linear constraints in n-D space to form a pure shape. It is then to compare
function values at each peak point one by one, replace the worst point with a
new point to improve the objective function and satisfy constraint conditions,
and approach gradually to the optimised point.

(c) Mixing penalty function method: This is also termed as sequential unconstrained
minimisation technique (SUMT). It is to add constraint function with equal
equations and unequal equations in penalty, respectively, to the objective
function to form a new objective function with no constraint (penalty function).
So that it converts the original minimisation of objective function with
constraints into a new minimisation of penalty function with no constraints.

(d) New Powell method: This is an advanced optimisation method to solve the
minimisation of complex functions. The iterative procedure is to solve the
minimisation of the objective function along a series of conjugate directions
starting from the initial point (X;). The forming of the conjugate directions uses
only the objective function values at the iteration points. Therefore, it is a direct
method. This method is useful when the objective function is a non-convex
function. In the case of multiple minimum value points within a certain range,
this method can find the optimal point.

For complicated non-linear problems, the objective function is often non-convex
function, and the minimum point is not unique. To obtain the optimal solution,
the optimal searches in one dimension and multiple dimensions are added to seek
minimum points of objective function along conjugate directions. Meanwhile, the
step should be decreased in the area with sharp slope of objective function. After
obtaining the minimum point, the searches will be performed for its two sides to
obtain second and third class minimum points. Comparing them with each other
gives the optimal solution. An optimisation generally has three loops to execute
different functions: optimisation methods, model types (linear, non-linear or
isotropic models) and selection of different back analysis parameters section.
Figure 6.15 illustrates a typical program flow.

6.3.3 Examples of engineering applications

The following example is to illustrate the application of the optimisation method
in back analysis, for a large hydroelectric project. The power complex is located
underground in sedimentary rocks. The surrounding rocks are mainly siltstone inter-
layered with clay slate. Finite element displacement back analysis coupled with an
optimal program was used to examine the displacement distribution, in situ stresses
and rock parameters.
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Figure 6.15. A typical program flow.

As shown in Figure 6.16, Zones 1 and 3 are the siltstone and Zones 2 and 4 are
the clay slate. The siltstone has the Young’s modulus of 28 GPa and 35GPa in
directions perpendicular to and parallel to the rock layer, and Poisson’s ratio of 0.25.
The clay slate has the Young’s modulus of 21 GPa and 27 GPa in directions
perpendicular to and parallel to the rock layer, and Poisson’s ratio of 0.27. The
monitored convergence curves are shown in Figure 6.17. The tunnel was constructed
by using one-stage excavation. The in situ stresses are uniformly distributed in the
surrounding rock masses.

This example is treated as a plane strain problem. The finite element mesh is
generated into four-node four-side isotropic parameter elements with 217 elements
and 252 nodes. The rock masses are assumed to be isotropic. The modelling assumes
that the Young’s modulus between the measured modulus in the two directions, and
the Poisson’s ratio does not change. The back analysis results, obtained using four
optimisation methods, are summarised in Table 6.1.

The analysis results of in situ stresses obtained by the Powell method
are 6,=927MPa, c,=4.80MPa. The measured stresses are o,=9.39 MPa,
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Figure 6.17. Monitored displacement histories.

6, =4.75MPa. The results from back analysis with optimisation are very close to the
actual measured values.

6.3.4 Discussions
The discussions below are based on the experience in using the four optimisation
methods to a variety of engineering problems involving visco-elastic and
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Table 6.1. Results for different analysis methods.

Method

No of iteration Target Back analysis results (MPa)
steps function (107°)
Ox Gy E] E2
Pure shape 15 3.2 —9.04 —4.74 21829.6 30294.0
Composite shape 50 2.5 -9.00 —4.80 21700.0 30560.0
Mixing penalty 15 2.2 -9.04 —4.74 21721.6 30224.5
Powell method 43 3.6 -9.27 —4.80 21700.0 30800.0

elasto-plastic back analysis.

(a) Pure shape acceleration method: It has a fast convergence and a high accuracy,
especially for elastic, isotropic problems with more than two parameters. But
initial value of back analysis parameters must be properly determined in
advance.

(b) Composite shape acceleration: Similar to the pure shape acceleration method,
it has a fast convergence and a high accuracy, but has constraint functions.
Giving constraint functions and an allowable value range of parameters, the
program is able to perform back analysis automatically under the constraint
conditions.

(c) Mixing penalty function method: It has a constraint optimisation function after
the Powell method. It does not require to set properly initial values of back
analysis parameters in advance and can find most optimal solutions satisfying
constraint conditions automatically. It converges faster than the Powell method
because of the 1-D search method feature.

(d) Powell method: It converges slower than that of pure shape and composite
shape, but is applicable when the objective functions are complex non-convex
functions. It can find the most optimal point when minimum points are not
unique in a certain range, especially in the cases of non-linear problems with less
than three parameters.

In summary, for the back analysis of general elastic, anisotropic problems, the
pure shape acceleration method and composite shape acceleration method are the
best choices since they have a fast convergence and a high accuracy. However, for
complex elasto-plastic problems, the Powell method or the mixing penalty function
method should be used to conduct optimisation search, and then use either
pure shape or composite shape methods to perform global optimisation back
analysis to obtain the final results. So the unique result can be obtained with fast
convergence.
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The criteria to select optimisation methods with or without constraint
conditions are:

(a) For the cases when the parameters cannot be determined in range, but can be
estimated as a possible value, the optimal back analysis approach with no
constraint conditions can be used.

(b) However, when the parameters have constraints (equal or unequal constraints),
the optimal back analysis approach with constraints will be a better alternative.

6.4. BACK ANALYSIS OF JOINTED ROCK MASS AND
STABILITY PREDICTION

The sections earlier introduced the back analyses of elastic, visco-elastic, anisotropic
and elasto-plastic problems, but does not attempt the back analysis of jointed rock
mass. This section discusses the back analysis of jointed rock mass. It is illustrated by
an engineering example of a pumped storage hydroelectric complex.

6.4.1 Description of the project and monitoring

6.4.1.1. Description of the project. The large-scale pumped storage hydroelectric
facilities include main powerhouse, transformer house, ventilation and transport
tunnels located underground 200-400 m in depth.

The surrounding rock mass is mainly a medium-grained granite. There are mainly
two joint sets at the crown of the powerhouse, with dip direction of 020-030 and
300-320. The joint spacing is usually 1-2m. The average persistence is about 50%.

Two cases are considered in the analysis. One is to treat the rock mass as an
isotropic medium. Another is to consider the joint sets and treat the rock mass as an
approximately perpendicularly anisotropic medium.

During construction, displacements are monitored at three sections of ventilation
tunnel and transport tunnel.

The positions of measurement Sections I and II in a ventilation tunnel and the
layout of MPBX monitoring is shown in Figure 6.18.

6.4.1.2. Data processing and modification. Due to the fluctuation of the monitored
data, data were processed. In addition, as most instruments are installed after the
face of excavation, the data do not include the displacements occurring before the
installation. The lost displacements are determined using 3-D finite element analysis
for all the points and corresponding modification coefficients are derived. Therefore,
the final displacement based on the 2-D back analysis should be d=d,,+d, =\d,,,,
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Figure 6.18. Monitoring layout in ventilation tunnel.

where d,, is monitored displacements, d; is lost displacement, A is modification
coefficient which is determined from 3-D finite element analysis.

The instruments (multiple-point extensometers or convergence meters) were
installed behind the excavation face about 1 m in the two measurement tunnels.
Therefore, the displacement measurements reflect partial displacement during the
tunnel construction. Three-dimensional finite analysis is to obtain the modification
coefficient and determine total displacement at each measurement point.

The overburden thickness of the tunnels is 405m, so the in situ stresses are
calculated as

o, = 6.89 MPa T,y = —0.49 MPa
6, =9.16 MPa T,. = —0.65 MPa
o, = 13.1 MPa T.x = —0.37 MPa

The Young’s modulus is taken as 3 x 10* MPa, and the Poisson’s ratio as 0.20.

Three-dimensional finite element modelling is carried out for each monitoring
point to estimate the total displacement. Details of the modelling can be found
in [8,9].

Based on the computed total displacement, the monitored displacement will be
modified. It was found that the modification coefficient between the monitored and
the computed displacements was 1.27 (average). The monitored displacements and
modified displacements are presented in Table 6.2.

6.4.2 Back analysis using pure shape acceleration method

The approach of ordinary back analysis method is to: (a) create constitutive model
of the rock mass, (b) assume an initial value of parameter to be back analysed,
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Table 6.2. The monitored and modified displacements.

Measurement lines Measurement points (mm) Remark
1 2 3 4
MP-4 0.29 0.34 0.54 0.62 monitored
0.35 0.50 0.82 0.99 modified
MP-3 0.21 0.33 0.38 0.40 monitored
0.25 0.39 0.49 0.55 modified
MP-2 0.25 0.39 0.41 - monitored
0.30 0.52 0.62 - modified
MP-1 0.45 0.60 0.77 0.85 monitored
0.58 0.77 0.99 1.09 modified

(c) conduct numerical modelling, (d) solve displacements at measurement points, and
(e) compare the computed displacement with monitored displacements. The final
parameter obtained from the back analysis is the parameter giving minimum
difference between the computed displacement and the monitored displacement.

Normally the difference between the computed displacement and the monitored
displacements is expressed by the error objective functions as shown in
equation (6.27). The pure shape acceleration method is used here to conduct
optimisation analysis, because it is an effective method to make the error objective
function be minimum.

6.4.2.1. Computational procedure. Displacement analysis procedure consists of
optimisation analysis and positive modelling. The optimisation analysis is discussed
earlier and its program flow is listed in [403]. The ordinary positive modelling
program is modified from a commercial program, capable to model anisotropic
material. The modelling program flow is given in [404]. The whole program flow is
presented in Figure 6.19, to explain the concept of back analysis.

6.4.2.2. Computational results. The back analysis considers two mechanic models.
One is to assume rock as uniform and isotropic medium with no joint. The material
parameters are E, v, ¢ and ¢. The other is to treat rock as an anisotropic media with
one joint set. The parameters are E, K, and K| to be obtained by back analysis using
corresponding constitutive relationship.

(a) Access tunnel. In case of isotropic rock, two sets of input displacements are
taken in back analysis. Upon optimisation back analysis, the relevant parameters are
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Input parameters and determine
variables to be optimized

|
)

Run prototype optimization
program SIMP

l

Run plane elastic-plastic forward
computing program NCAP-1

l

Calculate objective function F

Figure 6.19. The complete cycle of program flow.

obtained as listed below:

E =3.70 x 10* MPa v=20.15 F=0.6x10"3
o, =—1287MPa o3 =—-547MPa a = 50°

In case of anisotropic rock, in situ stresses are assumed constant, the back analysis
is conducted by inputting in situ stress and corresponding displacement set. The
empirical formulae K,=1/5—1/10K, (Belytschko et al. 1984), is taken as a
constraint condition. The back analysis results are list below:

E =6.419 x 10*MPa K, = 7.25 x 10> MPa/cm
F=0.5 %1073 K, =0.91 x 10° MPa/cm

(b) Ventilation tunnel 1In case of isotropic rock, the back analysis uses modified
displacements at measurement holes MP-4, MP-2. Assuming the Poisson’s ratio
v=0.15, optimised back analysis gives:

E =3.77 x 10* MPa
F=0.1x1072
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o1 = —10.02 MPa
o3 = —6.78 MPa
o = 25°

In case of anisotropic rock, taking the above in situ stress as input data, the back
analysis results are:

E =591 x 10*MPa
F=02x10"?

K, = 48.65 x 10* MPa/cm
K, = 6.08 x 10* MPa/cm

The measured displacements and back analysis results for the access tunnel and
the ventilation tunnel are compared as shown in Figures 6.20 and 6.21. It can be seen
that the results agree well with each other.

Inputting the above back analysis results for each case into the ordinary finite
element modelling, the results are compared with the modified displacement
measurements as listed in Tables 6.3 and 6.4. It can be seen that the results obtained
from back analysis by combining the access tunnel and the ventilation tunnel are
better. For each MPBX, the correlation of measured and back-analysed results is
better at greater depth than that at shallower depth. This may be because the rock at
shallower depth is greatly disturbed by blasting vibration.

6.4.3 Stability prediction of powerhouse and transformer chamber

The powerhouse was constructed by using multiple-stage excavation. In the finite
element modelling, however, only the first and last stages are involved. In this
section, only the latter is discussed.

Two rock mechanical models are considered in the modelling: uniform linear
elastic rock with no joint and anisotropic rock mass with joints. In adopting with
joints, the joint influences are estimated by equivalent method discussed in Chapter
3. Two joint sets are considered and equivalent deformation modulus and equivalent
strength parameters are obtained.

Three key faults are involved in each modelling. The damage distribution is shown
in Figure 6.22. The mesh of the computational model has 596 elements and 589
nodes.

The in situ stresses of ventilation tunnel are obtained by using finite element
modelling as: 6,=9.42MPa, o, =7.369 MPa, 1,, =1.245 MPa.
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Figure 6.20. Comparison of monitored and back-analysed displacement of the access tunnel.

Material parameters of rock are: E=3.7 x 10*MPa; v=0.20; ¢=22.27 MPa;
$=48.1° 6,=5.0 MPa.

Joint stiffness are estimated from back analysis, and joint strength parameters are
estimated from a similar project. The joint parameters are: K, =6.0 x 10° MPa/cm;
K,=7.5x 10> MPa/cm; ¢ =0.5 MPa; ¢ = 35°.
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Figure 6.21. Comparison of monitored and back-analysed displacements for the ventilation tunnel.

Faults material parameters are: E=9.0 x 10° MPa; v=0.25; ¢=0.4 MPa; ¢ = 30°;
o,=1.0 MPa.

The layouts of convergence measurements in the powerhouse and transformer
chamber are shown in Figure 6.23. The displacement prediction results are listed in
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Table 6.3. Comparison of measured and computed results in access tunnel.

Measurement holes Measurement points (mm) Remark
1 2 3 4

MJ-1 0.28 0.56 0.65 0.73 monitored
0.38 0.64 0.72 0.76 anisotropic
0.22 0.47 0.64 0.77 group (1)
0.25 0.46 0.61 0.78 group (2)

MJ-2 0.13 0.35 0.63 0.76 monitored
0.08 0.25 0.54 0.93 anisotropic
0.20 0.39 0.56 0.75 group (1)
0.34 0.79 1.29 1.82 group (2)

MIJ-3 0.02 0.12 0.16 0.45 monitored
0.03 0.08 0.18 0.29 anisotropic
0.21 0.60 0.97 1.34 group (1)
0.11 0.21 0.28 0.31 group (2)

MJ-4 0.08 0.11 0.74 0.84 monitored
0.35 0.62 0.74 0.75 anisotropic
0.26 0.51 0.71 0.91 group (1)
0.25 0.47 0.68 0.84 group (2)

Table 6.4. Comparison of measured and computed results in ventilation tunnel.

Measurement holes Measurement points (mm) Remark

1 2 3 4

MP-4 0.35 0.50 0.82 0.99 monitored
0.45 0.75 0.95 1.02 anisotropic
0.38 0.63 0.95 1.13 group (1)
0.36 0.60 0.92 1.10 group (2)

MP-3 0.25 0.39 0.49 0.55 monitored
0.07 0.28 0.64 0.79 anisotropic
0.15 0.60 1.08 1.07 group (1)
0.13 0.50 0.87 1.02 group (2)

MP-2 0.30 0.52 0.62 - monitored
0.10 0.39 0.50 - anisotropic
0.23 0.57 0.63 - group (1)
0.20 0.53 0.59 - group (2)

MP-predrilled hole 0.58 0.77 0.99 1.09 monitored
0.12 0.34 0.77 0.98 anisotropic
0.10 0.30 0.69 1.06 group (1)

0.09 0.29 0.67 1.04 group (2)
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Figure 6.23. Layout of convergence measurements.

Table 6.5. From the table, it can be seen that the convergence in the case
of considering the joint influence is about 10% greater than that in the case of no
joint.

The displacements on tunnel walls and rock failure zone by equivalent model
are shown in Figure 6.22. It can be seen that in addition to fault zone failure,
shear failure occurs at top and bottom of the tunnel, and tensile failure on the

sidewalls.
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Table 6.5. Predicted displacement of convergence (mm).

Measurement lines 1 2 3 4 5 6 7 8 9

Equivalent approach 11.4 18.5 19.5 6.0 6.9 7.3 10.8 7.4 6.9
Linear elastic 9.7 15.1 16.3 5.0 5.8 6.1 9.0 6.3 5.8

6.5. THREE-DIMENSIONAL BACK ANALYSIS OF ANISOTROPIC ROCK

The example using 3-D back analysis of anisotropic rock mass is shown in this
section, in a large-scale hydroelectric power cavern complex. The hydroelectrical
power is 70 m high and 30 m wide and constructed underground at the downstream
of the right side of a river. The overburden depth is 30—107 m. Two sides of the river
are symmetric with average slope of 45-50°. The project is very complicated with the
following problems.

(a) Poor engineering geology conditions: The rocks encountered are mainly killas
and chorismite with intrusion of other types of rock which are heavily jointed.
Breaking of rock in the tunnel occurs easily due to the excavations. The rocks are
divided into three types. There are several faults intersecting the powerhouse that
may induce instability to the tunnel walls.

(b) High horizontal in situ stress: The site investigation shows that the horizontal
in situ stress is more than twice of the vertical in situ stress.

(c) Faults: There are a number of faults intersecting the complex and in the vicinity.

Experimental and numerical analyses show that the faults intersecting the
powerhouse cavern may be slipped during excavation.

In summary, this project is constructed under high in situ stresses and complicated
ground conditions with non-uniformity, anisotropy and discontinuities. Therefore,
displacement monitoring and back analysis are performed to understand the rock
mass behaviour and in situ stresses [8,52].

6.5.1 Displacement monitoring in trial tunnel and results

6.5.1.1. Set-up of displacement monitoring. In order to understand the behaviour of
underground rock masses during excavation, a pilot tunnel of 1/6 of the cavern size
was excavated at the cavern position. The pilot tunnel is Sm wide, 9.5m high and
54 m long. The pilot tunnel crosses all the three rock types, and three sections are set
up for displacement monitoring. Seven boreholes for MPBX installation are drilled
in Section I and II separately, and four are drilled in Section III. Each section has a
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Figure 6.24. Setting up of MPBX in Section II.

pre-embedded MPBX to monitor whole deformation process. The pre-embedded
MPBX is drilled from the surge chamber to the wall of the pilot tunnel as shown in
Figure 6.24. Each monitoring section has 5-7 measurement points on the wall to
form more than six convergence monitoring lines to correlate with results obtained
by extensometers. In addition, some tests are conducted in the pilot tunnel including
measurements of shotcrete and rock bolt stresses, rock bolt pulling test and seismic
measurement of rock disturbance zone.

6.5.1.2. Monitoring results. The displacement monitoring results are given here
with a period of 250 days until all the displacements become stable. It shows:

(a) Displacement curve tends to be stable in 60-80 days. A typical displacement
set is shown in Figure 6.24. A convergence measurement set is shown in
Figure 6.25.

(b) The smallest deformation occurs in Section I due to the good rock quality, while
the largest displacement is observed in Section III due to the weak rock.
Deformation in Section I is remarkable due to the faults. However, in overall, all
deformations are quite uniform and not extensive.

(c) The disturbance zone of surrounding rock is about 1-1.5 times of the tunnel
size.

6.5.2 Back analysis

Three-dimensional back analysis is conducted by considering anisotropic rock,
complex ground condition and that the in situ stress axis does not coincide with the
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Figure 6.26. A convergence measurement set.

tunnel axis. Only the monitored displacements at middle measurement points are
used in the back analysis, because it is found that the monitored data at two ends of
MPBXs have relatively large error and low reliability. The procedure of back
analysis modelling is similar to that outlined in Figure 6.19 of Section 6.4.2. The
comparison of modelled results and monitored data for Section II are summarised in
Table 6.6.

The back-analysed material parameters of the anisotropic rock mass and in situ
stresses are presented in Tables 6.7 and 6.8. The results indicate that the back-
analysed results are lower than the results obtained from laboratory tests. The results
also reflect the scale effects. In general, large-size rock masses have lower strength
and modulus.

The back-analysed in situ stresses agree well with those measured, as shown
in Table 6.7. From the above results, it can be seen that satisfactory results
are obtained from 3-D non-linear regression based on monitoring displacements.
Figure 6.27 shows modelled displacement curves compared with monitored
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Table 6.6. Comparison of calculated and monitored results in Section II.

Measurement lines 1I-1 11-2 11-3 11-4 11-5 11-6 11-7
Relative Calculated Uy — o 0.18 0.14 0.10 0.15 0.15 0.24 0.23
displacement Monitored 0.19 0.18 0.56 0.15 0.16 0.17 -
Calculated Uy — Uy 0.44 0.36 0.58 0.76 0.68 0.67 0.74
Monitored 0.46 0.40 0.86 0.70 0.37 1.59 -
Calculated U3 — Uy 0.68 0.76 0.90 1.09 0.49 1.64 1.58
Monitored 0.64 0.67 1.22 1.03 0.67 1.78 -
Calculated Uy — U 1.13 1.21 1.53 1.67 2.03 2.36 2.34
Monitored 1.13 1.23 1.48 1.57 2.06 2.25 -
Calculated us — U 2.46 2.66 2.98 2.73 2.90 3.57 3.36
Monitored 2.78 3.14 3.27 2.50 2.99 3.21 -

Table 6.7. Mechanical parameters of rock mass obtained by back analysis.

Classification of E,(x 10° MPa) E (x 10° MPa) u, u,
rock mass

A 17.0 11.5 0.27 0.27
B, 13.5 9.0 0.28 0.28
B, 11.0 7.4 0.28 0.28
C 8.5 43 0.29 0.29
£y 1.0 - 0.3 -
frs 2.0 - 0.3 -

Table 6.8. Comparison of calculated and measured in situ stresses.

In situ stress [ oy G, Ty T, Cq
Measured 5.9 7.2 7.7 0.3 0.2 0.6
Calculated 5.4 6.7 8.0 -0.9 0.4 —-0.5
a —_ b)
21l @ ' 210k (b)
E — — Monitored data E — — Monitored data
=8 —— Modelling results g 81 —— Modelling results
£ 6 £ 6}
8 8
o 4} S 4
2 &
a2 o 2|
1 | | 1 L Il 1
5 10 15 0 5 10 15 20
Distance (m) Distance (m)

Figure 6.27. Modelled displacement curves compared with monitored displacement curves in two
typical MPBXGs.



194 Chapter 6

displacement curves obtained from multiple-point extensometers for two typical
MPBXs. Again, good matches are observed.

6.6. THREE-DIMENSIONAL BACK ANALYSIS OF JOINTED ROCK MASS AND
STABILITY ANALYSIS

A 2-D back analysis of jointed rock mass for a pumped storage hydroelectric power
station was conducted in Section 6.4. The analysis was based on the monitoring
information of two branch tunnels, before the excavation of the powerhouse cavern.
This section is to illustrate, for the same project, the 3-D back analysis based on
monitoring of the powerhouse cavern. Brief concept of the method will be
introduced and some main results will be discussed in this section. The theory has
been discussed in the previous sections.

6.6.1 Mechanic model

Similar to the example in Section 6.4, the equivalent model of jointed rock is also
used in this 3-D back analysis case. For the joint persistence, the 3-D back analysis
uses area equivalence, while 2-D uses line equivalence. The material parameters of
rock and joints are obtained from approximate weighted average based on the joint
arrangement. The joint persistence is taken as 80% from site investigation results.

The material parameters of rock element used in the 3-D modelling are E, v, ¢,, .
and o;, where o, is tensile strength of rock. The parameters used for joints are K,,, K,
¢, ¢; and oy, where o is the joint dip angle.

Equivalently transferring jointed rock mass into quasi-continuous rock mass, new
stiffness matrix [D] can be obtained. It is a 6 x 6 full matrix for 3-D (3 x 3 matrix for
2-D). The new matrix will replace elastic matrix in the finite element modelling for
the rock mass.

6.6.2 Summary of site monitoring data

Five monitoring sections are set up in the powerhouse cavern, while two monitoring
sections are set in the transformer chamber cavern. Altogether, a total number of
36 monitoring MPBXs and 144 monitoring points are installed in those sections.
Upon the completion of powerhouse and transformer chamber constructions,
it is found that only data at 90 monitoring points in 28 MPBXs give effective
data. After data sorting, the data from 15 points in 3 MPBXs have clean trends
and are considered reliable, and these data are used in the 2-D and 3-D back
analysis.
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Figure 6.28 shows the multiple-stage excavation of the powerhouse and the
transformer chamber and the layout of instruments. The instrument details and
monitoring data in powerhouse are shown in Tables 6.9 and 6.10. Data in Table 6.9
are used for 2-D analysis and data in Table 6.10 are used for 3-D analysis. From the
monitoring data it can be seen that the displacements are small with a maximum
value of 6 mm close to the right side of powerhouse cavern.

In Table 6.10, the n horizontal lines refer to (z—1) stage excavation. The
vertical lines across the horizontal lines represent excavation face position and

\ MPBX no

Power Me:
house section

o

MPBX no.

@ Fault

M
N
S

42°

| —J—Excavation

sequence

CM,-5
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/
Transformer M}moring
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Figure 6.28. Excavation stage of the caverns and layout of instrumentation.

Table 6.9. Measured displacement by MPBX (mm).

1 2 3 4 Original status

M;-3 - 2.73 1.12 3.11 After excavation of Stage II

M;-5 - - —2.44 —4.12 Sm away from excavation
face in Stage I

M;-7 0.14 1.01 1.04 3.51 After excavation of Stage I

M;-9 0.17 - 0.90 1.72 After excavation of Stage V

M,-2 1.31 1.47 - 2.28 After excavation of Stage IV

M,-6 3.57 - 5.25 6.05 1.5m away from excavation
face in Stage 1

Ms-1 - 0.11 0.30 0.60 After excavation of Stage 11

M;-2 - 0.72 2.44 5.05
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Table 6.10. Instrumentation set-up and measured displacement.

Arrangement Point Depth Measured value Location
(m) (mm)
1 M;—5 8 —2.44 1
M} -5 23 —4.12 5mF1
2 Mi—6 1 3.57 2
M;—6 8 5.25 | 5m Fz
M3 —6 23 6.05
3 cM| -2 1 0.09 1
CM? =2 3 0.63 | i |
cMt -2 19 0.85
4 é cMt -3 19 0.71
5 cM| —4 1 0.42
CM; —4 8 1.14
CM} -4 19 2.41
6 \I:l CM3 -2 3 35 2
= ——
2
7 li' CM3 -3 8 0.34
8 CM} -4 1 0.91
CM3 —4 8 1.72
9 Ml -7 1 0.14 1
S R
M; -7 3 1.01 —
= —
M -7 8 1.04 1
Mi—1 23 3.51
10 M? =3 3 2.73
M; -3 8 1.12
M} -3 23 3.11
11 M2 -1 3 0.11 5
M:-1 8 0.30 —_
ME—1 23 0.60 5

(continued)
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Table 6.10. Continued.
Arrangement Point Depth Measured value Location
(m) (mm)
12 M2 -2 3 0.72
M:-2 8 2.44
M2 23 5.05
13 Q— CM3 -5 1 0.09 2
CM3 -5 6 0.34 —
S S
cMi -5 12 1.05 2
14 M) -2 1 131 2
M3 -2 3 1.47 _
S
M3 -2 12 2.28 2
15 M -5 1 0.17 1
M -5 6 0.90 eSS
M5 12 1.72 1

that non-crossing the horizontal lines mean that the excavation stage has been
completed.

6.6.3 Finite element back analysis of underground powerhouse complex

Two-dimensional modelling uses 630 nodes and 635 elements, while 3-D modelling
uses 4304 nodes and 3994 elements. Rock material parameters adopted in the 2-D
back analysis are given in Section 6.4. To reduce the mesh preparation work, all the
computations use the same mesh arrangement as shown in Figure 6.29. However,
mesh relating to the excavation will be changed to simulate the multiple-stage

excavation process.
Upon the back analysis, the final rock material parameters are obtained as

following:

E =37 x 10*MPa

n=0.24
c=1.29MPa
b =41°

o, =3.5MPa
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Figure 6.29. 3-D FEM model mesh.

Joint parameters are:

K, = 6.0 x 10° MPa
K, =17.5 x 10* MPa

¢ =0.5MPa
¢ =35°
In situ stresses are:

o, = 8.95MPa
o, = 12.84 MPa
o, = 6.89 MPa
Ty = 0.58 MPa
7. = 0.38 MPa
T, = 0.41 MPa

Comparing above results with results obtained in Section 6.4, there is no much
difference, except the rock material strength parameters.
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The results from the 2-D back analysis and from the monitoring in the
powerhouse and the transformer chamber are compared in Figures 6.30 and 6.31.

The 3-D back analysis results and the monitoring data in the powerhouse are
compared in Figure 6.32.

Displacement (mm)

. MPBX number
Monitored data / Point number
Modelling results — — Mi-2
3

Powerhouse  Section number

Measuring point

Figure 6.30. 2-D back analysis and monitoring in the powerhouse.
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Figure 6.31. 2-D back analysis and monitoring in the transformer chamber.
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Figure 6.32. 3-D back analysis and monitoring data in the powerhouse.
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Figure 6.33. Displacement distribution and failure zone in the rock mass around the cavern.

6.6.4 Stability of powerhouse and transformer chamber

Non-linear analysis of powerhouse and transformer chamber using above
back-analysed parameters provides the displacement distribution in the
surrounding rock mass. The displacement distribution and failure zone in the
rock mass around the cavern at a particular section are shown in Figure 6.33.
The displacements at roof are smaller than those at the walls and the bottom of
the powerhouse. The upward displacement at the lower corner of powerhouse
is the largest. Shear failure occurs locally. The above results are obtained in
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the case of no supports. The rock mass can be stabilised by reinforcement and
support.

From the above analysis results, it can be concluded that the mechanics models,
especially the equivalent continuous model for the jointed rock mass proposed, are
applicable and validated. In addition, the rock mechanic parameters from the back
analysis using those analytic models have given good results. Therefore, the
analytical methods are further verified.

6.7. APPLICATIONS OF STATISTICS MODEL
IN DEFORMATION PREDICTION

In underground constructions, monitoring of rock mass deformation becomes more
and more important and is widely applied. Especially when the observational
construction method is adopted in tunnelling. The deformation monitoring provides
the basic information for back analysis. The information obtained from deformation
monitoring can be used in at least three aspects. Firstly, it is used to predict the safety
during construction. The deformation monitoring can reflect the total deformation
and deformation rate. Secondly, ordinary conditions including in situ stress and
material parameters can be back analysed. Lastly, the monitored deformation can be
used to predict the rock behaviour in subsequent construction [53—56,398,405,406].
This section is to discuss the last application.

There are several methods to predict rock parameters and behaviour in subsequent
construction, for example, the mathematical analytical method. In usual analytical
method, the rock model with material parameters and in situ stresses must be
determined in advance and provided to the model as input data. In back analysis
method, the in situ stresses and material parameters are obtained from back analysis
with monitored data and computational work. However, the statistic method is
aimed at saving computational work. The method relies on the observed rock
behaviour and monitored data, develops the inter-relation between the properties
and behaviour, and predicts the behaviour of the rock [407—413]. This method can
accordingly avoid influences of many mechanical uncertainties and provides results
in short time and with high accuracy.

There are many methods to be used for data regression in statistics approach,
such as Laglongi, power sliding, spline, regression model, time series analysis
and grey system theory [408,410,412,414-417]. In this section, a method combining
non-linear regression method and modified grey system model is introduced through
an example to predict displacement in a project.
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6.7.1 Non-linear regression model

As a statistical model, the regression model requires to make judgement on the data
distribution and to assume a model in advance based on the user’s experience and
skills. Then the parameters of the given model are recognised by least square
estimation of error square sum function. Finally, statistic checking is conducted and
prediction is made. Presently, linear regression model is well developed. For general
non-linear regression model, the least square estimation of parameters is often
carried out by using numerical modelling [24,30,33]. It is transformed to general
linear model by mathematical transformation under certain conditions, and then
obtain least square estimation of parameters.

From the features of rock deformation curves, the regression model is assumed as
hyperbolic function

t

= 6.28
T + Bt (6.28)
where {t;} denotes time sequence, {u;}, (i=1,2,...,n)is the measured displacements.
Let y = t/u, then,
Y=A+ Bt (6.29)
So it is transformed to be a linear regression model.
Setting
1 n
T=- t
s
1 n
Y= 0 ;)’i
n
Ly=Y ;=1 (6.30)
i=1

n
Lyy = Z (yi - y)z
i=1

n

Ly = Z (ti =D =)

i=1
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It is known that

B:Lyz/Ltt
A=73— Bt

The linear relationship of variable y and ¢ can be expressed by using relation
coefficient,

Ly[

VLiL,,

Obviously |r| <1. When |r| =1, it becomes fully linearly related. When |r|=0, it
becomes fully linearly unrelated. The nearer |r| to 1, the more linearly it is related.
Maximum displacement is given as:

r=

. t 1
oo = im 25 = B (6.31)
It is the predicted final displacement.
The initial displacement rate is given as:
u,_,=1/4

From the above two formulae, the physical meaning of 4 and B can be recognised.

6.7.2 Grey system theory model

Because all the grey models GM have the same basic conditions and principles, the
basic grey model GM(1,1) is used here for analysis [414,415]. The grey theory assumes
discretised source data series as u® = {u(lo), u(20)’ ...,u"}, by conducting one accumula-
tion forming treatment (AGO), generates a forming series 1" = {u{", ", ... u(D},
and then creates a one-stage deviation equation, GM(1,1) is created as

1))
du M _

The solution of GM(1,1) is:

b b
A(1) _ 0 Y\ —ar e 6.33
U <“1 a)e + P (6.33)
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(D

Equation (6.33) is the grey prediction formulae. Deviating u,’;,

prediction formulae of source data as:

we can get the

il = (—aul? + b)e (6.34)

GM(1,1) requires equal time step. However, monitoring data do not satisfy this
requirement. Local internal insertion or smooth treatment can be used to form equal
time step.

The GM(1,1) model of equal time step is subsequently improved, to make
it applicable for solving problems of non-equal time step. The improved model
is applied to predict single pile capacity and showed that it was effective. The
key feature of non-equal time step model is to replace grey deviation by the
difference form:

dx(® B XDk + 1) — xV(k) B Ok +1)
dt — Ok+1)—10O0%k) — EDk+1)

(6.35)

The problem now is how to take the background value of dxV/dr. It was
noted that this value does not change significantly when x changes from x'"(k)
to xV(k+1) if 1P(k+1)—1O(k) is sufficiently small. Therefore, we have

2Dk +1) = 0.5xV(k + 1) + 0.5xD(k)

as the background value of dx"/ds between ”(k) and toyk+1).

The background value of dx"/ds can further be improved based on the features
of rock deformation curves that change sharply in the initial stage. Usually u—t
curves is up convex, the background value of dx‘"/dr can be taken as:

2Dk +1) = xXV (k) + xV(k + 1) — VxD(k)xD(k + 1) (6.36)
From equations (6.31), (6.34) and (6.36), we have,

xO%k 4+ 1) + ai "V + DzV(k + 1) = br "Dk + 1) (6.37)
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Based on least squares method, we have,

{ . } = (B"B)'B"Y, (6.38)
where
[ 4-D(2) 0 ]
£-3)
[B] =
L O 1=D(n) |

[0+ 00 - OD0R)]
~[x0@) + x03) - ZO3)|

_[xa)(n — 1)+ xD() — /D = 1)x<1)(n)] 1

x0(2)
x(O)(3)

xO(n)
The measured displacements in underground excavation consist of time series {¢;}

and corresponding displacement series {u;}. The displacement prediction formulae is

obtained from the monitored data as

b b
fi g1 = (uu - —)e““' ) 4 — (6.39)
a a
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where
t(_])(z) 0 —(u1 4+ uy — «/uluz) 1
D(3) —(r + s — Jipiz) ]
(8] = ' x '

0 =D (n) —(Up—1 + ty — Sup_1uy) 1

U — uy

uz — up

Y, =
Uy — Up—1

The stability of the model is often examined by backward error ratio ¢ and small
error ratio p [111].
Error is given as:

e@)=u@)—u@) i=12,...,n

Mean error is given as:
Variance is given as:

Mean of source data is calculated by:

P u(i)
n
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Table 6.11. Classification of accuracy grade.

Accuracy Excellent Good Fair Bad
¢ <0.35 <0.50 <0.65 <0.65
p >0.95 >0.80 >0.70 >0.70

Posterior error ratio is estimated by:

Probability of small error is estimated by:
P :p{}e(l’) - é} < 0.6745sz}

A small value of ¢ represents a good model. A small value of ¢ generally leads to a
large s, and a small s;. Small s5; represents small error deviation, and small ¢ means
small difference between the computational data and the actual data. A large value
of p represents a good grey model, and means more points with small difference
between the error and the mean of error (< 0.6745s,).

The accuracy can be divided into several grades based on ¢ and p value as shown
in Table 6.11. If the ¢ and p values are within the allowable range, the model can be
used to make prediction. Otherwise, the model needs to be modified until the
accuracy is in a satisfactory range.

6.7.3 Engineering application

The grey model is applied to a trial tunnel of a hydroelectric power station. The
layout of extensometers is shown in Figure 6.34. Some regression displacement
curves and monitoring curves are shown in Figure 6.35. The monitoring
displacements and prediction results in later days are listed in Table 6.12.

From Figure 6.35 and Table 6.12, it can be seen that hyperbolic model and
grey model all agree well with monitoring data. The final monitoring displacements
are between the two predictions. Therefore, the use of both models is suggested.

6.7.4 Discussion

The grey model can be created only when the source series is a smooth discrete
function. It requires the source series determined or has a determinable trend.
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Figure 6.35. Regression displacement curves and monitoring curves.

However, the feature of the grey model is to treat source series and to generate
forming series, and to describe x(1) by using the grey amplitude and indirectly
describe x?. Therefore, in practice, the grey model does not require x to be
a smooth discrete function, but allows x® to have certain flexibility. This extends
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Table 6.12. Comparison of measured and predicted displacements.

Time (day) I-3-1 1-3-2 1-3-3 1-3-4 1-3-5

M HM GM M HM GM M HM GM M HM GM M HM GM

140 528 529 521 546 538 526 516 507 492 510 481 494 4.17 4.04 4.15
149 531 530 521 547 539 527 518 5.10 493 511 484 498 4.16 4.05 4.19
167 533 532 521 549 542 528 521 5.13 495 513 487 505 4.18 4.08 428
173 530 532 521 546 543 528 5.14 5.14 496 5.03 488 5.09 4.15 4.09 431
Infinity 549 5.21 5.66 5.29 5.47 4.98 5.15 5.21 431 4.60
II-1-1 II-1-2 II-1-3 11-1-4 II-1-5

94 229 226 2.14 257 258 249 144 146 150 2.15 241 219 1.66 1.56 1.57
103 232 229 222 259 260 250 146 147 1.51 214 215 219 1.65 1.57 1.59
118 231 233 232 259 262 251 143 148 152 213 216 220 1.63 1.59 1.62
128 232 236 237 262 264 252 141 1.50 1.53 2.10 2.17 220 1.61 1.60 1.63
Infinity 2.68 2.77 2.83 252 1.62 1.54 226 221 1.71 1.68

Note: (1) M — Measured; HM — Hyperbolic Model; GM — Grey Model; (2) I-3-1 refers to measurement point 1 in Section
I MPBX 3, similarly for other points.

the application range of the grey model. The behaviour of rock displacement in
underground projects makes the grey model more suitable and applicable.

However, all models are created based on the existing monitoring information. If
geological conditions of the excavation are changed, the models need to be re-created
or otherwise the expected prediction accuracy will become low.

Generally the grey model is applicable in predicting final displacements in
underground engineering. However, hyperbolic model is applicable for describing
monitoring displacements that follows a simple function. It is not suitable for other
situations.
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Chapter 7

Construction Mechanics and Optimisation of
Excavation Schemes

Construction of rock engineering projects, especially large-scale underground
excavations in rock masses, usually requires a long period to complete, i.e., a few
months to a few years. To the extreme, a mining project may take tens or hundreds
of years. The construction of these rock engineering projects will disturb the initial
stable state of the rock masses. After that, various rock mass parameters interact in a
dynamic interactive process until the rock mass reaches a new stable state [1-3]. The
construction is therefore a dynamic interactive process in time and in space.
The success in constructing and managing a rock project not only depends on the
eventual state of the project, but also on the interim process and the construction
methods adopted [63-65,69,70].

Construction of large-scale rock projects is implemented by continual excavation
of new working faces. Each newly excavated face interacts dynamically with the
existing excavated space in time and in space [63,64,66,69]. Rock mass is a geological
medium, which is generally discontinuous, inhomogeneous and anisotropic. The
rock mass has uncertain and variable parameters, which are further changed by the
engineering activities. It is very important to consider the effects of engineering
activities, especially under complex geological conditions such as high rock stress,
weakness zones, faults, joints, and ground water [69,180,348,350,406]. For any
large-scale rock engineering project, the effects of engineering activities must be taken
into account for the design and construction. From the viewpoint of mechanics, the
dynamic interactive process of rock engineering constructions is non-inverse and
non-linear. Its eventual state (or solution) is not unique but changeable with the
interim process [1-3]. In other words, the eventual state is strongly dependent on the
stress paths or stress histories. This leads to the necessity of the optimisation of
construction process.

It is generally impossible to complete the construction of any large-scale projects
just at one stage of full face excavation, especially for large underground caverns.
In practice, they are constructed step by step following a certain sequence of
excavation [67,68]. The excavation scheme is decided according to the layout of
access tunnels, types of tunnelling machines and characteristics of rock masses. In
the series of sequential construction, each step of construction corresponds to a
certain type of temporary cavern geometry, i.e., different sequences of construction
correspond to the different temporary loading conditions. During and after the

211
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construction, rock mass parameters are affected by the continually variable cavern
geometry and loading conditions. Typical rock mass parameters are rock stress, rock
damage and circumferential displacement around the cavern. The disturbance to the
surrounding rock mass and the redistribution of rock stress are primarily due to
excavation activities. Therefore, excavation sequences and associated methods have
widely crucial implication on the deformation and stability of underground
excavation [418—437].

Many engineering measures have been proposed to stabilise the large-scale
underground excavations. Of them, the most effective measure is to adopt a proper
excavation sequence and to install effective rock reinforcement [418-426]. This forms
the principle of the construction mechanics. The initiation and development of
the construction mechanics are presented and discussed in various literatures
[8,9,52,63,68,404,431]. It was proposed that the excavation steps should be reduced
to a minimum number, because the rock mass is of very poor strength against cyclic
loads and movements [68,404]. Some researchers studied the effects of excavation
sequences on the rock stress distribution at different points of surrounding rock
mass [68]. Some suggested that the excavated geometry should match the initial
distribution and orientation of field stresses [194,212,432]. Zhu et al. [52] conducted
comparative studies on multiple schemes of different excavation sequences, and
obtained an optimum scheme for improving the surrounding rock mass. Yu and Yu
[433] presented a new concept of rock memory and emphasised the importance of
analyses on the functions of surrounding rock masses. The basic principles and
applications of construction mechanics are briefly discussed in the following sections.

7.1. BASIC PRINCIPLES OF INTERACTIVE CONSTRUCTION MECHANICS

7.1.1 Basic principles

It has been commonly recognised that the schemes and sequences of rock
excavations and supports have significant effects on the stabilisation and cost of
underground rock engineering projects. The approach of the New Austrian
Tunnelling Method (NATM) actually reflects the significant effects imposed by
excavation activities. NATM emphasises the effects of excavation methods and
attends to the economical aspects of construction [438]. It does not, however,
examine the mechanisms of construction from a wider viewpoint of philosophy. It is
necessary to examine a new concept in rock mechanics and engineering — interactive
construction mechanics of rock engineering.

The concept of interactive construction mechanics applies the rock mechanics
theory to rock engineering practice, by examining the interactive mechanics in the
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excavation and support process [8,9,434]. The principles of the interactive
construction mechanics are outlined in detail in the following paragraphs.

(a)

(b)

©

(d)

Rock engineering construction under complex rock mass conditions is a
complete open system. This open system is affected by the uncertainty in
natural geological factors. As a result, analyses of rock mass stability and
estimation of construction cost become a systematic work. In order to take the
full consideration of the effects of various factors, it is required to study not only
the natural factors (e.g., geological conditions, initial stress and mechanical
properties of rock mass), but also human factors (excavation sequence,
excavation method and geometry). The main idea of this principle is to view a
rock engineering project as an open and interactive system rather than a close
and static system. The interactive viewpoint emphasises both the natural factors
and the human activities. For example, optimisation methods may be adopted in
advance at the design stage to minimise the potential problems. At construction
stage, pre-measures may be taken to reduce the possibility of anticipated
problems. Optimisation analyses should be conducted in advance.

Rock mass stability and economic aspects during and after construction are not
only related to the eventual states, but also to the excavation sequences and
methods. This is because the boundaries of excavated rocks change in time and
in space. From the mechanics point of view, construction is a non-linear process
that is related to both the eventual states and stress paths as well as stress
histories. The sequences of large cavern construction under complex geological
conditions can significantly influence the safety and economy of the caverns
during excavation and operation. The cavern excavation is actually a process
of loading and unloading the rock masses at different time and positions. As
the surrounding rock mass is a non-linear mechanical medium, the different
excavation sequences imply different stress paths and histories imposed on
the rock mass. Hence, it produces very different damage to the rock mass. The
difference in damage produced by the various sequences of excavation may be
very significant.

The approach should be adopted before the construction to determine the
optimum excavation schemes for final decision-making. In the optimisation
analyses, rock supports should be considered as an important factor.
Optimisation analyses on the excavation sequences should be taken after the
cavern design but before the actual construction, in view of the mechanics of
excavation process.

The design and control of construction process have significant effects on the
rock engineering projects. It is important to understand the interaction and the
response of surrounding rock masses, to adopt proper excavation methods and
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rock supporting measures, and to minimise the potential instability. It empha-
sises the control on the construction process. Careful considerations must be
taken to stabilise the rock masses by choosing very suitable construction
technologies and methods, such as charge weight of blasting, instant rock bolting
and shotcreting, and groundwater drainage. That is, the rock mass damages
resulting from the excavating and supporting activities should be minimised.
The optimum construction scheme should be continually modified during the
construction based on observation and monitoring of the surrounding rock
mass. The information on rock mass conditions shall be updated during the
construction, so that the existing scheme can be continually assessed and
improved. The actual rock mass conditions may be different from expected
conditions during excavation due to the high uncertainty in natural geological
environment. The traditional site investigation techniques can only access to a
very small quantity of rock mass. Hence, in situ monitoring can be used to verify
and modify the predictions of the rock mass. Furthermore, the new information
obtained in monitoring can be used for back analyses, or statistical analyses.
Accordingly, modifications can be made to the originally proposed mechanical
model of rock masses, geological and mechanical parameters, and eventually
to the rock structure design and rock supporting measures. The modifications
should be continually conducted during the excavation.

Site investigation, design, construction and research shall be fully combined
within an integrated system. It is unwise to strictly follow a specific scheme and to
ignore the changes in rock mass conditions. Instead, modification of the existing
scheme should be continually carried out according to the current conditions.
This principle emphasises the policy guarantee for the implementation of
the above principles. It is because the construction of large-scale complex
rock projects requires interactive management and close cooperation between
geologists, design engineers, contractors, researchers, clients and site engineers.
One of the differences between rock engineering projects and other civil
engineering projects is that rock engineering projects require continual updating
of the site data and modifications to the initially proposed design schemes. The
excavation methods and schemes should have the flexibility for timely updating
and modifications, which need to be reflected in the design codes and the
construction specifications.

7.1.2 Engineering applications

Applications of the construction mechanics to an engineering project are illustrated
in this section to demonstrate the necessity and importance of optimisation analyses

on

excavation sequences.
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7.1.2.1 Description of the project. The hydroelectric power project is a large
underground cavern complex, consisting of a main powerhouse cavern, a transform-
ing cavern and a tailrace cavern. The powerhouse cavern is 31.2m wide and 72.6 m
high, the transformer chamber is 17.4m wide and 36.0m high, and the surge
chamber is 21.7 m wide and 76.9 m high. Bolts and shotcrete are needed for the rock
reinforcements. The rock type is syenite. The in situ horizontal field stress at the
main cavern is about 25 MPa. The cavern complex is 200 m deep below ground [52].
The initial in situ stress distribution is analysed by the method described in Chapter
6. The plane strain model is used to analyse the changes in stress fields disturbed
by different excavation sequences. The finite element mesh is composed of 815
quadrilateral elements and a few triangular elements. The central part of the mesh
around the caverns is shown in Figure 7.1. An improved two-dimensional non-linear
finite element program, is used in the computation. The mechanical properties of the
rock masses are summarised in Table 7.1. Figure 7.2 shows the constitutive model
of the rock mass. The strength criterion shown in Figure 7.3 is mainly based on the
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Figure 7.1. FEM meshes of the surrounding rock masses.

Table 7.1. Mechanical properties of the rock mass.

Mechanical properties Elastic properties Residual properties
Young’s modulus £ (MPa) 3.5% 10*

Poisson’s ratio p 0.2

Internal frictional angle ¢ (°) 60 54
Cohesion C (MPa) 5.0 1.25

Tensile strength (MPa) 1.7 0
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Figure 7.3. Strength criterion.

Prager—Drucker criterion, which is further modified by increasing the cohesion to
a reasonable value. The distributions of bolts and pre-stressed cables are shown in
Figure 7.4 [52]. The contributions of rock bolts to rock mass stiffness are treated by
equivalent area and stiffness in the computational model, while the contributions to
rock mass strength are treated by increasing the cohesion (internal frictional angle
remains unchanged). These treatment methods adopted have been discussed in
Section 3.3 of Chapter 3.

7.1.2.2 Computational implementation and results for different excavation
sequences. A total number of 11 computational schemes are compared to examine
the influences of different excavation sequences on the rock mass stability. This
includes the schemes of one-, five- or six-stage excavation. The detailed explanations
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Figure 7.4. Installation scheme of rock bolts and cables.

to the different schemes are shown in Table 7.2 and Figure 7.5. The computational
results on some of the schemes are compared and discussed in the following sections:

(i) Non-linear one-stage excavation As an extreme case, the scheme of non-linear
one-stage excavation is firstly considered. The stress in the surrounding rock mass
increases, and becomes greater than the strength. The over-stressed area continually
expands into the surrounding fields. The damage zone is larger than that obtained
from elastic analysis. A large plastic zone connecting the three caverns eventually
forms, as shown in Figure 7.6.

(ii) Non-linear five-stage excavation (5—I and 5—-I1I) The excavation sequence is
given in Table 7.2. The computational results indicate that the damage area is
significantly reduced in comparison with the one-stage excavation scheme. The
difference in displacements at cavern corners also decreases. However, the damage
area around each cavern is still connected, forming a continuous area. After the rock
bolts are taken into account in the computation, the results indicate that the damage
areas around the left two caverns are disconnected, but those around the right two
caverns are still inter-connected, as shown in Figure 7.7. This implies that the results
are not perfect.

(iii) Non-linear six-stage excavation (6—I, 6—II and 6-1II) This is the suggested
excavation scheme by the design engineers. It is divided into three sequences of
excavation: 6-1I, 6-II and 6-III (Table 7.2). The eventual stress state for Scheme 6-1
is shown in Figure 7.8. Although the total damage area is smaller than that of one-
stage scheme, the damage areas between the three caverns are still connected. In this
six-stage scheme, the damage area is in fact slightly larger than that of the five-stage
scheme. This implies that more excavation stages do not always lead to less damage



Table 7.2. Schedule of different excavation schemes and steps for three caverns.

No 1 No 2 No 3 No 4 No 5 No 6 Note

1 (1-0) A,B,C,D.E, Elastic one-step
F,G,H,1.J, excavation
K,L.M,N.P

(1-11)

2 (1-111) A,B,C,D.E, Elasto-plastic
F.G,H,1.J, one-step excavation
K,L.M,N.P

3 (5-111) Al B.F.J G H,K,.L.M C.D.E.N,P

4 6-1) A I B,F,J C,D.E G,K,L.M,N,P H The originally
proposed scheme

5 (6-1I) Al B,F.J G H,K,L.M NP C,D.E

6 (5-111) Al B,J C,K D,F.L E.G,M,N H,P

7 (5-11) Al B.F.J G H,K,L.M N,P C,D.E No tunnels

8 (5-11) Al B,F,J G H,K,L,M C,D,E,N,P Having rock bolts (only
short bolts render
support to rock mass)

9 (5-1D) Al B,F.J G HK,L,.M C,D.E,N,P Having condensed
rock bolts (both short
and long bolts render
support, but they are
not pre-stressed)

10 (6-111) Al B,J CK D.F.L E.G,M,N H.P Having condensed rock
bolts and pre-stressed
rock cables

11 (6-111) Al B.J C,K D.,F.L E.G,M,N H.P Having condensed rock

bolts and pre-stressed
rock cables; subject to
additional load induced
by crane beams

Elasto-plastic

Note: assume that tunnels are completed at the first step of excavation.

81¢C
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Figure 7.5. Different schemes for multiple-stage excavation.
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Figure 7.6. Damage zones and displacements of one-stage excavation without support (non-linear
analysis).
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Figure 7.7. Damage zones and displacements after five-stage excavation with anchoring of rock bolts
(non-linear analysis).
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Figure 7.8. Damage zones and displacement of last stage of six-stage excavation without anchoring
(non-linear analysis).
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Figure 7.9. Damage zones of Scheme 6-I11, (a) at excavation stage 2, (b) at excavation stage 4,
(c) at excavation stage 6, (d) at excavation stage 6 with reduced bolt spacing.

of the surrounding rock mass. Scheme 6111 is suggested based on the analysis and
experience. The two caverns at the left and right sides are first excavated, and the
cavern at the centre is excavated later. Figure 7.9 illustrates the damage area and
displacement distribution at Stages 2, 4 and 6 in the excavation process. It can be
seen that the effects are very significant in isolating the damage areas between
the three caverns, reducing the damage zones around each cavern (within 20m
thickness) and reducing the displacements at the cavern perimeter (half the
displacement in the previous case). Figure 7.9d indicates that the rock mass stability
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is further improved after reducing the spacing of rock bolts and cables. The damage
areas are therefore significantly reduced such that many of them become isolated
individual small areas.

7.1.2.3 Discussions.

(a) The results from numerical analyses show that different excavation sequences
produce very different effects on the rock mass stability. The one-stage
excavation may generate large damage areas and displacements at the cavern
perimeter. This implies that the stress history plays an important role, and the
optimisation of excavation sequences is necessary.

(b) In the situation of multiple cavern excavations in rock mass with high horizontal
stress, in order to minimise the damage zone, excavations should be conducted at
different times. In concurrent excavations, the excavations should be kept at far
distance to reduce the interaction between the excavations.

(c) The excavated volume at each stage of the excavation should be limited to a
reasonable amount in order to reduce the area of over-stressing. In addition,
rock support measures such as rock bolt and shotcrete should be applied
instantly. All of these have positive effects on the rock mass stability.

(d) At the connections between caverns and tunnels, three-dimensional numerical
analyses should be conducted, because the two-dimensional analyses may not
give quantitative results with the simplified model.

(e) Since the above method of excavation optimisation cannot consider the energy
loss in rock mass, the damage areas are generally over-estimated. So they should
be normally used as the reference values for comparisons between different
excavation schemes. Back analysis from monitoring can overcome the short-
coming of the above method.

7.2. APPLICATIONS OF INTERACTIVE PROGRAMMING IN
OPTIMISATION OF CAVERN CONSTRUCTION

The concepts and principles of the interactive construction mechanics of rock
engineering, together with the applications to an engineering project have been
presented in the previous section. However, the method used has its limitations. For
example, the schemes for optimisation analyses are selected based on engineering
experiences. It is possible that the optimal scheme obtained with this method is a
local optimal scheme within the limited number of proposals rather than a global
optimal scheme. In this section, the interactive programming principle and
associated methods are discussed and applied to construction optimisation.
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7.2.1 Principles of interactive programming

The method of interactive programming, originally proposed by Bellman [439] is a
specific technique solving the optimisation problems. Generally, optimisation is the
process of finding the best solution to the problems from a group of possible solutions
according to the given requirements. Correspondingly, the interactive programming
is a multistage sequential decision-making process of finding the best solution.

An optimal policy has the property that whatever the initial state and initial
decision are, the remaining decisions must constitute an optimal policy with regard
to the state resulting from the first decision. This is known as Bellman’s Principle of
Optimality [439].

The main advantages of the interactive programming method are:

(a) An optimisation problem of multiple (#) dimensions can be changed into n
problems of one dimension, which may be solved in a sequential manner. This
solution-searching procedure cannot be implemented with the traditional
optimisation methods.

(b) The global maximum or minimum value can be directly determined. By contrast,
the traditional optimisation methods possibly give the local maximum or
minimum value, which leads to the difficulty of judging the globality or locality
of the solutions obtained. In fact, the interactive programming method is not an
‘algorithm’ but an approach to break and reconstruct the problems so that a
suitable optimisation method can be applied.

The following technical terms and statements are commonly used in the interactive
programming method in describing the optimisation problems.

A physical system can always be taken as a hierarchical system in a certain
sequence. The interactive programming method divides the optimisation problem
into a series of stages, which may represent, for example, time or space. At each
stage, the state of system can be depicted by a relatively small group of variables.
These variables are termed as state variables or state vectors (or simply state). Single
or multiple decisions need to be made in any state of system at each stage. These
decisions may depend on either the stage or the state, or both, while the history
during which the system comes to the current state or stage is not important. In other
words, the decision-making is only based on the current stage or state. After a
decision is made, a benefit is obtained correspondingly. At the same time the system
changes to the next stage. The benefit is governed by a known single-value function
of a certain given state. Similarly, the state of the system after alteration is governed
by a single-value function of the current state altered. The eventual objective of
hierarchical development of the system stages is to find the maximum or minimum
values of the function of state variables. The key elements related to the interactive
programming are stage, state, decision, alteration and benefit.
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Stage: The concept of stage is required in representing the sequence of decision-
making. The function of state is to give the number of the sequences involved in
the system developing process. Many problems seemingly without stage nature
can still be analysed in a stage manner. For example, during the process of
excavation, several excavation phases may be combined into one excavation
stage. The optimisation problems of multiple variables can be treated as a
process of multiple decision-making according to a certain sequence. During this
process, each step in the sequence can be represented by a stage, which depends
on the current state.

State: State space can be represented as a non-nil combination A;. An element
A € A. This element is called as state, which is the description of a variable (or a
group of variables). The state space A is composed of all the state variables. For
example, during the process of excavation, the state variables describe the current
step in excavation sequences within the excavation system. The corresponding
state space A is composed of all the possible excavation steps.

Decision: The system state must include all the information required for
determining all possible decisions. Therefore, for each state A € A, there is a
non-nil combination X,. It is termed as decision combination of A. One of
the elements, X3(A) € X; is a decision or a decision variable. It represents
an allowable choice when the system is at the state A. Decision combination
X, is composed of all the possible choices when the system is in the state A.
For example, as shown in Figures 7.10 and 7.11, the decision under the state
PITIT2T3 is T4 or P2.

Powerhouse /;1\

P1 T2
T3
P2
53 T4
P4 Transformer chamber
P5 |

P6|-——

Figure 7.10. Excavation stages of the powerhouse and transformer chamber.
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P3_ _T4-P5-P6
P T4-P6

2\ P P6-T4
2... |

=
f< P2... |

L
T1
P P2

\..

Figure 7.11. Possible combinations of excavation sequences.

(d) Benefit: Because a problem of dynamic programming is an optimisation
problem, there may be an objective function to assess the given decisions. The
total benefit is a combination (sum or product) of benefits at all the stages. It is
the accumulation of state alteration (from one stage to another). The benefit
function is changeable from one stage to another. There is a requirement for
proper definition of the benefit at each stage. For example, for the optimisation
of the cavern construction, the benefit function can be defined as the area of rock
damage around the caverns.

7.2.2 Applications to the optimisation of cavern construction

A hydropower station is chosen to demonstrate the applications of the interactive
programming method. The station mainly consists of a powerhouse cavern (20 m
span and 45m height) and a transformer cavern (18 m span and 28 m height).
The design excavation scheme includes six stages (numbered as P1,P2,...,P6) for
the power house cavern and in four stages (numbered as T1, T2, T3, T4) for the
transformer cavern, respectively, as shown in Figure 7.10.

To simplify the optimisation problem, some assumptions are made as follows:

(a) Caverns are excavated in the sequence from top to bottom within each stage;
(b) Each excavation stage is considered as one excavation phase; and
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(c) Stage P1 corresponds to the first phase of excavation for the powerhouse cavern,
and so on.

A total of 168 possible construction schemes can be obtained. However, it is
impossible to conduct finite element computations for all the 168 excavation
schemes. In the past study, a limited number of schemes were selected for the finite
element computations, and the computing results are compared to obtain a local
optimal scheme. In the present study, a global optimal scheme is determined from n
number of possible schemes, and,

n= XN,

where X, is the total number of excavation sequences, and N, is the number of
caverns. For the case in this study, n=10 x 2 =20. That is, only 20 finite element
(FEM) computations are required to obtain the global optimal scheme.

Figure 7.11 schematically illustrates some of the possible combinations of
excavation sequences. In the FEM computation, rock mass is treated as an isotropic
elastic-plastic medium. The mechanical properties are shown in Table 7.3.

The in situ field stress is calculated based on the back analysis conducted in
Section 6.5 of Chapter 6,

6, =943MPa, o,=743MPa, 1, =124MPa

To investigate the effects of in situ stress on selecting the construction sequences,
four conditions of stress field are assumed by changing the angle o between o
and horizontal direction. These are: (a) a=25.2°, (b) «=0° (c) aa=90°, and
(d) «=—-25.2°, as shown in Figure 7.12.

The benefit function is defined by the area of rock damaged around the cavern.
Figure 7.13 illustrates the optimisation process for Case (a), where the value in the
bracket is the benefit. Figure 7.14 shows the distribution of damage zones around
the cavern corresponding to the four cases in Figure 7.12. Table 7.4 shows the
computational results for the four conditions of field stresses of Figure 7.12.

Table 7.3. Mechanical properties of the surrounding rock mass.

Parameter E (MPa) % ¢ (MPa) o () R, Mpa)

Value 35000 0.22 1.30 50.20 5.0
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Figure 7.12. Different distributions of principal stresses.

P1
p2(356) T1(376)
P3(342) T1(467)
P4(420) T1(510)

P5(467) T1(558)

Poe35) 11604
T2(651)
P6(772_
T3(668)
P6(878)

P6(895) T4(691)
P6(836)

Figure 7.13. Optimisation process for excavation case (a) in Figure 7.12.

48 ¢
oo pno

—1 Damage zone

Figure 7.14. Damage zones in surrounding rock masses corresponding to cases in Figure 7.12.
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Table 7.4. Computational results for different stress field in Figure 7.12.

Stress field (a) (b) (c) (d)
Optimal scheme P1...P5TI The same P1P2T1T2P3 The same
... T4P6 as (a) T3T4P5P6 as (a)
Damage area (m?) 836 1119 1370 1282
Maximum horizontal 1.24 1.46 0.87 1.44

relative displacement

Table 7.5. The eventual damage area and displacements for different construction schemes.

Schemes 1 2 3 4 5
Damage area (m?) 1730 859 928 938 836
Maximum horizontal relative displacement 1.90 1.21 1.36 1.23 1.24

To compare the results for different construction schemes under the same stress
field (a), the following schemes are first selected:
Scheme 1: PT (one-step full-face excavation)
Scheme 2: P1-P2-P3-P4-P5-P6-T1-T2-T3-T4
Scheme 3: P1-T1-P2-T2-P3-T3-P4-T4-P5-P6
Scheme 4: P1-P2-T1-P3-P4-T2-P5-P6-T3-T4 (actual construction)
Scheme 5: P1-P2-P3-P4-P5-T1-T2-T3-T4-P6 (optimal construction)
The damage area and the displacement at the cavern edges for the above five
schemes are compared in Table 7.5.

7.2.2.1 Discussions. The interactive programming method is more efficient than the
traditional enumerating method in the optimisation of large volume underground
excavation. Although it cannot be totally ensured that the obtained optimal scheme
is the real global one due to constraints from the assumptions and the specially
defined benefit function, the result can at least be taken as the relatively global
optimal scheme under the assumed conditions. Improvement is still required in
the future.
The following conclusions can be drawn from this study:

(a) After the excavation steps are determined, the optimal excavation scheme is
significantly influenced by the in situ stress magnitude and direction.

(b) The optimal scheme searching method used in the present study largely shortens
the computation time in comparison with the traditional enumerating method.
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The required computing time is proportional to the product of the total
excavation steps and cavern number.

(c) The benefit function needs to be properly pre-determined. For example, it can
be the convergent displacement, damage area, or both. On the other hand,
because the benefit function adopted in the present study is the damage area at
each step of excavation rather than the accumulated damage area after the last
excavation step, it may not be ensured to find the global optimal scheme. Global
optimal scheme can be obtained by combining the benefit functions.

(d) In the present study, only stress field is taken into consideration. In the cases of
presence of major geological structures, further investigation is required.

(¢) The results in this study are obtained through two-dimensional numerical
computation. They provide qualitative basis for three-dimensional FEM
problems of cavern construction. In fact, it is very difficult to fully solve the
optimisation problems by three-dimensional numerical modelling. The possible
approach to the three-dimensional optimisation problems is to compare the
computational results for a few representative construction schemes.

(f) It can be seen from Table 7.5 that the cavern layout and excavation steps have
been arranged in such a way that an optimal construction scheme can be
achieved. However, the actual construction may not follow the optimal scheme.
The damage area in the actual construction is 12% larger than that in the optimal
construction scheme, while the maximum horizontal displacement at sidewalls of
the cavern is almost the same.

It should be noted that the method in this study provides the optimal scheme for
construction sequences in view of rock mass stability of the caverns. Before the
method is used, the excavation steps have been pre-determined. Cavern construction
optimisation shall be conducted by considering both the rock stability and the
economics, based on the site conditions.

7.3. ARTIFICIAL INTELLIGENCE TECHNIQUES IN CONSTRUCTION
OPTIMISATION

In the previous section, the interactive programming theory is applied and engi-
neering case studies are conducted to illustrate the method of cavern construction
optimisation. However, there are still two problems to be solved: (a) determining all
the possible construction sequences; and (b) creating the input data files required by
the numerical computations according to the selected construction sequences.
Traditionally, this work is manually implemented with very low efficiency. The
artificial intelligence technique has the capabilities of reasoning, understanding,
planning, decision-making and learning [1-3,440-443]. Its applications to cavern
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construction optimisation can help to solve the above problems. In this section, the
artificial intelligence technique is utilised in such aspects as automatic determination
of construction sequences, automatic generation of input data files and automatic
decision-making for construction optimisation.

7.3.1 Artificial intelligence language prolog

Prolog is a very important language tool in artificial intelligence programming, and
is mainly used to deal with logic problems. Prolog language enables computers to
have reasoning capability in problem solving. Since it was produced in 1970s, it
has quickly become a popular language of artificial intelligence. Prolog is similar
to natural languages, and is therefore easy to learn and utilise by the users. The
computer program written with this language is simple and understandable. The
reasoning capability of prolog has lead to wide applications in the fields of database,
logic algorithm, expert system, natural language interpretation, and automatic
programming.

One of the typical prolog languages is Turbo Prolog. Turbo Prolog has kept the
main advantages of the traditional explanation type prolog, with enhanced running-
speed improved functions.

In comparison with other computer languages such as Pascal, Turbo Prolog is a
more advanced language. The program written with Turbo Prolog is 10 times shorter
than that with Pascal for the same problem. This is because Turbo Prolog has an
internal pattern-matching mechanism, and a simple but effective method to deal with
recurrent process. These two advantages are utilised in this study for construction
sequence determination.

7.3.2  Problem solving algorithm in cavern construction optimisation

7.3.2.1 Automatic determination of cavern excavation sequences. Determining
cavern excavation sequence is to find out all the possible excavation sequences.
Suppose that a cavern complex comprises Cavern A and Cavern B. Caverns are
divided into different excavated faces a;, a>,..., ag and by, by, ..., by, as shown in
Figure 7.15. The basic rules for excavation are (Zhu et al. 1992):

(a) Excavation face a, is the first step;
(b) One face is excavated as one step;
(c) Each cavern is excavated from top to bottom.

A data table is the basic structure in Turbo Prolog language. It is equivalent to
the data group in Pascal language. This table consists of a set of sequential elements.
The order of data in the table is an important feature of table. In this context, the
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a, b,

a

a, b,

a4 b3

as

ag b,
Cavern A Cavern B

Figure 7.15. Stepwise excavation of cavern complex.

excavated faces in each excavation step are represented by the elements of the table,
and the excavation sequence is represented by the element order in the table. For
example, a table L =[a;, b, a,, by, a3, bz, a4, by, as, ag] represents that: (a) the
excavated face at first excavation step is a;, (b) the face at the last step is ag, (c) the
element sequence in the table is the excavation sequence, and (d) there are a total of
10 excavation steps.

For the initially generated table [a;, a,, a3, a4, as, a¢, by, by, b3, by, the element
order in the table is quickly determined according to the above three rules. The
results are written into the output file ‘order.out’, which includes the combination
of all the possible excavation sequences.

To implement the above process of sortation in the table, eleven predicates are
defined. It is commonly known that a sentence in computer program is of two-fold
characteristics: description and operation. When a computer program is constructed,
people always pay attenuation to its operation. However, when the program needs to
be verified and explained, people always concern about its description. When a logic
algorithm is constructed, one of the methods for combining the two characteristics
is to construct the program by considering its operation at first instance, and then
translate it into descriptive sentences.

A computer program is generally constructed from top to bottom according to
the sequential steps of problem solving. In other words, a general problem is firstly
broken into several sub-problems, and then the sub-problems are individually
solved. This is a natural process to construct computer programs.

Describing the logic in the table order is to find the sequential position exchange of
the elements in the table. The logic module is ‘sort (Xs, Ys)’, where Ys is the table
obtained when all the elements in Xs satisfy the ‘ordered’ condition.
sort (Xs, Ys): — permutation (Xs, Ys), ordered (Ys)

The statement ‘sort (Xs, Ys)” has been broken into ‘permutation (Xs, Ys)’ and
‘ordered (Ys)’, which are further explained as below.
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Checking whether a table is arranged in the right order according to given
requirements can be implemented with the following sentences:

ordered ([-]).

ordered (Ys): —

is_after (a, a;, Ys), / *a, and Ys are after a; */
is_after (as, a,, Ys),

is_after (a¢, as, Ys),

is_after (by, a;, Ys),

is_after (b,, by, Ys),

is_after (by, bz, Ys),

‘Fact’ indicates that only the tables consisting of one element have been
arranged in order, while ‘rule’ indicates that the order must satisfy the three
assumptions.

Permutation represents a manner of element position exchange in the table. That
is, an element is randomly selected, then it is taken as the first element in the table,
and then the other elements are iteratively exchanged. Its basic fact indicates that a
nil table is the only exchange. Permutation ([a;,...,a,], L) feeds back the result that
L has a total number of #n! solutions.

Permutation (X, [Z|Z]): —select (Z, X, Ys), permutation (Y, Zs)
Permutation ([ ], [ ])

Determining the relative positions of two elements involves three predicates:
member, position and is_after. Member is to determine whether an element is
involved in the table:

member (X, [X]|Xs]),
member (X, [Y|Y;]): —member (X, Yj).

The above program means: if X is the first part of the table, or X is the element of
the last part of the table, then X is an element in the table.
Position is to calculate the position order of an element in the table:

position (A, [A|_], 1),
position (A, [_[T], N): —
member (A, T),

position (A, T, No),
N=No+1

It is specified that A is placed at the first position if A is the first element in the
table. The meaning of ‘is_after (A,, A, L)’ is: if the position number of A, is bigger
than that of A, A, is after A; in the table.
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The result of selecting X from [X|X;] is X, or, if the result of selecting X from Yy is
Z,, then the result of selecting X from [Y|Y;] is [Y]|Z,], i.e.,

select (X, [X|Xs], Xs)
select (X, [Y|Ys], [Y|Zs]): — select (X, Y, Zs)

‘Writelist (L)” and ‘write10 (list, N)” mean that a table is exported and each line of
the table contains N symbols.

‘Run’ means that the results of order arrangement are saved in the file ‘order.out’.

‘Make-cut (L): —L =Ly (cut/fail method) means that the program is repeatedly
run until L is equal to Ly. Ly can be displayed on the screen in advance.

In general, the above method can be described as: the initial table of excavation
sequence is processed through Predicate ‘sort’, and then a table of order arrangement
is produced according to the ‘ordered’ rule.

The program Autoorder.PRO for generating the excavation sequence is described
as below:

Autoorder.PRO
code = 10000
trail = 4000
errolevel = 0

domains

A = symbol
N = integer
file = myfile
list = symbol*

predicates

run
ordered (List)

member (A, List)
make_cut (List)
write10 (List)

sort (List, List)
writelist (List)

is_after (A, A, List)
position (A, List, N)
select (A, List, List)
permutation (List, List)
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clauses

position (A, [A]_], 1).
position (A, [_|T], N): —
member (A, T),

position (A, T, NO),
N=NO+1.

is_after (A2, Al, L): —
position (Al, L, K1),
position (A2, L, K2),
K2 > KI.

member (Name, [Name|_]).
member (Name, [_|Tail]): —
member (Name, Tail).

select (P, [P|X], Xy).
select (P, [Y|Y], [YIZ]): —
select (P, Y, Z).

permutation (X, [Z|Z]): —
select (Z, X, Y),
permutation (Y, Z).
permutation ([ ], [ ]).

writelist (NL): — writel0O(NL, 0), ny.
writel0 (TL, 10): — !, writel0 (TL, 0).
Write10 ([H|T], N): — !, write (H, ““ ),

NI=N+1, writel0 (T, N1).
Writel10 ([ ], ).

ordered ([ _]).
ordered (Y,): —
is_after (as, a5, Yy),
is_after (as, a5, Yy),
is_after (a4, a3, Y),
is_after (as, as, Ys),
is_after (as, as, Ys),
is_after (by, a;, Yy),
is_after (b,, a1, Yy),
is_after (bs, by, Yy),
is_after (by, bz, Yy),

233



234 Chapter 7

sort (X, Yg): —
permutation (X, Yy),
ordered (Yy).

run: —
openwrite (myfile, “‘order.out™),

sort ([a;, aj, a3, a4, as, g, by, by, bs, byl, L),
writedevice (myfile),

writelist (L)

make_cut (L), !,

closefile (myfile).

Make cut (L): —
L =[ay, by, by, bs, by, as, a3, ay, as, agl.

goal
run.

It can be seen that the program is simple and easy to understand. Figure 7.16
shows the computational results on all the possible construction sequences (a total
of 126 schemes). It only requires about one minute to run the program in a 486
computer. By comparison, the manual method is time-consuming and some
schemes may be missed. Figure 7.17 schematically illustrates partial manual results
by manual sorting.

7.3.2.2 Automatic generation of data files for finite element computation. The finite
element program used in this study is written by the authors. The structure of data
files required for determining the excavation sequences is shown in Figure 7.18.
Each data file above is divided into two files: const.dat and excav.dat. The first
one is the same for each excavation scheme, and the second one is changeable with
different excavation schemes. The information on multi-stage excavation is saved
into data files named according to the excavated faces. For example, Data file al
contains the information on excavating face al. Data files al, a2, a3, a4, a5, a6, bl,
b2, b3, b4 are then processed to form a complete file excav.dat, which represents
excavation scheme [al, a2,...,a6, bl, b2,...,b4]. Two predicates are used in the
processing: ‘file_str (Filename, Text)” and ‘form_fort.file (L)’. The ‘file_str (Filename,
Text) reads symbols from a data file and sends them into a variable or a file. The
‘form_fort file (L)’ defines a data file as the symbol at the top of the table (the first
excavation step); and then sends the content of data file to a variable termed as ‘text’.
The ‘text’ is finally written into the data file ‘excav.dat’. This process continues until
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al a2 a3 a4 a5 a6 bl b2 b3 b4
al a2 bl b2 b3 a3 a4 a5 b4 a6
al a2 a3 a4 a5 bl b2 b3 a6 b4
al a2 bl b2 b3 a3 a4 b4 a5 a6
al a2 a3 a4 bl a5 b2 a6 b3 b4
al bl a2 a3 a4 a5 a6 b2 b3 b4
al a2 a3 a4 bl b2 a5 a6 b3 b4
al bl a2 a3 a4 a5 b2 b3 b4 a6
al a2 a3 a4 bl b2 b3 a5 a6 b4
al bl a2 a3 a4 b2 a5 b3 b4 a6
al a2 a3 bl a4 a5 a6 b2 b3 b4
al bl a2 a3 a4 b2 b3 b4 a5 a6
al a2 a3 bl a4 a5 b2 b3 b4 a6
al bl a2 a3 b2 a4 a5 b3 b4 a6
al a2 a3 bl a4 b2 a5 b3 b4 a6
al bl a2 a3 b2 b3 b4 a4 a5 a6
al a2 a3 bl a4 b2 b3 b4 a5 a6
al bl a2 a3 b2 b3 a4 b4 a5 a6
al a2 a3 bl b2 a4 a5 b3 b4 a6
al bl a2 b2 a3 a4 a5 b3 a6 b4
al a2 a3 bl b2 a4 b3 b4 a5 a6
al bl a2 b2 a3 a4 b3 a5 b4 a6
al a2 a3 bl b2 b3 a4 b4 a5 a6
al bl a2 b2 a3 b3 a4 a5 b4 a6
al a2 bl a3 a4 a5 b2 a6 b3 b4
al bl a2 b2 b3 a3 a4 a5 a6 b4
al a2 bl a3 a4 b2 a5 a6 b3 b4
al bl a2 b2 b3 a3 b4 a4 a5 a6
al a2 bl a3 a4 b2 b3 a5 a6 b4
al bl b2 a2 a3 a4 a5 b3 a6 b4
al a2 bl a3 b2 a4 a5 a6 b3 b4
al bl b2 a2 a3 a4 b3 a5 b4 a6
al a2 bl a3 b2 a4 b3 a5 a6 b4
al bl b2 a2 a3 b3 a4 a5 b4 a6
al a2 bl a3 b2 b3 a4 a5 a6 b4
al bl b2 a2 b3 a3 a4 a5 a6 b4
al a2 bl a3 b2 b3 b4 a4 a5 a6
al bl b2 a2 b3 a3 b4 a4 a5 a6
al a2 bl b2 a3 a4 a5 b3 b4 a6
al bl b2 b3 a2 a3 a4 a5 b4 a6
al a2 bl b2 a3 a4 b3 b4 a5 a6
al bl b2 b3 a2 b4 a3 a4 a5 a6

al a2 bl b2 a3 b3 a4 b4 a5 a6
al a2 a3 a4 a5 bl b2 a6 b3 b4
al a2 bl b2 b3 a3 a4 a5 b4 a6
al a2 a3 a4 bl a5 a6 b2 b3 b4
al a2 bl b2 b3 b4 a3 a4 a5 a6
al a2 a3 a4 bl a5 b2 b3 b4 a6
al bl a2 a3 a4 a5 b2 b3 a6 b4
al a2 a3 a4 bl b2 a5 b3 b4 a6
al bl a2 a3 a4 b2 a5 b3 a6 b4
al a2 a3 a4 bl b2 b3 b4 a5 a6
al bl a2 a3 a4 b2 b3 a5 b4 a6
al a2 a3 bl a4 a5 b2 b3 a6 b4
al bl a2 a3 b2 a4 a5 b3 a6 b4
al a2 a3 bl a4 b2 a5 b3 a6 b4
al bl a2 a3 b2 a4 b3 a5 b4 a6
al a2 a3 bl a4 b2 b3 a5 b4 a6
al bl a2 a3 b2 b3 a4 a5 b4 a6
al a2 a3 bl b2 a4 a5 b3 a6 b4
al bl a2 b2 a3 a4 a5 a6 b3 b4
al a2 a3 bl b2 a4 b3 a5 b4 a6
al bl a2 b2 a3 a4 b3 a5 a6 b4
al a2 a3 bl b2 b3 a4 a5 b4 a6
al bl a2 b2 a3 b3 a4 a5 a6 b4
al a2 bl a3 a4 a5 a6 b2 b3 b4
al bl a2 b2 a3 b3 b4 a4 a5 a6
al a2 bl a3 a4 a5 b2 b3 b4 a6
al bl a2 b2 b3 a3 a4 b4 a5 a6
al a2 bl a3 a4 b2 a5 b3 b4 a6
al bl b2 a2 a3 a4 a5 a6 b3 b4
al a2 bl a3 a4 b2 b3 b4 a5 a6
al bl b2 a2 a3 a4 b3 a5 a6 b4
al a2 bl a3 b2 a4 a5 b3 b4 a6
al bl b2 a2 a3 b3 a4 a5 a6 b4
al a2 bl a3 b2 a4 b3 b4 a5 a6
al bl b2 a2 a3 b3 b4 a4 a5 a6
al a2 bl a3 b2 b3 a4 b4 a5 a6
al bl b2 a2 b3 a3 a4 b4 a5 a6
al a2 bl b2 a3 a4 a5 b3 a6 b4
al bl b2 b3 a2 a3 a4 a5 a6 b4
al a2 bl b2 a3 a4 b3 a5 b4 a6
al bl b2 b3 a2 a3 b4 a4 a5 a6
al a2 bl b2 a3 b3 a4 a5 b4 a6

al a2 a3 a4 a5 bl a6 b2 b3 b4
al a2 bl b2 b3 a3 a4 a5 a6 b4
al a2 a3 a4 a5 bl b2 b3 b4 a6
al a2 bl b2 b3 a3 b4 a4 a5 a6
al a2 a3 a4 bl a5 b2 b3 a6 b4
al bl a2 a3 a4 a5 b2 a6 b3 b4
al a2 a3 a4 bl b2 a5 b3 a6 b4
al bl a2 a3 a4 b2 a5 a6 b3 b4
al a2 a3 a4 bl b2 b3 a5 b4 a6
al bl a2 a3 a4 b2 b3 a5 a6 b4
al a2 a3 bl a4 a5 b2 a6 b3 b4
al bl a2 a3 b2 a4 a5 a6 b3 b4
al a2 a3 bl a4 b2 a5 a6 b3 b4
al bl a2 a3 b2 a4 b3 a5 a6 b4
al a2 a3 bl a4 b2 b3 a5 a6 b4
al bl a2 a3 b2 b3 a4 a5 a6 b4
al a2 a3 bl b2 a4 a5 a6 b3 b4
al bl a2 a3 b2 b3 b4 a4 a5 a6
al a2 a3 bl b2 a4 b3 a5 a6 b4
al bl a2 b2 a3 a4 a5 b3 b4 a6
al a2 a3 bl b2 b3 a4 a5 a6 b4
al bl a2 b2 a3 a4 b3 b4 a5 a6
al a2 a3 bl b2 b3 b4 a4 a5 a6
al bl a2 b2 a3 b3 a4 b4 a5 a6
al a2 bl a3 a4 a5 b2 b3 a6 b4
al bl a2 b2 b3 a3 a4 a5 b4 a6
al a2 bl a3 a4 b2 a5 b3 a6 b4
al bl a2 b2 b3 b4 a3 a4 a5 a6
al a2 bl a3 a4 b2 b3 a5 b4 a6
al bl b2 a2 a3 a4 a5 b3 b4 a6
al a2 bl a3 b2 a4 a5 b3 a6 b4
al bl b2 a2 a3 a4 b3 b4 a5 a6
al a2 bl a3 b2 a4 b3 a5 b4 a6
al bl b2 a2 a3 b3 a4 b4 a5 a6
al a2 bl a3 b2 b3 a4 a5 b4 a6
al bl b2 a2 b3 a3 a4 a5 b4 a6
al a2 bl b2 a3 a4 a5 a6 b3 b4
al bl b2 a2 b3 b4 a3 a4 a5 a6
al a2 bl b2 a3 a4 b3 a5 a6 b4
al bl b2 b3 a2 a3 a4 b4 a5 a6
al a2 bl b2 a3 b3 a4 a5 a6 b4
al bl b2 b3 b4 a2 a3 a4 a5 a6

Figure 7.16. Sorting results of cavern construction (126 schemes).
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Figure 7.17. Hand-sorted construction sequences.
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Figure 7.18. Structure of data files.

the bottom of the table (the last excavation step) is reached. The program for
automatic generation of data files is shown below:

Autoform.Pro
domains

file=myfile
L=symbol*

A=symbol
predicates

form_fort_file (L)
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form_fort_file (H|T): —
filename=H,
file_str (Filename, Text),

write (Text).

run (L): —

openwrite (myfile, ‘exc.dat’),
writedevice (myfile),
form_fort_file (L),

closefile (myfile).

7.3.2.3 Implementation of excavation scheme optimisation.

237

The automatic optimi-

sation of cavern excavation schemes is implemented based on the results of an order
arrangement on excavation sequence and data files generated in the last section.
The whole process of excavation optimisation is schematically shown in Figure 7.19.
The process can be simply described as: (a) make known the first step a; through
reading file ‘order.out’; (b) make known the second step a, or by; (c) form two tables
L;=[a;, a,] and L,=[a;, by]; (d) call Auto_form.PRO and the finite element
program; and (e) search for the optimal scheme according to the benefit function.
By repeating this process, an optimal scheme is obtained, that is, Loy =[a1, a2, a3, a4,

as, Ty, Ta, T3, Ty, ag].

Figure 7.19. Optimisation process of cavern complex construction.
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7.3.3  Discussions
Earlier in this chapter, a new method for the optimisation of cavern construction
schemes is outlined. The interactive programming theory is used for cavern
construction optimisation, based on the concepts of interactive construction
mechanics associated with rock engineering. The traditional optimisation approach,
which is based on the simple comparisons among multiple schemes from finite
element computations, is improved in this method based on multi-stage decision-
making. To further improve the efficiency of optimisation process, the artificial
intelligence Prolog language is utilised. Accordingly, the optimisation is auto-
matically implemented. The computer program is simple and easy to understand.
Decision-making in cavern construction optimisation is to select the optimal
scheme from all the possible schemes according to the given requirements. After all
the possible schemes are evaluated, an optimal scheme is then determined as the final
option [8,9]. If there is only one index for evaluating the schemes in a system, the
system is called single index decision-making system. Optimisation in this system is
relatively easy, and can be implemented by comparing the indices of all the possible
schemes. However, cavern construction is a complex system with multiple indices for
evaluation. In other words, it is a multiple indices decision-making system. In such a
system, the optimal scheme cannot be obtained directly from the evaluation results
on a single index. The comprehensive evaluation on the multiple indices is required.
In the study illustrated in this chapter, damage area around the cavern is taken as
the benefit function (evaluation index). This means that the optimisation of cavern
construction is still based on a single index. Further improvement on the interactive
optimisation method can adopt multiple indices for construction optimisation.

7.4. ENGINEERING APPLICATIONS OF ARTIFICIAL INTELLIGENCE
OPTIMISATION METHODS

An engineering example is given to demonstrate the effectiveness of applying the
construction mechanics and artificial intelligence methods in cavern construction
optimisation. The project is an underground hydroelectrical power station excavated
in rocks.

7.4.1 Description of the project

The power station is excavated in a Triassic sandstone. The geological structure is
uniclines. The dip direction of rock strata is NEE-SE, and dip angle is about 10°. No
large fault is found except for bedding fractures. Groundwater level is deep below
ground surface, and the permeability of the rock masses is low. The cavern complex
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Table 7.6. Mechanical parameters of rock layers.

Layer T? 1! T2 T} ! T2 T3
Young’s modulus (GPa) 11.5 12.8 12.0 13.5 9.5 12.8 10.5
Poisson’s ratio 0.22 0.21 0.22 0.2 0.24 0.21 0.22
Cohesion (MPa) 1.0 1.17 1.0 1.5 0.83 1.25 1.0
Friction angle (°) 35 35 35 35 35 35 35

is approximately 70-100m below the ground level. According to the in situ
measurement, the horizontal stress is about 3 MPa; and the vertical stress is equal
to the overburden stress. Underground cavern complex is housed in fractured
mudstones (737!, 7772 and T7). Among them, 77! comprises thick layers (about
30m) of calc-silicon fine-grained quartz sandstone and calc sandstone with small
amount of mudstone or siltstone. 772 comprises thick layers (about 30 m) of calc or
argillaceous-calc siltstone and fine-grained sandstone. T} comprises very thick layers
(about 60 m) of silicon or calc sandstone containing little amount of mudstone or
siltstone. The mechanical properties of each layer of rock formations are presented
in Table 7.6.

7.4.2 Layout of cavern group and arrangement of step excavation

The layout of the cavern complex is shown in Figure 7.20, together with the
distribution of rock layers. Excavation was designed to be completed in 10 stages.
This excavation scheme is used in the study of cavern construction optimisation. In
addition, several assumptions are made:

(a) Cy is the first excavated;
(b) Excavation sequence is from top to bottom;
(c) Each stage is excavated in one run.

7.4.3 Optimisation of excavation sequence

Two stages of study have been performed. At the first stage, the surrounding
rock mass is assumed isotropic and the same mechanical properties are used. At
the second stage, the rock mass is divided into seven layers of different mechanical
properties (locally isotropic medium) according to the geological conditions
(Figure 7.20 and Table 7.6). The results obtained from the two different studies
are different and outlined in the following sections.
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Figure 7.20. Cavern layout and excavation stage.

7.4.3.1 Rock mass assumed as isotropic medium. The studies are conducted using
the method outlined in Section 7.3.2. The analysis is based on two dimensional finite
element modelling. The average depth of cavern complex to ground surface is 85 m.
The material parameters for modelling are:

y=2610kg/m°,
E=11000 MPa,
v=0.20,
c=0.3MPa,
$=33°.

Two cases of in situ stress fields are modelled, one based on the elastic theory and
the other based on the in situ stress measurement.
The in situ stresses are estimated as:

Case I: elastic theory
o,=0,=2.61 x 85/10 =2.22 MPa (vertical)
o= 03=1%,61=0.56 MPa (horizontal)

Case II: In situ stress measurement
o,=01=2.22MPa,
OpL=03= 3.0 MPa.
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Figure 7.21. Mesh of the computation model.

To simulate the excavation process, the whole cavern area is divided into a mesh of
triangle and quadrilateral shapes. The total number of elements is 1326, and the total
number of nodes is 1284. The central part of the model is shown in Figure 7.21.

The artificial intelligence language Turbo Prolog 2.0 Version is used (see
Section 7.32).

The results present 1260 possible excavation sequence schemes. It is impossible
and unnecessary to carry out finite element computation for so many schemes.
However, by using the construction mechanics theory, optimum schemes can be
quickly sorted out. The searching processes for the optimum scheme with two
different cases of in situ stress fields are shown in Figure 7.22.

The optimum excavation sequences using optimisation method, are different from
the original scheme, Cy— C4+ W3 —> b +W; +C; - C,+by +W; - C;s,
where C4+ W3 means that C4 and W3 are simultaneously excavated (Figure 7.20).
Assessment of damage areas around the caverns are conducted, and comparisons
between the different schemes are shown in Figures 7.23 and 7.24, and Table 7.7.

Usually, in a large underground cavern complex, there are many possible
excavation schemes. However, by using the construction mechanics together with
interactive programming theory and artificial intelligence method, the optimum
scheme can be obtained. Compared with the originally proposed scheme, the damage
area from the original scheme is 3—10 times larger than that of the optimum scheme.
Although this is obtained with certain assumptions, it however indicates the
importance of optimisation of cavern construction scheme.



242 Chapter 7

—b,—W,—C,— C,—C,—C,

1 C, C, C;  (b) Stress field case Il

Figure 7.22. Optimisation search processes for two cases of in situ stress fields, (a) Case I, and (b) Case I1.
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Figure 7.23. Damage distribution of the stress field case I, (a) original excavation scheme, and
(b) optimised excavation scheme.
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Figure 7.24. Damage distribution of the stress field case II, (a) original excavation scheme, and (b)

optimised excavation scheme.

Table 7.7. Comparisons between the optimised and original excavation schemes.

Scheme Total damage Vertical convergence Horizontal convergence
area (m?) of powerhouse (mm) of powerhouse (mm)
Stress case | Optimised 513 9.64 1.68
Original 5139 11.75 0.69
Stress case 11 Optimised 690 4.41 20.88
Original 2540 6.67 12.51

7.4.3.2 Rock mass assumed as layered isotropic medium. According to the
geological conditions, the rock mass is divided into seven layers. Each layer is
treated as an isotropic medium. The density of rock mass in all the layers is
2610kg/m>. The mechanical properties adopted for each rock layer are the same as

those shown in Table 7.6.
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Figure 7.25. Optimisation searching process of construction schemes.

The average depth of cavern complex to ground surface is 85 m. The average rock
mass density is 2610 kg/m>. The initial stress field is determined from the in situ
stress measurement. The horizontal stress obtained from measurement is 3.0 MPa.
Therefore,

o,=0,=2.61 x 85/10 =2.22 MPa (vertical)
op=03=3.0 MPa.

The finite element computation is based on plane strain elastic-plastic model. The
total number of finite elements is 1506, and the node number is 1211.

The program and the method are the same as those in the previous modelling.
1260 possible schemes are obtained, and subsequently reduced to 9 schemes. If the
benefit function is defined by the damage area of surrounding rock mass, the smaller
damage area is then taken as the optimum scheme. The optimum scheme searching
process is shown in Figure 7.25.

The excavation sequence in the original scheme is

Co—>Ci+W3>bry+W,+C; - Cy+by+ Wy — Cs,

where C4+ W, represents that C4; and W3 are simultaneously excavated. The
comparisons between the optimised scheme and original scheme are shown in
Figure 7.26 and Table 7.8.

It can be seen that the damage area of the optimised excavation scheme is reduced
by 90% in comparison with the original scheme. A substantial improvement can be
achieved by the optimisation.

It should be noted that the optimised scheme obtained in this study is different
from that for rock mass assumed to be isotropic in the previous study. This implies
that the optimisation results depend on the rock mass conditions.

7.4.3.3 Summaries.

(a) Applications of the interactive construction mechanics theory together with the
artificial intelligence method can optimise the construction schemes of cavern
complex scientifically and automatically, as a result high efficiency is achieved.
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Figure 7.26. Damage distribution of (a) original excavation scheme, and (b) optimal excavation scheme.

Table 7.8. Comparisons between the optimised and the original excavation schemes.

Scheme Total damage Vertical convergence Horizontal
area (m?) of powerhouse (m) convergence of
powerhouse (mm)
Optimised 329 0.16 9.6
1.9

Original 4533 1.13
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(b) Advantages of the optimisation for construction are significant for large-scale
rock engineering projects. The damage area of the optimised scheme can
sometimes be reduced to 1/10 of that of the unoptimised scheme.

(c) The application of the optimisation method of combining interactive construc-
tion mechanics theory and artificial intelligence technique to the heavily
fractured rock mass and to the three-dimensional problems needed to be studied.



Chapter 8
Reinforcement Mechanism of Rock Bolts

Rock bolts have been used in rock engineering from end of the 19th century [445].
In 1890, reinforced steel was used in reinforcing the rock mass in mines in north
Wales. After the 1940s, this support technique was adopted worldwide. The use of
shotcrete together with rock bolts further promotes the application of bolt as a main
supporting method. Based on the rock bolt technique, a new construction method
combining the use of rock bolts and shotcrete gradually formed in Europe in the
1950s and 1960s. This method sets a milestone in the underground construction
technology. In recent years, many researchers and engineers have studied the effects
of bolts in rock reinforcement. This chapter summarises some of the research
findings.

8.1. EFFECT OF BOLTS ON SUPPORTING THE ROCK MASS

8.1.1 Effects of rock bolts

Two main types of rock bolts are widely employed in the underground excavation
in rocks. One is the end-anchored bolts varying from wedge to resin anchoring. The
other one is the full-length anchored type varying from fully grouted to split-set
bolts.

The effects of rock bolts on the surrounding rock are mainly two-fold: providing
the reaction force and the reinforcement to the surrounding rock mass. The former
prevents deformation occurring in the surrounding rock mass and provides the
tensile force to resist the movement of rock blocks. The latter reinforces the rock
mass to be an integrated medium and to easily form arches around the excavation
[446-477].

8.1.1.1 Reinforcement. The efforts of other support methods such as timber frame,
segment lining, and cast concrete lining are mainly external supports. As the rock
bolts are inserted into the rock masses, the effects of rock bolts on the rock mass are
similar to that of steel bars in reinforced concrete. They increase the integrity and
overall strength of the rock masses. The bolts prevent the rock masses from sliding
and failing and increase the load-bearing capacity effectively. The rock mass is
reinforced by the bolts and becomes an effective self-support medium [446-473].

247
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8.1.1.2 Post effect of pre-stressing. The deformation modulus of the rock bolt
(usually steel) is generally greater than that of the surrounding rock masses. The
difference between the moduli restricts the surrounding rock mass to deform (usually
tensile deformation towards the centre of the opening) after excavation. The
restriction occurs at the ends of anchored rock bolts and along the full length of
grouted rock bolts. This restriction is mobilised once deformation starts to occur and
it can be regarded as a complementary pre-stress on the excavation surface after the
excavation. Rock bolts significantly increase the integrity of the rock mass due to this
pre-stressing effect [446-448,474].

8.1.1.3 Prompt prevention. Rock bolts and shotcrete are often applied immediately
after excavation. In some cases, rock bolts can also be implemented prior to the
excavation, to restrain the relaxation of the surrounding rock and to improve the
rock mass strength early. The early application of rock bolts provides prompt
prevention of failure.

8.1.1.4 Good match to deformation. Rock bolts possess better match ability to
the deformation of rock mass than other support methods. It is often referred as
“flexible support’. This support method is also very suitable for tunnels in soft rock.

8.1.1.5 Flexibility in construction. The size and distribution of rock bolts can be
adjusted according to the geological conditions of the surrounding rock. Bolting
and shotcreting can be completed in several steps [475,476]. Additional bolts can
be installed at a later stage. The application of bolts has flexibility during the
construction.

8.1.2 Reinforcement mechanism of rock bolts

The reinforcement mechanisms of rock bolts are very complex. In this section, they
are discussed by examining the shear strength and other properties of the bolted
rock masses.

A series of studies on the reinforcement mechanism of rock bolts have been carried
out. Test results indicated that application of rock bolts increases the peak
compressive strength of the rock mass by 50~100%, compared with that of the
rock mass without bolts.

For a single opening, the shear strength of the surrounding rock mass can be
expressed by the Mohr—Coulomb strength condition, as shown in Figure 8.1.
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The reaction force contributed by rock bolts to the surrounding rock mass (Aoc»)
can be estimated from the allowable tensile stresses in the rock bolts. For example,
for a tunnel at depth of 500m with hydro-static in situ stress condition, and
assuming the density of rock mass of 2500 kg/m?, the in situ stress field can be
obtained as:

Gix = Oy = G; = 12.5MPa (8.1)

The uniaxial compressive strength of the rock material (o) is assumed as 15.0 MPa,
the uniaxial compressive strength of the rock mass strength (Gp,.ss) 1S assumed as
5.0 MPa (1/3c,) and the internal friction angle (d,4s) 1S 35°. The cohesion of rock
mass can be derived as:

Cmass = Omass(1 — SIN Opp66)/2 €OS Do =1.31 Mpa (8.2)

If the compressive strength of the properly bolted rock mass (¢/mass) 1 50%
greater than that of unbolted rock mass, then ¢ .6=1.5Cmnass=1.97 MPa.
Assuming that the length of bolt is 60 cm and the allowed tensile load is 100 kN,
the reaction stress on the rock surface provided by the bolt can be calculated as
Ac,=0.28 MPa.

For the end-anchored bolts, the reinforcement is applied through a reaction
force at the rock wall. The reinforcement effect of a bolt is therefore on the rock wall
and the bolt anchor while the other parts of the bolt are not in contact with the rock
mass.

For full-length grouted or frictional bolts, the reinforcement bolts increase
the shear-bearing capacity of the rock masses, in addition to the reaction force at
the rock wall generated by the bolts.

Assuming that the stresses ; and o, on the opening wall reach the rock mass
shear strength, the stress condition of the rock wall can be expressed by the Mohr
circle 6,Ac; with centre O. As shown in Figure 8.1, this circle is tangential to the
strength envelope BCA at A.

The reaction force of rock bolts to the rock wall can be defined as Ao, for the
end-anchored bolt. In this case the stress circle change to the small Mohr circle
o’»,A’c with centre O, and the strength envelope is B'C’A’. The new minor principal
stress is 6, = 6, + Ac,. From Figure 8.1, the shift of the strength envelope,

AOA = (¢,4s — Cmass) COS O (8.3)

For the full-length grouted bolts, the shear strength of surrounding rock is enhanced
by the bolts, and the shear envelope shifts up to the position of B’C”A” (assuming
no change in friction angle). The increased cohesion equals to ¢”’—c’. The strength
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B” B B’ o, 6, 00 oy o,
Figure 8.1. Strength analysis of rock bolt effects.

envelope of full-length grouted bolt is increased by an offset AO’A’ =(¢"—c") cos¢d
from the end-anchored bolt.

The analysis above is under the assumption that the strength offset is based on the
shortest relative distance from centre of the Mohr circle to the envelope. The analysis
clearly shows that the full-length grouted bolts achieve high strength storage than
the end-anchored bolts. The difference of the effects of two types of rock bolts can
be significant, due to the effects of grouting.

8.2. PHYSICAL MODELLING OF ROCK BOLTS

Rock bolts enhance and reinforce the rock masses. However, the mechanisms
of reinforcement, and the deformation and damage of bolts in the surrounding
rock mass subjected to change of stress field have not been fully understood
[449,463,467,477]. This section presents studies on the rock bolt mechanism using
physical modelling.

When the surrounding rock mass is soft and/or subjected to high in situ stresses,
displacement of the tunnel wall can often be as high as 50-100cm. It is of great
interest to have a scientific approach in selecting the rock bolt to overcome such
large deformation problems. At present, the common way of applying bolts is to
install bolts perpendicular to the rock surface. The systematic studies are conducted
on the installation angle, density and other parameters, and results are of interest
to engineers.

8.2.1 Similarity of model materials

Rock masses close to the surface are treated as separable blocky materials. The
model materials should have similar characteristics as the real rock masses, such
as stress—strain relation, properties of dilation and softening. After testing different
model materials, the selected model material (made of sand and white glue)
has elastic modulus of 230 MPa. The bolt is modelled by the bamboo material with
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Figure 8.3. Results of tensile tests.

elastic modulus of 100-170 MPa. A series of tests are conducted including uniaxial,
biaxial and triaxial compression, tensile test, and cyclic loading test for the
model specimens with and without bolts, as shown in Figures 8.2-8.4. From the
results, it can be seen that the ratio of modulus to strength of the model material
is 178 and that of the rock mass is 200. The ratio of modelling material compressive
strengths to rock mass strength is 1/15. From the bulk deformation curves, it also
can be seen that the modelling material has the similar dilation property as the
modelled rock mass.

8.2.2 Comparison of different bolting methods
The effects of different bolt materials, bolting methods, bolt densities and installation
angles are systematically compared in the tests. The strength of the material
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Figure 8.5. Different bolt arrangement used in the tests.

modelling the rock mass is 1.0 MPa. Bamboo (E=10 x 10°MPa) and plexiglass
(E=3x 10°MPa) are used as modelling materials of the bolts. Both full-length
grouting and end-anchored bolts are modelled. Different densities are used at 8§, 10,
12, and 36 bolts per 200 cm?, equivalent to the actual bolt spacing of 1.2 to 0.4m.
The bolting methods in the tests include end-anchored and fully grouted parallel
bolts perpendicular to the rock wall, fully grouted perpendicular, vertically and
horizontally intersected bolts. The details of various arrangements are summarised
in Figure 8.5 and Table 8.1.

Figures 8.6-8.8 indicate the various load-deformation curves. From the figures,
it can be seen that high density of bolts can improve the strength of surrounding
rock mass. The horizontally obliquely intersected full-length grouted bolts give
high strength of the rock mass and small number of bolts. Figure 8.8a illustrates
that for the same bolt spacing and length, the rock mass can have the highest
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Table 8.1. Various types of bolts and their parameters.

Type No Normal Normal Normal  Vertically Vertically Horizontally

bolt  parallel parallel parallel oblique oblique oblique
Symbols NB NP-E10  NP-F10 NP-F36 VO-F8 VO-F12 HO-F12
Bolt density 10 10 36 8 12 12

(per 200 cm?)
Inclination to wall 90° 90° 90° 73° 68° 75°
Anchor and grouting Two ends Full-length Full-length Full-length Full-length  Full-length
Bolt material Bamboo  Bamboo Bamboo Bamboo Bamboo Bamboo
Peak strength (MPa) 1.0 1.5 1.5 3.0 1.54 2.2 2.06
Softening behaviour  Yes Yes No No Yes No No
A
/ NP-F36

Axial load (kN)
-4
sl

0 0.2 0.4 0.6
Axial deformation (mm)

Figure 8.6. Axial load — axial deformation of different bolt arrangement.

strength and the lowest dilation when the bolts are installed at 22.5° and 67.5°, to the
rock wall surface.

For the same bolting angle and the same total lengths of bolts, the test results
shown in Figure 8.8 suggest that mixed length bolts (total 9 bolts of 5.41 and
10.82 cm long and evenly spaced) provide the best reinforcement results, while short
bolts with high density (total 12 bolts of 5.41cm long and evenly spaced) give the
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worst reinforcement results, as compared with uniformly long bolts (total 6 bolts of
10.82 cm long and evenly spaced).

8.2.3 Analysis of test results
From the test results shown in Figures 8.6, 8.7 and 8.8 and Table 8.1, following
observations are obtained:

(a) The peak uniaxial compressive strength of the rock mass with bolts increases
significantly (up to 20% from the model tests) compared with that without bolts
while the residual strength and the tensile strength increase up to 100%. In biaxial
case, the peak compressive strength can increase by 50-100% (Figure 8.6) when
the density of bolts is high, rock mass strength can increase by 3 times with little
volumetric dilation.

(b) Under the plane strain condition, the strength of the models is affected not only
by the bolt densities but also by bolt installation angles, types, and shear strength
and lateral stiffness of bolt.

(c) The obliquely intersected bolt distribution enhances the rock mass strength and
limits the dilation significantly. The best arrangement appears to the bolts at
65° angle to the wall. But the bolts are required to possess a high lateral stiffness
in this case.

(d) Compared to the end-anchored bolts, the improvement of full-length grouted
bolts on the peak strength of the surrounding rock mass is not obvious.
However, the bulk displacement curves are different for the two different bolt
types. The dilation of the fully grouted bolts starts at a later stage. The post-peak
softening phenomenon is not obvious for the fully grouted bolts while it is
significant for the end-anchored bolts. Therefore, end-anchored bolts have low
post-peak strength.

8.3. NUMERICAL MODELLING OF BOLT

In this section, non-linear finite element numerical modelling is applied to study
effects of rock bolts on the stability of tunnels in soft rocks. Parameters obtained
from physical modelling are used as input to the numerical modelling.

8.3.1 Basic parameters of the numerical model
A simple circular opening model is used in the parametric study. Two in situ stress
conditions are modelled: (a) far field stresses o =c,=20MPa, and (b) far field
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Figure 8.9. Element division near the opening.

stresses 01 =20, =20MPa. The surrounding rock mass is regarded as an elasto-
plastic material. The problem is treated as a plain stress one. Based on the
symmetry, one quarter of problem is analysed by a finite element program. A total
of 136 elements and 162 nodes are used in the model, as shown in Figure 8.9.
Three different cases are studied: opening without bolts, opening with bolts
that are normal to the wall surface, and opening with obliquely intersected bolts.
The radius of the opening is 2m and the thickness of bolted region equals to the
opening radius. The mechanical parameters of surrounding rock mass are
adopted from the physical model tests described in the previous section, and is
summarised in Table 8.2.

8.3.2 Models with far field stresses 6;° = c,°=20 MPa

Stress distributions of models I, II and III when ©,°=0,° are presented in
Figure 8.10, and the largest displacements of the wall are summarised in Table 8.3.
The obliquely intersected bolting gives the smallest displacement, and it is less
than half of that of the opening without bolts. Figure 8.11 and Table 8.3 illustrate
the range of damage zones in the surrounding rock mass occurring near the wall.
The results show that the surrounding rock mass with bolts is generally less damaged
than that without bolts. The surrounding rock mass with obliquely intersected
bolt system is the least damaged.
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Table 8.2. Mechanical parameters of rock mass.

Parameter Model I: Model II: Model III:
No bolts Normal bolts Obliquely intersected bolts

c. (MPa) 26 1.56.,=39 2.06,=52
o, (MPa) 1/156.=1.73 1.26,=2.03 1.66,=2.77
E (MPa) 0.4 x 10* 1.15E=0.58x10* 1.5E=0.75 x10*
v (MPa) 0.25 0.25 0.25
¢ (MPa) 35° 35° 35°
¢, (MPa) 35° 35° 35°
G, (MPa) 200.8 39 52
¢ (MPa) 3.58 5.36 7.15
¢, (MPa) 2.86 5.36 7.15

A

0,=0,, roof
—= - =+ No bolting

N

A Normal bolting

.'f:-,_

30 ; \ — — - Intersected bolting
—~ I \ . O,
s o[ .
27" o
/// '
10 |5
i
/
! | | |
0 2 4 8 10 r(m)

Figure 8.10. Stress distribution of models I, IT and III, at roof, when ¢,° = 5,°.

Table 8.3. Largest displacement and damage of models I, IT and III when far field 6, = o,.

Model No bolts Normal bolts Oblique
intersection bolts
Maximum displacement (cm) 1.80 1.11 0.84

Number of damage elements 24 16 8
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()

Figure 8.11. Damage around the opening of models I, I and III when ¢,° =o5°.

8.3.3 Models with far field stresses c;=26,=20 MPa

The modelling results for the models I, II and III are presented in Figures 8.12 and
8.13, showing the stress distribution in the roof and sidewall respectively. Figure 8.14
shows the damaged zones near the wall surface for the three models. Again, it can
be concluded that obliquely intersected bolt system gives the best results. Table 8.4
shows the maximum displacement on the wall surfaces and the numbers of dam-
aged elements of the three different models. The obliquely intersected bolted rock
mass sustains less than one-third of the damaged area than that of the unbolted rock
mass. The bolt quantity of the obliquely intersected is 20% more than that of normal
bolt system. However, the effects of the obliquely intersected bolts on reducing the
damaged zones and the displacements of the surrounding rock are significant
compared with that of normal bolt system. The finite element modelling uses elasto-
plastic approach, and post-failure dilation of the rock mass is not considered. By
considering the post-failure dilation, the effects of the obliquely intersected bolt
system are expected to be more significant.

8.4. SCALED ENGINEERING MODEL TEST

In order to study the reinforcement effects of rock bolts on the surrounding rock
mass in an underground excavation, a series of biaxial compression tests on
engineering physical model were conducted. The effects of various bolt parameters
are compared. The modelling materials and mechanical parameters are selected
according to modelling scale to model an excavation in a rock mass.

The actual excavation is in a sedimentary rock. The surrounding rock mass
is faulted and fractured. The in situ horizontal stresses are 19.5 MPa and 12.8 MPa,
respectively. The estimated uniaxial compression strength of the rock mass is about
30 MPa. The elastic modulus and Poisson’s ratio are approximately 1.0 x 10* MPa
and 0.25 respectively. Both stress and geometry scale ratios are 40. The model is
50 x 50 cm, and the bolts are modelled by bamboo of 2mm diameter and 40 mm
long, to match the stiffness ratio. The opening shape is an arched roof with
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Figure 8.12. Stress distribution of models I, II and III, at roof, when 6,° =205,°.
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Figure 8.13. Stress distribution of models I, IT and III, at sidewall, when ¢,° =20,°.
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vertical walls, as shown in Figure 8.15. The tests are performed under the plain
strain condition. Three different bolt distributions are simulated: (a) obliquely
intersected with bolt at 67.5° to the opening surface, and in the same vertical plane;
(b) bolts perpendicular to the opening surface, and (c) no bolts, as shown in
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U] () ()

Figure 8.14. Damage around opening of models I, I and III when 6,° =205,°.

Table 8.4. Largest displacement and damage of models I, IT and III when ¢,° =20,°.

Model No bolts Normal bolts Oblique intersection bolts
Maximum displacement (cm) 1.45 1.23 1.03
Number of damage elements 20 11 8

I B

(a) (b)
(o} (o] O, Cy
AN D 80 — 2 100 —
90
500 x 500 500 x 500

ls, ls,

Figure 8.15. Scaled engineering model with dimensions.

Figure 8.16. Bolts are fully grouted in the model tests. The test follows the following
procedures:

(a) Stresses are applied to the horizontal and vertical directions simultaneously, with
vertical stress kept twice that of the horizontal stress. The increment of stress is
0.1 MPa horizontally at each step.
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\

(a (b)

Figure 8.16. Arrangement of (a) no bolt, (b) normal bolts and (c) obliquely intersected bolts.

-~
20 «
Tested after 30 days curing S
o
= O
E 16| ~N
£ Y
s S
£ 121 @\b‘i\f .... ‘
g (\0“? """ Ve <
8 8 .@‘ """ Pt
8 - — /%eG\e
a | e - o
K g
o 4+ A P
. ) /
.......... -
- | | | |
0 1.0 2.0 3.0 4.0

Stress, o4 (MPa)

Figure 8.17. Convergent displacements of the tunnel monitored during the loading.

(b) Loading is stopped when the horizontal and vertical stresses reach 1.0 MPa
and 2.0 MPa, respectively.

(c) The vertical stress is increased gradually to 4.0 MPa while the horizontal stress
is kept at 1.0 MPa.

The convergent displacements of the tunnel are monitored during the loading.
The monitored displacements are presented in Figure 8.17. It is observed that:

(a) The convergent displacement of the rock mass reinforced by the obliquely
intersected bolts is generally smaller than that of the rock mass reinforced by
normal bolts and the displacement of the roof is reduced by 16~40%. The plastic
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damage zone occurring in the sidewalls are also smaller for the normal bolting
system.

(b) Bolting in general, as compared to no bolting, improves the surrounding
material properties. The convergent displacement of the opening decreases
significantly and the plastic damage is greatly reduced by bolting. Normal bolt
reduces the displacement of the roof by 14~43%.

(c) Scaled model tests were also performed on circular opening (Figure 8.15)
and similar results were obtained.
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