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PREFACE

Bridge engineering, which began with stone and wooden structures as early
as the first century B.c., has undergone a dramatic evolution in terms of
analysis and use of materials. This program is exemplified by the extension of
the design in the elastic-plastic range, the use of high-strength steel and
concrete, and the introduction of a probabilistic approach to supplement,
and often replace, the deterministic methodology. As a result, authors always
endeavor to keep abreast of the latest developments by expanding the body
of a book and by adding new concepts. Thus, this text presents a synthesis of
old and new material, and integrates the classical concepts with modern
methods. The underlying premise is that traditional approaches can be
integrated with modern formulations to produce a merge where both meth-
ods are workable alternatives.

The significance of this contrast is that it shows how advanced analytical
techniques can be used to solve complex problems and also to explain overall
behavior. If advanced techniques are equally used to analyze a bridge
structure and simplify its overall design, the resulting validity will underscore
the goal of modern practice in producing economies. It follows, therefore,
that engineers should have a range of options from which to choose, and this
should encompass bridge types, design philosophies, and construction proce-
dures.

Although certain bridge types are unlikely to be design alternatives in the
future, they have been included in this text because of their engineering
relevance and also because they represent an impressive volume in the
present bridge inventory. Examples are certain concrete structures such as
through girders, flat slabs and cantilever decks, and two-girder steel bridges.

To bring matters to a focus, and consistent with current practice, the
previously separate treatment of steel and concrete bridges has been com-

XV
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bined, and this has made it easier to compare and explain the similarities and
differences in behavior. On the other hand, certain aspects common to all
bridge types are treated in the context of a definite and coherent structural
thought.

There is an obvious urgency to improve the clarity and understanding of
bridge behavior but without sacrificing the design skills. The text has at-
tempted to accomplish this goal by explaining and making popular design
approaches that articulate bridge response under service conditions and at
failure. The domain of structural performance is thus described in both the
elastic and inelastic range, because bridges and their components are com-
monly designed, and expected to perform, elastically and plastically.

These considerations provided the incentive to pursue an independent
review of bridge theory and behavior, rather than compiling a design manual.
Bridge design should be based however on relevant specifications and should
demonstrate compliance with applicable standards to ensure credible results.
Yet, optimum solutions can be obtained only when the designer understands
the assumptions and limitations of analysis. In retrospect, codes are changed
continuously but bridge behavior may not, and this difference is important in
choosing the contents and the subject matter. In the same context, predicting
bridge behavior from physical models has become common practice, and the
results confirm the value of testing in verifying structural response.

A main feature is the introduction to the LRFD specifications, resulted
from research requested by AASHTO and initiated by the National Coopera-
tive Highway Research Program (NCHRP). This document, still under devel-
opment draws from completed and recent bridge research signifying new
provisions and major areas of change. It addresses load models and load
factors, nominal resistance and resistance factors, structural analysis, con-
crete and steel structures, decks and deck systems, and bridge substructure
elements and foundations. The associated methodology constitutes the ““limit
states” approach which may encompass strength, fatigue and fracture, ser-
viceability, and extreme events. The underlying philosophy moves the design
toward a more rational and probability-based procedure supported by reli-
ability theories. Implementation of this approach is expected to result in
more uniformly reliable bridges.

Among the many new topics covered in this document is the proposed new
live load model, limit states for soils and foundations, and an explicit
consideration and coverage of redundancy and ductility.

The book is organized into 14 chapters. Chapter 1 presents a brief history
of bridge engineering, esthetics and economic considerations, and draws
attention to bridge management. A conclusion drawn from the current bridge
inventory relates to the large number of bridges that must be strengthened,
rehabilitated, or replaced.

Chapter 2 reviews design methods and loads. Although the text focuses on
the classical force and displacement methods amenable to hand calculations,
with computer usage these may be supplemented by refined procedures such
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as finite difference and finite element techniques, folded late methods, finite
strip methods, grillage analogy, series or other harmonic methods, and yield
line theories. Load models and distribution continue their place as prominent
features. Current load models and combinations are examined in conjunction
with proposed deviations based on a new load regime of vehicular live load,
impact, and braking force.

Chapter 3 deals with the common types of concrete bridges, including
those built prior to World War II. Prestressed concrete is expected to
continue as a prevalent form of bridge superstructures, and trends in pre-
stressed applications are documented. The range of options is expanded if
the design takes into account the criteria for optimum solutions as they relate
to allowable compression, ultimate strength, protection against cracking, load
ratios, and maximum immediate and long-term deformations. Attention is
drawn to the use of strut-and-tie models and to the new approach to shear
design. Whereas the use of higher strength concrete should not be prohib-
ited, the implementation of this option should not represent merely a notion
for high-performance materials.

Steel bridges are covered in Chapters 4 through 6. The range includes
I-beams, plate and box girders, and horizontally curved systems. Ductility,
brittle fracture, and redundancy are key topics, whereas emphasis is placed
on composite construction because of the associated advantage. Allowable
stress design is a standard method, whereas the load factor concept is an
alternate method for designing simple and continuous beams and girders of
moderate lengths. Inelastic procedures are only applied to continuous bridges.
Plate girders may be homogeneous or hybrid, and with stiffened webs or
unstiffened webs. Steel box girders are discussed within an extended scope of
design that includes short-to-moderate span multibox composite, simple-box
composite, and long-span orthotropic deck.

Steel orthotropic plate decks are reviewed in Chapter 7. An appropriate
method of analysis is the equivalent-orthotropic slab method where the deck
is simulated by a continuous two-dimensional system with different stiffness
in the two principal directions. Although in some instances the savings in
materials have been offset by increases in fabrication costs, this bridge type is
expected to continue to be favored in certain cases.

Segmental concrete bridges are reviewed in Chapter 8 in the context of
the 1989 AASHTO guide specifications. This document is comprehensive in
nature and articulates the effect of creep, shrinkage, temperature differen-
tials, and shear lag. Longitudinal analysis should include load groups and
stresses during erection, and loads and stresses in the final structural system.
The text concentrates on the observed performance of segmental bridges and
reviews results from recent research here and abroad. Case studies include
curved prestressed segmental bridges, and moment redistribution.

Chapter 9 combines trusses, movable bridges, and cable-stayed bridges.
The popularity of truss bridges appears to have diminished as other forms,
such as steel box girders and cable-stayed structures, appear to dominate the
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intermediate span range. Trusses, however, exhibit structural characteristics
that will continue to attract attention. Chapter 9 also gives a brief review of
movable bridges and their basic forms, namely bascule, vertical lift, and
horizontal swing. Because cable-stayed bridges are treated extensively in at
least two other major publications, in this chapter the discussion is limited to
their basic features and design principles. Focus is on the analytical require-
ments of multispan stayed bridges and on fatigue effects from wind-induced
vibrations.

Chapter 10 discussed arch bridges on concrete and steel. Graphical
solutions and force diagrams provide the background of arch action and of
the line-of-thrust theory. Theoretical principles and formula derivations form
a clear concept of elastic behavior and provide the background for a more
complex design approach. Of direct interest is the section on buckling and
geometry imperfections with the associated stability considerations. The
literature has been enriched with recent work here and abroad, particularly
for slender steel arches, that addresses in-plane linear and nonlinear stability,
in-plane ultimate load, and ultimate strength. Both the current AASHTO
and the LRFD specifications address concrete and steel arches under com-
bined flexure and axial load, and relate arch components to compression
members and slenderness effects.

The term “special bridges” used in Chapter 11 refers to unusual member
geometry, structural configurations and combinations, and support condi-
tions. Prefabricated superstructure elements are combined with innovative
substructure designs, and this may prove advantageous for bridges and grade
separation structures in urban area.

Various topics relevant to design are discussed in Chapter 12, and include
lateral wind bracing, unintended composite action, deflections, settlement,
temperature effects, strength and fracture, and fatigue. Since the first fatigue
resistance provisions were formulated in 1972, several major fatigue studies
have been completed, and more than 1500 test results have been added to
the data base. Extensive fatigue tests also been performed in Japan, Britain,
Germany, Canada, and by ORE and ICOM. This record has provided a
formidable background for reviewing fatigue problems and solutions. A trend
is also evident toward recognizing fracture-critical nonredundant steel bridge
members and developing guidelines for a better understanding of the design
and behavior of nonredundant bridges.

Chapter 13 deals with bridge details such as bearings, links and hangers,
field splices, expansion joints, diaphragms and cross frames, and hinge details
for column bases. The text also reviews the distortional response of curved
concrete box girders and concludes that, unless these deformations are
inhibited by the presence of transverse diaphragms, they may induce stresses
approaching and exceeding the normal bending stresses. A brief discussion
focuses on construction aspects of bridge decks such as the pouring sequence
of the deck slab and the requirement of construction joints.

Substructure types and methods of design are reviewed in Chapter 14. The
1992 AASHTO specifications provided a comprehensive review of substruc-
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ture systems and foundation types, and extended the design criteria accord-
ingly. Both the allowable strength design, and the load factor method are
standard procedures for substructure analysis. It appears, however, that
service load procedures are either too conservative or somewhat unrealistic
particularly for members subjected to combined axial load and flexure, and
this has prompted many designers to use the load factor approach in the
analysis of reinforced concrete pier columns.

In office practice, the design of bridges utilizes computers and many
versatile software packages. Special computer programs have been devel-
oped, ranging from simple formula applications to elaborate analyses. With
rapidly improving and expanding computer technology, the most precise but
complex analytical techniques become routine options. The designer should
be cautioned, however, that a computer program is only a tool, and hence the
designer should clearly understand the basic assumption of the program and
all output-should be verified. Thus, any method of analysis that satisfies
equilibrium and compatibility and has stress-strain relationships implanted in
the process is acceptable. Simple and complex methods are liberally inter-
changed in the text, but the latter are not explicitly addressed.

In general, the book is oriented toward the needs of practicing engineers,
but the material may be reorganized to accommodate one or two courses in
bridge design at the undergraduate and graduate levels. Appropriate sections
may be selected from Chapters 2 through 10 and 12 through 14. There is
ample flexibility to allow the instructor to ensure structural continuity and
place emphasis on topics that are consistent with the requirements and goals
of the course.

In addition to the references provided in the text, valuable sources of
material have been the publications, reports, books, journals, and manuals of
the FHWA, AASHTO, TRB, ASCE, AISC, ACI, PCA, AWS, PCI, ASTM,
universities, and technological institutes. This record represents an enormous
contribution to bridge technology, and is acknowledged with deep apprecia-
tion,

My special thanks are extended to my wife, whose unselfish dedication,
commitment, and tenacity under the most difficult circumstances made this
book possible. :

PETROS P. XANTHAKOS

Great Falls, Virginia
May 1993



CHAPTER 1

INTRODUCTION

1-1 BRIEF HISTORY OF BRIDGE ENGINEERING

Probably the first-known documents dealing with construction materials and
structure types are the books about architecture by Marcus Vitruvios Pollio
in the first century B.c. The fundamentals of statics were developed by the
Greeks, and were exemplified in scientific works and engineering applications
by Leonardo da Vinci, Cardano, and Galileo. Engineers in the 15th and 16th
centuries, seemingly unaware of this record, relied solely on experience and
tradition for building bridges and aqueducts. By the end of the 17th century,
Leibnitz, Newton, and the Bernoulli brothers were using infinitesimal calcu-
lus, and the state of the art was rapidly changing. Lahire (1695) and Belidor
(1729) published works about the theoretical analysis of structures, and
provided the framework for the field of mechanics of materials that became
the focal point of work in France during the 18th century. Notable training
centers were established in France and became quite famous. Interestingly,
some of the most prominent American bridge engineers were trained there.
Among those to be mentioned are C. Ellet, Jr., R. Modjeski, and L. F. G.
Bouscarey, who completed his studies in 1873 to become later the chief
engineer of the Cincinnati Southern Railroad. The impact of trained engi-
neers on bridge design was felt 1850 onwards (Bresse, 1880).

Kuzmanovic (1977) describes stone and wood as the first bridge building
materials. Iron was introduced during the transitional period from wood to
steel. According to known record, concrete was used in France as early as
1840 for a bridge 39 ft (12.0 m) long to span across the Garoyne Canal at
Grisoles, but reinforced concrete was not used in bridge work until the
beginning of the century. Prestressed concrete was introduced in 1927.

Theory and Design of Bridges. Petros P. Xanthakos 1
Copyright © 1994 John Wiley & Sons, Inc.



2 INTRODUCTION

Stone and Wooden Truss Bridges Stone bridges of the arch type were
constructed in Rome and other European cities in the Middle Ages. These
arches were half-circular, with the flat arches beginning to dominate bridge
work during the Renaissance period. This design was markedly improved by
Perronet at the end of the 18th century, and was structurally adequate to
accommodate the upcoming railroad loads. In terms of analysis and use of
materials, stone bridges have not changed much. Lahire (1695) developed the
first theoretical treatment by introducing the pressure line concept (see also
Chapter 10), used in practical designs in the early 1770s. Coulomb developed
the arch theory in model tests where typical failure modes were considered.
These results were published by Frezier (1739). Bresse (1880) developed the
theory for the bending and stability of curved bars, and applied it to arches
thereby taking into account changes in curvature as well as changes in length.
Culman (1851) introduced the elastic center method for fixed-end arches, and
showed that three redundant parameters can be found by the use of three
equations of compatibility.

The first major bridge work using wooden trusses was in the 16th century,
when Palladio built triangular trusses to construct bridges with spans up to
100 ft (30.5 m). Palladio also focused on the three basic principles of bridge
design: convenience, appearance, and endurance. Several timber bridges
were constructed in Western Europe beginning in the 1750s with spans up to
200 ft (61 m). However, during the 19th century significant progress in timber
bridges was made in the United States and Russia (Hertwig, 1950). Con-
tributing factors to this choice were scarcely populated areas with large
distances, major rivers to cross, and an abundance of suitable timber.
Favorable economic considerations included the initial low cost and fast
construction. Under these conditions wooden bridges provided the ideal
solution. Town (ASCE 1976) developed and patented the lattice bridge in
1820, and this wooden truss also became the prototype of the early nonlattice
bridges. In 1840 Howe introduced and patented a truss system that became
the standard for many early railroad bridges.

A further development in wooden trusses was the arch type with or
without ties. A detailed account of American bridges was provided by
Culmann (1851, 1852). In his review, Culmann emphasized the American
practice and the many original ideas. On the theoretical side, Culmann
proposed new methods for calculating stresses, and these included statically
redundant trusses. One of the outstanding wooden trusses was developed by
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FIGURE 1-1 Truss type developed by Long (1839).
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FIGURE 1-2 Cascade Bridge.

Long (1839), and is shown in Figure 1-1. Another notable bridge of this
period is the Cascade Bridge of the Erie Railroad spanning a valley 175 ft
(533 m) deep and 300 ft (91.4 m) wide, as shown in Figure 1-2.

Iron Bridges The transition from wooden to steel bridges probably did not
start until about 1840, but the first recorded use of iron in bridges was the
chain bridge built in 1734 across the Oder River in Prussia. The first
all-cast-iron bridge was built in 1779 by Darby at Coalbrookdale according to
a design prepared by Pritchard (De Mare, 1954). The first truss completely
made of iron was built in 1840 in the United States by Trumbull, followed by
England in 1845, Russia in 1857, and Germany in 1853. Also in 1840 Whipple
built the first iron arch truss bridge across the Erie Canal at Utica. The same
engineer built his first railroad bridge, a bowstring truss, in 1853 near Troy,
New York, for the Rensselaer and Saratoga Railroad.

The Impetus of Analysis The theory of structures, developed in the 19th
century, focused on truss analysis, and the first book on the subject was
written by Whipple (1847). Pope write the first book on bridges in 1811. In
1846 Warren introduced his triangular truss, and in 1850 Bload developed a
correct method for calculating forces in this truss type while Humber (1857)
provided important test results about the forces in the Warren truss. I beams
fabricated from plates became popular in England and were used in short-
span bridges. Further progress in truss design is attributed to Schwedler
(1862), Ritter (1877), and Zimmerman.

In 1866 Culmann explained the principles of cantilever truss bridges, and
one year later the first cantilever bridge was built across the Main River at
Hassfurt, Germany, with a central span of 425 ft (129.5 m). The first
cantilever bridge in the United States was built in 1875 across the Kentucky
River. The most impressive railway cantilever bridge in the 19th century was
the Firth of Forth Bridge, built between 1883 and 1890, with span magni-
tudes of 1711 ft (521.5 m).

At about the same time, structural steel was introduced as a prime
material in bridge work, although its quality was often poor. Between 1874
and 1883 three major bridges were built of structural steel: (a) the Eads
Bridge in St. Louis, (b) the Brooklyn Bridge in New York, and (c) the
Glasgow Bridge in Missouri. By 1890 the advantages of steel were generally
accepted, and its use was expanded accordingly.
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Toward the end of the 19th century, Maxwell contributed further improve-
ments to the analysis of truss bridges, particularly in graphical solutions. He
also pointed out that a unique reciprocal correspondence exists between the
geometry of the truss and the force diagram, and to each point corresponds
one closed force polygon and vice versa. For certain statically indeterminate
trusses, Maxwell gave a force method solution based on the equality of
external and internal deformation work. In 1872 Cremona published his book
about graphical statics, and his solution became known as the Cremona
diagram. The force method was also redefined by Mohr, who made signifi-
cant contributions to the analysis of structures. Mohr pointed out that the
differential equation of a force polygon and of an elastic line are mathemati-
cally the same. Based on this principle, he developed a graphoanalytical
method for finding deflections using corrected moment diagrams as fictitious
loadings.

Kuzmanovic (1977) mentions two important box girder bridges, the Con-
way and Britannia bridges designed by Stephenson. These were tubular
structures for the railroads across the Conway and Menai straits. The
Conway Bridge consisted of a single span 412 ft (125.6 m) long, but the
Britannia Bridge was a continuous structure with spans of 230 (70) 460 (140),
460 (140), and 230 (10) ft (m). These designs were the first important
examples of box girders. Further knowledge was gained by the work of
Fairbairn, who conducted tests to determine the best and most favorable
cross section (rectangular, circular, elliptic) and who also experimented with
plate girders and their stiffening requirements.

Clapeyron, who introduced the three-moment equation in 1849, made an
analysis of the Britannia box girder in 1857 and determined that the bending
stresses were not balanced; the negative moment stresses at the interior
supports were 2.5 to 3.0 times larger than the stresses at the midspans, and
therefore this bridge needed a more efficient distribution of plate thickness.

New Analytical Methods Structures of a high order of redundancy could
not be analyzed with the classical methods of the 19th century. The introduc-
tion of reinforced concrete at the beginning of this century in multispan
frames imposed new analytical requirements. The importance of joint rota-
tion was already demonstrated by Manderla (1880), and Bendixen (1914)
developed relationships between joint moments and angle rotations from
which the unknown moments could be obtained (the so-called slope deflec-
tion method).

More simplifications in frame analysis were made possible by the work of
Calisev (1923), who used successive approximations to reduce the system of
equations to one simple expression for each iteration step. This approach was
further refined and integrated by Cross (1930) in what is known as the
method of moment distribution.

Among the recent developments to be mentioned in the analytical proce-
dures is the extension of design in the elastic—plastic range, better known as
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the strength or ultimate design method. Plastic analysis was introduced with
some practical observations by Tresca (1864), and was formulated by
Saint-Venant (1870). The concept of plasticity attracted researchers and
engineers after World War I mainly in Germany, with the center of activity
shifting to England and the United States after World War 11, with Baker,
Prager, Van Den Broek (1948), and others. The probabilistic approach is a
new design concept that tends to replace the present deterministic methodol-
ogy.

At the present time concepts having a strong place in bridge practice
include composite construction, new structural systems such as prefabricated
members, orthotropic plates, segmental construction, curved girders, and
cable-stayed bridges. Interest in box sections remains strong and expresses
efforts to reduce the flange plate thickness of long-span bridges and to avoid
the danger of brittle fracture. The distortion and stability of box sections still
remain the main consideration in design.

Suspension Bridges The first suspension bridge in the United States was
built in Pennsylvania in 1796. Several bridges were built in the first quarter of
the 19th century, and the largest was constructed in Great Britain by Talford,
with a center span of 570 ft (173.7 m). The first theoretical treatment of
suspension bridges was proposed by Navier (1823). Vicat was the first to
observe creep in iron, and he also invented the method of spinning cables at
the bridge site. Ellet (1823) was the first engineer in the United States to use
wire cables instead of chains. He designed and built the world record span of
1010 ft (307.8 m) over the Ohio River at Wheeling between 1847 and 1849,
considered the most beautiful and largest” of its kind. Another notable
engineer was Roebling, who designed the Brooklyn Bridge.

The main problem of early suspension bridges was a lack of stiffness, and
this led to the concept of a stiffening girder suspended by cables as the main
supporting element. The stability of suspension bridges was further improved
by introducing stabilizing trusses, and the first attempt to calculate the
deflections of these trusses was made by Ritter (1877). The best practical
design procedures were developed by Melan (1888). Bleich generalized
Timoshenko’s approach of using trigonometric series by applying this method
to various boundary conditions of the stiffening trusses. Problems of dynamic
stability were investigated after the Tacoma Bridge collapse, and this work
led to significant contributions.

1-2 BRIDGE APPEARANCE AND ESTHETICS

Although in many civil engineering works esthetics has been practiced almost
intuitively, particularly in the past, bridge engineers have not ignored or
neglected the esthetic discipline. Recent sciertific research appears to lead to
a rationalized esthetic design methodology (Grimm and Preiser, 1976). Work
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1. Victoria 2. Story

4. Sydney Harbour 5. Gladesville 6. James Cook
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FIGURE 1-3 Sketches of 12 bridges used in a survey (listed in Table 1-1).

has been done on the esthetics of color, light, texture, shape and proportions,
and other perceptual modalities, and this direction is both theoretically and
empirically oriented.

In the United States as well as in most European countries, esthetic
control mechanisms are now integrated into the land-use regulations and
design standards. In addition to concern for esthetics at the state level,
federal concern also focuses on the effects of the manufactured environment
on human well-being. Besides esthetics in environmental planning, other
perspectives are directed toward improving quality and appearance in the
design process. Good potential for the upgrading of esthetic quality in
bridges can be seen in the predesign evaluations of superstructure and
substructure types aimed at improving the appearance of the structure.

Public Response to Bridge Appearance Figure 1-3 shows sketches for
the 12 bridges listed in Table 1-1. These bridges were rated for appearance in
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TABLE 1-1 List of Bridges Used in Survey

Bridge Location
6} )
Surveys 1971, 1978-1, and 1978-2
1. Victoria Brisbane (Queensland), Australia
2. Story Brisbane (Queensland), Australia
3. Grey Street Brisbane (Queensland), Australia
4. Sydney Harbour Sydney (New South Wales), Australia
S. Gladesville Sydney (New South Wales), Australia
6. James Cook Sydney (New South Wales), Australia
7. Tasman Hobart (Tasmania), Australia
8. Batman Launceston (Tasmania), Australia
9. Narrows Perth (Western Australia), Australia
10. Verrazanno Narrows New York, U.S.A.
11. Scotswood Newcastle-on-Tyne, England
12. Salginatobel Near Schiers, Switzerland

a public survey (O’Conner, Burgess, and Egan, 1980) at two different times in
1971 and 1978. In these surveys, respondents were asked to select a specific
rating, 0 for extremely poor appearance to 9 for most pleasing and excellent.
This scale appears to have been satisfactory, and was used in its entirety. In
interpreting the results, the number giving each rating was counted and used
to compute the mean rating and the standard deviation (SD).

The results of public opinion show that the Narrows Bridge (Perth) and
the Victoria Bridge are the most popular. In both cases the SDs are small
(1.4-1.5). The Verrazano Narrows Bridge also has a high rating. In the 1971
survey, the Story and Grey Street bridges have the lowest ratings, whereas in
the 1978 survey the Scotswood Bridge had an even lower rating.

Interestingly, the results demonstrate a definite bias by city, and the
highest score is that given by respondents residing in the city in which the
bridge is located. The rating also differentiates familiarity with the bridge,
age difference, and difference of opinion between men and women. Thus,
certain groups have a higher regard for slender simple shapes, whereas
others prefer solidity and more complexity of form.

A second survey taken in 1978 was based on photographs. Good agree-
ment between photographs and sketches was obtained for the following
bridges: Victoria, Sydney Harbour, Gladesville, Verrazano Narrows, and
Salginatobel. The most comparable ratings for the 12 bridges of Table 1-1
appear to be those based on photographs, from the 1978 surveys, and by
excluding respondents who claim familiarity with the bridge. After adjusting
the ratings to reflect these considerations, the bridges are listed in rank order
in Table 1-1.

O’Connor, Burgess, and Egan (1980) conclude that public opinion on
bridge appearance can be sampled reliably by proper techniques, and simple
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sketches may be used to obtain results compatible with those obtained with
photographs. There are variations in the ratings according to respondent
group, age, and gender.

Bridge Esthetics on Regional Basis Billington (1981) suggests that bridge
esthetics characterizes regional trends, and that leading bridge engineers
have developed individual styles within well-defined regions. The six men
considered in this study are Telford (1757-1834), Roebling (1806-1869),
Eiffel (1832-1923), Maillart (1872-1940), Ammann (1879-1965), and Menn
(1927-).

Telford is credited for working with metal. One of his metal arches rests
on hollow masonry piers above the valley and carries the canal over the river
Dee. The original work is still in serviceable condition after approximately
175 years of use. However, Telford is distinguished for his flat-iron lattice
arches that constitute his mature style in medium-span bridges. With one
exception, these bridges were built in the west of England and Wales in hilly
country cut by narrow streams. This was the region where the Industrial
Revolution probably began at the time Telford began to practice and experi-
ment with the use of new materials (cast iron) and a new form (the lattice
arch).

In 1844 Roebling won a competition to build the first suspension bridge
carrying a canal over the Allegheny River. Roebling built his first suspension
bridge for a roadway in Pittsburgh over the Monogahela River in 1845, and
his next major works were the 815-ft (248.4 m) span Niagara Falls rail and
road bridge completed in 1855 and the Cincinnati Bridge completed in 1866.
In 1869 Roebling presented his plans for the Brooklyn Bridge, but he died in
July of the same year. His eldest son became chief engineer for the bridge.
The Brooklyn Bridge, built essentially as designed by Roebling, became a
major example of bridge design and was officially made a National Historic
Landmark in 1964 (McCullough, 1972). The features that distinguish his style
are massive masonry towers, a thin deck supported by vertical suspenders,
and cable stays radiating out from the towers. Invariably, his bridges were
built in Pennsylvania, New York, and Ohio, and the three major works span
large open waterways.

Eiffel was born in 1832, and by 1878 he was regarded as the leading
engineer of metal structures in France (Harris, 1975). Major bridges designed
by Eiffel include the viaduct over the Creuse river at Busseak in 1864, the
four viaducts between Gannat and Commentry between 1867 and 1869, the
Maria Pie Viaduct over the Douro River in Portugal in 1877, and the Garabit
Viaduct in the Massif Central, shown in Figure 1-4. This bridge was com-
pleted in 1884 as the longest spanning arch in the world, with an opening of
165 m (540 ft) (Eiffel, 1888). The last design in the Massif Central reflects the
problems of heavy wind loads that tend to cause overturning effects on high
structures. His style is characterized by his solution to widen the towers and
the arches in the lateral direction at the supports and near the base, giving



BRIDGE APPEARANCE AND ESTHETICS 9

THE GARABIT VIADUCT OVEA THE TRUYERE CENTRAL FRANCE.

FIGURE 1-4 Garabit Viaduct.

the strong visual impression of stability. This style is exhibited in Figure 1-4
and in the Eiffel Tower in Paris.

Between 1920 and 1940 Maillart produced more than 30 bridge designs of
undisputed originality. He is credited for developing two major new bridge
forms in reinforced concrete: the hollow box and the deck-stiffened polygonal
arch (Billington, 1981). His early hollow boxes were three-hinged arches, but
in later designs Maillart also used this form in straight spans. The deck-
stiffened type is exhibited in the Schwandbach Bridge built in 1930, and
shown in Figure 1-5. These bridges were built in narrow valleys in the hills
and mountains of Switzerland, and were located primarily in two regions: the
Graubunden and Bern. His style is distinguished by very thin polygonal

FIGURE 1-5 Schwandbach Bridge.



10 INTRODUCTION

FIGURE 1-6 Felsenau Bridge.

arches or very thin hinged points on the hollow-box forms (Billington, 1981).
The concrete is fully exposed, and the bridge shape contrasts with the
mountain environment. Interestingly, the works of Maillart were accepted
because they were cost-competitive.

Ammann was a distinguished engineer of suspension bridges. His first
major design was the George Washington Bridge in New York, developed in
1923. From 1924 until World War II, Ammann was the chief bridge engineer
for the Port Authority of New York and New Jersey. Besides the George
Washington Bridge with a span of 3500 ft (1067 m), other major works by
Ammann include the Bayonne Bridge in 1931 with an arch span of 1652 ft
(503.5 m), the Triborough Bridge in 1936 with a span of 1380 ft (420.6 m), the
Bronx—Whitestone Bridge in 1939 with a span of 2300 ft (701 m), the Throgs
Neck Bridge in 1961 with a span of 1850 ft and (564 m) the Verrazano
Narrows Bridge in 1964 with a span of 4260 ft (1298 m). With a few
exceptions, Ammann’s long-span designs are located in New York. His style
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FIGURE 1-7 Ganter Bridge.

in suspension bridges is distinguished by strong vertical towers with a single
cross member at the top and high horizontal decks.

Menn is credited for updating the Swiss building code for reinforced and
prestressed concrete. As a bridge engineer, he has made a series of major
bridge designs, including the Felsenau Bridge built in 1974 (see Figure 1-6)
and the Ganter Bridge completed in 1980 (see Figure 1-7). Menn is strongly
influenced by the works of Maillart, but his style evolved as increasing labor
costs made arch scaffolding and formwork more costly. This is shown in the
deck-stiffened arch bridges where an increase in spacing between cross walls
and the accompanying reduction in formwork was made possible by prestress-
ing the deck (see also Chapter 10). The Felsenau Bridge shows this trend in
two ways. First, the use of slender columns reduces materials and improves
the visual impression by suggesting lightness. Second, for the relatively wide
bridge, only a single box is used with very long slabs cantilevered laterally to
complete the roadway. The horizontal curvature makes the design more
complicated. The Ganter Bridge shown in Figure 1-7 has a center span of 174
m (570 ft), and the column support is 130 m (426 ft). The bridge consists of a
prestressed cantilever girder in which the main prestressing tendons rise well
above the girder at the columns. The tendons are concreted into walls over
the central part of the span to give a unique profile as shown in Figure 1-7.

The Value of Critique 1t is apparent from the foregoing discussion that
bridge esthetics is not an isolated concept, but should be examined in the
context of structural requirements and budget constraints, In addition, engi-
neers must also consider utilitarian esthetics, which is a composite of physical
factors and visual design aspects. With bridges, these include location,
alignment, roadway characteristics and details, bordering conditions, vistas
and views, and the presence of open space and manufactured complexes.



12 INTRODUCTION

However, certain common ideas are inherent in the foregoing examples.
Tentatively, these are structural lightness and smooth lines, exposed and
undistorted appearance, and a composition that considers harmony with the
surrounding environment. Environmental fitness does not mean only physical
harmony, but implies compatibility with the foundation conditions, the wind
forces, the temperature variations, and the many factors influencing bridge
design.

Billington (1981) notes that for the six engineers discussed previously the
expression of bridge form was self-developed. The style was restricted to a
well-defined region of small area and of consistent topology; the political
context dictated public debate and often open competition; gradually emerg-
ing experience through completed work made the last projects the best
works; and a gradually evolving personal style matured to a clear concept.

1-3 ELEMENTS OF GEOMETRIC DESIGN

The geometric design of bridges relates to the location and proportioning of
the visible elements of the structure, but it does not include structural design.
Geometric design practices by state highway departments and other supervis-
ing agencies are not entirely uniform. Considerable variation exists in the
laws of each state controlling the size, weight, and distribution of traffic and
motor vehicles. Differences in the financing ability also exist and influence
the decision to modify the design standards.

Bridge design standards relate to horizontal alignment and profile, clear-
ances, location of substructure elements, roadway cross section, and framing
plan. Bridges over waterways are governed mainly by vertical clearance, pier
location, and horizontal clearance. Bridges in rural areas follow the geomet-
ric configuration of the main highway.

Various types of structures can be used to separate the grades of two
intersecting highways, roads, or a highway and a railroad. The type best
suited, however, should give drivers the minimum sense of restriction.
Whereas drivers take practically no notice of a structure, they react to
sudden, erratic changes in speed and direction. A structure that avoids these
problems has liberal clearance on the roadways at both levels. Piers, abut-
ments, walls, and so on are suitably offset from the traveled way. The
structures should also conform to the natural lines of the roadway ap-
proaches in alignment, profile, and cross section. Although this relates to
many variables, it does not preclude standardization, particularly in structural
elements.

Overpasses For the overpass highway, a suitable structure is the deck
type. The supports are underneath and out of sight. The bridge has unlimited
clearance vertically, and the clearance laterally is controlled mainly by the
location of curbs, parapets, and railings. These are chosen to enhance the
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concept of safety, yet they should be of a total height and openness to give
little feeling of narrowness.

Deck-type bridges require less maintenance and accommodate widening if
required. Prestressed deck elements allow longer spans in relation to depth.
Spans of highway grade separations are rarely long enough to require
through trusses, but even in this case plate girder bridges are preferred over

trusses.

Underpass From the standpoint of vehicle operation, the most desirable
structure for an underpass roadway will span the entire roadway section from
the top of slopes when the road is cut. This solution is seldom practical, and
substantial cost savings and vertical depth reductions are possible if substruc-
ture elements are provided at the edges of roadway shoulders. On divided
highways, center supports should be used where the median is wide enough
to provide the necessary clearance. This arrangement usually results in a
four-span bridge. Most states, however, favor an unobstructed view by
eliminating the shoulder piers, and this policy has resulted in a popular
two-span continuous structure.

Examples Typical examples of grade separation structures include (a)
single-span bridges with full abutments, an arrangement generally pleasing
and offering little sense of restriction; and (b) bridges with open-end spans, in
lieu of solid abutments and wing walls, with one, two, or three intermediate
piers depending on the width of the median and on horizontal clearance
requirements.

Rural Bridges For most states, the classification and development of
design criteria for rural primary highways is a function of the appropriate
planning agencies. These have the responsibility to develop, modify, revise,
and interpret the physical geometries of proposed bridges in order to remain
compatible with AASHTO standards and specifications for rural highways.

This policy is reflected in the vertical clearance (highway or railroad over
highway). All new structures spanning the interstate and the primary systems
must be proportioned to furnish a minimum vertical clearance of 16 ft 3 in.
Bridges spanning other systems must provide a minimum vertical clearance
of 14 ft 6 in. Through highway trusses must provide a minimum vertical
clearance of 17 ft 3 in. Structures over railroads must have a vertical
clearance of 23 ft between the top of the rail and the low point of the deck
beams.

Most states require a horizontal clearance between the right edge of the
through pavement and the adjacent pier or abutment of at least 30 ft. The
only exception to this policy is for very high unit cost bridges resulting from
either extreme skews or from railroad loading. The minimum horizontal
clearance between the left edge of the pavement and the adjacent pier on
divided highways with medians greater than or equal to 64 ft must be 30 ft.
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For medians less than 64 ft, the pier can be placed at the center of the
median. Interpretation of the foregoing considerations may result in a
two-span structure with semifull abutments or in a four-span structure with
open-end bents based on structural analysis and cost comparison.

Urban Bridges The assignment of geometric design criteria on urban
highways is, likewise, similar except that more stringent requirements are
warranted to serve the higher urban traffic volumes. However, the prime
consideration for service is predicated on the relationship of structure capac-
ity to public benefit. Urban geometrics is thus developed to accommodate
higher traffic volumes at lower speeds. Because vertical clearances are not a
function of traffic capacity, the general criteria may be the same as for rural
bridges, except in highly developed areas where conditions may warrant a
clearance less than 16 ft 3 in. and close to 14 ft 6 in.

The foregoing represent some of the warrants for construction at grade
separations and highlight their influence on bridge type.

Structure Widths AASHTO has developed criteria for roadway widths for
various volumes of traffic, and these recommendations are disseminated in
the document “A Policy on Geometric Designs of Highways and Streets”
(1990).

1-4 ECONOMIC EVALUATION AND RELEVANT FACTORS

Bridge types can be identified in terms of (a) main constituent materials
(concrete, steel); (b) structural system; and (c) interaction with substructure
(continuous spans, simple spans, rigid frames). Invariably, the span length for
bridges that do not fall into the category of grade separation structures will
articulate the bridge type (e.g., steel box girders, cable-stayed bridges, and
suspension bridges).

The selection of materials and structural form for the superstructure is a
complex procedure because it must take into account all factors affecting
design. It is also influenced by the quality and cost of fabrication and
construction procedures, foundation conditions and requirements, bridge
height, and erection constraints.

The relationship of span to structural type becomes obvious from the
analysis of statistical data. Table 1-2 relates span length to superstructure
type. The last column, showing the maximum span in service, is probably the
most significant indication of structural feasibility and its dependence on
span length. As the span range covers 400- to 700-ft (122-213-m) spans, the
choice becomes broader in terms of both structure type and materials. The
choice of bridge type and materials is further enhanced in the small-span
range.
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TABLE 1-2 Span Length Range for Various Superstructure Types

Range of Maximum Span
Structural Spans in Service
Type Material (ft) (ft)
Slab Concrete 0-40
Girder Concrete 40-700 682, Bendorf
Steel 100-860 856, Sava I
Cable-stayed
girder Concrete < 800 771, Maracaibo
Steel 300-1100 1050, Knie
Truss Steel 300-1800 1800, Quebec (rail)
1576, Greater New Orleans
(road)
Arch Concrete 300-1000 1000, Gladesville

Steel truss 800-1700 1675, Bayonne
Steel rib 400-1200 1200, Port Mann
Suspension Steel 1000-4500 4260, Verrazano

Guidelines and comments on choice of bridge type are given in the
following chapters. For conventional grade separations and crossings, the
selection of a suitable structure type is usually governed by applicable
standards. Certain site conditions require a practical correlation within the
bridge type. Among these, we mention the foundation constraints, horizontal
curvature, and skew angle. Once one or two suitable types are tentatively
identified, they should be subjected to intensive investigation, particularly
because cost trends, new materials, and design and construction procedures
change continuously and thus influence economy and structure type.

Selection of Span

Typical unit prices for concrete and steel, the two predominant materials in
bridge construction, are given in Table 1-3. These values are clearly average
and suitable for comparative purposes only. These prices refer to 1969

TABLE 1-3 Unit Costs in Composite Steel and Concrete Bridge
and Pile Foundation (1969 Dollars)?®

Steel girder, in place $0.20/1b
Steel reinforcement, in place $0.20/1b

In situ concrete, in place $50.00 /yd?
Concrete in piles, in place $100.00/yd?
Prestress $0.05 /kip-ft

“These costs are suitable for comparative purposes only. True unit prices
in many parts of the world are higher than these values.
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FIGURE 1-8 Theoretical costs (1969 dollars) of steel and concrete composite girder
bridge.

dollars, and will be used merely to demonstrate the cost approach in
selecting span lengths.

The cost for complete superstructure is given in graphical form in Figure
1-8 for the case of simply supported composite girder bridges. These costs
refer to 1969 dollars. The bridges consist of cast-in-place concrete supported
on welded plate girders. The lower bound of these curves gives a linear
variation of cost and span, expressed by

C 1.5 L 1-1
=15+ — -
’ - (1-1)

where C, = superstructure cost, dollars / ft?
L

span length, ft

O’Connor (1971) has demonstrated that a computer program can be
developed to handle a particular pier with one, two, or three rows of circular
prestressed concrete piles, a solid wall, and a cast-in-place concrete pile cap.
The top of the pile cap is assumed to be at ground level. Longitudinal forces
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FIGURE 1-9 Foundation costs for bridges with various span lengths (1969 dollars).

from the superstructure are assumed to be balanced by a horizontal force
developed as passive resistance against the pile cap. Such a program is
intended to obtain minimum cost solutions. The parameters included are
related to pile characteristics and pier dimensions. The bridge is assumed to
have an infinite width and to consist of an infinite number of successive
simply supported spans. All data refer to 1969 dollars.

The costs per foot-width of substructure are given in Figure 1-9 for
variable pier heights, namely 30 (3.1), 50 (15.2), and 70 (21.3) ft (m), and
evidently the foundation cost increases linearly with span, although at a slow
rate. For instance, a 30-ft pier has a cost equal to 200 +0.7L (dollars). The
corresponding surcharge to the superstructure cost per unit area of deck is
this value divided by L, or

200
CL = T + 0.7 (1-2)

Superstructure and substructure costs are given in Figure 1-10. They are
presented separately and are also added to obtain the total bridge cost
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(O’Connor, 1971). Apparently, for each pier height there is an optimum span
which may be computed as follows:

Cy=A4,+A4,L C,=A;+A,/L (1-3)
or
C=C,+C,=A +A;+A,L + A,/L (1-4)
For the optimum condition,
dac A,

a -~

=0 (1-5)
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which gives
A, 172
L=L =|— (1-6)

From (1-1), 4, = 1/20, and, from (1-2), 4, = 200 (for a 30-ft pier), or,
entering (1-6),

L, = Y4000 = 63 ft

which agrees with the value obtained in Figure 1-10.

From (1-6) it follows that the optimum span varies as y/4,/A,. Thus, if
the superstructure cost C;; and the substructure cost C, are doubled or
reduced both by one-half, the optimum span remains the same. If the cost of
the substructure is doubled, the optimum span increases by V2. If we can
assume that C; and C, have the forms given in (1-3), the parameters A,
and A, may be obtained from exact design of any two spans and then used to
predict the optimum span.

The total bridge cost is, however, rather insensitive to nominal deviations
from the optimum span. Let us assume, for example, that the optimum cost
C, corresponds to the optimum span L,. Then

4.\172
L, = (Zi) and C,=A, +A,+A,L, +A4,/L,
2

Consider now the special case where A, + A; = 0. Then C, = 2y/4,A4,. Let
L =kL, then C=A4,L +A,/L or

A, 1
C=A2kLo+E=(k+; A2A4

o

from which it follows that

C%:————C =l(k+l) (1-7)

24,4, 2 k

Numerically, we can consider the case C/C, = 1.05. Then k = 0.73 or 1.37,
that is, for spans between 0.73 and 1.37 times the optimum span, the cost
exceeds the optimum by no more than 5 percent. These results may be
compared by reference to Figure 1-10. This shows a 5 percent cost increase
for spans equal to 0.71 and 1.43 times the optimum.
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Selection of Bridge Type

The general principles governing the selection of a suitable bridge type
(including feasible alternatives) are presented at the beginning of this section,
and are articulated in subsequent chapters. Certain factors will be considered
here as they relate to the economic evaluation of a proposed bridge.

Bidding Practice The cost of a bridge must remain within the specified
budget range. Although very frequently this is not the case, particularly in an
unstable economy where material and labor costs fluctuate widely, engineers
are nonetheless cautioned to study economic trends to ensure that a pro-
posed project will not be affected by economic cycles.

Invariably, the design process and bidding stage are related, and where
contractual bidding practices are expected to vary under economic or legal
pressures, they may affect the design methodology accordingly.

Single Bridge Design This is typical for relatively small bridges such as
conventional grade separations, small river crossings, and structures over
single railroad lines. Design drawings are detailed for every bridge segment,
member, and element, and a bill of material is included. Construction
specifications become a part of the contract documents, and are supple-
mented in many instances by special provisions. The contractor (usually the
low bidder) executes the project in strict accordance with the bidding
documents. If changing conditions are encountered, they are covered and
authorized by a change order, and paid for as extras.

This methodology works better in a fairly stable economy, and its apparent
shortcomings are articulated in its lack of flexibility to accommodate sudden
price changes, proprietary designs, and patented construction methods.

Design and Build This is chosen more often in certain European countries
where the intent of the bidding practice is to have the contractors prepare
and submit their own design of the project. In this case, the initial plans are
more general, and are refined and further detailed after a first choice is
made. The contractor is responsible for producing a complete design, plans,
and details. The adequacy of this design is confirmed by a proof engineer
retained by the owner.

Value Engineering This concept is mandatory among certain U.S. and state
agencies, and requires a reevaluation of the complete design by a third party
considering also other viable options. A value engineering proposal must
indicate a substantial cost savings, and this is intended to preclude minor
changes whereby the cost of processing offsets the anticipated savings.
Economic benefits resulting from a value engineering proposal generally are
shared by the contractor and the agency after allowance is made for design
and processing costs.
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FIGURE 1-11 Bridge type comparison and range of center span, three-span continu-
ous systems.

Alternate Designs This method has been developed with support from the
Federal Highway Administration in order to produce systems that incorpo-
rate the best features of the single-design and the design-and-build approach.
Its objectives are to (a) provide better competition between materials and
construction procedures and (b) provide contract flexibility in the context of
procedures and expertise.

The associated policy statement (FHWA, 1983) emphasizes the engineer-
ing and economic evaluation of acceptable alternate designs, and suggests
options for structure components (piling, expansion joints, bearings, pre-
stressing systems, etc.). Approval should be expected to be based on the goals
of safety, cost efficiency, and esthetics, in addition to meeting all the struc-
tural requirements of the project. When comparative economic estimates are
reasonably close, the respective designs should be articulated with complete
sets of contract documents for advertising and bidding. The statement
concludes that the intent is to take advantage of the evolving state of the art
of bridge construction and fluctuating market conditions without compromis-
ing the project requirements.

Economic Analysis An example of study on the economical range for
three major bridge types is shown in Figure 1-11, comparing the center span
lengths to the total bridge lengths for three-span continuous girder bridges,
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cable-stayed bridges, and suspension bridges. The limits of economical appli-
cation are 700 ft (213.3 m) for the center span of the girder bridge with a
ratio of center span to total bridge length of 30 to 50 percent. The suspension
bridge is indicated by economy for center spans of 1000 ft (305 m) and larger,
and has a center span—total length ratio of 60 to 70 percent. The cable-stayed
bridge covers the intermediate range with center spans of 700 to 1000 ft, and
a respective ratio of 50 to 60 percent (Thul, 1966).

Interestingly, as construction experience is extended and design expertise
is enhanced, the applicability of bridge types becomes valid within a broader
range.

Example of Economic Comparison Podolny and Scalzi (1986) discuss the
economic feasibility of the Sitka Harbor Bridge, considering six different
bridge types. Candidate systems are summarized in Table 1-4, ranking the
various types on a relative basis using the cable-stayed bridge as a base
assigned the value of 1.00. The advantages and disadvantages associated with
each bridge type are discussed by Gute (1973).

Bridge type I is a plate girder system requiring a main span of 250 ft
(76.2 m), skewed to accommodate the fender system along the navigation
channel. The piers and fenders would be in 52 ft (15.8 m) of water, rendering
the system the most expensive option. Increasing the main span to 450 ft
(137 m) would move the piers beyond the deep water but would also increase
the superstructure cost because of the longer center span.

Bridge types II and 1II have spans of 300, 450, and 300 ft. In this range,
the continuous plate girder became less competitive because of increased
cost. The orthotropic box girder (type IIT) had a cost only 4 percent higher
than the cable-stayed system, but a serious disadvantage was the large depth
required at midspan. The design indicate a required superstructure depth at
midspan close to 14 ft, compared to 6 ft required for the tied arch and
cable-stayed structure. The use of a through truss or cantilever truss was
considered but rejected because of higher maintenance requirements and as
less appealing esthetically.

TABLE 1-4 Cost Study Data and Bridge Comparison,
Sitka Harbor Bridge (From Podolny and Scalzi, 1986)

Cost Ratio (Cable-Stayed

Type Description Girder = 1.00)
I Plate girder with fenders 1.15
11 Plate girder continuous 1.13
II1 Orthotropic box girder 1.04
v Through tied arch 1.04
A\ Half-through tied arch 1.06

VI Cable-stayed box girder 1.00
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Types 1V, V, and VI require small short piers, and have reduced end
spans (150 ft). The two tied arch systems would require high superstructures
in the center of the channel, which also serves as the approach path for
seaplanes. The cable-stayed bridge, type VI, was selected in this case because
it satisfied cost, safety, and functional considerations.

The generally competitive design that has emerged in the last decades has
mandated economic feasibility studies as a routine step in the design process.
Alternate designs are thus useful, particularly if the concept is compatible
with the bidding process so that it does not exclude the application of value
engineering.

1-5 BRIDGE APPRAISAL AND INVENTORY

Although the practical concepts of bridge appraisal and structure inventory
are not directly relevant to the scope of this book, it is prudent to identify the
recording and coding procedures used in the inspection and evaluation of
bridges in the national (interstate) and local systems.

The NBIS (National Bridge Inspection System), prepared by the FHWA
(1988) as Report FHWA-ED-89-044, has been endorsed by ASSHTO, and is
available to states for recording and coding the data elements that comprise
the NBIS inventory data base. In this manner, an accurate record can be
compiled to accommodate the needs for future action and legislation.

The contents of this document cover almost 120 items that encompass
structure characteristics, classification, traffic, maintenance, inspection, re-
pairs, improvements, demolition, and replacement. These coded items are
intended to be an integral part of the data base, and can be used to meet
federal as well as state requirements.

States are thus encouraged to pursue the development of an inventory
record based on specific appraisal and sufficiency rating formulas and com-
plete the tabulation of pertinent elements and information data on individual
structures. This will allow the FHWA to effectively monitor and manage a
national bridge program.

Among the most relevant items of the coding guide is item 43, main
structure type. The inspection and description of the bridge is first recorded
on the basis of the predominant materials, such as concrete, steel, pre-
stressed concrete, timber, masonry, iron, and others. The second recording
reflects the predominant type of design and /or type of construction. In this
appraisal, the bridge is described according to the grouping presented in
Table 1-5.

The functional characteristics of type of service that the bridge provides
are identified in terms of 10 code items, namely: highway, railroad, pedes-
trian, highway-railroad, waterway, highway-waterway, railroad—waterway,
highway-waterway-railroad, relief for waterway, and “others.”
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TABLE 1-5 Code Number and Bridge Description
(Investigation and Appraisal Guide, FHWA)

Code Description
01 Slab
02 Stringer /multibeam or girder
03 Girder and floor beam system
04 T beam
05 Box beam or girders—multiple
06 Box beam or girders—single or spread
07 Frame
08 Orthotropic
09 Truss—deck
10 Truss—through
11 Arch—deck
12 Arch-—through
13 Suspension
14 Stayed girder
15 Movable—Ilift
16 Movable—bascule
17 Movable—swing
18 Tunnel
19 Culvert
20° Mixed types
21 Segmental box girder
22 Channel beam
00 Other

“Applicable only to approach spans.

1-6 BRIDGE NEEDS

The national bridge inventory program, briefly outlined in Section 1-5, has
shown that a large percentage of bridges have reached or are approaching
the end of their useful lives. Since the 1940s, design lane widths and design
and legal loads have increased. Deicing measures and inadequate mainte-
nance funding have combined with increased traffic to accelerate the deterio-
ration of many bridges.

Procedures for strengthening existing bridges have been proposed by
AASHTO through NCHRP Project 12-28 (Klaiber, Dunker, Wipf, and
Sanders, 1986). A prime task of this project was to determine what bridge
types can be strengthened effectively and economically. In this context
strengthening is indicated for bridges in fair to excellent condition, but which
require increased load-carrying capacity because of current loads. Strength-
ening criteria could be defined through a comprehensive bridge management
system considering such factors as actual bridge capacity versus required
capacity, functional adequacy, and long-term economic planning. Until such a
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TABLE 1-6 Number and Percentage of 15 Common Bridge Types
(National Bridge Inventory)

National Bridge

Inventory Number Percentage

Item 43 Main Structure Type of Bridges  of Bridges
302 Steel stringer 130,892 27.2
702 Timber stringer 58,012 12.0
101 Concrete slab 42,450 8.8
402 Continuous steel stringer 36,488 7.6
310 Steel through truss 31,206 6.5
104 Concrete tee 26,798 5.6
502 Prestressed concrete stringer 26,654 5.5
201 Continuous concrete slab 21,958 4.6
102 Concrete stringer 16,884 3.5
505 Prestressed concrete multiple box 16,727 35
303 Steel girder—floor beam 9,224 1.9
204 Continuous concrete tee 7,467 1.6
111 Concrete deck arch 6,245 1.3
501 Prestressed concrete slab 5,561 1.2
504 Prestressed concrete tee 4,687 1.0
Total 441,253 91.8

comprehensive system is generalized in the entire United States, three basic
approaches are proposed to articulate the bridge types suitable for strength-
ening.

National Bridge Inventory By definition, this is the compilation of struc-
ture inventory and appraisal data collected in conjunction with the require-
ments of the National Bridge Inspection Standards (NBIS), prepared and
maintained by each state for all bridges subject to the NBIS. This aggregation
contains records on more than 575,000 highway bridges with spans greater
than 20 ft (6 m), culverts of bridge length, and tunnels. These records are
prepared according to the coding guide discussed in Section 1-5. Items
considered most relevant include the construction year, the main structure
type, superstructure condition, estimated remaining life, inventory rating,
structural condition rating, and type of proposed improvement. These items
are further combined to determine bridge life.

Data reliability is enhanced and interpretation errors are avoided by
appropriate computer programming that rejects records containing blanks or
unauthorized characters.

It appears that masonry through trusses, steel slabs, or other unusual and
fictitious bridge types are less than 1 percent of the total. Thus, the 15 most
common bridge types shown in Table 1-6 were selected for study. These
represent approximately 92 percent of the bridges included in the national
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bridge inventory, approximately 481,000 structures. The remaifider of the
575,000 national bridge inventory records are for tunnels and culverts.

Bridge Strengthening Needs A direct approach to determining bridge
needs is by reference to the improvements recommended by the bridge
inspector. Often, these are tempered by functional obsolescence, available
funding programs, and experience level in rehabilitation and strengthening
methods. For the 15 most common types shown in Table 1-6, some form of
improvement is recommended for almost one-half of the bridges. Where
improvements are recommended, the types of improvement are ranked in
Figure 1-12 (Dunker, Klaiber, and Sanders, 1987), and evidently the over-
whelming choice is replacement. Figure 1-12 also shows that only 0.9 percent
of the bridges were recommended for strengthening. This small percentage
may indicate the unavailability of strengthening options, or it may mean that
the inspection did not recognize strengthening as a means to extend bridge
life.

Bridges recommended for strengthening are ranked by type in Figure 1-13
(Dunker, Klaiber, and Sanders, 1987). Steel stringer bridges account for more
than one-half of the total, followed by steel through trusses, steel girder fioor
beams, timber stringers, and concrete slabs.

A second approach, which is more general because it accounts for almost
the entire bridge record on the National Bridge Inventory, is to examine the
structural adequacy and safety factor (S1) derived from superstructure and

80

Percentage of improvements

6.2% 6.0%

m% 09% 08% 07% 0%

FIGURE 1-12 Bridge improvements recommended by inspection (National Bridge
Inventory).
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FIGURE 1-13 Recommendations for bridge strengthening according to inspection,
ranked by bridge type.

substructure condition rating and inventory, as detailed by the FHWA guide
for bridges (see Section 1-5), remaining life, and anticipated retirement.
These data are directly obtained or computed from the bridge records. Low
structural adequacy and safety usually extrapolate a need for strengthening.

Remaining life is also an indicator of the need for some strengthening.
Bridges found by inspection to have a relatively short remaining life may be
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ideal candidates for strengthening. Bridge types with a large number of
anticipated retirements in the near future, ranked according to maximum
number in any S-year period, are steel stringers (I beams), timber stringers,
steel girder floor beams, and concrete deck arches. For steel stringers, the
anticipated retirement process is shown graphically in Figure 1-14. Similar
diagrams are available for timber stringer and steel through-truss bridges
(Dunker, Klaiber, and Sanders, 1987) and show similar urgency. As of 1985,
the number of anticipated retirements is either at a high level (Figure 1-14)
and expected to continue or small but with a large projected increase.

These bridge records are very consistent in identifying the steel I-beam,
timber stringer, and steel through-truss types as the primary groups for which
strengthening is required in order to prolong life. Secondary groups include
the concrete slab, concrete tee, concrete girder, steel girder floor beam, and
concrete deck arch bridge types.

1-7 PRINCIPLES OF BRIDGE MANAGEMENT

Introduction

The development of a bridge management system (BMS) has followed the
bridge inventory and appraisal program, and is intended to provide a model
at the network level that can be implemented by small and medium trans-
portation agencies. In addition, the system ensures the effective use of
available funds and articulates the influence of various funding levels on the
bridge network.

Six major modules have been identified as the minimum requirements for
developing and programming the system. These are: the BMS data base
module; the network level maintenance, rehabilitation, and replacement
selection module; a maintenance module that assigns maintenance programs
in a rational and continuing way within the system; the historical data
analysis module; a project level interface module; and the reporting module.
These components may be adjusted to the needs of the transportation
agency, and additional modules can be added and modified as needed.

A second phase of the program completes the concept development for a
network level BMS, computerizes system programming, and validates the
system and transportation agencies.

Program Initiative The BMS reflects the magnitude of the bridge problem.
More than 100,000 bridges are judged to be structurally deficient because of
deterioration or distress, and as many are considered functionally obsolete or
inadequate for current requirements. This problem appears to be growing in
terms of acceleration of the functional obsolescence and in the context of
economic support. Thus, the BMS has been developed to adapt appropriate
technology, economics, systems engineering, planning techniques, and man-
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agement optimization of bridge resources, with the ultimate objective to
provide the most effective treatment in each case.
Bridge management systems focus on the following tasks.

1. Selecting engineering methods to assess the future and present needs
of existing bridges (inventory, inspection, capacity, maintenance, reha-
bilitation, replacement, and funding).

2. Developing guidelines for determining cost-effective alternatives with
and without economic constraints.

3. Identifying priority treatment of the problem area, from posting and
preventive maintenance to replacement.

4. Ensuring flexibility to handle a broad range of policy approaches and
accommodate future expansion.

5. Selecting methods to ascertain standards of data reliability.

An integrated model must compare the administration and public costs of
gradual structural deterioration and functional obsolescence with the costs
and benefits of routine maintenance, interim repairs, partial rehabilitation,
major reconstruction, and replacement for each structure. This assessment
involves a set of activities that are related to the transportation infrastructure
and include (a) predicting bridge needs; (b) articulating bridge conditions;
(c) allocating funds for construction, replacement, rehabilitation, and mainte-
nance operations; (d) identifying bridge priorities for action and finding
cost-effective alternatives; (e) scheduling and performing minor repairs;
(f) monitoring and rating bridges; and (g) keeping an appropriate data base
of information.

Within the scope of assessment, the BMS must also analyze different
funding levels and compare different spending policies; study maintenance,
rehabilitation, and replacement actions; analyze project options and different
timing alternatives; and predict the consequences of different scenarios.

Benefits 1In the context of engineering management, the BMS benefits all
users at the administrative, executive, and technical level. The associated
framework provides the flow of data related to managing the bridge network,
and ensures access to data collection, decision making, and technical imple-
mentation. In particular, the technical action is based on input and editing of
condition data, whereas details are available for project level design, current
costs, and effectiveness of a particular response. A further benefit is access to
planning and programming data.

Specific BMS Features A life-cycle costing submodule expands the op-
tions from one action based on current need to a set of actions to be taken
on a bridge over a period of time. Cost and effectiveness (benefit) analyses
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are therefore based on a cycle of future activities taking into account their
subsequent consequences on bridge condition and serviceability.

In implementing this submodule, emphasis should be placed on improving
the cost and effectiveness criteria used in program selection because these
parameters are based on anticipated resource allocation and consequences
over the near future rather than the next needed action. The uniform annual
cost method is normally used to produce the cost value. With respect to
effectiveness, the model BMS considers the average efficiency value over the
analysis period as its default effectiveness measure.

An optimization submodule expands selection on a bridge from one choice
to multiple alternatives. Optimization techniques are therefore incorporated
into the system to articulate the most beneficial set of actions available across
the entire bridge network. This determination is, however, subject to budget
constraints and other considerations. Flexibility is thus essential so that the
optimization techniques, applicable criteria, and external constraints can be
user-defined in order to produce the effective program. An advantage in this
case is that the user is not required to determine the best choice on a
case-by-case basis. Instead, several possible actions and decision rules are
incorporated into the analysis to produce a program upon applying the
optimization algorithm.

A model frequently used is a derivative of the incremental cost—benefit
analysis method (McFarland, Rollins, and Dheri, 1983). This procedure
articulates the optimum alternative using an incremental cost-benefit ratio,
and evidently availability of funds is a constraint. In the model BMS,
however, effectiveness is used in place of benefit (as expressed in monetary
terms), and a minimum acceptable cost-effective threshold is a necessary
parameter. In addition, the budget constraint is expanded from one budget
amount to several.

For a complete review of the essential elements of a network level bridge
management system, see Hudson, Carmichael, Moser, and Hudson (1987).

Current FHWA BMS Approach

A report compiled by the Federal Highway Administration (FHWA, 1989)
addresses the long-term needs of bridges at the national level and establishes
the underlying philosophy necessary to articulate the priorities for mainte-
nance, rehabilitation, and replacement. Despite a growing program aimed at
replacing or rehabilitating more than 10,000 bridges a year, the percentage of
bridges that become structurally deficient or functionally obsolete continues
to escalate. This fact provides a quick indication of the scope and intent of
the current BMS program, and forms the basis for the goals of the Highway
Bridge Replacement and Rehabilitation Program (HBRRP).

Although projected expenditures reflect the extent of bridge needs, they
are not refined estimates for several reasons: (a) National Bridge Inventory
data do not address maintenance or other improvement options except
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replacement and rehabilitation; (b) the criteria for evaluating the data in
prioritizing needs do not distinguish between deficient bridges on different
classes of highways; and (c) the numerical sufficiency rating, used as an
eligibility criterion, has shortcomings when used to express needs and priori-
ties.

Certain conclusions, however, can be drawn, namely: (a) the combined
effect of all bridge improvement programs is not reducing the total backlog of
bridge needs or the number of bridges found deficient, and significant relief
is not in sight given the budget deficits and other discouraging factors; and
(b) although National Bridge Inventory data reveal the magnitude, they do
not distinguish among the critical needs or the sequence for meeting these
needs.

Analysis of long-term needs shows that bridges are added and removed at
about the same rate from the list of structures eligible for federal funding,
but this rate of additions and removals should not indicate that the goal is to
maintain the status quo. The total cost of replacement, rehabilitation, and
maintenance is roughly proportional to the average age of structures in the
highway network. With a high percentage of new bridges, the program cost is
relatively low; with a high percentage of old bridges, the cost is high. The
histogram of Figure 1-15 shows the current age distribution of bridges. Each
bar represents the number of bridges in existence, built within a 5-year
period. The beginning year of each 5-year period is shown. This inventory
indicates a large number of relatively young bridges, starting in the 1950s.
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The life expectancy of the 575,000 bridges is normally 60 to 70 years based on
a realistic estimate.

The criteria used to establish the goal or standard assume a critical
function in determining the level of bridge needs. According to this philoso-
phy, the option that costs less over the long run represents the present need.
Alternatively, an equally valid definition states that needs can be viewed as
simply the most beneficial improvement to each bridge on the state highway
system. Net benefits are usually defined as the difference between savings in
user costs and agency costs over a given period of time. Needs can also be
defined on the basis of minimizing total costs over time. When total costs are
minimized, net benefits are maximized.

Contents of BMS Program The FHWA BMS program covers various
aspects for developing and introducing a comprehensive bridge management
philosophy.

Introduction This is a general analysis of the merits of the system as they
relate to bridge decision making. Data organization, presentation of results,
and systems analysis precede selection of possible alternatives and strategies.

Needs Defined by Level of Service Goals This program component is a
practical approach that uses specified bridge characteristics, traffic volume,
and highway functional classification to identify needed bridge improve-
ments. By setting the level of service goals at a minimum point for traffic
service, critical needs are determined.

Priority Ranking Formulas This task analyzes and compares empirical for-
mulas developed by states for ranking bridges based on need, and also
discusses the limitations of the sufficiency rating as a ranking criterion.

Levels of Service for Maintenance This phase in the program introduces a
procedure for selecting maintenance service levels. This is achieved through
the use of decision theory and mathematical optimization whereby optimal
bridge components are selected for a given budget.

Estimating Service Life This extrapolates the results of studies to bridge
service life predictions. The background is provided by statistical analysis of
the rate of deterioration in bridge conditions and appraisal ratings, allowing
the service life and remaining life to be approximated. These factors, result-
ing from maintenance and rehabilitation, are critical in bridge program
decisions.

Cost-Effective Improvement Strategies Relevant to the decision-making
process at project and network levels are the users of life-cycle cost analysis
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and cost-benefit analysis. These tasks provide an alternative to the various
approaches pursued in the program. In particular, a network level approach
to priority optimization that considers agency and users costs and benefits is
developed and illustrated by case histories.

Needs Prediction Models Procedures for modeling future bridge needs on
a systemwide basis relate to the ability to cope with accruing problems
depending on the available or necessary resources at the proper time. Some
simple modeling techniques developed at the FHWA and state level are

presented.

Data Collection and Management This task focuses on topics and issues to
be considered when restructuring an existing data base to support a compre-
hensive BMS. Adequate and reliable data bases require analysis of factors to
determine which items are relevant, essential, desirable, or marginal. Among
factors that might weigh in the decision to include or exclude data items are:
(a) the relative cost and trends in completing collection; (b) data relevance to
the analytical process selected in the BMS; (c) time dependency as it may
relate to the need to estimate life expectancy or to compare life performance
of bridge components, repair methods, and so on; (d) data homogeneity as it
applies to the meaning of conditions or appraisal rating, and as it may detract
from the usefulness of past data; and (e) accessibility because this determines
data usefulness in a systemwide level analysis.

Conclusions It may appear from these remarks that bridge programs are
managed using a particular system suited to a unique bridge set, bridge
problems, and agency organizational structure. Current management systems
have evolved through adaptation and modification.

A comprehensive BMS has a natural relationship to bridge programming
and the project selection process that may be already in place. Thus, it can
articulate and stengthen current bridge aspects such as inspection, priority
ranking, programming, and project implementation on a systemwide basis.
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CHAPTER 2

DESIGN METHODS AND LOADS

2-1 SPECIFICATIONS AND STANDARDS

The design philosophy followed throughout this book is based on the current
“Standard Specifications for Highway Bridges,” 15th edition (1992), adopted
by the American Association of State Highway and Transportation Officials
(AASHTO). The compilation of this document began in 1921 with the
organization of the Committee on Bridges and Structures of the American
Association of State Highway Officials (AASHO). The specifications and
design methodology were gradually developed and expanded, and as the
several divisions were considered and approved they were made available for
use by state highway departments and organizations engaged in bridge
design. A complete specifications document was introduced in 1926, revised
in 1928, and printed in 1931.

Following the first standard specifications published in 1931, the associa-
tion issued revised editions in 1935, 1941, 1944, 1949, 1953, 1957, 1961, 1965,
1969, 1973, 1977, 1983, and 1989. The present 15th edition is the result of
constant research and development in steel, concrete, and timber design. It
appears, therefore, that in terms of content and scope, these specifications
will continue as a developing document, revised from time to time to reflect
new knowledge and continuing technical progress. Annual interim specifica-
tions are generally added to the document and supplement the material. The
intent of AASHTO is to provide a standard or guide for the preparation of
state specifications and for reference by practicing engineers.

In this context, the specifications stipulate minimum requirements that are
consistent with current practice, but modifications may be indicated to
accommodate local or special conditions. Because they apply primarily to the
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most common and usual bridge types, additional design guidelines may be
necessary for unusual or exceptionally long bridges. In conjunction with the
AASHTO document, entirely relevant to the theory and design of bridges are
the current “Manual of Steel Construction” (AISC), the current “Concrete
Code” of the ACI, and current ASTM specifications. In neighboring Canada,
important technical documents in bridge design are the “Ontario Highway
Bridge Design Code,” and the publication “Design of Highway Bridges,”
National Standard of Canada. Other AASHTO specifications are referred to
in the course of the book.

2-2 STRUCTURAL ANALYSIS IN BRIDGES

Structural Forms and Continuity

Continuity in bridges is exhibited essentially in two forms: continuous spans
and rigid frames. Invariably, the investigation requires three basic steps in a
typical order: selection of suitable methods of analysis, consideration of the
physical constants entering the problem, and application of these elements to
design. A critical factor is the sensitivity of the analysis to variations in
material properties and to other underlying assumptions.

Three sets of elementary physical constants are considered in the geomet-
ric relationships. These are the changes of length of members subjected to
axial forces, the rotation of elements subjected to bending moments, and the
twisting of members under the effect of torque application. These parameters
are expressed in appropriate terms that provide deformation constants used
to quantify the deformation events. Uncertainties and variations in the
moment of inertia can produce considerable deviations from the true results
of the analysis, and these are more critical if the structural materials are not
truly elastic and do not complete the elastic recovery.

Stiffness and Flexibility A typical deformation—force relationship can be
presented in the form A = f,F, where A = deformation (axial elongation),
F = force, and f, = I/EA = axial flexibility (/ = member length, E = elastic
modulus, and 4 = area). In the inverse form, a force~deformation relation-
ship is derived given by F = k,A, where k, = EA/l = axial stiffness.

Similar concepts can be developed to describe the flexural deformation
problem. Consider, for example, the beam shown in Figure 2-1a. For this
condition, the moment acting on an element at distance x is M = M,(1 —
x /1), as shown on the moment diagram of Figure 2-1b. If the member is
prismatic, EI = constant. In this case we can write ¢ = f, M|, where f, =
flexural flexibility = [ /a EI. The parameter « depends on the variation of M
along the member length, which, in turn, depends on the end support
conditions.
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FIGURE 2-1 Flexural force—deformation behavior: (a) member subjected to flexure;
(b) moment diagram; (c) stress-strain diagram; (d) moment-rotation relationship.

Expressed in the form of a force-deformation relationship, we can now
write M; = k,¢, where k, is a measure of the flexural stiffness, or &, =
aEl/l. Because a linear stress—strain diagram was assumed, the resulting
moment-rotation diagrams correspond to this linearity as shown in Figures
2-1c and d. If the members were stressed beyond the elastic range, the
resulting moment-rotation curve would reflect this inelastic behavior as
shown by the dashed lines.

In problems involving torsion, similar relationships may be developed to
correlate the angle of twist with the twisting moment, expressed in terms of a
torsional stiffness that is also a function of the modulus of shear rigidity
G = E/2(1 + p). Other terms used in the book include true stiffness, effective
stiffness, rotational stiffness, and so on.
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Simple and Continuous Beams A single-span beam on simple supports is
unrestrained at the ends, and thus it has no negative moments. If extended to
adjacent spans, the same beam develops negative moments at the support
according to the degree of restraint and its actual stiffness. The restraint will
have its effects, whether the beam is a member of a series in a continuous
system or a member of a frame. If the restraint at an interior support can be
determined numerically, we can estimate the negative moment induced at the
ends of the span in question because the other variable (statical member
stiffness) is a function of the I/L value and the restraining effect.

In a continuous system the actual maximum moments can be calculated by
loading each span individually and then superimposing the results, for either
distributed or concentrated loads. Although this solution is not the most
formidable, it can be used to obtain the algebraic summation of the results.
Consider, for example, the moment diagrams for the five-span continuous
beam shown in Figure 2-2, where, for simplicity, all spans are taken equal.
With all spans loaded, the negative moment at the third support has a
coeficient of —0.0790 as shown in Figure 2-2g. However, the maximum
moment coefficient at this support is —0.1112 and occurs when only the
second, third, and fifth spans are loaded as shown in Figure 2-2i.

Because the dead load acts on all spans simultaneously, its sequential
application is not necessary. Live loads, either truck or lane, must, however,
be analyzed separately, and in a series of continuous beams one span will act
to restrain the others.

Examples of Methods of Analysis

Continuous beams may be analyzed by one of the classical methods, or by a
combination of matrix techniques and computer applications. Whereas bridge
analysis appears to have been challenged to adapt the latter, the value of the
classical approach should not be discounted. In this context, a brief review of
beam analysis by compatibility and equilibrium methods is considered essen-
tial.

The Three-Moment Equation This is particularly useful in determining
the internal support moments of a continuous beam. For a beam of m spans,
the internal moments at the (m — 1) support points are the redundants. For
a beam extending over three or more unyielding supports with simple
bearings, the equation is expressed in the basic form

wili  wylj
M, +2M,(1, + 1) + M3l, = — = T 2 (2-1)

Equation (2-1) relates the support moments of the first two spans with
uniform load w, and w,, respectively. Thus, for the beam of m spans, the
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equation would be applied at each of the (m — 1) interior supports to
provide the (m — 1) compatibility relationships that are necessary to deter-
mine the (m — 1) redundant moments.

If concentrated loads are considered, the three-moment equation must be
modified accordingly. For fixed-end beams there is an additional redundant
moment at each fixed end. Although a special equation form must be
formulated in this case, a convenient artifice is to replace the fixed end by an
imaginary span of zero length and then apply the three-moment equation at
the end support points.

One of the major advantages of using the internal moments as the
redundants is that the flexibility matrix used in the solution is a banded
matrix. This greatly simplifies the solution of the simultaneous equations.
Because the solution of the resulting compatibility equations yields member-
end moments, the shear and moment diagrams are easily constructed. It is
essential, however, to follow strict adherence to sign convention. For exam-
ple, positive moments are those that cause compression on the top fibers of
the beam, and support displacements are positive when upward.

The Slope Deflection Equation The member force—displacement equa-
tions that are needed for the slope deflection method may be developed by
referring to Figure 2-3. Essentially, the approach is an equilibrium method
that accounts for flexural deformation but ignores axial and shear deforma-
tion.

In the undeformed position, the member is along the x axis, and the
deformed beam has the configuration shown. The positive axes, together with
the positive member-end force components and displacement components,
are also shown. For this sign convention, the boundary conditions require

AaB

A Jon ~N7 ) s
y MBA

FIGURE 2-3 Deviation of slope deflection equation.
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that, at x = 0,
dy
yx=0)=y, —(x=0)= -0, (22)
and, at x =/,
dy
y(x=1) = -yp (X =D =6 (2-3)

As the beam deforms, the moment—curvature relationship requires that

d?y

The moment as a function of x is given by M = M,z + V, zx — P(x — a),
which combined with (2-4) yields

d?y M,p Vaigx P
— E(x - a) (2-5)

__5. = +
dx EI EI

Integrating (2-5) and applying the boundary conditions provides simultaneous
solutions for Mz, Vg, Mg ,, and Vj ,.

Matrix Methods A more generalized approach to the problem of analysis
is to establish a complete interactive relationship between member-end
forces and the associated member-end displacements. In matrix form, if {F}
is the vector of member-end forces and {8} is the vector of member-end

displacements, then
{F} = [k]{s} (2-6)

where [k] is the member stiffness matrix. The details concerning the determi-
nation of the stiffness coefficients are covered in appropriate references.
Likewise, the force—~deformation relationship can take the form

{8}, = [F){F}, (2-7)

where {8}, and {F}, are reduced versions of the displacement and force
matrices, respectively, and [ f] is the member flexibility matrix.

When equilibrium methods are formulated in a general matrix format, the
resulting equations contain the structure stiffness matrix, derived from
the synthesis of the individual member stiffness matrices. In this context, the
matrix method resulting from a generalization of the equilibrium approach is
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referred to as the stiffness method. Conversely, when compatibility methods
are expressed in a general matrix formulation, the governing equations
involve the structure flexibility matrix that results from a synthesis of the
individual member flexibility matrices. In this case, the matrix method evolv-
ing from a generalization of the compatibility formulation is called the
flexibility method.

Clearly, the foregoing provide only a crude definition of the matrix
concept. With this method, the structural properties of a bridge member are
taken together, and the resulting synthesis is used to calculate load behavior
and structural response. The matrix approach is particularly suited to com-
puter applications that must process a large number of reiterate calculations.
In addition, the direct stiffness method is becoming the most common
method of solution because of its generality and ease of programming. For a
detailed study of these methodologies, see West (1989), Arbabi (1991), and
Armenakas (1991).

Useful Guidelines In analyzing continuous beams the following guidelines
are useful.

1. The summation of moments at a joint equals zero, or XM = 0.

2. If any loaded span is subjected to restraint, bending moments will be
induced at the ends so restrained.

3. To produce maximum negative live load moment at any interior sup-
port, load the span on each side of that support and each alternate
succeeding span.

4, To obtain maximum positive live load moment in any span, load this
span and each alternate succeeding span.

5. For dead load moments, consider all spans simultaneously loaded.

6. A span loaded individually yields negative moments at its supports. The
moment developing at the next support is positive, thereafter changing
to negative and positive alternately and for each succeeding support or
unloaded span.

7. For uniformly distributed load, bending moment curves are parabolic.

For concentrated loads, bending moment diagrams are triangular.

9. For unloaded spans of a continuous beams, bending moment diagrams
are straight lines crossing the beam axis at the points of contraflexure.

®©

End Restraint

The uniformly loaded beam shown in Figure 2-4a is simply supported.
Because the ends are not restrained, the moments are zero at these points
and positive in the span. Next, the same beam is considered in a continuous
system consisting of a beam series. The adjoining spans restrain the beam
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FIGURE 2-4 (a) Bending moment diagram for a beam simply supported;
(b) bending moment diagram for a beam restrained at its ends as in continuous spans;
(¢) application of the method of moment distribution.

against rotation at its ends and introduce negative moments as shown in
Figure 2-4b. The moment curves in Figures 2-4a and b are the same, and
both have a center ordinate wL?/8. In Figure 2-4b, however, the effect of
negative moments is shifting of the diagram with a corresponding reduction
of the positive moment. We can write

wlL? M, + My
M= =% (2:8)

where M. is the center (positive) moment and M, and My are the negative
moments at the left and right support, respectively. For a restraint of any
measurable degree introduced at the ends of a beam, a negative moment will
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result. Once this restraint is quantitatively known, the negative moments at
the ends can be determined.

True Stiffness For a member subjected to flexure, the true rotational
stiffness at one end involves the actual value as well as the end restraint of
the member at the far end. The member may be fully fixed or hinged at its
far end, or it may have a restraint between these extreme conditions. Full
fixity requires infinite restraint (zero rotation and infinitely stiff implying that
1/EI = 0), which is practice is difficult to attain. Likewise, ideally free or
hinged ends are difficult to provide although they are commonly assumed in
bridge analysis. In contemplating fixed- and free-end conditions, we only
need to define the extremes of the range. In most practical problems the end
conditions lie in the region of partial restraint expressed in terms of relative
values, nonetheless susceptible to quantitative analysis.

For a member ideally fixed at the ends, the rotational stiffness is one
extreme limit. Next, we consider a hinged or partially restrained member.
From the slope deflection principles and referring to Figure 2-3, we note that
as the restraint at one end increases from a hinged condition (zero restraint)
to fixity (full restraint) the angular rotation at the same end decreases from a
maximum to zero.

If the restraining factor at end B is denoted as Ry, we can express the
angular rotation at the same end as (1 — Rg)f,, noting that this expression
satisfies the general requirements. If Rp = 0 meaning no restraint, the
angular rotation is 6, which is the maximum value for end B hinged. If
Ry = 1 meaning that the end B is fixed, the rotation is zero. A well-known
relation expresses the modified stiffness S, for end A4 of beam AB in terms
of the factor I/L and the end condition at point B. Accordingly, S, =
(3 + 0)I/L if end B is hinged, and S,,, = (3 + 1)I/L if end B is fixed.
Thus, a hinged member is 25 percent less stiff than a fully restrained
member. In other words, a beam fixed at one end only is 75 percent as stiff
(offers 75 percent as much resistance to rotation) as a beam fixed at both
ends. Likewise, a beam half-fixed at its far end would be (1 + 0.75)/2 = 0.875
as stiff as a fully restrained member.

The stiffness of an end span of a continuous beam freely supported at its
outer end is 0.751 /L, and this is also true for supporting columns of a frame
hinged at their far ends. Where the end spans of continuous beams can be
considered fixed, their stiffness is the respective /L values.

For a series of continuous members in a beam, the restraint at a near end
(considered) of a member is affected only by the modified stiffness of the
adjacent end of the adjoining span, or

R="2 (2-9)

where S,, is the modified stiffness of the adjacent end (adjoining span), and
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S¢ = I/L is the value of the member considered. Because the distribution of
moments at a joint (or support) is directly proportional to the stiffness of the
restraining members at the joint, it follows that the theory of continuity is
based on relative restraints that are functions of the member stiffness. With
the restraining stiffness being equal to the restraint of the member consid-
ered, for several members meeting at a joint we can write

rs
R=—_M (2-10)
Sc

where LS, = the sum of modified stiffness at the adjacent end of the
adjoining spans, and S; = I/L = the value of the member considered.

Moment Distribution

According to this method, an iterative-type solution is carried out with
emphasis on the physical process of alternatively clamping and releasing
joints until equilibrium is achieved. Introduced by Professor Hardy Cross in
1929 (Cross and Morgan, 1932), it is widely used to analyze continuous beams
and frames, although with the advent of digital computers direct solutions
are feasible. The method allows the determination of moments, shears, and
reactions for a given set of loads. Its application requires knowledge of the
following: (a) the moments developed at the ends of loaded spans when these
ends are considered fixed (FEM); (b) the resisting moment developed at a
joint on the end sections of members connecting at the joint; and (c) the
resisting moment developed at the fixed end of a beam by action of a
moment applied at the other end that is not fixed. The slope deflection
procedure provides the last two relations.

Let us consider the beam shown in Figure 2-4¢ where joint B is clamped
and therefore temporarily restrained against rotation. Next, we calculate the
end moments on the two fixed-end beams for this condition, shown on the
sketch as fixed-end moments. Evidently, the joint at B is unbalanced. There
is a counterclockwise moment of 50 on the left side and a clockwise moment
of 80 on the right, producing an unbalanced moment of 30 clockwise. As the
joint is released, it will rotate clockwise until the moments on the two sides
balance. The moment of 50 will be increased by some amount, say 20, and
the moment of 80 will be decreased by 10, so that 50 + 20 = 80 — 10 or
50 + x = 80 — (30 — x), so that the sum of the changes in moments on the
two sides of the joint will be the unbalanced moment of 30. This unbalanced
moment at B is therefore distributed between the connecting beams in a
specific way, and in proportion to the moment necessary to rotate each beam
through a given angle at B. This distribution is a function of the relative
member stiffness.

Referring again to Figure 2-4c, we note that when a positive moment
rotates beam AB at B, a negative moment is introduced at A4 as shown by
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the curvature of the beam. Likewise, when a negative moment rotates beam
BC at B, a positive moment is produced at C as shown. It foliows therefore
that fractions of the distributed moments are carried over to the other ends
of the beams with the same sign, the carry-over factor being one-half.

The analysis of continuous beams by moment distribution follows a sys-
tematic procedure. The first step is to determine the stiffness //L for each
member throughout the beam. These stiffnesses are then used to determine
the distribution factors at each joint that will be released during the moment
distribution process, and evidently only relative stiffness quantities are needed
to determine the distribution factors. These relative stiffnesses show the
relative magnitude of member stiffnesses for members meeting at a joint (or
support). The fixed-end moments are then calculated, with all supports
assumed fixed against rotation. The moment distribution process of sequen-
tial release, balance, and carry-over is followed until each released joint is in
equilibrium. The process registers member-end moments according to the
slope deflection sign convention.

The moment distribution is not an approximate method of analysis,
because if enough cycles are used the procedure will converge to the exact
solution. In the usual case, however, the analysis can be concluded when the
carry-over moments become small enough to be inconsequential.

Useful references on fixed-end moments, data, and miscellaneous tables
are provided by Rogers (1953) and Kleinlogel and Haselbach (1963), who
include complete data on multibay frames and beams.

Influence Lines

Figure 2-5a shows the moment diagram for a four-span continuous- beam
with a single load acting at point 14. If the same point load moves along the
beam from the left to the right end, for every position the moment produced
at point 14 will be different. Thus, for a particular point we can indicate by
an ordinate the moment corresponding to every point of application of a
moving load, and the resulting diagram is an influence line curve. Figure 2-5b
shows the influence line for point 14 of the same continuous beam; the
moments produced at this point are negative if the load P acts in spans 1 and
3, and positive if the load is applied in spans 2 and 4. The largest moment is
produced when the load is applied at point 14 itself. Similar influence lines
can be drawn for all points along a beam.

Critical Influence Lines for Bending Moments For every span there is
one influence line that contains the absolute largest moment in the span, but
as a rule this line does not coincide with any influence line of the 10th-point
division. For a loaded span, the longest ordinate is under the load itself. In
unloaded spans the longest ordinates are at the point where the support
moment has the longest ordinate. For 10-division tables, the critical influence
lines for the span (positive) moments of the loaded spans are situated as
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FIGURE 2-5 (a) Bending moment diagram for a four-span continuous beam for a
single load applied at point 14; () moment influence line for point 14 of the same
beam.

shown in Table 2-1. The largest ordinate of the support moment (negative)
influence lines (and also of the critical influence lines of the unloaded spans)
occurs for the load position shown in Table 2-2.

Influence Lines for Shears The influence line for the left end support 0
of a four-span continuous beam is shown in Figure 2-6a as a unit load moves
along the beam. Usually, shear ordinates are given as a fraction of the unit
load and are thus independent of the span length. The shear at any point in
span I, such as point 04 may be obtained merely by adding —1 to the
ordinate for point 0 to point 04, that is, by displacing the branch of the curve
downward to point 04 as shown in Figure 2-6b. Likewise, the influence line
for a point just to the left of point 10 is obtained as shown in Figure 2-6¢
merely by displacing the entire curve for span I/, downward in a parallel
translation. The same procedure can be followed to construct the influence

TABLE 2-1 Location of Critical Influence Lines for Positive
(Span) Moments*

Two Spans Three Spans Four Spans
Inspan1 Between points 4 and § Between points 4 and 5 Between points 4 and 5
In span 2 Between points 15 and 16 In point 15 Between points 13 and 16
In span 3 Between points 25 and 26 Between points 24 and 27
In span 4 ~ Between points 35 and 36

“Note: Within the limits 1:0, 5:1, to 1:2:2:1.
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TABLE 2-2 Location of Critical Influence Lines for Negative
(Support) Moments*”

Two spans Three spans Four spans
For support moment M In5,77 and 14,23 5,77 and 24, 33 5,77 and 34, 23
In the end spans Between 13 and 14  Between 13 and 14
In the central spans Between 23 and 24
For support moment My; S, 77 and 34, 23
In the end spans S, 77 and 24, 23 Between 16 and 17
In the central spans Between 16 and 17  Between 23 and 24

“Note: Within the limits 1:0,5:1,to 1:2:2:1.

line for shear at the right side of point 10, producing the curve shown in
Figure 2-6d. Influence lines for the shear at point 14 in the second span and
just to the left of point 20 are shown in Figures 2-6e and f, respectively.

Miiller-Breslau Principle In the foregoing analysis, responses are shown
as ordinates of the influence lines for respective response functions. To
construct the complete set of influence lines, a separate indeterminate
analysis is essential for each position of the unit load. Alternatively, influence
line coefficients may be directly obtained from tables if span ratios do not
deviate from these tables.

A different approach is suggested by the Miiller-Breslau principle. This
evolves from a direct application of Betti’s law, stemming from a unique
application of virtual work concepts. The underlying theory is that the
influence line for any response function is given by the deflection curve that
results when the restraint corresponding to that response function is removed
and a unit displacement is introduced in its place.

The Miiller-Breslau principle is used primarily as a qualitative tool for
verifying the shape of influence lines, and thus remains as a major feature in
the analysis of statically indeterminate structures. Alternatively, analytical
procedures may be introduced to calculate the ordinates of the deflected
structure that result when the unit displacement is applied. Any of the
methods used in determining the deflected configuration of the beam is
appropriate, although certain methods have certain inherent advantages. It is
essential that the induced deflected shape contain no displacement disconti-
nuities other than the unit displacement corresponding to the response
function for which the influence line is constructed.

The application of the principle to continuous beams reduces to the
determination of the ordinates of the deflected structure. Because influence
lines are normally desired at several locations along the beam, a suitable
deflection analysis must be selected to meet these needs. Conveniently, it is
possible to combine the conjugate beam method with the tubular procedure
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suggested by Newmark (1943). Numerical examples of the principle are given
by West (1989).

Variable Moment of Inertia

Direct use of moment distribution methods and influence line tables nor-
mally implies continuous beams with a constant moment of inertia. Most
often, however, continuous beams are deepened near the supports or made
stronger for structural optimization. This configuration results in an in-
creased moment of inertia, with a direct effect on moments. Thus, the
negative moments at the supports become larger with an accompanying
reduction in the positive span moments.

Haunches affect the fixed-end moments, the member stiffness, and the
carry-over factors. Of these, the most important is the change in fixed-end
moments. If all the beams are haunched so that their proportions are the
same, their relative stiffness will not change. Although procedures are avail-
able to deal with variable I, the associated work is tedious and time
consuming. The solution in this case should be obtained with the use of
digital computers.

2-3 DESIGN METHODS: CONCRETE BRIDGES

Both AASHTO specifications and the ACI building code allow two alternate
design procedures. In the service load design method, or allowable stress
design (ASD), working or unfactored loads provide the basis for concrete
strength assessment. In flexure, the maximum elastically computed stresses
cannot exceed allowable or working stresses (usually 0.4-0.5 times the
concrete and steel strengths).

The working stress method implies that the ultimate limit state is automat-
ically satisfied if allowable stresses are not exceeded, but depending on the
variability of materials and loads this is not always true. Thus, it is often
necessary to consider the deflection limit state and the crack-width limit
state. Inconsistencies in working stress design are pointed out by MacGregor
(1976) and Ellingwood, Galambos, MacGregor, and Cornell (1980). The most
serious shortcomings are the inability to quantify the variability of resistances
and loads, the approximation of the level of safety, and the inability to
consider groups of loads where one increases differently from the others.

The strength design method (or load factor method) is essentially limit
states design with emphasis on ultimate limit states, with the serviceability
limit states checked after the original design is completed. According to this
philosophy, the required strength of a section is the strength that must be
developed to resist the factored loads and forces applied to the structure in
combinations stipulated in relevant criteria. The “(design) strength” refers to
R, factored resistance, whereas ‘“required strength” refers to the load
effects computed from factored loads y(8,D + B, (L + 1) + -+ ).



DESIGN METHODS: STEEL BRIDGES 53

Probabilistic Analysis of Safety Factors Let R denote resistance and let
§ denote load effects expressed in terms of a quantity, for example, bending
moment. For a given distribution of load effects, the probability of failure can
be reduced if resistance is increased. Thus, the term Y = R — § represents
the safety margin. By definition, failure will occur if Y is negative. The
probability of failure, Py, expresses the chance that a particular combination
of R and § will yield a negative Y.

The function Y has a mean value Y and a standard deviation o. The
parameter Y /oy is called the safety index. If ¥ follows a standard statistical
distribution, and if ¥ and oy are known, the probability of failure is obtained
from statistical tables as a function of the type of distribution and the value
of ?/(ry. For a given value of the safety index, we can estimate the number
of failures for x number of structures during their lifetimes.

Because strengths and loads vary independently, it is expedient to have
one factor or series of factors to account for variability in resistance, and a
second series of factors to account for variability in load effects. These are
referred to, respectively, as resistance factors ¢, and load factors y and B.
The derivation of probabilistic equations for calculating the values of ¢ and
v are based on the assumption that both the strength and the load effects can
be represented by log-normal distributions. The coefficient 8 is computed so
as to differentiate the variability of load effects between different load types
and groups. For example, for live loads this coefficient is larger than for dead
loads due to the greater variability of the former. Engineers involved in
strength analyses normally would not compute the values of ¢, y, and B
because appropriate design codes specify the values to be used. Thus, for
Group I loads AASHTO specifies the coefficients 8 for dead and live load
plus impact as 1 and 1.67, respectively, whereas the load factor vy is taken as
1.3. This leads to a simple relationship between factored resistance ¢ R, and
load effects (required strength) as follows:

&R, > 13[D + 1.67(L + I)] (2-11)

Likewise, the factor ¢ depends on the type of load effects (e.g., flexure,
shear, torsion, etc.) and on the specific characteristics of the loaded member
(e.g., conventional reinforced concrete, prestressed concrete, factory pro-
duced, cast-in-place, etc.). The application of (2-11) is demonstrated in
Chapter 3.

2-4 DESIGN METHODS: STEEL BRIDGES

The current AASHTO specifications as well as the AISC manual provide for
two alternate design methods. AASHTO considers the service load proce-
dure (allowable or working stress design, ASD) the standard design approach
for all structure types. The application of the method implies that structural
steel members are proportioned on the basis of design loads and forces,
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allowable stresses, and functional limitations for the appropriate material
under service conditions.

According to the strength design method (load factor design), engineers
can choose an alternate procedure to proportion simple and continuous
beam and girder bridges of moderate length. This approach considers multi-
ples of the design loads. Furthermore, to ensure serviceability and durability,
the design must also focus on control of permanent deformations under
overloads, on fatigue characteristics under service loads, and on control of
live load deflections under working conditions.

Service live loads are defined as vehicles that may operate on a road
system without special permits; examples are the standard truck and lane
loadings. For design purposes, service loads include the dead, live, and
impact loads described in Section 3 of AASHTO. Overloads are live loads
that can be allowed on a bridge on special occasions provided they do not
cause permanent damage. For design purposes the maximum overload is
limited to 1.67(L + I), which is the factored live load effect in (2-11).
Moments, shears, and other load applications are computed assuming elastic
behavior of the structure, although exceptions are noted. Bridge members
are then proportioned so that their computed factored resistance is at least
equal to the total effect of the factored loads.

Methods of Static Analysis For the purpose of elastic analysis, Sanders
and Elleby (1970) classify steel beam bridge systems according to the manner
in which these systems are idealized. The main classifications are (a) or-
thotropic plate concepts that consider the bridge system an elastic continuum
to be treated as an equivalent plate; (b) grid systems idealized as an
equivalent grillage of interconnected longitudinal and transverse beams, cross
members, and diaphragms; and (c) girder-plate redundant techniques where
the interacting forces between the slab and longitudinal girders are treated as
the redundants of the system.

Introducing the load factor method in the context of elastic analysis results
in a procedure that is consistent with the criterion of preventing the undesir-
able effects of yielded bridge members. Thus, stresses are determined elasti-
cally, and members are proportioned by their strength to carry these stresses.
Some authors suggest, however, that the intent of elastic structural behavior
throughout the useful cycle is inconsistent with the proportioning of members
according to their ultimate strength. Here, the argument is that with stresses
determined by elastic distribution, the stresses would have to be plastically
redistributed in some structures in order to mobilize the strength of the
members so proportioned. As a point of perspective, a limit analysis method
should consider plastic redistribution based on a collapse mechanism result-
ing from this mode of yielding (see also the following sections).

Examples of inelastic methods of analysis are found in composite bridge
systems. Kuo and Heins (1973) have, for instance, developed a finite-
difference technique to formulate the load deformation equations. Subse-
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quently, the stiffness of the elements in these equations is redefined during
the course of loading according to the moment—curvature response of the
element.

Plastic methods of analysis of bridge superstructures have been introduced
since the mid-1970s. Examples are (a) predictions of ultimate load behavior
of composite bridges by reference to yield-line theory, and (b) ultimate load
behavior of horizontally curved girders (Yoo and Heins, 1972) that led to
practical design techniques.

Extensive work has been carried out in this area, and useful references
include Guyon (1946, 1949), Massonnet (1950, 1954, 1965, 1967), Sanders and
Munse (1960), Heins and Looney (1966, 1968), Heins and Galambos (1972),
Newmark (1938, 1943, 1948), Newmark et al. (1946, 1948), Kuo (1973), Reddy
and Hendry (1969), Lash and Nagaraja (1970), and Eyre and Galambos
(1973).

Whereas the introduction of load factor design criteria in steel bridge
systems has been a noble step forward, the ASCE-AASHTO (1975) Commit-
tee also recommended research with emphasis on the following areas.

1. Ultimate strength of a bridge against plastic collapse because of the

practical significance of this failure where extreme overloads are in-

volved. However, only bridges in a specific span range are subject to

this analysis, because short bridges are controlled by axle loads and

larger bridges usually have their strength dictated by dead loads so that

a single vehicle would produce a secondary effect only.

Effects of heavy moving loads on fatigue and ultimate strength.

. Shakedown characteristics when subjected to heavy moving loads.

Ultimate behavior of bridges subjected to earthquakes.

Effects of service life and environmental conditions (corrosion, etc.) on

ultimate strength.

Interaction between bending and torsion in the inelastic range.

7. Improved design criteria for shear connectors in curved girder bridges
and in the negative moment regions of continuous composite bridges.

PN SN

o

2-5 BRIDGE LOADS

A noble goal in bridge analysis and design is to understand (a) what loads
and forces act on the structure, (b) how they are distributed, and (c) how they
should be applied to the various components of the superstructure and the
substructure.

The loads reviewed in this section are those stipulated by AASHTO, and
those that represent the best estimates and criteria developed by task
committees from a joint ASCE-AASHTO effort. In some instances, engi-
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neering opinion endorses current practice, whereas in others it appears to
follow a radical departure from established codes and standards.

In general, loads must be considered together with allowable stresses or
load factors. For instance, a moderate design load and a low allowable stress
may be combined to yield a more severe condition than a heavy load with a
higher allowable stress.

AASHTO Loads

Section 3 of the AASHTO specifications stipulates the loads and forces to be
considered in the design of bridge structures. These are dead load, live load,
impact or dynamic effect of live load, wind load, and other forces such as
longitudinal forces, centrifugal force, thermal forces, earth pressure, buoy-
ancy, shrinkage stresses, rib shortening, erection stresses, ice and current
pressure, and earthquake stresses.

The foregoing loads, groups, and combinations thereof are identified and
detailed in the AASHTO document, and need not be repeated here. Besides
these conventional loads, AASHTO also recognizes indirect load effects such
as friction at expansion bearings and stresses resulting from differential
settlement of structure components.

Vehicle Loading for Short-Span Bridges

Considerable effort has been made both in the United States and in Canada
to develop a live load model that represents the actual highway loading more
realistically than the H or the HS AASHTO models. Proposals for such a
design traffic loading have been made by various states and provinces
(California, Louisiana, and Ontario), and in some cases it has been adopted
by the authority having jurisdiction. However, the consensus of opinion
among engineers is that additional documentation should be presented to
warrant changes in the standard highway loading, and the AASHTO model
thus remains the applicable loading in bridge design (see also proposed
LRFD specifications).

Vehicle Loading for Long-Span Bridges

Rational design of long-span bridges often is inhibited by the lack of a design
code. The live loading is in this case set by the design consultant. Certain
types of bridges are relatively insensitive to errors in estimating these loads,
because their design is governed by the dead loads (e.g., heavy truss bridges).
Other types, however, are very sensitive to errors or to changes in the live
load, and examples include single box girders and cable-stayed bridges.
Although most of the world’s long-span bridges are found in North America,
very little effort has been made to establish representative loads for long-span
bridges with few exceptions (Ivy et al., 1953). Such loads would be considered
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for any bridge or component of a bridge that is outside the range of the code
normally appropriate for a shorter bridge under the same conditions.

Relevant Studies The credible load occurring on a short-span bridge is
the heaviest truck or trucks that can travel on the bridge deck, but this is not
the case for a long-span bridge because this structure will not be entirely
covered by the heaviest possible vehicles. This claim was tested in a bridge in
Vancouver, British Columbia, Canada (Navin et al., 1976), with a main span
of 473 m (1550 ft). Two methods were used to predict long-span bridge
loading: a purely analytical solution of probability equations, and a procedure
based on the random-scatter capability of a computer to simulate incoming
traffic (Buckland, Navin, Zidek, and McBryde, 1980). Basic assumptions
included stationary traffic where maximum loading will occur only when the
traffic is stationary and bumper-to-bumper. When traffic begins to move,
vehicle distance increases and load intensity decreases. For the maximum
loading, therefore, the traffic is stationary and allowance is not made for
impact.
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FIGURE 2-7 Line up of segments; computer simulation program. (From Buckland,
Navin, Zidek, and McBryde, 1980.)
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A computer simulation program written for these studies feeds random
traffic onto the bridge, but allows random stoppages in one or more traffic
lanes on or off the bridge. It then scans the stopped traffic and searches for
the maximum load, moment, or shear at 15, 30, 61, 122, 244, 488, 976, and
1951 m (50, 100, 200, 400, 800, 1600, 3200, and 6400 ft). These sections are
referred to as the loaded length L. In order to find the maximum moment
and shear, the program considers the loaded length L as a simply supported
beam, and calculates the center moment and end shears. Having found the
maximum load, moment, and shear in one lane, the program proceeds as
follows: (a) it searches for the maxima in other lanes (the traffic in these lanes
may be stopped or moving); (b) it moves the traffic in the second, third, and
other lanes so that the most heavily loaded 15-m (50-ft) segments line up as
shown in Figure 2-7; (c) it then finds the maximum load, moment, and shear
on three lanes and six lanes for each of the loaded lengths as well as for the
lane previously calculated. The maximum values are printed for each time
period of 3 months, and the mean and standard deviations are computed.
Maximum loading, moment, and shear are then predicted for any required
return period.

For each loaded length L, equivalent parameters are selected so as to give
the maximum shear or moment. In simulating a simple beam, the concen-
trated load P and the uniform load U acting as shown in Figure 2-8 are

I_ U/ UNIT LENGTH
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(a)

J{:u/ur\m LENGTH

I A

(b)
FIGURE 2-8 Program simulation; concentrated and uniform loads for simple spans:
(a) configuration for maximum moment; (b) configuration for maximum shear. (From
Buckland, Navin, Zidek, and McBryde, 1980.)
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FIGURE 2-9 Maximum load, shear, and moment versus simply supported length for
7.4 percent heavy vehicles. (From Buckland, Navin, Zidek, and McBryde, 1980.)

suitable. Then, if W is the total weight, W = P + UL. The maximum mo-
ment M and shear S can now be represented as M = PL /4 + UL?/8 and
S=P+ UL/2

Results for a single lane for a return period of 5 years, with 2000 events
per year, are summarized and plotted versus the loaded length. For 7.4
percent heavy vehicles, taken as the base load case, values of shear, moment,
and average load are shown in Figure 2-9 on a logarithmic scale, and
evidently the curves are essentially linear. If the parameters P and U are
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FIGURE 2-10 Parameters P and U for different percentages of heavy vehicles.
(From Buckland, Navin, Zidek, and McBryde, 1980.)

computed from the foregoing simple relationships for four load cases, the
smooth curves shown in Figure 2-10 are derived.

For the case of 7.4 percent heavy vehicles, the accuracy with which simply
supported weights, shears, and moments are computed is shown in Figure
2-11. The average weight is the least accurate but within acceptable devia-
tion. The shear fluctuates 2 percent from 200 to 3200 ft (61-976 m), and the
moment is overestimated by 6 percent maximum.

The concentrated load P increases as the loaded length increases, and
this can be explained by the hypothetical traffic distribution shown in Figure
2-12. For a short-loaded length, L, the loading is almost completely uniform,
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FIGURE 2-11 Accuracy of parameters. (From Buckland, Navin, Zidek, and McBryde,
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that is, U is large and P is small. For a larger length L,, the load
approximates a small uniform load U but a large concentrated load P.
Based on the results of this study, the following conclusions are drawn.

1.
2.

The maximum loading occurs with traffic stationary.
The loading can be represented by a uniform load and a concentrated
load for predicting moments and shears.

The average load decreases as the loaded length increases.

The concentrated load increases with increasing loaded length.

For a given loaded length, a single uniform and a single concentrated
load can be used to represent maximum moment and maximum shear.
The loading is not unduly sensitive to increases in the intensity of truck
traffic.

Further research is necessary, and more data should be forthcoming to
ensure the accuracy of predictions.

Recommended Design Loads The ASCE Committee on Loads and
Forces for Bridges (1981) recommends a basic lane load consisting of a
uniformly distributed load U and a single concentrated load P, as given in
Table 2-3 or as shown in Figure 2-13. If more than one span is loaded, only

TABLE 2-3 Uniform and Concentrated Lane Loads for Design of
Long-Span Bridges (From ASCE Task Committee, 1981)

Loaded Concentrated
Length Load, P Uniform Load, U {lb/ft (kN /m)]
[ft (m)] [ib (kN)] 75% H.V.° 30% H.V.? 100% H.V.°
o)) @ ©) 4) 5)
50 0 2,600 2,600 2,600
(15.25) (38) (38) (38)
100 24,000 1,400 1,500 1,750
(30.5) 107) (20.4) (21.9) (25.5)
200 48,000 940 1,100 1,425
(61) (214) 13.7) (16) (20.8)
400 72,000 710 950 1,170
(122) (320) (10.4) (13.9) 17.1)
800 96,000 570 830 960
(244) 427 (8.3) (12.1) 14)
1,600 120,000 485 740 840
(488) (534) 7.1 (10.8) (12.3)
3,200 144,000 440 700 770
(975) (640) (6.4) (10.2) (11.2)
6,400 168,000 400 680 720
(1,950) (747) (5.8) (9.9) (10.5)

90 H.V. denotes the average percentage of heavy vehicles [buses and trucks greater than 12,000
b (53 kN)] in the traffic stream.
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FIGURE 2-13 Parameters P and U (P = concentrated load per lane, U = uniform
load per lane, and % H.V.= average percentage of heavy vehicles in traffic flow).
(From ASCE Task Committee, 1981.)

one concentrated load P will be used per lane. No allowance will be made
for impact.

The loaded length is the length producing the maximum effect from the
uniform load U. The concentrated load P, appropriate for the loaded length,
will be added and placed at a position yielding the maximum effect, but not
outside the length covered by the uniform load. If two or more lengths of
bridge are loaded, whether adjacent or not, the loaded length is the sum of
the various loaded lengths and the concentrated load is applied once. In
general, all loads will be applied in the centers of their respective lane, but a
mean position may be chosen at the engineer’s discretion.

If more than one lane is loaded, the lane producing the maximum effect
has the basic lane load of Table 2-3, and this is marked as lane 1 in
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FRACTIONS OF BASIC LANE LOAD

FIGURE 2-14 Multiple-lane distribution. (From
ASCE Task Committee, 1981.) LANES

Figure 2-14. All other adjacent loaded lanes are obtained by an appropriate
reduction factor as shown. All lanes will have the same loaded length, but
some may have zero load if this maximizes the total effect. The concentrated
load may not be in the same position for all lanes.

If the maximum effect is obtained by placing the most heavily loaded lane
on one side of the bridge for part of the loaded length and on the other side
for the remainder (an arrangement producing maximum torque), the loaded
length will be taken as the total length of the most heavily loaded lane as
shown in Figure 2-15. In this case the most heavily loaded lane cannot occur
in two lanes at the same point along the bridge.

V777 7
(L TEFCEETEATIRITR

)

ﬂm Lane producing maximum effect (basic lane load)

Lane producing next greatest effect (0.7 x basic lane load)

concentrated load (P in outside lane, 0.7 P in next lane)

Loaded length = a + b
FIGURE 2-15 Lane loading to produce maximum torque at point X,



BRIDGE LOADS 65

The foregoing guidelines are not to be used in the design of deck slabs,
floor beams, stringers, or other members for which the standard truck or lane
load governs.

Impact and Dynamic Effects

Impact is still estimated according to Article 3.8 of AASHTO, but the
tendency is to introduce the more descriptive term dynamic allowance for
traffic loadings. AASHTO has indicated the need for further studies for both
straight and curved girders, and has included an extensive survey of relevant
theory for review and consideration.

Among the many factors influencing the dynamic response of bridges is
the condition of the bridge approach and the springing of the vehicle.
Extremely large impacts can be induced in a bridge due to initial vibration of
the moving load if an area of settlement occurs in the roadway in advance of
the bridge. For unsprung loads the most important variable is the velocity
of the load. If the mass of a load changes, the effect is a change in velocity at
which the maximum impact occurs. The change in the maximum impact
caused by a change in the mass of the load is insignificant for single-span
bridges, but can be appreciable for continuous spans.

Measured impacts for short spans tend to be higher than those predicted
by the specifications, but for longer spans observed impacts are nearly the
same as those estimated according to the specifications. Impact and dynamic
effects are reviewed in greater detail in other sections. It appears, however,
that for optimum design the dynamic allowance should be simple and
preferably independent of vehicle and bridge variables. Furthermore, it
should be applicable to (a) continuous, cantilever, and simple spans;
(b) curved and straight bridges; (¢) concrete and steel structures; (d) load
factor and working stress design; (e) all ranges of design live loads; (f) all load
effects such as shear, moment, and torsion; and (g) the entire range of bridge
vibration frequencies.

Fatigue

The probability of failure of steel members and their connections under
service loads is analyzed in conjunction with a specified range of allowable
stresses for fatigue. The expected distribution of truck traffic is represented
by a fatigue design truck that is the same as the HS 20 truck. Its gross weight,
however, may be selected so that the number of cycles to failure for the
fatigue design truck is the same as the total number of cycles to failure for
the different trucks in the distribution. If specific information is available on
the expected distribution of truck traffic, the gross weight Wy is determined

from
3 1/3
Wr = (Zaiu/i ) (2-12)
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where a; = the fraction of trucks with weight W, If specific information is
not available, W, may be taken as 50 kips. The truck loading for fatigue
design should be placed in the lane that gives the greatest stress range for the
effect considered while the other lanes are assumed unloaded (see also the
applicable sections in Chapter 12).

The number of cycles of maximum stress range to be considered in the
design is selected from AASHTO Table 10.3.2A unless traffic and loadome-
ter surveys provide more representative criteria. Fatigue effects and the
response of steel members to fatigue are reviewed in more detail in Chapter
12.

Earthquake Effects

Guide specifications for seismic design of bridges were first published by
AASHTO in 1983. The current document includes revisions incorporated in
1985, 1987, and 1988. It is considered comprehensive in nature, and intro-
duces several new concepts that mark a significant departure from previous
provisions. This document is now standard specifications.

Probably a major turning point in the development of seismic design
criteria was the 1971 San Fernando earthquake in California. Until that time,
only minor bridge damage was caused directly by vibration effects (Gates,
1976). Previous failures observed worldwide (Iwasaki, Penzien, and Clough,
1972) involved (a) tilting, settlement, and overturning of substructures;
(b) displacement at supports and anchor bolt breakage; and (c) settlement of
approach fills and wingwall damage. Following the 1971 San Fernando event,
significant vibration effects on bridges were observed (Fung et al,, 1971),
resulting from very large vertical and horizontal ground accelerations possibly
exceeding 0.5g (Scott, 1973).

The major damage in San Fernando, particularly vibration effects, was
concentrated within the narrow region close to and possibly within the
causative fault zone. Some bridges withstood the extreme ground shaking
with negligible to moderate damage and were able to continue to carry traffic
almost without interruption. Where collapse-type failures occurred, deficien-
cies in details, particularly at connections, were credited with a major role in
bridge response.

Current seismic procedures for bridge design (sizing of individual mem-
bers, connections, and supports) are based on internal forces derived by
modifying the results from a linear elastic analysis. The intent is that the
columns may yield during an earthquake but that damage to connections and
foundations is minimized. For a rational approach, the design criteria must
consider site-dependent characteristics and the vibrational characteristics of
the structure, and must also incorporate improved details for all bridges
subject to seismic activity. In addition, attention has been given to upgrading
the earthquake resistance of existing bridges. Earthquake loads and effects
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are also discussed in the following sections in the context of existing specifi-
cations.

Longitudinal (Braking) Forces

There is indication that the longitudinal (braking) force that can be applied
by one vehicle is at least equal to the weight of the vehicle (Transportation
Research Board, 1975), although it is argued that the design truck may not
exert 100 percent friction because of restraints. Because it is unlikely that a
large number of vehicles will exert the maximum braking force simultane-
ously, reduction in load intensity for multiple lanes is justified.

It is worth noting that the 5 percent longitudinal load required by
AASHTO is far less than the same type of load specified by other codes. For
example, a comparison of longitudinal loadings for one lane 100 ft long gives
the following results.

. AASHTO: 4.1 kips (18.2 kN) for HS 20

. British code: 100 kips (444.8 kN) for HA
Canadian: 101 kips (449.2 kN) for MS 250
French: 66 kips (293.6 kN) for type B
Ontario: 23.6 kips (105 kN) for OHBD truck
ASCE: 57.6 kips (256.2 kN) for HS 20

I N N

The foregoing data, however, do not provide an accurate comparison of load
effects because some of these loads are applied in combinations of groups,
allowing a stress increase.

Friction

AASHTO stipulates that provisions should be made to transfer the forces
from the superstructure to the substructure so as to reflect the effect of
friction at expansion bearings or shear resistance at elastomeric bearings.
The presence of a longitudinal force at expansion bearings often causes
debate and may lead to inconsistencies in the design. McDermott (1978)
describes the results of model tests carried out to determine the distribution
of longitudinal forces to fixed and expansion bearings. The report assesses
the experimental variables, analyzes the test data, and presents a theory for
longitudinal force distribution. Because of inaccuracies in the calibration
system and the variability of friction coefficients, a design procedure could
not be experimentally verified (see also the following sections).

Friction coefficients for sliding-type expansion bearings vary considerably.
For example, Missouri, New York, and Iowa specify friction forces as 0.14,
0.15, and 0.25 of the dead load reaction, respectively, for steel bearing on
steel. Recommendations on appropriate friction coefficients are predicted on
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FIGURE 2-16 Forces on rocker bearings.

good maintenance procedures and inspection. Rusted or frozen bearings will
develop a higher frictional resistance.

For sliding-type bearings, the longitudinal force due to friction recom-
mended by ASCE (1981) should be based on the following fraction of the
dead load reaction:

Steel bearing on steel 0.2
Steel bearing on self-lubricating

bronze plate 0.1
Polytetrafluorethylene (PTFE) on

same or stainless steel 0.06
Elastomeric bearings Shear as per AASHTO

For rocker-type bearings, this force should be estimated as 20 percent of the
dead load on the pin, and then reduced in proportion to the radii of the pin
and rocker as shown in Figure 2-16.

Temperature

Consideration of thermal effects concentrates on the principal uncertainties
regarding temperature gradients through the deck-girder system, contribu-
tion of thermal factors to overall stresses, effect of restraint on thermal
movement induced by friction or shear at the expansion device, and flexibility
of substructure frames to expand in relation to their foundation portions.
Considerable work has been done in areas related to thermal effects on
bridges (see also Chapter 12), but a rational procedure to analyze and
quantify these effects is yet to come.

It has been demonstrated that nonlinear temperature gradients can de-
velop during the daily heating-to-cooling cycle, leading to thermal and
continuity stresses several times the live-load-induced stresses. This is partic-
ularly true for continuous and composite system. Factors impacting on
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FIGURE 2-17 Temperature ranges and distribution along deck—girder depths. (From
ASCE Task Committee, 1981.)

thermal stresses are the air temperature, radiation, wind speed, and thermal
characteristics of materials.

The rise and fall in temperature is fixed by the locality in which the bridge
is to be constructed, and is computed from an assumed temperature at the
time of erection. Although there are no specific recommendations, most
designs are based on the assumption that the erection temperature is 65°F, to
be adjusted depending on bridge site location.

AASHTO (Article 3.16) provides a general range of temperature changes
for metal and concrete structures and for cold and moderate climates. A
probable temperature range and distribution along deck-girder depths is
shown in Figure 2-17, and is applicable to concrete and steel superstructures
and combinations of these materials. Thermal effects are also discussed by
AASHTO guide specifications (1989) and in Chapter 12.

Wind Forces

The wind loads specified in Article 3.15 (AASHTO) are for wind velocity of
100 mph. For Group II and V loadings, they may be reduced or increased in
the ratio of the square of the design wind velocity to the square of the base
wind velocity. Alternatively, the horizontal wind load on the superstructure
may be estimated from

223C,
W,=— 2-13
- (213)
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where W, = horizontal wind load (Ib/ft?) of exposed area
z = height (ft) of the top of the floor system above ground or water
level, but not less than 30 ft

V,, = fastest mile wind speed (mph) at the 30-ft height with a mean
recurrence interval of 100 years

C,, = shape factor for horizontal wind load

The parameter V,, is obtained from local wind data. The shape factor C,, is
1.5 or greater for plate or box girder bridges, and 2.3 or greater for truss
bridges unless wind-tunnel data indicate a lower value.

Likewise, the vertical wind load on the superstructure may be calculated
from

ZOAzVS%)Cu
Vo= o0 (>14)

where W, is the vertical wind load (Ib/ft?) of plan area, z and V3, are as
before, and C, is the shape factor for vertical loads (usually 1.0).

The forces transmitted to the substructure by the superstructure may be
calculated for a wind at right angles to the bridge and for a range of wind
angles skewed off from this direction. The division into horizontal and
vertical components can be as shown in Table 2-4, and the horizontal and
vertical loads are those given by (2-13) and (2-14). The percentage of base
load to be applied for a given skew angle is the same as that given in
AASHTO tables (Article 3.15.2.1). The loads given previously are subject to
reduction for appropriate group loadings.

For the standard girder and slab bridges with maximum spans of 125 ft,
most designers have found it practical and entirely acceptable to use the
simplified wind load analysis described in Article 3.15.2.1.3 of AASHTO.

TABLE 2-4 Skew-Angle Factor for Loads on Superstructure
(From ASCE Task Committee, 1981)

Truss Spans Girder Spans
Transverse Transverse
Skew Horizontal Longitudinal Horizontal Longitudinal
Angle or Vertical Horizontal or Vertical Horizontal
4)) 2 3) “) Q)
0 1.00 0.00 1.00 0.00
15 0.93 0.16 0.88 0.12
30 0.87 0.37 0.82 0.24
45 0.63 0.55 0.66 0.32

60 0.33 0.67 0.34 0.38
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Long Spans and Flexible Bridges Bridges with moderate-to-medium
spans ( < 400 ft) are unlikely to sustain damage from wind-induced vibrations
because of their low flexibility. Longer bridges are, however, flexible and they
may be prone to wind-induced vibrations. Cable-stayed and suspension
bridges, in particular, exhibit dynamic response under wind. A common
problem of bluff-section bridge decks is vibrations induced by vortex shed-
ding, flutter, and the action of wind gustiness. In addition, similar problems
may arise in individual structural members or in freestanding towers during
erection. In such cases, a wind-tunnel investigation and a detailed analysis of
the dynamic response is indicated (see also Sections 9-14 and 9-21).

Snow and Ice

The effect of snow is usually compensated by a corresponding reduction in
live load. In the United States, snow loading may be neglected in areas below
2000 ft east of 105° west longitude, and in areas below 1000 ft west of 105°
west longitude. Effects of loadings from avalanches should be considered
where appropriate.

Ice Forces generated from floating ice on piers should be determined by
considering the site characteristics and the condition of the ice. Ice effects
may be (a) dynamic action of ice sheets or floes carried by stream flow, wind,
or currents; (b) static action due to thermal movement of continuous ice
sheets; (c) static action of ice jams; and (d) vertical action resulting from
adhering ice sheets in fluctuating water levels. AASHTO quantifies these
effects in Article 3.18.2.

Overturning Forces

AASHTO requires the effect of forces tending to overturn bridges to be
calculated for Groups II, III, V, and VI, assuming the wind direction is at a
right angle to the longitudinal axis of the structure. In addition, an upward
force should be applied at the windward quarter point of the transverse
superstructure width. This force is 20 Ib/ft? of the deck and sidewalk plan
for Groups II and V, and 6 1b/ft? for Group III and VI combinations.

Comments on Highway Loadings

Live Load The H and HS truck loads, and by analogy the lane loading,
have been found to best represent live load effects for bridges in the United
States. By extension, certain or all parts of the AASHTO specifications have
been introduced or adopted by other countries, particularly where well-
planned highway systems are a comparatively recent development.

Examples of the design load requirements in countries other than the
United States are summarized in Figure 2-18, and involve both conventional
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FIGURE 2-18 Design highway live loads for various countries.
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and military loadings. In certain countries, for example England, the inability
of the railroad system to carry exceptionally heavy loads has prompted the
adoption of unusually heavy highway loadings.

Whether the AASHTO loads represent the best live load effects is
academic. The selection of design vehicles for a highway system requires
careful consideration of various factors. Bridges should not be expected to
suffer damage as a result of normal traffic or because of an occasionally
single overload. On the other hand, bridge obsolescence due to heavy vehicle
traffic should be deterred. Thus, the design loads should not exceed the
heaviest vehicles expected on the structure during its lifetime. In this respect,
the standard AASHTO loadings, combined with overload provisions and the
alternate military loading, are sufficient for design purposes and represent a
logical exercise of resourceful judgment. Where unusually long spans are
involved, the loadings discussed in the foregoing sections should be consid-
ered.

Longitudinal Forces Accelerating or braking forces from a moving vehicle
are applied in the direction of the bridge axis, and transmitted from the
wheels to the deck. The associated effects depend on the acceleration or
deceleration, with the maximum force resulting from the sudden application
of braking. Given the weight of a vehicle, W (kips), the acceleration of
gravity, g (32.2 ft/sec?), the change in velocity, Av (ft/sec), and the time
interval, At (sec), the resulting force is

33

For example, a truck of weight W moving at 60 mph (88 ft/sec) and having
its brakes suddenly applied will induce a longitudinal force that is dependent
on the time necessary to change the velocity from 60 mph to zero. If this time
is taken as 6 sec and the deceleration is assumed uniform, the longitudinal

force is

F 5 0.46W
= ——X—=0.
32.2 6

If the coefficient of friction between the rubber tires and the dry roadway is
assumed to be greater than or equal to 0.5, the entire force can be transmit-
ted to the deck at this level.

Comparatively, the 5 percent provision stipulated in the specifications may
result in realistic estimates for long-span bridges, but may underestimate the
braking effect on relatively short structures. For example, a 300-ft-long bridge
with two lanes in the same direction will have a longitudinal force according
to AASHTO of F = 0.05 X 2 X (0.64 X 300 + 18) = 21.0 kips. Under the
same conditions a 100-ft-long bridge has a force F = 0.05 X 2(0.64 X 100 +
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18) = 8.2 kips. The comparative force from an HS 20 truck suddenly braking
may be F = 0.46 X 72 = 33 kips, and for a 300-ft-long bridge the possibility
of more vehicles than one truck braking simultaneously should not be
excluded.

The variability in the criteria for the longitudinal force is demonstrated by
the state specifications. For example, the 1955 Ohio State Highway Depart-
ment specifications stipulated that the forces due to traction and momentum
should be considered as longitudinal forces with a magnitude 10 percent the
vertical live load on at least one-half but not more than two-thirds of the
lanes, applied at the point of contact between superstructure and substruc-
ture.

Reduction in Load Intensity Where maximum stresses are produced in
any member by loading two or more lanes simultaneously, the percentage of
the resulting live load stresses will be as follows:

Two lanes loaded 100 percent
Three lanes loaded 90 percent
Four or more lanes loaded 75 percent

This reduction reflects the improbability of coincident maximum loading. The
reduction in load intensity on transverse members such as floor beams should
be determined using the number of traffic lanes across the roadway width
that must be loaded to produce maximum stress.

2.6 AASHTO COMBINATIONS OF LOADS

AASHTO groups and combinations of loads are shown in Table 2-5. The
groups listed in the appropriate column represent various combinations of
loads and forces to which a bridge and its members may be subjected. Each
bridge component including its foundation should be proportioned to with-
stand safely all relevant group combinations that are applicable to the bridge
type or site. A typical group loading combination is given by

Group (N) = y[Bp D + B (L + 1) + BcCF + BE
+BzB + BsSF + BuW + Bwi WL

+B, *LF + Br(R+ S + T) + BgoEQ
+[3[CEICE] (2-16)
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TABLE 2-5 Group Loadings and Coefficients y and B
(From AASHTO Standard Specifications, 1992)

Col.No. | 1 | 2] 3 J3a [« [ 8] 6] 7] 8] o[ 10] 11 [12] 13| 14
8 FACTORS
GROUP | y [ D (IAD,IAJCF] E | B| SF|] W] WL]| LF[ReS+T[EQ] ICE | %
T J10] 1] ¥ |0 |1 |Pe] 1] 1] 0] 0] 6] 0 |06] 0 I 100
IAJ10f]1] 2 |o Jo|l o] o] of o] o o o [of o | 160
B 1o 1] o J1 JTaJge[ 2] 2] of of of o [o] o[-~
A frol il o fo (o1 1| 1 1] o] o] © [0 o |12
Q10T 1 o [1[Fe] 1] 1103 1] 1] © o] o | 128
wlIV[rol1[ 1 [o [1]pe] 2] 1| o o] of &t o[ o | 128
g vI]io[1] o0 {0 e[| 1] 1] 1] 1] 0] 6] 1 10| o | 140
wlVifio| 1] 1 [0 [t |Pfe| 1] 1] 03] 1| 1] 1 [0] o | 140
Gi{vif1o0] 1] o Jo o[ 1fj 1) 1] o] o o[ o |1] o | 133
viif10 | 1] t Jo J1 [ 1] 1] 1| o] o[ of o Jo| 1 [ 140
IX[10[1] 0 [o Jo] 1| 1| 1] 1| of o] o o[ 1 | 150
X [10] 1] 1 [o [0[Fe] 0f of o] o] of o [0 o | 100 Culvert
T | 1.3 [fp]| 167906 [1.0]Pc] 1] 1| ©] 0] ©|] © [G] O
2| AJ13|Pp[220]0 o[ 0] 6] 0] o 0] o] o [07] o
OB [13[Pp] 0 [1 J10]fe| 1| 1| 0] 0] o] 0 [0 © .
Bl nJiafp] © o [o[gg| 1| 1] 1] o] o] © [o]| o a3
Q[ Trl13[dp| 1 [0 |1 |ge| 1| 1|08 1[ 1] o6 o] o ]| &
BIOVIi3fp[ 1 |0 {1 fg| 1| 1| 0] 0] 6] 1 [0 0 2
1 v 128 ép| © 0 o] fe|[ 1 1 0 0 1 0 ) <
V]2 ip[ 1 [0 [TTF[ 1] ilo3] 1] 11 1 o[ o 2
Py AT ) dp] 0 [0 Jo e 1 1] ol of of o 1] o
<{vm[1a]do] 1 JTo Tt ]gg| 1] 1] of o] o] o [0 1
S [iaofdn] o [0 Jo (e 7| 1| 1] o] o] o o] 1
X [1.830] 1 [167]0 |0 |feg| O] @] 0] 0| 6] 0 [0] © Culvert
(L + D, - Live load plus impact for AASHTO Highway H or HS loading
(L + 1), - Live load plus impact consistent with the overload criteria of the operation

agency.

* 1.25 may be used for design of outside roadway beam when com-
bination of sidewalk live load as well as traffic live load plus impact
governs the design, but the capacity of the section should not be less
than required for highway traffic live load only using 2 beta factor of
1.67. 1.00 mnay be used for design of deck slab with combination of
loads as described in Article 3.24.2.2,

_ Maximum Unit Stress (Operating Rating)

Allowable Basic Unit Stress x 100

o py

B

For Service Load Design
% (Column 14) Percentage of Basic Unit Stress

No increase in ailowable unit stresses shall be permitted for members
or connections carrying wind loads only.

Bg = 1.00 for vertical and lateral loads on alt other structures.

For culvert Joading specilications. see Article 6.2,

Be = 1.0and 0.5 for lateral loads on rigid framcs (check both load-
ings lo see which onc governs). Sec Article 3.20.

For Load Factor Design

Be = 1.3 for lateral earth pressure for retaining walls and rigid
frames excluding rigid culverts.

Be = 0.5 for lateral earth pressure when checking positive
moments in rigid frames. This complies with Article 3.20.

Be = 1.0 for vertical earth pressure

Bp = 0.75 when checking member for minimum axial load and
maximum moment of maximum cccentricity .. ... For

Bo = 1.0 when checking member for maximum axial ~ Column
load and minimum moment ... Design

Bo = 1.0 for flexural and tension members

Be = 1.0for Rigid Cuiverts

Be = 1.5 for Flexible Culverts

For Group X loading (culverts) the Bg factor shall be spplied to verti-

csl and horizontal loads.
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where N = group number
v = load factor, see Table 2-5
B = coefficient, see Table 2-5
D = dead load
L = live load
I = live load impact
E = earth pressure
B = buoyancy
W = wind load on structure
WL = wind load on live load-100 Ib/linear foot
LF = longitudinal force from live load
CF = centrifugal force
R = rib shortening
S = shrinkage
T = temperature
EQ = earthquake
SF = stream flow pressure
ICE = ice pressure

For service load design (working stress), the percentage of the basic unit
(allowable) stress for the various groups is given in column 14 of Table 2-5.

For load factor design, the y and B factors given in Table 2-5 are intended
basically for designing members by the load factor method. Thus, loads may
not be increased by the load factors when designing foundations, piles, and
so on. The load factor method may not be applied to the analysis of
foundation stability (overturning, sliding, soil overstressing, etc.), except when
using the LRFD approach.

If long-span bridges are designed by the load factor method, the y and B
coefficients stipulated for this procedure represent general conditions and
may be increased if the expected loads, service conditions, and construction
materials are different from those identified in the specifications. Alterna-
tively, structures may be analyzed for an overload selected by the operating
agency. Size and configuration of the overload, loading combinations, and
load distribution should be consistent with procedures adopted by the agency.
This load is applied to Group IB of Table 2-5. For loadings less than H 20,
the Group IA loading combination governs and should be used.

2-7 DISTRIBUTION OF LONGITUDINAL FORCES
TO BRIDGE BEARINGS
Background and Assumptions

Longitudinal forces at bridge bearings are induced by traction (acceleration
and deceleration of the live load), thermal movement along the bridge axis,
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and wind acting on the structure as well as on the live load. A frictional force
may also be considered for rockers, rollers, and sliding-type expansion
devices. These forces may be distributed as follows.

1. We may assume that expansion bearings resist only thermal forces,
whereas the fixed bearing resists all longitudinal forces associated with wind
and traffic loads. This would place expansion piers under Groups IV, V, and
VI

2. Alternatively, we may assume again that expansion bearings resist only
thermal forces, but the resulting effect is likely to be released at any
expansion pier by sudden live load vibrations. In this context, expansion piers
can become inoperable, and the forces released in this manner must now be
resisted at the fixed pier.

3. Distribution according to a third approach assumes that expansion
bearings will carry thermal forces as well as wind and live loads up to their
frictional capacity, the latter computed as the dead load reaction multiplied
by a friction coefficient. The expansion bearings are assumed to resist these
forces until they become large enough for the bearings to slip. At this point
the longitudinal force resisted at the expansion bearing reaches a maximum,
and any additional load must be resisted by the fixed pier.

The third approach seems to be followed by most designers, but is subject
to the following comments: (a) AASHTO Article 3.2.1 clearly stipulates that
provisions must be made to reflect the effect of friction at expansion bearings
or shear resistance at elastomeric bearings; (b) treating friction as a resisting
rather than as an applied force, it is omitted from group loads and group
load application; (c) designing an expansion pier for the full frictional
resistance can yield erroneous results unless the actual load allocated at this
bearing exceeds the friction (e.g., an erroneous result is an expansion pier
made heavier than the fixed pier); and (d) the percentage of stress to be used
with friction is not specified and therefore rests with engineering discretion.

4, With massive, stiff abutments at the ends of a structure, many designers
prefer to distribute the longitudinal as well as the lateral forces at these
locations, and they design the intermediate piers for vertical loads only.

It appears from these remarks that none of the foregoing theories is
completely acceptable because of the arbitrary, although convenient, assump-
tions. The rationalization of a design approach is further complicated by the
variability of the friction coefficients. Other factors influencing the distribu-
tion of longitudinal forces to bridge bearings include the relative stiffness of
substructure elements and their foundations, the overall thermal movement,
and the relationship of the total longitudinal force to the maximum resisting
force available at expansion bearings. After a slip occurs at a bearing, the
remaining devices (fixed bearings and expansion bearings that have not
slipped) will resist additional longitudinal effects.
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TABLE 2-6 Longitudinal Force Distribution Test
(From McDermott, 1978)

Induced Applied Load
Internal Normal Horizontal
Forces Force, N Force, F;
Strong-Axis Test
Zero
Expansion 77t0 177 Ib 25t0 150 1b
Contraction
Weak-Axis Test
Zero
Expansion 57to 177 Ib 50 to 150 Ib

Contraction

Small-Scale Tests

McDermott (1978) has studied the load effects at bridge bearings in small-
scale model tests supplemented by a survey of existing two- and three-span
bridges. Typically, these bridges had a ratio of design external force to
internal resisting force at expansion bearings in the range 0.41 to 1.96. The
actual ratio of superstructure-to-substructure stiffness varied from 3 to 248.

For the model tests the study emphasized the effect of the superstructure
and substructure stiffness ratio, taken as 1.7 and 20.7 for the strong and weak
pier axis, respectively. The induced forces and the range of externally applied
loads are given in Table 2-6, and evidently three cases are considered:
(a) internal forces zero, (b) maximum expansion, and (c) maximum contrac-
tion. The desired range of external forces to maximum resisting forces was
obtained by varying the external longitudinal load and the normal load at the
expansion bearings. An additional test was carried out with all bearings fixed
to determine the load distribution as a function of pier and abutment
stiffness.

The model structure is shown in Figures 2-19 and 2-20. The bearing
devices consist of steel plates attached to the top of abutments and the fixed
pier as shown in the details. The plates are either fixed (no internal force
generated) or expansion (allowed to slide). Thermal forces are simulated at
the expansion bearings by turning the screw mechanism in detail A until slip
occurs. I sections are used in the structural members including the fixed pier
where the bending axis is changed to study strong and weak axis effects. The
abutments consist of steel pipes, fixed at the base as in the pier.

For the test setup shown in Figure 2-21, a bending moment is induced at
the top of the pier corresponding to the force F; . This moment is determined
by the relative stiffness of the beam and column, the maximum resisting force
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at expansion bearings, and the point of application of force F;. As a result,
the moment at the pier base depends not only on pier height but also on
factors affecting the top moment.

Two important features of the test structure are duplicated in the calibra-
tion procedure. First, the horizontal load is applied at the same height above
the instrumented section as in testing. Second, the stiffness of the horizontal
member is included in restraining vertical deflection. Certain calibration
errors became apparent, however, in relating strain measurements to the test
structure. An equilibrium check between longitudinal loads and internal
resisting forces showed that in weak pier axis tests the applied load was
consistently less than the sum of the resisting forces, whereas in most strong
axis tests it was greater. The difference was as high as 8 percent.

Test Procedure Resistance to horizontal loads was measured at the two
abutments and at the center pier. Readings were taken with no loads on the
system, after a change in applied force, following the application of vertical
loads, horizontal loads, and simulated thermal forces, and after removal of
these loads.

In this system a vertical load placed over a bearing simulates dead load
beam reaction and induces potential frictional resistance. Simulated thermal
forces are introduced to a certain level before a horizontal force is applied.
Because of the variability of the friction coefficient, induced forces are not
equivalent (linearly proportional) to the normal load. In order to satisfy static
equilibrium, some force must be resisted at the fixed pier even if no direct
force is applied at that point. After the thermal force is induced, horizontal
loads are applied over the center fixed pier 2 in. above the top flange of the
beam. Longitudinal force distribution is then tabulated with the internal
force and the longitudinal force in place. A partial summary of the longitudi-
nal force distribution is given in Table 2-7.

TABLE 2-7 Partial Summary of Longitudinal Force Distribution (From McDermott, 1978)

Applied
Vertical Longitudinal . L
Load Load Induced Lateral Force Longitudinal Force Distribution
Test N (Ib) F, (b) Abut. 1 Pier Abut.2 Abut. 1 Pier Abut. 2

1A 77 —141.6 0.0 0.0 0.0 3.7 116.6 12.0
5A 127 —49.1 00 00 0.0 151 21.4 11.9
TA 77 -94.1 -248 2.7 16.7 9.6 60.5 17.3
9AE 127 -61.5 -468 8.3 31.8 -233 48.9 324
2BB 127 —88.6 0.0 0.0 0.0 425 14.9 41.0
6BB, 77 -90.3 166 80 —243 20.6 32.0 429
10BB 97 -91.1 0.0 0.0 0.0 44.6 16.1 40.9
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TABLE 2-8 Apparent Coefficients of Friction
(From McDermott, 1978)

Friction Coeflicient
when Slip Occurs”

Test Abutment 1 Abutment 2
TAg 0.32 0.22
0.28 0.24
0.31 0.26
TAc 0.12 0.19
0.03 0.24
0.02 0.11
8Ag 0.28 0.28
0.31 0.23
0.34 0.25
BA 0.15 0.20
0.16 0.24
0.18 0.24
9Ag 0.37 0.25
0.31 0.26
0.30 0.21
9A 0.19 0.27
0.13 0.07
0.11 0.29
6BBg 0.45 0.55
0.44 0.56
0.40 0.61
6BB- 0.22 0.32
0.39 0.42
0.30 0.37
7BBg 0.41 0.46
0.41 0.42
0.47 0.42
7BB 0.36 0.37
0.51 0.44
0.40 0.33
8BBg 0.33 0.48
0.44 0.42
0.36 0.44
8BB- 0.20 0.40
0.37 0.42
032 0.31
11BBg 0.35 0.41
0.48 0.68
0.53 0.67
11BB 0.34 0.54
0.35 0.42
0.33 0.54

“Friction coefficient 1 = Induced thermal force /N.
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Variability of Friction Coefficients Friction coefficients are calculated by
dividing the induced (simulated) thermal force by the normal load over the
bearing, and are given in Table 2-8.

The wide range of variation is demonstrated by a minimum friction
coefficient of 0.02 and a maximum friction coefficient of 0.68, and is not
explained by conventional theories of frictional behavior. According to the
test format, internal forces were induced until slip occurred, and at this stage
the friction force was recovered and assumed to have its maximum value.
Although no increase should be expected, it was observed at abutment 1 at
compression and at abutment 2 at expansion after applying the longitudinal
load. Because the normal load did not increase, this can be explained by a
variation in the friction coefficient.

In practice, the performance of bearings can be affected by the presence
of dust, humidity, rust, and oxide films, temperature change, surface films,
and the extent of contamination. In theory, these factors cannot be singly or
jointly considered in quantitative terms, and care was taken to eliminate
these effects from the tests. McDermott (1978) suggests that the average
friction coefficient for steel on steel in these tests should be close to 0.4, but
some discrepancies might have resulted from inaccuracies in measurement.

Theoretical Models

A suggested theoretical model is presented in Figure 2-22, and shows how
the frictional forces at expansion bearings affect the distribution of forces.
The typical forces used on the test system are the applied forces, longitudinal
F, and normal N, resisted at the fixed and expansion bearings. The maxi-
mum resisting force at the expansion bearing is u/N, where u is the
coefficient of friction. If x can be assumed constant, the total frictional
resistance of the system is wXN. Whenever the force is known at the
expansion bearings, the force at the fixed bearing is estimated as the
difference F; — uX N. This analysis should not mean, however, that the force

N N
{ K
e }
4
/7777 77772 77772
> ~%— Maximum expansion
—— ~P- Maximum contraction
—— —— -4~ Llongitudinal force
uN Fp uN distribution

FIGURE 2-22 Magnitude and direction of longitudinal resisting forces on the test
structure. (From McDermott, 1978.)
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at the fixed bearing is zero until the difference F;, — XN becomes positive,
because superstructure and substructure stiffness affects the distribution of
force F, before expansion bearings reach their maximum. When forces at
expansion bearings are not sufficient to cause slip, a predictable percentage
of longitudinal force is resisted at the fixed bearing. This is a function of the
ratio of pier-to-abutment stiffness, and the force resisted at the pier increases

4
£,
B
H
- 1
3 1
M
(]
-l
%
S = I Force Distributed to Pler
B u = Coefficient of Friction
T 5 N = Normal Force
A »-
Longitudinal Force, FL
IFF, >HN_ YES
L’ 1=
NO
- F, = F - uN
FP SFL P L

FIGURE 2-23 Theoretical distribution of longitudinal force. (From McDermott,
1978.)
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as this ratio increases. If the force reaches a maximum at expansion bearings
and slip occurs, additional longitudinal forces are resisted at the fixed pier.

The preceding discussion highlights the behavior of the test bridge, in this
case a two-span symmetrical structure. For three or more spans, the fixed
pier may not necessarily coincide with the point of zero movement under
thermal expansion and contraction. In this case the analysis must differenti-
ate between actual applied loads, such as wind force and traction, and forces
manifested as movement, such as temperature changes.

The theoretical distribution for the test problem is shown in Figure 2-23.
Between points 4 and B, the distribution is essentially controlled by the
relative stiffness of each substructure element, and a percentage S of the
longitudinal force is always resisted at the fixed bearing. The slope of line 4B
is influenced by forces initially present in the system. If the maximum thermal
force is induced (just before slip occurs), the resisting force at the expansion
bearing is N, but its direction depends on temperature change, expansion,
or contraction. Because one bearing is in the same direction as the longitudi-
nal resisting forces, it has no resisting capacity under any additional load,
which must now be resisted by the fixed and other expansion bearings. These
elements will receive the additional load in proportion to their relative
stiffness. As the longitudinal force continues to increase, the resisting capac-
ity manifested as friction will be depleted in the direction of load application,
and at this point any additional load is resisted by the fixed pier only. This
behavioral model does not fully explain the effects of thermal expansion in
real structures unless the analysis considers the point of zero movement.
Furthermore, live load vibrations may release the thermal forces.

Conclusions

Figure 2-24 shows the percentage of force carried by the fixed pier, and
apparently a relatively constant fraction of the applied load is distributed to
the fixed pier. A consistent percentage of the longitudinal force is resisted by
the pier until slip occurs at the expansion bearings.

Prediction, however, of the distribution beyond point B is inconsistent
because of the variability of the friction coefficients, inhibiting conclusions as
to when bearing friction forces reach a maximum. Figure 2-25 shows scat-
tered data from the test for normal-force tests for both the weak and strong
axis versus the theoretical distribution lines. Two relationships are plotted:
(a) maximum initial internal force, where one abutment is effective in
resisting longitudinal loads; and (b) zero internal force, where both abut-
ments are effective. The theoretical line is plotted with friction coefficients
that represent average experimental data. The variability of the friction
coefficients may explain why the data do not coincide with the plot. Because
the two lines intersect in a fashion that depends on wu, accurate predictions
should not be attempted.



.‘-J
\lo
k]

'P/ FL

DISTRIBUTION OF LONGITUDINAL FORCES TO BRIDGE BEARINGS

ZERO INTERNAL FORCES

0.80
® Strong Axis o
& Weak Axis °
0.60 L}
Theoretical
StrongAste L .
0.40
0.20
a
4 *
Theoretical
eaooNeak Axte e -
0.00 po r y g . g Y Y Y T Y
0 20 40 60 80 100
Loagitudinal Force»lb
MAXIMUM THERMAL FORCES
1.00
[y
o Strong Axis
& Veak Axis
.
0.80 -
]
L ] L ...
Theoretical H
Strong Axis
0.60"——!_—___'——-—"———'.—"
L)
0.40
. [
. a
0.20 & /4
Theoreticel
ek Awe e —————
¢
O'Ml Y T T T T T 2 g Y Y 1
0 20 40 60 80 100

Longitudinal Force, 1b

FIGURE 2-24 Force distribution to fixed pier. (From McDermott, 1978.)
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Design Remarks For design purposes, it is assumed that a bilinear rela-
tionship exists between the distribution of force at the fixed pier and the
applied longitudinal load, represented by the diagram of Figure 2-23. As the
expansion bearings begin to slip, any additional longitudinal load is carried at
the fixed bearing.

For real structures, abutments have considerable stiffness compared to the
piers. It is very likely that initially a high percentage of force will be resisted
at these locations before slip occurs, and then any additional force will be
transferred to the fixed pier.

A bilinear relationship between pier force and longitudinal load may not
always exist in a real structure. This is possible essentially in bridges of equal
spans. For bridges with unequal spans, the dead load reactions will be
different, changing the frictional capacity at the expansion bearings. In
addition, thermal forces are different between spans, and the associated
movement will determine when slip occurs. If slip occurs at one location
before the other, more longitudinal load may be resisted by the other
expansion bearings and the fixed pier. If slip occurs simultaneously at all
expansion locations, any new loads must be resisted by the fixed pier. The
possibility of friction force release should be considered when designing the
fixed pier.

2-8 APPLICATION OF LOADS: NUMERICAL EXAMPLE

Fixed Pier

The bridge shown in Figures 2-26a and b is a four-span continuous steel
plate girder superstructure with concrete deck. The span lengths are 50
(15.2), 72 (21.9), 72 (21.9), and 51 (15.5), ft (m), giving approximately a total
bridge length of 250 ft (76 m). From an analysis of the superstructure, the
dead and live load reactions have been determined at each substructure
element. The application of loads will be demonstrated for fixed pier 2. The
special features of this bridge are reviewed and discussed in other sections
(see Chapter 5). A basic feature of this structure is that the longitudinal deck
beams frame into transverse box girders at the piers. The associated proce-
dures for shop assembly resulted in the use of numerically controlled equip-
ment to handle fabrication details.

The transverse box girders at the piers are supported by two individual
concrete columns on square spread footing transferring the loads to underly-
ing rock. Special bearing devices allow rotation of the superstructure ele-
ments in both the longitudinal and transverse direction. The basic design
philosophy was to design the fixed pier for all longitudinal forces plus a
corresponding portion of the transverse loads. A basic pier plan is shown in
Figure 2-26¢. The live load is HS 20.
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A 50" B 72" C 72! D 51' E
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FIGURE 2-26 Part of I-75-1-275 four-level interchange: (a) I-75 bridge elevation;

(b) partial deck cross section; (c) fixed pier plan; (d) fascia detail.

1. Dead Load Reactions The following results were obtained from super-

structure analysis:

Interior girders (5) = 110 X 5 = 550 kips
Exterior girders (2) = 99 X 2 = 198 kips

Total DL (superstructure) = 748 kips
Weight of box girder = 56 kips

Total DL = 804 kips or 402 kips /column
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2. Live Load Reactions Again, from superstructure analysis we obtain
directly

Total LL = 154 X 0.9 = 139 kips/column

where the coefficient 0.9 is applied to three lanes loaded.

Note that the pier is skewed at 30°, as shown in Figure 2-26¢. Hence, all
loads (longitudinal and transverse) are resolved into two components parallel
and normal to the pier axis, P and N, respectively. For convenience, we write
sin 30° = 0.500, and cos 30° = 0.866.

3. Wind on Structure The exposed superstructure, as seen from an eleva-
tion parallel to the bridge, is shown in Figure 2-26d in relation to the pier
top. According to relevant standards, the bridge is designed for a wind
velocity of 84 mph, so that the wind intensity reduction coefficient is
842 /100% = 0.71. Both transverse and longitudinal winds are applied simulta-
neously at the elevation of the center of gravity of the exposed area of the
superstructure. Because the maximum span lengths are less than 125 ft,
Article 3.15.2.1.3 of AASHTO is applicable.

We now estimate the wind forces on the structure as follows:

N P
Lateral = 75 X 7.83 X 0.050 x 0.71 = 20.8kips 10.4 18.1
Longitudinal = 250 X 7.83 X 0.012 x 0.71 = 16.7 kips +14.5 ¥8.4

Keeping the lateral wind direction the same and reversing the longitudinal
wind direction, we obtain the following N, P combinations:

(a) N =104 + 14.5 = 249 kips

P=181- 84=97kps V2492 + 9.72 = 27 kips
(b) N =145~ 104 = 4.1 kips

P=181+ 84=265kips  V26.5% + 4.12 = 27 kips
suggesting that for optimum design the footing must have a square shape.

4. Wind on Live Load Likewise, the wind on live load is computed using
the following simplified method:

N P
Lateral = 75 X 0.10 = 7.5 kips 3.8 6.5
Longitudinal = 250 X 0.04 = 10.0 kips +8.7 F5.0

Total used N = 125kips P = 1.5 kips
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5. Wind on Pier (One Column) Assume a column height of 23 ft and a
column diameter of 4 ft 6 in.:

N P
Lateral = 23 X 4.5 X 0.04 = 4.1 kips 2.1 3.6
acting at an elevation of 817.7.
6. Longitudinal Forces (One Lane)
N P
One lane = 0.05(0.64 x 250 + 18) = 8.9 kips 7.7 4.5

acting 6 ft above the top of the slab.

7. Temperature Forces Assume that both bearings are fixed in the direc-
tion of the pier axis and that the differential expansion temperature is 60°F.
If the steel box girder expands and contracts in the direction of the pier, the
associated elongation or shortening will induce a corresponding force at the
top of the columns. For a distance c. to c. of column of 46 ft, the total
expansion per column is 0.5 X 46 X 12 X 60 X 6.5 X 10~% = (0.108 in. Ignor-
ing the reinforcing steel, the moment of inertia of the column is I =
wd*/64 = 417,680 in%, and the force resulting from this movement is
F = 3EIA/I® = 19.3 kips acting at the top of the column.

Footing Design Other loads to be considered are the weight of the
column, 55 kips; the weight of the footing, 45 kips (assumed 10 ft X 10 ft X
3 ft); and the weight of earth on top of the footing, calculated as 30 kips.
The bottom of the footing elevation is taken as 803.20, giving a pier height of
26 ft.

Groupl =D + L(CF=E =0)

Dead load = 402 + 55 + 45 + 30 = 532 kips
Live load (three lanes) = 139 kips

Total = 671 kips /footing
Groupll =D + W(CF=E =B=SF=0)

Wind on structure: From N = 24.9, M,__ = 0.5 X 24.9 X 31.10 = 387 ft-kips
From P =9.7, M,_, =0.5X 9.7 X 31.10 = 151 ft-kips

Wind on column: From N =21, M, ,=21X 145 = 30 ft-kips
From P =36, M, , =3.6 X 145 = 52 ft-kips

Summary, Group II (one footing): F = 532 kips, M,_, = 417 ft-kips, and
M,_, = 203 ft-kips.
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Group Ill =D + L + LF + 30%W + WL(CF = E = B = SF = ()

Dead load + Live load: F = 671 kips
Longitudinal forces: From N = 7.7, M,_, =27 X 7.7 X 0.5 X 37.8 = 393 ft-kips
(Three lanes) From P =45, M, , =27 X 45 X 0.5 X 37.8 = 230 ft-kips
Wind on live load: From N = 125, M,_, = 12.5 X 0.5 x 37.8 = 236 ft-kips
From P =15, M, ,=15X05 X378 = 28 ft-kips

Wind on Structure: For Group III, the wind should not be reduced. Thus,
the loads estimated for Group II are converted by multiplying by the ratio
1.0/0.71 =141 or N =249 X 141 =351 kips, and P =9.7 X 1.41 =
13.7 kips.

For 30% N = 35.1 X 0.3 = 10.5, M, _, = 10.5 X 0.5 X 31.10 = 164 ft-kips
For30% P =137X03 =41, M, ,=41X05Xx31.10 = 64 ft-kips
30% Wind on column M, . =9 ftkips

M,_, = 16 ft-kips

Summary, Group III: F = 671 kips, M, . = 802 ft-kips, and M, , =338
ft-kips.
Group IV = Group I + T: F = 671 kips, M, , =193 X 26 = 502 ft-kips.
We should note that for Groups II and I1I, an overturning force should be
added to the load effects, applied at the windward quarter points of the
transverse superstructure width. For a bridge width of 55 ft, this force is
55 X 0.02 = 1.10 kips /ft of length, and the force allocated to the fixed pier is
75 X 1.10 = 82.5 kips. The overturning moment is, therefore, My, = 82.5 X
(55/4) = 1134 ft-kips. Because the superstructure is not rigidly connected to
the two pier columns, this moment is resolved into two equivalent forces, one
downward and one upward, acting on each column. The magnitude of this
force is 1134 /46 = 25 kips for group II, and 0.3 X 25 = 7.5 kips for group
ITI, and may be neglected.

Soil Pressure For this example, the allowable soil pressure is G = 15
kips /ft2.
Group 1. Soil pressure g = 671,/100 = 6.71 kips /ft.
Group III. Compute e, = 802/671 = 1.20 ft, and e, = 338/671 = 0.50 ft.
Then
XV 6e, + be, 671 6(1.20 + 0.50)
= — — = x|1t — =
B B 100 10
6.71 X (1 £ 1.02) = 13.6 kips/ft?> max
—0.13 kips /ft?> min

The small negative value indicates that a very small area is in tension (no
contact), but for preliminary design this is acceptable. Whether the allowable

I

Il
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soil pressure for this group should be taken as 15 X 1.25 = 18.75 kips /ft? is
a matter of judgment and interpretation. In the context of our design
philosophy, the allowable soil pressure for group III should not exceed the
basic 15 kips/ft>.

Expansion Pier

For this structure, bearing devices at expansion piers and abutments are
similar to the bearing detail shown in Figure 2-16. In this case the effect of
friction is very small and can be disregarded.

1. Dead Load Reactions The following results were obtained from super-
structure analysis:

Interior girders (5) = 112 X 5 = 560 kips
Exterior girders (2) = 101 X 2 = 202 kips

Total DL = 762 kips
Weight of girder = 56 kips
Total DL = 818 kips or 409 kips /column

Weight of substructure: Column = 57 kips
Footing = 27 kips (assume 8.5 ft X 8.5 ft X 2.5 ft)
Earth = 27 kips
Total = 111 kips
Total dead load (one column) = 409 + 111 = 520 kips

2. Live Load This is the same as in the fixed pier or 139 kips/column.
the overall pier height is 26.5 ft, giving a column height of 24 ft.

3. Temperature Forces Both bearings are fixed in the direction of the
pier. Hence, expansion or contraction of the steel box girder will induce the
same movement in the top of the column, or 0.108 in./column. For a column
diameter of 4 ft 6 in. and a height of 24 ft, the calculated force at the top
induced by this movement is F = 17.0 kips. Then M, , = 17 X 26.5 = 451
ft-kips.

The soil pressure is now as follows (for footing 8 ft 6 in. square): For
Group I, the total load F = 520 + 139 = 659 kips and g = 659/8.5% =
659/72.25 = 9.1 kips /ft2. For Group 1V, we first compute e, = 451/659 =
0.68. Then

6 x 0.68
8.5

g=9.10 X (1 + )=9.10 % (1 + 0.48) = 13.5 kips/ft> max

4.7 kips/ft?> min

Because the intent of an engineering solution is to make a reliable analysis of
the problem, the foregoing procedure as applied to the design at hand is
adequate and yields conservative results in the context of economy.



IMPACT AND DYNAMIC ANALYSIS 95

2-9 IMPACT AND DYNAMIC ANALYSIS
impact Considerations

From the brief review of impact in Section 2-5, it appears that our present
understanding of the subject is not fully articulated. For example, factors
leading to dynamic effects include smoothly rolling loads, entry transients,
vehicular excitation by deck or approach roughness, shock due to offset joints
or debris, and resonance phenomena in longer spans.

Research by Csagoly and Dorton (1977) has resulted in conclusions that
prompted many bridge codes to take a more conservative approach to the
dynamic allowance for traffic loadings, including the LRFD specifications
introduced in Section 2-13. The current Ontario Bridge Code specifies the
following: (a) a dynamic load allowance not less than 0.4 for deck slabs and
deck systems governed by wheel loads; (b) a factor of 0.35 for floor beams
and stringers spanning less than 39 ft (12 m); (c) an impact factor for main
load-carrying members that is a function of the calculated first flexural
frequency of the members (a range 0.30-0.55 is permitted and a minimum
value 0.35 is specified); (d) reduction in dynamic load allowance for permit
load required to proceed at reduced speeds; (e) modification factors for
reducing impact at ultimate limit states involving more than one truck; and
(f) optional use of theoretical and experimental dynamic analysis to establish
practical load impact factors.

Rational design methods (Huang and Veletsos, 1960; Wright and Walker,
1971) address the purpose served by a dynamic load allowance and articulate
its interaction with other design considerations. Although these methods
have been advocated by researchers, most codes still continue to treat
dynamic loading as an increment to the static design live load. Among the
most compelling concerns of these codes are (a) the fact that measured
dynamic increments of strain in bridge structural members have sometimes
equaled the live load strains, and (b) the fact that the current AASHTO
design load including impact is among the lighter ones on a worldwide basis.
An offsetting factor is that measured dynamic strain increments have been
superimposed on static live load strains well below the design level.

The ASCE Committee on Loads and Forces on Bridges (ASCE, 1981)
suggests consideration of the probabilistic nature of the bridge impact prob-
lem, and focuses on two aspects. First, bridges are characterized by uncer-
tainties regarding the traffic conditions and the features of the vehicles
including their initial motion. The second aspect relates to the chance of
producing the maximum dynamic effect due to a fluctuation of vehicle
velocity. This depends on the chance of the maximum amplitude of an
increment curve coinciding with the maximum static influence curve. Such
probabilistic considerations are incorporated in the Ontario Bridge Code. In
addition, the concept of the present impact factor is intended to cause an
increase of the vehicle forces acting on the bridge, but without a separate
consideration of the bridge inertia force. For design purposes, the dynamic
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effect may be considered as the result of the bridge inertia force and the
applied vehicle forces. Thus, if a secondary member is designed, its own
inertia force associated with the bridge motion should be considered.

There is concern that concrete bridge decks may be overstressed by
impact-induced forces. Several reasons can be cited: (a) direct contact with
the load, (b) possible shock effects because of localized deck or approach
irregularities, (c) obstacles left on the roadway, and (d) evidence that large
strains may occur in concrete deck slabs due to dynamic wheel loading.

Optional Impact Analysis

In the Guide Specifications for Horizontally Curved Highway Bridges (1980)
and in the Interim Specifications (1981, 1982, 1984, 1985, and 1986), AASHTO
proposes an impact analysis that may be reviewed along with further investi-
gation. Accordingly, the dynamic effects, including centrifugal forces, pro-
duced by the HS truck load may be considered using the impact factors
shown in Table 2-9. The design value for a given quantity of live load effect,
considering the dynamic factor, is the product of that quantity (obtained from
static analysis) and (1 + I) or

Dynamic Live Load Value, DLLV = Static Live Load Value X (1 + 1)
(2-17)

where I is the impact factor given in Table 2-9. This factor is valid within the
following parameter values:

50 ft < L < 200 ft where L = span length

200 ft < R, < 1000 ft where R, = radius of centerline of bridge
V < 70 mph

Number of 1 girders < 6

Number of continuous spans < 2

Weight of vehicle /weight of bridge < 0.6

If these ranges are exceeded, a dynamic analysis is indicated.

Theoretical Background The foregoing impact factors have resulted from
a finite-element analysis developed by Shore and Rabizadeh (1974) at the
University of Pennsylvania. In this program, the bridge deck was discretized
by annular sector thin plate elements, and the curved girders were discretized
by thin-walled curved beam elements, both developed on small displacement
theory. A general computer program was formulated to analyze the dynamic
response of horizontally curved bridges due to moving forces and masses, as
well as the free-vibration analysis of the bridge due to specified initial
conditions.
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TABLE 2-9 Optional Impact Factors for Curved Bridges
(Steel I Girder) (From AASHTO, 1980)

Quantity Impact Factor, I
Reactions and shear forces 0.30
Moments in longitudinal girders 0.25
Torsional moments in longitudinal

girders 0.40
Moments in slab 0.20
Bimoments in longitudinal girders 0.25
Forces and moments in diaphragms 0.25
Deflections 0.25

Dynamic Analysis

The foregoing brief remarks highlight the current trend of considering
dynamic analysis in certain bridge types. Typically, however, analysis for
vehicle- and wind-induced vibrations is not to be considered in bridge design.
When a vehicle crossing a bridge is in a nonstatic situation, the bridge is
analyzed by statically placing the vehicle at various locations and applying the
dynamic load allowance. Flexible bridges, however, and long slender compo-
nents may have dynamic force effects that exceed the impact formulas, and
these cases may require analysis for moving load.

In general, dynamic effects due to moving vehicles may be attributed to
two origins: (1) hammering effect manifested as the dynamic response of the
wheel assembly to riding surface discontinuities, such as deck joints, cracks,
potholes, and delaminations; and (2) dynamic response of the bridge as a
whole to passing vehicles (this may be due to long undulations in the roadway
pavement such as those caused by settlement of fill, or to resonant excitation
as a result of similar frequencies between bridge and vehicle).

Elastlc Dynamic Responses When an analysis for vehicle-induced vibra-
tions is required, it is necessary to specify the surface roughness, speed, and
dynamic characteristics of the relevant vehicle. According to the LRFD
specifications (Section 2-13), impact is derived as a ratio of the extreme
dynamic force effect to the static force effect. Design limitations relate to the
fact that the deck surface roughness is a major factor in vehicle-bridge
interaction, because it is difficult to estimate long-term deck deterioration
effects at the design stage.

Wind-induced vibrations and unstable wind-structure interaction may be
critical for slender or torsionally flexible structures. These should be analyzed
for lateral buckling, excessive thrust, and divergence.

Inelastic Dynamic Responses Examples include a major earthquake or
ship collision. The minimum analysis requirements for seismic effects under
the LRFD specifications are shown in Table 2-17 (Section 2-13).
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FIGURE 2-27 Bridge deck subjected to as-
sumed transverse and longitudinal loading.

A recommended method of analysis is the single-mode spectral method,
which may be used for both transverse and longitudinal earthquake motions.
Examples are given by AASHTO (1983) and ATC (1981). This involves the

following steps.

Step 1. Calculate the static displacements V,(x) due to an assumed uniform
loading P, as shown in Figure 2-27.
Step 2. Calculate factors a, B, and y from the expressions

a= [V(x)d
B = [W(x)V,(x)dx (2-18)

y = [W(x)Vi(x)" dx

where P, = a uniform load arbitrarily set equal to unity (k/ft), V,(x) =
deformation corresponding to P,, and W(x) = dead load of the bridge
superstructure and tributary substructure.

Step 3. Calculate the period of the bridge using the expression

.
- ]/ 1
T, =2m| 5 (2-19)

where g = acceleration of gravity (ft /sec?).
Step 4. Calculate the equivalent static earthquake loading p(x) from the
expression

ﬁCSm
p.(x) = " W(x)V(x) (2-20)
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where C, = dimensionless elastic seismic response coefficient and
p(x) = intensity of the equivalent static seismic loading applied to repre-
sent the primary mode of vibration (kips /ft).

Step 5. Apply loading p,(x) to the structure and determine the resulting
member force effects.

When coupling occurs in more than one of the three coordinate directions
within each mode of vibration, the multimode spectral analysis should be
used. A linear dynamic analysis using a three-dimensional model should
represent the structure. Rigorous methods of analysis are recommended for
critical structures or those that are geometrically complex and close to active
faults. Time history methods of analysis are indicated in this case, with
provisions for both the modeling of the structure and the selection of the
input time histories of ground acceleration.

Spectra of Deck Surface Roughness, Field Investigation

In the dynamic context, impact coefficients, fatigue intensity, and human
perception of moving vehicles are relevant considerations. Likewise, road
surface roughness along the bridge is one of the causes of vehicle vibrations.
Because it is measured only rarely, most studies are based on a convenient
roughness coefficient a, usually 0.001 cm?/m/c calculated using an exponen-
tial function of the power spectral density (PSD). However, a dynamic
analysis using a = 0.001 gives results that are lower than the actual dynamic
response of the bridge (Honda, Kajikawa, and Kobori, 1982).

The roughness characteristics of a bridge deck may be defined in the
longitudinal and vertical directions, but the former is selected because it is a
cause of bridge vibration under moving vehicles. From measurements of road
surface roughness on 56 bridges, Honda, Kajikawa, and Kobori (1982) have
developed data expressing this concept in terms of the PSD, assumed from a
stationary normal probability process with a zero mean value. The PSD is
calculated by the maximum entropy method (Healey et al., 1977), also called
the nonlinear estimation method. It requires a calculating time greater than
the fast Fourier transform and the Blacknan-Tukey method, but gives better
results in resolving the power and stability of a spectrum (Hino, 1978).

Typical graphs of the PSD are shown in Figures 2-28a through d for
simple and continuous girder bridges, a truss bridge, and a Langer bridge
(stiffening arch). The full line and dotted line in these graphs represent a
measuring position of 0.5 m and 2.0 m from the centerline, respectively, and
evidently there are no major differences in the PSDs between the two
measuring positions, meaning that the characteristics of load surface rough-
ness are the same. In these examples, the PSD can be approximated by an
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FIGURE 2-28 PSD graphs for various types of bridges: (a) simple girder bridge;
(b) truss bridge; (¢) Langer girder bridge (stiffening arch); (d) three-span continuous
girder bridge. (From Honda, Kajikawa, and Kobori, 1982.)

exponential function expressed as S,(w) = aw™", where w = roughness fre-
quency, a is as defined, and n = spectral roughness exponent.

The relationship between n and a is shown in Figure 2-29 for bridge types
and pavements. In this nomenclature N is the number of measured lines, AP
is asphalt pavement, and CP denotes concrete pavement. The n and a values
are scattered in the range 1.3 to 2.5 and 0.001 to 0.06 cm?/m/c. The
relationship between n and a is essentially independent, based on the
corrective coefficient p = 0.152. No significant difference between the n and
a values can be observed between bridge types and pavements.

Honda, Kajikawa, and Kobori (1982) also give average values of a and n
for various bridge systems and road pavements, shown in Table 2-10. Clearly,
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FIGURE 2-29 Diagram of relationship between n and a. (From Honda, Kajikawa,

and Kobori, 1982.)

the road surface conditions on concrete pavement are worse than on asphalt,
and the slope of the PSD is more gentle because of the high frequency in the
roughness of concrete pavement. A comparison of the girder and nongirder
system shows that the road surface conditions are essentially similar.

These results highlight the random nature of vibrations induced by deck
roughness, and suggest the value of analysis by a random probability process.
Caution is, however, necessary in interpreting the data thus obtained because
shock effects of vertical offsets in joints or debris accumulation on decks may

TABLE 2-10 Values of @ and 7n of Each Structural System of Bridges
and Pavements of Road Surface (From Honda, Kajikawa, and Kobori, 1982)

a
Pavement Total (ecm?/m/c) 7i
n 2 3) 4) )
Asphalt 35 0.0080 2.04
Girder 60 0.0098 1.92
Concrete 25 0.0115 1.79
Asphalt 18 0.0096 2.02
Nongirder 24 0.0116 1.96
Concrete 6 0.0135 1.90
Asphalt 53 0.0088 2.03
Whole 84 0.0107 1.94
Concrete 31 0.0125 1.85
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make the random roughness excitation irrelevant to local components of the
structural system.

2-10 DISTRIBUTION OF LOADS IN CONCRETE BOX-SLAB BRIDGES,
MODEL STUDY

Theoretical and experimental studies on the wheel load distribution in slab
and concrete box bridges have been carried out by Massonnet (1950, 1954)
Reese (1966), and Scordelis (1966). Model studies on existing structures are
provided by Litle and Hansen (1963), Massonnet (1953), Nelson et al. (1963),
and Newmark and Siess (1954).

Pilot Tests

Box beam bridges with a separate concrete slab have been tested at Lehigh
University (Macias-Rendon and Van Horn, 1973). The prototype represents
a bridge with 0° skew and a clear span of 62.25 ft. Figure 2-30 shows a typical
cross section. The cross section of maximum moment is 3.55 ft from midspan,
and corresponds to a test vehicle consisting of a three-axle combination
applied to approximate the standard HS 20 truck. A scale of 1/16 yielded a
model size of 25 X 50 in., with a typical section shown in Figure 2-31.

The model load was applied with the axis of each vehicle in each of the
five loading lanes shown in Figure 2-31. With the load on lane 3, the moment
carried by the edge box beams was about 25 percent of the total moment in
the model. The corresponding value from field tests on the prototype bridge
was close to 21 percent. The difference is explained by (a) the interaction
between slab and curb and between parapet and curb (better in the model
because of stronger adhesive materials), and (b) the neoprene bearing pads
used in the prototype bridge actually restraining stretching of the bottom
fibers of the box beams.

The tests were intended to generate data that can be subjected to a proper
statistical analysis. The sampling size was kept at four, so that with the
presence of two rejectable outliers, two acceptable values still remain and can
be averaged. The investigators used the Dixon criterion, applicable when the
population mean and the standard deviations are unknown, and the sample
at hand is the only source of information (Hoel, 1965; Natrella, 1966). A
50 percent risk of rejecting an observation that really belongs in the group
was used throughout the experimental work.

For the main computer program, the following computational assumptions
were made: (a) longitudinal slab strains vary linearly over the width of the
slab corresponding to each beam; (b) longitudinal reactions are distributed
among beams in proportion to individual moment percentages; (c) the
mechanical jack and the model vehicle did not impose longitudinal restraint
on the model; (d) initial individual slab widths extend to the midspacing of
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FIGURE 2-32 Basic cross sections tested. (From Macias-Rendon and Van Horn,
1973.)

the box beams; and (e) successive approximations on individual bending
moments have a negligible correction after four cycles and two extrapola-
tions.

Results from Model Tests

The first series of the test program, including pilot model Al, is shown
schematically in Figure 2-32. All midspan cross sections are shown together
with significant dimensions of the prototypes. In addition to model A1, seven
basic sections of slab and box beams were used in the first series. In the
second series of tests, 10 bolted models were used and included (a) five new
sections consisting of 3 X 24 beams (3 ft wide, 24 in. deep) and (b) five new
variations of the four-beam bridge with 4 X 39 beams to study the individual
effect of parapets and midspan diaphragms.
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The bending moments for individual beams are computed from stress
blocks of beam elements and individual slab widths, converted from mea-
sured longitudinal strains. The contribution of curb and parapet is assigned
to the exterior beams. In the first series of models, the range of discrepancies
between the average of the sum of the computed beam moments near
midspan and the applied moments with the load on the five lanes (based on
static analysis) was from —19.8 to + 4.4 percent with a mean discrepancy of
— 8.4 percent. In the second series, the discrepancy was slightly less.

Interpretation of Results For a standard HS 20 truck laterally located at
the center of the roadway, the typical effects on the load distribution for the
exterior beams of the deck are summarized as follows.

1. In four-beam bridges, the presence of diaphragms at both ends and at
midspan increases the bending moment carried by the exterior beams at
midspan by 15 percent. This value represents an average increase of
3 percent of the truck load. This is shown in Figure 2-33 for models B3 and
B4. The increase in bending moments for the exterior beams ranges from 9 to

50 ~l { 50
40 L + 40
i Model B3 I

10 %Mu'loiophroqms) : :
\4_ — -A 30
(%) =7 3 J LS
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20 — {With Diophrogms) —— 20
10 10
)
o 0
MOMENT PERCENTAGES

||
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a1 8 I c [ D ]
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FIGURE 2-33 Models B3 and B4, lane 3. (From Macias-Rendon and Van Horn,
1973.)
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1973.)

23 percent for the various cross sections. In a four-beam bridge with 4 X 39
beams, the midspan diaphragms accounted for 93 percent of the combined
effect of all diaphragms.

2. In four-beam bridges, the presence of curbs and parapets (assumed
monolithically cast with the slab) results in a 12 percent increase in the
bending moment carried by the outside beams near midspan, as illustrated in
Figure 2-34. For a four-beam model with 4 X 39 beams, the parapet ac-
counted for about 52 percent of the combined effect of curbs and parapets.

3. In three four-beam models, with 3 X 42, 4 X 39, and 4 X 30 beams, the
moments near midspan carried by the outside beams are 24.3, 24.8, and 26.2,
respectively, of the total bending moment, as shown in Figure 2-35.

4, For a four-beam bridge with 4 X 39 beams, an increase of slab thick-
ness from 6 to 10 in. increased the bending moment carried by the outside
beams by 2.4 percent, as illustrated in Figure 2-36.

5. The moment percentages shown in Figure 2-37 clearly show the uni-
formity achieved in the lateral load distribution of a seven-beam bridge with
3 X 24 beams.
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FIGURE 2-35 Models B12, B4, and B8, lane 3. (From Macias-Rendon and Van
Horn, 1973).

Macias-Rendon and Van Horn (1973) obtained correlation between field
and pilot model tests. The field analysis produced the moments carried by
the individual beams giving due consideration to possible restraints from the
supports. Taking into account the ratio of 0.9 in the modulus of elasticity
between the slabs and the beams in the prototype, the moment carried by the
outside beams increased from 21 to 24.3 percent of the total maximum
moment in the prototype, in close agreement with the value of 25.5 percent
obtained in the field.

These results articulate some of the effects on lateral load distribution
produced by a stiff slab, the presence of curbs, parapets, and diaphragms,
and variations in slab thickness, beam size, and beam spacing.

2-11 DISTRIBUTION OF LOADS ACCORDING TO AASHTO
SPECIFICATIONS

The provisions of Part C, Section 3, are not intended for orthotropic deck
bridges. The document also recognizes the complexity of the theoretical
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FIGURE 2-36 Models B13 and B14, lane 3. (From Macias-Rendon and Van Horn,
1973).

analysis involved in the distribution of loads, and suggests the application of
these empirical methods to the design of normal highway bridges (see also
Sections 2-12 and 2-13). The following cases are covered: (a) distribution of
loads to stringers, longitudinal beams, and floor beams; (b) distribution of
loads to concrete slabs; (c) distribution of wheel loads on timber flooring;
(d) distribution of wheel loads on steel grid floors; and (e) distribution of
loads for bending moments in spread box girders. A tire contact area is also
defined and assumed as a rectangle with an area (in in.?) of 0.01P and a
length in the direction of the traffic—width of tire ratio of 1,/2.5, in which P
is the wheel load (in Ib).

Stringers, Longitudinal Beams, and Floor Beams AASHTO (Table
3.23.1) gives the fraction of wheel load to be applied to interior stringers and
beams. The effect of more than one lane loaded is not differentiated but
lumped in the load distribution factor. This distribution is not intended to
give an exact account of wheel load carried by an interior beam or stringer,
but rather provides a uniform method of analysis for the usual types of
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FIGURE 2-37 Model B16, lanes 1, 2, and 3. (From Macias-Rendon and Van Horn,
1973)

highway bridges. The complexities of the problem have been long recognized,
yet the AASHTO procedure has been found to work well.

For outside beams and stringers, the guidelines contain three possible
distributions, namely: (a) the analysis may be carried out by applying to the
stringer or beam the reaction of the wheel load obtained by assuming the
floor acts as a simple span; (b) the exterior beam will not have less carrying
capacity than an interior beam; and (c) for a bridge on four or more beams,
the fraction of wheel load should not be less than §/5.5 if § <6 ft, or
§ /(4.0 + 0.255) if S > 6 ft. Where S > 14 ft, the load on each interior and
exterior stringer is the reaction of the wheel loads, assuming the floor acts as
a simple span.

The application of these guidelines is illustrated in Figure 2-38. For the
cross section shown in Figure 2-38a, the axle load can be positioned as
shown. Applying provision (a), we obtain a wheel load distribution of (8/7 +
2/7) = 1.42, which exceeds the requirements of provision (b) or (c), in this
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FIGURE 2-38 Distribution of wheel load to outside stringers and beams.

case less than 1.42. Hence, the distribution 1.42 should be used in the design.
For the section shown in Figure 2-38b, the distribution stipulated by provi-
sion (a) yields a wheel load factor of 5/7 = 0.71, which is grossly inadequate
to satisfy the requirements of provision (b). In this case, the distribution
should be §/5.5 if the intent is to provide the same load-carrying capacity as
in the interior beams, or §/5.75 if the intent is to satisfy provision (c).

For bridges where longitudinal beams are omitted and the floor is sup-
ported directly on floor beams, the load distribution is stipulated in AASHTO
Table 3.23.3.1. No transverse distribution can be assumed. The application of
this provision is illustrated in Figure 2-39. Because the bridge system consists
of a concrete slab supported on transverse beams, the fraction of wheel load
applied to each floor beam is §/6, until § > 6 ft in which case the reaction
of live load is computed assuming simple beam action for the slab. Let us
consider now wheel load P acting directly above floor beam 1. If § < 6 ft,
the provision suggests that a fraction of P will be distributed to the adjoining
floor beams by the stiff slab (stiffness is considered a function of the slab
thickness and floor beam spacing). If, however, § > 6 ft, the effect of slab
stiffness begins to diminish, and the simple beam method yields a live load
reaction of at least P. For S < 6, the live load reaction is reduced linearly
with S. The foregoing remarks are valid for the regular truck load shown in
Figure 2-39a. For the military load shown in Figure 2-39b (two 24-kip axle

s ]
Floor beam 1 T

FIGURE 2-39 Distribution of live load in transverse beams: (a) partial longitudinal
section, standard HS 20 truck; (») military load. Concrete slab on transverse floor
beams.
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loads spaced 4 ft apart), the application of this provision is subject to
interpretation, because it is unlikely that this guideline was prepared with the
military load in mind. This author has used the military load as follows: for
the load P, directly above beam 1 a distribution §/6 is used, but for the
second load P, the distribution assumes simple span theory. In practice, this
question may seldom arise, however, because floor beam spacing generally is
greater than 6 ft in most two-way systems.

From the foregoing it follows that the wheel load fraction carried by a
beam may be determined by one of the following procedures: (a) by applying
the general formulas contained in the AASHTO provisions; (b) by placing
the load in the most unfavorable position with respect to the member under
consideration and computing the corresponding reactions for a set of valid
assumptions; and (c) by comparing or combining results from (a) and (b). In
most instances, no elaborate procedures are warranted, and the simple
method recommended by AASHTO should be used (see also subsequent
sections).

Interestingly, one of the early procedures for determining the portion of
truck load carried by one beam or girder was based on the assumption that
the axle load is distributed uniformly across the traffic lane and at right
angles to its centerline, and that the roadway slab is made up of freely
supported slabs so that its reaction on the girder may be computed by the
rules of simple statics. This produced the simple formula

.
-3

i )P (2-21)

Cc

where P = truck load (one or both axles)

W = portion carried by one beam or girder
girder spacing on both sides of the girder under consideration
clearance width of the design truck

I

5,8

I

Cc

Likewise, early procedures for determining the portion of truck load to be
allocated to a transverse floor beam recognized its dependence on the floor
beam spacing. Using the truck load shown in Figure 2-40 as design live load
for a floor beam spacing less than 6 ft, the rear axle load (0.8P) was
distributed by the slab to adjoining floor beams. In this case the loading
taken by one floor beam was

N

W=—-——X08
6.0 0.8P

(s is the beam spacing, or the same as in current AASHTO guidelines).
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FIGURE 2-40 Early design truck load (similar to current H loading): (a) truck
elevation; (b) truck cross section.

For floor beam spacing s larger than the axle spacing /, but smaller than
the spacing of trucks /,,

s -1
W=108+0.2 P
s
For floor beam spacing larger than the truck spacing /,,

2s = (I, + 1)

N

W=108+0.2 P

Load Distribution in Concrete Slabs This topic, covered in Article 3.24
of the specifications, has its theoretical origin in the work of Westergaard
(1930), commonly referred to as the Westergaard theory. Other studies that
have contributed to the formulation of this procedure include Jensen (1936),
Newmark (1939), and University of Illinois Bulletin 346 (1940). The load
distribution is covered in Chapter 3, and need not be repeated here.

Muitibeam Decks Usually, multibeam decks are constructed with precast
reinforced or prestressed concrete beams placed side by side on supports.
The interaction between beams is developed by continuous longitudinal
shear keys and lateral ties (bolts) that may, or may not, be prestressed (see
also the following sections).

In determining the live load bending moment, the fraction of wheel load
applied to each beam is computed from S/D, where S is the width of the
precast member and D is a factor depending on the number of traffic lanes, a
specific relevant span length, and elastic properties such as the moment of
inertia, Poisson’s ratio, and the Saint-Venant torsion constant.

For the bridge rehabilitation program of the structure carrying the South-
west Highway over a network of railroads and two creeks in Chicago, about
22 spans consisting of multibeam decks (prestressed concrete boxes) were
structurally modified. The new work consisted of removing the existing
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asphalt surface on the top of the beams and replacing it with a 4-in. dense
concrete overlay. A mat of small-diameter epoxy-coated bars embedded in
the overlay provided the structural continuity between adjacent box beams.
The new stiff deck serves to distribute the live load and reduce the fractions
carried by each box beam (Xanthakos, 1981). For this bridge the width of
precast beams is 3 ft. Using a somewhat different approach based on
applicable state standards, the fraction of wheel load carried by one box
beam was computed as 0.54, ignoring the effect of the concrete overlay. A
more detailed analysis indicated that this could be reduced to 0.40 if the
interaction with the concrete overlay was included. With either distribution,
however, the box beams were stressed within the range of allowable values.

Recent studies conclude that the girder width should be limited to the
range 4 to 10 ft, beyond which a special analytical investigation may be
necessary. The same studies also recommend end diaphragms to ensure
proper load distribution. In addition, there is a strong indication that interior
diaphragms may cause a reduction in the live load distribution to the interior
girders and a corresponding increase in the live load distribution to the
exterior girders predicted under Article 3.23.4.3.

2-12 DISTRIBUTION OF LOADS BASED ON RESULTS
OF NCHRP PROJECT 12-26

New code proposals under review may partially or wholly be incorporated
into the AASHTO specifications. Currently in a draft form, the methodology
for calculating wheel load distribution factors is based on power curves. Some
formulas include stiffness and inertia terms, but in order to predict the most
accurate factors an iterative approach must be used. Given the complexity of
the theoretical analysis involved in wheel load distribution, the empirical
method presented in this draft is recommended for the design of normal
highway bridges.

Essentially, the draft addresses in its entirety Part C of Section 3 of the
AASHTO specifications, and proposes new procedures for (a) distribution of
loads to stringers, longitudinal beams, and floor beams; (b) distribution of
loads and design of concrete slabs; (c) distribution of loads on timber
flooring; (d) distribution of loads and design of composite wood-concrete
members; (e) distribution of steel grid floors (but not applicable to or-
thotropic bridges); and (f) tire contact area. The following are points of
interest.

1. For steel I beams and prestressed concrete girders, the wheel load
distribution factor is a function of the beam spacing, the span length, the slab
thickness, and a longitudinal stiffness parameter.

2. For exterior beams, the distribution factor is the factor for the interior
beams multiplied by a coefficient e = (7 +d,)/9.1 = 1.0, where d, is the
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edge distance of the traffic lane (ft), calculated as the distance between the
center of the exterior beam and the edge of the exterior lane (face of curb).
3. For skew bridges and where the skew angles of two adjoining supports
are close, the bending moments corresponding to a normal continuous or
simple beam analysis may be reduced. This reduction is implemented by
applying a reduction factor to the normally obtained distribution factor.

4. However, for continuous superstructures, the moments must be in-
creased. Correction factors are applied to the moments obtained from a
continuous beam analysis. For steel I beams, prestressed concrete girders,
and concrete T beams, the correction factor is 1.10 and 1.05 for negative and
positive moment, respectively. No adjustment is necessary for steel box
girders and precast concrete beams other than box beams used in multibeam
decks.

5. Compatible formulas are given for end shears in simple, continuous,
and skew bridges.

6. The distribution of loads and design of concrete slab are still based
substantially on the Westergaard theory (1930). However, for Case B (main
reinforcement parallel to traffic), the distribution width E is determined
from a specific range of bridge length and width in conjunction with the
number of traffic lanes. For skew supports, the distribution width may be
decreased by an appropriate factor. For continuous concrete bridges, the
distribution width E must be reduced by 10 percent, prompting a corre-
sponding increase in the negative moment. No changes are introduced for
cantilever slabs.

We should note that the numerical value of stiffness terms (Kg/Lt?) and
I/J is close to unity for most common bridges. These factors may be taken as
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FIGURE 2-41 Live load distribution factor for beam and slab bridges, multiple-lane
loading (Kgz/Lt? = 1.0).
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unity for initial design or where greater accuracy is not warranted. The effect
of various bridge parameters is demonstrated and better understood if these
formulas are presented graphically. Figures and curves thus obtained may be
used in place of formulas in obtaining distribution factors. Such diagrams are
plotted in Figure 2-41 for beam and slab bridges, multilane loading, and
taking K /Lts3 = 1. The distribution factor is obtained graphically for various
S /L ratios (S is the beam spacing and L is the span length).

Comparison of results obtained from the various distribution procedures is
documented and quantified in numerical bridge design examples in the
following sections.

2-13 LRFD SPECIFICATIONS (1992)

Throughout this book the reader will come across terms such as wultimate
strength design, strength design, plastic design, load factor design, and the
more recent load and resistance factor design. All these constitute the limit
states approach which may encompass strength, fatigue and fracture, service,
and extreme event. The underlying philosophy is to move toward a more
rational and probability-based procedure that can provide a formidable
substitute for allowable stress design, the principal philosophy of structural
design in the last 100 years. A review of the current status of the limit states
concept and its use in design is presented by Haaijer (1983) and Kennedy
(1985).

The proposed LRFD specifications for bridges are the result of research
requested by AASHTO and initiated by the National Cooperative Highway
Research Program (NCHRP) as Project 12-33. This document draws from
completed and recent bridge research, and signifies new provisions and major
areas of change. It addresses load models and load factors, structural
analysis, concrete and steel structures, decks and deck systems, foundations,
and bridge substructure elements. Special requirements for movable bridges
are also discussed.

Design Philosophy

Bridges should be designed for the specified limit state. In every case, the
structural system including its components, joints, and connections must be
designed to reach the design failure mechanism before any other mechanism
is developed. Thus, unintended overstrength of a member or component
where hinging is predicted should be avoided, because it may result in the
formation of a plastic hinge at an undesirable location and with adverse
effects.

Service limit states represent restrictions on stress, deformations, and
crack width under regular service conditions. The nonstrength status rele-
gates function as the chief objective.
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Fatigue and fracture limit states are selected as restrictions and limitations
on the stress range under normal service conditions to make the structure
safe against the expected stress range variations and cycles.

Strength limit states will ensure the strength and stability of the structure,
partially or wholly, necessary to resist the statistically possible load combina-
tions that may act on a bridge during its design life.

Extreme-event limit states are taken to ensure the structural survival of a
bridge during a major earthquake or when a vessel, vehicle, or ice flow
collides with it.

Commentary The basis of any design approach is to show that (a) if loads,
material strengths, stiffness, and so on, are as expected, the bridge will
perform satisfactorily within acceptable deformations, and (b) even if both
loads and material properties are significantly worse than expected, there will
still be an adequate factor of safety against collapse.

Under this premise, if a bridge member of component reaches a point
where it no longer satisfies the requirements for which it was designed, then
it is said to have reached a limit state. Limit states should be classified as
either ultimate limit states in which consideration is given to the worst
credible values that the associated variables could reach or serviceability limit
states where the most probable values are used. In principle, all limit states
should be examined explicitly, but, in practice, it usually becomes apparent
that one is more critical than the others and therefore it may not be
necessary to investigate all the states to the same extent and detail.

A bridge, its foundation, and the ground on which it rests constitute a
combined system of ground and structure, and their implicit interaction must
be recognized. An ultimate limit state is reached when (a) failure in the
ground occurs without failure in the structure, involving loss of stability or
causing substantial rigid body movement; (b) failure in the structure is
manifested, involving loss of stability or structural fracture, without failure
occurring in the ground; and (c) failure occurs in the structure and ground
together.

Serviceability limit states include (a) excessive deformation of the ground
leading to excessive (unacceptable) differential settlement, heave, lateral
movement, and so on of the structure; (b) excessive deformation (deflection)
of the structure; and (c) excessive cracking of the structure.

Basic LRFD Methodology Each component and connection must satisfy a
modified version of (2-11). For other than the strength limit state, resistance
factors may be taken as 1.0. All limit states are considered of equal impor-
tance. Accordingly,

nY 70 <¢R, =R, (2-11a)
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where n = npngn;
¥ load factor (statistically based multiplier applied to force effects)
¢ = resistance factor (statistically based multiplier applied to nominal
resistance)
n = load multiplier (factor relating to ductility, redundancy, and
operational importance)
ny, = factor relating to ductility
ng = factor relating to redundancy
n. = factor relating to operational importance
Q, = force effect (deformation or stress, i.e., thrust, shear, torque, or
moment caused by applied loads, imposed deformations, or volu-
metric changes)
R, = nominal resistance (based on permissible stresses, deformations,
or specified strength of materials)

factored resistance = ¢R,,

=
<
It

Ductility Ductility, also discussed in other sections, may be defined as the
amount of permanent strain (strain exceeding the proportional limit) up to
the point of fracture. Ductility is important because it permits yielding locally
due to high stresses and thus causes the stress distribution to change. In this
context, ductile behavior provides warning of structural failure by large
inelastic deformations. Under cyclic loading large reversed cycles of inelastic
deformation dissipate energy and benefit structural response.

Behavior that is ductile in a static context but not during dynamic response
should be avoided. Examples include shear and bond failures in concrete
members and loss of composite action in flexural members. If, by means of
confinement or other measures, a member or connection made of brittle
material can sustain inelastic deformations without loss of its load-carrying
capacity, the member may be considered ductile. Bridge components de-
signed according to proper specifications would normally provide adequate
ductility. For unusual and important structures in high-seismic zones, ductil-
ity must be ensured by specifying a minimum ductility factor expressed as

lt 2-22
w=3, (2-22)
where A, = maximum plastic (ultimate) deformation
A = deformation at the elastic limit

y

The ductility capacity of structural members, joints, and connections may
be ascertained by full- or large-scale tests or by analytical models based on
actual material behavior. The ductility capacity of a structural system can be
determined by integrating local deformations over the entire system.
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For the strength limit state for all members, the ductility factor can be
taken as follows: n,, = 1.05 for nonductile components and connections, and
np = 0.95 for ductile components and connections. For other limit states, n,
can be taken as 1.0.

Redundancy Redundancy is discussed in Section 5-17. Examples of nonre-
dundant bridges are presented in Chapters 3 and 5. Whereas both the
standard AASHTO specifications and the LRFD document specify the use of
multiple-load path structures, there may be compelling reasons to the con-
trary. Main tension members whose failure would be expected to cause
bridge collapse are designated as fracture-critical, and the associated struc-
tural system must be designed as nonredundant.

For the strength limit state, the redundancy factor should be taken as
follows: ng = 1.05 for nonredundant members, and ny = 0.95 for redundant
members. For other limit states, ng = 1.00.

Operational Importance This concept applies to the strength and
extreme-event limit states. The classification is based on social-survival or
security—defense requirements. A bridge may be declared to be of opera-
tional importance, in which case n; must be taken as 1.05; otherwise,
n; = 0.95,

Load Events and Load Factors

Load Groups Loads and forces are characterized as permanent and tran-
sient, summarized in Table 2-11. Load groups, combinations, and load factors
are defined for the limit states indicating a wide range of multiple perfor-
mance levels. A summary of load combinations and load factors is given in
Tables 2-12 and 2-13.

Strength I is the basic load combination relating to normal vehicular use of
the bridge without wind, and corresponds to the group loading generally
applicable to bridge superstructures.

Strength II load combination reflects the use of bridges by permit vehicles
without wind. The permit vehicle should not be assumed to be the only
vehicle on the structure unless traffic is controlled by an escort vehicle.
Applying a distribution factor procedure to a loading that involves a heavy
permit load can be very conservative, unless lane-by-lane distribution factors
are available. Refined methods may be used to remedy this situation.

Strength III load combination relates bridge exposure to maximum wind
velocity which prevents a significant live load from being on the bridge.

Strength IV load combination refers to bridges with very high dead-live
load force effect ratios. A standard calibration process has been carried out
for a large number of bridges with spans less than 200 ft, and spot checks
have been made on bridges with spans up to 600 ft. For the primary
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TABLE 2-11 Load Summary and Designations (LRFD Specifications)

Permanent Loads

DC = Dead load of structural components and nonstructural attachments
DD = Downdrag

DW = Dead load of wearing surfaces and utilities

EA = Earth pressure load

EF = Dead load of earth fill

ES = Earth surcharge load

Transient Loads

BR = Vehicular braking force

CE = Vehicular centrifugal force

CR = Creep

CT = Vehicular collision force

CV = Vessel collision force

EQ = Earthquake

FR = Friction

IC = Ice load

IM = Vehicular dynamic load allowance
LL = Vehicular live load

PL = Pedestrian live load

SE = Settlement

SH = Shrinkage

TG = Temperature gradient

TU = Uniform temperature

WA = Water load and stream pressure
WL = Wind on live load

WS = Wind load on structure

components of longer bridges, the ratio of dead-live load force effects is high
and could result in resistance factors different from the set found acceptable
for small-and medium-span bridges. It is believed that load combination IV
will govern when the dead-live load force effect ratio exceeds about 7.0.

Strength V load combination relates to normal vehicular use with wind
velocity not exceeding 55 mph. Vehicles are expected to become unstable if
wind velocity exceeds 55 mph.

The extreme-event limit state reflects conditions created by seismic events,
ice loads, and collision by vessels and vehicles. Under these extreme condi-
tions, the structure is expected to undergo considerable inelastic deformation
whereby locked-in force effects due to TU, TG, CR, SH, and SE will be
relieved. The 0.50 live load factor is compatible with the low probability of
the presence of maximum vehicular live load when extreme events occur.

Service I load combination applies to the normal operational use of the
bridge with 55 mph wind. All loads are taken at their nominal values and
extreme load conditions are excluded.
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TABLE 2-12 Load Combinations and Load Factors (LRFD Specifications)

Load Combination DC LL WA WS WL FR TU

DD IM TG
II?:XJ S}E gﬁ Use One of These
EF PL SE " ata Time
Limit State ES EQ IC CT CV
Strength I y, 170 1.00 — — 1.00050/1.20 — — — —
Strength 1T y, 130 100 — — 100 050/1.20 — — — —
Strength 11T ¥y, ~— 100 140 — 100 050/120 — — — -
Strength IV
EA,EF,E§,DW y, — 100 — — 1.000.50/120 — — — —
DC only 1.5
Strength V y, 130 1.00 0.40 040 1.00 0.50/120 — — — —
Extreme event y, 050 1.00 — — 1.00 — 1.00 1.00 1.00 1.00
Service I 1.00 1.00 1.00 030 0.30 1.00 1.00/120 — — — —
Service II 1.00 1.30 1.00 — — 1.00 — —_ = — —
Service 111 1.00 0.80 1.00 — — 1.00 — _ — = —
Fatigue—LL, IM,
and CE only — 075 - - — - — —_ - — -

Service 1I load combination corresponds to the overload provisions of the
AASHTO standard specifications. Its intent is to prevent premature yielding
of steel structures due to vehicular live load, approximately halfway between
the service I and Strength I limit states, for which wind effects are insignifi-
cant.

Service III load combination relates essentially to prestressed concrete
structures with the primary objective of crack control.

The fatigue and fracture load combination relates to gravitational vehicu-
lar live load and dynamic response. The load factor reflects a load level that
has been found to be representative of the truck population with respect to a
large number of return cycles.

TABLE 2-13  Load Factors for Permanent Loads, v, (LRFD Specifications)
Load Factor

Type of Load Maximum Minimum
DC: Component and attachments 1.25 0.90
DD: Downdrag 1.80 0.45
DW: Wearing surfaces and utilities 1.50 0.85
EA: Earth pressure 1.50 0.90
EF: Earth fill 1.35 0.90

ES: Earth surcharge 1.50 0.75
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Uplift, treated as a separate load in the AASHTO standard specifications,
becomes a Strength I load combination. When the dead load reaction is
positive but the live load causes a negative reaction, the load combination
would be 0.9DC + 0.85DW + 1.7(LL + IM). If both reactions were negative,
the load combination would be 1.25DC + 1.50DW + 1.7(LL + IM).

Vehicular Live Load The vehicular live load on bridges or incidental
structures consists of the following models and combinations thereof:
(a) design truck, (b) design tandem, and (c) design lane load. These load
models are shown in Figure 2-42. The design truck is the same as the HS 20
truck unit. The design tandem consists of a pair of 25-kip axles spaced 4 ft
apart. The design lane load is similar to the AASHTO lane load and consists
of a uniformly distributed load in the longitudinal direction of 0.64 kips/ft.
The live load is assumed to occupy 10 ft transversely.

The live load model, consisting of either a truck or tandem coincident with
a uniformly distributed large load, was developed as a notional representa-
tion of shear and moment produced by a group of vehicles routinely per-
mitted on highways by various states under grandfather exclusions to weight
limitations. These results are based on a study conducted by the Transporta-
tion Research Board (TRB) (Cohen, 1990), and the load model is called
“notional” because it is not intended to represent any particular truck.

Comparison between the force effects produced by a single exclusion truck
per lane and the new load model shows a fairly close grouping, with the
implication that the new load model has general applicability and can have a
single load factor.

Application of Design Vehicular Live Loads The effects of an axle sequence
and the lane load are superimposed in order to obtain extreme values. This is
a significant departure from the standard AASHTO approach where either
the truck or the lane load with an additional concentrated load is used for
extreme effects. The lane load is not interrupted to provide space for the axle
sequences of the design tandem or truck; interruptions are needed only for
patch loading patterns to produce extreme force effects.
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For negative moment and reaction at interior piers of continuous bridges,
the extreme force effect should be determined for the loading combination
consisting of 90 percent of the effect of two design trucks spaced a minimum
of 50 ft between the load axle of one truck and the rear axle of the other
truck, and 14 ft between the two 32-kip axles, combined with 90 percent of
the effect of the design lane load, if this gives a larger value than the live load
shown in Figure 2-42.

Axles that do not contribute to the extreme force effect should be
neglected, and the lane load should be positioned longitudinally for extreme
effect.

Fatigue Load For components other than decks, the fatigue load consists
of the design truck load but with a constant spacing of 30 ft between the
32-kip axles. The variable spacing of 14 to 30 ft may be used to simplify the
design process by reducing the number of load conditions to be considered,
but in this case the resultant stress range may be grossly overestimated.

The number of cycles of maximum stress range to be considered in fatigue
design is correlated to the ADTTy; (single-lane average daily truck traffic).
This frequency is applied to all bridge components. In the absence of more
data, the single-lane ADTT is taken as ADTTg = p X ADTT, where
ADTT = average number of trucks per day in one direction over the design
life, and p = a number depending on the number of lanes available to
trucks.

Dynamic Load Aliowance (iM) Impact coefficients reflecting dynamic
effects are based on the percentages shown in Table 2-14, and are consider-
ably higher than those stipulated by the current impact formula. This
dynamic allowance may be reduced for components other than joints and
components of the deck if the design warrants. In Table 2-14 “Components
of the Bridge Deck” include the slab or plate that directly supports the wheel
loads. “All Other Components” include the girders, beams, bearings (except
elastomeric bearings), columns, and above-ground foundations.

TABLE 2-14 Dynamic Load Allowance, Percentage IM

(LRFD Specifications)
Component M
Deck joints—all limit states 75%
Components of the bridge deck—

all limit states 50%

All other components
Fatigue and fracture
limit state 15%
All other limit states 33%
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Braking Force (BR) The braking forces are taken as 25 percent of the axie
weights of the design truck or tandem per lane placed in all design lanes
carrying traffic headed in the same direction. The braking force (longitudinal
force LF) is estimated from energy principles relating this force to vehicle
weight as

92

b= za)

(2-23)

where a = uniform deceleration, v = speed of vehicle, and b = fraction
coefficient as a function of vehicle weight. Using a = 400 ft and v = 55 mph
gives b = 0.25. Only one design truck should be considered, because other
vehicles represented by the design lane load are expected to brake out of
phase.

The same coefficient of 0.25 is obtained from (2-15) if the time is taken as
11 sec. The apparent shortcomings of (2-15) and (2-23) reflect the condition
that a minor variability in the parameters causes a marked variation in the
coefficients F and b; hence, these solutions do not represent a rational
approach to the braking force problem.

Wind Load (WL and WS) Typically, a bridge structure should be examined
separately under wind pressure from two or more different directions in
order to ascertain the combination producing the most critical wind effects.
The specifications articulate the phenomenon of aeroelastic instability, focus-
ing on bridge types and components that are likely to be wind-sensitive.

A typical effect due to wind is excitation due to vortex shedding. This is
the escape of wind-induced vortices behind the member, and tends to excite
the component at its fundamental natural frequency in harmonic motion.
Flexible bridges, such as cable-stayed, or very long spans of any type may
require special studies involving simulation of the local wind environment at
the bridge site. Vortex-induced oscillating stresses must be kept below the
“infinite life” fatigue stresses. This subject is briefly reviewed in Section 9-21.

Earthquake Effects The specifications establish provisions for bridges to
minimize their susceptibility to damage from earthquakes. The provisions
apply to slab, girder, box girder, and truss superstructures with spans up to
500 ft.

The acceleration coefficient A to be used in the application of these
provisions is determined from appropriate contour maps. Competent techni-
cal advice should be sought for sites located close to active faults. With the
coefficient A thus selected, the bridge will be assigned to one of the four
seismic zones in accordance with Table 2-15. These seismic zones reflect the
variation in seismic risk across the country and relate to different require-
ments for methods of analysis, minimum support lengths, column details, and
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TABLE 2-15 Seismic Zones (LRFD Specifications)

Acceleration Coefficient Seismic Zone
A < 0.09 1
0.09 <4 <0.19 2
0.19 <4 <0.29 3
029 <4 4

foundation design procedures. The seismic zones in Table 2-15 correspond to
the seismic performance categories A, B, C, and D, respectively, articulated
by the seismic provisions of AASHTO.

In addition, site effects should be included in the determination of seismic
loads, depending on soil conditions. Essentially, four soil profiles are intro-
duced to define the site coefficient to be used in modifying the acceleration
coefficient. These profiles represent different subsurface conditions selected
on the basis of a statistical study of spectral shapes developed on soils close
to seismic activity zones.

Methods of Structural Analysis

In general, the specifications give preference to elastic methods of analysis,
but inelastic methods are encouraged for specific cases. Inelastic redistribu-
tion of force effects in some types of structures is explicitly outlined.

Certain advantages associated with elastic analysis have been outlined in
the foregoing sections. An inherent inconsistency is that the analysis is based
on material linearity, but the resistance model may be based on inelastic
behavior for the strength limit states. This inconsistency has existed with
previous and current load factor design methods. Thus, the load factors
developed in the LRFD specifications are based on probabilistic principles
combined with analysis using linear material models.

With the advent of rapidly improving computer technology, the classical
force and displacement methods (amenable to hand calculations) can be
supplemented or replaced by finite-difference and finite-element techniques,
folded-plate methods, finite-strip methods, grillage analogy, series or other
harmonic methods, and yield line theories.

Structural Material Behavior Materials are considered to behave linearly
up to the elastic limit and inelastically thereafter. For normal beam-slab
bridges, stiffness characteristics may be based on full participation of un-
cracked concrete. For concrete and composite members, stiffness should be
consistent with the anticipated behavior and may involve cracked or un-
cracked sections. Extreme-event limit states may be accommodated in either
the elastic or the inelastic range.
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Inelastic analysis should be applied only to components that contain
materials that are truly ductile or can be made to behave in a ductile manner.
Only factored loads may be used in the elastic range, and no superposition of
force effects may be applied. The order of load application should be
consistent with the load sequence on the actual bridge.

Geometry Small-deflection theory applies where the deformation of the
structure does not result in a significant change in force effects (e.g., beam-
type bridges, trusses, and tied arches).

If the deformation of the structure resuits in a significant change in force
effects, the effects of deformation should be considered. Such structures
include suspension bridges, very flexible cable-stayed bridges, arches other
than tied arches, and some frames. In such cases, large-deflection theory (or
second-order analysis) may be necessary.

With large-deflection analysis, moment magnification is not required.
However, deformation effects increase the eccentricity of axial forces, and
the result is a loss of stiffness (an apparent softening of the member). The
axial compressive stress becomes a significant percentage of the Euler buck-
ling stress, and must be included in the analysis.

Static Analysis The influence of plan geometry is essential. When trans-
verse distortion of a superstructure is small compared to the longitudinal
deformation, it does not markedly affect the load distribution; hence, an
equivalent beam representation is appropriate. The limit of such an idealized
single beam is expressed in terms of the length-width ratio defined as the
plan aspect ratio. If this ratio exceeds 2.5, the equivalent beam is applied.

Distribution of Loads: Approximate Methods

Deck Slabs For an approximate method of analysis, the deck is subdivided
into strips perpendicular to the supporting members. This approach is
acceptable for decks other than fully filled and partially filled grids. Each
strip is loaded for extreme effect using the dual wheels of the design truck.
The strips may be treated as continuous or simply supported beams, as
appropriate. The width of equivalent strips is a function of the spacing of
supporting components, the deck depth, and the span length.

Beam-Slab Bridges Approximate methods may be used for beam-slab
bridges where (a) the width is constant, (b) the number of beams is not less
than four, (c) the slab overhang does not exceed 3 ft, and (d) the curvature in
plan satisfies certain criteria. Interestingly, results of analysis of continuous
beam-slab bridges show that the distribution coefficients for negative mo-
ments exceed those obtained for positive moments by about 10 percent. On
the other hand, the stresses near an internal bearing are reduced by the
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TABLE 2-16 Common Deck Superstructures Covered in the Approximate Method

slab, precast concrete
slab, steel grid orthotropic
steel, glued/spiked plank,
stressed wood

SUPPORTING TYPE OF DECK TYPICAL CROSS-SECTION
COMPONENTS
Steel Beam Cast-in-place concrete

b T 1

Orthotropic steel deck on

Beam

Closed Steel or Precast q
Concrete Boxes steel boxes E.D.U_D_l
Cast-in-place concrete slab
on elther steel or concrete (LY
boxes
Open Steel or Precast Cast-in-place concrete slab n n
Concrete Boxes m
(c)
Cast-in-Place Concrete Monolithic 0 i
Multi-cell Box E[:Hj
(d)
Cast-In-Place Concrete Tee | Monalithic 0 )

Precast Solid, Voided or
Cellular Concrete Boxes
with Shear Keys

Cast-In-place Concrete
Overlay

Precast Solid, Volded or
Cellular Concrete Box Is
Transverse Post-Tensloning

N/A

Precast Concrete Channel
Section with Shear Keys

Cast-In-place concrete
overlay

1l q
) () ) )} (]
[())
POST ] ot
i 0 0 [ By
(@)
1 I

(h)
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TABLE 2-16 (Continued)

SUPPORTING TYPE OF DECK TYPICAL CROSS-SECTION
COMPONENTS

Precast Concrete Double N/A -

Tee Section with Tenson ] ) L

Transverse Post-Tensloning W

()

Precast Concrete Tee N/A
Section ,{3,‘!,,_,,_ 1] _O_m
()
Pracast Concrete | or Bulb- | Cast-in-place Concrete N
Tee Sections HT_X_X_T
(k)
Wood Beams Cast-in-place concrete or q
plank, glued/spiked panels TR
or stressed wood E E E H G

fanning of the reaction force by about the same amount, so that the two tend
to cancel each other.

The approximate distribution described in this section applies to deck
cross sections that are consistent with one of the cross sections shown in
Table 2-16.

The live load distribution factor for moment is essentially the same as that
stipulated in NCHRP Project 12-26, discussed in Section 2-12, an example of
which is shown in Figure 2-41. A factor of 0.5 is applied because these loads
are per lane.

Truss and Arch Bridges For trusses analyzed as planar structures, the live
load may be obtained from the lever rule (assuming the slab acts as a simple
beam). If space analysis is used, either the lever rule or direct loading of the
deck may be used. For loads other than the dead weight of members and
wind loads theorem, the truss may be analyzed as a pin-connected assembly.

Distribution of Loads: Refined Methods Refined methods relate to the
experimentally observed response of bridges. Consideration is given to aspect
ratios of elements, positioning and number of nodes, and other features of
topology that may influence the results of the analysis. Criteria are provided
for deck slabs, beam—slab bridges, cellular and box bridges, truss bridges,
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arch bridges, cable-stayed bridges, and suspension bridges. Grid analysis
appears to be favored (see also Section 2-4) and signifies the intent to
recognize the three-dimensional effect of bridge superstructures with a
definite interconnection of longitudinal and transverse beams, cross frames,
and diaphragms. Live load forces in diaphragms should be calculated by grid
and finite-element analyses, and preferably computed by influence surfaces
analogous to the forces of the main longitudinal members. For cellular and
box beams, flexural as well as torsional effects should be considered in the
analysis. For truss bridges, load applied to the deck or floor beams, rather
than the truss joints, will yield an analysis that better quantifies out-of-plane
action.

For arch bridges, the analysis should consider rib shortening (see also
Chapter 10). A three-hinged arch is statistically determinate, so that stresses
resulting from temperature changes and rib shortening are essentially elimi-
nated. Arches fixed at the abutments have live load moments and reactions
that are smaller than those of hinged arches.

The distribution of force effects in cable-stayed bridges may be deter-
mined by spatial structural analysis or by planar analysis. These bridges
should be investigated for nonlinear effects resulting from (a) the change in
cable sag at all limit states, (b) the deflection of deck superstructure and
towers at all limit states, and (c) material nonlinearity at the extreme-event
limit states. Cable-stayed bridges should be investigated for the loss of any
one cable stay.

Distribution of Negative Moment in Beam - Slab Bridges The redistri-
bution mentioned in Article 10.48.1.3 of the AASHTO standard specifica-
tions may be considered due to the inelastic behavior of continuous
deck-beam bridges. In this case inelastic behavior due to shear or uncon-
trolled buckling is not permitted. Redistribution of flexural moments may be
considered in the longitudinal direction only. Reduction in the negative
moment over the supports should be accompanied by a commensurate
increase in the positive moment in the span.

Dynamic Analysis In general, analysis of vehicle- and wind-induced vibra-
tions is not considered in bridge design. When a vehicle crosses a bridge, the
structure is analyzed by considering static vehicle locations and applying a
dynamic load allowance to account for the dynamic response caused by the
movement. Flexible bridges, however, may be excited by live load moment
beyond the impact allowance. Flexible continuous bridges may be particularly
susceptible to vibrations and thus require analysis for moving live load.

Dynamic models should include relevant aspects of the structure and the
excitation. Relevant aspects of the.structure are the distribution of mass, the
distribution of stiffness, and damping characteristics. Relevant aspects of
excitation are the frequency of the forcing action, the duration of application,
and the direction of application.
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Inelastic dynamic response is enhanced during extreme events where
energy is dissipated by (a) elastic and inelastic deformation of a mass
colliding with the structure; (b) inelastic deformation of the bridge and its
components; (c) permanent displacements of both; and (d) inelastic deforma-
tion specially introduced. Energy absorbed by inelastic deformation may be
assumed to be concentrated in plastic hinges and yield lines. The location of
these sections may be determined by successive approximation to obtain a
lower bound solution for the energy absorbed.

For the purpose of establishing deformation limitations, sections of com-
ponents subjected to inelastic deformation should be demonstrated to have a
ductile response or should be made ductile by confinement. The analysis
should also determine that shear and bond failure do not precede the
formation of a flexural plastic mechanism. Where the geometric integrity of
the structure is disrupted by large deformations, the resulting effects should
be considered.

Analysis for Earthquake Effects Minimum analysis requirements for seis-
mic effects are stipulated in Table 2-17.

Single-span bridges and bridges in seismic zone 1 do not require seismic
analysis, regardless of their importance and geometry. These bridges may,
however, require special connections between superstructure and abutments
as well as a minimum set width.

Minimum analysis requirements for multispan bridges should be taken
from Table 2-17, where the notation is as follows:

*

SM
MM = multimode elastic method
TH = time history method

no seismic analysis required

il

i

single-mode elastic method

Essential bridges are those that must be open to emergency vehicles and

for defense-security purposes after an earthquake event. A regular bridge

TABLE 2-17 Minimum Analysis Requirements for Seismic Effects
(LRFD Specifications)

Multispan Bridges

Other Bridges Essential Bridges  Critical Bridges

Seismic
Zone Single Span  Regular Irregular Regular Irregular Regular Irregular

1 No seismic * * * * * *

2 design required SM SM SM MM MM MM
3 SM MM MM MM MM TH
4 SM MM MM MM TH TH
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has no abrupt change in stiffness or mass along its length. A curved bridge
may be considered regular if the subtended angle between abutments is less
than 60°. All other bridges are considered irregular.

Analysis by Physical Models Scale model testing may in some instances
be indicated to establish and verify structural behavior. Dimensional and
material properties as well as boundary conditions should be modeled with
sufficient accuracy. For dynamic analysis consideration must be given to
inertial scaling, load and excitation, and damping functions. Factored dead
loads should be simulated for strength limit states.

Existing bridges may be instrumented, and the results thus obtained may
be used for structural assessment in order to establish force effects.

2-14 PARALLEL GIRDER SYSTEMS

A simple interconnected system of parallel girders is the open grid shown in
Figure 2-43. For effective transfer of load, the cross girders (or diaphragms)
should be structurally continuous through the interior main girders. More
commonly, the main structure and the deck beams are integral with a
continuous deck slab. For analysis purposes, the slab may be subdivided into
(a) areas acting as upper flanges of beams and (b) strips acting as additional
transverse or longitudinal elements. Figure 2-444 shows three main girders
joined only by a slab at the upper flange level. The effective cross section of a
single girder is as shown in Figure 2-445 and includes part of the slab. The
slab may also be divided into equivalent transverse beams to form the
open-grid system shown in Figure 2-44c.

Evidently, this idealization will result in some degree of approximation if it
ignores the capacity available across the transverse cuts to transmit axial
forces, horizontal and vertical shears, and bending and twisting moments.
Unreasonable discontinuities in the stresses in the slab may result.

Alternatively, a complete girder bridge may be regarded as a stiffened
system, articulated by the typical cross sections in Figure 2-45. The case
shown in Figure 2-45b is a single multicell tubular girder. The cases shown in

/Parollel main girders

Main girders

]1/ Crossgirder
\v 1 Cress section
Support Crossgirders iSupport

FIGURE 2-43 Open-grid system.
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FIGURE 2-44 Idealization of deck slab to form equivalent open grid: (a) bridge
cross section; (b) girder cross section; (¢) equivalent open grid.
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FIGURE 2-45 Typical cross section; plain and stiffened deck systems.
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FIGURE 2-46 Typical plan geometries and continuity.
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Figures 2-45a through d may be constructed with or without cross girders or
diaphragms. The case shown in Figure 2-45¢ incorporates cross girders as an

essential part of a subdivided deck system.

The plan geometry varies within a broad range of configurations. As
shown in Figure 2-46, the basic variables are the span-width ratio (also
called the aspect ratio), the number of longitudinal girders, and the type of
transverse connection. In addition, the structure may be a simple span or
continuous. There are three primary structural combinations.
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1. Both longitudinal and transverse elements are continuous or closely
spaced, and typical cases are shown in Figures 2-46a through d. In
Figures 2-46¢ and d, the transverse system is provided only in the slab
and is distributed continuously along the length.

2. The system has only a few longitudinal members connected by a dense
(continuous or closely spaced) transverse network as shown in Figures
2-46g and h.

3. Both longitudinal and transverse systems consist of a few widely spaced
members as shown in Figures 2-46i and j.

A certain degree of idealization of the real structure is required with any
method of analysis, but as this process is formulated the results of certain
analyses may be more accurate and relevant to certain geometries. For
example, the structure mentioned previously in combination 1 may be re-
placed by an equivalent orthotropic slab; likewise, a bridge with a large
span-width ratio and a few longitudinal members adequately connected by
cross girders and diaphragms may be analyzed as an equivalent single or line
member.

The following methods of analysis are possible: (a) open-grid analysis,
(b) Guyon-Massonnet-Bares othrotropic plate theory, (c) Wagner theory,
(d) folded-plate analysis, and (e) special methods for structures with a
continuous transverse system.

A brief review of each method is provided in this section merely to
describe the underlying assumptions and the range of applicability.

Open-Grid Analysis An open grid of the type shown in Figure 2-43 may
be analyzed using relevant computer programs (Lightfoot and Sawko, 1960;
Livesley, 1964; Sawko, 1965). The most common solution is obtained by the
displacement method based on member stiffness. There are three unknown
displacements at every joint: a vertical displacement v normal to the grid and
rotations 6§, and 6, about axes lying in the grid. The grid is assumed to be a
plane and displacement in this plane is ignored (rotation 6, = 0).

In the total stiffness matrix the joint loads W, M,, and M, are expressed
in terms of the corresponding displacements using member stiffness. The
joint loads are known and appear directly in the analysis. Loads applied to a
member between joints produce fixed-end moments and reactions that ap-
pear as joint loads. Final moments in the member represent the sum of the
initial fixed-end moments and those corresponding to displacements.

The bridge may be simply supported or continuous and have any propor-
tions, but the practical number of unknowns provides a limit to the complex-
ity of the structure that can be solved. Alternatively, the grid may be solved
by the force method, forming a base structure by inserting a cut in each
transverse member. If all members have zero torsional stiffness, the only
inferior redundant forces are vertical and the number of unknowns is
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reduced considerably. Likewise, if the transverse members are torsionally
weak, the moments M, disappear.

The designer, however, is cautioned that certain difficulties may arise as
follows (O’Conner, 1971).

1. A vertical misalignment may exist between the centroidal and shear
center axes of adjacent members. This may give rise to stress components not
predicted by the grid analysis (Hondros and Marsh, 1960).

2. The members may have a finite width as in the cross section shown in
Figure 2-45d consisting of two tubular sections connected by a slab. In the
grid analysis the slab may be replaced by a set of discrete beams of equivalent
stiffness, but the length of these beams is much less than the distance
between centerlines of the main members. This difficulty may be overcome by
adjusting the member stiffness. For the example shown, the member may be
taken as having length 4D with an infinite stiffness over AB and CD.

3. The omission of torsional bending may give rise to errors, but it is the
best available approximation in a majority of cases.

4. The analysis may lead to stress distributions that are incompatible
across the deck slab, although in many bridges the slab area is sufficiently
large having a confining effect on stresses.

Orthotropic Plate Theory This analysis was developed by Guyon (1946),
expanded by Massonnet (1950) to include torsion, and further extended by
Bares (1965). The method is presented in Chapter 7.

Wagner Theory Notable applications of this theory include a single mem-
ber of open cross section (e.g., torsion of beams with open section) and single
or multicell closed tubes.

The basic assumption is that the cross section does not distort, thus
implying the presence of a closely spaced system of rigid diaphragms. For a
bridge with a high span-width ratio, this assumption is reasonable although
the structure may consist of a series of parallel members. For analysis
purposes, the complete structure is replaced by an equivalent line at the
shear center of the cross section. A load intersecting this line produces
bending only, but an eccentric loading will introduce twisting moments.

Subject to certain restrictions, the Wagner method may be used to
determine the load distribution in a parallel girder system. It offers the
advantage of incorporating the deck plate in the analysis, and may be used
for simple- as well as continuous-span bridges.

Folded-Plate Analysls This method has been used for tubular girders but
may also be applied to parallel girder systems. It divides any applied load
into Fourier components applied at the joints of the cross section. Each
component is applied separately and analyzed by folded-plate theory.
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Parallel Girder Systems

B C D E

F G H
FIGURE 2-47 Cross section of girder bridge without cross girders.

The best results are obtained with simple-span bridges without intermedi-
ate cross girders and diaphragms. The method may be made exact by
including sufficient Fourier components. Proper allowance is made for all
parts by members of the structure, and the effects of shear distortions are
included. It may be used for open or closed sections, such as those shown in
Figures 2-45¢ and d, and for all plan proportions without diaphragms, such
as those shown in Figures 2-46g and h.

For the structure shown in Figure 2-47, the lower flanges may be replaced
by concentrated areas whose stiffness against longitudinal deformation may
be readily calculated. Including the bending stiffness of the deck slab in the
analysis, the relevant displacements consist of rotations 6, at each of the five
deck points A-E, together with displacements u, v, and w at all eight points
A-H of the cross section.

Special Methods for Continuous Transverse Systems For longitudinal
girders connected either by the deck alone or by the deck in conjunction with
many closely spaced cross members, it is reasonable to replace the transverse
system by a continuous elastic connection between the main members (Hendry
and Jaeger, 1956, 1958). For the cross section shown in Figure 2-48a, the
tubular members BCGH and DEJK are linked by the slab CD without
diaphragms. If the main girders exhibit large torsional stiffness, the only
allowable relative movement is as shown in Figure 2-48b. For a unit length of
slab, it is possible to estimate the force V' required for a relative displacement
& equal to unity, based on distortion in both the slab and the girder walls.
The slab is equivalent to a spring restraint of this stiffness.

Any load applied to one girder may be regarded as the sum of the
components shown in Figure 2-48c. The symmetrical component produces
equal deflections of the girders and does not complicate the distribution
problem. For the antisymmetrical loading, the midpoint of the slab is a point
of contraflexure and does not deflect. Thus, each girder may be treated as a
beam on elastic foundation.

The analysis may be extended to include twisting of the main members
and systems consisting of more than two main members. A comprehensive
review of these methods in a simplified form is given by Bakht and Jaeger
(1985).
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FIGURE 2-48 Deck slab replaced by continuous elastic restraint: (a) cross section of
bridge without cross girders; (b) deformation; (¢) component loads.

Commentary Results obtained from the use of these methods suggests that
the most effective diaphragm or cross frame is one provided at the load itself.
Once this interaction is established, the behavior is not very sensitive to the
spacing of the remaining cross frames and diaphragms. For moving loads,
diaphragm location and spacing give rise to continuous changes in behavior.

The convenience of replacing an arbitrary longitudinal line load by a set of
harmonic components should not be underestimated. For a simply supported
girder, these components are sinusoidal. For continuous girders, they may be
taken as similar to the natural modes of vibration of the girder considered
alone (Hendry and Jaeger, 1958). If the load acting on one girder is replaced
by a series of harmonics, the share of this load taken by adjoining girders
tends to be dominated by the lower order of harmonics, and it is often
reasonable to approximate the share by the first harmonic alone. The net
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load in the loaded girder is then found by subtracting the share on all other
girders from the total load.

A useful review of the literature on grillages and stiffened plates is given
by Kerfoot and Ostapenko (1967). For a slab on flexible beams, most useful
data are provided by Newmark (1938). The case of hollow-slab bridges
formed by precast concrete box girders joined by a shear key and transverse
ties represents a popular bridge type (Cusens and Pama, 1965; Nasser, 1965;
Pool, Arya, Robinson, and Khachaturian, 1965).

The popularity of composite bridges relates to the efficiency of incorporat-
ing the floor slab as part of the upper flange of the main and secondary
girders. The phenomenon known as shear lag is customarily dealt with by
replacing the wide flange by an imaginary uniformly stressed flange having a
reduced width, called the effective width.

2-15 STRUT-AND-TIE MODEL

These are conceptual models used to proportion reinforcement and concrete
sections in regions of concentrated loads and supports, and by extension in
areas of geometric discontinuitiecs. Where conventional methods are not
adequate because of nonlinear strain distribution, the strut-and-tie model
can provide an acceptable solution in approximating load paths and force
effects. This model is fairly new, and is included in the LRFD specifications.

Strut-and-tie models should be considered in the design of deep footings
and pile caps where the distance between the applied load and the support-
ing reactions is less than about twice the member thickness.

Conventional section-by-section design assumes that the steel reinforce-
ment depends on the calculated values of V,, M, T, and N, (factored shear
force, bending moment, torsion, and axial load), and is not related to the
support details or to the manner in which the force effects are applied. The
conventional design also assumes that the shear flow remains constant and
that the longitudinal strains will vary linearly over the depth of the beam.
However, for members such as the beam shown in Figure 2-49, these
assumptions are not valid because the shear stresses on a section just to the
right of support 4 will be concentrated near the bottom face. The behavior
of a component such as this deep beam can be better predicted if the flow of
forces through the complete structure is considered. This means a study of
the flow of compressive stresses going from load P to supports A and B
together with the required tension force to be developed between these
supports.

In cracked reinforced concrete, the load is essentially carried by compres-
sive stresses in the concrete and tensile stresses in the reinforcement. After
significant cracking, the principal compressive stress trajectories in the con-
crete approach straight lines and can be represented by straight compressive
struts. Tension ties are used to model the main reinforcement. For the
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FIGURE 2-49 Strut-and-tie truss model for a deep beam.

strut-and-tie truss model shown in Figure 2-49, compressive struts represent
the zones of high unidirectional compressive stress in the concrete. Regions
subjected to multidirectional stresses (where the struts and ties meet the
joints of the truss) are represented by nodal zones.

The LRFD specifications discussed in Section 2-13 consider strut-and-tie
models a viable design option. These specifications include provisions for (a)
structural optimization considering the factored resistance of struts and ties;
(b) proportioning of compressive struts; (c) proportioning of tension ties; (d)
proportioning of node regions; and (e) crack control reinforcement. The last
provision is intended to control the width of cracks and to ensure a minimum
ductility for the member in order to enhance the redistribution of internal
stresses if necessary.
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CHAPTER 3

REINFORCED CONCRETE BRIDGES

3-1 CHARACTERISTICS OF REINFORCED CONCRETE

Basic Considerations

The use of reinforced concrete for bridge construction goes back to the turn
of the century. In 1901 Maillart built a three-hinged box section with solid
spandrels over the Rhine River at Tavanas, Switzerland, which became the
prototype for similar structures in the next 40 years (Heins and Lawrie, 1984),
Since then, this material has become universally accepted for bridge work in
a variety of dominant structural forms. The range of applications covers
all-concrete structures and noble combinations of concrete decks supported
on steel beams or girders. The broad acceptability of reinforced concrete is
related to the availability of structural materials such as reinforcing bars and
the constituents of concrete: sand, gravel, and cement. The choice is en-
hanced by the relative simple skills required at the site. Reinforced concrete
bridges may be composed of cast-in-place concrete formed and cast in its
final location, or they may include elements of precast prestressed concrete
produced under factory conditions and subsequently erected at the construc-
tion site,

Concrete is strong in compression but weak in tension. As a result, cracks
develop when the applied loads or restrained temperature and shrinkage
changes introduce tensile stresses exceeding the tensile strength of concrete.
Steel reinforcing bars are commonly embedded in concrete to develop the
tension forces necessary for moment equilibrium after the concrete has
cracked. In addition, concrete members are proportioned for adequate
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strength and stiffness to prevent unwarranted deformations and excessive
deflections. Constructability is also a factor to be considered.

Factors Affecting Choice of Concrete

The choice of reinforced concrete in lieu of other structural forms is based
on the following considerations.

Economy and Suitability of Materials Frequently, the choice is dictated
by economy, expressed in terms of the total cost including materials, labor,
and maintenance. Long-term economy depends on durability and mainte-
nance cost, and concrete inherently requires less maintenance than its steel
or timber counterpart. This is particularly true if dense, air-entrained con-
crete has been used for exposed surfaces, and adequate drainage is provided.
However, special precautions are necessary for concrete exposed to salts such
as deicing chemicals.

Structural Stability Concrete is placed in a plastic condition providing the
opportunity to obtain the desired shape by proper choice of forms and
finishing techniques. The associated structural shapes include flat slabs,
beams, T sections, hollow sections, and configurations that are stable and
satisfy the design. The stiffness and mass of concrete add rigidity to a bridge
structure.

Availability of Materials Sand, gravel, cement, and concrete-mixing facili-
ties are usually available for in situ delivery or preparation of fresh concrete,
and reinforcing bars are readily transported to most job sites. As a result, the
choice is particularly favored in remote areas.

However, certain considerations tend to inhibit the use of reinforced
concrete, and these include the following.

Low Tensile Strength This does not deter the use of concrete because
steel reinforcement is commonly used to carry the tensile stresses and limit
the crack width. Nevertheless, in certain cases these cracks may enhance
water penetration together with deicing salts, accelerating the deterioration
of concrete.

Forms and Shoring The construction of reinforced concrete bridges usu-
ally requires three operations: (a) the erection of forms, (b) stripping and
removal of these forms, and (c) propping or shoring of new concrete to
support its weight until proper strength is attained.

Relative Strength per Unit Weight or Volume Because the compressive
strength of concrete is a fraction (5-10 percent) of the steel strength whereas
its unit density is higher than the unit density of steel, a concrete structure
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needs much larger volume and greater weight for the same loading. As a
result, longer spans are built more economically using steel.

Time-Dependent Volume Changes Both steel and concrete undergo
about the same thermal expansion and contraction. Steel, however, releases a
lesser mass of material to be heated and cooled, and also is a better
conductor than concrete; hence, a steel bridge is affected by temperature
changes differently than concrete. The latter undergoes drying shrinkage
that, if restrained, can cause deflections or cracking. Deflections tend to
increase with time due to creep of concrete under sustained loads.

Strength and Design Criteria

Compressive and Tensile Strength The compressive strength of con-
crete, designated as f/, represents the 28-day strength determined from a
6-in. round cylinder 12 in. long. For a maximum usable compressive strain of
0.003 in. /in., the specified concrete strength can vary from 3000 to 11,000 psi.
Conventional reinforced concrete bridges usually specify 3000 to 4000 psi,
prestressed concrete 5000 to 6000 psi, and special structures 6000 to 11,000
psi.

The tensile strength is essential because it affects the extent and frequency
of cracking; it is determined by split cylinder tests in which the cylinders are
compressed when positioned on their sides.

Steel reinforcement can consist of bars, wire fabric, or wires. However,
only deformed steel bars are considered, normally grade 40 or 60 (f, = 40,000
or 60,000 psi).

Allowable Stresses: Service Load Design For flexure, the allowable
extreme fiber stress in compression for the concrete is f. = 0.40f.. For
fi = 3500 psi, f, = 1400 psi. Likewise, the extreme concrete fiber stress in
tension is f, = 0.21f,, where f, is the modulus of rupture determined as
specified by AASHTO. For grade 60 reinforcement, the allowable tensile
stress in the steel is f, = 24,000 psi.

Elasticity, Creep, and Shrinkage The modulus of elasticity of concrete is
a function of its compressive strength. A plot of a typical stress—strain curve
yields three tangent lines: an initial modulus (slope at origin), a tangent
modulus (slope at stress 0.5f.), and a secant modulus (slope from origin to
0.5f!). According to AASHTO, the modulus of elasticity is E, = w1'533\/f7c'
(in psi), and for normal-weight concrete (w, = 145 pcf), E, = 57,000,/f! . The
modulus of elasticity of non-prestressed steel reinforcement is taken as
E, = 29,000,000 psi.

Creep and shrinkage are time-dependent deformations and must be in-
cluded in the design. The response of concrete to creep can be related to the
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initial elastic deformation or strain. In this case the creep coefficient is

Creep strain

(3-1)

* " Initial elastic strain

AASHTO incorporates the effects of creep by multiplying by the factor

A,
[2 - 1.2(;1—” > 0.6 (3-2)

N

where A, = area of compressive reinforcement
A, = area of tension reinforcement

Shrinkage is defined as the volume change in the concrete with time.
According to AASHTO, the shrinkage strain is 200 X 107 in./in. (shrin-
kage coefficient of 0.0002).

Thermal Expansion and Contraction Provisions for temperature changes
must be made for simple spans exceeding 40 ft. In continuous bridges, the
design should consider thermal stresses, or provisions should be made for
movement caused by temperature changes. For normal-weight concrete, the
thermal coefficient is 0.000006 per degree Fahrenheit (0.0000108 per degree
Celsius).

Criteria for Load Factor Design: Standard Specifications (AASHTO)

Essentially, the criteria for load factor design involve factoring the design
loads (dead and live) and then comparing the results with the factored
nominal strength. This is expressed in the form

Pu = V[BD(DL) + ﬁL(LL + I)] < ud)Rn (3-3)

where v = load factor
B = coefficient as per AASHTO

DL, LL + I = dead load, live load plus impact, respectively
P, = required strength of concrete section,
¢ R, = factored nominal strength

The factors vy, B are specified according to the loading combinations (see also
Chapter 2). The factored nominal strength of the section is determined as
illustrated in the following sections.
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3-2 TYPES OF REINFORCED CONCRETE BRIDGES

In general, a reinforced concrete bridge structure may consist of deck slabs,
T beams (deck girders), through and box girders, rigid frames, and flat slab
types. Combinations of these with precasting or prestressing produce addi-
tional structural forms and enhance bridge versatility. Typical examples of
concrete bridge superstructures are shown in Figures 3-1 and 3-2.

A major advantage in the use of concrete is the broad variety of structural
shapes and forms. In the selection of the proper type of bridge, however, cost
is usually the determining criterion. Occasionally, the selection is complicated
by factors such as the ratio of dead to live load, appearance, depth con-
straints and available headroom, limited construction time, labor costs, and
difficulties in formwork because of the support height or because of traffic
maintenance requirements during construction. In this case steel bridges may
be more cost-effective.

Uniform thickness

OOO0O000

Voided slab

U U

Concrete T —beam

N

Concrete 'box girder

FIGURE 3-1 Typical types of concrete superstructures. (From Heins and Lawrie ,
1984.)
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Spread box Channel

Box Slab

AASHO —-PCI

Types 1—4 O O O Voided slab

AASHO —PCI Box
Types 5—6

Tee ‘ l‘ ’ Double box

Composite sections Noncomposite sections

FIGURE 3-2 Typical concrete sections (precast and prestressed) used in bridge
superstructures. (From Heins and Lawrie, 1984.)

For single-span bridges, suitable structure types include (a) simply sup-
ported deck or through girders; (b) right-angle rigid frames; (c) right-angle
frames with concealed cantilevers with or without counterweights; (d) simply
supported girders with concealed cantilevers with or without counterweights;
and (e) two short concealed spans, each on either side of the opening,
provided with a cantilever extending into the opening and supporting a short
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center span. The simply supported structure in category (a) is statically
determinate and simple in design, but has a higher cost. When unyielding
foundations are feasible, the rigid frames in types (b) and (c) provide more
economical solutions. Girders with cantilevers as in types (d) and (e) should
be considered for longer spans where small girder depth must be maintained.

For bridges with several spans, feasible arrangements include (a) simply
supported girder spans in a series, (b) a combination of girders with can-
tilevers and short spans between these cantilevers, (c) continuous girders on
independent supports, and (d) multispan rigid frames with rigidly connected
elements. This range, therefore, covers statically determinate and indetermi-
nate systems. Ordinarily, the overall bridge cost is higher for simple spans
and lower for rigid frames. This suggests that the former should be used at
sites where reasonably unyielding foundations are not attainable. Where
heavy piers are required as in river crossings, or where the structure is to be
supported on existing piers, type (c) with continuous spans is suitable.

A rigid connection between heavy piers and a flexible superstructure is
incompatible with structural theory, and should not be attempted. Likewise,
the rigid frame in type (d) is feasible where the elasticity of the vertical
supports and the superstructure is compatible. In types (b) and (c), the
advantages of introducing cantilevers in the end spans should be analyzed
because this may reduce the cost of abutments.

3-3 SLAB BRIDGES: SIMPLE SPANS

Slab bridges normally require more concrete and reinforcing steel than girder
bridges of the same span, but the formwork is simpler and less expensive;
hence, they are more economical when these cost factors balance favorably.
In the United States, the cost of formwork is high compared to the cost of
materials, and slab bridges have been found economical for spans up to 30 ft
(9 m). In Europe, the relatively low cost of formwork favors other types of
concrete bridges, and simply supported slabs are seldom used for spans
greater than 18 ft. The small overall superstructure depth in slab bridges is a
favorable factor at grade separations.

Structural Configurations Various types of slab bridges designed and
built before World War II have the cross sections shown in Figure 3-3. In
these examples, the slab is bordered along both sides by curbs either forming
an integral part or poured separately after the slab had cured and the forms
removed. Sidewalks, when used, were supported on thinner slabs and sepa-
rated from the main roadway slab by longitudinal joints, or the slab was
poured as shown in Figure 3-3b. In other examples, the sidewalk was
cantilevered as shown in Figure 3-3e.

Slab bridges designed according to current AASHTO standards must be
provided with an edge beam if the main reinforcement is parallel to traffic.
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FIGURE 3-3 Typical cross sections of slab bridges designed and built before World

War II. (From Taylor, Thomson, and Smulski, 1939.)

This beam may consist of an additionally reinforced slab section, a beam
integral with but deeper than the slab, or an integral reinforced section of

slab and curb.

Distribution of Concentrated Loads A concentrated (wheel) load placed
on a wide slab is distributed laterally over a width of slab appreciably greater



SLAB BRIDGES: SIMPLE SPANS 155

P P 2P P
7! 3.50 1
A B A '[ B
3
[0} 0O D
Span Span
Ry Rg R
(a) Ra ®) B

FIGURE 3-4 Concentrated live loads and position for maximum moment in simple
span.

than the width of the contact area of the load with the slab (see also Chapter
2). Field tests show that in a slab loaded with a concentrated load the
deflection and stresses are greater directly under the load, and decrease
gradually, diminishing to zero at some distance from the load. In practice,
this condition is approximated by assuming a uniform transverse distribution
over a smaller width. According to AASHTO, the distribution width is
E =4 + 0.06S (maximum 7.0 ft), where S is the design span. This value of E
is for wheel load, whereas lane loads are distributed over a width of 2E.
Longitudinally reinforced slabs are designed for the appropriate HS loading.

Likewise, edge beams must be provided with main reinforcement parallel
to traffic (longitudinal). According to AASHTO, edge beams must resist a
live load moment M|, = 0.10PS, where P is the wheel load and § is the
design span (see also Chapter 2).

Maximum Live Load Moments For a typical HS truck loading, the maxi-
mum live load moment in simple spans is produced by the loading position
shown in Figure 3-4. The single concentrated load at the center O of the
span controls for spans up to 24 ft, and in this case the maximum live load
moment is equal to PS/4 at the center O. For spans greater than 24 ft, the
double load placed as shown in Figure 3-4b governs. In this case the bending
moment under load P at point D reaches a maximum value when the
bisector of the distance between that load and the resultant 2P is at the
center O of the span. This is valid for spans up to about 35 ft.

The maximum moments, shears, and reactions for simple spans can be
found directly by reference to AASHTO tables. These values are for one

lane.

Design for Skew Crossings Where the skew angle is relatively small,
a slab is normally designed for main reinforcement parallel to traffic, and
the design span is the distance along the centerline of the roadway. When
the skew angle is large or the roadway is wide in relation to the span,
the structure may be designed to span the direct angle distance between
supports. The triangular portion of the slab at each side now has no support
along its edge, and should therefore be supported by an edge beam or a
parapet girder extended above the roadway to obtain sufficient depth.
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Example of Slab Design The design of a simply supported slab bridge will
be illustrated in a typical example. The clear span is 25 ft, and the live load is
HS 20-44. The supports are assumed to be 1 ft wide, so that the design span
length S (distance between centers of supports) is 26 ft. The dead load is the
weight of the slab plus 25 Ib/ft? for future wearing surface. If a railing is
placed after the slab has cured, its weight may be assumed uniformly
distributed across the entire width of the slab.
Strength parameters and allowable stress are as follows:

fi = 3500 psi f. = 0.4 x 3500 = 1400 psi
f, = 60,000 psi f, = 24,000 psi
E, = 57,000¥3500 = 3,370,000 psi E_ = 29,000,000 psi

n=9

Using the working stress method, we compute & = 0.34, j = 0.89, K = 211,
and a = 1.78.

The distribution of wheel load E = 4 + 0.065 = 5.56 ft. The live load
moment for one lane is found from AASHTO tables, or M,; = 222 ft-kips
for the truck load position shown in Figure 3-4b. The impact factor is
estimated as 1 = 50/(26 + 125) = 33 percent (use 30 percent). The live load
plus impact moment is (per foot-width of slab)

222
M= ﬁx—i X 1.30 = 20.0 X 1.30 = 26.0 ft-kips

Next, we assume a slab thickness of 18 in., producing a slab dead weight of
1.50 x 0.15 = 0.225 ksf. Including the future wearing surface, the total dead
load is w = 0.25 ksf, producing a dead load moment of

262 )
My =025 X% ry = 21.1 ft-kips
The total moment is

M =26.0 + 21.1 = 47.1 ft-kips

With the foregoing data, we can now estimate the minimum effective
thickness d and the area of steel A, per foot-width of slab. Thus,

" 47.1 5
min = m = m.

For a selected slab thickness of 18 in. and using 1 in. cover for bottom
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FIGURE 3-5 Typical cross section of a slab bridge: (left half) simple spans or
midspan of continuous spans; (right half) near pier of continuous spans.

reinforcement, d = 16.5 in., OK. Likewise, we compute

47.1

A - —"  —16in2
T Tesx1mg Lo/t

Use #9 at 7.5-in. centers or #8 at 6-in. centers.

Distribution reinforcement is provided as per AASHTO. The required
steel is 100/ VS = 20 percent of the main reinforcement or 0.20 X 1.6 = 0.32
in. /ft, which is provided by #5 bars at 12-in. centers. Temperature reinforce-
ment will be provided in the top of the slab in both the lateral and
longitudinal directions. This reinforcement is #5 bars at 18-in. centers.

A typical cross section is shown in the left half of Figure 3-5. The parapet
section above the construction joint is usually built after the slab and curbs
are cast; hence, it represents a superimposed dead load. This parapet is
provided with open joints spaced at 14- to 20-ft centers. When the super-
structure width exceeds 45 ft fascia-to-fascia, it is good practice to split the
deck using a 1-in. open joint as shown in the detail, and design it for a 3-ft
wheel load distribution. Most state standards specify epoxy-coated bars for
reinforcement exposed to deicing chemicals and salts.

The edge beam consists of a portion of the slab together with the curb
section, and is approximated as a rectangle 1 ft 7 in. wide and 2 ft 6 in. high.
Its weight is 1.58 X 2.50 X 0.15 = 0.590 ksf (use 0.6 ksf). This produces a
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dead load moment of

2
My =06 X 5 = 50.7 ft-kips
Likewise, we compute the live load plus impact moment as

My, ., =0.10 X 16 X 26 X 1.3 = 54.1 ft-kips

The total moment is

M = 50.7 + 54.1 = 104.8 ft-kips

/ 104.8
ind =1 ———— =17.7in. ided 28.0 in.,
min d 0211 X 158 17.7 in provided 28.0 in OK

The tension reinforcement for the edge beam is

104.8 104.8

= = =2.10in.? th
A, 178 X 28 298 10 in use three #8

Although compression steel is not required in this example, the standard of
Figure 3-5 shows three #8 bars in the top of the curb.

Shear (diagonal tension) and bond stress in slabs designed for bending
moment according to the foregoing method should be considered satisfac-
tory. However, we will check the maximum shear stress according to
AASHTO. From tables, the maximum end shear is 46.8 kips for one lane.
The shear per foot-width of slab is

46.8 ,
VLL+1 = ﬁ X 1.3 =15.50 klpS

Likewise,

VoL =025 X 13 = 3_§ kips
Total = 8.75 kips

The maximum shear stress is
v =8750/(12 X 16.5) = 44.2 psi
and the allowable shear is
vy = 0.95{/f, = 56 psi OK

In the foregoing example, the distribution E is independent of the bridge
width and the number of traffic lanes, that is, the design ignores the
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length—width ratio. The slab will be checked now using a bridge width
W = 27 ft and a wheel load distribution according to NCHRP Project 12-26.

For main reinforcement parallel to traffic, the distribution width E is
(3.5 + 0.06y/L,W, ), where L, = S =26 ft and W, = W = 27 ft. Then E =
3.5 + 1.6 = 5.10 ft, compared to E = 5.56 ft. The difference, due partly to
the change in the fixed coefficient and partly to the span-width ratio effect, is
relatively small yet sufficient to warrant a corresponding change in the
reinforcement requirements.

3-4 SLAB BRIDGES: CONTINUOUS SPANS

Characteristics

Where reasonably unyielding foundations can be provided, a superstructure
consisting of a continuous slab that extends over several supports may be
more economical. Continuous concrete bridges in units of three, four, or five
spans are adaptable to most stream crossings and grade separations. The
substructure usually consists of concrete pile or frame bents. For long spans
(probably up to 125 ft), the continuous T girder offers obvious economy,
whereas the continuous slab presents advantages for spans less than 35 ft.
For spans exceeding the range of solid-web T girders, the continuous
hollow-girder bridge is most suitable and economical. Because continuous-
girder bridges are ideally proportioned when the interior-end span ratio is
between 1.3 and 1.4 (for loadings and unit stresses commonly used in
practice), this bridge type is more satisfactory than a series of simple spans
especially when the piers can be placed on the stream bank or outside the
main channel for stream crossings, and at the sides of the roadway for grade
separations.

In general, continuous bridges require single bearings at interior supports,
thus reducing the width of the pier cap. The continuity also implies fewer
expansion joints. With longer spans, the depth of sections follows closely the
bending moment variation, from a minimum at the center to a maximum at
the supports. The effect of dead load on the design is reduced accordingly.
Reduction in deck depth, particularly at midspan, imparts to the continuous
bridge economic and esthetic advantages. The longer interior spans, neces-
sary for structural reasons, are combined with the haunched soffits and
improve the appearance of the bridge.

Slab Bridges The choice between a continuous slab and a continuous
girder depends on the span lengths as well as on the available clearance.
When the headroom is restricted, or where the length and height of the
approaches are related to the depth of the bridge structure, a continuous slab
results in a lower profile. Concrete bridges have been built with spans up to
70 ft and slab-span ratios of 1/32.
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Continuous slabs have the following advantages: (a) nominal superstruc-
ture depth, improving the alignment of the approaches; (b) simplified layout
of reinforcement in both the top and the bottom, implied by the absence of
stirrups; (c) a workable formwork and a smaller area of exposed concrete
surface, resulting in a lower cost of surface finish; and (d) better distribution
of live loads laterally and longitudinally, resulting in fewer critical sections in
the design. Slab bridges have, however, certain disadvantages articulated
mainly in the higher cost of materials and the associated greater dead loads
in comparison with girder bridges.

Example of Bridge Layout

It is necessary to lay out a highway bridge over a small stream for which the
site conditions are as follows.

Waterway area required 630 ft.?
Depth of flow at high water 9 ft.
. Stream cross-sectional profile as shown in Figure 3-6.

The stream is not subject to severe floods and carries only a small
amount of drift.

BN e

. Subsoil conditions permit pile driving.
Floodplain extends 120 ft west of centerline of channel.

7. Fill at point 60 ft west of centerline of channel is 7 ft above original
ground line, and 3 ft at point 40 ft east of centerline.

8. A crossroad is located 70 ft east of centerline of channel.
9. The required clearance above high water is estimated as 18 in.

Q\LII

These conditions are satisfied by a three-span continuous-slab bridge with
uniform slab depth, having spans 33, 43, and 27 ft as shown. The superstruc-
ture consists of pile bents, and a 4-in. slope protection wall is provided at
abutment bent 1.
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FIGURE 3-6 Three-span unsymmetrical continuous-slab bridge over a small stream,;
general bridge layout.
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This layout accommodates 650 ft? of waterway, and the subsoil conditions
combined with the absence of floods make concrete pile bents a logical
choice for the substructure. Preliminary comparative estimates indicate a 25
percent cost reduction over that of a single span of shorter length with closed
abutments on foundation piles. The location of the crossroad fixes the
location of bent 4 in order to allow room for turnout. Note that bents 2 and 3
are shifted 3 ft east of the position that would give a symmetrical layout in
order to place bent 3 at a compatible location with reference to the stream
bank. The deck slab is made a constant depth because no appreciable savings
can be realized by introducing a slab of variable depth.

With the foregoing layout, the floodplain is confined to the minimum that
satisfies the design requirements, and additional channel excavation is not
required. The 4-in. slope protection at open bent 1 will prevent erosion of fill
that might occur because of flow restrictions at flood stage. Backfill A should
be firmly compacted, and the slope wall placed before the deck is con-
structed.

Design Procedure for Continuous Slabs

Depth Ratio 1t is not necessary to define numerically the depth of the slab
at the various critical sections; however, the ratio r of increase in depth at
the supports to the depth at the center of the spans can be assumed. Actual
dimensions can be finalized later by simple calculations.

Where pier and abutment location is not fixed by physical factors and
geometric requirements, structural economy and optimization will dictate the
ratio of interior to end spans. Thus, for end spans up to 35 ft, this ratio is
usually 1.26; for end spans of 35 to 50 ft, the optimum ratio is 1.30. Based on
these limits, the parameter r is taken as zero (constant slab depth) for end
spans up to 35 ft. For end spans of 35 to 50 ft, » can be assumed to be 0 to
0.4 at the outer end of the end spans, 0.4 at the first interior support, and 0.5
at all other interior supports. In practice, it is economical to use r = 0 at the
outer end of the end spans regardless of length. Where two or more units of
several continuous spans are used, the converging free ends are usually
haunched for appearance (see also the example of Section 11-9).

Live Load Support Moments Live load moments at interior supports due
to a unit load in any position in the various spans can be obtained with the
use of influence lines drawn for the correct distribution and carry-over
factors, and in this respect reference to Table 2-2 is useful. For the usual HS
truck load, the variable axle spacing V' may be chosen within the indicated
range (14-30 ft), so that one concentrated load can be placed on each span
on either side of the support to produce maximum negative moment.

Live Load Moments in Spans Likewise, maximum live load moments in
spans for truck loading are computed from influence lines for the points
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indicated in Table 2-1. The exact location of maximum combined dead and
live load positive moment in the end spans is usually determined by trial, so
that live load moments at several sections near the anticipated critical area
must be computed and then combined with the dead load moments.

For certain span lengths, the critical position of loading may cause one
wheel load of the standard truck to be off the structure while the other is on,
or may result in a wheel load on an adjoining span not normally loaded for
maximum moment at the particular section under consideration.

Dead Load Moments Dead load moments are commonly computed at the
same critical points as live load moments. This may involve moment distribu-
tion or direct reference to tables. Where the analysis involves uniform and
haunch loads, the fixed-end moments must be adjusted accordingly.

Depth of Slab at Center of Span A trial value for the depth at the center
of the span, h_, can now be assumed. For the stresses and strength specified
in Section 3-1, A, will be about 1,/28 to 1/32 of the length of the longest
intermediate span, and slightly smaller for haunched slabs. If the slab is
haunched, the depth at the supports will be 4 .(1 + r). Once the slab depth
has been tentatively selected, dead load moments are checked and adjusted if
necessary.

Maximum Moment Curves Curves of maximum moments can be drawn in
several simple steps. First, we locate closely the points of maximum positive
moment in the end spans; then we find the maximum and negative moments
at the 0.7 point of the end spans and at the 0.2 and 0.8 or 0.3 and 0.7 points
of the intermediate spans. These, in addition to the maximum span and
support moments, enable us to draw moment curves that are sufficiently
accurate for design purposes by passing parabolas through the points of
positive moments and straight lines through the points of negative moments.

Shear Normally, a slab thickness that satisfies the moment requirements
should be adequate for shear. If the slab thickness at the supports is not
adequate, it should be increased accordingly.

Example of Continuous-Slab Bridge

Figure 3-7 shows a three-span simply supported continuous-slab bridge, with
a span ratio of 44 /34 = 1.294 (for design purposes we will use 1.3). The
design live load is HS 20, and the dead load includes an allowance of 25

a B C
FIGURE 3-7 Three-span continuous-slab I 34 44 I 34"
bridge; span lengths and simple supports.
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Ib/ft? for future wearing surface. Strength parameters and allowable stresses
are as in the example of Section 3-3.
The distribution E of wheel load is as follows:

Spans AB and CD E=4+0.06 X34 =06.04ft
Span BC E =4+ 0.06X44 = 6.64 ft

The procedure outlined in the foregoing sections should normally be used,
but for simplicity we will limit the calculations to the following: (a) estimation
of support moments, (b) estimation of span moments, and (c) shear at
supports. The impact coefficient for moments is estimated at 30 percent.
Assuming a slab thickness (uniform) of 21 in., the total dead load weight (slab
plus wearing surface) is w = 0.29 ksf.

Moments in Span AB (End Span) Figure 3-8a shows the truck load
position that produces maximum positive live load moment in span AB
(point 0.4). This usually involves a previous trial whereby the two wheel loads
are moved along the span and the moments estimated at critical positions.
Note that the actual distance between points 0.4 and 0.8 is 4 X 3.4 = 13.6 ft,
or roughly the minimum distance V stipulated for wheel loads. Next, the live
load moment is obtained readily with the use of influence line coefficients
(AISC, 1966). For this span, the wheel load distribution is 16/6.04 = 2.65
kips per foot-width of slab. The live load plus impact moment is now

16k 16k
14!
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ax 16% 16k
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FIGURE 3-8 Position of live load for maximum moments; bridge of Figure 3-7.
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M ., =2.65X 34 x (0.2082 + 0.0500) X 1.3 = 30.3 ft-kips

The dead load moment is computed from appropriate formulas for N = 1.3
(ratio of center to end span) as

My, = 0.0664 X 0.29 X 34% = 22.2 ft-kips

Note that the maximum dead load moment in span AB occurs at point 0.36,
slightly different from point 0.4 used for live load moments. The total
maximum positive moment in span 4B is now

M,z =303 + 222 = 52.5 ft-kips

Moments in Span BC (Center Span) The maximum live load moment is
obtained by placing the truck load as shown in Figure 3-8b. For this position
the maximum moment occurs at point 0.5. The front wheel load is just to the
left of point 0.2, and the rear axle is just to the right of point 0.8. The wheel
load distribution is as follows: front wheel, 4/6.64 = 0.60; middle and rear
wheels, 16/6.64 = 2.41 kips per foot-width of slab.

Again, with the use of influence line coefficients, we obtain

M, ., =10.60 X 34 x 0.055 + 2.41 X 34 X (0.2176 + 0.0550)] x 1.30
= 30.5 ft-kips
The dead load moment is
My, = 0.0758 X 0.29 x 34% = 25.4 ft-kips
so that the total maximum moment (positive) in span BC is
My = 30.5 + 254 = 55.9 ft-kips

Moments at Interior Supports B and C Both truck and lane loading will
be considered. For truck loading, the position that produces maximum
negative moment at interior support B is shown in Figure 3-8¢, and the front
wheel load is just to the right of point 0.6 in span BC. The moment
contribution is derived as follows:

Load in span AB, M = 2.65 X 0.0907 x 34 = 8.2 ft-kips
Load in span BC, M = 2.41 X 0.1154 X 34 + 0.60 X 0.065 X 34 = _1_% ft-kips
Total My = —19.0 ft-kips

The lane loading specified by AASHTO will be distributed over a width
2E, in this case the average value of (6.04 + 6.64)/2 = 6.34 ft. Thus, the lane
load acting on a foot-width of slab is 18/6.34 x 2 = 1.42 kips concentrated
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load, and 0.640,/12.68 = 0.05 kip /ft uniform load. Maximum negative mo-
ment due to lane loading is obtained by placing two concentrated loads, one
in each span AB and BC, and by loading spans AB and BC with the
uniform lane loading. This moment is

1.42 X 34 x (0.0907 + 0.1154) + 0.05 X 34% x 0.1522
= —18.8 ft-kips

MLL

almost the same as the truck load moment. Therefore, the total live load plus
impact moment at the support is

My ., =19 X 1.3 = —24.7 ft-kips

The dead load moment is
Mp, = —0.1355 X 0.29 X 34? = —45.3 ft-kips

and the total maximum negative moment at support B is
My = —(24.7 + 45.3) = —70.0 ft-kips

Slab Thickness With the foregoing data, we can now estimate the mini-
mum effective slab thickness d. Thus,

70
mind = /) —— = 18.2in.
0.211

For the selected slab thickness of 21 in. and using 2 in. cover for the top
reinforcement, d = 18.4 in., OK.

Reinforcement The required reinforcement for the negative and positive
moments is now estimated for the three critical locations.
At the interior supports, the required steel at the top of the slab is
70 70
A.S‘ = =
184 x 1.78 32.8
Use #9at5.5in. A, = 2.18in.2/ft

= 2.13in.2/ft

In end spans AB and CD, the required steel at the bottom of the slab is

52.5 52.5
194 x1.78 345
Use #8at6in. A, = 1.58 in.2/ft

= 1.52 in.2/ft
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In center span BC, the required steel at the bottom of the slab is

A 59 1.62in.2 /1t
T o3p5 Loz

Use #8 at 5.5 in. A, =1.72in.2/ft

Distribution reinforcement in the bottom of the slab transverse to the
main reinforcement is intended to ensure the lateral distribution of concen-
trated live loads. According to AASHTO, the required steel is as follows:
For span AB the distribution reinforcement is 100/ V34 = 17 percent, or
0.17 X 1.52 = 0.26 in.2/ft. For span BC the distribution reinforcement is
100/ V44 = 15 percent, or 0.15 X 1.62 = 0.24 in.2/ft, which is provided by
#5 bars at 15-in. centers.

A typical cross section showing details of the reinforcement is shown in
Figure 3-5. The left half represents a section near the midspan, and the right
half shows a section near the interior supports.

3-5 DECK GIRDER BRIDGES

Deck girder bridges are divided into three main types according to the
interaction between the girder and slab. Thus, we distinguish (a) girder-and-
slab systems, where the slab spans transversely between longitudinal girders
as in steel beam design, providing a typical T-beam action; (b) girder, floor
beam, and one-way slab, where the slab is supported by floor beams spanning
two or more longitudinal girders; and (c) girder, floor beam, and two-way slab
supported along the four edges. The last type is the most complex in
technical terms, but it may yield overall economy.

Girder-and-Slab Bridge (T Beams)

Several deck sections of T-beam superstructures are shown in Figure 3-9,
built mainly during the 1920s and 1930s. Because the current intent of
applicable specifications and standards is to make the exterior girders of a
capacity not less than that of the interior girders, the usual practice is to
cantilever the projecting section of the slab so as to equalize the combined
loading on all girders. In the simple cross section in Figure 3-9¢, the exterior
girders appearing in elevation view conceal the superstructure and produce a
pleasing effect.

T-beam decks consist of a vertical rectangular stem with a wide top flange,
usually a transversely reinforced slab forming the riding surface for traffic.
The usual range of stem thickness is 14 to 22 in., and is dictated by the
required horizontal spacing of the main bottom reinforcement. A T-beam
design that accommodates positive moments may not necessarily provide the
strength required for negative moment because of some possible loss of
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FIGURE 3-9 Typical cross sections of deck girder (T-beam) bridges. (From Taylor,
Thomson, and Smulski, 1939.)

strength by the wide compression flange in the cracked tensile zone of the
section. This problem is remedied by (a) thickening the stem in the areas of
negative moment, (b) providing a partial bottom slab, and (c) providing
compression reinforcement.

Based on span lengths, T-beam bridges are the next class of structures
beyond the range of longitudinally reinforced slabs, and may be considered
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for spans 45 to 90 ft long. Where T-beam decks are constructed monolithi-
cally with the substructure, the resulting advantage is the considerable
bending strength of the entire structure.

Girder Spacing The lateral spacing of longitudinal girders has a marked
effect on the cost of the bridge. Where the range of slab thickness is defined
by standards and design manuals, the usual approach is to use the maximum
girder spacing that accommodates the selected slab thickness. Alternatively,
comparative estimates are necessary before a final scheme is selected. For a
slab thickness of 7 to 9 in., the girder spacing may vary between 6 and 9 ft.
The economical girder spacing yields a minimum cost of formwork and
materials in the slab and the girders, and from experience the optimum
spacing is 7 to 9 ft. However, where vertical supports for the formwork are
difficult and expensive, girder spacing should be increased accordingly.

Cross Beams These are used primarily to stiffen the main girders laterally
and to control torsion of the outside girders. In the usual designs, the slab is
considered partially restrained along the outside girders, whereas the interior
panels approach the condition of full fixity. A further function of the cross
beams is to equalize the deflection of a partly loaded deck, but this effect is
not always recognized in determining the distribution of live load. Exterior
girders are affected by cross beams to a lesser degree.

Cross beams (diaphragms) should be placed at the ends of T girders unless
other means are included to resist lateral forces and to maintain section
geometry. However, where structural analysis ensures adequate strength,
girders of considerable length can be built without cross beams. AASHTO
recommends one intermediate diaphragm at the point of maximum positive
moment for spans exceeding 40 ft.

Because live load deflection may be based on the assumption that the
superstructure flexural members act jointly and are subjected to equal
deflections, the intent of the design should be to reduce live load deflection
by distributing the loads laterally. This action is enhanced if sufficient
reinforcement is provided in the cross beams and particularly where they
connect to the main girders. If the diaphragms are designed only as stiffening
struts, bottom reinforcement should not be less than 0.4 percent of the
effective cross section of the member.

Large Skews For wide crossings with large skew angles, it may be more
desirable to place the girders at right angles to the supports as shown in
Figure 3-10. In this case, at each side of the crossing there is a triangular
section where a girder may rest at one end at the abutment and at the other
end on the parapet girder. The latter carries heavy loads, and it may be
necessary to increase its depth by extending the member above the roadway
deck.
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FIGURE 3-10 Arrangement and girder layout in wide skew crossing. (From Taylor,
Thomson, and Smulski, 1939.)

Example of T-Beam Bridge Design

A T-beam superstructure will be designed for a two-span continuous bridge
with span lengths of 70 ft. The roadway width is 30 ft face-to-face of curb,
resulting in the cross section shown in Figure 3-11a. Span lengths and
support type are shown in Figure 3-115.

1!_7" 30!_0(! 1' 7"

15!_0!! I

R. 7%"-Slab
-1 . 1,
. ’ 1'—6" 1

l

(a)

2!_7n 4 @ 71_0||=28|_0u 2":7n
ESa— t -
331_2!!
A B C
A
70'-0" 70'-0" (b)
Exp Fix EXp

FIGURE 3-11 Two-span continuous T-beam bridge: (a) typical deck cross section;
(b) beam elevation.
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According to AASHTO, the minimum superstructure depth is 0.065 X 70
= 4.55 ft (use 4 ft 9 in. as shown). The curb and parapet detail is as shown in
Figure 3-5. The curb portion is placed monolithically with the slab, whereas
the parapet is poured later and its weight is therefore distributed to all the
girders. We select a slab 7.5 in. thick, and we include provisions for a 25
Ib /ft? future wearing surface. The live load is HS 20.

Past construction of reinforced concrete T beams often had 6- to 9-in.
fillets at the slab—stem intersection. Modern construction has eliminated
their use, and there is no evidence to indicate that problems may have
resulted.

The bridge will be designed according to service load procedures. For
uniformity, we will use the same strength and stress parameters for slab-and-
T-beam design. There are no requirements for overload capacity. Likewise,
specified strengths and allowable stresses are as in the previous examples for
slab bridges, and the criteria stipulated in Article 8.15.3 of AASHTO for
flexure will be applicable.

Design of Slab For main reinforcement perpendicular to traffic, the design
span is the clear span, or § = 5.5 ft. The live load plus impact moment is

55+2

My, = ( ) X 16 X 1.3 X 0.8 = 3.90 ft-kips

where the factor 0.8 is applied to the live load moment to reflect the
continuity of the slab. The dead load moment includes the weight of the slab

0.625 X 0.15 = 94 Ib/ft?, plus 25 Ib/ft*> wearing surface, or dead load
= 0.119 kip /ft,

0.119 ) _
My = o X 5.5% = 0.36 ft-kip

The total moment is
M = 3.90 + 0.36 = 4.26 ft-kips

To ensure adequate stiffness and reinforcement clearance, the recommended
minimum slab thickness is ¢ > (S + 10)/30, or 0.625 ft (7.5 in.), whichever is
greater. According to this criterion, the 7.5-in. thickness is exceeded if
S > 8.75 ft.

The reinforcement in the top of the slab is obtained using 2.25-in.
clearance and assuming #5 bars. In this case d = 7.50 — 2.25 — 0.31 = 4.94
in., and

4.26

A = —— " —048in2/f
= T a0g 048/t

Use #5 at 7.5 in. A, = 0.50 in.>/ft
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Likewise, the reinforcement in the bottom of the slab is obtained using
1-in. clearance, so that d = 7.50 — 1.00 — 0.31 = 6.19 in., and

P 4.26
5 1.78 X 6.19
Use #5at9in. A, = 0.41in.2/ft

= 0.39 in.2/ft

The amount of distribution reinforcement in the bottom of the slab as a
percentage of the main reinforcement is 220/ VS =93 percent (use maxi-
mum 67 percent), or

A, =041 x0.67 = 0.27 in.2/ft Use #5 at 12 in. A, =0.31in.2/ft

Note that for main reinforcement perpendicular to traffic, the specified
amount of distribution reinforcement will be used in the middie half of the
slab span, and not less than 50 percent of the specified amount will be used
in the outer quarters of the slab span.

Interior Girders The dead loads acting on the interior girders are as
follows:

Weight of slab = 7 X 0.625 X 0.15 = 0.66 kip /ft
Weight of girder = 4.125 X 1.50 X 0.15 = 0.93 kip /ft

The superimposed dead load is

From parapet = 2 X 1.75 X 0.83 X 0.15/5 = 0.09 kip /ft

From W.S.= 30 x 25/5 = 0.15 kip /ft
Total dead load w = 1.83 kips /ft

A diaphragm is placed at midspan as a concentrated load (assume 1.0 ft
thick X 5.50 ft X 3.00 ft). The concentrated load at midspan is

Ppp =1.00 X 5.50 X 3.00 X 0.15 = 2.48 kips

The distribution of wheel loads in longitudinal girders is §/6.0 = 7/6 =
1.17. The impact factors are the same for span and support moments, and the
impact coefficient is I = 50 /(70 + 125) = 26 percent.

The fraction of wheel load applied to interior girders is 1.17 X 4 = 4.68
kips for the front wheels and 1.17 X 16 = 18.72 kips for the rear wheels. The
intent of this analysis is to establish the maximum structural requirements by
computing maximum negative support and maximum positive span moments.
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Dead load moments are computed as follows. At support B,
Mp, = —1.83 X 0.125 x 70* = —1120 ft-kips
At point 0.375 of AB,
My, = 1.83 X 0.0703 x 70% = 630 ft-kips

Moments from the concentrated dead load Py, are computed as follows.
At support B,

My p=2.48 X 0.0938 X 2 X 70 = —33 ft-kips
At point 0.4 of AB,
My, p = 2.48 X (0.1625 — 0.0375) X 70 = 22 ft-kips

The maximum live load span moment is at 0.4 of span AB, and is
produced by the truck position with the heavy wheels at points 0.4 and 0.6.
This moment is obtained with the use of influence line coefficients as follows:

Span AB, M;; = (4.68 % 0.1008 + 18.72 X 0.2064 + 18.72 X 0.1216) x 70 = 463 ft-kips

Impact = 26% = 120 ft-kips
Span AB, My ., = 583 ft-kips

The maximum live load negative moment at support B is produced by
lane loading and two concentrated loads at points 0.6 and 1.4:

From uniform load, My, = 0.64 X 0.125 X 70* = 392 ft-kips
From concentrated loads, Mz = 18 X 2 X 0.096 X 70 = 242 ft-kips
One lane, My = —634 ft-kips

For the fraction of lane load carried by one girder, the moment is

1

M, = —634 X 05 x 1.17 = —371 ft-kips

Impact = 26% —_% ft-kips
Support B, My 4, = —467 ft-kips

It
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Summary of Moments Interior girders:

M,z = 630 + 22 + 583 = 1235 ft-kips
Mg = — (1120 + 33 + 467) = —1620 ft-kips
Exterior Girders The dead load acting on the exterior girders (weight of
the slab) will be taken as the portion from the center of the outside slab to

the fascia. Because we have assumed that the curb will be placed monolithi-
cally with the slab, its weight will be added to the dead load of the exterior

girders.
The following loads are computed:

Weight of slab = 6.08 X 0.625 X 0.15 = 0.57 kip /ft
Weight of girder = 0.93 kip /ft
Weight of curb = 1.33 X 1.00 X 0.15 = 0.20 kip /ft

Dead load w =170 kips /ft
Superimposed dead load = 0.24 kip /ft
Total dead load w = 1.94 kips /ft

Likewise, the diaphragm introduces a concentrated load at midspan of
2.48 X 0.5 = 1.24 kips.

For flexural analysis, the live load carried by the exterior girders is the
reaction of the wheel load, assuming the slab acts as a simple span between
girders, and this fraction is (7.0 + 1.0) /7 = 1.14P (note that for most severe
effects one wheel load is placed directly over the exterior girder).

By analogy, we compute the dead load moments as follows. At support B,

Mp = —1.94 X 0.125 x 70% = — 1187 ft-kips
At point 0.375 of AB,
My = 1.94 X 0.0703 X 70% = 668 ft-kips
The dead load moments from the diaphragm at midspan are one-half the
respective moments for the interior girders.

The live load plus impact moments can be estimated directly by consider-
ing the load distribution ratio 1.14 /1.17 = 0.97. These moments are

Span AB, My, ,; = 583 X 0.97 = 568 ft-kips
Support B, M;; ., = —467 X 0.97 = —453 ft-kips
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Summary of Moments Exterior girders:

MAB
MB

668 + 11 + 568 = 1247 ft-kips
— (1187 + 17 + 453) = —1657 ft-kips

i

Characteristics of T Girders The effective flange width overhanging on
each side of the stem should not exceed six times the slab thickness, or
one-half the clear distance between stems (AASHTO requirements). From
Figure 3-11 we obtain 6 X 7.5 = 45 in., so that one-half the clear distance (33
in.) between stems controls.

An exaggerated deflected view of a T girder is shown in Figure 3-124.
Because of its continuity, this member develops positive moments at midspan
(section A-A) and negative moments over the supports (section B-B). At
midspan the compression zone is shown in Figures 3-12b and d. It may be
rectangular, or the neutral axis may shift down into the stem zone giving a
T-shaped compression zone. The support section shown in Figure 3-12¢ and
the midspan section shown in Figure 3-12b both have a rectangular compres-
sion zone, and are therefore analyzed as rectangular beams with the beam
width b taken as shown. The section shown in Figure 3-124 has its compres-
sion zone in a T shape, and the normal coefficients k and j should be taken

Web or stem I Cracks
A

(a) Deflected beam.

l —d
R S I |
| }

[ eefoenee | v/ L4

i Tension reinforcement ~
Compression zone —___ y” "
I._"_.‘ Li‘_..l
(b) Section A-A (c) Section B-B (d) Section A-A
(rectangular (negative moment). (T-shaped
compression zone). compression zone).

FIGURE 3-12 Positive and negative moment regions in a T beam.
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FIGURE 3-13 Arrangement of bars at midspan, bottom of stem, T girders.

from diagrams used solely for T-beam design. In this case both dimensions b
and b’ (width of flange and stem, respectively) are relevant,

T-Girder Design at Midspan The design moment is 1247 ft-kips. First,
assume a rectangular section 1 ft 6 in. X 4 ft 9 in. Next, assume j = 0.90 and
d =4 ft3in = 51 in.

The approximate A, required is

1247

A = ——  —136in2
s~ T80 x 51 _ 136in

Try nine #11 bars, A, = 14.04 in.2, arranged as shown in Figure 3-13. For
this arrangement, actual d = 57 — 6.2 = 50.8 in. By reference to diagrams
for T beams, we obtain

LTS5 e 1404x9
d_ 508 Pt = 3 s0s T U

k=025 J = 0.93 (obtained graphically)

We can now compute the actual stresses and compare them with the
allowable.

1247 x 12 22.75 ksi < 24 ksi
o= oax 093 w508 ~ 2k o
22.75 X 0.25

= T T 843 psi < 1400 psi
le= S0 =0 pst pst

T-Girder Design at interior Supports Next, the negative moment section
at B is designed. We will use the negative moment for interior girders of
1620 ft-kips. Assuming #11 bars placed just below the main transverse
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reinforcement in the slab, the effective depth is
d=570-35=535in.

The approximate required tensile reinforcement is

1620

- —17in2 - 2
A, 178 X 53.5 17 in. Use 11 #11 bars A, =17.16 in.

The approximate required depth based on K = 211 for balanced design is

1620
d=1 ———— =72in.> 53.5in.
0211 X 1.5

The section therefore needs compressive reinforcement. We can now esti-
mate the factor F for b X d = 18 X 53.5, as F = 18 X 53.52/12,000 = 4.3.
Next, we compute

M — KF = 1620 — 211 x 4.3 = 1620 — 907 = 713 ft-kips (Positive)

which is the residual moment not taken by the concrete, and must be resisted
by the compressive reinforcement. For #11 bars and 1.5-in. clearance at the
bottom of the girder,

d=15+05+0.70=2.70in.

Then

Now we estimate the factor ¢ for 24,000/9/1400 and d'/d = 0.05. The
factor ¢ is approximately 1.59. Therefore,

Mok p 713
5T T or s T 159 x53.5

Use six #11 bars A, = 9.36 in.?

= 8.4in.?

The girder cross section at midspan and at the support with the arrange-
ment of the reinforcement is shown in Figure 3-14.

Side-face reinforcement should be placed in beams according to applica-
ble AASHTO standards.
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FIGURE 3-14 Typical girder T section showing main reinforcement in flange and
stem; bridge of Figure 3-11: (a) at midspan; (b) at support.

Shears and Reactions: Interior Girders Recall the dead load w = 1.83
kips/ft, the concentrated load at midspan is 2.48 kips, and the live load
wheel distribution is 1.17.

For a complete girder analysis and design of stirrups, shears should be
tabulated at the 10th points. For live load shears, the truck load controls for
moderate or short spans. For a two-span continuous bridge with equal spans,
the truck load produces maximum shears up to spans of about 105 ft. For
greater span lengths, the lane loading controls. For the influence line curve
shown in Figure 2-6b (point 4 in the end span of a four-span continuous
beam), it is obvious that the heaviest wheel should be placed at this point
with the other wheels as close as possible toward support 10. The exact point
for reversing truck direction as we compute maximum live load shears in the
first span depends on the magnitude and sign of the shear due to the
different end moments. If tables are used to estimate the live load shears,
they should indicate the location of truck reversal. Interestingly, maximum
live load reactions at the interior support are governed by the truck load up
to spans of about 50 ft. For greater spans, the lane load controls the interior
support reaction.

Reactions and shears at support 4 (Figure 3-11) are as follows:

Dead load R, =0375 X 1.83 X 70 = 48.0 kips

Concentrated dead load R, = 2.48 X 0.406 = 1.0kip
Total dead load R, = 49.0 kips
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According to AASHTO Article 3.23.1, lateral distribution of the wheel
load for shear is obtained by assuming the floor to act as simple span
between beams. For loads in other positions of the span, the distribution for
shear is determined as for moment. Accordingly, the reactions and shears
computed from appropriate tables (AISC, 1966) are modified for the effect of
the axle load adjacent to the end support by adding the value

3 10
P—16(3—?—~Q)

where § is the girder spacing and Q = 1.17 (wheel load distribution).
P is estimated directly as

10
16(3 i 1.17) = 6.4 kips

Thus, the live load reaction at A4 is

Raywpsen = (602X 0.5 X 1.17 + 6.4) X 1.26 = 52.4 kips

The total reaction at A4 is
R, =49.0 + 52.4 = 101.4 kips (also V)

Likewise, the maximum shear on either side of support B is computed as
follows:

Dead load Vy = 0.625 X 1.83 x 70 = 80.00 kips

Concentrated dead load Vg = 2.48 X 0.594 = 1.48 kips
Total dead load V; = 81.48 kips

The live load shear at B is likewise estimated directly from the same
tables, and is

Viaren = (655 X 0.5 X 117 + 6.4) X 1.26 = 56.6 kips

The total shear at B is

Vg = 56.6 + 81.5 = 138.1 kips

At support A, the unit shear is computed from v =V/b,d, or v =
101.4/18 X 50.8 = 112 psi. Because the girder is subject to shear and mo-
ment only, the allowable shear stress carried by the concrete, v,, may be
taken as 0.95\/f~c’ = 56.6 psi (a more detailed calculation is given by AASHTO
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in Article 8.15.5.2). The shear that must be carried by the stirrups is
therefore v — v, = 112 — 57 = 55 psi, and the stirrup spacing for #4 stirrups

(two legs) is

0.40 X 24,000

SxE 9.7in.2  say #4 at9in.

At support B, the unit shear is v = 138.1/18 X 53.5 = 144 psi, and the
shear that must be carried by the stirrups is 144 — 57 = 87 psi. For #4
stirrups (two legs), the spacing is

040X 24000
S——m——— 2 1n., se #4 at 6 in.

Comments on Two-Span Continuous Bridges In the last 10 to 15 years,
two-span continuous structures have been used more frequently, and this
trend is expected to continue. Experience gained through construction of a
large number of grade separations at both the Interstate and Local Highway
System indicates that appreciable advantages may result from two-span
rather than four-span structures. These advantages are articulated in bridge
esthetics, reduction in the number of fixed and expansion bearings, and the
elimination of shoulder piers that present an obstruction to snow removal.
The absence of shoulder piers also accommodates additional traffic lanes to
meet future traffic demands, and equally important is the increased safety
resulting from the elimination of obstructions and the improvement of sight
clearance (see also Section 1-3).

Procedure for Multiple-Span T Girders In a continuous-girder bridge,
the depth of sections should follow closely the moment requirements, varying
from a minimum at the center to a maximum at the supports. In this case the
effect of dead load on the design is reduced accordingly, and the variation of
section from the center of the spans to the supports responds to the stress
requirements.

If the T girders in a continuous unit are haunched, the parameter r (ratio
of increase in depth at the supports to the depth at the center of the spans)
can be taken as 0.3 at the two intermediate supports of a three-span bridge,
0.5 for the center support of a four-span bridge, and 0.3 at the second and
fourth support of the same unit. Interestingly, these relative girder depths are
valid for span ratios (interior to end) of 1.3:1 to 1.4: 1, which is the optimum
range for continuous T-girder units with end spans greater than 35 ft.

The width b’ of the girder stem is dependent on the girder spacing, slab
thickness, and length of span, but more importantly on the arrangement of
the reinforcing steel. A fair approximation of b’ is

b' = 0.0025vb (L) (3-4)
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where b = § = girder spacing (in.)
L = length of end span (in.)

According to (3-4), the width b’ of the example shown in Figure 3-11 should
be 0.0025 V84 x 840 = 19 in., or very close to the selected 18-in. thickness.

Because the depth at the supports is dependent on the girder spacing,
span lengths, and width of stem, it can be expressed as a function of these
variables (Portland Cement Association, “Continuous Concrete Bridges,”
Second Edition). For a typical highway loading and normal allowable stresses,
the depth at the supports may be estimated as

h, = (1.93)(b) "' p02 . 083 (3-5)

where b, b, and L are as in (3-4). Solution of the foregoing exponential
equation is not necessary if the values of A, are obtained directly with the
help of the graphs of Figure 3-15.

T Girders, Floor Beams, and Slabs

Where a relatively wide girder spacing is indicated and requires a thick slab
(considerably thicker than 7.5 in.), the design may not be economical because
of larger quantities of slab materials and the heavier dead loads. In this case
the choice is improved by the use of transverse floor beams spaced to permit
the use of thin slabs (preferably 7.5 in. thick). In this type of deck, the slab is
designed as a continuous beam over a number of supports with the main
reinforcement parallel to traffic.

The floor beams are usually cast monolithically with the slab, but because
their stiffness is considerably smaller than that of the girders, the restraining
effect is correspondingly reduced. However, no distinction is made in the
selection of the effective (design) span length or the coefficient to be applied
to the moments because of continuity. Thus, the distribution of loads and
design of slabs supported by floor beams is in accordance with AASHTO
(Article 3.24.1), unless more refined methods are used.

Floor Beams These are designed for a combination of dead load, live load,
and impact. With the floor supported directly on floor beams, the beams are
designed for the most unfavorable truck position between the T girders. For
floor beam spacing less than 6 ft, the load may be considered as transferred
by the slab to the adjoining floor beams, so that the fraction carried by one
floor beam is S /6, where S is the floor beam spacing (ft.) If § > 6, the load
on the beams should be the reaction of the wheel loads, assuming the floor
acts as a simple beam.

One-span floor beams, such as in through girders, may be considered as
restrained at the ends by the girders, but the degree of restraint will depend
on the rigidity of the floor beam and the torsional resistance of the girder.
This resistance is increased by neighboring floor beams acting as struts,
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FIGURE 3-15 Trial girder depth at supports; continuous T girders. (From Portland
Cement Association, “Continuous Concrete Bridges,” Second Edition.)

because usually one floor beam at a time is subjected to maximum live load
moment. End restraint in floor beams reduces all positive moments, and this
reduction may be assumed to be 20 percent of the static bending moment.
The maximum negative moment introduced at the ends of the floor beam
because of the restraint may be taken as 50 percent of the static moment.
Larger negative moments should be used if it appears advisable or after an
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exact analysis, but they should not exceed the fixed-end moment. The
reinforcement should be doweled into the girders. Floor beams over three or
more girders should be treated as continuous units.

T Girders, Floor Beams, and Two-Way Slabs

In this arrangement the floor beam spacing is made appreciably larger than
usual and close to the spacing of longitudinal girders. In square crossings the
floor beams divide the slab into a number of square or rectangular panels
supported on four sides and designed as two-way slabs (see AASHTO Article
3.24.6). The resulting advantages are (a) for the same girder spacing the slab
thickness is decidedly smaller, (b) in a two-way design the concentrated loads
are distributed in two directions, (c) all reinforcement is effective in resisting
flexural stresses, and (d) the decrease in slab thickness implies reduced dead
loads.

AASHTO stipulates that the distribution width E for the live load taken
by either span should be determined as provided for other types of slabs, and
the moments obtained in this manner will be used in designing the center
half of the short and long span. The reinforcement in the outer quarters may
be reduced by 50 percent.

Shear Strength of Two-Way Slabs: Case Study The shear strength of
concrete slabs provided with lateral restraints is markedly higher than pre-
dicted by flexural theories (Batchelor and Tissington, 1972; Park, 1964; Tong
and Batchelor, 1971). However, current design procedures for two-way slabs
are based on elastic theory and ignore the effect of in-plane (compressive
membrane) stresses on slab strength, although this effect may result in more
efficient use of reinforcement. A study by Batchelor and Tissington (1976)
proposes a method for predicting the shear strength of isotropically rein-
forced two-way bridge slabs.

The theoretical background is presented by ASCE-ACI (1974) Joint Task
Committee 426, which also treats the effects of compressive membrane
action. Important contributions to this topic are made by Elstner and
Hognestad (1956), Tong (1969), and Moe (1961). Punching failures have been
studied by Gesund and Dikshit (1971) and Gesund and Kaushik (1970) using
the yield line theory. Tong and Batchelor (1970, 1971) have proposed an
extension of the yield line theory to account for compressive membrane
strength enhancement of partially restrained two-way slabs. Accordingly, the
flexural capacity V., can be closely predicted by

Vtmal = Vﬂex + Vmem (3'6)
where V;,, = flexural capacity of the slab calculated by the yield line theory

V. .m = compressive membrane contribution to slab strength
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It is also proposed that, in order to prevent collapse upon first cracking,
reinforcement should be provided to satisfy a minimum reinforcement ratio

Pain = 0.25? > 0.0025 (3-7)

y

where f, = modulus of rupture of concrete
[, = specified yield strength of reinforcement
p = A /bd = reinforcement ratio
A, = area of tension reinforcement per unit width of slab

According to these theories, the strength enhancement is thought to be
generated by the membrane moment resulting from the eccentricity of the
membrane (in-plane) forces along assumed yield lines. These are said to
depend on the lateral stiffness of edge restraint to the slab, on support
conditions, and on the magnitude of compressive stresses generated in the
slab.

Batchelor and Tissington have used a series of scaled strength models of a
hypothetical bridge to investigate these effects. The bridge has an 80-ft span
and contains three isotropically reinforced square slab panels in the longitu-
dinal direction, as shown in Figure 3-16. The variables in the study are model
scale, boundary conditions, and slab reinforcement percentage.

The tests are divided into the A series and the C series. The former has all
three-panel and single-panel specimens supported along the entire length of
beams and diaphragms. All specimens in the C series have simple supports at
the ends of the longitudinal girders. As shown in Figure 3-16, the single-panel
specimens, bounded by opposite beams and diaphragms, represent one panel
of the corresponding bridge specimens. Slab reinforcement in the longitudi-
nal (W) direction of the single panels is anchored in both diaphragms, and in
all other aspects the reinforcement in these panels is arranged as shown in
the detail of Figure 3-16. All panels are isotropically reinforced with 0.33
percent reinforcement.

The following main nondimensional parameters are used in the study: (a)
flexural load function ¢g = Ve /Viey, (b) total load function ¢ = V,ei/Viorai
(c) reinforcement index w = pf, /f;, and (d) deflection ratio A/A_,. In the
foregoing, V., is the observed shear strength of the slab and A is the
observed net slab deflection.

Load-Deflection Relationship For the C series, typical load-deflection
relationships were obtained for an assumed value of A, = d/2, where A_, is
the critical value of A at which the maximum compressive membrane
moment is developed and d is the effective slab depth. The results show that
smaller scale models exhibit more ductile behavior than larger ones. Ob-
served values of A, range from 0.45d to 0.87d and depend on the stiffness of
the surrounds.
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FIGURE 3-16 General layout of bridge specimens and reinforcement details of
two-way slabs. (From Batchelor and Tissington, 1976.)

Effect of Model Scale A nonlinear relationship between ¢, and @ was
linearized by plotting ¢, versus (1 /w). The results clearly show that there is
no effect of model scale on the shear strength of the slabs. It appears also
that the minimum percentage in the panels could be reduced to 0.28 percent.

Comparison of Methods of Analysis The proposed method does not as-
sume one-way slab action for the center panels as does the method originally
proposed by Tong (1969) and Tong and Batchelor (1971). The proposed
method also assumes that failure in the end panels occurs when the weakest
surrounding element (diaphragm) has cracked completely.
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Relationship Between V.., and V,,,,, Plots were obtained for V. versus
Viota fOr the slabs of the C series (variable scale, constant nominal w) and a
T series (constant scale, variable o). The plots are based on results proposed
by Tong and Batchelor (1971), and include the relationship recommended for
predicting the ultimate shear capacity V,. The results reveal some apparent
scale effects.

The effect of support conditions on shear strength is also apparent. The
beam action present in the models of the C series induced compressive
in-plane stresses in the slabs and led to enhanced strength. For example, the
center panels of the C series failed at loads approximately 1.46 of those of
the A series. This enhancement is possible because the beams and di-
aphragms of the latter series are restrained against vertical displacements.

Relationship Between  and « Plots were obtained for the C and the T
series, and load to the following relationships.
For the center panels,

V, = [2.152 — 1.54310g(1000)]V,,.y, R = 0.920 (3-8)

For the end panels,

V, = [1.606 — 0.861log(100w)] V. R =0.949 (3-9)
For the single panels,

V, = [1.388 — 0.77710g(100w)] V,o1m R = 0.956 (3-9a)
where R is the correlation coefficient.

Conclusions Batchelor and Tissington (1976) present the following conclu-
sions.

1. The effects of scale on the shear strength of slabs are negligible,
provided that appropriate nondimensional slab parameters are used. A
key parameter is the reinforcement index w.

2. The important influence of support conditions is documented where
the beams and diaphragms are restrained against vertical displacement.
These premature failures indicate that slab shear strength can be
markedly enhanced by the compressive stresses caused by beam action
in the models.

3. Equations (3-8) and (3-9) may be used to predict shear strength of
bridges for the slab types investigated.

4. Bridge slabs with minimum isotropic reinforcement according to (3-7)
can be expected to perform satisfactorily in terms of cracking and
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deflection. For instance, deflections in slab panels were less than 1,/600
of the span at working loads based on a load factor of 2.5 for live load.
All slabs in the models had a span—thickness ratio of 25.

3-6 BOX GIRDER BRIDGES

Characteristics

Multicell reinforced concrete box girders become practical at about the
maximum optimum span length of a T-girder bridge. They are usually
considered for spans of 95 to 140 ft. Beyond this range it is probably more
economical to select a different type of bridge, such as a posttensioned box
girder or a steel girder superstructure, because of the massive increase in
volume and materials, rendering the structure relatively inefficient.

Box girder decks are cast-in-place units that can be constructed to follow
any desired alignment in plan, so that straight, skew, and curved bridges of
various shapes are common in the highway system. Because of the high
torsional resistance, a box girder structure is particularly suited to bridges
with significant curvature. The high torsional strength also allows the bridge
to be designed as a unit without considering individual girders.

Interchange ramp structures typically require sharp curved alignment,
which is a main reason for selecting this type of bridge at interchanges on
freeways. This is particularly evident in California where about 70 to 80
percent of all bridges (computed on the basis of deck area) are multicell
concrete box girders.

This construction facilitates esthetic treatment where both the side view
and the underside of the superstructure develop smooth and harmonious
lines. Sloping exterior webs are often part of this treatment, and haunching
the girder soffit to maximum depths at interior supports is common. Occa-
sionally, the lower box corners are rounded to reduce the effect of massive
appearance. Monolithic construction of the substructure and superstructure
offers structural advantages and also enhances appearance. Pier caps can be
placed within the box, so that the superstructure can be rigidly connected to
pier shafts.

AASHTO Article 8.10.2 stipulates that the entire slab width can be
assumed effective for compression. For integral bent caps, the effective flange
width overhanging each side of the bent cap should not exceed six times the
least slab thickness, or 1,10 the span length of the bent cap. For cantilevered
bent caps, the span length is taken as twice the length of the cantilever span.

For span lengths of 95 to 140 ft commonly in use, a depth-span ratio of
0.055 is recommended. For haunched structures, the depth-span ratio is
about 0.05 in the spans and about 0.08 at the supports.
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Design Fundamentals Because box girders have a top and a bottom
flange, they should be designed as T beams for both positive and negative
moment. The presence of the bottom flange is effectively utilized in negative
moment regions to control compression stresses, and alleviates the need for
compressive reinforcement. Increasing the bottom slab thickness in areas of
negative moment is common, as is the thickening of girder webs adjacent to
supports to control shears. Article 8.11 of AASHTO limits the minimum
bottom flange thickness to 1,/16 of the clear span between girder webs, or 5.5
in. The bottom slab reinforcement should not be less than 0.4 percent of the
flange area in the longitudinal direction, or 0.5 percent of the flange area in
the transverse direction.

End diaphragms may be omitted where adequate justification is provided
by the structural analysis. AASHTO Article 8.12.3 stipulates that straight box
girders and curved box girders with an inside radius of 800 ft or more do not
require intermediate diaphragms. For an inside radius less than 800 ft,
intermediate diaphragms may be required. If diaphragms are used, the
recommended maximum spacing is 40 ft (see also subsequent sections).

Structural Response of Concrete Box Girder Bridges: Case Studies

Bridges with 0° Skew Scordelis, Bouwkamp, and Wasti (1973) have
investigated the structural response of box girder bridges on a scale model of
a typical two-lane bridge in California, with two equal spans of 101.5 ft each.
A typical cross section is shown in Figure 3-17, and a plan and elevation are

12-0" (366CM) ,

014", 4a12-67/8" = i0'-3/1/2" (314) |01/4‘i
(26) T - (26)
(\P , f (57)21/48" 3 (? \ [(Zsl;‘?)
T N _L
[3 5/8" } ‘
(92) —GIRDER ~ 702 1318 I8 9/16" “
i52) (2 91
I'-6"1a86) L 115/16"(4 9) SOUTH
2-6"(76)

NORTH ! ROUND COLUMN

mam .
]
(152) ++
Il
'
I
Nl
I
Li

T
++
i
1

I t-— 4"8" SQ FOOTING
(61) '
i
1

(137)

17y v
b 30" (91cM) ——
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locations; model scale: 1:2.82. (From Scordelis, Bouwkamp, and Wasti, 1973.)

shown in Figure 3-18. Point loads were chosen to produce stresses of the
order of working ranges, 24 to 30 ksi total tensile stress in the reinforcement.
The theoretical methods treated the structure as an elastic uncracked homo-
geneous member, and the distribution of the total internal moment at the
instrumented sections A, B, C, and D was predicted by two computer
programs. The calculated theoretical deflections show that, as expected, the
deflection under load is greater at the midspan section 1Y without a
diaphragm than at section 1.X which has a diaphragm.

Response Before Overload Stress Levels A loading phase of the initial
application of conditioning loads to produce a steel stress of 30 ksi is taken as
representative of the response before overload stress levels. After removal of
the conditioning load, point load combinations were used to induce the
specified working stress levels.

Good agreement was verified between the theoretical and experimental
results for reactions, deflections, and moments, and this comparison suggests
the validity of superposition of the theoretical and experimental data ob-
tained in the study.

Response After Overload Stress Levels After an overload sequence of
conditioning loads inducing stress levels of 40, 50, and 60 ksi, point load
combinations produced working stress levels of the order of 30 ksi. This stage
was intended to articulate the structural response after an overload event
expected to accentuate the process of cracking, deflection, and stress devel-
opment.
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Summary of Results Results and conclusions from this program are sum-
marized as follows.

1. The relationship between total center or west reactions and applied
point load remains essentially unchanged after conditioning overloading up
to 60 ksi.

2. For a point load at 1Y, after each higher conditioning overload the
deflection increases at 1Y directly under the load, whereas on the opposite
side of the bridge at the same location the deflection decreases. The ratio of
experimental to theoretical deflection ranges from 1.25 to 1.60. This suggests
that, beyond the 30-ksi working stress conditioning load, an analysis based on
the uncracked section predicts the transverse distribution between 1Y and
5Y, but with the experimental values being 60 percent higher than the
theoretical values. After higher conditioning overloads, the theory is no
longer valid in predicting the transverse distribution of deflections.

3. The transverse distribution of the total moment at a section (expressed
as percentage to each girder) can be predicted by theory at working stress
levels for both single point loads and uniform loading across the bridge
width. After overload stress levels, agreement between theory and tests
decreases for single point loads, yet is still satisfactory for uniform loading.
Because actual critical girder design moments are based on several wheel
loads acting on the bridge, the theoretical method should adequately predict
design moments even after overload events.

Bridges with Skew Scordelis, Bouwkamp, Wasti, and Seible (1982) have
also presented analytical and experimental results from a study of a scale, 45°
skew, two-span four-cell reinforced concrete box girder bridge model. This is
a replica of a typical California prototype structure shown in Figure 3-19,
with two spans and a skew center-bent diaphragm. The bridge is assumed to
be an elastic, homogeneous, isotropic, and uncracked structure.

Skew box girder geometry is often dictated by the lack of space in
congested urban areas and by complex intersections. Current specifications
make no distinction for load distribution in straight, curved, and skew box
girder bridges by ignoring the effects of curvature and skew angle. California
standards specify an increase in shear for the girder ends at the obtuse
corners of the span.

The conclusion drawn from this study is that a simple one-dimensional
beam model can be used to predict the total reactions, centerline deflections,
and longitudinal total moments for preliminary designs. Finite-element pro-
grams allow more accurate assessment of the longitudinal and transverse
distribution of experimental reactions, strains, and moments. Deflections may
be included in the program if magnification factors are used to consider the
effect of cracking.
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For dead load and conditioning load applications, the effect of skew angle
is a reduction in positive moments at midspan and a similar reduction of
negative moments over the center bent. For point loads on the acute side of
the span, the midspan moments in the skew bridge are larger than in
corresponding positions for straight and curved bridges. For the same point
loads on the obtuse side of the span, however, the midspan moments in the
skew bridge are smaller than in the corresponding positions for straight and
curved bridges.

For the skew box girder bridge model subjected to heavy concentrated
loads, the distribution of moments transversely to the girders is essentially
nonuniform. This challenges the validity of load distribution factors typical
for straight bridges. Alternatively, analysis using the CELL program may be
more appropriate and closer to the actual structural response.

After all overloads up to the 60-ksi stress level, the structural response of
the skew bridge model under point loads yielding working stresses does not
change, but larger magnification factors are needed in predicting experimen-
tal deflections to account for increased cracking. The mere fact that the
bridge model has been temporarily subjected to overloads up to 60 ksi does
not modify bridge behavior under working loads, with the exception of the
effects of cracking.

Comments on These Investigations Libby (1974) points out that the
nonlinear deflections for a 100-kip load analyzed by Scordelis, Bouwkamp,
and Wasti (1973) for the bridge of Figure 3-18 show good correlation
between the shapes of the actual and theoretical deflections, but this loading
is much more severe than the AASHTO bridge design loading. Conversely,
the main purpose of the point loads in this case was to obtain experimental
results that could be compared with theoretical predictions.

There is general agreement (Libby, 1974; Scordelis et al., 1975) that for
the practical design of straight multicell concrete box girder bridges with
widths equal to or less than their spans, the flexural stresses due to longitudi-
nal bending can be assumed to be resisted by the box girder section as a unit
without transverse rotation of the section. In this context, dividing the box
into interior and exterior girders, as required by AASHTO, for the purpose
of analysis has no merits and appears to be unrealistic. For bridges that are
wider than their spans or where the live load moment (longitudinal) is large
compared to the dead load moment, transverse elasticity is admissible and
should be considered in the design.

For bridges of unusual curvature, this procedure is still adequate but with
some minor modifications. However, for box girder bridges with large skews
or for bridges with widths much greater than their spans, a rational and
simple design procedure is yet to come. Interestingly, the results obtained for
multicell concrete box girder bridges should not arbitrarily be applied to
composite structures consisting of a concrete slab on individual thin-walled
steel boxes.
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Topics Relevant to Box Girders

Irregular and Skew Supports Figure 3-20 shows two examples of irregu-
lar internal support arrangements due to geometric conditions at the cross-
ing. If diaphragms are used, they have the same skew configuration.

Kristek (1974) has introduced solutions for box girders with two axes of
symmetry and a variable cross section along the longitudinal direction. The
analysis is feasible even with a sudden change in the cross-sectional dimen-
sions, with arbitrary support type at the ends, and for irregularly placed
internal supports and skew diaphragms. It also provides a solution to the case
of right diaphragms that may be deformable and made in plate-bracing or
truss-bracing form.

The influence of irregularly placed supports and skew diaphragms is
demonstrated in examples of loading producing sole bending at the usual
right-supported structures. In this case a sudden gap in the moment diagram
has been noted because the skew diaphragm is stressed not only by shear but
also by bending in its place, thereby transmitting part of the total bending
moment along the length.

These principles can be illustrated in the example of Figure 3-21, showing
a box girder cross section supported by two intermediate web supports with a

oL e

FIGURE 3-20 Examples of complex skew crossing; box girder bridges.




BOX GIRDER BRIDGES 193

1kN, 1kN (5721161 /)
[ gz |"hin (57101,

. N —I (]
Q5m Q35 v Im(118in)
W18y ,02m T _J

X79mn.)

&m
(236in)

FIGURE 3-21 Solved example; irregular supports at skew diaphragm for box girder
bridge. (From Kristek, 1974.)
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FIGURE 3-22 Deflections, longitudinal normal stresses, and transverse flexural
distortion moments of corners of cell of solved example of Figure 3-21. (From Kristek,
1974.)
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FIGURE 3-23 Shape of deformed cross
section at point of action of support
reaction; bridge of Figure 3-21. (From | ____ _ ______.__ N _‘___t0594 .
Kristek, 1974.) = (0.234in)’

skew. At the ends the bridge is simply supported and has right diaphragms.
The intermediate support points are also connected with a skew diaphragm
of thickness ¢ = 0.3 m. The concrete structure has a modulus E, = 38,500
MN,/m? (5890 ksi), and is loaded symmetrically with two uniformly dis-
tributed live loads of 100 kN /m each.

The load and the cross section are symmetrical about the vertical axis, yet
torsional effects are present. Figure 3-22a shows the resulting vertical de-
flection along the web lines of the box, and Figure 3-22b shows the longitudi-
nal normal stresses at the upper corners along these lines. Figure 3-22¢
shows the transverse flexural distortion corner moments.

These results confirm the presence of considerable transverse flexural
distortion stresses resulting from irregularly spaced supports. A second point
is the discontinuity in the normal stress diagram at a point lying above the
internal supports, caused by the additional moment and bimoment factors at
the connection of the box and the skew diaphragm. The deformed cross
section at the point of action of the support reaction is shown in Figure 3-23.
The function of the skew diaphragms is to preserve the vertical position of
the supported left web, so that the deflection of the right web at this point is
caused by the distortion effect.

In addition to this study, the following are useful references: Kristek
(1970, 1970a, 1971), Richmond (1969), and Vlasov (1959).

Box Girder Bridge Diaphragms with Openings The appearance of a box
girder bridge is enhanced if the superstructure can be supported on single
slender piers as shown in Figure 3-24. The diaphragm at each support is
usually provided with an opening for access and utility installation.

Prestressing is often used to reduce the high tensile stresses in the
diaphragms, but the location of prestressing cables and the amount of
feasible prestressing are often prohibited by the geometry of the system.
Normally, the critical zone in the diaphragm is the lower beam above the
pier. Because the stress distribution is essentially nonlinear (Sargious and
Dilger, 1977), it is usually determined using analytical methods such as
finite-element techniques.

Solutions are presented by Sargious, Dilger, and Hawk (1979), and can be
used to determine stresses and forces at critical diaphragm locations with
openings and under the effect of external loads and prestressing forces.
These investigators also provide design examples.
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FIGURE 3-24 Box girder bridge supported on single piers.

Example of Box Girder Bridge

195

A two-span continuous concrete box girder bridge with spans of 100 ft each
has a cross section shown in Figure 3-25. The transverse reinforcement in the
deck slab is designed as in a conventional T-beam bridge and will not be
repeated here, For service loads, the stress levels are as in previous examples,
and the design live load is HS 20.

U/S 9” (High side)
D/S 8" { Low side)

FIGURE 3-25
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and Lawrie, 1984.)
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The bottom flange thickness and reinforcement requirements are deter-
mined according to AASHTO Articles 8.11.2 and 8.17.2.3. Using a nominal
girder spacing S = 7.83 — 0.75 = 7.08 ft, we compute the bottom slab thick-
ness as ¢ = (1/16)(7.08) = 0.44 ft (use 5.5 in.).

The bottom flange reinforcement parallel to the girders is A, =
0.004(0.46)24.25)(144) = 6.4 in.?. Likewise, the transverse bottom flange
reinforcement is A, = 0.005(5.50)X(12.0) = 0.33 in.?/ft (use #5 bars at 9-in.
alternating top and bottom, A4, = 0.41 in.?/ft).

Dead Load The weight of the bottom slab, stems, top slab in boxes, fillets,
and forms is calculated as 6.81 kips /ft of deck. The weight of the cantilever
slabs, parapets, and future wearing surface is calculated as 2.08 kips/ft of
deck. Therefore, the total dead load is w = 8.89 kips/linear foot.

The dead load moments are computed as follows. For positive moment in
span,

M, = 8.89 X 0.0703 X 100% = 6250 ft-kips

For negative moment at support,
M, = —8.89 X 0.125 X 100% = — 11,112 ft-kips
Likewise, the dead load shears are computed as follows. For shear at end

support,
V, = 0375 x 8.89 x 100 = 333 kips

For shear at interior support,

V, = 0.625 X 8.89 x 100 = 557 kips

Live Load For the design of box girders, the distribution factor as a unit for
the exterior and interior girders is combined. Thus, the distribution factor is
obtained by dividing the out-to-out slab width by seven, or DF = 30.33/7 =
433 lines of wheels. Using impact I = 50/(100 + 125) = 22 percent, the
LL + I coefficient per total box girder is computed as 4.33 X 1.22 = 5.28
(lines of wheels).

From ASIC tables, the live load plus impact moment is calculated as
follows. For positive moment in span,

M, = 1234(1/2)(5.28) = 3258 ft-kips
For negative moment at support,
M, = —1146(1/2)(5.28) = —3025 ft-kips

Likewise, the live load plus impact shears are calculated as follows. For
shear at end support,

V, = (63.7)(1/2)(5.28) = 168 kips
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For shear at interior support,
V.= (67.8)(1/2)(5.28) = 179 kips

Moment Design At the interior support, the total moment is M =
—(11,112 + 3025) = —14,137 ft-kips per box. The approximate required
area of steel reinforcement is computed assuming j = 0.90 and d = +65 in.
Thus,

14,137(12)

= _2lin?  TryS4#14 A, =121.5in.
"~ 24(0.90)(65) n v y "

The width of the entire box at the bottom (out-to-out of web) is b = 291 in.
Also, d = 69.00 — 2.00 — 0.75 — 0.85 = 65.4 in. At the support, we select
the bottom slab thickness ¢ = 7 in. Using these section dimensions and
neglecting the box webs (stems), the stresses may be computed as

M P f.k
=dga ™ = naho
Next, we compute
121.5(9) t 7
pn = —————— = (.056 and - = —=0.107
291(65.4) d 65.4

The factors & and j are computed from diagrams as k = 0.36 and j = 0.95.
Therefore, the stresses in the steel and the concrete are
14,137(12)
s~ 121.5(0.95)(65.40)
22,470(0.36)
Je= G064

= 22,470 psi OK

= 1404 psi = 1400 psi  OK

The design for the maximum positive moment in the span is completed in a
similar manner.

Shear Design The maximum shear at the interior support is 557 + 179 =
736 kips. We assume that the webs resist the entire shear, and at the supports
we select a web thickness of 12 in. Then total b = 4 X 12 = 48 in. The shear
stress v = V/bd = 736/(48 X 65.40) = 234 psi and the allowable shear
stress = 0.95/3500 = 56 psi. Note that v — v, = 234 — 56 = 178 < 4/, .
Using #5 stirrups with two legs per stirrup, A, =8x031=248 in2
Therefore, the spacing is

2.48(24,000)
=— "7 —7in.
178(48)
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3-7 THROUGH GIRDER BRIDGES

Through girder bridges, popular mainly in the pre-~World War II period, are
structures in which the main longitudinal girders extend above the roadway.
The vertical clearance below the bridge is therefore determined by the
thickness required for the floor. The latter may consist of (a) a solid slab
spanning between the main girders; (b) closely spaced floor beams supporting
a thin slab; and (c) a composite system of longitudinal beams, floor beams,
and slab. As a rule, through girder bridges are less economical than other
types of concrete bridges, but are a good choice under limited headroom, or
where the width is appreciably smaller than the span.

In highway and road construction, through girder bridges are seldom used
because of the need to use intermediate girders which is objectionable in
terms of highway standards, and because this type of bridge does not lend
itself to widening. On the other hand, in railroad construction multitrack
through girder bridges are common and include intermediate girders placed
between adjacent tracks. Bridges of this type are usually simply supported
spans.

Girder - Slab Interaction Usually, the main girder spacing exceeds 14 ft;
hence, the live load on each girder is the reaction of wheel loads, assuming
the slab acts as a simple beam. For example, this distribution may be applied
to the bridge of Figure 3-26a showing a slab spanning between two main
girders. This arrangement is economical for narrow bridges.

In computing bending moments for the slab, it may be necessary to
establish the actual effect of the restraint induced to the slab as partial fixity
where it joins the heavy girders, especially where the construction is mono-
lithic. The restraint level is affected by the torsional rigidity of the girder and
the stiffness of the slab, and both these parameters can be expressed
analytically. In lieu of an exact solution, a reduction factor of 0.8 may be
applied to the positive moment obtained by statical analysis, and 50 percent
of the previously determined maximum static moment may be applied at the
supports as negative moment.

For relatively narrow and long bridges and where the deck stiffness is
appreciable, the bridge may be analyzed as a single unit, assuming that
deflections along the same cross section are the same at both girders. If
through girders are used in continuous units, the section over the supports
becomes an inverted partial T beam where the slab resists the compression.

Maln Girders In the simplest form, the width and depth of the girders are
made constant, producing plane surfaces that simplify formwork. For the
purpose of analysis, each main girder is a rectangular beam because the slab,
being in the tensile zone, is not considered affective in resisting stresses.
The ratio of girder depth to span length is greater than in deck girder
bridges (T beams), usually ranging between 1/8 and 1/10, and the design is
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FIGURE 3-26 A typical through girder-and-slab bridge, with the slab spanning
between girders, or girders and floor beams. (From Taylor, et al., 1939.)

more economical when compression stresses are resisted entirely by the
concrete. However, where the depth and width of the girders are restricted,
compressive reinforcement consisting of longitudinal bars is provided.

In bridges designed for two traffic lanes, each girder should be considered
as carrying one line of trucks, although the effect of eccentricity may increase
this load under a strict interpretation of the specifications. For bridges that
accommodate three lanes of traffic or more, the slab may be assumed to act
as a simple beam and the truck load distributed accordingly.

Numerical Design Example

A through girder bridge with a floor system consisting of a slab will be
designed for the following data: span, 50 ft; clear roadway width between
girders, 16 ft; live load, HS 20; strength and stress parameters, as in previous
examples (note that the clear roadway width is selected arbitrarily).

Design of Slab For main reinforcement perpendicular to traffic, the bend-
ing moment for live load is determined according to Article 3.24.3.1
(AASHTO) which is valid up to spans of 24 ft. Using § = 16 ft (clear span),
we obtain

16 + 2

Myy.p = —5— X 16 X 1.3 = 11.7 ft-kips



200 REINFORCED CONCRETE BRIDGES

2.3k 2.3k
FIGURE 3-27 Approximate truck position for 51 6 1 50
maximum live load moment in slab; reinforcement A B
perpendicular to traffic, through girder bridge. r T

However, we will check the moment assuming a longitudinal wheel load
distribution 4 + 0.06L = 7 ft, and the truck position shown in Figure 3-27.
The fraction of wheel load per foot-width of slab = 16/7 = 2.3 Kkips. There-
fore, the live load moment is
M, =23 X5 =115 ft-kips
Impact=30% 35
My, ., = 15.0 ft-kips

Now, assume a 12-in.-thick slab, weight = 150 Ib /ft?, and a future wearing
surface, total dead load w = 0.175 kip/ft. Then

My = 0.175 X 0.125 X 162 = 5.6 ft-kips
Total moment = 15.0 + 5.6 = 20.6 ft-kips

We may apply a reduction moment factor of 0.8 on account of the end
restraint, or M = 20.6 X 0.8 = 16.5 ft-kips. The minimum thickness d is now
estimated as

16.5
mind = {/ —— = 9in.
0.211

For a cover of 1 in. and #8 bars, the available d is 10.5 in. We now estimate
the bottom reinforcement

16.5

S 2 . _ .
= Tosx g - 08oin/ft Use#8atllin. A, =095 7/M

A

Approximately 50 percent of the static moment, or 10.3 ft-kips, will be
assumed to exist as restraint at the junction with the girders. For a cover of
2.75 in., the effective d is 12.00 — 2.75 — 0.50 = 8.75 in. The area of steel
required by the top of slab is now

10.3

s = m = (.66 in.z/ft Use #7 at 10 in. As = (.72 in.z/ft

A

Design of Girders First, we obtain the fraction of wheel load by placing
one wheel 2 ft from the face of the girder and assuming the slab transfers the
load as a simple beam. The wheel load fraction is easily obtained as
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Q = 1.375P. The impact factor is 50/(50 + 125) = 28.6 percent. From ta-
bles, we obtain the live load moment (one truck) as M,; = 628 ft-kips.

With these data, we now estimate the design live load plus impact moment
as

My . =0.5X 628 X 1.375 X 1.286 = 556 ft-kips

Next, we assume a girder 5 ft 3 in. deep and 2 ft wide (ratio = 50/5.25 =
9.5). The dead load is now as follows:

Weight of slab + Wearing surface = 8 X 0.175 = 1.40 kips /ft

Weight of girder = 5.25 X 2.00 X 0.15 = 1.57 kips /ft
Total dead load = 2.9 kips /ft

Therefore, the dead load moment is
Mp = 2.97 X 0.125 X 502 = 927 ft-kips

The total design moment is now
M = 556 + 927 = 1483 ft-kips

The depth required for balanced design, based on K = 211, is

) 1483 .
“Voouuxz O™

For #11 bars in two layers, the effective d is 63 — 2.70 — 1.75 = 58.5 in. We
now estimate the reinforcement required to resist tension, or

1483

- - 2 - 2
5= 178 X 583 143 in. Use 10 #11 A, =15.61in.
arranged in two layers, five bars in each layer.

The reinforcement is arranged as shown in Figure 3-28. Distribution
reinforcement in the bottom of the slab is 220/ VS =55 percent, or 0.55 X
0.95 = 0.52 in.?/ft, or #6 bars at 10 in.= 0.53 in.2/ft. Temperature rein-
forcement in the top of the slab is provided with #5 bars at 18 in. Three #8
bars are included in the top of the girder. The design should be completed by
estimating shears and reactions for stirrup design as in the example of
Section 3-5.
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FIGURE 3-28 Through girder bridge; dimensions and reinforcement details.
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3-8 TOPICS RELEVANT TO SLAB BRIDGES

Flat Slabs

Flat slab bridges consist of a reinforced concrete slab extending in four
directions and supported directly by isolated individual concrete columns
without beams or girders. In building construction, flat slabs are widely used
because of economy and structural compatibility with heavier live loads.
These merits, however, have not been fully demonstrated in bridge work, the
main reason being that the proper arrangement of columns is not always
feasible under the usual geometric conditions. The practical use of flat slabs
is thus limited to certain examples, briefly discussed in this section.

Compared to other bridge types, flat slab design is likely to require the
minimum construction thickness, and this is a clear advantage where head-
room is limited. With a properly designed flat slab, the cost of the bridge may
be 20 to 25 percent less than the cost of other concrete types, and this saving
results mainly from favorable formwork costs for both superstructure and
columns. Because flat slabs are built monolithically with the supporting
columns, expansion bearings are not needed, and because the superstructure
is of uniform cross section and reinforced in two directions, temperature and
shrinkage changes are more efficiently resisted.

Arrangement of Columns In modern grade separations or long over-
passes, the geometry and the usually unrestricted horizontal alignment dic-
tate the location of supports in the longitudinal direction. Transversely, the
spacing of columns has likewise limited choices. Examples of column spacing
are shown in Figure 3-29. These solutions are typical and must be confirmed
for the intended live load (truck or pedestrian). For structures of consider-
able width, the transverse spacing may depend mainly on economy.
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(a) Roadway 20 ft. No Sidewalks. (d) Roadway 30 ft. No Sidewalks
or Roadway 20 ft. and Sidewalks
................ ”'-..-. e e
r‘ Slab g ’-‘L;‘
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~Brachet ~Column head
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(¢) Roadway 30 ft. No Sidewalks
also Roadway 20 ft. and Sidewalks
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(e) Roadway 40 ft. and Sidewalks
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FIGURE 3-29 Typical cross sections of flat slab bridges. (From Taylor et al., 1939.)

(f) Roadway 7'~ 6" and Sidewalks

Elements of Flat Slab Bridges Structurally, a flat slab bridge consists of
(a) a continuous slab, (b) drop panels at the columns, (c) column heads,
(d) columns, (e) spandrel beams, and (f) footings and foundation elements.
A typical design unit of a flat slab is the panel bordered on four sides by
lines connecting the centers of four supporting columns, usually rectangular
or square. Where skew structures are unavoidable, the panel may be rhom-
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boidal or rhombic, and in odd parts of the bridge odd-shaped panels may be
necessary. Where the panels are square or nearly square, the design is more
economical and results in a constant slab thickness. For preliminary rule-of-
thumb estimates, the slab thickness ¢ for a unit extending over several panels
may be estimated from the following:

t=00200w + 1.5 (3-10)

where ¢t = slab thickness (in.)
| = largest span (ft)
w = a uniformly distributed load (Ib/ ft2) representing dead load, live
load, and impact

A flat slab is usually more economical if it is provided with drop panels at
the columns. For preliminary estimates, the total length or width of a drop
panel may be taken as 0.375 of the span length in the same direction. The
function of drop panels is to resist the normally greater moments and shears
at the columns, so that the total construction thickness at this location is
governed by negative bending moments at the column strips or by shear
stresses. From experience, the thickness of the drop panel is about one-half
of the slab thickness but this is not a fixed criterion.

Most flat-slab bridges in the past had column heads, flaring out at the top
in the shape of a truncated cone or pyramid. This arrangement is considered
effective in strengthening the slab if the angle of the flaring with the vertical
does not exceed 45°. Column heads help to increase the shear resistance of
the slab at critical column locations and also reduce the effective span of the
slab. For a preliminary analysis, bending moments in the slab may be
estimated using a theoretical (effective span) /, as follows:

g:%l—%%) (3-11)

where / = actual span, center-to-center of columns

= effective diameter of round column head, measured where the
thickness at the edge, below the slab or the drop panel, is at
least 1.5 in.

[
|

The strength of flat slab construction depends on the rigidity of the
columns, in particular, the exterior columns. In effect, a flat slab bridge is a
rigid frame where the slab represents the horizontal members and the
columns are the vertical units. Because of this interaction, the design of a flat
slab bridge should state clearly the underlying assumptions and related
criteria. A typical design procedure involves the following steps.
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1. Select the column spacing with the intent to make the slab panels as
nearly square as possible. For continuous units, bending moments in
the slab are balanced if the outside panels are made smaller.

2. Analyze the need for drop panels and select the diameter of the
column head which fixes the theoretical (design) span.

3. Estimate the preliminary dead load and an equivalent uniformly dis-
tributed live load including impact.

4. Determine bending moments in the slab at critical panel sections. Use
the largest positive moment to obtain the slab thickness, and the largest
negative moment at the column to obtain the total thickness of the slab
plus the drop panel. Where final dimensions differ from assumed
values, adjust the design accordingly.

5. Check shear stresses at the edge of the column head.

6. After all dimensions are finalized, estimate the areas of steel required
at various critical sections and decide on the preferred steel bar
arrangement (straight bars, bent bars, etc.).

7. Determine the dimensions and reinforcement of the supporting
columns.

Analysis of Rectangular Slab Bridges by the Method of Coefficients

A series solution of the isotropic plate equation is available for concentrated
loading on slabs. Curves of distribution coefficients for longitudinal and
transverse moments have been developed for orthotropic decks since 1969
(Cusens and Pama, 1969). This reference contains figures and diagrams for
selecting distribution coefficients for simply supported slab bridges. Design
parameters can be extrapolated provided the point of interest and the load
location lie at the transverse centerline of the bridge slab. The expression for
moments and deflections has been rewritten by Hossain (1975) using a
two-part identical cosine series to yield a system of coefficients that is only a
fraction of a full influence surface table.

Figures 3-30a and b show plan, elevation, and typical cross sections of
concrete slab bridges relevant to this analysis. Several bridges of this type
have been built in Ontario, Canada, and have provided adequate flexural and
torsional strength. Nonetheless, the load distribution characteristics depend
on the number and location of isolated supports, the width—length ratio,
and the actual flexural and torsional rigidity.

Hossain (1975) has modified the Guyon-Massonnet load distribution
theory (Guyon, 1946, 1949; Massonnet, 1950, 1954, 1959; Massonnet and
Bares, 1968), beginning with the governing differential equation of an isotropic
plate

0w 9w w

— + 2 + —F| = P ’ -12
ax4 Ix’ay? ay° (x,y) (3-12)

D
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FIGURE 3-30 (a), (b) Plan, elevation, and cross sections of slab bridges on isolated
supports; (¢) simply supported slab subjected to concentrated load P.
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= deflection normal to the coordinate axes x and y
(ER®)/112(~v?)]
elastic modulus

where

[

w
D
E
v = Poisson’s ratio
P = load

x, y = coordinates
h = slab thickness

For the simply supported plate of length 24, shown in Figure 3-30c¢ and
subjected to a concentrated load P of eccentricity e, (3-12) is the governing
equation (see also Section 7-4).

The solution of (3-12) yields expressions for the deflection, longitudinal
moments, transverse moments, and twisting moments (torsion) in terms of
relevant parameters. The influence of Poisson’s ratio is significant, particu-
larly in transverse moments and torsion (Rowe, 1962).

Useful data and values for the distribution coefficients are tabulated by
Massonet and Bares (1968). A similar method of analysis has been developed
by Cusens and Pama (1969) for bridge slabs subjected to a concentrated load.

Influence Coefficients Influence coefficients can be developed from the
equations giving the deflection, longitudinal moment, transverse moment,
and twisting moment (Hossain, 1975). The effect of a concentrated load is
then obtained as the product of the influence coefficient and the load.

Coefficients developed in this manner for deflections and transverse mo-
ments have the same trigonometric identities as for longitudinal moments.
The coefficients derived for twisting moments are related to a parameter that
is a function of (a) the coordinate x, (b) the distance d of the concentrated
load, and (c) the length 2a of the bridge.

Siab Bridges on Isolated Supports Experimental studies relevant to this
type of bridge are limited. One of the few reported studies is for the
Cumberland Basin Scheme (Best, 1964; Best and West, 1965). This model
consisted of three columns and a short cantilever section beyond each end.
Because the present method is for slabs simply supported at ends but having
intermediate isolated supports, the cantilever effects were superimposed on
the longitudinal moment field.

Application of the method of coefficients gave good agreement between
the measured and computed stress distribution considering pier reactions,
support conditions, and the actual Poisson ratio. This conclusion is valid for
the uniformly distributed load and the concentrated live load.

Comments for Slabs on Isolated Supports A complete examination of
bridge behavior for slabs on isolated supports is not warranted. However, the
following remarks are appropriate.
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1. If the width-length ratio 2b/2a exceeds 0.05, a simple beam analysis
may not be satisfactory, and a more rigorous study should be undertaken,
particularly for dead load.

2. The behavior of slabs with internal voids (see also the following
sections) is, in principle, similar to the behavior of solid slabs. The torsional
parameter « is defined as

Yp + Ve

“ T oo

where v,y = torsional stiffness per unit width and length, respectively
pp, pp = flexural stiffness per unit width and length, respectively

Based on Sattler’s work (1955, 1956), Hossain (1970) has found that if
a > 0.7 and 8 < 0.2, the coefficients for solid slabs give results that have a
maximum error of 6 percent in distribution patterns. The factor 6 is a
flexural parameter given by
- sl)”
2a

Cellular and Voided Slab Bridges

Cellular and voided slab bridges are shown in Figures 3-31a and b, respec-
tively. Unlike the typical multibeam deck constructed of precast concrete
beams developing interaction by the presence of continuous longitudinal

[ /]

CROSS-SECTION OF A CELLULAR BRIDGE

@@@@@@@ﬂ

CROSS-SECTION OF A VOIDED SLAB BRIDGE

FIGURE 3-31 Typical cross sections of cellular and voided slab bridges.
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shear keys and lateral bolts, the slabs in Figure 3-31 are monolithic units.
What distinguishes them from conventional slabs is the deformable cross
section. Because of this difference, these slabs should be designed consider-
ing cell distortion, although this effect is not explicitly articulated. Rigorous
methods of analysis have been presented by Bakht et al. (1979). Bakht,
Jaeger, and Cheung (1981) have also developed a simplified method of
analysis.

If the cells are prevented from distorting in the transverse direction, the
bridge can be idealized as a conventional isotropic plate (Crisfield and
Twemlow, 1971). By contrast, the absence of transverse diaphragms causes
the cells to distort, thereby increasing the transverse flexibility of the struc-
ture. The result is a reduced ability to distribute loads transversely, hence a
higher concentration of longitudinal moments and shears. Solutions are
proposed by Massonet and Gandolfi (1967), Sawko (1968), Hook and
Richmond (1970), and Robertson et al. (1970). Conclusions are reflected in
AASHTO design criteria for multibeam hollow decks.

When a bridge cross section is subject to distortion, the pattern of
transverse distribution of longitudinal moments requires three nondimen-
sional parameters «, 6, and & for its characterization. These parameters are
functions of the longitudinal flexural rigidity, longitudinal torsional rigidity,
transverse torsional rigidity, coupling rigidity, transverse shear rigidity, and
the physical dimensions of the bridge (Bakht, Jaeger, and Cheung, 1981). The
same three parameters may also characterize the distribution of other struc-
tural responses such as shears and deflections, but not necessarily in the
same pattern.

For cellular and voided slab bridges, one of these three parameters has an
almost constant value (a = 1). Thus, the conclusion is reached that for
cellular structures, the transverse distribution of deflections, longitudinal
moments, and shears for vehicle loads is characterized by the system

)

L2

D 1/2
—iJ (3-13a)

d d=
an 5,

a=1.0 0=

b
L

where b = half-width of bridge

= span length

= longitudinal flexural rigidity per unit width
S, = transverse shear rigidity per unit length

S~
|

Given the two variables 8 and &, the distribution of loads in celtular
bridges could have been predicted using appropriate charts developed for the
practical range of the 8-6 space, but such charts do not articulate the extent
to which cell distortion causes the structure to respond differently from its
counterpart where cell distortion is absent. An alternative method is the use
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of coefficients in the form of magnifiers which can be used in conjunction
with AASHTO criteria and also reflect the influence of cell distortion. Thus,
fora =1,6 =b/L, and § # 0, the moment magnifier is

Ay = —— (3-13b)

where M,,, = maximum moment with cell distortion
M maximum moment when cell distortion is absent

xa

A similar magnifier A, is introduced for longitudinal shears.

This method is vehicle independent, and the effect of axle spacing can be
disregarded. The magnifier always has a value greater than unity and de-
pends on the number of lanes in the bridge and the number of lanes that are
loaded.

The suggested approach for voided slabs is essentially the same. Bakht
et al. (1979) propose specific relationships for estimating the slab parameters,
from which the factors 8 and 8§ can be calculated. For most voided slabs, «
ranges from 0.85 to 0.95, but this variation is not critical.

3-9 RIGID-FRAME CONCRETE BRIDGES

One-span rigid-frame bridges were introduced in the 1920s, and followed a
period of uninterrupted construction until World War I1. This type of bridge
became popular on a regional basis (e.g., in the states of New York and
Connecticut).

In a rigid-frame bridge, the abutments and the deck are cast as a unit, and
this solution is favored where solid foundations are easily obtainable. In the
United States, most rigid-frame bridges have spans of about 100 ft, but
single-span rigid frames have been used for spans up to 150 ft.

Characleristics In structural terms, one-span rigid frames are structures
consisting of horizontal members one span long, each rigidly connected with
the vertical supporting members. The vertical members at their lower ends
must resist horizontal thrusts produced by the frame action (see also the
discussion on arches in Chapter 10). If the base of either vertical support is
free to move horizontally, the structure is statically determinate.

The most common types of rigid-frame bridges are shown in Figure 3-32.
In Figure 3-32a the ends of the vertical members are restrained from any
horizontal or vertical movement, but are free to turn and rotate, so that they
cannot resist or transfer bending moments at this point. This frame is
considered hinged at the ends. The frames shown in Figure 3-32b have the
ends of the vertical members restrained from movement and also against
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FIGURE 3-32 Typical one-span rigid-frame bridges. (From Taylor, et al., 1939.)

rotation. These members are fixed to the foundations, so that they can resist
and transfer bending moments. These frames are called fixed at the ends. A
third condition, not shown, is an intermediate response between hinges and
full fixity. The ends are now partially restrained against rotation and can
therefore resist bending moments in part. For partially restrained ends it is
necessary to establish the probable intermediate moment resisted at this
location, usually by means of the fixed-point method, which establishes the
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Fixed Supports
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FIGURE 3-33 Rigid-frame bridges: (a) hinged supports; (b) fixed supports;
(¢) restraint offered by narrow footing.

lower fixed point in the vertical member according to the expected degree of
restraint at the ends.

The structural deformation of a frame with hinged ends is shown in Figure
3-33a. The legs of this frame rest on footings that are free to rotate,
producing the corresponding soil reactions H and V' as shown. The frame
shown in Figure 3-33b has the ends of the legs completely restrained,
producing the structural deformation shown and the three reactions H, V,
and M. The effect of rotation shown in Figure 3-33c¢ is that the resultant of
the soil reactions becomes eccentric. If the resultant V' is moved a distance a
from the theoretical midpoint, the product Va is the moment that counter-
acts the rotation and restrains the footing. Under the condition shown in
Figure 3-33c, the soil offers little restraint against rotation of the footing. For
this case analyses show that the restraining moment is small compared to the
actual moment M required for fixity, and that the stresses in the frame are
only slightly affected by the moment Va. From these comments, it follows
that for ordinary rigid-frame bridges with comparatively narrow footings it is
reasonable to assume hinged conditions.

Selection of Frame Dimensions For a preliminary analysis, it is necessary
to establish the approximate frame dimensions. The following procedure is
applicable to rigid frames of the type illustrated in Figure 3-34, and involves
the following steps.

1. Lay out the top of the deck ABA’ according to the roadway require-
ments.
2. Determine the clear span L from horizontal clearance data.
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[

FIGURE 3-34 Layout procedure for a rigid-frame bridge.

3. Establish the dimensions AD and ED equal to about L /15.

4. Establish the dimension BC equal to about L /35. This value may be
reduced to L /40 if the frame is founded on essentially firm foundation.

5. Draw the soffit curve DCD'.

6. Determine the elevation of F and G from geometric requirements and
foundation conditions.

7. Select FG equal to 1 ft 6 in. for 30-ft spans, about 2 ft 6 in. for 60-ft
spans, and about 3 ft 6 in. for 90-ft spans.

8. Connect points E and F with a straight line.

We should note that this layout accommodates heavy highway loading and is
compatible with strength-stress parameters typical in highway bridges.

Analysis Deflection of axes and rotation of joints control the distribution
of moments, thrusts, and shears. A better conception and a more effective
working ability of rigid-frame analysis is provided if we can understand the
physical significance of the problem in relation to the mathematical treat-
ment. Usually, this involves moment distribution methods normally covered
in computer programs which need not be repeated in this text.

The analysis may involve (a) correction for deck curvature, (b) frame
dimensions and determination of axes and coefficients, (c) selection of frame
constants, (d) dead and live load analysis, () changes in length of deck and
horizontal displacement, (f) earth pressure, (g) dissymmetry and sidesway,
and (h) estimation of total moments and shears. Typically, the critical
sections for determining stresses are at the crown and at the corners. A
design example is presented in Section 11-8.

3-10 FUNDAMENTALS OF PRESTRESSED CONCRETE BRIDGES

The first comprehensive guidelines for prestressed concrete bridges were
developed by the Bureau of Public Roads in 1954. This document dissemi-
nates the criteria for the design, materials, and construction of bridge
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superstructures consisting of prestressed and posttensioned concrete mem-
bers, and is now considered the progenitor of the current AASHTO spec-
ifications. These specifications, covered in Section 9 of the AASHTO
document, cover general requirements and materials, analytical aspects,
design methodology, and detailing.

Working Principles of Prestressed Concrete

Lin (1955) sets forth the general principles of prestressed concrete: the
prestressing introduces internal stresses of such magnitude and distribution
that the stresses resulting from given external loads are counteracted to the
desired degree. In reinforced concrete members, the prestress is commonly
introduced by tensioning the steel reinforcement. For members subjected to
flexure and shear, understanding their behavior is enhanced from three
perspectives.

First, we may consider the member as essentially a concrete structure with
the tendons supplying the prestress to the concrete. In this respect, the
concrete is subjected to two systems of forces, prestress and external load.
Tensile stresses due to external action are counteracted by the compressive
stresses due to prestress, and the associated cracking is prevented or delayed.
As long as cracks are absent, the stresses, strains, and deflections caused by
the two systems can be considered separately and superimposed if necessary.

The rectangular simple beam shown in Figure 3-35 is prestressed by a
tendon through its centroidal axis. The resulting stresses due to prestress and
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FIGURE 3-35 Stress distribution across a concentrically prestressed concrete sec-
tion. (From Lin and Burns, 1981.)
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FIGURE 3-36 Stress distribution across an eccentrically prestressed concrete sec-
tion. (From Lin and Burns, 1981.)

the external moment are as shown, so that the resulting stress distribution is

My

t— (3-14)

N

f=

where F = prestressing force
A = cross-sectional area of the member
M = external moment
y = distance from the centroid to the fiber considered
I = moment of inertia of the section

Now, we apply the prestress eccentrically with respect to the centroidal axis
as shown in Figure 3-36. The eccentricity e introduces a moment Fe,
resulting in a stress diagram as shown. The stress distribution for the
lowermost and uppermost fiber is

f F  Fec Mc 3.15
= — j: — + —_— -

A I 1 ( )

The second perspective considers steel and concrete acting together, with
the steel taking the tension and the concrete resisting compression. The two
materials form a couple resisting the external moment as shown in Figure
3-37. Because the high-tensile steel must be elongated considerably before its
strength is fully developed, if simply buried in the concrete it will cause the
latter to crack excessively. Hence, it is necessary to prestretch the steel and
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FIGURE 3-37 Internal resisting moment in prestressed and reinforced concrete
beams. (From Lin and Burns, 1981.)

anchor it against the concrete, and in this process we produce desirable
stresses and strains in both materials.

In this context, prestressed concrete is an extension of conventional
reinforced concrete to include steels of higher strength, but the application is
still based on the necessity of resisting external moments by an internal
couple.

The third point of view is to treat a prestressed concrete beam as a steel
member with the characteristics of a suspension bridge where the wires form
the load-carrying elements (Lin, 1955). The prestressing tendons are self-
anchored against the concrete and stiffened by this material.

Important Characteristics

For bridge structures of nominal span length, two basic configurations are
produced: (a) I-beam sections used with a cast-in-place deck and (b) multi-
beam deck sections with an integral or separate riding surface. The latter are
normally used for shorter spans and where construction time is limited,
because of the simplicity of the erection phase. The primary advantage of
prestressed concrete is durability, which can be extended with little or no
maintenance. The absence of tension cracking should further increase the
service life of both concrete and reinforcement.

Under certain circumstances a prestressed concrete beam can support its
own weight with no increase in section properties beyond what is required for
live load. However, in relatively long span bridges this advantage is dimin-
ished because the dead load dominates.

The concept of prestressing has prompted the introduction and use of
high-strength steels, and this has improved the control of losses in prestress
due to concrete shrinkage and creep. By contrast, in conventional reinforced
concrete the allowable steel tensile stress must be limited to avoid excessive
cracking of the concrete. Furthermore, precast members have the benefit of
better quality control, and although they have a higher cost per unit volume
they yield a lower cost per unit of load capacity. This relates to the more
efficient utilization of materials because the compression capacity of the
complete concrete section is available, instead of only the uncracked portion.
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Complete structural units can be factory manufactured, either prestressed
or posttensioned, and their feasible size depends mainly on the available
clearance during transportation. Often, it is feasible to use precast bridge
girders up to spans of 100 to 120 ft. Alternatively, the units may be cast as a
series of segments to be joined during erection by the prestress.

Structural Behavior

Current design methodologies are based on strength (Ioad factor design) and
on behavior at service conditions (allowable stress design) at all load stages
that may be critical during the life of the structure. Stress concentrations due
to the prestressing as well as the effects of temperature and shrinkage should
be considered. In addition, for monolithic members the following assump-
tions are made: (a) strains vary linearly over the depth of the member
throughout the entire load range (elastic analysis); (b) before cracking,
stresses are linearly proportional to strain; and (c) after cracking, tension in
the concrete is neglected (AASHTO Article 9.13).

Loss of Prestress This includes (a) elastic shortening of concrete,
(b) creep and shrinkage in concrete, (c) creep (relaxation) in steel, (d) loss
due to anchorage take-up, (e) loss due to bending of members, and (f)
frictional loss.

For pretensioned concrete, elastic shortening is manifested as the pre-
stress is applied and transferred to the concrete. As a result, the prestressing
steel shortens with it, and this represents a direct loss of prestress in the
steel. With posttensioning, the problem is different; for a single tendon, the
concrete shortens as the tendon is jacked against it, but because the force in
the steel is measured after the concrete has shortened elastically there is no
loss of prestress to be accounted for. If more than one tendon is used and
stressed in succession, the prestress is gradually applied and the shortening in
the concrete increases accordingly, so that the loss of prestress may differ in
each tendon. In addition, certain stressing procedures may alter the elastic
shortening losses further.

Because creep and shrinkage may be twice the elastic shortening, they are
more critical. Furthermore, the loss due to elastic shortening may be counter-
balanced for posttensioned members, whereas the loss due to creep cannot
be easily compensated for, except where the steel is not yet bonded to the
concrete. Shrinkage, on the other hand, varies widely with the proximity of
the concrete to moisture and the time of application of prestress. Certain
codes recommend a total shrinkage of 0.0003 for pretensioning, but for
transfer at 2 to 3 weeks, a shrinkage coefficient of 0.0002 is considered
sufficient.

Creep in steel (relaxation) is a decrease of stress, and a corresponding loss
of load in the tendon, with time while the tendon is held under constant
strain. This behavior is manifested by the gradual replacement of elastic
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TABLE 3-1 Estimate of Prestress Losses (From AASHTO, 1992.)

Type of Total Loss
Prestressing Steel f. = 4000 psi f& = 5000 psi
Pretensioning strand — 45,000 psi
Posttensioning”
Wire or strand 32,000 psi 33,000 psi
Bars 22,000 psi 23,000 psi

] osses due to friction are excluded. Friction losses should be computed
according to Article 9.16.1.

strain by plastic strain causing the subsequent relaxation of elastic stresses
(Xanthakos, 1991). AASHTO makes a distinction between the various types
of steel. Stress relaxation increases rapidly with temperatures above 20°C,
and thus in warm climates it should be adjusted accordingly. Under average
conditions a relaxation loss of 1 to 5 percent is not uncommon, and can be
approximated at 3 percent as a fair assumption.

Loss due to anchorage take-up may be prevented or avoided by the use of
proper stressing procedures and stressing equipment for posttensioned mem-
bers. Likewise, loss of prestress due to bending of a member depends on the
direction of bending and the location of the tendon. Any change in prestress
is controlled by the type of prestressing, whether pretensioned or postten-
sioned. However, if the prestress from the steel on the concrete is considered
to be a force applied at the ends, the change in stress is not a change in
prestress.

In lieu of a prestress loss breakdown, AASHTO allows an average esti-
mate of the total loss of prestress due to concrete shrinkage, elastic shorten-
ing, creep in concrete, and relaxation in the steel, as shown in Table 3-1.

Friction Loss Friction loss in posttensioned steel normally occurs prior to
anchoring but should be estimated and checked during stressing operations.
Extensive work on this subject indicates that initially there is some friction in
the jacking and anchoring system, so that the stress in the tendon is less than
the value indicated by the pressure gage. More serious frictional loss occurs,
however, between the tendon and the surrounding material, whether con-
crete or sheathing, and whether lubricated or not. This frictional loss is
conveniently considered in two parts, the length effect and the curvature
effect. In posttensioned beams friction loss in the steel should preferably be
based on experimentally established wobble and curvature coefficients.

Deflections Under working loads prestressed concrete beams should not
be expected to crack; hence, their deflections can be predicted with sufficient
accuracy. These deflections, however, differ from those of ordinary rein-
forced beams in the effect of prestress. Controlled deflections due to pre-
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stress can be advantageously utilized to give desired cambers and to offset
deflections due to exterior loads, but can also cause certain problems.
Methods for computing deflections due to prestress are presented in the
design examples in the following sections.

3-11  PRECAST PRESTRESSED CONCRETE |-BEAM BRIDGES:
SIMPLE AND CONTINUOUS SPANS

Strength and Design Criteria

Allowable Stresses: Service Load Design Ordinarily, the design of
precast prestressed concrete members should be based on f! = 5000 psi.
Prestressed I beams may be designed for f! = 6000 psi if the former cannot
produce the required capacity for a specific beam depth, and if it is reason-
able to expect that the higher strength will be obtained consistently. For the
prestressing steel, the ultimate strength is f, = 270,000 psi.

The allowable stresses in the prestressing steel are as follows.

Pretensioned Members

0.70f, for stress relieved strands
0.75f; for low relaxation strands

Slight overstressing up to 0.85f, for short periods of time may be permitted
to offset seating losses, provided the stress after seating does not exceed the

preceding values.

Posttensioned Members

= 0.70f, With provisions for overstressing up to 0.90 1

Stress at service load after losses
= 0.80f)

(f) is the yield point stress of prestressing steel as defined in Article 9.15 of

AASHTO.)
(Note that service load consists of all loads identified in Article 3.2 of

AASHTO, but does not include overload provisions.)
Likewise, the allowable stresses in the concrete are as follows:

Compression

Pretensioned members 0.60f,;
Posttensioned members 0.55f.;
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Tension: In precompressed tensile zones, temporary allowable stresses are
not specified. In tension areas without bonded reinforcement, the allowable
tensile stress in concrete is 200 psi or 3\/?3 . Where the calculated tensile
stress exceeds this value, bonded reinforcement will be provided. The maxi-
mum tensile stress should not exceed 7.5\/]—‘3 , where f/; is the compressive
strength of concrete at the time of initial prestress. Note that the foregoing
are temporary stresses before losses due to creep and shrinkage.

The allowable stresses at service load for concrete after losses have
occurred are as follows:

Compression 0.40f;

Tension in the Precompressed Tensile Zone

(a) For members with bonded reinforcement 6\/}‘2
except for severe corrosive conditions 3\/}‘2

(b) For members without bonded reinforcement 0

The modulus of elasticity of the prestressing steel strand, E;, may be
assumed as 28,000,000 psi, unless more specific data are available. The
modulus of elasticity E, is computed as in conventional concrete, except at
the time of transfer of stress it can be calculated from E ; = w1'533m .

Design Theory Prestressed concrete members must meet the strength
(load factor) and working stress requirements specified by AASHTO, at all
load stages that may be critical during the life of the structure from the time
prestressing is first applied. For precast prestressed concrete (PPC) beams,
the intent of the normal design procedure is to consider allowable working
stresses and to check initial stresses and nominal moment capacity. Most
PPC beams utilize pretensioned prestressing where the strands are stressed
before the concrete is cast around the strands. When the concrete has cured
to sufficient strength, the strands are cut and the prestressing is transferred
to the beam. Posttensioning is occasionally used with precast sections, and in
this case the strands are installed in ducts after concrete placement and
curing, and then jacked, anchored, and grouted.

Standard Beam Sizes Most standards in the United States are based on
beam sizes and shapes such as the 54-in. beam shown in Figure 3-38, giving
dimensions, strand patterns, reinforcement details, and section properties.

Design Charts and Tables These are very useful and are provided by
most manuals for the flexural design of the standard prestressed concrete
beams; they apply to simply supported or continuous units. Given the design
span length, the highway loading, and the beam spacing, or the design span
and the modified external moment, the number of strands and the strand
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pattern can be selected on a preliminary basis. These charts are usually
computed for the HS 20 loading and a 7.5-in. slab, and they make allowance
for a superimposed dead load. With these preliminary data available, final
calculations are expeditiously carried out.

Design Example of PPC Beams

Problem Design a two-span precast prestressed concrete beam bridge for
HS 20-44 loading, with equal design spans of 70 ft. The superstructure
consists of six 54-in. I beams of the type shown in Figure 3-38 spaced at 7 ft
3 in. centers. The slab is 7.5 in. thick, but the effective thickness is taken as
7 in.

We assume the following.

Precast Concrete

f! = 5000 psi
¢ = 4000 psi
fi =270 ksi

£, = 0.70f = 189,000 psi

(f!, is the initial stress in prestressing steel before losses).

Cast-in-Place Concrete

f2 = 3500 psi
f. = 1400 psi
f, = 60,000 psi
f, = 24,000 psi

Dead Loads: Noncomposite

Weight of beam = 624 Ib/ft
Slab = 150 X 0.625 x 7.25 = 680 Ib/ft

Fillet (assume) = 101b/ft
Dead load w, = 1.314 kips /ft

Composite dead load

Wearing surface 25 X 7.25 = 1811b/ft

Curb, parapet = 133 1b/ft
Composite dead load w, = 0.314 kip /ft

For simplicity, we assume that the interior girders control, so that the
exterior girders will be made the same. The slab is designed as in the
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preceding examples. The PPC beams are designed as simple spans with
the beam section carrying the dead load of the slab and girder (noncom-
posite); the composite beam-and-slab section carries the superimposed (com-
posite) dead load plus live load with impact.

The section properties for the 54-in. beam are

A =599 in.? = cross-sectional area
I = 213,715 in.* = moment of inertia
S, = 8559 in.> = noncomposite section modulus for bottom fiber
S, = 7362 in.> = noncomposite section modulus for top fiber
C, = 24.97 in. = distance from bottom fiber to neutral axis
C, = 29.03 in. = distance from top fiber to neutral axis

For the properties of the composite section, we first compute the modular
ratio of elasticity:

Non-prestressed
E

Prestressed E

[

15015 x 33 x Y3500 = 3.58 X 10° pi
150'5 x 33 x /5000 = 4.29 X 10° psi
3.58

n=—=

4.29
Note that the effective flange width is controlled by the beam spacing. This
width is then multiplied by the modular ratio », and the composite beam
section is as shown in Figure 3-39.

From the composite beam section, the following parameters are computed
y = 39.56 in., I, = 500,015 in.%, Sy = 12,639 in.%, and S, = 34,627 in.,

[

Computation of Moments and Stresses These are computed for non-
composite loads, composite dead loads, and live loads plus impact.

Noncomposite Moments

M, (Beam) = 0.125 X 0.624 X 702 = 382 ft-kips
(Positive in span)

My, (Slab and fillet) = 0.125 X 0.690 X 70* = 423 ft-kips

M, (Total) = 382 + 423 = 805 ft-kips
. B x E2"
% |
\ . )
/—C.G Camposife Sectior
3

4. 97

K \ v FIGURE 3-39 Composite section of de-
sign example.
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Composite Moments: (Assume the system is continuous over the support)

My, (Composite) = 0.07 X 0.314 X 702 = 108 ft-kips (Positive in span)

My, (Composite) = —0.125 X 0.314 X 70% = — 192 ft-kips
(Negative at support)

Live Load plus Impact Moments: (Two-span continuous beam)

7.25
My, =0353X16 X 55 X 1.26 X 70 = 657 ft-Kips
(Positive in span)
7.25 )
My ;= —10.125 X 0.64 X ETH X 1.26 X 70% + 0.096 X 2 X 18

725 1.26 X 70
X — X 1. X
11

= — (326 + 201) = —527 ft-kips (Negative at support)

(Note that live load plus impact moments are obtained with the use of
influence line coefficients.)

Next, we compute service stresses f, and f, for the bottom and top fiber
of the prestressed beam, respectively. These are as follows:

12 X 382 ) 12 X 382 )
Beam dead load fo= 3550 536psi  f, = T 623 psi
12 x 805 12 x 805
Total noncomposite DL f, = 550 1130 psi f, = T R 1310 psi
12 X 108 12 x 108
Composite DL fo= —5,6—39— =103 psi f, = W = 38 psi
. ) 12 X 657 ) 12 x 657 .
Live load plus impact fo= 12639 =624psi f,= A = 228 psi
Total service stresses fp» = 1857 psi f, = 1576 psi
(Tension) (Compression)

Allowable Stresses

Final  f, = 6y/f] = 6V5000 = 425psi  (Tension)

Initial  f, = 0.60f, = 0.60 X 4000 = 2400 psi (Compression)
Final  f, = 0.40f, = 0.4 X 5000 = 2000 psi (Compression)
Initial = 7.5\/7,- or f, = 475 psi (Tension)
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Limits of Prestress and Strand Pattern The expected loss of prestress
may be estimated from Table 3-1 for f, = 5000 psi. A more conservative
approach is to assume 20 percent loss, and estimate the required prestress

accordingly.
Bottom fiber (final) = Total stress = 1857 psi (Tension)
Allowable = 425 psi (Tension)

Required prestress = 1432 /0.8 = 1790 psi (Compression)
Bottom fiber (initial) = Beam dead load = 536 psi (Tension)
Allowable = 2400 psi (Compression)

Allowable prestress = 2936 psi (Compression)
Top fiber (final) = Total stress = 1576 psi (Compression)
Allowable = 2000 psi  (Compression)

Top fiber (initial) = Beam dead load = 623 psi (Coxhpression)
Allowable = 475 psi (Tension)

Allowable prestress = 1098 psi (Tension)

The bottom fiber stress must be between 1790 and 2936 psi under the effect
of the prestress force, and the top fiber must have tension less than 1098 psi.

We now select 1/2-in-diameter strands, F, per strand is 0.7 X f! = 0.7 X
41.3 = 28.9 kips, and arrange the strands as follows (Figure 3-38, grid system
detail)

Row 1 = 10 strands
Row 2 = 6 strands
Total = 16 strands Initial prestress = 16 X 28.9 = 462 kips

Next, we compute

=Ny 2221
egzcb"‘T—z n.
Initial Stresses The two critical sections are (a) midspan of beam and
(b) end of beam. At midspan of the beam,

462 462 x 22.22 382 X 12

- + —0<475psi  (Tensi
fer = 359 7362 7362 psi (Tension)
62 42X22 X2

b= — + - = <
fev = 359 8559 8559 pst pst

(Compression)
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At the end of the beam,
for = — — ——==— = 624 psi > 475 psi (Tension)

Therefore, strands must be draped. If the two top strands are draped,
e, = 16.35 in, Then

42 d2x1635
. ] A — — e — S —————— = <
fer = 555 7362 pst pst

42 A2ZX1635
= —— + S <
fen = 559 8559 pst pst

At this stage, the loss of prestress should be computed according to
Article 9.16 of AASHTO. This loss is 20.6 percent (computations not shown).

Service Stresses For a computed loss of prestress of 20.6 percent, the
force remaining in the strands (effective prestress) is 0.794 X 462 = 367 kips.
Hence, the stresses at service loads are

367 367 %2222 805X 12 (108 + 657)12
fo= 355 * Tgss9 T 8559 12,639
289 psi < 425 psi
367 367X 2222 805x 12 (108 + 657)12
fe= 359 " T T e T 34627
1080 psi < 2000 psi

It

Design for Ultimate Positive Moment

Theoretical Background The methodology for predicting the ultimate
flexural capacity of a prestressed concrete member is essentially the same as
for a plain reinforced concrete member, except in the stress—strain relation-
ship between prestressing and intermediate grade steel. For a PPC 1 beam,
the ultimate moment capacity (flexural strength) requires knowledge of the
location of the neutral axis. If the neutral axis lies in the flange (provided by
the cast-in-place slab), the section is assumed rectangular. If the neutral axis
is in the beam, the section is a flanged section. For the usual configuration of
PPC I-beam bridges, the section is rectangular.
The underlying principle is that as the ultimate capacity is approached, the
steel is yielding. Next, we define the following expressions:
* 4 3-16
p*= (3-16)
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where p* = ratio of prestressing steel
AY = total area of prestressing steel
b = width of rectangular member (or effective width of flange)
d = distance from extreme compression fiber to centroid of pre-

stressing steel

and also

037, ) (3-17)

f”
c

where f* = average stress in prestressing steel at ultimate load
f; = ultimate strength of prestressing steel

. = compressive strength of cast-in-place concrete (28 days)

f;';=f;(1 -

A refinement in Eq. (3-17) was introduced in the 1992 AASHTO specifi-
cations. Thus the numerical factor 0.5 is replaced by the ratio y* /B;. The
factor 4* articulates the type of prestressing steel as follows:

* = (.28 for low-relaxation steel

= 0.40 for stress-relieved steel
= (.55 for bars

The factor B, is as stipulated in AASHTO Article 8.16.2.7 (B8, = 0.85 for
concrete strengths up to and including 4000 Ib /in.?).
Likewise, we write
1.4dp*fr

kd = — = (3-18)

where kd is the depth of the compression zone. The design flexural capacity
(strength) for rectangular sections or flanged sections in which the neutral
axis lies in the flange (i.e., kd < flange thickness) is assumed as (AASHTO,
Article 9.17.2)

0.6p*f*
oM, =M, = d)A’;‘f;';d(l — -—pr-fﬁ) where ¢ = 0.90 (3-19)

c

In order for the intended failure mechanism to be satisfied, AASHTO
specifies the maximum percentage of steel. Therefore, for rectangular sec-
tions the reinforcement index is limited as follows:

*

f// <0. 3631 (3'20)
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If the reinforcement index exceeds the value stipulated in (3-20), the design
flexural capacity (for rectangular sections) is estimated from

&M, = [(0.368, — 0.088%)f/bd?] (3-20a)

Likewise, there should be a sufficient amount of prestressing steel to
develop an ultimate capacity in flexure at the critical section at least 1.2 times
the cracking capacity. The cracking stress is 7.5\/]—’C7 , and for f! = 5000 psi,
the cracking stress is 530 psi.

Numerical Example For the example of PPC beams presented in the
foregoing section, the factored moment is

M, =13[D + 1.67(L + I)]
or
M, = 1.3[805 + 108 + 1.67(657)] = 2610 ft-kips

Next, we compute

* = 16 X 0.153 = 2.45 in.2
d=54+70—-9=54+70-275=5825in.
p* = 2.45/(87 x 58.25) = 0.000483

Also,
270
fX =1270{1 — 0.5 X 0.000483 X ?g) = 265 ksi OK

In order to locate the neutral axis, we compute
kd = 1.4 X 58.25 X 0.000483 X 265/3.5 = 2.98 in. < 7.0 in.
Hence, the section is rectangular. The design moment capacity of the section
is
oM, = 2.45 X 265 X 58.25(1 — 0.6 X 0.000483 X —2:% (0.9)
= 2770 ft-kips > 2610
Likewise, the reinforcement index is

0.000483 x 265/3.5 = 0.037 < 0.3
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In order to check for the minimum prestressing steel, we first compute the
cracking moment
Iy 12,639 [ 367 367 X 22.22 805 X 12
— + —_
C' 12 599 8559 8559
1824 ft-kips

+ 0.530( + 805

Then
12M <M, or 1.2 X 1824 = 2189 ft-kips < 3080 OK

Design for Ultimate Negative Moment

Theoretical Background The advantages of continuous prestressed con-
crete beams were considered as early as the mid-1950s (Lin, 1955; Morice
and Lewis, 1955). The philosophy of prestressing was, in fact, extended
beyond the original concept of supplying a compressive force to a beam cross
section, and included such procedures as the deliberate adjustment of the
ratio of midspan to support bending moments in a continuous unit. Because
complete structural units may be factory produced, either pretensioned or
posttensioned, the feasible size of these units depends on the available
clearance during transportation, the proximity of the casting yard, and the
maximum practical weight.

There is overall agreement that continuity in reinforced concrete yields
economy, and this may be attained to a greater extent in prestressed
construction. This is more evident considering the ultimate capacity of
continuous beams, although certain general principles hold true within the
elastic range. In both forms of analysis, elastic or plastic, a resisting couple
exists at each intermediate section of the beam. For both ranges, with
one-half of the beam a free body, there are two resisting moments in a
continuous beam, but only one in a simple beam. Within the elastic range,
the positive and negative moments acting on the beam may not be the same,
so that one of these moments will control the design. Because of the variation
of moments along the continuous beam, the concrete section and the amount
of steel must often be varied accordingly. In this case the peaks of the
negative moments are reinforced with non-prestressing steel, and advantage
can be taken of the redundant reactions to obtain favorable lines of pressures
in the concrete. Designs are then based on ultimate strength but applying the
principles of limit design, and this appears to be the intent of current
methodologies. Continuity in prestressed bridge girders is discussed in detail
in a subsequent section.

Tendon Profiles For a beam acted on by a centroidal prestress force F,
the effects of a moment M on the beam may be considered if we introduce
an eccentricity e to the center of F, where e = M/F. If some form of
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statistically indeterminate beam is loaded by exterior loads, the resulting
bending moment together with a uniform compression could be produced in
the unloaded beam by a prestressing tendon with an eccentricity e = M/F.
The introduction of a prestressing tendon in the shape of a bending moment
profile counteracts the effect of external loads. Such a tendon profile is called
a concordant profile. Developed from external loading conditions, it is not
only feasible but also represents a useful solution for practical design
purposes.

Whereas these principles are valid in theory, the application of standard
highway loadings produces significant reversal of live load moments in most
continuous bridges, and the severity of this problem is more evident if the
live loads are much heavier than the dead loads, as in short continuous spans
of equal length. Because peaks of maximum negative moments may control
the number of tendons required for the entire length of the beam, they must
be strengthened with the use of deeper sections or by adding prestressed and
non-prestressed reinforcement over the portions where they are needed.

Details of Continuity In practice, continuous bridges of PPC beams are
built with standard details. A bridge is made continuous over the piers by
casting a continuous concrete diaphragm between the ends of adjoining
beams. The concrete in the slab is placed not less than 45 min or not more
than 90 min after the diaphragm has been poured, mainly to ensure a
monolithic construction and to control differential shrinkage. Longitudinal
reinforcement is placed in the slab to resist negative moments. With this
arrangement, the members are assumed to be fully continuous for live and
composite loads, and the moments are computed using a constant moment of
inertia.

Procedure for Ultimate Negative Moment: Continuous Spans By en-
casing the beam ends with cast-in-place concrete, the design is essentially
similar to that for ultimate positive moment. The negative moment reinforce-
ment is proportioned by strength design to resist a moment equal to 1.3[D +
1.67(L + I)].

AASHTO (Article 9.7.2.3) stipulates that the effect of initial precompres-
sion in the beams due to the effective prestress (after losses) may be
neglected if the maximum initial compressive stress at the end is less than
0.4f! (f! is the compressive strength of prestressed concrete), and if the
reinforcement index p of the negative reinforcement in the deck is less than
0.015, where p = A, /bd'".

The design negative resisting moment is calculated using the compressive
strength of the beam concrete, regardless of the strength of the diaphragm
concrete. Positive moments that may occur in negative moment regions
should be considered in the design. Such positive moments may be caused by
creep and shrinkage in the girders and deck slab or by live loads in remote
spans. Positive moment reinforcement over piers that is not prestressed is



PRECAST PRESTRESSED CONCRETE |-BEAM BRIDGES 231

based on an allowable working stress of 0.6 f, but not more than 36 ksi. In
the foregoing notation, A, is the total area of longitudinal intermediate
grade steel in the slab, b is the width of the bottom flange, and d’ is the
distance from the extreme compressive fiber to the centroid of intermediate

grade steel.
We can also write

kd = 1.4pd’% (3-21)

!
c

where kd = depth of compressive zone
f, = yield point of intermediate grade reinforcing steel

f. = compressive strength of prestressed concrete

For a rectangular section (neutral axis within the bottom flange of the
prestressed beam), the design flexural capacity is

0.6pfy’
fe

oM, =M, =Asfy’d’(1 - ) (¢=1) (3-22)

which is similar in form to (3-19).

The minimum amount of non-prestressed longitudinal reinforcement pro-
vided in the cast-in-place slab is 0.25 in.? per foot-width of slab. Standard
practice is to place #5 bars at 12-in. centers in the top of the slab, providing
0.31 in.?/ft. In continuous spans additional steel is provided over the sup-
ports, and consists of #6 bars at 12 in. centers placed between the #5 bars.
The #6 bars should extend a distance not less than 0.75D on each side of the
pier center, where D is the distance to the dead load point of contraflexure.
Longitudinal distribution reinforcement in the bottom of the slab contributes
to resistance and should be included in computing ultimate moment capacity.

Numerical Example Figure 3-40 shows a cross section for the example
analyzed in the foregoing sections. We compute the center of gravity of the
reinforcement as d’ = 57.66 in. Also, A, = 7.30 in.%.

Then

p =730/(22 X 57.66) = 0.00575 < 0.015
and
0.4f, = 0.40 X 5000 = 2000 psi > 0.9 X 1655 = 1490 psi
Next, we compute

kd = 1.4 x 0.00575 X 57.66 X 60/5 = 5.57 in. < 7 in.
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FIGURE 3-40 Cross section of PPC beam and slab over pier, showing reinforcement
details and dimensions, for design example.

Hence, this is a rectangular section. The design moment capacity is

dM, = 7.30 X 60 x 57.66(1 — 0.6 X 0.00575 X 60/5) = 2017 ft-kips

The applied factored moment is

M, = 1.3[192 + 1.67(527)] = 1391 ft-kips < 2017

The compressive stress over the pier is

367 367 X 16.35 527 X 12

= = 181 i < 0.6f = 3000 psi
fs 599+ 2559 + 12,639 1815 psi < 0.6f 000 psi

The investigation should be completed by checking the ultimate capacity
at the cutoff point 0.75D after making allowance for the anchorage length.

Design for Shear

Theoretical Background Web reinforcement in PPC I beams consists of
stirrups perpendicular to the axis of the beam. They should extend to a
distance d from the extreme compression fiber and should be carried as close
to the compression and tension surfaces as the cover permits. Web reinforce-
ment should be anchored at both ends.

Experience shows that the principal tension due to factored loads invari-
ably governs over working loads. It follows therefore that the amount of web
reinforcement necessary to develop the required capacity for ultimate load-
ing is determined from the following:

Vs
v f;d

A (3-23)
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where 4, = area of web reinforcement
s = longitudinal spacing of web reinforcement
V,, = factored shear, with ¢ = 0.90, or V, < ¢(V, + V)
V. = nominal shear carried by the concrete
V, = nominal shear strength provided by web reinforcement
d = distance from extreme compressive fiber to centroid of pre-

stressing steel
b’ = width of web of prestressed beam
f, = yield strength of non-prestressed steel < 60 ksi

and
0.6p*fx
J=A4L =
f

The shear strength V. provided by the concrete will be the lesser of the
values V; and V. The shear strength ¥, need not be less than 1,7‘/f_c’ b'd,
and d need not be less than 0.84, where 4 is the depth of the beam. The
shear strength I, is computed from the equation

Viw = (35VF + 031, )bd + V, (3-24)

where f, = compressive stress in concrete due to effective prestress force
only (after allowance for all prestress losses) at extreme fiber of
section where tensile stress is caused by externally applied loads

V, = vertical component of prestress force at section

In addition to the foregoing requirements, the design must also satisfy the
following: (a) V, should not be taken greater than 8\/]TC’ b'd; (b) the spacing of
web reinforcement should not exceed 0.75k, or 24 in., and when V., exceeds
4y/f.b'd the maximum spacing should be reduced by one-half; and (c) the
minimum area of web reinforcement is 4, = 50b's /f,,, where b" and s are
expressed in inches and f;, is the yield strength of non-prestressed reinforce-
ment (psi).

A prestressed concrete beam without web reinforcement will normally fail
in a region of high moment and not necessarily near the end where maximum
shear occurs. The usual mode of failure is manifested in inclined shear cracks
originating from flexural cracks, and failure is thus a combination of bending
and shear stresses.

For simply supported members subjected to moving loads, it is sufficient to
investigate the shear within the middle half of the span. The area of web
reinforcement required at the quarter points should be used in the exterior
quarters of the span.



234 REINFORCED CONCRETE BRIDGES

Numerical Example Given: design span = 75 ft, beam spacing = 7.25 ft,
loading = HS 20, and slab thickness = 7.5 in. Also, the following beam data
are available (54-in. beam): f = 5000 psi, prestress = twenty-two 1/2-in.-
diameter strands, f* = 263 psi, p* = 0.00067, f; = 3500 psi, e, = 21.70 in.
(distance from centroid of prestressing steel to centroid of prestressed beam
at midspan of beam), and e, = 17.61 in. (distance from centroid of prestress-
ing steel to centroid of prestressed beam at end of beam).

The dead load is 1.314 kips/ft (noncomposite) and 0.314 kip/ft (com-
posite). The beam properties are shown in Figure 3-38.

The computed dead load and live load plus impact shears at the supports
and at the center are as follows. At the supports,

Vp = 61.1 kips Vs = 51.9 kips

At midspan,

Vo =0 Vi = 22.3kips

Next, we compute the factored shear at the support and at midspan, using

¢ = 0.9. At the support,

1.3

V,= 0—6(61.1 + 1.67 X 51.9) = 213.4 Kips

At midspan,

1.3
Vi = 5g(0+1.67x223) = 53.64 kips

These values are used to draw the maximum ultimate shear diagram shown
in Figure 3-41.

The next step in the design requires estimation of d = e + ¢, + tegecrive-
At the support,

d=17.61 +29.03 + 7.0 = 53.64 in.
At midspan between draping points,
d=21.70 + 29.03 + 7.0 = 57.73 in.

Note, however, that d need not be less than 0.8h = 0.8 X 54 = 43.2 in. The
shear resisted by the concrete is computed as

V, = 1.7V5000 X 6 x 43.2 = 31.1 kips

As long as we compute d as 0.84, the effect of the strand profile (whether
straight or draped) is ignored; hence, the shear carried by the concrete at the
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FIGURE 3-41 Maximum ultimate shear diagram for design example.

quarter point is still 31.1 kips, so that

V.=V, -V, =133.5 - 31.1 = 102.4 kips
Check the value
8y/fib'd = 8Y5000 x 53.64 X 6 = 182 kips > 102.4

For #35 stirrups with two legs, A, = 0.62 in.%. Therefore, the required
spacing is
0.62 X 60 X 56.2
B 102.4

= 20.4in. say 20-in. centers

Continuous Spans In continuous beams the negative moments over the
supports reduce the effect of prestressing, and the prestressed beam ap-
proaches the condition of a conventionally reinforced concrete beam. The
analysis for shear is thus different. The effect of prestressing may be ne-
glected in the negative moment area between the support and the quarter
point, and this assumption converts the beam to a conventional member
reinforced with tension reinforcement in the slab. In the middle half of the
span between quarter points, the shear may be investigated as a simple-span
prestressed beam. Shear is discussed further in the following sections.
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Development of Horizontal Shear (Composite Action)

Full transfer of the ultimate horizontal shear can be assumed if contact
surfaces are left clean and intentionally roughened, where minimum vertical
ties are provided and stirrups are fully anchored into all intersecting compo-
nents, and the beam webs are designed to resist the entire vertical shear.

Alternatively, in lieu of the preceding requirements, ultimate horizontal
shear stresses can be computed from the expression

V.Q
b=y (3-25)
where v = ultimate horizontal shear stress
¥, = maximum shear caused by the factored loads
O = moment area of cast-in-place slab about the centroid of the
composite member
I' = moment of inertia of the composite section
b = width of top flange of prestressed beam

The minimum web reinforcement extended into the cast-in-place slab
should not be less than #3 bars at 12-in. centers. The spacing of vertical ties
should not be greater than four times the average thickness of the composite
flange, and in no case greater than 24 in.

Numerical Example For the horizontal shear design of the example of
Figure 3-39, we will assume that Article 9.20.4.4 of AASHTO is satisfied, and
that the contact surfaces are clean and roughened. Then the shear capacity at
the contact surface is 300 psi.

Next, we compute the maximum (ultimate) shear V, = 133.5 Kips. The
moment area Q of the slab is Q = 0.8bfy, where § is the distance from the
centroid of the composite section to the centroid of the slab, equal to 17.94
in. The factor 0.8 is the modular ratio of the concrete. Then

Q=08 %87 x7X17.94 = 8740 in.?

From (3.25) we obtain

1BBSXBMO
- = <
Y= 500,015 x 20 pst pst

Minimum vertical ties, two #5 bars at 24 in. = 0.31 in.? > 0.22 in.2 /ft.

3-12 PRECAST PRESTRESSED DECK BEAM BRIDGES

Most multibeam bridges today consist of pretensioned prestressed concrete
sections. Protection of the roadway surface is essential, and many sections
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FIGURE 3-42 (Continued).

are manufactured with a thin top deck for riding surface. This, however, if
allowed to deteriorate, requires replacement of the entire superstructure.
Alternatively, an asphaltic wearing surface is placed as a riding surface and
also to even transverse and longitudinal irregularities inherent in construc-
tion. There is a good reason to expect that these wearing surfaces can collect
and trap moisture mixed with deicing salts at the top of the concrete unless
an efficient waterproof membrane system is used as protection.
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Standard precast prestressed deck beams are available in depths of 11, 17,
21, 27, and 33 in., and in various widths. Details for representative sections
are shown in Figures 3-42a through c. The beam shown in Figure 3-42a has
a solid rectangular shape; the beam shown in Figure 3-42b has a voided slab
shape; and the beam shown in Figure 3-42¢ has a cellular cross section.

Practical span lengths vary within a relatively narrow range, but depend
mainly on the section. For preliminary estimates and rule-of-thumb design,
the probable span range for each type can be inferred with the help of
appropriate charts and diagrams and other design aids.

Design Procedure The underlying principle is that the slab and box units
are likely to act as multibeam sections because of the large surface along
which interaction is developed as a result of the transverse posttensioning
and the presence of continuous longitudinal shear keys. Note that according
to AASHTO (Article 3.23.4) the lateral ties may, or may not, be prestressed.
In calculating bending moments, no longitudinal distribution of wheel load is
assumed. The fraction of wheel load applied to a beam is S /D, where S is
the width of the precast member, and D is a factor that depends on the
number of traffic lanes, the bridge dimensions (width and length), the
moment of inertia, the Saint-Venant torsion constant, and Poisson’s ratio for
the beams.

3-13 TOPICS RELEVANT TO PRESTRESSED CONCRETE BRIDGES

Deflections and Camber

Deflections due to prestress may be computed by considering the concrete
member a free body separated from the tendons, which are replaced by a
system of forces acting on the concrete as shown in Figure 3-43. This requires

—— ——
—_— —
—— ———

T —————

A Prestressed Beam

Adaaaiadd
PO
Freebody of Concrete

FIGURE 3-43 Method for computing deflection due to prestress. (From Lin and
Burns, 1981.)
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computation of the proper components of forces at the end anchorages of the
tendons. The method is applicable to both simple and continuous beams, but
for simplicity certain assumptions must be made (see also AASHTO Article
9.13.3.3).

Acting simultaneously with the prestress is the weight of the beam, which
produces deflections depending on the support conditions. These can be
computed by the usual elastic theory. The resultant deflections of the beam
at transfer are obtained by summing algebraically the deflections due to
prestress and those due to the beam weight. Camber is thus the result of the
difference between the upward deflection caused by the prestress and the
downward deflection caused by the weight of the beam.

Camber will vary with the age of the member because of two factors. Loss
of prestress tends to decrease the deflection, whereas creep tends to increase
it. Studies of these two parameters show that the camber of a beam
(essentially an I shape) at erection is approximately 1.8 times the initial
camber based on 100 percent of the prestress force. A correction factor is
thus introduced in the elastic analysis to reflect this change.

Deflections due to external loads are similar to those for non-prestressed
beams. As long as the concrete has not cracked, the beam is treated as a
homogeneous body and the elastic theory is applicable. When cracks begin to
occur, the nature of deflection is certain to change. At the very start of the
process, the effective section that resists moments is cracked, and as cracking
becomes deeper a greater portion of the moment of inertia is lost. However,
only that section of the beam subjected to higher moment has cracked while
the rest may still remain intact. Thus, the deflection of the beam will increase
faster as shown in Figure 3-44. As the live load is removed, the beam will
return to a nearly initial position except for come cracks that have already
developed.

Estimation of Camber The procedure for computing camber is based on
the following assumptions:

1. The prestress producing upward deflection is somewhat between the
initial and the final effective value. However, it is sufficiently accurate
to use a constant value, that is, the total initial prestressing force. For
1/2-in.-diameter strands, this is F; = 28.9 kips.

2. The component of the prestress along the beam axis is assumed
constant, unless the inclination of the tendons becomes excessive. Thus,
two procedures are presented, one for straight and one for draped
strands.

3. The tendons are treated as a whole instead of individually, and compu-
tations are based on the center of gravity.

4. Deflections due to shear are small and can be neglected.
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FIGURE 3-44 Load-deflection curve for a prestressed beam. (From Lin and Burns,
1981.)

The deflection for straight strands is estimated from the equation

0.125F,eL*144

32
0.55E_,1 (3-26)

AP =

where A? = upward deflection at midspan of the beam due to the prestress-
ing force (in.)
L = beam length (ft)
e = eccentricity of prestress (in.)
I = moment of inertia of the prestressed beam (in.*)
E_; = flexural modulus of elasticity of the concrete at the time of
strand release (psi)
F; = total initial prestressing force (Ib)

The deflection for draped strands (harped at points 0.4 and 0.6) is given by
L1

F.12144
P= L (0.0983¢. + 0.0267 3-27
p O.SSEC,.]( 3e, 67¢,) (3-27)

where e_ = eccentricity of the prestressing steel at midspan of the beam (in.)



242  REINFORCED CONCRETE BRIDGES
e, = eccentricity of the prestressing steel at the end of the beam (in.)

The downward deflection due to the dead load (weight) of the beam is

o 5w, L*1728

= —_— 3.
¢~ 0.5 x 384E,_,] (3-28)

where A? = downward deflection due to weight of beam (in.)
w, = weight of beam (Ib/ft)
L = beam length (ft)
E,, = flexural modulus of elasticity of the concrete at the time of
strand release (psi)
I = moment of inertia of the prestressed beam (in.*)

The resulting camber, at the time of erection, from the prestressing force
and the weight of the beam is therefore

Camber = A? — A?

The practical value of these computations is in adjusting the seat eleva-
tions to ensure the specified slab thickness throughout the span. In addition,
it is necessary to compute deflections of the beams due to the weight of the
slab. These deflections are then used to adjust the grade line (theoretical
profile elevations).

Numerical Example For the example of Figure 3-38, we first compute the
modulus of elasticity:

E. = 150'% X 33 X V4000 = 3.83 X 10° psi

and
F, = 28,900 x 16 = 462,400 1b

Using (3-27), we obtain A? = 1.9 in. upward. Using (3-28), we obtain A2 =
0.75 in. downward. Therefore,

Camber = 1.90 — 0.75 = 1.15 in. upward

Considerations of Optimum Design for Prestressed
Concrete Tension Members

Procedures for optimum design of prestressed concrete tension members
should consider maximum allowable compression, ultimate strength, protec-
tion against cracking and decompression, minimum reinforcement, and maxi-
mum immediate and long-term deformations. These design criteria can be
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FIGURE 3-45 Structures where tension members are used: (g) arch bridge;
(b) inverted suspension bridge; (c) truss bridge.

expressed in terms of two unknown variables, namely, the area of prestress-
ing steel and the cross-sectional area of the concrete. The relationships
representing the various criteria may then be assembled in a feasibility
domain bound mainly by linear functions. Using design approximations
acceptable for practical applications, Naaman (1982) has reduced the analysis
to a linear programming problem in which the objective is to minimize the
cost and /or the weight of the member.

Besides the conventional beam-type bridge, examples of tension members
in bridge construction are shown in Figure 3-45. Morandi (1969) built several
bridges featuring prestressed concrete tension elements used in a cable-stayed
configuration. Lin and Kulka (1973) designed and built the inverted suspen-
sion bridge over Rio Colorado in Costa Rica, where a catenary-shaped
prestressed concrete ribbon spanning 146 m (480 ft) was used to support the
horizontal deck. Such bridges may represent a comparatively economical
solution for crossing deep valleys (Matsushita and Sato, 1979; Lin and Burns,
1981).

In general, prestressed concrete tensile members have not generated a
great need for experimental research. Wheen (1979) has explained the
influence of the variables on the load—deformation response of prestressed
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concrete ties, and confirms that in their precracking range these members
essentially behave as predicted theoretically. Because prestressed concrete
tension members are expected to perform in the linear elastic uncracked
range under service loads, their analysis and design are relatively simple (Lin
and Burns, 1981; Nilson, 1978). However, current design criteria have been
extended to include cracking, maximum elongation, and ultimate resistance.

Service Stresses, Cracking, and Ultimate Load The net area A4, of a
concrete section subjected to a prestressing force is

A, =A, — Ay (3-29)
where A, = gross sectional area of the member
A, = area of prestressing steel

Based on criteria that establish the margin of safety against cracking under
force effects as well as a safety margin against decompression, Naaman

DESIGN CKiTERION LIMITATION:

{a),(a') Maximum compressive stress, effective and initial
(b) Margin of safety against cracking

{c) Margin of safety against decompression

(d) Minimum reinforcement

{e) Required ultimate strength

{(f] Maximum deformation
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FIGURE 3-46 Geometric representation of design criteria and feasible domain.
(From Naaman, 1982.)
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FIGURE 3-47 Graphical solutions for minimum-cost design problem. (From
Naaman, 1982.)

(1982) proposes a procedure based on the two unknown variables A, and
Aps A geometric representation of feasible sets of these parameters is shown
in Figure 3-46, and is defined as the feasible domain. A wide range of choices
is possible, but for optimum design the selection must yield the lowest cost.
Interestingly, most criteria yield straight-line representations, except for
safety against cracking and decompression which yield curves b and c.

Naaman (1982) also presents a methodology for minimum-cost design
based on unit weights and unit costs for the prestressing steel and the
concrete. A general optimization problem is formulated subject to appropri-
ate constraints representing design criteria. Because the objectives and
constraints are expressed in terms of linear functions, the problem involves
linear optimization and is solved by a linear programming algorithm. An
example of a linear solution is given graphically in Figure 3-47. The represen-
tative line can be moved graphically in a parallel translation from the zero
point to a minimum cost for which only one point of the line belongs to the
feasible domain. This point is the vertex B of the graph ABCD, and gives the
minimum-cost solution.

Continuity in Precast Prestressed Bridge Girders

One of the main uncertainties in the design of continuous prestressed girders
is the prediction of the elastic, inelastic, time-dependent, and ultimate
positive and negative moments at the cast-in-place connection diaphragms
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over the piers. This uncertainty is related to the different loading and
construction stages, time-dependent effects, and the details used to make
connections. Oesterle, Glikin, and Larson (1989) have developed procedures
that can ensure more rational designs, based on experimental and analytical
programs. Recommendations are given for service moments and strength
design.

Design for Service Moments Results of studies of time-dependent re-
straint moments and service load moments at supports of bridges made
continuous indicate that there are no structural advantages in providing
positive moment reinforcement at supports. The time-dependent positive
restraint moment generally induces a crack in the bottom of the diaphragm
concrete, but with the application of live load this crack must close prior to
inducing negative moment at the continuity connection. Positive moment
reinforcement reduces the crack size and thus increases the apparent live
load continuity. However, the positive restraint moment resulting from the
presence of reinforcement at the bottom of the support connection also
increases the positive midspan resultant moment. Hence, positive reinforce-
ment across the girders at the supports does not benefit flexural behavior.

Positive service moments at midspan consist of simple-span moments due
to girder and deck weight, moments acting on the continuous structure
induced by superimposed dead load and live load plus impact, and time-
dependent restraint moments at the supports. The results show, however,
that the time-dependent behavior can influence the continuous behavior to
the extent that the effective continuity for live load plus impact can vary from
0 to 100 percent.

Time-Dependent Restraint Moments In analyzing the bridge to determine
time-dependent restraint moments, full structural continuity is assumed. This
applies with or without positive moment connections at the supports. Super-
imposed dead load applied shortly after continuity is established should be
included in restraint moment analysis. Relevant time factors should reflect
the expected construction schedule and should also account for the variability
of creep and shrinkage behavior because time-dependent effects can vary
significantly (see also AASHTO Axrticle 9.13.3.3).

Midspan Service Moments The continuity moment, used to compute load
effects at midspan under service conditions, is defined as the sum of restraint,
additional dead (superimposed) load, and live load plus impact moments. If
the average of the continuity moments for the two supports is positive,
time-dependent effects have reduced the effective structural continuity for
live load plus impact to 0 percent. In this case the positive midspan moment
should be calculated as the sum of simple-span moments for superimposed
dead load and live load plus impact.
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FIGURE 3-48 Determination of service load design moments at midspan.

If the average of the continuity moments for the two supports is negative
and does not exceed 125 percent of the negative cracking moment, partial or
full structural continuity exists. In this case the positive span moment may be
calculated by adding the simple-span and continuous-span moments to the
average calculated restraint moment.

The summation of moments (excluding simple-span moments due to the
weight of the deck and girder) for a typical symmetrical span is illustrated in
Figure 3-48, and is self-explanatory. If no analysis is carried out to determine
time-dependent restraint moments and no positive moment reinforcement is
provided at the supports, the midspan service moment should be taken as the
sum of simple-span superimposed dead load and live load plus impact
moments.

Negative Moment at Supports Likewise, the effects of possible negative
restraint moment should be included. Results of time dependent analysis
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indicate that maximum negative moment and maximum potential for crack-
ing in the deck occur approximately 50 days after casting the deck and the
diaphragm. Therefore, the restraint moment should be calculated for the
same time. For checking fatigue limits, the maximum negative moment at an
early age is essentially a transient condition. Although restraint moments can
remain negative for the life of the structure, they reach a reduced and
relatively constant level in about Z years.

Service Moments at Supports The service moment at the supports should
consist of the sum of peak negative restraint moment, superimposed dead
load moment, and live load plus impact moment computed for full structural
continuity. Negative service moment stresses in steel and concrete should be
calculated using cracked, transformed section properties. Concrete compres-
sive stress should include stress due to prestress force acting on the girder
only.

Strength Design Because stresses and strains in the girder from creep and
shrinkage are self-limited, the presence or absence of time-dependent re-
straint moments has no effect on the strength of the structure.

For positive moment at midspan, the factored design moment should
include dead load (girder and deck) acting on the simple beam, and superim-
posed dead load and live load plus impact acting on the fully continuous
structure. For negative moment at the supports, the factored design moment
consists of the superimposed dead load and live load plus impact using full
continuity (see also the foregoing design example).

Construction Sequence Continuity performance appears to be highly
relevant to the age of the girder when the deck and diaphragms are cast.
Higher negative restraint moments at the support connections are likely
when continuity is established at a late girder age. Full continuity for live
load can be ensured, depending on the age of the girder at the time the deck
and diaphragms are cast and on the creep coefficient for the girder concrete.

Casting the deck prior to casting the diaphragm increases the resultant
positive moment at midspan, but inhibits the potential for deck cracking.
Casting the diaphragm before casting the deck decreases the resultant
midspan positive moments only slightly, but increases the potential for deck
cracking. Thus, there is no obvious advantage to sequencing the casting of
the deck and diaphragms.

Modifications to AASHTO Specifications Pertinent revisions are recom-
mended for AASHTO Articles 9.7.2 and 9.1.3. These include the definition
of effective restraint moments and procedures for calculating positive and
negative moments for service load and strength design.
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3-14 PRESTRESSED WAFFLE SLAB BRIDGES

One of the early posttensioned waffle slab bridges is reported by Lin et al.
(1969). In the past waffle slabs were considered incompatible with the
predominantly one-way supporting systems. With its severe skews and irregu-
larly shaped platforms, however, waffle construction has been shown to
provide structural benefits (Kennedy and Ghobrial, 1980). In the same
context, waffle slabs may be compared to voided slabs prone to cracking. The
associated advantages are (a) dead load reduction, (b) more efficient live load
distribution, (c) enhanced deck durability, and (d) reduced dead load mo-
ments and smaller deflections.

Posttensioned waffle slab bridges can be analyzed by superimposing a
bending analysis to an in-plane stress analysis assuming no coupling
(Kennedy and El-Sebakhy, 1980). The results of an uncoupled analysis are
valid if the associated deflections are small. The context of orthotropic
concrete structure in this case means that orthotropy is the result of geome-
try rather than of material as shown in Figure 3-49. Because of variations in
sections the member is actually anisotropic, but if the elastic constants are
chosen to represent the bending and twisting behavior, the applicability of
orthotropic plate theory is valid.

From these considerations Kennedy and El-Sebakhy (1980) have devel-
oped analytical expressions for bending and twisting moments and shears.
In-plane stress analysis involves stresses written conveniently as a Fourier
series. The final results are obtained by appropriate superpositions, whereby

FIGURE 3-49 Geometry of prestressed concrete waffle slab structure with reference
axes. (From Kennedy and El-Sebakhy, 1980.)
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deflection and moments are found from the bending analysis, and total
stresses and strains are derived from the bending and in-plane analysis.

Test Studies Test studies have been carried out by Kennedy and
El-Sebakhy (1980) to compare the structural response between a waffle slab
(system 1) bridge and a uniform prestressed slab (system II) bridge, both
having the same volume of concrete and the same amount of steel. The
calculated flexural rigidities of system I are almost double those of system II,
whereas its torsional rigidity is one-fourth that of system II. Other differences
are as follows.

1. The deflection of system I is more favorable than in system II. A
comparison of the camber of the two systems articulates this difference.
The considerable reduction in the degree of bending for system I
reduces the secondary stresses induced under sustained load.

2. For a live load of 1 kip applied at the center, the resulting strains in
system I were compressive when system II exhibited some tension in
the central section of the bridge.

3. If a triangular stress distribution was assumed with zero tensile stress in
the bottom fiber of the center section, system I yielded a live load
capacity several times that of system II for both rectangular and skew
bridges.

Continuous Bridges Similar studies have been extended to continuous
waffle slab units over line piers by super-imposing the in-plane and bending
solutions (Gupta and Kennedy, 1978), adjusted to accommodate the appro-
priate boundary conditions. For slabs supported on isolated columns, a
solution cannot be developed unless the column reaction is evaluated first.

Recent Feasibility Studies Kennedy (1987) reports feasibility studies un-
dertaken to investigate the structural efficiency of waffle slab bridges com-
pared with the solid slab and the slab-on-girder (one-way, ribbed slab) type.
The following three categories are considered.

1. Category I includes two-span continuous structures, as shown in Figure
3-50q, with skew ranging from 0° to 45°. The concrete volume is kept
constant, as shown in Figure 3-50c.

2. Category 1I has the same plan as category I, but the bridges are
continuous over two isolated supports, as shown in Figure 3-50b.
Likewise, the concrete volume is kept constant.

3. Category III has a plan configuration as in category 11, except that cross
sections are chosen to have constant depth, as shown in Figure 3-504.
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FIGURE 3-50 Details of bridges in feasibility study.

Elastic Analysis The linear elastic response of prestressed waffle bridges
requires realistic estimates of the orthotropic rigidities. In addition, the
following assumptions are made: (a) the number of ribs is large enough for
the real bridge to be replaced by an idealized model with continuous
properties and (b) the deck area is magnified by the factor 1/(1 ~ u2) to
allow for the influence of the Poisson’s ratio u.

Calculated rigidities derived from these assumptions are affected by creep
that also influences the modular ratio n. These influences can be readily
accounted for by adjusting E_ to a time-dependent modulus of deformation
(Saeed and Kennedy, 1970) and by augmenting a value of n according to
accepted behavior.

Uttimate Load Analysis Kennedy (1987) assumes yield line patterns of
failure for ultimate load analysis. This approach is based on (a) test results
from posttensioned waffle slab bridge models, (b) test results from simply
supported waffle slab bridge models, and (c) results from a parametric study
of a progressive failure analysis. In general, the predicted collapse load is
found to be lower than the actual collapse load because some load-enhancing
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TABLE 3-2 Ratio of Estimated Cost of Prestressed Concrete
Bridges in Solid Slab or One-Way Ribbed Slab (T-Beam)
Construction to That in Waffle Slab Construction

Bridge Skew Angle 8

Bridge
Category®  Type of Construction 0° 15° 30° 45°
I Solid slab 1.09 112 1.11 116
One-way ribbed slab (T beam) 1.62  1.61 1.59 1.68
II Solid slab 1.18 133 130 1.29
One-way ribbed slab (T beam)  2.07 220 202 228
III Solid slab 1.10 120 115 1.28

One-way ribbed slab (T beam) 1.22  1.46 145 1.51

“See Figure 3-50.

effects are ignored (e.g., strain hardening in the prestressing steel, torsional
resistance of the waffle slab, and, to a lesser extent, membrane action).

Results of Studies The economic advantages of the bridge categories of
Figure 3-50 are compared in Table 3-2. These cost estimates reflect the
volume of concrete in the superstructure, the amount of prestressing steel,
and the associated formwork. They do not include, however, the substructure
cost, scaffolding to support the formwork, and the bridge approaches. Unit
prices are based on 1983 Canadian dollars. The table gives the ratio of the
estimated total cost of each bridge in solid slab or one-way ribbed slab
construction to the estimated total cost of the corresponding bridge in waffle
slab construction.

In addition to these economic advantages, Kennedy (1987) concludes that
the presence of transverse ribs in waffle slabs benefits the serviceability limit
state by providing better crack control and by reducing local deformations
due to heavy wheel loads for better live load distribution.

In general, waffle slab bridges should be much stiffer than similar rein-
forced concrete superstructures, and with a smaller amount of secondary
stresses produced by sustained loads. The potential advantages become
greater with an increasing width—-span ratio or skew angle.

3-15 PRESTRESSED CONCRETE BOX GIRDERS

General Principles

The recent widespread use of posttensioned concrete box girders in bridge
decks is partly attributed to the availability of dependable larger tendons and
suitable jacking systems. Greater tendon lengths have become practical with
low-friction rigid conduits, and high-strength cast-in-place concrete is used to
improve efficiency.
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Design Requirements For cast-in-place box girders with normal span and
girder spacing, where the slabs are treated as an integral part of the
supporting girder, the entire slab width may be assumed to be effective in
compression. For members of unusual proportions, AASHTO stipulates
methods of analysis that consider shear lag principles in determining stresses
in longitudinal bending.

Strength and Deformation of Pretensioned Box Girders Taylor and
Warwaruk (1981) have used models to analyze prestressed concrete box
girders of arbitrary cross section subjected to bending, torque, and shear. A
constitutive matrix is developed for (a) uncracked concrete and (b) conditions
upon cracking. Relevant parameters include the postcracking member stiff-
ness and the cracked concrete shear modulus, derived as proposed by Houde
and Mirza (1974). In addition to the classical plate theory, finite-element
models are developed to simulate diaphragm action for the general di-
aphragm shape and thickness.

Failure Criteria 'The tensile and compressive strength of concrete is taken as
proposed by Kupfer, Hilsdorf, and Rush (1969) but with some simplifications.
Beyond cracking, the shear rigidity across the concrete crack is developed by
the aggregate interlock and dowel mechanisms. Failure in a structural con-
text is assumed to have occurred when one of the following conditions arises:
(a) a concrete element crushes, (b) a major prestress reinforcement element
is stressed beyond its yield strength, and (c) the member becomes unstable as
its strength reserve cannot sustain the imposed load increments.

Experimental Programs Taylor and Warwaruk (1981) have supplemented
the analytical assessment by an experimental test program that characterizes
the complex cross-sectional geometry of concrete box girders and combines
bending, torsion, and shear load patterns. The two different box versions
used in these tests are the rectangular shape and the trapezoidal shape
shown in Figures 3-51 and 3-52, respectively.

Comparison of Analytical and Test Results The analytical results are
influenced by the following physical aspects: (a) any errors in computing the
initial concrete modulus are magnified in predicting uncracked and cracked
beam deformations (this is because the stiffness contribution of reinforce-
ment in an uncracked underreinforced beam is small); (b) in the analytical
model, the maximum moment lever arm is defined by finite-element mesh
geometry and can give rise to modeling inaccuracy in shallow, thick-flanged
box beams; (c) in uncracked box girder walls the surface torsional shear stress
is larger than at wall midthickness, and because plane stress concrete
elements accommodate only uniform shear flow, the analytical model overes-
timates the torsional cracking strength; and (d) in some instances, transverse
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FIGURE 3-51 Rectangular beam cross section. (From Taylor and Warwaruk, 1981.)

reinforcement is not modeled effectively, resulting in a premature shear
failure.

In this study, the correspondence between model and experimental stiff-
ness in the elastic region is close (Taylor and Warwaruk, 1981). However, the
results indicate that the analytical model consistently underestimates the
beam failure loads. Thus, for all the beams tested in the experimental
program, bending moment dominated performance. Coupled with the shal-
low, thick-flanged section geometry of Figures 3-51 and 3-52, the compara-
tively shorter model bending moment arm at failure results in premature
yielding of the tension reinforcement. However, for underreinforced box
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FIGURE 3-52 Trapezoidal beam cross section. (From Taylor and Warwaruk, 1981.)
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girders of smaller wall thickness—depth ratios, the discrepancy in predicting
strength is diminished.

The analytical model performance compares to current theory in terms of
strength characteristics. For pure torsion, model and theoretical ultimate
capacity predictions are close."However, strength comparison under pure
shear conditions is difficult because analytical loading combinations do not
isolate the critical cross section from concentrated load effects or the pres-
ence of large moments.

Model Study of Standard Prestressed Bridge

Standard precast concrete trapezoidal girders have been used in typical
two-span bridges with spans in the range of 100 to 150 ft. Several states and
provinces (e.g., Ontario, Canada) have standardized this concept and devel-
oped typical girder configurations. When used in conjunction with a central
pier column, the outline of a prototype structure is as shown in Figure 3-53.

The construction sequence is outlined in Figure 3-53a and involves a
two-span bridge with a total length of 230 ft. For a two-lane roadway, four
girders are required, each containing a pair of precast pretensioned troughs
placed in series in each span. These units are made continuous with an
in situ central pier cap using longitudinal prestressing, and they develop
composite action with the deck as in the foregoing examples. The deck is cast
simultaneously with the pier cap that is transversely prestressed to allow the
use of a single circular column as the central pier. The system has high
torsional capacity and a relatively small construction depth (about 1 /27 of
the span).

Although the analysis of the system indicates a structural adequacy in
terms of flexural and shear stresses, some concern remains about the in-
tegrity of the interface section at the junction with the pier cap as shown in
Figure 3-54. This involves the behavior of the structure in the negative
moment region (at the junction of the pier cap with the precast girder) and
the fact that reliance is placed entirely on the longitudinal prestress to ensure
integrity at the interface section, with the latter located in a zone where high
bending moments and shears occur simultaneously.

These problems have been studied by Batchelor, Campbell, McEwey, and
Csagoly (1976) under working and ultimate load conditions with emphasis on
(a) the ultimate strength and mode of failure of the interface section under
conditions producing maximum shear at this location, (b) the amount of slip,
if any, that may be expected between the precast girder and the cast-in-place
pier cap at working and ultimate loads, and (c) the ultimate load and mode of
failure at the section directly over the pier.

Theoretical Background The details of the theoretical model are articu-
lated by Batchelor, Campbell, McEwey, and Csagoly (1976), who also present
the criteria correlating the model and the prototype. The parameters M and
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V' (moment and shear, respectively) corresponding to ultimate load condi-
tions were determined according to the 1969 AASHO factors, or U =
1.5D + 2.5 (L + I), where U denotes the factored effects for ultimate capac-
ity. Secondary moments and shears due to prestress were included using a
load factor of 1.

Analysis of Data Using a scale model, Batchelor, Campbell, McEwey, and
Csagoly (1976) carried out tests, one in the working load range and four
beyond this range. Results from the working load test show that the response
of the model is essentially elastic. There was an apparent nonlinearity
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between stresses and strains resuiting from a modeling criterion (M/Vd =
constant). Measured concrete strains were small, and cracks were not ob-
served. The conclusion is, therefore, that the capacity of the prototype
interface section is adequate at working load, and cracking in the negative
moment region is unlikely at this load level.

Results from ultimate load tests indicated that cracking first occurred at a
model moment M, = 38.3 ft-kips. From theoretical considerations using
simple beam theory and uncracked section properties, the cracking moment
was calculated as 38.1 ft-kips. Using limited tensile strength, the cracking
moment was calculated as 37.3 ft-kips for an assumed cracking strength of
7-5\,/?2 . Calculations based on f, = 4000 psi and a cracking strength of
7.5/4000 gave a cracking moment of 38.8 ft-kips for exact scaled section
properties. Using the scale analogy between the model and the prototype,
Batchelor, Campbell, McEwey, and Csagoly (1976) concluded that the pier
section of the prototype will not crack until it is subjected to a moment
exceeding twice the working load moment.

The load-deflection relationship was linear up to first cracking, and the
model completed elastic recovery even from loads exceeding those at first
cracking. Shear strains measured at the interface did not disclose any slip at
this location.

Estimation of the ultimate capacity of the interface sections under com-
bined moment and shear was inferred at flexural-shear failure under ulti-
mate model moments of 107 to 113 ft-kips. Theoretical ultimate moments
were computed as 86.6 (AASHO, 1969) and 92.0 ft-kips based on the
capability of deformations and the equilibrium of forces. The difference is
explained as capacity enhancement due to the confinement of the section
within the crushing zone. :

3-16 PRINCIPLES OF STRENGTH DESIGN: CONVENTIONAL
REINFORCED CONCRETE DECKS

AASHTO Philosophy

The load factor equations simply state that the design strength (nominal
strength multiplied by a strength reduction factor) must exceed the required
resistance (factored load effects). The proportioning of a member is con-
trolled, however, by various stages of behavior: elastic, cracked, and ultimate.
The latter may have to be altered when the limiting stages are the elastic and
cracked conditions for working loads, but these proportions should not give a
resistance less than the ultimate state. A member is thus satisfactory if its
proportions satisfy the various limiting stages under the most credible loading
conditions. In this context, member response is better weighted throughout
the various stages of behavior, and the structural safety is more uniform.
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At the ultimate stage, load effects are resisted by the tensile yield strength
of steel and by the compressive strength of concrete. Where high-yield-
strength steels are used and flexural behavior is involved, excessive crack
widths and deflections may develop and thus require additional controls.
Serviceability is therefore considered in strength design and includes limita-
tions with reference to (a) structural fitness at overload conditions and
(b) safety against excessive cracking, deflection, vibrations and permanent set,
and fatigue of materials.

Ultimate Loads The load magnification coefficients B and overall load
factors y are applied to the working loads, and are taken from Table 2-5
(AASHTO Table 3.22.1A). These factors are derived taking into account the
probability of a limiting stage such as accidental damage, possible increase in
loads, construction defects, and possible stress redistribution. The load
factors are also modified for different loading groups, but Group I normally
controls superstructure design.

Typical values of the strength reduction factor ¢ are shown in Table 3-3.
These values may be increased linearly from the values for compression
members to the values for flexure as the design axial load decreases from its
designated value to zero.

Fatigue and Crack Control In investigating stresses at service loads to
satisfy fatigue and crack control requirements, the straight-line theory of
stress and strain is used together with the assumptions stated in AASHTO
Article 8.15.3.

The fatigue strength of reinforced concrete superstructures is discussed in
Section 12-14. Failures of reinforced beams subjected to repeated loads may
occur in shear or diagonal tension, but the same beams under static load may
fail in steel tension.

With relatively high dead-to-live load ratios, the fluctuating stresses at
working loads would normally be less than half the compressive and shear
strengths of concrete, so that its fatigue strength will not be the governing
factor. Where high live-to-dead load ratios are involved, and where repeated

TABLE 3-3 Typical Reduction Factors, ¢, for
Strength Design (AASHTO Specifications)

Load Effect Value of ¢
Flexure 0.90
Shear 0.85
Bearing on concrete 0.70
Axial compression with spirals 0.75

Axial compression with ties 0.70
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applications are expected, consideration of the fatigue strength of concrete is
indicated.

For crack control, AASHTO provides criteria for the distribution of
flexural reinforcement if f, > 40,000 psi. Crack control is best obtained if the
reinforcement bars are well distributed over the effective concrete area, and
if this area has the same centroid. For a given area of concrete around a bar,
flexural crack width is independent of bar diameter, but crack spacing and
width decrease as the thickness of concrete cover decreases. It follows
therefore that cracking is inhibited if the volume of concrete around each bar
is minimal and the steel tensile stress is low.

Deflections In reinforced concrete decks, deflections depend on the elastic
and inelastic properties of the steel and concrete as well as on shrinkage and
creep. For members subjected to bending, deflections may control the strength
and serviceability criteria. The effects of shrinkage and creep should not be
ignored, and thus the calculation cf the final camber becomes more uncertain
as the span—depth ratio increases. Accordingly, the advantages of strength
design are enhanced as the span length increases and high-strength steel is
used. With increasing spans, however, the dead load begins to dominate, and
creep effects increase accordingly.

LRFD Specifications

The general principles of the LRFD philosophy are briefly discussed in
Chapter 2 and include strut-and-tie models (Section 2-15) to proportion
members near supports and concentrated loads where conventional methods
are not adequate because of nonlinear strain distribution.

Fatigue need not be investigated for concrete slabs with primary reinforce-
ment perpendicular to traffic or for slabs designed according to the stipulated
empirical methods. In regions of compressive stress due to permanent loads
plus prestress, fatigue must be considered only if this compressive stress is
less than twice the maximum tensile load stress resulting from the fatigue
load combination as specified in Table 2-12. If fatigue must be considered,
the stress range must be determined using the fatigue load combinations
specified in Table 2-12. The section properties should be based on either
cracked or uncracked sections under dead load plus prestress plus 1.5 times
the fatigue load, assuming an allowable tensile stress of 0.95\/}‘;’_ .

Resistance factors For the strength limit states (strength and stability),
the factored resistance is the product of the nominal resistance and a
resistance factor. For flexure and bearing on concrete, this factor is the same
as in Table 3-3. For shear, the factor is 0.90. A resistance factor of 0.80 is
stipulated for compression in anchorage zones.
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Design Considerations The specifications address the importance of
equilibrium and strain compatibility in the analysis, and require the investiga-
tion of the effects of imposed deformations due to shrinkage, temperature
change, creep, and support movement. Based on experience, the redistribu-
tion of load effects as a result of creep and shrinkage is not considered
necessary for most common structure types. In addition, a structure as a
whole and its components should be proportioned to resist sliding, overturn-
ing, uplift, and buckling.

Design for Flexural and Axial Forces The design assumptions are articu-
lated for (a) service and fatigue limit states and (b) strength and extreme-event
limit states. For usual designs, the rectangular stress distribution may be
used, defined by an equivalent rectangular concrete compressive block of
0.85f, over a zone bounded by the edges of the cross section and a straight
line located parallel to the neutral axis at a distance a = 8,c from the
extreme compression fiber. The distance ¢ is measured perpendicular to the
neutral axis. The factor 8, should be taken as 0.85 for concrete strengths less
than 4 ksi. For concrete with f/ > 4 ksi, B, is reduced at a rate of 0.05 for
each 1.0 ksi of strength in excess of 4.0 ksi, but 8, should not be less than
0.65. This distribution is essentially the same as in AASHTO Article 8.16.27.

The factor B, is related to rectangular sections. For flange sections with
the neutral axis in the web, B, has been found experimentally to be a
sufficient approximation. The factored resistance M, is the product oM,
where M, is the nominal resistance and ¢ is the resistance factor.

Control of Cracking The provisions for crack control apply to all concrete
components in which service loads cause tension in the gross section exceed-
ing 0.22/f!.

Satisfactory crack control is ensured when the steel reinforcement is well
distributed over the zone of maximum concrete tension. Thus, several bars at
moderate spacing are more effective in controlling cracking than one or two
larger bars of the same area. Laboratory work with deformed reinforcing bars
confirms that crack width at the service limit state is proportional to steel
stress. However, two significant variables reflecting steel detailing are the
thickness of concrete cover and the area of concrete in the zone of maximum
tension surrounding each individual bar.

Moment Redistribution Where bonded reinforcement is provided at inter-
nal supports of continuous beams and the ratio c/d, does not exceed 0.28,
negative moments determined by elastic analysis at strength limit states may
be increased or decreased but not more than 6.8 percent. Positive moments
should be adjusted to satisfy statics. In this case ¢ is the distance from the
extreme compression fiber to the neutral axis, and d, is the thickness of the
concrete cover measured from the extreme tension fiber to the center of
the bar.
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Deflection and Camber Long-term deflections should be calculated taking
into account creep and shrinkage factors that include the effect of aggregate
characteristics, humidity, relative member thickness, maturity at time of
loading, and length of time under load. Camber calculations should be based
on the modulus of elasticity and the maturity of concrete when loads are
added or removed.

Compression Members The analysis should consider the effects of axial
loads, variable moment of inertia on member stiffness, fixed-end moments,
deflections on moments and forces, and the duration of loads. Provisions
should be made to transfer all force effects from compression components,
adjusted for second-order moment magnification, to adjacent components. If
the connection is by a concrete hinge, longitudinal reinforcement should be
centralized within the hinge to minimize moment intensity, and should be
developed on both sides of the hinge.

Tension Members For members in which the factored loads induce tensile
stress throughout the cross section, the axial force shall be assumed to be
resisted only by the reinforcement.

Shear and Torsion Regions of members that can be reasonably assumed
to have plane sections can be designed for shear and torsion using two basic
methods. With the sectional model, the member is checked by comparing the
factored shear forces and the factored shear resistance at various sections
along its length. This model is appropriate for typical bridge girders, slabs,
and other components where conventional beam theory is valid. The theory
assumes that the response at a particular section depends only on the
calculated force effects and does not consider the mechanism of how these
force effects are introduced. Although the strut-and-tie model can be applied
to flexural regions, it is more appropriate near discontinuities where the
actual flow of forces must be considered in more detail.

The general requirements for torsion are based on the factored torque
resistance T, taken as T, = ¢7,,, where T, is the nominal torque resistance
and ¢ is the resistance factor. Consideration of torsion is based on a
quantitative criterion. If the factored torsional moment is less than 0.25 times
the pure torsional cracking load, it is assumed to cause only a small reduction
in shear capacity or flexural capacity and hence can be neglected.

3-17 PRINCIPLES OF STRENGTH DESIGN:
PRESTRESSED CONCRETE DECKS

General Considerations

The analysis presented in the foregoing sections generally applies to predic-
tions associated with elastic behavior. The moment producing initial cracks in
the prestressed beam is thus computed from elastic theory. Cracking starts
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when the stress in the extreme fiber exceeds the modulus of rupture, taken as
7.5\/f‘c’ according to the ACI code. Some investigators question the validity of
this analysis although available data show that the elastic theory is sufficiently
accurate up to the point of cracking. A further concern is whether the usual
bending test for the modulus of rupture can give values of the tensile
strength of concrete under prestress effects.

Assuming elastic theory, we rewrite (3-15) as

F  Fey My
= —— - — 4 —
1 A 1 I
which gives the value of f, initiating cracking. Rearranging the terms, we
obtain the cracking moment as

(3-30)

FI  fI
M, =Fe+ — +
Ay y

(3-31)

where f,1/y = resisting moment due to the modulus of rupture of concrete
Fe = resisting moment due to the eccentricity of prestress F
FI/Ay = moment due to the direct compression of the prestress

Ultimate Moment The methods proposed for determining the maximum
flexural resistance of prestressed sections are either purely empirical or
highly theoretical. The empirical methods are basically simple, but limited to
the conditions of the test. The theoretical approach is intended mainly for
research and is unnecessarily complicated for design purposes. The compro-
mise is a rational approach jointly presented by AASHTO and ACI, consis-
tent with test results but neglecting refinement of an inconsequential nature,
so that reasonably correct answers are obtained in a consistent manner.

The design flexural strength is specified for rectangular and flanged
sections (AASHTO Article 9.17). The members may be assumed to act as
uncracked sections under combined axial and bending effects within the
specified service loads. The analysis is articulated for bonded and unbonded
members.

Bonded Beams In this case failure is assumed to occur in flexure without
shear, bond, or anchorage failure that may decrease strength. The method
involves the simple: principle of a resisting couple in a prestressed beam, as
shown in Figure 3-55. At the ultimate load, the couple is made of two forces
T’ and C' acting with a lever arm a'. The steel supplies the tensile force 77,
and the concrete supplies the compressive force C’.

Failure may start either in the steel or in the concrete. A general case is
the failure of an underreinforced section where failure begins with excessive
steel elongation and ends with the crushing of concrete. Failure of an
overreinforced section where the concrete is crushed before the steel is
stressed in the plastic range is fairly uncommon. Another unusual mode of
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FIGURE 3-55 Internal resisting couple | =~ ——e——_ .
C-T' with arm a'. (From Lin and Burns, ]
1981.)

failure is when a highly reinforced section fails by the breaking of the steel
immediately following the cracking of concrete (Lin and Burns, 1981).

A sharp line of demarcation between an overreinforced and an underrein-
forced beam cannot be drawn because the transition from one type to
another occurs gradually as the percentage of steel changes. A clear distinc-
tion between unbalanced and balanced conditions is academic for all practi-
cal purposes because most prestressing steels do not exhibit a definite yield
point. Appropriate guidelines are thus introduced by limiting the reinforce-
ment index p* to ensure that the prestressed steel will be the first material
to enter the yield range, and these lead to (3-20).

For underreinforced bonded beams, the steel is presumably stressed to a
level that approaches its ultimate strength at the point of failure for the beam
in flexure. At this ultimate stage it is sufficiently accurate to assume that the
steel is stressed to a value of fX*. Provided the effective prestress is not less
than 0.5f, the approximate value for £ is given by (3-17).

The derivation of an expression for the ultimate resisting moment is based
on the following considerations. First, referring to Figure 3-55, the ultimate
compressive force equals the ultimate tensile force in the steel, or C' = A; fok.
Next, it is necessary to locate the center of pressure C’. Among the many
plastic theories assuming a stress block that has the shape of a rectangle,
trapezoid, or parabola, we choose a simple rectangle. The depth of the
compression zone, kd, is now computed from C' = k, f;kbd, where k, f; is
the average compressive stress in concrete at rupture. It follows that the lever
arm is @ = d(1 — k/2). Although some discrepancies exist in the values of k,
computed according to elastic theory and those resulting from cube strength
tests, variations in these values do not appreciably affect the lever arm a. For
design purposes a value of k, = 0.85 is assumed. In this case for a rectangu-
lar section, for the compression area and underreinforced conditions, the
ultimate resisting capacity is expressed by (3-19).

Unbonded Beams Although a reliable computation method of the ultimate
strength is not available, it is generally agreed that unbonded beams are
weaker than bonded members by 10 to 30 percent. Among the reasons for
the lower ultimate strength is the appearance of several large cracks in the
concrete instead of many small well-distributed cracks.
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general formula for fJ}, the stress in steel at ultimate load, is f* =
Af;, where f, is the effective prestress in the steel and Af, is the

additional stress in the steel produced as a result of bending up to the
ultimate load. Results from tests (Lin and Burns, 1981) indicate a broad
range of values for Af; ranging from 10,000 to 80,000 psi. A more conserva-

tive a

pproach is followed by AASHTO where Af, is taken as 15,000 psi.

Composite Sections Most PPC beam-and-slab bridges are composite, as
in the example of Section 3-11. For the usual construction and erection
procedure, the stress distribution) for various stages of loading is shown in

Figur

e 3-56 and is explained as follows.

. (Figure 3-56a) Under the initial prestress and the weight of the beam,

there is heavy compression in the bottom fibers and possibly some small
tension in the top fibers. The resisting couple C-T is formed with a
small lever arm.

. (Figure 3-56b) After losses have occurred, the effective prestress and

the accompanying stress redistribution lower the compression in the
bottom and result in a smaller tension, and possibly some compression,
at the top.

. (Figure 3-56¢) The addition of the slab causes the stress diagram

shown.

. (Figure 3-56d) The effects in Figures 3-56b and ¢ are now added. The

compression at the bottom becomes smaller, and some compression
exists at the top. The lever arm for the C-T couple further increases.
(Figure 3-56¢) As the live load is added the moment is resisted by the
composite section, and the stresses are as shown.

. (Figure 3-56 f ) The effects in Figures 3-56d and e are added to produce

the stress diagram shown.

There may be slight tension or some compression in the bottom fibers,
whereas the compressive stresses at the top are increased. The resisting
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FIGURE 3-56 Stress distribution for a composite section. (From Lin and Burns,

1981.)
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FIGURE 3-57 Stress distributions for cracking and ultimate loads. (From Lin and
Burns, 1981.)

couple C-T acts with an appreciable lever arm. Usually, the force is applied
in the flange.

The foregoing comments highlight the stress distribution under working
load conditions. For overloads, the stresses are distributed as shown in
Figure 3-57. When the first cracks occur, the lower fibers reach a tensile
stress presumably equal to the modulus of rupture. This pattern is mani-
fested when the live load stresses in Figure 3-56e plus an overload dead
weight are high enough to cause the stresses shown in Figure 3-57a, com-
puted by elastic theory.

Under ultimate conditions, however, the elastic theory is not entirely valid.
As a first approximation, the ultimate resisting couple is represented by the
system shown in Figure 3-57b. As long as failure in bond and shear is
controlled and prevented, the ultimate strength of the composite section can
be predicted as in a simple prestressed member.

LRFD Specifications

In the current (third) draft of the specifications, the provisions for the design
of prestressed and partially prestressed concrete are combined because of the
apparent similarity. On the other hand, the concept of partial prestressing
results in a unified theory where conventional reinforced and prestressed
concrete become special boundary cases. As a design concept, partial pre-
stressing allows one or more (in combination) of the following design
solutions: (a) a concrete member with a combination of prestressed and
non-prestressed reinforcement designed to resist the same force effects
simultaneously, (b) a prestressed concrete member designed to crack in
tension under service load, and (c) a prestressed concrete member where the
effective prestress in the prestressed reinforcement is kept lower than its
maximum allowable value.

Prestressed and partially prestressed concrete members should be de-
signed for both initial and final prestressing forces.
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Loss of Prestress Prestress losses in members constructed and pre-
stressed in a single stage include (a) instantaneous loss due to anchorage set,
friction, and elastic shortening and (b) time-dependent loss due to creep,
shrinkage, and relaxation. Prestress loss in multistage construction and post-
tensioning should be determined by considering the time elapsed between
stages.

Losses for partially prestressed concrete can be estimated in a similar
manner. The following comments are useful: (a) instantaneous prestress loss
is the same as in a fully prestressed members; (b) the average concrete stress
in a partially prestressed member is normally smaller than in the fully
prestressed stage and therefore prestress loss due to creep is also smaller (if
cracking exists under sustained load, the loss of prestress due to creep can be
neglected); (c) if the prestressing steel is tensioned to the same initial level as
in a fully prestressed member, the relaxation loss would be the same
(however, since creep has a lesser effect, the relaxation loss would be slightly
higher); (d) all other factors being equal, prestress loss due to shrinkage
should be the same; (e) the presence of considerable non-prestressed rein-
forcement in partially prestressed concrete results in smaller prestress loss;
and (f) because a partially prestressed concrete member can crack under
sustained load, the prestress loss in the steel may be balanced by the increase
in the steel stress at cracking (this increase is needed to maintain equilibrium
and account for the loss of tensile capacity contribution by the concrete
section).

Losses for Deflection Calculations For camber and deflection calculations
of prestressed nonsegmental members with spans not exceeding 160 ft, made
of normal-weight concrete with a strength in excess of 3.5 ksi at the time of
prestress, f,,, and f_,, may be computed as the stresses at the center of
gravity of the prestressing steel averaged along the length of the member. In
this case f_,, is the concrete stress due to the prestressing force at transfer
and the self-weight of the member at sections of maximum moment, and feap

is the concrete stress due to all dead loads at the same section for which fcgp

is calculated.

Other Provision Other special concerns associated with partially pre-
stressed members relate to losses under various prestressing ratios, crack
control, and fatigue behavior of prestressing steel in a cracked section.

The provisions also address the stability and integrity of tendons against
crushing or pulling out of curved girders, the design of posttensioned anchor-
age zones, and the durability of prestressed concrete members. Criteria for
crack width control emphasize the maximum steel stress, and rules are
provided to ensure the uniform distribution of flexural tension steel and
nominal steel along the side faces between the tension face and the neutral

axis.
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Curved tendons are known to induce deviation forces that are radial to the
tendon in the plane of its curvature. Curved tendons with multiple strands or
wires also induce out-of-plane forces perpendicular to the plane of tendon
curvature. Without adequate reinforcement, the tendon deviation forces may
rip through the concrete cover on the inside of the tendon curve, or
unbalanced compressive forces may push off the concrete on the outside of
the curve.

New Provisions For Shear

The suggested shear design model takes into account residual tensile stresses
in cracked concrete. The model is applied to both prestressed and non-pre-
stressed members and quantifies the effects of longitudinal reinforcement,
magnitude of moment, and axial force and member size (Collins, Vecchio,
Adebar, and Mitchell 1991).

Tests by Vecchio et al. (1986) of reinforced concrete panels subjected to
pure shear have shown that tensile stresses exist even after cracking, and can
significantly enhance the ability of concrete to resist shear stresses. The
cracked concrete transmits load in a complex manner. In a modified com-
pression field model, this behavior can be represented without considering all
the details. Thus, the crack pattern is idealized as a series of parallel cracks
forming an angle # with the longitudinal direction. Only the average stress
state and the stress state at a crack are considered. As these two states are
statically equivalent, the loss of tensile stress in the concrete at the crack is
replaced by higher steel stresses and, after yielding of the reinforcement, by
shear stresses on the crack interface. The shear stresses transmitted across
the crack depend on the crack width. .

The average principal tensile strain €, in the cracked concrete is a damage
indicator that controls the average tensile stress f, in the cracked concrete,
the ability of the diagonally cracked concrete to resist compressive stresses
f,, and the shear stress v, that can be transmitted across a crack.

Approach to Shear Design The modified compression field model
(Vecchio et al., 1986) considers the influence of residual tensile stresses, but
its application requires certain simplifying assumptions. Referring to Figure
3-58, the shear stresses are assumed uniform over the effective shear area
b,,jd. The largest longitudinal strain €, within the effective shear area is used
to calculate the principal tensile strain €,. In principle, €, can be calculated
from a plane section analysis that considers the influence of axial load,
moment, and shear. For design purposes, it is approximated as

_ (M/id) + 05N, + 0.5V, cot 0 — Ayifie
* EA, +E A,

(3-32)

€
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FIGURE 3-58 Beam subjected to shear, moment, and axial loads; modified compres-
sion field theory. (From AASHTO, 1992.)

where A, and A, are the areas of non-prestressed and prestressed steel,
respectively, on the flexural side of the member.

From strain compatibility, the principal tensile strain €, is related to e,
and the principal compressive strain €, by

€, =¢€,+ (e, — €;) cos® § (3-33)

As €, becomes larger and the inclination 8 becomes smaller, the “damage
indicator” €, becomes larger.
The shear strength ¥, can be expressed as

Ve=V.+ V. + 1,

A
=3¢Emm+-f§mane+n (3-34)

where V. = shear strength provided by residual tensile stresses in the cracked
concrete
V, = shear strength provided by tensile stresses in the stirrups
V, = vertical component of force in the prestressing tendons

The values of § and B obtained from the modified compression field model
are given in Table 3-4 for members with web reinforcement and in Table 3-5
for members without web reinforcement. Analytically, the factor B is based
on the expressions

g 0.18 b P 0.33cot @ (3.35)
T ——— ut < — -
03 + 24w 1 + /500,
a+ 16

The expressions in (3-35) are based on shear stresses that can be transmitted
across diagonal cracks. These are a function of crack width w and the

maximum aggregate size a.
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TABLE 3-4 Values of B and 8 for Members with Web Reinforcement

Longitudinal Strain €, X 1000

v/f! 0 0.5 10 1.5 2.0

< 0.05 B 0437 0251 0194 0163 0144
0 28° 34° 38° 41° 43

0.10 B 0226 0193 0174 0144  0.116
9 22° 30° 36° 38° 38°

0.15 B 0211 0189 0144 0109  0.087
0 25° 32° 34° 34° 34°

0.20 g 0180 0174 0127 009  0.093
9 27° 33° 34° 34° 37°

0.25 g 0189 0156 0121 0114  0.110
9 30° 34° 36° 39° 42°

The crack width is taken as ,s,,,, where s,, is the average spacing of
diagonal cracks. The second expression in (3-35) is based on an average
residual tensile stress in cracked concrete with a cracking stress of 0.33\/f—c' .
In deriving the values shown in Tables 3-4 and 3-5, the crack spacing s,,, is
taken as 300 mm for members with web reinforcement. For members without
reinforcement, the spacing of diagonal cracks is assumed as s,,,/ sin 8, where
s, is taken as shown in Figure 4-59.

Yielding of the longitudinal reinforcement is prevented if

u

jd

Af, + A, f, > — + 05V, + (V,— 0.5V, = V,)cotd  (3-36)

TABLE 3-5 Values of 8 and 0 for Members Without Web Reinforcement

Longitudinal Strain e, X 1000

x
(mm) 0 0.5 1.0 1.5 2.0
125 B 0.406 0.263 0.214 0.183 0.161
6 27° 32° 3 36° 38°
250 B 0.384 0.235 0.183 0.156 0.138
6 30° 37° 41° 43° 45°
500 B 0.359 0.201 0.153 0.127 0.108
0 34° 43° 48° 51° 54°
1000 B 0.335 0.163 0.118 0.095 0.080
6 37° 51° 56° 60° 63°
2000 B 0.306 0.126 0.084 0.064 0.052
] 41° 59° 66° 69° 72°
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FIGURE 3-59 Crack spacing parameter z. Member without crack control reinforce-
ment. (From AASHTO, 1992.)

Influence of Member Size Vecchio and Collins (1988) have shown that the
modified compression field theory predicts shear capacity of members with
web reinforcement fairly well (variation coefficients of about 10 percent). The
effect of axial tension on the shear capacity of members without web
reinforcement is also predicted accurately, with an 11 percent coefficient of
variation (Bhide and Collins, 1989).

For members without (web) crack control reinforcement, as member size
increases the crack spacing s,,, also increases; hence, for a given value of
strain €, the crack width will increase. An increase in crack width produces
an accompanying decrease in the shear stress that can be transmitted across
the crack and thus reduces the shear capacity of the member. Referring to
Table 3-5, members having large amounts of longitudinal reinforcement or
prestressed concrete members (with low values of €,) are less sensitive to
member size than members lightly reinforced or members subjected to high
moments (high €, values). For example, if €, = 0, the shear stress at failure
increases by a factor of 1.33 as the size decreases by a factor of 11. Likewise,
if e, = 0.002, the shear stress increases by a factor of 3.10.

Design of Stirrups The number of stirrups required to resist a given shear
V, can be determined from the expression

Auf, _
—2jd = (V, - B\/fib,id = V,)tan 8 (3-37)
N

where the factors B and 6 depend on the longitudinal strain parameter €,
reflecting the effects of the moment, axial load, prestressing, and longitudinal
reinforcement ratios. For members without web reinforcement, 8 and € also
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depend on member size. The sectional design model summarized in this
section is indicated for these regions of a member where plane sections can
be reasonably assumed to remain plane. If member regions have static or
geometric discontinuities, strut-and-tie models are more appropriate (Collins
and Mitchell, 1991).

3-18 DESIGN EXAMPLES: STRENGTH DESIGN METHOD
(LOAD FACTOR)

Slab in a T-Beam Bridge

The slab of Figure 3-11 will be checked for ultimate strength. The procedure
is based on the assumption that sufficient reinforcing steel is provided to
satisfy (a) ultimate strength and (b) distribution of flexural reinforcement
(crack control). Reference is made to AASHTO Eg. (8-15).

For design moment strength, we write

oM, = ¢[Asfyd(1 -~ 0.6%{—%} (3-38)

where M, = nominal moment strength
¢ =109
A, = area of tension reinforcement
p = A,/bd = tension reinforcement index
f, = specified yield strength of steel

f! = specified compressive strength of concrete

We also compute the factored moment as
M, = 1.3(0.36 + 1.67 x 3.90) = 8.93 ft-kips < ¢M,

Likewise, we compute

494 ( 0.6 x 0.0084 X 60
12 ( B 3.5

or oM, > M,

oM, = 0.9{0.50 X 60 X )] = 10.15 ft-kips

The criterion of crack control is satisfied if

fs < 0.6f, (3-39)

(4"
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where A = effective tension area (in.2) of concrete surrounding the flexural
tension reinforcement and having the same centroid as that
reinforcement, divided by the number of bars
d. = thickness of concrete cover measured from extreme tension fiber
to center of the closest bar (in.)
z = 130 kips/in., assuming that this member is exposed to aggressive
conditions and a corrosive environment

Continuous T-Girder Bridge

Figures 3-60a and b show elevation and cross section, respectively, for a
four-span continuous T-girder bridge of constant depth. The slab thickness is
7.5 in., and the span ratio is 70/50 = 1.4. We will assume a stem thickness of
18 in. Strength and stresses are taken as in previous examples. The live load
is HS 20.

Design of Slab The design span is the clear distance § = 6 ft 4 in = 6.33
ft. First, we compute the live load plus impact moment

633 +2

My r= (—32—) X 16 X 1.3 X 0.8 = 4.33 ft-kips

It 7 _Tf P Me
30-07 70-0" 700" 50-0"

240-0"

(a)

[0, . 44-0" Clear Roadway
R Symm. about € of Roadway ——, |
N .
1 8 "
350, 740 70" | 34
MOl T T
(b)

FIGURE 3-60 Four-span continuous T-girder bridge: (a) elevation showing dimen-
sions; (b) typical cross section.
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Recall from previous examples that dead load w = 0.119 kip /ft, and

0.119 x 6.332 _
Mgy = ———10——' = (.48 ft-kip

The total moment is 4.33 + 0.48 = 4.81 ft-kips.
For reinforcement in the top of the slab and #5 bars, d = 4.94 in., so that

4.81

= ———— = (0.55in.2/ft = 0.57 in.?
A 178 < 4.94 55in.%/ Use #5 at 6.5 in A 57 in.” /ft

For reinforcement in the bottom of the slab, d = 6.19 in., so that

4.81

= —————— =044 in? £ 8.5 in. 044 in.2
$ 7 178 X 6.19 in2/ft  Use #5at8.5in. A, = 0.44in.?/ft

A

For this example, we will check the ultimate resistance in the bottom
reinforcement. We compute

M, = 1.3(0.48 + 1.67 x 4.33) = 10.02 ft-kips

Note that p = 0.44 /(12 X 6.19) = 0.0059. Next, we compute

6.19 0.6 x 0.0059 x 60

M =09]044 +60 X ——|1 — = 11.52 > 10.02
oM, 12 3.5

Interior Girders From Figure 3-11, recall that the minimum superstructure
depth is 4.55 ft (use 4 ft 9 in.). Assume that the parapet is placed after the
deck. The dead loads are as follows:

Weight of slab = 7.83 x 0.625 X 0.15 = 0.73 kip/ft
Weight of girder = 4.125 X 1.50 x 0.15 = 0.93 kip /ft
From parapet 1.50 x 1.00 x 0.15/3 = 0.075 kip/ft
FWS 44 X 25/6 = 0.183 kip /ft

Total dead load w = 1.93 kips /ft

A diaphragm will be placed at midspan but its weight may be disregarded.
The distribution of wheel load is 7.83/6 = 1.31. The impact coefficient is

0.286 for end spans, 0.270 for supports B and D, 0.256 for support C, and

0.256 for spans BC and CD. For the span ratio of 1.4, moments and shears
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tions).
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AISC tables (Moments, Shears, and Reac-

At Working Loads

At Ultimate Load

Design Moment (ft-kip) (ft-kip)
Span AB
Mpp = 0.063 X 1.93 x 502 = 305 X130 = 397
My = % X131 x 1286 = 430 X217 = 933
Total M = 735 1330
At Support B
Mp = —0.145 X 1.93 x 502 = —-1700 X 1.30 = -910
M= ; x 131 x 1.27 = —394 X217 = _—855
Total M = ~1094 - 1765
Span BC
Mp = 0.0865 X 1.93 x 502 = 418 X130 = 543
M= -6? X131 x1.25% = 497 X217 = 1078
Total M = 915 1621
At Support C
Mg = -0.173 X 1.93 x 50> = -837 X130 = - 1088
M= ? X131 x125% = —440 X217 = - 955
Total M = -1277 —2043

Point C: Assume effective d = 53 in., then at ultimate conditions approxi-

mate

2043 x 12

A

* 7 60 x 0.85 X 53 x 0.90

=10.1in.?

For working stress, and again using 4 = 53 in., the approximate required

tensile reinforcement is

A = ——— =
' 178 X 53

1217

12.9in.2
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The required depth for balanced design is

1277
d=1 ———— = =63in.
0.211 X 1.5

The section therefore needs compression reinforcement. We estimate the
factor F = 4.3, and then we compute M — KF = 1217 — 211 X 43 = 310.
Likewise, we compute d' = 2.7 in., d'/d = 0.05, and ¢ = 1.59. Then

310

ro— - 2
As 1.59 x 53

3.7 in.

Now, select top steel 13 #9 bars, 4, = 13 in.2, and also bottom steel 4 #9
bars, 4, = 4 in.. Next, we compute (A, — A4,)/bd = (13 — 4)/18 X 53 =
0.0094 and also

fid )( 87,000 ) 3500 x 2.7 87,000

_ —— |l —=———=] =085 %085 X X
085[31( 74 |\ 570007, 5 X 085 X 65,000 x 53 27,000

- 0.0068

Because 0.0094 > 0.0068, the design moment strength (ultimate) ¢M,, is
computed from

OM, = d[(A, — A,)f(d — a/2) + A f,(d — d')] (3-40)

where

(A, - A,
0.85f.b

First, we compute a = (13 — 4)60,/0.85 X 3.5 X 18 = 10 in. The design mo-
ment strength is now

M. =0.90|(13 — 4)60 B =5 L aweo 227
oM, = 0.90( )(12) (12

” = 2849 ft-kips
In addition, the design must check the maximum reinforcement. The ratio of
reinforcement p provided should not exceed 0.75p, which would produce
balanced strain conditions for the section (the portion p, balanced by
compression reinforcement need not be reduced). Balanced strain conditions
exist at a cross section when the tension reinforcement reaches the strain
corresponding to its specified yield strength f, just as the concrete in
compression reaches its assumed ultimate strain 0.003.
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For a rectangular section, the balanced reinforcement ratio p, is given by

0.858,f/( 87,000 A S
"=[ f, (87,000+fy }“’(f_y) (3-41)

where

sJy

d')( 87,000 +fy)

[ 1_ __
Js 87’000[ (d 87,000

As a first approximation, we assume f = f,» then we compute p’ = 0.0042.
The balanced reinforcement ratio is

[0.85 X 0.85 x 3.50 (87,000)
Dy =

+0.0042 = 0.02
60 (147,000)} 0.0 8

or 0.75p, = 0.028 X 0.75 = 0.021. The actual reinforcement ratio is

= 0.013 < 0.021

P= 3% 18

Span BC: First, we assume j = 0.90 and d = 51 in. The design moment is
915 ft-kips (working load)

915

- — " _100in2
*~ 1.80 x 51 n

Approximate required A

Try eight #10 bars, 4, = 10.16 in.?, arranged as shown. The moments about
the soffit are as follows:

2 X 1.27 X 9.70 = 24.64
3 X 1.27 X 6.20 = 23.62
3 X127 X270 =10.29

10.16 58.55 y = 58.55/10.16 = 5.9 in.
Actual d = 51in. OK

2.7"| soffit
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The next step is to compute the depth of the equivalent rectangular stress
block a. If the compression flange thickness (in this case the slab thickness) is
equal to or greater than the dimension a, the design moment strength ¢M,,
may be computed from the same equations as for negative moment, that is,
the section is rectangular. This moment is then compared to the factored
moment of 1621 ft-kips.

If the compression flange thickness is less than a, the design moment
strength may be computed from AASHTO equations (8-19), (8-20), and
(8-21). For T-girder and box girder construction, the width of the compres-
sion face, b, should be taken as defined in AASHTO Article 8.10.

Load Capacity of Skew RC Box Girders: Case Study

Analytical and experimental results of the ultimate strength behavior of a
skew RC box girder bridge have been obtained by Scordelis, Wasti, and
Seible (1982). Based on postulated collapse mechanisms, failure loads were
imposed by successively increasing the applied load beyond the yield strength.

Ultimate Strength The skew of the substructure elements modifies the
distribution pattern of reactions at all locations. Girder moments in the span
and interior support are reduced compared to straight bridges. Based on a
linear elastic analysis, the distribution of the end support reactions under two
sets of five 20-kip loads at locations X and Y shows a definite concentration
toward the obtuse corner, as shown in Figure 3-61a. Also shown are the
resultant force and moment reactions at the abutments, representing a single
reaction with an eccentricity 3.45 ft from the center toward the obtuse
corner. In effect, this shortens the span length and results in reduced girder
moments.

Figure 3-61b shows the total longitudinal moments for span II, computed
from the reactions shown in Figure 3-61a. For the same spans and cross
section but with 0° skew, the maximum moments would be 562 ft-kips and
— 676 ft-kips at midspan and support, respectively. Thus, the introduction of
skew supports reduces the moments by 6 to 7 percent.

The bending moment capacity (ultimate) is computed from the actual yield
strength of the longitudinal reinforcement, as shown in Figure 3-61c. Also
shown is the dead load moment diagram. At section Y, a moment capacity of
1010 ft-kips is attained if a live load of 181 kips is placed at midspan,
producing the straight-line diagram shown. The maximum negative moment
of —1314 ft-kips at section Z is less than —1372 (yield moment capacity).
The calculated total moment at the center-bent region, based on the internal
longitudinal forces in the girders, is — 1112 ft-kips.

Yield Moments From the data of Figure 3-61, it appears that yield mo-
ments first develop at the loaded right midspan sections X and Y, but the
bridge skew and bar cutoff locations inhibit the explicit manifestation of the
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FIGURE 3-61 Skew bridge model reactions and moment capacities: (a) typical
distribution of support reactions for normalized 100-kip per span conditioning loads;
(b) total moments in undiaphragmed span due to normalilzed 100-kip per span
conditioning loads; (c) resisting moment capacity and moments due to dead load and
live loads of 181 kips at sections X and Y. (From Scordelis, Wasti, and Seible, 1982.)

critical regions, namely skew sections B and C and right sections Z, B”, and
C", shown in Figure 3-62. Sections B and C are about 2.6 ft on each side of
the center support, and their relatively high moment capacity is caused by the
considerable longitudinal reinforcement. Accordingly, they are not immedi-
ately critical. A yield moment failure along sections B” and C” is possible as
is a failure at location C based on a no-twist deflection compatibility of the
bridge segments in each span between yield hinges and end supports.
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FIGURE 3-62 Yield hinges and postulated collapse mechanisms: (a) possible critical
bridge sections for support hinges; (+) possible yield hinges for span II; (c) collapse
mechanism for span I. (From Scordelis, Wasti, and Seible, 1982.)

The basic collapse mechanisms are shown in Figure 3-62b. Section C* is
located such that the distances 6.43 and 11.57 between that section and
section Y give the same ratio as the distances 12.86 and 23.14 between
sections E and Y. Following failure of the skew bridge model in span II
(without diaphragm), the crack pattern of the top deck indicated that yield
hinges may be located in the cracked triangular area of the top deck bounded
by sections C" and C*.
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Collapse Mechanism: Span Il (No Diaphragm) Referring to Figures
3-61c and 3-62b, we can identify two possible collapse mechanisms. For the
Y-C" pattern, the live load moment capacities are 941 and 749 ft-kips for
sections Y and C”, respectively. At collapse, and assuming the bridge
segment rotates at an angle 6 about the skew end support section E, the
vertical deflections at locations 1Y and 5Y are calculated as

Biy = 12.866/Y2 = 9.18 &5, = 23.146/V/2 = 16.40

The resulting rotations at support hinge C”, adjusted for out-of-plane twist-
ing of the bridge segment between sections Y and C”, are computed as

a,c = 0.796 asc = 1.416

Based on the plastic moments 941 and —749 ft-kips, the collapse load per
span is calculated as 198 kips.

A similar analysis of the second possible collapse mechanism with hinges
formed at sections Y and C* gives a collapse load of 226 kips, which
compares well with the experimental loads of 207 and 206 kips. It appears
therefore that the actual collapse mechanism may lie between the two
assumed critical conditions.

Collapse Mechanism: Span | (With Diaphragm) This span withstood
loads of 240 and 243 kips. During this application the deformations of span 11
(already collapsed) were maintained in order to adjust the collapse observa-
tions about span I. At collapse of span I, a mechanism with hinges at sections
X, C", and Y was noted. Based on this failure pattern, the collapse load was
calculated as 245 kips, which is in good agreement with the experimental
results.

Shear and Torsion Scordelis, Wasti, and Seible (1982) have also analyzed
the collapse loads causing shear stresses to exceed the shear flow capacity.
The shear flow for girder 1 due to the combined dead load and midspan load
of 100 kips at sections X and Y is calculated and compared with the shear
capacity of the girder (stirrups and concrete). The live load capacity derived
from combined shear and torsion effects is about 182 kips compared with the
experimental collapse load of 207 kips, and this agreement converges further
if the shear capacity of the stirrups is adjusted. Yielding of stirrups in exterior
girders 1 and 5 does not necessarily cause collapse because redistribution of
forces may take place, transferring more load to the interior girders (William
and Scordelis, 1970).

3-19 HIGH-STRENGTH CONCRETE IN BRIDGES

The use of high-strength concrete has been considered both in basic research
and user-oriented research, where the introduction of new materials is
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normally associated with new design concepts. Alternatively, the implementa-
tion of this option may demonstrate the notion of high-performance materi-
als. Thus, in addition to the high compressive strength, other prominent
characteristics may also be considered, such as increased durability,
frost—thawing resistance, abrasion resistance, and imperviousness to water
and gas.

High-Strength Concrete (HSC) Experimental Bridge
Malier and Pliskin (1990) summarize the requirements of a HSC bridge.

1. Tt should represent the standard bridges without introducing unusual or
exceptional characteristics.
2. Tt should accommodate construction in urban and industrial sites.

3. It should develop the stipulated strength (60 MPa or 8600 psi) using
locally available materials.

4. Tt should satisfy the design requirements of prestressed concrete.

5. It should provide compatibility with field instrumentation to articulate
its performance and confirm the conceptual approach.

Preliminary studies show that the concrete quantity may be reduced by 25 to
30 percent through the use of high-strength concrete in the superstructure,
leading to a 20 percent volume reduction in the substructure.

Test Bridge An experimental bridge built across the Yonne River near
Joigny, France, developed a minimum strength that exceeded the characteris-
tic strength adjusted for a standard deviation (in this case 3 MPa or (.43 ksi).
The average tensile strength reached 5 MPa (0.7 ksi) on 28-day samples.

The concrete for this bridge was placed in one continuous phase with
fresh mix supplied from two concrete plants. In a continuous pouring
operation, 1300 yd® of concrete were placed in a 24-hr period. The structure
was prestressed longitudinally with 13 external tendons allowing a relatively
simple and accurate measurement on the time evolution of the tensile forces
and deformations. During the time-setting phase, the thermal behavior of the
concrete was monitored and checked with a special finite-element program.
Creep and shrinkage studies have been planned for the early period of the
structure. The intent of this experimental bridge is to check the long-term
performance of structures built with a 60-MPa characteristic strength con-
crete, and assess its durability compared with ordinary concrete bridges.

Thus far, economic comparisons appear to indicate that, considering the
higher unit price but the reduced concrete volume, high-strength concrete
results in less initial cost. These benefits may be enhanced by the improved
durability of the finished structure.
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High-Strength Concrete in Prestressed Concrete Box Beams

The use of high-strength concrete in box beams in conjunction with geometry
modifications has been studied by Schemmel and Zia (1990). A range of
applications was established in terms of span capacity with emphasis on
long-span simply supported beams. The results indicate that the maximum
attainable span of box beams can be increased further through the use of
high-strength concrete combined with a modified internal void shape.

In a parametric study, the flexural analysis outline followed the standard
AASHTO specifications, noting however, some basic differences between
normal and high-strength concrete related to the modulus of elasticity, the
modulus of rupture, and in some cases to the creep of concrete. The
equations expressing the modulus of elasticity E, and the modulus of rupture
f, were as recommended by ACI Committee 363 (American Concrete
Institute, 1984), or

E, = 40,000( £)"/* + 1,000,000 psi (3-42)

f, = 1170 £1)'? psi (3-43)

The study concluded that some uncertainties remain regarding the creep
of high-strength concrete and its effect on prestress loss. Thus, it was
assumed that the creep strain would remain nearly the same as in normal-
strength concrete, and that prestress loss would be expressed as in current
AASHTO equations. High-strength concrete was considered in the range of
6000 to 12,000 psi.

Modified Box Beams Typical standard AASHTO box beams are shown in
Figure 3-63a. The variation of width and depth is as shown, and the shape,
size, and location of the internal voids are such that the wall thickness
remains unchanged for all members. Modified versions are shown in Figures
3-63b and c. Type A has a bottom flange larger than the standard beam and
also a thinner web. Its cross section permits two rows of prestressing strands
across the bottom. Type B has a wider web, allowing two columns of strands
and a thicker bottom flange. Both 0.5-in.- and 0.6-in.-diameter seven-wire
prestressing strands were used in the beams. Only low-relaxation grade 270
steel was considered.

The results show that in most cases the maximum capacity of a beam
increases with increasing concrete strength. Using a 6000 psi concrete as a
reference strength, the increase in maximum span ranges from 0 to 25
percent. The data also show that when 0.6-in.-diameter strands are used,
there are no advantages in using compressive strength greater than 8000 psi.
However, with 0.5-in. strands, the span length increase continued with a
concrete strength increase up to 10,000 psi.
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FIGURE 3-63 (a) Standard AASHTO bridge box beams; (b) modified type A bridge
box beams; (¢) modified type B bridge box beams.
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FIGURE 3-64 Span capacity curves for all standard box beams (f! is 12,000 psi;
strand diameter is 0.5 in.).

The main advantage of using 0.6-in. strands is that fewer strands are
required for the same span, although maximum span lengths tend to be
shorter with 0.6-in. strands.

Span versus strand curves are plotted for all standard box beams for deck
configurations with adjacent beam spacing, and 0.5-in. strands with 12,000 psi
concrete, in Figure 3-64. The plots show that the 4-ft sections require more
strands per beam compared to the 3-ft sections for the same span. However,
the total number of strands required for a bridge are less with the 4-ft
sections because fewer members are needed with adjacent box beams. Also,
the total volume of concrete is less with the 4-ft beams.

Based on a detailed analysis and economic study considering the modified
box beams shown in Figure 3-63, Schemmel and Zia provide the following
conclusions and recommendations.

1. For spans up to 95 ft, 3-ft beams at wide spacing are more economical,
but for longer spans the 4-ft beams should be selected.

2. The modified type A box beams shown in Figure 3-63b may be more
suitable than the current standard because they provide a fully opti-
mized structural configuration.

3. Further modification of the standard box beam is warranted. For
example, the 27-in.-deep beam is not as cost-effective as the others. The
42-in.-deep beam is one of the most economical for all spans, and a
deeper section may even enhance these benefits further.

4. Although studies appear to indicate less shrinkage and creep with
high-strength concrete, the associated effects on prestress loss are yet to
be fully established and warrant additional research.

5. Live load deflections should be further analyzed as a serviceability
requirement but also in the context of structural relevance. It may
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appear that the advantages of high-strength concrete might be greatly
diminished if the deflection criteria are similar to steel bridges.

6. More demonstration projects are needed to validate the structural
concept of high-strength concrete bridges and develop criteria and
specifications for either standard or modified sections.

3-20 TRENDS IN PRESTRESSED CONCRETE

Bridges using prestressed concrete were introduced in the United States in
the late 1940s, but since then several types of prestressed concrete bridges
have become standard construction. Evolving from small simple-span struc-
tures, the concept has been applied to major projects utilizing continuity,
drop-in spans, pretensioning and posttensioning, long girders, precast beams,
cast-in-place girders, and bridge segments.

The standard I beam shown in Figure 3-38 will continue to dominate the
prestressed concrete alternatives, particularly where the size of the project
justifies a casting yard near the site. Box beams have been used widely in
Pennsylvania and throughout the Midwest. Very often they constitute simple
spans with the boxes adjacent to one another, joined by grouted shear keys
and tie rods and provided with a wearing surface. Usual configurations are
shown in Figures 3-42a, b, and c. This bridge system allows rapid construc-
tion and has been a forerunner in bridge replacement programs with a
minimum traffic disruption. Many states have used spread box beams, by
placing them about 4 ft apart and providing a composite deck. Spread box
construction has the advantage of less construction depth than I-beam types.
Both types of composite box beam construction can accommodate negative
moment steel in the deck to achieve continuity. If used as a composite type,
the box beam shown in Figure 3-42¢ has a thinner top slab because of the
cast-in-place deck incorporated in the design.

Other integral deck-type beams include special double tees, single tees,
bulb tees, and quad tees in addition to the box beam or precast solid slab.
These types also lend themselves to quick bridge replacement.

Prestressed I-beam bridges can be constructed in spans of 40 to 120 ft,
simply supported or with continuity as shown in the foregoing sections. A
special design is shown in Figure 3-65, and consists of a center cantilever
notched for drop-in girders. This arrangement can accommodate spans
exceeding 160 ft without sacrificing the economy of I-beam construction.

The case-in-place posttensioned box girder built on scaffolding has gained
wide use in several states, most notably California. Other combinations of
precast units with cast-in-place concrete and posttensioning are feasible.
Predominant types are segmental I beams and segmental box girders for long
spans discussed in Chapter 8.

The viability of prestressed concrete and its choice in bridges should be
the result of economy, durability, fast construction and low maintenance,
availability, and control of stresses. In structural terms, the last factor is
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FIGURE 3-65 Center cantilevers notched for drop-in girders of design study exam-
ple.

probably the most important. The ability to resist stresses both with material
and with counterstresses articulates the availability of solutions and may
satisfy optimization criteria. On the other hand, plant capacity and availabil-
ity is essential for the economic use of prestressed members.

The efficient coordination between design and industry is also exemplified
in structures with standard details. Examples are (a) elastomeric bearing pads
with no embedded steel; (b) elimination of end blocks for posttensioned
beams; (c) elimination of protrusions, with all geometry changes accom-
plished by insetting; (d) stirrups designed to be fabricated in cages that can
be placed after the strands are stressed; (e) reasonable tolerance on hold-up
and hold-down points to allow economical production; and (f) specifications
based on performance.
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CHAPTER 4

STEEL I-BEAM BRIDGES

4-1 CHARACTERISTICS OF |-BEAM BRIDGES

Throughout this book we have classified bridges according to their structural
arrangement. Alternatively, these structures may be articulated according to
the service performed, such as pedestrian and railroad bridges, or according
to the cross section of the superstructure. Thus, a deck bridge is a system that
has a floor resting on top of suitable carrying members, such as beams or
girders, so that overhead bracing is not required. If the floor is connected to
the lower portion of the load-carrying structural system, the structure is
identified as a through bridge. A double-deck bridge has vehicular facilities
on two different levels, both of which can be through decks, or one can be a
through deck and the other an open deck.

Classified according to the structural layout of the principal components,
beam, girder, and truss bridges can be the simple-span continuous, or
cantilever type. Some engineers prefer the cantilever arrangement to the
continuous bridge because it has favorable moments along its length and is
not subjected to settlement stresses. The cantilever is also easier to analyze.
However, this type requires special hinge connections and is less rigid than a
continuous unit. A derivative of the cantilever version is the movable bridge
discussed in other sections.

Classified according to the makeup of the main supporting members, an
I-beam bridge utilizes 1 rolled sections as the main support system of the
superstructure. When the spans exceed a certain limit length, built-up plate
girders are used and the structure is referred to as a plate girder bridge.
Plate girders forming an integral unit with a steel deck are called orthotropic
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bridges. For still longer spans, truss bridges and cable-stayed bridges are
more economical. For very long spans, the suspension bridge is probably the
only available solution, with high-strength-steel cables carrying the main
loads. Suspension bridges are usually stiffened with trusses, and the cables
may vary from two to three or more. For all bridge types, the number of
beams, girders, box girders, trusses, or cables is at least two and possibly
three or more.

I-Beam Superstructures An I-beam floor system consists of the roadway
and the supporting rolled beams. Floor systems are usually provided with a
concrete slab, 7.5 to 9 in. thick, with reinforcement perpendicular to traffic.
The construction may be independent where the concrete slab at the I beams
does not develop structural interaction, or composite where the live loads are
resisted jointly by the slab—I-beam action. Selection of the appropriate design
for a particular set of conditions is governed by several considerations such as
span lengths, deflection limitations, construction time, and overall cost.

Simple-span I-beam bridges support the roadway directly on the top
flanges of a series of rolled beams placed parallel to the direction of traffic
and extending from abutment to abutment. A rolled-beam simple-span
highway bridge is likely to be economical for spans up to 60 ft, and for
railroad traffic probably up to 50 ft. Composite construction of slab-I-beam
decks has been found attractive and economical for spans up to 100 ft. The
plate girder scheme begins to become economical for spans greater than
70 ft.

The majority of steel I-beam bridges at both the Interstate and local
system have some kind of a continuous beam as the main structural member,
although there is a wide variation in the span lengths and ratios, number of
spans, and width of superstructure. Where the bridge length is sufficiently
long to warrant multiple spans, the selection usually focuses on simple or
continuous units. The associated advantages and disadvantages for each
scheme are examined and analyzed in detail in the following sections. A
fairly simple comparison of the economy made possible through the use of
continuous-beam design is tabulated in Table 4-1, showing the weight saving
resulting from the continuity and the bearing, expansion device, and field
splice requirements. The examples involve continuous units versus a similar
number of equal simple spans.

Given the superstructure width, an optimum deck cross section may be
developed by considering several beams at close spacing, or fewer beams at a
larger spacing. The top reinforcement (main) usually controls the design of
the concrete slab because of the greater clearance (normally 2.25 in.) that
must be provided at the top. From these considerations it follows that
optimum design must balance the number of beams and the slab thickness.
Using a slab thickness of 7.5 in. and a current H 20 loading, the maximum
spacing of steel beams is approximately 8.25 ft, but at this spacing the main
transverse reinforcement requirements may be excessive.



0 € 0 [4 0 I sao1[ds PI3Y
Jo Iaquinu parnboy

8 [4 . 9 [4 4 [4 staep
Jo Isquinu parmboy

8 S 9 4 4 € S20YS
Jo 1oquinu parmbay

%TE %LT %L1 Amunuod 03
anp Suiaes 143om

008001 02589 00Z°L9 ov6‘8y 08€°61 0L0°91 q|—suwreaq
JO aur| suo—Iy3om
087AM9E S918]d 19400 pue 08TAMIE 0€TAMIE 0LTAMOE IPTAMEE uondussiq

06TAM9E PU® $61IMIE
suedg suedg suedg suedg suedg suedg
oidung 3j-06 N0,y snonupuo)  Aiduug 1-g8 991y, snonupuo) IdwIS J-LG OM], SnonUNuUO)
FurssoI) 1J-09¢—¢ Woqo1d Fuisso1) 1J-0¥¢ -7 Waqoid Fusso1) -y 11— Wo[qoId

sadpug weag-1 snonunuo)) pue jdunrg jo uosedwo) -y AIAV.L

298



STRUCTURAL MATERIALS 299

The ratio of the beam depth to the span length should not exceed 1,/25,
and for composite design the ratio of the overall depth (concrete slab plus
steel beam) should not be less than 1/25. For continuous bridges, the span
length is considered as the distance between the dead load points of con-
traflexure. If depths less than those specified are used, the beam sections
should be increased so that the maximum live load deflection is not any
greater had this ratio not been exceeded.

Members in simple or continuous spans should be designed so that the
deflection due to service live load plus impact does not exceed 1 /800 of the
span, except on bridges in urban areas used partly by pedestrians where this
ratio should not exceed 1,/1000. AASHTO, however, stipulates that for
bridges having cross-bracing or diaphragms sufficient in depth or strength to
ensure lateral distribution of loads, the deflection may be computed by
loading the entire deck, considering all beams as acting together and having
equal deflection. When a beam is part of a composite deck, the service live
load may be assumed to act on the composite section, and the moment of
inertia of the gross cross-sectional area may be used in computing deflec-
tions. We should note that the intent of Article 10.6.4 is not to articulate the
effect of diaphragms on the lateral load distribution but rather to impose a
uniform methodology in interpreting the live load deflection limitations (see
also subsequent sections).

Likewise, end reactions of continuous beams should be checked for
possible uplift. Because the floor slab and diaphragm system are assumed
sufficiently rigid for the resulting uplift distribution, uplift analysis may be
based on all beams acting together and having a uniform reaction under the
critical loading. All lanes should be loaded simultaneously and include
impact.

Exterior beams should have the same section and capacity as the interior
beams, even though analysis indicates that they could be less (see also
Chapter 2). If special conditions exist dictating design requirements that
exceed the capacity of the interior beams, the design should take into
account modification of the fascia portion and details to equalize the loads.
Using the New Jersey type of parapet, the usual overhang dimension is 3 to
3.5 ft.

4-2 STRUCTURAL MATERIALS

AASHTO specifications list acceptable steels in Article 10.2.2 and Table
10.2A. Several grades of steel are available for use in bridge construction.
Grades meeting AASHTO requirements are as follows.

1. Structural Steel, AASHTO designation M 270, Grade 36. This is equiva-
lent to A36 steel. Essentially in the carbon steel family, it has a copper
content between 0.40 and 0.60 percent and a maximum manganese content of
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1.65 percent. No minimum content is specified for other alloy elements. This
widely used steel in rolled sections has a minimum yield strength of 36 ksi
and a tensile strength that can vary from 58 to 80 ksi. The minimum quoted
elongation is 20 percent in an 8-in. gage length. Plate thickness is up to 4 in.
The steel is readily weldable and is usually the most economical grade for
short-span bridges. It must be painted for protection from moisture.

2. High-Strength Low-Alloy Steel, AASHTO designation M 270, Grade 50.
This is equivalent to AS72, Grade 50 steel. The steel is not heat-treated to
obtain the necessary stress levels. It has a minimum yield strength of 50 ksi
and a minimum tensile strength of 65 ksi.

3. High-Strength Low-Alloy Steel, AASHTO designation M 270, Grade
50W. This is equivalent to AS88 steel. It has a minimum yield strength of
50 ksi and a minimum tensile strength of 70 ksi.

AS572 and A588 steels are two relatively new grades that can readily be
used in bridge work. These materials constitute a specific class of steels in
which enhanced mechanical properties, and in most cases good resistance to
atmospheric corrosion, are obtained by incorporating moderate proportions
of one or more alloying elements other than carbon. These steels are
generally intended for use where weight savings are possible through greater
strength and where improved durability is obtained because of other desir-
able characteristics. The combination of greater strength and low cost im-
parts to these high-strength steels certain economic advantages, but their
effective utilization requires competent judgment and careful analysis.

For higher resistance to atmospheric corrosion, AS88 is usually specified
because its corrosion resistance is four times that of A36 steel. This steel has
been left unpainted in many bridges. In this condition it forms a thin iron
oxide film on the surface in the presence of atmospheric moisture. This steel
is readily weldable by the electric-resistance, submerged arc, manual arc, and
gas metal arc welding processes. Low-hydrogen electrodes are specified by
the American Welding Society (see also Chapter 5).

Where section thickness is reduced by the use of high-strength steel, it is
essential to rely on greater corrosion resistance in comparison with other
types of steel in order to ensure equal service life. Although corrosion
resistance may not be expressed quantitatively because of its dependence on
variable factors, performance of a steel structure can, however, be compared
for various materials under similar conditions. A large number of corrosion
tests under variable conditions of exposure have articulated the sensitivity of
various steels and permit assessment of the trends in weight loss due to
corrosion. Figure 4-1 shows the loss in thickness of specimens exposed on
racks in the industrial atmosphere of Kearny, New Jersey, for a period of 12
years. Steel L is structural carbon steel with a low residual copper content.
Steel K is a structural copper steel. The remaining curves represent the
high-strength low-alloy steels.
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FIGURE 4-1 Time-corrosion curves for steels in industrial atmosphere of Kearny,
New Jersey.

4. Quenched and Tempered Low-Alloy Steel, AASHTO designation M 270,
Grade 70W. This is equivalent to A852 steel. It has a minimum yield strength
of 70 ksi and a minimum tensile strength of 90 ksi.

5. High-Yield-Strength, Quenched and Tempered Alloy Steel, AASHTO
designation M 270, Grades 100/100W. This is equivalent to AS514 steel.
These steels contain alloying elements exceeding those contained in carbon
steel, and are heat-treated to obtain strength and notch toughness. The yield
strength is 90 to 100 ksi, and the tensile strength is 100 to 110 ksi in thickness
up to 2.5 in., inclusive. This steel has high corrosion resistance.

The yield strength is of prime importance because it is the property that
determines working unit stresses. The ratio of yield to tensile strength for
structural carbon steel is about 0.60, but for high-strength steels this ratio is
in the range of 0.70 to 0.80.

The notch toughness, as measured in a notched-bar impact test, reflects
the behavior in actual structures. High-strength steels exhibit superior notch
toughness characteristics, whether in terms of energy absorbed in breaking a
specimen at room temperature or in terms of the refrigerated temperature to
which they preserve their toughness.

It appears that structural steels for bridge construction represent three
general groups: (a) carbon steels, (b) high-strength low-alloy steels, and
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FIGURE 4-2 Stress—strain curves for various steels.

(c) heat-treated alloy steels. Figure 4-2 shows stress—strain curves for steels in
each group. In general, the physical properties are determined by the type
and content of the alloying elements, the amount of carbon, the cooling rate,
and the mechanical process of the steel such as rolling and stressing.
Whereas the general availability of these steels enhances the design
possibilities, engineers are cautioned that not all grades can be supplied by
all rolling mills, and availability should therefore be checked on a local basis.

Brittle Fracture Considerations Failures of some bridges have been docu-
mented as the result of brittle fracture in steel (Scheffey, 1971). This type of
failure is enhanced by (a) higher service stresses and lower service tempera-
tures, (b) more complex structural arrangements leading to favorable princi-
pal stress patterns and high stress concentration, and (c) wide use of welding
(see also Section 12-6).

It is almost certain that solids under a uniform tension acting in all
directions are able to resist only certain definite stresses. If the three
principal stresses are equal tensile stresses, solid materials break without
preceding permanent deformation. Brittle fracture, however, involves materi-
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als under uniaxial or multiaxial tensions and occurs suddenly and preferen-
tially without prior permanent deformation under such stresses. If a brittle
material should break under any combination of stresses as soon as at least
one of the three principal stresses is a tensile stress and reaches a certain
maximum value independently of the others, this may be explained by a
maximum stress theory. Thus, unlike ductile materials, brittle materials do not
deform appreciably or permanently before rupture.

The transition from ductile to brittle behavior in steel plates has been
studied in static-tension tests showing that it is possible to produce brittle
fracture in large flat steel specimens under static tension at normal tempera-
tures. The influence of the rate of loading, time of load, stored energy in the
system, and specimen size on fracture stresses is significant. The notch
toughness characteristics mentioned in the preceding paragraphs constitute
an index sufficient to ensure against brittle behavior, because they define the
ability to deform plastically in the presence of a notch.

The following guidelines will help to avoid brittle fracture in bridges
(Rolfe, 1972).

1. Flaws should be restricted in the finished steel, and the material
behavior should be documented by superior toughness data.

2. Stress concentrations should be avoided as should residual stresses
because they can initiate crack propagation.

3. Provisions should be made to lower stress levels if the number of stress
cycles is expected to be high because fatigue stresses can increase the
size of a flaw.

4. In very cold regions, the possible decrease in crack toughness should be
considered.

5. Transition from ductility to brittleness can occur in steel plates under a
triaxial state of stress.

6. Structural elements subjected to high-impact stresses have an enhanced
tendency to brittle behavior because the loading and timing rate has a
favorable influence on this phenomenon.

In Article 10.3.3 AASHTO defines the Charpy V-notch impact require-
ments for main load-carrying members subjected to tensile stresses. These
impact requirements vary depending on the type of steel, type of construc-
tion, whether welded or mechanically fastened, and the average minimum
service temperature (see also Barsom, 1975; AASHTO specifications for
Fracture Critical Non-Redundant Steel Bridges, 1978 and Interim).

Uncoated Weathering Steels

Experience with the performance of weathering steel in highway bridges
shows that the majority of these bridges are in good condition although there
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have been localized areas of corrosion on many structures and some have
experienced excessive attack by deicing salts. The general conclusion is that
weathering steel can provide a satisfactory service life with limited mainte-
nance if the structural details are designed so as to prevent accelerated
attack. In this context vulnerable areas should be painted and contamination
with chlorides should be inhibited.

Fatigue Consideration Fatigue tests have been performed on 8-year
weathered AASHTO M270 Grade S0W (ASTM A709 Grade 50W) trans-
verse stiffeners under constant loading in air and aqueous environments
(Albrecht and Sidami, 1987). The possibility of fatigue damage to uncoated
weathering steel members as a result of corrosion has been considered by
AASHTO task forces and by the FHWA (1989). Although the results from
these investigations are not explicitly stated, they have led to a lower stress
range (AASHTO Table 10.3.1A) for unpainted weathering steel, A709, all
grades, when used as base metal (fatigue Category A).

Guidelines on Uses of Weathering Steels The principal factors that
determine the ultimate performance of weathering steel bridges are location
and design. Environmental differences may exist from one location to an-
other with respect to amount and type of atmospheric pollution, extent of
rainfall, variations in humidity, temperature and the prevailing winds, and
the amount of airborne salinity in marine environments. Because of these
factors the corrosion performance of weathering steel can differ in degree
from location to location.

Location Consideration The proposed site for a structure should be
evaluated for local environmental effects before uncoated weathering steel is
selected for application. This should include a site inspection, study of
available meteorological data, and appropriate tests. The latter should em-
phasize atmospheric exposure tests with carbon steel and weathering steel
panels to determine the level of atmospheric contaminants such as chlorides
and sulfur oxides. Environmental locations to be avoided are (a) those
exposed to highly corrosive chemical and industrial fumes; (b) those subject
to high rainfall and humidity or where there is constant wetness; (c) de-
pressed roadways that create tunnel-like conditions; (d) those that are low
level water crossings that can lead to highly humid or frequently wet condi-
tions; (e) those subject to salt spray or significant salt-laden fogs at coastal
areas; and (f) those where the steel may be continuously submerged in water,
buried in soil, or covered by vegetation.

Design Details Proper attention to the design details can contribute
markedly to the satisfactory long-term performance of weathering steel
bridges. Items to be considered include expansion joints, leakage and
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drainage, painting below joints, integral abutments, connections, handling
and storage of weathering steels, and the welding process.

At present, an FHWA moratorium prohibits the use of electroslag (ESW)
and electrogas (EGW) process for welding bridge members subjected to
tensile or reversing stresses, and efforts are continuously made to improve
the welding characteristics of weathering steels.

Excellent reviews of this subject are provided by the related references
listed at the end of this chapter.

4-3 DESIGN REQUIREMENTS

The basic design method of flexural members involves the use of an elastic
section modulus except when utilizing compact sections under strength
design. Allowable stress design is the standard design method for all struc-
ture types, whereas the load factor concept is an alternate method for
designing simple and continuous beams and girders of moderate lengths (see
also Section 2-4 and subsequent sections).

Diaphragms or cross frames are provided at each support and in all bays,
spaced at intervals not to exceed 25 ft. Diaphragms for rolled beams should
be at least one-third and preferably one-half the beam depth. Cross frames
should be as deep as practicable, and intermediate cross frames should be
the cross or vee type. End diaphragms are usually proportioned to transmit
the lateral forces to the bearings.

All fixed ends must be firmly anchored to the beam seat. Bridges less than
50 ft long do not require provisions for deflection. Spans 50 ft or greater must
be provided with a bearing type allowing beam rotation, such as a hinge,
curved bearing plate, elastomeric pads, or a suitable pin.

Bridges less than 50 ft long may be designed to slide on metal surfaces,
such as plates, and provisions for deflection are not necessary. Spans 50 ft or
greater should be free to expand or contract by means of rollers, rockers, or
sliding plates. Alternatively, elastomeric bridge bearings may be used to
transmit loads and accommodate movement between the deck and support-
ing substructure.

4-4 SLAB - I-BEAM BRIDGE WITH SIMPLE SPAN

A simple-span I-beam bridge (noncomposite) is the simplest structural system
in the context of analysis and design, but is seldom economical. For steel
I-beam bridges longer than about 40 ft, composite design usually provides an
economical solution. For spans less than 40 ft, all-concrete bridge decks offer
competitive schemes. Therefore, in this section we will consider an I-beam
bridge merely to demonstrate the design methodology. We will also include
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FIGURE 4-3 Typical cross section, I-beam bridge, 60 ft long.

examples of slab analysis (main and cantilever) and compare the structural
requirements between interior and exterior beams.

The bridge in this example is 60 ft long center-to-center of bearings and
has a roadway width of 31 ft (see also Figure 4-3). A New Jersey type of
parapet is incorporated giving a dimension 0. to O. of deck of 34 ft 2 in. We
choose five beams spaced at 7-ft centers. Although the deck is on a horizon-
tal curvature, the steel framing consists of straight beams. This scheme
results in overhang dimensions as shown. For the exterior fascia beam, the
slab overhang is 2 ft 6 in. at the supports and 3 ft 7 in. maximum near the
center of the span. All beams are embedded in the concrete by means of the
fillet detail shown in Figure 4-3. The top flange of the beams is therefore
laterally supported against buckling. The design live load is HS 20.

Design of Slab Using f; = 3500 psi, f, =04 X 3500 = 1400 psi, f, =
60,000 psi, and n = 9, we compute k = 0.34, j = 0.89, K = 211,and a = 1.78.
For main reinforcement perpendicular to traffic and assuming a flange width
of 12 in., the effective (design) span S is 6 ft 6 in. = 6.5 ft. We use a minimum
slab thickness of 7.5 in., and include provisions for a 25-1b/ ft2 future wearing
surface. The live load plus impact moment is

(6.5 +2) .
el = T3y X 16 X 1.3 X 0.8 = 4.42 ft-kips
where the factor 0.8 is applied with regard to the continuity of the slab. The
dead load is the weight of the slab 0.625 X 0.15 = 94 1b/ft?, plus 25 Ib/ft?



SLAB -I-BEAM BRIDGE WITH SIMPLE SPAN 307

wearing surface, or dead load w = 0.119 kip/ft. We now compute

0.119
My = o X 6.52 = 0.50 ft-kip

The total moment is
M =442 + 0.50 = 4.92 ft-kips
Thus,

mind = y4.92/0.211 = 4.8 in.

The reinforcement in the top of the slab is obtained using 2.25-in.
clearance and #5 bars. This gives d = 7.50 — 2.25 — 0.31 = 4.94 in. > 4.8 in.
The required reinforcement is

4.92
A= ——
1.78 X 4.94
Use #5at6.5in. A, = 0.57 in.2/ft

= 0.56 in.2/ft

Likewise, the reinforcement in the bottom of the slab is calculated using
1-in. clearance, giving d = 6.19 in., and

4.92

= ——— = 1 2
A, 17 % 619 0.45 in.”/ft

Use #5at8in. A, = 0.47in.2/ft

The required distribution reinforcement in the bottom of the slab is
220/ VS = 86 percent (use maximum 67 percent, or A, = 0.47 X 0.67 = 0.31
in.2/ft. Use #5 bars at 12 in., A, = 0.31 in.2/ft. This distribution reinforce-
ment is used in the middle half of the slab span, and not less than 50 percent
of the specified amount is used in the outer quarters. Longitudinal reinforce-
ment in the top of the slab is #5 bars at 12 in.

In the past, the practice was to use straight bars, both top and bottom,
alternating with truss bars bent at the quarter panel points to accommodate
the bending moment profile where the moment is essentially positive in the
central panel between beams and negative above and adjacent to the beams.
Most states have discontinued this practice, and main bars are now placed
straight throughout the deck panels in both the top and the bottom.

Because the bridge has a variable overhang dimension, we will check the
steel reinforcement requirements in the cantilever slab. In this case the
centerline of the wheel load is placed 1 ft from the face of the curb. Using
the maximum overhang of 3.58 ft, this gives x = 1 ft, where x is the distance
from the wheel load to the point of support (center of exterior beam). For
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reinforcement perpendicular to traffic, the distribution is £ = 0.8x + 375 =
4.55 ft. The live load plus impact moment is now

16
M= 155 X 1.0 X 1.3 = 4.55 ft-kips

The dead load moment includes the slab and the curb—parapet section. This
is computed as follows:

Slab, 3.58 X 0.75 x 0.15 x 1.79 = 0.72 ft-kip
Curb, 1.57 X 1.00 x 0.15 X 2.66 = 0.61 ft-kip

Parapet, 1.75 X 0.75 X 0.15 X 3.07 = 0.61 ft-kip

Total My, = 1.94 ft-kips

The total moment is

M = 455 + 1.94 = 6.49 ft-kips
mind = /6.49/0.211 = 5.55 in.

requiring a total slab thickness of 5.55 + 2.25 + 0.31 = 8.11 in., which can be
provided by lowering the exterior beams by about 1/2 in. below the theoreti-
cal beam elevation that accommodates the 7.5-in. slab and also by extending
the fillet on the inside of the beam. Using d = 5.50 in., we calculate

6.49
= ————— = 0.66 in.? t5.5in. A, =0.68in.?
A, 178 X355 0.66 in. /ft Use #5at5.51n ;= 0.68in.7/ft

The foregoing analysis shows the sensitivity of A to the structural
requirements of the slab as soon as the live load moment begins to act on the
cantilever section, and establishes an upper limit in the overhang slab
dimension for the curb-parapet type shown in Figure 4-3.

Design of Interior Beams For the service load design method (allowable
stress), the working steel stresses are summarized in AASHTO Table
10.32.1A. For structural carbon steel (equivalent to A36), the design (allowa-
ble) stress is 20 ksi. This applies to axial tension in the beams and compres-
sion in the top flange if the latter is supported laterally its full length by
embedment in concrete. Note that this is 0.55Fy, where Fy is the minimum
yield strength, or 36 ksi. The beam-span-to-beam-depth ratio limitation
implies a minimum beam depth of 60/25 = 2.4 ft, or 30 in.
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The dead loads acting on the interior beams are as follows:

Weight of slab = 7 X 0.625 X 0.15 = 0.66 kip /ft

Weight of beam etc., say = 0.15 kip /ft (Assumed)

The superimposed dead load is

From curb = 0.24/2.5 = 0.10 kip /ft
From parapet = 0.20/2.5 = 0.08 kip /ft

From W.S. = 31 X 25/5 = 0.16 kip /ft

Total dead load = 1.15 kips /ft

The dead load moment is

1.15 x 602 )
My = s 518 ft-kips

The fraction of wheel load applied to the interior beams is §/5.5 =
7/5.5 = 1.27, and the impact factor is 50/(60 + 125) = 27 percent. The live
load moments may be computed by positioning the truck as shown in Figure
3-4, or by direct reference to Appendix A of AASHTO. For a span of 60 ft,
the moment for one lane is 806 ft-kips (without impact). Therefore, the live
load plus impact moment per beam is

My, ., =806 X 0.5 X 127 x 1.27 = 649 ft-kips

The total design moment is 518 + 649 = 1167 ft-kips. This will require a
section modulus of 1167 X 12/20 = 700 in.®. Note that none of the
lightweight beams in the 33- or 36-in. range can provide the required Section
modulus. Thus, we select W36 X 230 with a section modulus of 837 in.2. The
actual beam weight plus diaphragms plus fillets is closer to 0.25 kip/ft. The
final dead load moment is 1.25 X 60% x 0.125 = 563 ft-kips, giving a total
moment of 563 + 649 = 1212 ft-kips. The adjusted section modulus is now
1212 X 0.6 = 727 in.> < 837 in.>.

Design of Exterior Beams Beam 5 in the cross section of Figure 4-3 has a
maximum slab overhang of 3.57 ft at the center of the span, and 2.50 ft
minimum at the ends. Therefore, it controls the design. The dead load from
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the weight of the slab is as follows:
Weight of slab near center = (3.58 + 3.50) x 0.625 x 0.15 = 0.66 kip /ft
Weight of slab near ends = (2.50 + 3.50) X 0.625 X 0.15 = 0.56 kip /ft
Weight of beam etc. Say = 0.26 kip /ft

Superimposed dead load weight = 0.34 kip /ft

The distribution of the wheel load is calculated for § > 6 ft, and is
S /(4.0 + 0.25 X 7) = 1.22. This procedure applies to a span with a concrete
floor supported by four or more beams. Noting that near the center of the
span a wheel load can be placed directly above the exterior beam, we may
compute the wheel load distribution, assuming simple beam action of the
slab. In this case the distribution is (1 + 1/7) = 1.14 and does not control
(see also Section 2-11 and Figure 2-38).

By comparison the dead and live loads acting on the exterior beam are
somewhat less than those applied to the interior beams. Hence, the exterior
beams are the same as the interior.

End Shear (For Interior Beams) The dead load shear is 1.25 X 30 = 375
kips. The live load shear is calculated according to AASHTO Article 3.23.1,
and for maximum value the truck load is placed as shown in Figure 4-4. For
the wheel load acting above the end support, the lateral distribution is
obtained assuming the slab acts as a simple beam, or the wheel load fraction
is (1 + 1/7) = 1.14. For the intermediate positions, the distribution is-as for
moment, or wheel fraction = 1.27. From Figure 4-4 we calculate the live load
plus impact shear as

46 32
Viter = (16 X 1.14 + 16 X %0 X 1.27 + 4 X 3 x 1.27] x 1.3 = 47.5 kips

The total end shear is ¥ = 37.5 + 47.5 = 85.0 Kips

85.0
A b shear = ——————— = 3.11 ksi K.
verage web shear 359 % 0.76 3.11 ksi O
16k 16k 4%

Ll
At 60" ‘[B

FIGURE 4-4 Position of truck load for maximum end shear.
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Live Load Deflection The live load deflection is calculated for two lanes
loaded simultaneously, assuming all five beams act as one unit. Note that
although the roadway width is 31 ft, strict interpretation of design traffic
lanes does not warrant the use of lane fractions. Because the deflection
caused by the front wheel load is very small and may be neglected, as a first
approximation we compute the live load deflection by considering the rear
axle loads concentrated at the center, using the resultant load. Then the
deflection is computed from the simple formula A = PL3 /48 EI, or

128 x 60° x 123

- = 0.46in., 60 in. with impact
Bx29x10° x5 x 15000 _ 046in,  0r0.60 in. with impac

The allowable deflection is 60 X 12,/800 = 0.90 in., or almost 1.5 times the
computed deflection; hence, a more detailed analysis of live load deflection is
not warranted.

In the foregoing example, the design method is based on working stress
theory. Ultimate strength design for concrete slabs is reviewed in Chapter 3,
and for beams in subsequent sections of this chapter.

Design According to Proposed Distribution The proposed Table 3.23.1
of the AASHTO specifications (Imbsen, 1991) gives formulas for computing
the wheel load fraction (g) for both front and rear axles. This fraction is the
same for concrete floors on steel I beams, prestressed concrete girders, and
concrete T beams (see also Section 2-12).

First, we estimate the stiffness term (Kg/Lt3), where K ¢ 18 the longitudi-
nal stiffness parameter. We calculate

K, = n(I + A4e}) = 9(15,000 + 68 x 222) = 431,200

and

Lt} =60 X 12 X 7.5% = 303,840

Then the stiffness term is 431,200,/303,840 = 1.4.

For the interior beams, we can now use Figure 2-41 which gives the
distribution factor for multilane loading and a stiffness term of 1.0, noting
that S/L =7/60 = 0.117. From the graph we obtain directly g = 1.23,
which is very close to the distribution factor used (1.27), and the difference
does not warrant redesigning the beams.

For the exterior beams, the wheel load distribution factor is given by Table
3.23.2 of the proposed AASHTO specifications. This factor is g = €8 interiors
where e = (7 +d,)/9.1 and d, is the edge distance of the traffic lanes, or
the distance between the center of the outside beam and the edge of the
exterior lane (face of curb). From Figure 4-3, d, = 2 ft (approximate) at the
center of the bridge. Next, we calculate ¢ = (7 + d,) /9.1 = 0.99 but not less
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than 1.0. Because the wheel load distribution is now g = 1.23, the exterior
beams are the same as the interior.

4-5 COMPOSITE STEEL BEAM - CONCRETE CONSTRUCTION

Composite steel—concrete construction is used extensively in buildings and
bridges in a variety of forms and configurations. Besides composite beams
and girders with a homogeneous cross section, other noble composite forms
are concrete-encased steel beams, composite slabs, steel-concrete composite
columns, and composite plates and shells. Early references for research on
composite beams are provided by Viest (1960), Stevens (1965) on encased
columns, and Gardner and Jacobson (1967) on concrete-filled steel tubes.

A considerable economy may be attained in a beam-slab system if the
latter participates with the beam in resisting subsequent loads such as live
and superimposed loads. The combined action is manifested if horizontal
shear is resisted at the concrete—steel interface. Once the friction between
the two materials is exceeded and slippage is about to occur, mechanical
devices of sufficient shear capacity develop the common interaction, and both
the steel and concrete act as an integral unit.

Composite Beams and Concrete Slab

The elastic behavior of composite beams has been well understood since the
later 1950s. Elastic design methods provided the basis of the 1957 AASHTO
specifications. An important step was the 1960 tentative recommendations
for building design by the Joint ASCE-ACI Committee on Composite
Construction that included certain modifications to reflect ultimate strength
concepts.

Ultimate Strength In this context the design of shear connectors takes into
account a limit in the slip between the slab and the beam. However, initial
tests by Slutter and Driscoll (1965) of pushout specimens and composite
beams showed that these limits were unnecessary because composite beams
develop the full flexural capacity of the cross section provided the sum of the
ultimate strengths of individual connectors between the point of zero and the
maximum moment is at least equal to the horizontal shear. Tests summarized
by the ASCE-ACI report show that the ultimate strength of a composite
beam is essentially independent of the history of loading; hence, a beam built
with temporary supports and a beam built without temporary supports have
the same ultimate strength, but temporary supports during construction
influence the magnitude of deflection.

The development of the theory for the ultimate strength of beams with
inadequate shear connectors established the lower range of shear connector
requirements and, although of limited practical usefulness, provided a ratio-
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nal basis for treating the ultimate design concept. The introduction of a
purely ultimate strength procedure for composite beams in buildings in Great
Britain represents the second most significant step in understanding ultimate
strength behavior during the 1960s.

In independent studies by Barnard (1965), the effect of the shape of the
stress block on the ultimate flexural capacity of composite beams was further
analyzed. Daniels and Fisher (1967) reported tests of composite beams with
simulated moving loads. Lew (1970) investigated the effects of shear connec-
tor spacing on the ultimate strength of beams, and Reddy and Hendry (1970)
summarized the results of studies of simply supported composite beams
carried out in Britain. The shear strength of composite compact sections was
studied by Johnson and Willmington (1972). Further studies of the effects of
local buckling on the ultimate strength of continuous composite beams were
reported by Climenhaga and Johnson (1972).

Inelastic Methods of Analysis Study of the elastic—plastic behavior and
load-carrying capacity of simple-span composite beams is possible by inelastic
methods of analysis (Dai and Siess, 1963; Baldwin et al., 1965; Yam and
Chapman, 1968). Both the beams and the slab are assumed to deflect equally
at every point along the span. A linear strain distribution is assumed over the
depth of the composite beam, and strain discontinuity is accepted at the
beam-slab interface. The concrete is assumed to develop no tensile strength
and to produce a trapezoidal stress-strain relationship in compression. For
the steel the stress—strain relationship is taken as elastic—perfectly plastic, or
elastic-strain hardening. The load-slip dependence for the connectors is
either a smooth parabolic curve or idealized as three straight lines.

Work on continuous composite beams was reported by Wu, Slutter, and
Fisher (1971), and included the effects of shrinkage and prestressing of the
concrete slab.

Torsion Consideration The behavior of composite beams under torsion is
relevant to the analysis of curved beams and box girder bridges. Elastic
methods have been proposed for homogeneous beams with either open or
closed section. The elastic analytical techniques developed for composite
beams are mere extensions of the procedures whereby pure Saint-Venant
torsional properties and stresses are modified according to the shear modulus
ratios, and warping torsional properties and stresses are modified by modulus
of elasticity ratios. Heins and Kuo (1972a) give tables listing the pertinent
torsional properties of composite bridge members. Heins and Kuo (1972b)
have also studied the torsional response of composite T-beam models, and
the results show that these analytical procedures predict the elastic response
adequately. The ultimate torsional capacity is determined by the diagonal
tension strength of the concrete slab. Tests on simple-span curved composite
T beams are reported by Colville (1973). Under combined bending and
torsion, axial deformation of the studs may permit the slab to rotate less than
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in steel beams. This investigator also presents a simplified method for
designing stud connectors in curved composite members.

Effective Width of Slab Both American and British codes and specifica-
tions provide guidelines for calculating the effective flange width in bridges,
but the derivation of these rules is not explained. The use of one-fourth of
the beam span as one limitation of the effective width may be related to the
theory of elasticity (Timoshenko and Goodier, 1951). This rule is also
supported by Beschkine (1937-1938). The provision relating effective slab
width to the stem width plus a multiple of slab thickness has probably
appeared in earlier specifications regarding protection against crippling or
buckling in steel compression members (see also subsequent sections).

The effective flange width has been studied by Mackey and Wong (1961),
Lee (1962), and Reddy and Hendry (1970). The rules and formulas have been
reviewed, and new procedures are proposed for simple-span composite
beams. Studies on the effective slab width in negative moment regions (slab
in tension) of continuous composite beams with continuous slab reinforce-
ment have been carried out by Garcia and Daniels (1971), and led to the
conclusion that the effective slab width may be taken constant throughout the
beam length.

Reinforcement Several early reported failures of composite T beams were
caused prematurely by longitudinal splitting of the concrete slab. Adekola
(1959) reports studies showing that transverse tensile stresses were developed
in the slab and must be resisted by transverse reinforcement. Roderick et al.
(1967) continued the analytical and experimental investigation of various
modes of failure (pullout of studs, shearing of studs, and longitudinal
splitting) and studied the requirements of transverse reinforcement by testing
scaled models of T beams.

The effect of transverse bending on the reinforcement has also been
studied by Johnson, Van Daley, and Kemp (1967), leading to proposed design
methods of transverse reinforcement necessary to ensure adequate longitudi-
nal ultimate shear strength in the positive and negative moment regions.

The principal studies of longitudinal reinforcement requirements in nega-
tive moment regions of continuous composite beams have been carried out by
Daniels (1972), and Johnson (1970) in the United States. Heavy longitudinal
reinforcement in the slab appears to increase the vertical shear strength and
shear stiffness of a composite beam. This made it practical to design compos-
ite beams assuming that a portion of the vertical shear is carried by the
concrete slab. Other studies in conjunction with static and fatigue tests
indicated that the total area of continuous longitudinal reinforcement in the
negative moment regions of bridge members should equal or exceed 1
percent of the total cross-sectional area of the slab. This is necessary to
prevent premature fatigue failure in the top layer of longitudinal steel (see
also Section 12-14).
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Deflection, Creep, Shrinkage, and Thermal Effects Long-term static
tests on composite beams demonstrated considerable increases in deflection
due to creep and shrinkage, and prompted the recommendation that time-
dependent deflection be taken the same as instantaneous deflection
(McGarraugh and Baldwin, 1971; Janss, 1972; Hasse, 1969). In Great Britain,
Menzies (1968) determined that, following construction, the effects of tem-
perature changes obscured the small effects caused by shrinkage and creep.
In the United States, Roll (1971) analyzed stresses and deflections caused by
differential shrinkage and creep in both shored and unshored beams, and
obtained good correlation between measured and theoretical deflections.

The effects of creep, shrinkage, and temperature on a two-span continu-
ous composite test beam have been studied by Ciolina (1971), from which a
coefficient of shrinkage of 3.1 X 10~% was obtained, which is somewhat
different from the coefficient of 4 X 10~ recommended by the French code.
A mathematical model for analyzing continuous composite beams has been
proposed by Wu, Slutter, and Fisher (1971), and includes the effects of
shrinkage, prestressing, and loading.

Continuous Beams Results from investigations in the United States and
Great Britain lead to the conclusion that continuous beams with adequately
anchored longitudinal reinforcement placed continuously over the negative
moment regions can be analyzed by simple plastic theory. Plastic hinges with
moment-rotation capacity can be developed under combined negative mo-
ment and shear if adequate transverse reinforcement is provided and the
design addresses the problem of compression flange buckling and web
buckling of interior supports (Johnson, Van Daley, and Kemp, 1967).

The possibility of transverse cracks in the slab in negative moment areas
complicates the analysis of continuous composite beams. Under the conve-
nient assumption that concrete resists no tension (fully cracked section), it is
possible to compute stress resultants and deflections under gravity loads.
However, research (Daniels and Fisher, 1967) suggests that a cracked con-
crete slab in negative moment areas continues to participate with the longitu-
dinal reinforcement, but the extent of this participation is reduced as the
loading increases. Certain significant variables affecting this participation are
thus isolated, and this includes the relative crack widths and crack patterns
for continuous composite bridge beams. These conclusions form the basis for
calculating the range of stress in the reinforcement and in the tension flange
for fatigue considerations.

The practice in the past was to omit shear connectors in the negative
moment region of continuous composite beams. Usually, this is defined as the
portion between field splices, normally placed at the points of dead load
contraflexure. The main intent was to avoid the deleterious effect of welded
shear connectors on the fatigue strength of tension flanges. However, if the
reinforcement in this region is continuous across the positive moment area,
overstressing and premature fatigue failure of the anchorage connectors can
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occur well before the service (design) life has been consumed. To avoid this,
additional connectors must be placed near the contrafiexure points to de-
velop the tension force in the longitudinal direction (initially recommended
in the 1969 AASHO specifications).

Types and Strength of Shear Connectors

The three usual types of shear connectors include (a) shear studs, (b) steel
channels, and (c) steel rods bent to form a spiral. Studs are the most common
shear connector, and resemble a bolt without threads but with a round head.
Studs are attached to the compression flange by an automatic welding
process, in which the studs are inserted into a gun and held against the flange
of a steel beam. A pull of the trigger closes the circuit by supplying the
necessary voltage to melt the weld material at the end of the stem. The time
necessary to weld the stud is approximately 1 sec. Alternatively, a small
section of steel channel with its long axis transverse to the beam is placed
across the top flange and properly welded. A circular spiral laid along the top
flange is welded to it at the contact point. Shear connector details are
discussed in the following sections.

The useful capacity of a shear connector is defined as the point where the
load-residual slip relationship becomes nonlinear. According to early guide-
lines, if this point was not readily discernible, the useful capacity was taken as
the load corresponding to a residual slip of 0.003 in. These considerations
were derived primarily from static pushout and beam tests, and the associ-
ated conservative approach did not require attention to fatigue problems. In
1960, however, a modified version of the AASHO formula was proposed by
the Joint ASCE-ACI Committee, and provided the first step in establishing
more liberal shear connector criteria.

Static Strength of Studs The strength of shear connectors obtained from
pushout tests is generally lower than the strength obtained from beam tests
(Slutter and Driscoll, 1965). The same investigators have also determined
that the magnitude of slip at the beam-slab interface does not significantly
affect the development of the ultimate moment resisting capacity provided
the total strength of the connection is adequate to resist the ultimate
compressive force in the concrete. These results formed the basis for the
1961 AISC specifications on ultimate strength design, with an assumed safety
factor of 2.5. Studies at Imperial College (Chapman, 1964; Chapman and
Balakrishman, 1964) led to the same conclusions. Thus, both American and
British standards permit uniform spacing of connectors, consistent with the
results of beam tests demonstrating that plastic redistribution of forces
occurs before failure.

The need to specify a minimum tensile strength for stud connectors was
demonstrated by Hawkins (1970) in static tests of full-scale T beams and
pushout specimens. At working load and at ultimate load, loss of composite
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action was clearly greater for hot-forged studs than for cold-headed studs,
because of the lower tensile strength of the former. Goble (1967) has shown
that even with different yield strengths, comparable ultimate shear loads are
obtained from tests of cold-headed studs of the same tensile strength.

Studies at Lehigh University resulted in the development of a new ulti-
mate strength relationship for stud connectors, applicable to both normal-
weight and lightweight concrete (Slutter and Fisher, 1971). This interaction
was valid for stud shear connector capacity for concrete strengths in the
range 2.7 to 5.1 ksi and for densities of 90 to 148 pcf. The same studies have
also shown that the strength of shear connectors increases with increasing
stud height, but beyond a height equal to four diameters the results are
moderate. Other tests have shown that for heights less than four diameters,
stud pullout and shear capacity are reduced. Based on pushout tests, Menzies
(1971) has recommended lower static and fatigue strengths of studs, in
normal concrete than those specified in Code of Practice 117 (British Stan-
dards Institute) together with a concrete strength that can be extended to
7500 psi. Most of the work described in this paragraph has provided the basis
for the current AASHTO standards on shear studs.

Fatigue Strength The fatigue strength of shear connectors has been inves-
tigated in pushout and small-scale beam tests. Other tests involved full-sized
beams. From these, a procedure was developed whereby the fatigue design is
based on the shear stress range, that is, the difference between the maximum
and minimum stresses. In the United States, the research has focused mainly
on stud connectors, but in Great Britain, fatigue studies included studs,
channels, and bar connectors.

Fatigue tests in Japan with direct tension specimens and beams subjected
to negative bending confirm a substantial reduction of the tension flange
fatigue strength in the presence of shear connectors, and this reduction tends
to be smaller in bending than in tension tests. These conclusions agree with
results of tests on steel plates with studs completed in the United States and

Germany.

Haunches Pushout tests with haunched, unreinforced slabs led to a proce-
dure for predicting the strength of connectors based on a shear failure—plane
theory. In other pushout tests, the strength of stud connectors in vertical-sided
haunches 2 and 4-in. deep was compared with the strength of studs in
unhaunched slabs for a wide range of concrete strengths. The strength of
studs in haunches with vertical sides is reduced because of less containment
for the triaxially stressed concrete around the stud connector. A limit on the
slope of haunch sides of one vertical to three horizontal is included in Code
of Practice 117 (BSI).

Deep haunches in composite beams have been studied in pushout and
beam tests. Failure by bursting of the concrete around the stud connectors
shows the importance of sufficient side cover and reinforcement in deep
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haunches. Johnson (1972) has proposed an ultimate strength method for
designing the reinforcement in deep haunched composite beams in the new
British bridge code.

Effect of Beam Flange Thickness Tests of stud connectors welded to
light-gage box beams carried out by Vergun and Shah (1968) show that most
of the specimens failed by tearing of the base metal and rotation of the studs.
The ultimate strength of connectors ranged from 62 to 73 percent of the
strength calculated from AISC formulas. In other investigations conducted by
Goble (1968) on the behavior of 1/2- 5/8-, and 3/4-in.-diameter stud
connectors welded to thin beam flanges, the conclusion was reached that the
ratio of stud diameter to flange thickness should not exceed about 2.7. This is
necessary to prevent the reduction of connector strength caused by pullout
from the beam flange. These tests involved A36 steel.

High-Strength Bolts The Yatsumichi railroad bridge in Japan was con-
structed in 1969 with precast slabs embedded in epoxy mortar and connected
to the steel girders with high-strength bolts. Static and fatigue tests show that
these beams are stronger under repeated loading.

High-strength friction bolts were first used as shear connectors for the
Ems pedestrian bridge in 1960. Dallam and Harpster (1968) studied the
strength of these bolts in pushout and beam tests. Other tests were made by
Holtz and Kulak (1972) and Marshall et al. (1971). Although a first slip could
be safely calculated using a coefficient of friction of 0.45 for precast slabs on
steel, a higher coefficient of friction was considered appropriate for cast-in-
place slabs.

Summary of AASHTO Guidelines

Article 10.38 of AASHTO deals with composite beams and girders. The
composite moment of inertia is the basis for computing stresses in the steel
and the concrete, but the analysis should be consistent with predetermined
material properties. Where dead loads act on the composite section, the
effect of creep must be considered.

In simple spans and in the positive moment regions of continuous spans,
the composite section should be proportioned so that the neutral axis lies
below the top of the steel beam. In the negative moment regions of continu-
ous spans, only the slab reinforcement can be considered to be part of the
composite action with the steel beams. If the main beams or girders are not
supported by intermediate falsework, they must be investigated for structural
stability during the curing time of the concrete.

Maximum compressive and tensile stresses in beams and girders that are
not provided with temporary supports during the concrete placement are the
result of stresses calculated from dead loads acting on the noncomposite steel
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beam alone and superimposed loads (dead and live) acting on the composite
section.

A continuous composite bridge may be built with shear connectors placed
only in the positive moment regions, or throughout the length of the bridge.
The positive moment regions may be designed with composite sections as in
simple spans. Shear connectors should be provided in negative regions where
the reinforcement embedded in the concrete is considered part of the
composite section. If the latter is not a precondition, shear connectors in
negative moment regions are not necessary, but additional shear connectors
should be placed near the points of dead load contraflexure. In the negative
moment regions of continuous spans, the minimum longitudinal reinforce-
ment should not be less than 1 percent of the cross-sectional area of the slab.

The provisions regarding live load plus impact deflections are also applica-
ble to composite beams and girders. When the girders are not provided with
falsework or other effective supports during the placement of the concrete
slab, the deflection due to the weight of the slab and other permanent dead
loads added before the concrete has attained 75 percent of its required
28-day strength should be computed on the basis of the noncomposite
section.

Yieid and Plastic Moment: LRFD Specifications

The yield moment M, of a composite section is the sum of the moments
applied separately to the steel and to the short-term and long-term composite
sections to cause first yielding in either steel flange when any web yielding is
disregarded. M, depends on the ratio of the moments applied to the steel
and composite sections, and is needed for the strength limit state for the
following types of composite design: compact positive bending sections in
continuous spans; negative bending sections designed by alternate proce-
dures; homogeneous sections with stiffened webs subjected to combined
moment and shear exceeding specified limits; and noncompact sections used
at the last plastic hinge location in inelastic designs.

The plastic moment M, of the composite section is the first moment of
plastic forces about the plastic neutral axis. Plastic forces in steel portions are
calculated using the yield stress of structural steel and reinforcing steel.
Plastic forces in the concrete (compression zone) are based on a rectangular
stress block. The position of the plastic neutral axis is determined by the
equilibrium condition that a net axial force does not exist.

4-6 TRENDS IN COMPOSITE BRIDGES
Composite bridges have become standard practice both in the United States

and abroad. Although standards and specifications are available, few if any
include provisions for bridges with precast and prestressed concrete decks.
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With beam or girder bridges, both simple and continuous, composite
steel—concrete construction has been extended to box girders, arches, rigid
frames, cable-stayed, and suspension bridges. This discussion focuses, how-
ever, on bridge decks, with emphasis on simple and continuous steel bridges.
A cracked slab is subject to the adverse effects of water and deicing salts,
and this condition is particularly serious when the wearing surface constitutes
an integral part of the concrete slab. Alternatively, an asphalt surface may be
used as protection, but watertightness cannot be assumed even with a
protective layer between the asphalt and the concrete slab. Several state
codes stipulate an increased concrete cover on the top reinforcement to
provide for cracking and deck wear, but this is inconsistent with the practice
of placing the reinforcement near the surface of the slab to control cracking.
In the United States, most composite configurations are in simple spans or
in the positive moment regions of continuous spans. Prestressed bridge decks
are seldom employed for composite bridge construction. Because prestressing
adds considerably to the cost of continuous composite bridges, the present
trend is to avoid this design unless depth restrictions control, where slab
cracking must be prevented or where continuity must be provided for a slab
composed of prestressed precast concrete elements (see also Section 3-11).

Prestressed Cast-in-Place Bridge Decks The prestressing concept in
bridges has resulted in two philosophies, both evolved from the prestressing
of decks in continuous bridges to control slab cracking in negative moment
regions. One solution is to precompress the slab to control cracking under
the combined effects of live load, dead load, and related influences such as
creep, shrinkage, and differential temperature. The slab in this case is
analyzed as a homogeneous uncracked section, and the treatment constitutes
total prestressing although small tensile stresses may be allowed. On the
other hand, partial prestressing is an alternate solution whereby total pre-
stressing is introduced to handle dead loads and long-term effects while the
slab is considered uncracked. However, under the influence of live load,
some cracking in the concrete must be accepted. Limitations are placed on
the crack opening by stipulating lower values for tensile stresses in reinforce-
ment steel.

Transverse precompression of the slab by posttensioning cables is intro-
duced to control longitudinal cracking and creep deformations of the deck
under dead load. Either complete or partial prestressing may be used.
However, transverse posttensioning is costly and has been used occasionally
for wide bridge decks on two main girders.

Longitudinal prestressing methods may be used, separately or combined,
to prevent or limit tensile stresses in the concrete slab in negative moment
regions. One method, used in Europe, involves the concept of vertical
adjustment of the intermediate supports. These are lowered after the con-
crete has cured and a composite section has been obtained. Bending mo-
ments are thus introduced in the composite structure, and the concrete is
precompressed in the negative moment region. Some doubts exist about the
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effectiveness of countering shrinkage because the benefits are balanced by
creep in the slab.

Tensile stresses of the concrete in the negative moment regions may also
be reduced by a proper pouring sequence, in conjunction with the use of
either continuous or traveling formwork. The deck in the positive moment
areas is cast first, followed by the portions in the negative moment regions.
After the concrete has cured rendering the composite action effective, only
the additional loads, such as live and superimposed dead loads, will influence
the composite structure.

At present, the use of longitudinal prestressing appears to be limited
because of the initial cost and the difficulty of controlling prestress loss. A
further problem is cracking at the location of the anchorage of the postten-
sioning cables. Continuous bridges are more susceptible to adverse effects in
view of support settlement.

Precast Elements for Bridge Decks In many instances, the cost of
continuous formwork warrants consideration of alternatives based on the
concept of prefabricated elements. Prefabricated deck sections of unit length
and, where feasible, of full deck width may offer noble solutions. This form of
bridge construction is discussed in other sections.

Design Considerations for Prestressed and Precast Composite Bridges
In most cases, specifications and design philosophies for prestressed and
precast composite structures are not available, and engineers must therefore
resort to codes for prestressed concrete and structural steel. Experience
indicates that, in assessing the structural safety of the prestressed deck, the
ultimate moment capacity of the section should form the basis, because
prestressing and long-term effects such as creep and relaxation do not change
the ultimate moment capacity. Where sufficient plastic hinge rotation cannot
be predicted because of local instabilities, safety against this factor should be
checked. In addition, the fatigue strength must be evaluated, and because the
stress range is a controlling factor the design should address the live load
effects. The influence of studs, stiffeners, and other attachments warrants
ample evaluation in the negative moment regions. This detail is more
important in high-strength-steel bridges where no increase in fatigue strength
should be expected for the higher grade steel at welded details and connec-
tions.

4-7 COMPOSITE I-BEAM BRIDGE: SIMPLE SPAN

Economic Considerations

If an I-beam rolled section is used along with a nominal concrete slab 7.5 in.
thick in composite design, the centroidal axis of the composite section is
normally just below the steel compression flange. The incorporation of the
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concrete slab in the beam properties increases the composite moment of
inertia, but also increases the distance to the extreme tension fiber and thus
the section modulus for the tension steel increases only moderately. For a
more efficient composite section, the steel bottom flange must be larger than
the steel compression flange, thus shifting the centroidal axis of the compos-
ite section closer to the centroidal axis of the steel beam. This can be
achieved in two ways: (a) by selecting a welded plate girder where wide
choice exists in specifying the size and thickness of the top and bottom flange
and (b) by welding a cover plate (partial length) to the tension flange of a
rolled steel beam.

Experience shows that maximum economy is attained with the lightest and
shallowest beam combined with a large cover plate. The thickness of the
cover plate is limited to two times the thickness of the flange to which
the cover plate is attached. The cover plate can be wider or narrower than
the flange. The end detail of a narrower cover plate is simplified because
transverse welds at the ends are not required. This design is also preferable
in terms of fatigue strength of the steel rolled section at this location. In
either case, the difference in width between the steel flange and the cover
plate should allow sufficient space on each side to lay a fillet weld.

Partial-length cover plates should extend beyond the theoretical end by a
terminal distance, or to a section where the stress range in the beam flange is
equal to the allowable fatigue stress range for base metal adjacent to or
connected by fillet welds, whichever is greater. The theoretical end of the
cover plate is the section where the stress in the flange alone does not exceed
the allowable service load stress exclusive of fatigue considerations.

Economy Graphs For rule-of-thumb or preliminary estimates, direct ref-
erence to appropriate graphs is useful. Two examples of economy graphs are
shown in Figures 4-5 and 4-6. The criteria for developing these charts are
based on an HS 20 truck load and a wheel load distribution of §/5.5. Cover
plate size (area) and length for the bottom flange can be found from
companion graphs. Total cover plate lengths include extensions beyond the
theoretical length to the point where the allowable fatigue stress in the beam
flange equals the allowable fatigue stress adjacent to fillet welds for 500,000
maximum load applications, or a terminal distance 1.5 times the beam flange
width. Impact is included, and unshored construction is assumed. The charts
show the old nomenclature for rolled beams and are taken from AISC (1969).

The left portion of the charts depicts a variable ordinate scale that takes
into account the span and superimposed dead load. The dead load (resisted
by the beam only) is the weight of the steel beam plus cover plate and the
concrete structural slab. An integral wearing surface, a future wearing
surface, curbs and parapets, or any other loads are treated as superimposed
dead loads.

The charts give the lightest rolled section of each beam depth series less
than 36 in. Beam spacing can affect overall bridge economy. Normally,
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economy is maximized by using the least number of beams consistent with
maximum allowable overhang of the slab beyond the exterior beams. Unless
relevant standards dictate maximum beam spacing in conjunction with opti-
mum slab thickness, fewer beams in a cross section may result in minimum
structural steel weight, together with fewer bearings and diaphragms.

Example The following data are given for a composite bridge:

Span, center-to-center = 55 ft

Beam spacing = 7 ft 6 in.
Superimposed dead load = 0.45 kip /ft
Structural slab thickness = 7 in.
Material = AASHTO M 270, Grade 36

From the economy chart of Figure 4-5, we find the intersection of the
curve for a 55-ft span with the vertical line corresponding to a superimposed
dead load of 0.45 kip/ft. Then we proceed horizontally to the right until
intersecting the vertical line corresponding to a beam spacing of 7 ft 6 in.
Thus, we determine that W30 X 99 (new designation) will probably yield the
most economical design.

Next, we refer to the companion graph for W30 X 99 shown in Figure 4-7,
and we intersect the curve for the 55-ft span with the vertical line represent-
ing the superimposed dead load of 0.45 kip/ft. From this point, we move
horizontally to intersect the beam spacing of 7 ft 6 in. Moving downward to
the right and parallel to the curves, we intersect the cover plate area axis and
find that the cover plate area must be 10.75 in. Moving to the left
and parallel to the dashed curves, we intersect the cover plate length line and
determine that the total length is 40 ft.

The preliminary (initial) selection is therefore: beam, W30 X 99; cover
plate, 9 X 1.25, 40 ft long. Graphs for the entire range of slab thicknesses
and rolled beams can be found in the AISC publication Simple Span Steel
Bridges (composite beam design charts).

In order to check the efficiency and economy of composite design, we will
compare the foregoing design with a simple noncomposite beam. The weight
of the slab is 7.5 x 0.583 X 0.15 = 0.66 kip/ft. Assuming a beam weight of
0.15 kip /ft, the total dead load is 0.66 + 0.15 + 0.45 = 1.26 kips /ft, giving a
dead load moment

Mp, = 0.125 X 1.26 X 55% = 476 ft-kips

Using a live load distribution factor of 7.5/5.5 = 1.36 and an impact factor
of 50/(155 + 125) = 28 percent, the live load plus impact moment is

My, =0.5x 717 X 1.36 X 1.28 = 623 ft-kips

Therefore, the total design moment is 476 + 623 = 1100 ft-kips. This will
require a section modulus of 1100 X 0.6 = 660 in.3, which is provided by a
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W36 X 194 beam. Economic comparison involves the cost of the beam, cover
plate, welding, and shear connectors for the composite design versus the cost
of a single beam for the noncomposite scheme.

Design Example (Without Shoring)

For a simple composite I-beam bridge, the following are given:

Span = 70 ft, center-to-center of bearings

Structural slab = 7.5 in.

Loading = HS 20; number of beams = 5; spacing = 7 ft 6 in.

Steel-AASHTO M270, grade 36

Future wearing surface = 25 psf

Haunch (fillet) = 1 in. over beam

Curb and parapet are as shown in Figure 4-3 and are to be treated as
superimposed dead load
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The dead load for noncomposite action consists of the following:

Slab = 7.50 X 0.625 X 0.15 = 0.70 kip /ft

Beam etc. (assume) = 0.20 kip /ft
Haunch = 0.025 kip /ft
Dead load w = 0.925 kip /ft

The superimposed dead load consists of the following:

Curb, parapet = (.18 kip /ft

FWS = 7.50 x 0.025 = w kip /ft (approximately)

Superimposed dead load w = 0.37 kip /ft

The dead load moment is
Mp; = 0.125 X 0.925 x 70% = 566 ft-kips
The superimposed dead load moment is

Mgpy. = 0.125 X 0.37 x 702 = 226 ft-kips

327

Wheel load per beam is from §/5.5 = 7.5/5.5 = 1.36. From Figure 2-41,
with §/L = 7.50/70 = 0.11, g = 1.27 (obtained graphically); use a wheel
load distribution of 1.3. Likewise, we compute the impact factor I = 50/
(125 + 70) = 0.256. The live load moment (one lane) is obtained directly
from AASHTO tables as 986 ft-kips. The live load plus impact moment per

beam is

My ;=05 X986 X 1.3 X 1.26 = 807 ft-kips

The Effective width of the flange in a composite beam is as follows:

One fourth of span length = 70 /4 17.5 ft
Distance center-to-center of beams =T75ft

12 times slab thickness = 12 X 7.5 /12 = 7.5 ft Use 7.5 ft
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The transformed width of the flange is 7.5 X 12/9 = 10 in. (n = 9) for
f! = 3500 psi. Also, 7.5 X 12/27 = 3.3 in. (n =27).

By reference to the AISC graphs, we select W36 X 135 and a bottom
cover plate 10 in. X 1.25 in. Next, we compute the properties of the compos-
ite section according to the details shown in Figure 4-8. Axis x-x is the
neutral axis of the beam. Note that the weight of the beam plus the weight of

the cover plate is approximated as 0.18 kip /ft, which is close to the assumed

weight.
The composite beam properties are as follows:

Beam and Cover Plate A x Ax Ax? + I,
WF 39.8 — — 7820
PL 125  —18.40 —248 4233
523 —~248 12,053
Xy = 248/52.3 = 4.74 in. —248 X 4.74 = —1175
Loomp = 10,878 in.*
17.78 + 4.74 = 22.52 10,878,/22.52 = 483 S, top /steel
19.03 — 4.74 = 14.29 10,878 /14.29 = 761 S, bottom /steel
With Slab, n = 9 A x Ax Ax? + I,
WF + PL 523 —248 12,053
Slab = 10 X 7.5 = 75.0 2253 1690 38,452
127.3 1442 50,505
Xy = 1442/127.3 = 11.33 —1442 x 11.33 = —16,338
Lgmp = 34,167 in.*
17.78 + 1.25 + 11.33 = 30.36  34,167,/30.36 = 1125 S, bottom /steel
17.78 — 11.33 = 6.45 34,167/6.45 = 5297 S, top/steel
6.45 + 8.50 = 14.95 34,167 /14.95 = 2285 S, top/concrete
With Slab, n = 27 A x Ax Ax? + I,
WF + PL 523 —248 12,053
Slab=33x75= 24.8 22.53 559 12,705
77.1 311 24,758
xo = 311/77.1 = 4.03 —311 X 4.03 = —1253
Ieomp = 23,505 in.*
17.78 + 1.25 + 4.03 = 23.06  23,505/23.06 = 1019 S, bottom /steel
17.78 — 4.03 = 13.75 23,505/13.75 = 1709 S, top/steel

13.75 + 8.50 = 22.25

23,505 /22.25 = 1056

Steel stress in the bottom flange (tension)

§

566 x 12 226 x 12

807 x 12

761 1019

1125

S, top/concrete

= 8.93 + 2.66 + 8.61 = 20.20 ksi
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W
7%" Slab

1" Haunch

—— ]
W=10" for n=9
W=3.3" for n=27

IXo
-_ - ==X

re— W36x135

X = : -—X X
Xo

%Plate 10"x1%" E€—Plate

10"X1%"

(a) ()

FIGURE 4-8 Typical cross section for composite beam: (a) steel beam and cover
plate; (b) steel beam, cover plate, and slab.

Steel stress in the top flange (compression)

566 +12 226 x 12 807 X 12

1 + + = 14.06 + 1.59 + 1.83 = 17.48 ksi
483 1709 5297

Stress in top of the concrete (compression)

226 X 12 807 x 12

- + — 238 + 470 = 718 psi < 1400 psi
fe= Tos6x27 T 285 %9 Spsi psl

The 1 percent overstressing for the bottom steel is acceptable and the design
is therefore satisfactory.

Length of Cover Plate Our practice has been to detail the end of the
cover plate as shown in Figure 4-9. The terminal distance is 1.5 times the
cover plate width because the cover plate is welded across its ends. The cover
plate is tapered as shown, and has an end width of 3 in.

The required length can be determined by calculating the moments at
several locations inward from the bearings. From our initial reference to
design charts, we have estimated an approximate cover plate length of 48 ft.
This suggests that moments may be computed for distances 5, 10, and 15 ft
from the bearings.
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Plate Width
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of Cover Plate

FIGURE 4-9 Cover plate end detail.

The composite properties for the beam and slab (without cover plate) are

as follows:

n+9
WF
Slab

xo = 1690/114.8 = 14.72

17.78 + 14.73 = 32.51
3.05 + 850 = 11.55

n=27

WF
Slab

xo = 559/64.6 = 8.65

17.78 + 8.65 = 26.43

A x Ax Ax? + I,

39.8 — — 7820

75.0 2253 1690 38,452
1148 1690 46,272

21,395/32.51 = 658
21,395 /11.55 = 1852

—1690 X 14.72 = —24,877
Icomp = 21,395 in.*

S, bottom /steel

S, top /concrete

A x Ax Ax?+ 1,
39.8 — — 7820
24.8 2253 559 12,705
64.6 559 20,525
—559 X 8.65 = 4835
I =15,690in.*

15,690,/26.43 = 594,

comp

S, bottom /steel

At any distance x along the beam, measured from the end bearing, the

dead load moment is

W.X2

35
W, 3

where w is the uniform load (dead or superimposed). The live load influence
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1 |y=x-x%/70 FIGURE 4-10 Bending moment influence

X —J diagram; simple span 70 ft long, unit load,
70!

— o point at distance x from left support.

diagram is shown in Figure 4-10. At x = 5 ft, y = 4.67, and

51 37
M, = 16(4.67 + 4.676_;) + 4(4.6735) = 133 + 11 = 144 ft-kips

At x = 10 ft, y = 8.57, and

46 32
M, = 16(8.57 + 8.575) + 4(8.57&—]—) = 243 + 18 = 261 ft-kips

At x =15 ft, y = 11.79, and

41 27
M, = 16(11.79 + 11.79;5—) + 4(11.79—5—5—) = 330 + 23 = 353 ft-kips

All live load moments must be multiplied by the distribution factor and the
impact coefficient to obtain the live load plus impact moment per beam. At

the three locations, dead load, superimposed dead load, and live load plus
impact moments are tabulated as follows (DL w = 0.925, SDL w = 0.37)

X My, Mo

My
5 150 60 235
10 278 111 425
15 381 152 575

From the foregoing data, we now compute the bending stresses (tension)
in the beam without the cover plate. These are tabulated as follows:

x Stress (DL) Stress (SDL)

Stress (LL + I) Total
5 4.1 1.2 4.3 9.6
10 7.6 2.2 7.8 17.6
15 10.4 3.1 10.5 24.0

The theoretical cutoff point is between 10 and 15 ft from the bearing, and
straight-line interpolation provides sufficient accuracy. Then
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10 24 5) =11.9f
=10+ —(5) = 1191t
x 54

The cover plate length (theoretical) is therefore

70 — 2 X 11.9 = 46.2 say 46.5 ft

The terminal distance is 1.5 x 10 = 15 in. = 1.25 ft, giving a total cover plate
length of 46.5 + 2.5 = 49 ft.

Because of repetitive loading considerations, the design must check the
allowable fatigue stress at the end of the cover plate. For a base metal of
partial length welded cover plate narrower than the flange having square or
tapered ends, with or without welds across the ends and a flange thickness of
0.79 in. < 0.8 in., the stress category is E. For 500,000 cycles and stress
category E, the specifications allow a range of stress F,, = 13 ksi. In this case
the stress range is simply the live load plus the impact stress. At the end of
the cover plate (10.5 ft from the support), this stress is about 8 ksi, and
clearly less than the allowable stress range.

Shear Connectors We choose to distribute the live load for a truck axle
above the end bearing assuming simple beam action and placing two trucks in
10-ft lanes. For the end axle, the live load distribution is

1+ — + — =1.67 and 1.3 for other axles

Note that according to the new ( proposed) shear distribution formulas, the
live load end shear is obtained from AASHTO (NCHRP Project 12-26) Table
323.6 as the algebraic sum 0.4 + 7.5/6.0 — (7.5/25)* = 1.56. Therefore,
using 1.67 as the distribution coefficient is more conservative for the axle load
at the end.

The shear at the end of the beam is as follows:

V= 0.93 X 35 = 32.6 kips
Vepr = 037 X 35 = 13.0 kips
56

42
Vs = [1.67 +16 + 1.3(16 X oo A% %)] x 1.26 = 58.6 kips

which is also the range of shear at the end of the beam.
The range of shear at 7 ft frorn the end of the beam (Figure 4-11)

LI ] — 3 1

= 46.0 kips

63
Negative Vi = 1.30(16 X 0 16) X 1.27 = —2.6 kips
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16k 16k 4k 16k
7-l14- l 14-1 7'l
70" 1 f 70" T

(a) (b)

FIGURE 4-11 Live load arrangement for shear at 7 ft from support: (a) positive;
(b) negative.

obtained by reversing the truck direction as shown in Figure 4-11b, giving a
range of shear of 46.0 — (—2.6) = 48.6 kips.
The range of shear at 14 ft from end of the beam (Figure 4-12)

42

56 28
iti =1. 6X —— +16 X — +4 X —| x 1.2
Positive ViLes 30(1 o 70 70 8

= 39.9 kips

56
Negative ViLsr = 1.30(16 X %0 " 16) X 1.28 = —5.3 kips

obtained by reversing the truck direction as shown in Figure 4-12b, giving a

range of shear of 39.9 — (—5.3) = 45.2 kips.
The range of shear at midspan of beam (Figure 4-13)

21

1 7
Positi |4 =130{16 X = + 16 X — +4 X — | X 1.30
ositive LL+7 ( 3 70 70) 3

]

22.3 kips

N i |4 =1.30[4 6 16 i 16 ! 36 1.30
t =1. X ——+16X — +16 X = — X 1.
ceative L/ ( 70 70 2 )

—22.4 kips

obtained by reversing the truck direction as shown in Figure 4-13b, giving a
range of shear of 22.3 — (—22.4) = 44.7 kips.

Design of Stud Shear Connectors for Fatigue: For 5-in.X 7/8-in. shear
studs, H/d > 4. From Article 10.38.5.1 (AASHTO), the allowable range is
Z, = ad?, where a = 10,600 for 500,000 cycles, or Z, = 10,600(7 /8)2 = 8200

16k 16k 4k 16k

141 14~1 14-1 | | 141
T 70! T T 70" }

(a) (b)

FIGURE 4-12 Live load arrangement for shear at 14 ft from support: (a) positive;
(b) negative.
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16k 16k 4k 4% 16k 16k
14"

351 l 14'l 1417' 71 14'l 35
T T

(a) (b)

FIGURE 4-13 Live load arrangement for shear at midspan: (a) positive; (b) nega-
tive.

Ib. The range of shear is computed by the formula

V,.Q
I

where S,, V,, Q, and [ are defined in AASHTO Article 10.38.5.1.1. At the
end of the beam (without the cover plate), the distance from the neutral axis
of the composite section to the centroid of the transformed concrete area is
11.55 — 3.75 = 7.8 in. We compute Q = 75 X 7.8 = 585 in.® and recall that
I =21,395in*

With the cover plate present, 4 = 75(14.95 — 3.75) = 11.2 X 75 = 840
in.3 and I = 34,167 in.*. The shear per inch must satisfy the equation

IN
O,

(4-1)

nZ, = S, X (Spacing) (4-2)
where n is the number of studs per row, from which we obtain

nZ,
S

Spacing = (4-3)

r

Using the foregoing data, we tabulate the stud spacing as follows (n =2

Distance from V, 1 Q S, Spacing
Support (End) (ft) (kip) (in.*) (in.*) (kip/in.) (in.)
0 58.6 21,395 585 1.60 10.25
7 48.6 21,395 585 1.33 12.30
14 45.2 34,167 840 1.11 14.9
o} 44.7 34,167 840 1.10 15.0

Using two studs per section, the spacing is as shown in Figure 4-14a.
Alternatively, we may choose equal spacing throughout the beam length.
From the preceding table,

Average V, = (58.6 + 44.7) /2 = 51.7 kips
Average 1/Q = (21,395/585 + 34,167/840)1/2 = 38.6 in.
Spacing = 16.4 X 38.6/51.7 = 12.2 in. say 12 in.
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(a)
FIGURE 4-14 Beam elevation and stud spacing details.

Check Shear Connectors for Ultimate Strength: The number of connectors
required for fatigue must be checked to ensure that the ultimate strength
provisions are satisfied (AASHTO Article 10.38.5.1.2). The number of shear
connectors must equal or exceed the number given by the following:

P
N1 = (4-4)
oS

u

where N,; = number of connectors between points of maximum positive
moment and adjacent end supports

§, = ultimate strength of shear connectors, or 0.4d 2\/fC’TC
¢ = reduction factor of 0.85
P= force in the slab, defined hereafter as P, or P,, where
P, =AF, P,=085f!bt;, where
A, = total area of steel section including cover plate
F, = specified minimum yield point of steel used
f¢ = compressive strength of concrete at 28 days
b = effective flange width of composite section

t, = thickness of concrete slab

DN

We calculate

Py = 52.3 X 36 = 1883 kips
P, =0.85 X 3.5 X 90 X 7.50 = 2009 kips Use P = 1883 kips

Next, we compute 0.4d%/f/E_ = 33,500 Ib, and N, = 1883 ,/0.85 X 33.5 = 66
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studs. From Figure 4-14, the number of studs between the support and
centerline is 66, or the number required for ultimate strength.

Weld Design of Cover Plate to Beam The weld connecting the cover
plate to the flange in its terminal distance should be continuous and of
sufficient size to develop a total stress not less than the stress in the cover
plate computed at its theoretical end. Welds connecting the cover plate to
the beam flange will be continuous and according to AASHTO Article
10.23.2. The shear per unit length in the fillet weld is f, = VQ/I.

The theoretical cutoff point of the cover plate is 12 ft from the end
support, and the fillet weld of this location is designed for both total stress
and fatigue considerations. For total stress, the incremental values of f, for
dead, superimposed, and live load plus impact are calculated at 12 ft from
the support. For dead load,

Vo = (35 — 12) X 0.93 = 21.4 kips
0 =12.5 x (17.78 — 4.74 + 0.62) = 171 in.?

I=10878in.*  (Steel section only)
AT
f, = 10878 = 0. ip/in.

For superimposed dead load,

VSDL = 23 X 0.37 = 8.5 kipS
Q=12.5x%(17.78 + 4.03 + 0.62) = 281 in.?

[ =23,505in.*
8.5 x 281 0.10 kin /i
f, = 73,505 = 0. ip/in.

For live load plus impact, we compute

58 44 30
ViLer =130 16 X 76 + 16 X ?6 + 4 X % X 1.27 = 41.4 kips
Q=125x%(17.78 + 11.33 + 0.62) = 29.73 X 12.5 = 372in.3
I =34,167in.*
41.4 X 372
f, = __3—‘—1,1_67— = (.45 kip/in.

Total f, = 0.34 + 0.10 + 0.45 = 0.89 kip/in.
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The minimum size of the fillet weld for a maximum plate thickness of 1.25
in. is 5/16 in. The allowable shear stress from AASHTO Article 10.32.2 is

F, = 0.27F, (4-5)

where F, = allowable basic shear stress
F, = tensile strength of the electrode classification but not greater
than the tensile strength of the connected part, in this case 58 ksi

From (4-5) we calculate F, = 0.27 X 58 = 15.7 ksi. With a shear on the
throat of two 5/16-in. fillet welds, 0.89 kip /in., the unit stress is

0.89

= ———————— = 2,03 ksi < 15.7 ksi
Jo = 36716y 0707 ! :

The welds must now be checked for fatigue stresses. The range of shear at
12 ft from the support is approximately 45 kips. We now calculate

45 X 372

- = 049kip/in. OK
T a1y O49Kip/in

The allowable fatigue stress for category B (longitudinal fillet weld) and
500,000 cycles is 29 ksi (AASHTO Table 10.3.1A, and the 5 /16-in. fillet weld
is therefore more than adequate to accommodate this stress. The develop-
ment length of the cover plate based on weld strength is calculated as
follows. The strength of the cover plate is 12.5 X 20 = 250 kips. The strength
of two 5 /16-in. fillet welds is

5
2 1 X 0.707 X 15.7 = 6.9 kips/in.

The length of weld necessary to keep the total stress in the cover plate less
than 20 ksi is L = 250/6.9 = 36 in., which is more than satisfied by one-half
of the theoretical cover plate length.

Exterior Beams For a roadway width (face-to-face of curb) of 30 ft and a
framing plan of five beams at 7.5-ft spacing, the fascia cross section is as
shown in Figure 4-15. The exterior beams must be designed for the same live
load, the same superimposed dead load, and a dead load corresponding to a
slab strip 5 ft 4 in. wide as shown in Figure 4-15, which is also the effective
width of the slab in the composite section. According to the intent of the
design, a mandatory horizontal construction joint will be provided between
the slab and the curb, and between the curb and the parapet. Vertical open
joints in the curb-parapet section should be provided to the top of the slab
and at suitable intervals to inhibit composite action in this section.
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Design Example (With Shoring)

The foregoing example of a composite bridge will be analyzed assuming that
shoring is temporarily used to support the dead weight of the slab until the
concrete has attained its 7-day strength. The loads are rearranged as follows:

Dead load (noncomposite) = 0.20 kip/ft (beam, plate, etc.)
Superimposed dead load = 0.73 + 0.37 = 1.10 kips /ft

The live load is the same as in the foregoing example. The moments are
now as follows:
My =020 X 702 x 0.125 = 123 ft-kips
Mgy = 1.10 X 702 x 0.125 = 674 ft-kips
M= 807 ft-kips
Because we use the same beam and cover plate, the intent of the analysis is

to demonstrate the reduction in the stress (tensile) made possible by the use
of temporary shoring. Steel stresses in the bottom flange are now

DX12 EMXI2 BTXIZ e
= + + =1.93 + 7.94 + 8.61 = 18.
fs 761 1019 1125 St

This reduction may justify redesigning the bridge using a lighter beam or
cover plate, and in this case the saving in the weight of structural steel must
be compared to the cost of temporary shoring.



COMPOSITE I-BEAM BRIDGE: SIMPLE SPAN 339

Influence of Plastic Flow

For temporary or instantaneous loads, the assumption that the concrete in
the composite sections behaves elastically is reasonable and fairly accurate.
However, the performance of composite bridges demonstrates that plastic
flow may, under certain conditions, cause overstressing in the concrete. The
following assumptions are thus made: (a) only permanent loads causing
compressive stresses in the concrete induce plastic flow, whereas temporary
loads such as moving live loads have inconsequential effects; (b) the amount
of plastic flow varies with the magnitude of the permanent compressive
concrete stress, and low compressive stresses produce little plastic flow; and
(c) the age of the concrete when the permanent load is applied does not
influence the total amount of plastic flow, although it affects the length of the
flow period, and the greater this age the longer the flow period.

Plastic flow in a composite beam induces tensile stresses in the concrete,
compressive stresses in the top flange, and small tensile stresses in the
bottom flange of the beam. The neutral axis of the stress curve is close to the
bottom flange. The dead load producing the plastic flow is assumed to be
carried by the composite section with the usual value of n (9 or 10) with the
usual stress curve. When these two curves interact and are added, the
resulting stress curve has its neutral axis between the neutral axes of
the component curves. Because plastic flow stresses are difficult to analyze,
the position of the resulting neutral axis is computed using a lower value of
E . Thus, the combined effect of dead load and plastic flow stresses in the
concrete and steel is approximated by using a higher value of n for loads
producing plastic flow. This behavior and its underlying assumptions has
prompted AASHTO to recommend multiplying the value of n by 3, which
gives higher stresses and shears.

Possible Composite Sections

Preferably, the neutral axis of the composite section should be located below
the top flange of the steel beam, because in this position the entire concrete
section is in compression. Figures 4-16a and b show, however, two cases
where the neutral axis is in the concrete section. For the neutral axis in the
slab, as shown in Figure 4-164, the properties of the composite section are
estimated from the following:

kd nA, 1 1 2bd 4-6
= -1+ + -
b nA, (4-6)
b(kd)’ ,
[= 5 L+ A(d - kd) (4-7)

For the neutral axis in the concrete haunch as shown in Figure 4-16b, the
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FIGURE 4-16 Position of neutral axis in composite beams: (a) beam and slab
without haunch; (b) beam and slab with haunch.

properties of the composite section are estimated from the following:

nA + (b—b')t b'[2nd.d + (b — b')¢?
S CaLA 1A Y A CR A Ul
b [n4, + (b = b')t]

kd = (4-8)

_ b(kd)’ = (b= b)(kd — t)’
I= 3n

where all terms correspond to the notation of Figure 4-16 and also to the
following:

+ 1, + A(d ~ kd)* (4-9)

A, = cross-sectional area of steel member
n = modular ratio
= distance from top of slab to center of gravity of steel section
kd = distance from top of slab to neutral axis of composite section

I, = moment of inertia of the steel section about its neutral axis

I = moment of inertia of composite section about its neutral axis

If the composite section has an irregular concrete area, as in Figure 4-17,
a trial design may be made by substituting for the irregular section a slab of
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FIGURE 4-17 Irregular composite sec-
tion.

uniform thickness with an area and width equal to the original concrete area.
The slab is located so that its center of gravity is at the same distance above
the steel flange as the original irregular concrete area. After a trial design is
completed, the actual composite section should be checked for stresses and
deflection.

The condition shown in Figure 4-17 may arise where a curb is placed
monolithically with the slab and is analyzed as part of the composite section
of the exterior beam, probably shifting the neutral axis into the concrete
section and above the steel top. The composite design in this case becomes
more complex as soon as the composite action of the adjacent interior beam
begins to dominate and the neutral axis shifts below the steel top.

In composite beams with temporary intermediate supports (shoring) dur-
ing placement of the concrete slab and curing of the concrete, the entire
dead load is carried by the composite section causing permanent compressive
stresses in the concrete, thereby inducing plastic flow. In this case plastic flow
has a greater effect and may be considered in various ways. By using 3x as
the modular ratio, the design will show greater bottom flange (tensile)
stresses. Because plastic flow produces additional compression on the top
flange, the stresses in this flange will be increased when the neutral axis lies
in the steel. Because concrete stresses are in this case reduced by plastic flow,
it may be advisable to determine concrete stresses by neglecting plastic flow.

Deflection of Composite Beams

Because composite construction is stiffer than the steel beam alone, live load
deflection seldom controls the design under the current AASHTO require-
ments. The moment of inertia of the gross cross-sectional area is used to
calculate deflections, and all beams are considered as having equal deflection
for the number of trucks that the bridge deck can accommodate.

For the 70-ft-long bridge analyzed in the preceding example, we can
compute the live load deflection as in the example of Section 4-4 by
considering the resultant of the rear axles acting at midspan and by using the
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moment of inertia of the composite section as a constant. The deflection is

128 x 703 x 12°

- ~ 0.32 in.
48 X 29 x 10° X 5 X 34 167 n

A

or with impact 0.40 in., which is below the allowable 1.0 in.

4-8 NONLINEAR ANALYSIS OF COMPOSITE BEAMS

Analysis of composite beams that includes the effects of interface slip,
yielding of the steel, residual stresses, and nonlinearity in the concrete is
presented by Ansourian and Roderick (1978). The method also permits
predictions of behavior throughout the loading range up to the occurrence of
collapse.

The standard procedure presented in Section 4-7 assumes an elastic
structure and ignores interface slip. Allen and Severn (1961) have proposed
rigorous solutions for the simple case of a slab covering a series of parallel
beams simply supported and subjected to symmetrical loading. In this
approach, the slab is idealized as a thin plate subjected to in-plate displace-
ments u and v and to transverse (bending) displacement w. The displace-
ments, membrane stresses, and moments in the slab are obtained from
solutions of biharmonic equations, but, in practice, these are unlikely to be
attempted because of difficult boundary conditions that are not adequately
expressed analytically.

Alternatively, a composite beam-and-slab system can be represented in
various ways by finite elements (Ansourian, 1975), where the slab is idealized
either as a solid brick-type element or as a thin plate at the midsurface,
whereas the beam is represented by conventional beam elements and the
eccentricity of its axis relative to the slab midsurface is enforced with rigid
links. These links are not actual physical members, but their function is
simulated numerically by making the displacements along the beam axis
depend on the displacements of the slab nodes located vertically.

Results obtained for a floor system consisting of a concrete slab rigidly
connected to the top flange of a series of parallel beams of I section
encastered at the ends are shown in Figure 4-18. The distribution of mem-
brane stress is clearly different from the distribution assumed in simple
T-beam theory. The stress is a maximum at the beam and falls away toward
the center of the slab. The distribution peaks at the maximum negative
moment section, and is essentially unaffected by the type of loading, uniform
or concentrated along the beam.

For the single beam shown in Figure 4-19, both experimental results and
finite-element analysis show an error in midspan deflection less than 3
percent. At the center section, the distribution of stress in the steel beam is
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FIGURE 4-18 Effect of loading on distribution of longitudinal stresses. (From
Ansourian and Roderick, 1978.)
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FIGURE 4-19 Typical test beam. (From Ansourian and Roderick, 1978.)
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FIGURE 4-20 Stresses at midspan for isolated beam. (From Ansourian and Roderick,
1978.)

practically the same, calculated either by finite-element or T-beam theory,
and the difference in peak slab stress is only 7 percent, as shown in Figure
4-20. Along the full length of the beam, the error in bottom flange stress is
markedly small. From these results we can conclude that very little error is
introduced when simple T-beam theory is applied to an isolated composite
beam.

When the load-slip relationship of the shear connection is linear, the
interface slip may be determined as proposed by Siess, Viest, and Newmark,
(1952). The greatest loss of composite action occurs at concentrated loads or
at sections of maximum moment. In practice, beams having an adequate
shear connection may experience the primary effect of slip in the form of
larger deflections, of the order of 10 percent, simultaneously with a 10
percent reduction in the force acting on the connectors.

Nonlinear Analysis For a composite beam loaded to failure, two principal
factors affect its behavior: yielding of the steel and the nonlinear response of
the concrete. Strain hardening may be significant with a deep bending
moment gradient, which rarely happens in simply supported beams (see also
Section 4-5). Thus, refined analyses focus on the effect of slip and residual
stress (Ansourian and Roderick, 1978).

The shape of the load—-slip curve for connectors is obtained from pushout
tests, and an example is shown in Figure 4-21. In a composite T beam, the
resisting moment is relatively insensitive to the stress—strain diagram of the
concrete (Barnard and Johnson, 1965), and the usual bilinear relationship is
applicable with a maximum concrete stress of 0.85f;.
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FIGURE 4-21 Typical pushout characteristic for 19-mm stud. (From Ansourian and
Roderick, 1978.)

Figure 4-22 shows a section bent to a curvature p and stressed well to the
plastic range. At the steel-concrete interface there is a strain discontinuity
€;,, caused by the flexibility of the connector. The concrete is nonlinear to a
depth of n,d, and the steel yields to a depth of n,d. The force components
are derived by subtracting, from the force for the wholly elastic case,
correction terms taking account of the nonlinearity. For example, the com-
pressive force in the slab is F, — F;, where F, is the elastic component and
F; is the correction term. Thus,

b 2 b 2
Fc = EEcp(kld) FS = EEcp(nld) (4'10)

where E_ is the elastic modulus of concrete. Horizontal equilibrium of the
Cross section requires
c

F.—Fy=F —-F - F (4-11)

where F is the elastic force in the joint and F, and F, are the correction
terms for yielding in the lower flange and web, respectively. From these,

FIGURE 4-22 Distribution of stress. (From Ansourian and Roderick, 1978.)
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expressions can be derived for the depth of yielding in the beam and the
nonlinear depth in the slab (Ansourian and Roderick, 1978).

Two more expressions are required before k;d can be obtained explicitly.
The first expresses equilibrium of the actions on the cross section with the
externally applied moment, and the second ensures compatibility of the slip
strain with the connector displacements.

Using the foregoing procedure and, where appropriate, similar expressions
for cases of extensive yielding, the beam problem may be solved iteratively at
any level of applied load. The curvature and the extent of yielding at every
section are adjusted until equilibrium is attained with the external moment.
Further iteration is necessary to ensure that the final slip strain is compatible
with the connector forces. The convergence of the iterative procedure is
rapid at low loads but becomes very slow as the loads increase, at which stage
the moment—curvature and force—slip relationships become markedly nonlin-
ear (Ansourian and Roderick, 1978). The use of numerical techniques can
speed convergence.

Effect of Residual Stresses Comparison of deflections obtained experi-
mentally and theoretically shows that above a certain load the observed
deflection increases more rapidly than predicted by the assumed nonlinearity
of concrete and by the effect of slip. These larger deflections are attributed to
the effect of residual stresses in the beam. Whereas residual stresses depend
on section geometry, method of manufacture, rate of cooling, and extent of
cold working, in rolled beams of medium size residual stresses are distributed
parabolically in the flanges and the web as shown in Figure 4-23a. For
simplicity, this distribution is replaced by the diagram shown in Figure 4-23b,
with a uniform tensile stress in the flanges and a corresponding compressive
stress in the web.

{

(a) Typical residual stress distribution in joist
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residual stress stress stress distribution

FIGURE 4-23 Residual stresses. (From Ansourian and Roderick, 1978.)
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FIGURE 4-24 Effect of residual stress on midspan deflection. (From Ansourian and
Roderick, 1978.)

Before any load is applied the beam is in equilibrium, and at any section
the residual stresses must satisfy the equation

200 Ap + ogpy Ay =0 (4-12)

where 4, and A, are the cross-sectional areas of the flange and web,
respectively. If a certain level of residual stress is assumed in the flanges, the
stress in the web is therefore

24,

On
4 RF
w

Orw =

(4-13)

This means that the effect of residual stresses is to reduce the moment at
which yielding develops in the flange and to raise the moment for web
vielding. The curvature developed under these conditions is calculated by
replacing the yield stress in the flange by an effective yield stress fsy — Orp
and replacing the yield stress in the web by f,, + ogy. Then the stresses
balancing the applied moment are as shown in Figure 4-23¢ when yielding
extends to the web.

The effect of varying the residual stress on the midspan deflection for the
beam of Figure 4-19 is shown in Figure 4-24 for oy, r values ranging from zero
to half the yield stress. As the residual stress is increased, initial yielding is
initiated at a lower applied load, but after it has progressed through the
thickness of the bottom flange, the beam begins to respond elastically. At this
stage the stiffness of the beam is less than the initial stiffness because,
although the web is elastic, the bottom flange is plastic. After yielding
extends through the depth of the joist, all traces of residual stresses
disappear.
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4-9 TOPICS RELEVANT TO COMPOSITE BEAMS

Plastic Rotation

Full-scale beam tests by Ansourian (1982) have provided data on the sagging
rotation capacity of composite beams with ductility parameters in the range
0.65 to 3.0. When secondary failures associated mainly with the shear
connection are avoided through proper design, the rotation capacity is
controlled principally by the extent of strain hardening developed in the steel
beams when the slab crushes. This occurrence is represented by a single
ductility parameter x, expressed as a function of the section geometry and of
the mechanical properties of the steel and the concrete. The value x = 1.0
corresponds to a beam that has the neutral axis at collapse at a level for
which the strain at the start of strain hardening, e,, is attained in the lower
flange at the same time as the crushing strain of the concrete, e, is reached
at the top of the slab.

In these tests the beams were loaded with a single concentrated load at
the center. For the beam with the most severe brittle characteristics (x =
0.65), the maximum steel strain at collapse was 0.013, or 0.8e,. Conversely,
in the most ductile beam this strain was over 0.035, or 2.7eg,. The midspan
deflections at unloading were 2.48, and 8.85, (elastic component of deflec-
tion) for the brittle and ductile beam, respectively. The plastic rotation ratio
8, (ratio of ultimate to elastic rotation) ranged from 1.5 to 5.8.

These data provided the basis for introducing minimum values for the
ultimate deflection ratio, 8, and the plastic rotation ratio, 4, in the range
x = 1.0 to 3.5. With a minimum value of x = 1.4, it was concluded that
sufficient rotation is available to develop the plastic design collapse load,
calculated conventionally, for the worst combination of span and loading.

Temperature Distribution

The temperature distribution in composite bridges has been studied by
Emanuel and Hulsey (1978) using finite-element models (see also Section
12-5). These effects were investigated for air temperature extremes likely to
occur at the prototype (Columbia, Missouri) during the life of the structures,
consisting of a concrete deck on steel beams.

The results confirm that the temperature distribution depends on the
ambient air temperature, the short-wave radiation absorbed by the bridge
deck, the heat transfer due to long-wave thermal radiation, the film coefhi-
cient, and the thermal characteristics of the materials. The presence of a thin
asphalt layer can produce a higher thermal gradient within the bridge cross
section. A nonlinear temperature distribution produces thermal stresses
within isotropic homogeneous material.

For a composite steel beam bridge, the magnitude of stress depends on
the temperature distribution, the internal induced forces generated by dif-
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ferences in the coefficients of thermal expansion, and the boundary support
conditions. A steady-state thermal condition never exists in a bridge struc-
ture. The convection constant (defined as the cooling produced by the wind)
markedly affects the temperature distribution; on a still, hot day the tempera-
ture differential within the deck may reach 39°F (22°C), whereas on a cold
winter day this differential can be 31°F (17°C).

4-10 COMPOSITE BRIDGES WITH PRECAST DECKS

Construction Procedure One form of construction, developed in Switzer-
land, is the stage deck jacking method; it involves the following main steps:
(a) cast a given length of concrete deck (20-25 m) in the bridge axis near the
abutment or at midspan, depending on constructional convenience; (b) jack
this section onto the flanges of the steel beams (by liberating the casting bed);
and (c) prepare the casting bed for concreting a second deck length (Beguin,
1978).

The finished deck is thus produced in a series of segments in incremental
casting, and when in place each slab section is connected to the steel beams
by shear attachments. The associated advantages are as follows: (a) the same
formwork is used repeatedly, (b) concrete pouring is done at a fixed location,
and (c) the entire deck is made structurally continuous by overlapping the
reinforcing bars at the ends of segments. The method is feasible with I
beams, twin-girder systems, and open-box sections.

During jacking the freshly hardened deck sections slide on special strips,
usually built on standard I steel profiles. The formwork may be held in place
by ground anchors when the casting is done outside the bridge, or it may be
suspended from the main beams for interior casting. When the concrete
sections are in their final position, the shear connectors are welded to the
flanges at predetermined openings, and these holes are filled with concrete.

The movement of deck segments normally requires the use of hydraulic
jacks. A padding evens out the contact between the concrete and the head of
the ram. For bridges longer than 70 m, sliding shoes accommodate move-
ment, but better sliding details can be developed from a consideration of the
friction forces. A sliding surface having a central groove for lubrication can
reduce friction markedly. Deck steering and path control are achieved by the
combined action of the main and auxiliary jacks in conjunction with visual
checking.

Design Considerations Factors to be considered in the design are related
to (a) the physical process of incremental launching and (b) the effect of the
launching forces on the placed deck and steel structure. In the final position,
the loads and composite action are as in conventional construction, and
because the shear connectors are installed after the deck segments are in
place, the concrete weight is resisted by the steel beams alone.
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Factors Governing Launching The jacking forces are applied parallel to
the plane of the deck, and must overcome the frictional resistance. For a
body moving at low speeds, this reaction is neither typical nor continuous,
but is manifested in a series of “sticks” and “slips.” The stick—slip phe-
nomenon is articulated by Bowden and Leben (1939), and further data on
this process are provided by Morgan, Muskat, and Reed (1941). Experience
with stage launching shows that deck segments are subjected to stick-slip
effects depending on (a) the mass of the driven deck, (b) the segment length;
(c) the mass of the steel structure; (d) the elasticity of the links; and (e) the
jacking velocity (Beguin, 1978).

Steering a concrete deck strip along a prescribed path (sometimes several
hundred feet) may cause the strip to veer off its course. In this case the deck
must have its path corrected with the help of a transverse force.

Structural Steel Support The absence of concrete fillets into which the
top flange is normally embedded is not a structural deterrent, because this
flange is fully supported laterally by the shear studs.

The simple beam shown in Figure 4-25a is assumed to have a uniformly
distributed friction load of intensity r. The beam has a cross section with the
center of gravity at midheight 4. If the beam is acted upon or held longitudi-
nally by a tie fixed at point C, the eccentricity is small, and the only force
acting at distance x is an axial force N = rx.

We now consider the n-span continuous beam shown in the top of Figure
4-25b, where n consecutive spans are uniformly loaded along their entire
length by distributed friction forces of intensity r. The beam is held at the
level of the top flange at point F. The internal forces may be determined
according to the following two cases.

1. The continuous beam is loaded as in the original beam but is held at
midheight point C as shown in the middle of Figure 4-25b, so that the only
internal force in the beam is the axial tension N = rh.

2. The continuous beam is not subjected to friction but to a terminal
couple M = Rh applied at the end as shown in the bottom of Figure 4-25b.
For equal spans and the same bending stiffness, the bending moment
generated in each section by the terminal couple M may be obtained from a
second-order linear difference equation. For the n equal continuous span,
the bending moment Mj over the support j (j = 1,2,...,n) is

_ a4y SIDRJY
M M(=1) sinh ny (4-14)

where coshy = 2.

Using appropriate trigonometric functions, an expression for Mj may also
be written in terms of continued fractions (Beguin, 1978). Based on this
analysis, the rotation of sections over supports can be derived and used to
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FIGURE 4-25 (a) Simple span under uniform friction loading; (b) continuous beam
under uniform friction loading. (From Beguin, 1978.)

handle more complex loadings. If the jacking force is symmetrical with
respect to the bridge axis, the friction forces are essentially distributed
between the two beams. Asymmetrical driving of the deck can cause bimo-
ments and warping of the steel sections. A case of asymmetrical jacking is
solved by Beguin (1978) in a two-step analysis.

Effect of Deck Eccentricity Over Supports The effect of deck slip on its
elastic support depends mainly on the width of the sliding shoes. Any
resulting eccentricity should preferably be less than half this width in order to
limit transverse bending of the top flange. With larger eccentricities this
bending may become critical.
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The following stresses are induced near the shoe: (a) a longitudinal stress
in the top flange and web due to normal loads, (b) a vertical compressive
stress, (c) a transverse bending stress, and (d) a shear stress caused by shear
and torque. An eccentric shoe also causes a slight twist of the flange locally,
and this can lead to yielding over a limited area.

Because the shoes may transfer concentrated loads at any point along the
beam, the use of web stiffeners is not practical. In this case buckling theories
must be considered and interpreted with caution (Carskaddan, 1969). In
addition, it appears that the introduction of additional web stiffeners may not
be justified given the temporary nature of this loading. Invariably, the shoes
are left in place, and the resulting gap between the flange and the concrete
must therefore be filled with cement grout.

Further Improvements It is essential to detect deck eccentricity during
launching before it becomes detrimental and to overcome the undesirable
features of the stick—slip motion. An eccentric position of the shoe over the
beam web can be avoided if the shoe is provided with a lateral guide.
Because sliding panels must bear on two adjacent beams for stability, bridges
suitable for incremental launching should preferably have a framing system
of 2, 4, 6, and so on beams.

Transverse prestressing may be applied in conjunction with conventional
reinforcement to compensate for the effects of transverse bending moments.
Longitudinal prestressing has seldom been used. The presence of friction of
the slab along the top flange in cast-in-place decks inhibits the action of
prestressing. With incremental launching this adherence is not a problem,
however, and longitudinal posttensioning may be beneficial.

With the stage deck jacking method, shear connection is achieved in the
last stage of constructions. At this time most of the shrinkage in the concrete
has occurred, whereas the jacking action imparts to the concrete a definite
compression. By combining the driving jacks and the prestressing tendons,
the undesirable friction between the steel and deck may be further reduced.

Where the deck section size and weight can accommodate the usual crane
and hoisting capabilities available at the site, in situ precast members should
be considered. For example, a slab bridge with an overall deck width of 32 to
33 ft can be constructed in prefabricated deck sections of full width and 10 to
15 ft long. These sections have an approximate weight of 45 kips and are
within the hoisting range of most cranes. Prefabricated decks are discussed in
subsequent sections. The main advantages relate to the elimination of the
jacking stage and the associated costs.

4-11 CONTINUOUS-BEAM BRIDGES

Multiple-span bridges are required where a single-span structure becomes
too long for an economical solution. The bridge system in this case may
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consist of a series of simple spans or the design may be continuous over the
piers,

Simple spans require less engineering effort; they do not require field
splices, making possible faster field erection; differential support settlements
do not have to be considered in the beam design; and expansion devices must
accommodate single-span movement only.

On the other hand, continuous spans allow a reduction of material or
longer spans and fewer piers for the same steel section; they result in less
deflection and live load vibration effects; they require a single bearing at the
supports and fewer expansion joints; and they enhance improvements in
appearance through variation in span length and beam depth.

Where the span ratio (center to end) is structurally favorable (1.25-1.35),
the advantages of continuous bridges become obvious, and comparison of
alternate designs will reflect a corresponding cost difference between simple
and continuous beams. The routine availability of efficient deep foundation
systems practically precludes differential support settlement and ensures
moments and shears as predicted by the design. For relatively short spans,
continuity makes little cost difference, and concrete-type bridges should be
considered.

A continuous bridge, whether concrete or steel, usually implies a beam
system of a variable moment of inertia. For short spans, the continuous steel
beam is a wide-flange rolled section with welded cover plates in the region of
maximum negative moments or with heavier sections between field splices.
Continuity means two or more spans, but five continuous spans are a
structural upper limit in terms of analysis and functional characteristics.
Two-span continuous beams have a slight economy over simple bridges. The
usual three- and four-span continuous bridge has the center spans one-fifth
to one-third longer than the end spans.

Methods of Analysis Continuous beams are analyzed by the moment of
inertia method. The general principles of structural continuity are discussed
in Section 2-2. Variations in the moment of inertia from the assumed model
can produce considerable deviations from the true results of the analysis, and
are thus more critical where the structural materials are not truly elastic and
they do not complete elastic recovery. With current methods of analysis, this
problem is remedied through the use of computer programs that consider
these variations and also provide parametric solutions. However, a complete
understanding of concepts such as stiffness and restraint, moment distribu-
tion, and influence lines for moments and shears is essential and will help
designers in solving continuous-beam problems where hand calculations
become necessary. The applicability of these concepts is illustrated in Chap-
ters 2 and 3.

For continuous superstructure, the provisions of NCHRP Project 12-26
(Article 3.23.2.5) stipulate that longitudinal bending moments must be in-
creased by a correction factor ¢ applied to the moments obtained from a
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continuous-frame analysis. Values of correction factors for different floor and
beam types are listed in Table 3.23.4 (NCHRP Project 12-26). For steel 1
beams, the correction factor is 1.05 for positive moments, and 1.10 for
negative moments.

Design Example: Two-Span Continuous Beam (Noncomposite)

In this example, we consider a bridge with two equal spans, 70 ft each. Other
design parameters and data are the same as in the composite bridge analyzed
in Section 4-7. The live load distribution is 1.3, and a constant moment of
inertia is assumed. We recall that the total dead load plus superimposed
dead load is 0.93 + 0.37 = 1.30 kips /ft.

Moments and shears are obtained directly from AISC tables (Moments,
Shears, and Reactions for Continuous Highway Bridges) for N = 1.0 (span
ratio) and a total beam length of 140 ft. A beam elevation is shown in Figure
4-26.

Dead load moments are computed as follows:

Positive DL moment in span AB = 1.30 X 702 x 0.0703 = 448 ft-kips
Negative DL moment at support = —1.30 X 70% x 0.125 = —796 ft-kips

Likewise, live load plus impact moments are calculated as follows (include
the correction factor c):

Positive in span 4B = 792 X 0.5 X 1.30 X 1.256 X 1.05 = 678 ft-kips
Negative over support = —634 X 0.5 X 1.30 X 1.256 x 1.10 = — 569 ft-kips

Note that truck load governs the positive moment in the span, and lane

loading determines the negative live load moment over the support.
The total moments are

Positive M, = 448 + 678 = 1126 ft-kips
SM = 1126 X 0.6 = 676 in.?

Negative M, = —(796 + 569) = —1365 ft-kips
SM = 1365 X 0.6 = 819in.?

(Assume full lateral support)
The choice involves the following:

Scheme A: Positive moment W36 X 194, SM = 665 in.’
Negative moment W36 x 230, SM = 837 in.?

Scheme B: Positive moment W36 X 194
Negative moment W36 X 194 plus cover plates over support
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c
} FIGURE 4-26 Beam eclevation; two-span con-
T tinuous steel beam bridge.

In scheme A, the heavier beam section is provided between field splices
placed at the points of dead load contraflexure. For an exact solution, dead
and live load moments must be recalculated taking into account the variable
moment of inertia. An increase in this parameter in the vicinity of interior
support produces an increase in the maximum negative moments and interior
reactions. For a uniformly loaded beam continuous in two spans, cover plates
placed along one-fourth of the span length each side of the interior support
and producing a 50 percent increase in the moment of inertia will probably
cause an increase in the negative moment of 5 percent. This is not a linear
function, and the increase in negative moment rapidly becomes accelerated
for greater increases in the moment of inertia. In the positive moment area
an overstressing of 676 /665 = 1.6 percent is acceptable.

For scheme B, we select cover plates, top and bottom, of 11 in.x 1/2 in.
Note that the minimum cover plate width is 3/8 in., or w/24 = 11/24 =
0.46 in.

The additional moment of inertia of the two plates is

I=11Xx05x2x185%= 3762in*
I of beam = 12,100 in.*
Total 1 = 15,862 in.?

which gives a section modulus of 15,862/18.75 = 846 in.3. The increase in
the section modulus is 846,/665 = 27 percent, and the cover plate is thus
acceptable.

Length of Cover Plates for Scheme B The cover plate is detailed as
shown in Figure 4-9, and the terminal distance is again 1.5 times the cover
plate width. In order to determine the theoretical cutoff point, we compute
the moment at 7 and 14 ft from the interior support (10th points).

The maximum dead load shear just at one side of the interior support is
0.625 X 1.30 X 70 = 57 kips:

72
Dead load moment at 7 ft = —796 + 57 X 7 — 1.30 X Y = —429 ft-kips
42
Dead load moment at 14 ft = —796 + 57 X 14 — 1.30 X TR = —125 ft-kips
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The maximum live load moment at 7 ft from the interior support requires
two distinct steps because it is produced by the lane loading. First, we load
both spans with the uniform lane loading and compute the moment as in the
case of dead load. Then we place two concentrated loads at two critical
points on either span to produce maximum moment at point 0.1 of span 2.

From the uniform load of 0.64 kip /ft, the corresponding shear is 0.625 X
0.64 X 70 = 28 kips, and the moment at B is 0.125 X 0.64 X 702 = —392
ft-kips:

72
Moment at 7 ft = —392 + 28 X 7 — 0.64 X 5 = —212 ft-kips

From the two concentrated loads, each 18 kips, the moment is
—(0.0864 + 0.0356) X 18 X 70 = — 154 ft-kips
or total

M;, = —(212 + 154) = — 366 ft-kips (One lane).

The moment per beam (plus impact) is computed as

M, ., = —366 X 0.50 X 1.30 X 1.26 = —300 ft-kips

At 7 ft from the support, the maximum moment is — (429 + 300) = —729
ft-kips and requires a section modulus of 729 X 0.6 = 437 in.. Therefore,
the theoretical cutoff point for the cover plate is less than 7 ft from the
support and can be determined by linear interpolation, or

u 154 2.8 f 3f
7—52—— 81t say 3 {t

The terminal distance is 1.5w = 1.5 X 11 = 17 in.= 1.5 ft, giving a total
cover plate length of 4.5 X 2 = 9 ft.

In order to compare schemes A and B, we locate the point of dead load
contraflexure. This is determined from the expression —796 + 57x —
1.30(x2/2) = 0, which gives x = 18.5 ft.

Shears and Reactions The maximum reaction at the interior support is
obtained for the lane loading, and is calculated directly from AISC tables:

Dead load reaction at B = 1.25 X 1.30 X 70 = 114 kips
Live load reaction at B = 82 X 0.5 X 1.30 x 1.20 = 64 kips
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The total reaction at B is 114 + 64 = 178 kips, producing an average web
shear stress of 178 /(36.5 X 0.77) = 6.4 ksi, OK. The reaction at B controls
the maximum web shear.

Whereas this example demonstrates the design methodology of continuous
beams, it is very unlikely that the noncomposite scheme will be the final
choice. Thus, the foregoing analysis normally should be completed by consid-
ering a simple-span composite design, such as the one reviewed in Section
4-7, or a two-span continuous composite beam.

Design Example: Optimum Four-Span Continuous Beam

The objective of this example is to select span lengths and locate intermedi-
ate piers for a four-span continuous-beam bridge 360 ft long so as to require
one size of rolled beam (with cover plates at interior supports). The deck is a
concrete slab, and the beam spacing is 6 ft 6 in. For the purpose of this
analysis, we assume a dead load of 0.8 kip/ft per beam, and a live load
consisting of the HS 15 truck.

From §/5.5 we obtain a distribution coefficient of 6.5/5.5 = 1.18. From
Figure 2-41, using a beam spacing of 6.5 ft and assuming S/L = 0.1, we
estimate the distribution factor close to the same value. The bridge supports
are identified as A4, B, C, D, and E. The live load moments per beam are the
tabular values found in the AISC tables multiplied by (0.75 X 0.59). Using N
values (ratio of center to end span) 1, 1.1, 1.2, and 1.3, we calculate the dead
load, live load, and impact moments, and the results are tabulated in Table
4-2. These moments are plotted versus the corresponding values for spans

TABLE 4-2 Summary of Moments (Positive); Four-Span Continuous
Beam for Various Values of N (Span Ratio)

Span 4B
N 1.0 1.1 1.2 1.3
My = 500 438 381 331
M, = 474 451 429 410
M, = 110 1_07 104 101
1084 996 914 842

Span BC
My = 236 278 317 356
M, = 385 404 421 436
M, = 90 92 94 96

711 774 832 888
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FIGURE 4-27 Graphical presentation of moment versus span ratio N, for a four-span
continuous beam; center and end spans (4B is end span, BC is center span).

AB and BC (the end and center span, respectively) to produce the graphs of
Figure 4-27. Note that all moments are positive span moments.

Where the two graphs intersect, they define the optimum span ratio N, in
this case N = 1.25. Using a total beam length of 360 ft and N = 1.25, we
compute the span lengths as 80, 100, 100, and 80 ft. The positive moment
corresponding to N = 1.25 may be recalculated or found directly from the
graphs of Figure 4-27. This moment is 878 ft-kips, and for F, = 20 ksi the
required section modulus is 878 X 0.6 = 527 in.3. This is provided by a
W36 X 160 with a section modulus of 542 in.?, For N = 1.25, the moments at
support B (first interior pier) are

Mp; = 0.5(0.1226 + 0.1328) X 0.8 X 802 = 654 ft-kips
My, ., = 050906 + 911) X 0.443 X 1.233 = 496 ft-kips
Total M = —1150 ft-kips

This is increased by 5 percent, or M = 1150 X 1.05 = —1210 ft-kips.

Required SM = 1210 X 0.6 = 726 in.3, W36 X 160

= i3
Two plates 10 in. X 5/8 in.} SM = 749 in.
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For N = 1.25, the moments at support C (interior center pier) are

My = 0.5(0.1187 + 0.1448) X 0.8 x 802 675 ft-kips

My, = 0.5(949 + 1001) X 0.433 X 1.22 528 ft-kips

Total M —1203 ft-kips

and multiplied by 1.05, M — 1265 ft-kips

Required SM = 1265 X 0.6 = 759 in.?, W36 X 160 .
) SM = 790 in.?
Two Plates 10 in. X 3 /4 in. } n
This example demonstrates the procedure in determining the bridge
proportioning, sometimes referred to as the optimum span ratio. In general,
this may vary from 1.20 to 1.35, depending on the total bridge length and the
ratio of live to dead load moments.

4-12 CONTINUOUS COMPOSITE BEAM BRIDGES

Design Considerations

Continuous composite beam bridges can result in further economy and
shallower construction. This is possible because the limiting values of the
depth-span ratios are 1/25 and 1/30 (concrete slab plus beam and steel
beam alone, respectively), and the span length can be taken as the distance
between dead load points of contraflexure. Although composite construction
can be used for dead and live loads with temporary supports, this scheme is
not usually recommended.

Near midspan, live load stresses and stresses resulting from superimposed
dead loads are computed as in the example of Section 4-7 for simple spans,
using two values of n. The steel section for positive moment may be designed
with or without a cover plate on the bottom flange of the beam.

For continuous beams, negative dead and live load moments at the
supports usually are greater than positive moments near midspan. Experi-
ence shows, however, that the additional flange area can be obtained by
attaching cover plates to the beam, top and bottom, so that the same rolled
beam may be used throughout particularly if the section at the positive
moment does not require a bottom cover plate. Alternatively, over the
supports a satisfactory combination of plates and reinforcing bars (longitudi-
nal) can be developed by using a smaller top cover plate (or by omitting this
plate) than bottom plate and then adding longitudinal bars in the slab. The
top cover plate may be omitted for short spans, but is required for longer
spans. If welded plate girders are used, the required variation in flange area
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Element "Y" Etement "X

Compressive stress due
to transverse bending

FIGURE 4-28 Longitudinal and transverse compressive stresses in slab because of
composite action.

is obtained by selecting flange plates of proper thickness. In negative moment
regions, only the slab reinforcement can be considered to act compositely
with the steel beams in calculating resisting moments. However, on the
tension side of the neutral axis, it may be considered as contributing to the
moment of inertia for deflection calculations and for determining stiffness
factors in continuous-beam analysis.

From the foregoing examples, we can see that composite action produces
concrete stresses in the longitudinal direction, but, in practice, these are
seldom combined with the usual stresses caused by transverse bending in the
slab. As a matter of interest, this combined effect is illustrated in Figure 4-28.
Consider, for example, the slab element X located at the center of the slab
span near the center of the beam span. Theoretically, the maximum stress in
the concrete is obtained by combining f, (the compressive stress in the
composite section), f, (the compressive stress due to local longitudinal
bending of the slab), and f, (the compressive stress due to transverse bending
of the slab). This combination yields the maximum principal stresses.

In practice, however, this investigation is seldom necessary because it is
unlikely that the position of the wheel loads can produce maximum values of
these stresses simultaneously. Interestingly, this condition is also manifested
in concrete T-beam decks, but is commonly ignored as long as both f, and f,
do not exceed the allowable working stress.

For the slab element Y, the usual practice is to ignore the effect of f,, but
where conditions warrant the design should account for the combined stress
caused by the shear connectors and the transverse bending. When composite
action is used for live load only, the magnitude of f, is close to 600 psi and
very seldom exceeds 700 psi, so that it is not necessary to check the principal
stress. If composite action resists live load and initial dead load, fg may
become critical and the principal stresses should be investigated.

Design Example (Without Shoring)

The bridge shown in Figures 2-26a and b carries 1-75, at the four-level
interchange with 1-275. The superstructure consists of an 8-in. concrete slab
on rolled beams composite in the positive moment areas. The wheel load
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fraction is based on §/5.5 = 1.455 (for interior beams). From the graphs of
Figure 2-41 and using S/L = 0.1, the distribution factor is 1.25. Hence, the
initial design is more conservative. The design criteria are summarized as
follows.

The design stresses are f, = 20 ksi, f. = 1.2 ksi, and n = 8 and n = 24 for
live load and superimposed dead load, respectively. The effective slab thick-
ness is reduced by 1 in. Approximately 10 percent of the concrete dead load
is added to allow for the weight of forms in computing steel dead load stress.
For dead load the composite flange is assumed laterally unsupported.

From Figure 2-26b the loads are computed as follows:

Dead load, slab = 8 X 0.667 X 0.15 = 0.800 kip

Fillets = 0.020 kip
Beam, etc. = (0.180 kip
Dead load w = 1.000 kip

and adjusted for forms, dead load w = 1.10 kips /ft.

Superimposed dead load, W.S. = 51.25 X 25 /7 = 0.180 kip

Curb and parapet = 0.170 kip
Railing = 0.010 kip
Superimposed dead load w = (.36 kip

For computer analysis, the beam elevation is shown in Figure 4-29, This
indicates the range of composite and noncomposite design, the field splices,
and the variation in the moment of inertia of the steel only (noncomposite).
The composite properties are computed as follows:

n=8 I, =23630in*

Section modulus 752 in.?, bottom steel
5148 in.3, top steel
1954 in.3, top of concrete

n=24 I, =17538in*

Section modulus 687 in.3, bottom steel
1675 in.3, top steel
976 in.3, top of concrete
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FIGURE 4-29 (a) Beam elevation showing data relevant to moment analysis;
(b) transverse box girder and beam plan at interior supports.

Note that the computer performs three moment analyses: (a) a run that is
based on the I of the steel section alone, giving dead load moments; (b) a run
based on the composite / for n = 8 and the steel beam in noncomposite
sections, giving live load moments; and (c) a run based on the composite I for
n = 24 and the steel beam in noncomposite sections, giving superimposed
dead load moments. However, the analyses show that the effect of using
n = 24 on the stresses due to superimposed dead load is negligible, and a
single analysis could have been made for both the live load and the superim-
posed dead load using n = 8.

Selection of Sections At pier 1, the total moment is —858 ft-kips

Required Section modules = 858 X 0.6 = 515 in.3
Use W36 X 160  Section modules = 541 in.?
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At pier 2, the total moment is — 1113 ft-kips

Required Section modules = 1113 X 0.6 = 667 in.?
Use W36 X 194 Section modules = 664 in.>

At pier 3, the total moment is —865 ft-kips

Required Section modules = 865 X 0.6 = 519 in.?
Use W36 X 160  Section modules = 541 in.>

The dead load stresses at the interior supports (compressive bottom flange
laterally unsupported) are

For W36 X 160 f, = 407.8 X 12/541 = 9.05 ksi
For W36 X 194 fs =534 X 12 /664 = 9.65 ksi

Note that the selection of a heavier rolled-beam section at the interior
supports is compatible with the steel box girder supporting the longitudinal
beams as shown in Figure 4-29b. The location of field splices is determined
by clearance requirements. The beam sections over the supports are fabri-
cated with the transverse box girders, shipped, and erected as one piece. A
maximum lateral dimension of 10 ft was stipulated as shown to accommodate
shipping and erection.

Stresses in the composite sections are computed as follows:

End spans:

169.8 X 12 626 X 12 510.8 X 12

B = + + = 13.01 ksi
ottom flange  f, sal 687 753 13.01 ksi
Top 1 1698 x 12 62.6 X 12  510.8 X 12 5 41 kei
= + + =5.
op lange fo= 54 1625 5148 .
Top of . 62.6 X 12 510.8 X 12 124 osi
= + =
op of concrete  f. = T T 1954 x 8 psi
Center spans:
2439 x 12 981x12 6454 x 12 .
Bottom flange  f, = + + = 17.43 ksi

541 687 752
98.1 X 12 . 645.4 X 12
976 x 24 1954 x 8

Top of concrete  f, = 545 psi

Because the rolled section changes at field splices adjacent to pier 2, the
stresses at these locations should be checked for the lighter beam. All splices
are located at 5.5 ft from the centerline of the pier. From the computer
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results, we obtain M,y = —594 ft-kips and M, = —594 ft-kips, at 7.2 ft
from the centerline of the pier. Also recall that M,y = —1113 ft-kips. By
straight-line interpolation, we calculate the following:

Moment at 5.5 ft from pier = — 716 ft-kips
Moment at 3.0 ft from pier = —897 ft-kips (SM = 897 X 0.6 = 538 in.%)

Hence, the rolled beam W36 X 160 becomes sufficient at 3 ft from the
centerline of the pier, and the location of the field splices is thus acceptable.
Likewise, the maximum and minimum moments at field splice locations
are always negative, and therefore fatigue strength considerations do not
control.
The design of shear connectors was demonstrated in the example of
Section 4-7, and will not be repeated here.

4-13 PRESTRESSED DECKS IN CONTINUOUS COMPOSITE
BRIDGES: CASE STUDY

The inevitable cracking (transverse) of the concrete deck in the region of
intermediate supports tends to inhibit the composite advantages from being
fully realized. Thus, most engineers confine composite design to simple spans
or to the sagging regions of continuous spans. Transverse cracking reduces
the stiffness of the bridge and increases deflections. In this context, the effect
of the interaction between prestressing a portion of the slab and shear
connectors on the elastic response and crack control of continuous composite
bridges becomes quite relevant to the optimum design.

The theoretical analysis of this problem is presented by Kennedy and
Grace (1982), based on orthotropic plate theory and reliable estimates of the
various rigidities. These results are verified by tests on scale models of a
two-span continuous bridge of composite construction.

Summary of Analysis Grace (1981) has demonstrated that the effect of
the composite action between the concrete slab and steel beams can be
included in the computation of moments if the bridge deck is treated as an
orthotropic plate with eccentric stiffeners, that is, a plate stiffened on one
side by longitudinal and transverse members. In this case orthotropy is
assumed to be the result of geometry. In addition to the basic assumptions
(Huber, 1923; Kennedy and Gupta, 1976), the following are admissible in the
context of composite construction: (a) the rigidities of both longitudinal and
transverse members are uniformly distributed throughout the deck; (b) the
bridge is represented by an idealized substitute orthotropic plate of uniform
thickness; (c) the neutral plane in each of the two orthogonal directions
coincides with the center of gravity of the total section in the corresponding
direction; and (d) the area of the flange plate is magnified by a factor of
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FIGURE 4-30 Geometry of two-span continuous composite bridge structure. (From
Kennedy and Grace, 1982.)

1/(1 — u?) to allow for the influence of Poisson’s ratio w. Past experience
shows that the preceding assumptions are valid in practice (Clifton et al.,
1963; Fisher, Daniels, and Slutter, 1972; Iwamoto, 1962; Kennedy and Balj,
1979).

Results of tests on the two models shown in Figure 4-30 indicate that
there is complete interaction between the concrete deck and the longitudinal
beams. With rigid connections between the transverse diaphragms and the
longitudinal beams, the interaction between the concrete deck and the
diaphragms in enhanced. From these considerations, expressions are derived
for the orthotropic rigidities, D, , D,, D,, and D,, of a composite bridge with
rigidly connected diaphragms and an uncracked concrete deck (Kennedy and
Grace, 1982).

Likewise, the transverse and longitudinal torsional rigidities per unit
width, D,, and D,,, can be expressed in terms of the shear modulus
E,/2(1 + u) and the torsional constants L,=1,k= 1kh3, where k is a
factor dependent on the cross-sectional dlmensmns of the concrete deck

(Rowe, 1962).

Experimental Study The two models shown in Figure 4-30 are two-equal-
span continuous bridges. They are identical, except that model II was
prestressed longitudinally in the region of intermediate support where model
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1 was conventional nonprestressed. The model scale is 1/8 in. plan and 1/3
vertically. High early-strength cement was used to provide 7-day concrete
strengths of 5 ksi and 8 ksi for models I and 1I, respectively. Further details
are provided by Kennedy and Grace (1982).

The concrete deck of model 11 consists of two segments; the first is a
prestressed deck, 33-in. long (model scale), centered about the intermediate
support and reinforced transversely at the bottom; the second segment is a
concrete slab reinforced at the bottom by steel mesh. The prestressing wires
are extended some distance on either side of the bearing plates to form a
bond between the prestressed deck portion and the two concrete deck
portions cast subsequently.

Below the cracking load condition, each bridge was loaded by a single
concentrated load at three positions: (a) midspan of an exterior beam,
(b) midspan of the first interior beam, and (c) midspan of the middle beam.
Both models were tested to near collapse using two equal concentrated loads
in each span applied through a heavy distribution beam to the midspan of the
middle beam. The ends of both bridges were tied down to resist possible
uplift caused by eccentric loading.
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FIGURE 4-31 Comparison between experiment and theory for deflection distribu-
tion at midspan of bridge models I and IL (From Kennedy and Grace, 1982.)
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1982.)

Figure 4-31 shows a comparison of the deflections in the form of trans-
verse distribution of midspan for all three load positions. The deflection of
each beam is expressed as a percentage of the total deflection of the five
beams at midspan, and evidently close agreement exists between the theory
and the test results. The transverse distribution of the longitudinal moment,
M,, at midspan is shown in Figure 4-32 for the three positions of the applied
single load. Likewise, theoretical predictions and test results compare favor-
ably. Results of the distribution for the longitudinal moment, M,, at the
support are shown in Figure 4-33. In the latter case, two relevant theories are
shown, designated as I and II, for models I and II, respectively. Theory II
accounts for (a) the applied moment due to prestressing and changes in this
moment due to an increase in the prestressing force caused by the applied
load, (b) the secondary moment resulting from prestressing a continuous
structure, and (c) the primary moment due to external load.
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The difference in bridge behavior between models I and II due to
prestressing is evident by reference to Figure 4-33. A final comparison is
made in Figure 4-34, showing the transverse distribution of the transverse
moment, M,. A discrepancy between the test results and the theoretical
predictions for beam E, due to an eccentric load applied at beam A, is
probably caused by the fact that the middle support is not tied down. Thus,
when the load was applied to beam A4, an upward deflection and lift-off of
beam E resulted.

Cracking This condition was induced in both models by a two-span loading
system. For model I, the first cracks developed near the intermediate support
at a load of 40 kips, and measured 0.009 mm in width, distributed randomly.
Hairline cracks were detected in the longitudinal direction. At a load of 80
kips, the transverse cracks widened to 0.1 mm, and severe cracking occurred
at a load of 180 kips when some cracks reached a width of 0.3 mm.
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FIGURE 4-34 Comparison between experiment and theory for transverse moment
M,; distribution at midspan of bridge models I and II. (From Kennedy and Grace,
1982.)

At a load of 80 kips, no cracks were detected for the prestressed model II.
At a load of 180 kips, this model developed transverse cracks 0.15 mm wide.
For the same model the separation of the two joints (between prestressed
and non-prestressed sections) was monitored throughout the load applica-
tions. These joints were located at the points of contraflexure and received
no special treatment. Thus, with a load of 50 kips acting at midspan of beam
C, the joint separated by 0.005 mm near the top but with no detectable
separation at middepth of the deck.

With the two-span loading system the joint separation increased to 0.01
mm at a load intensity of 100 kips, but at 180 kips this separation decreased
to 0.005 mm when transverse cracking at the intermediate support reduced
the section stiffness and shifted the contraflexure point closer to the support,
Hence, this theoretical treatment does not reflect such joint separation in the
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top of concrete deck at intermediate support. (From Kennedy and Grace, 1982.)

deck, and the loss of stiffness due to this separation was estimated by the
method of column analogy.

Comparison of Behavior At a load of 50 kips, model I cracked trans-
versely at the intermediate support, whereas model II remained crackless.
This cracking reduced the bridge stiffness for model 1, reflected in the
comparison of midspan deflections. Comparison of the results indicates that
model 1 deflected about 15 percent more than model II, and this difference
could increase with increasing applied load due to the nonlinearity of cracked
concrete. The same observation applies to the longitudinal strains at midspan,
based on the same results. We should note that transverse cracking at the
intermediate support has no marked influence on the transverse distribution
of deflections or on the longitudinal and transverse moments at midspan for
the continuous structure.

The relationship between applied load and longitudinal strain at the top of
the concrete deck at the intermediate support with beam C subjected to
two-span loading is shown in Figure 4-35. For model 1, the strains are tensile
and become compressive only as a result of gage instability following severe
cracking. For model 11, the strains remain compressive, compatible with the
prestressing until the load reaches a very high intensity.

The two bridge models were subjected to maximum loads of 280 and 240
kips, respectively. These intensities caused severe cracking in model I but
moderate cracking in model II. From plastic analysis, the predicted failure
load in either bridge model would be about 320 Kips. Kennedy and Grace
(1982) suggest that in the analysis of a prototype bridge the design of the
deck in the transverse direction should be considered for wheel loads applied
between beams, and the results superimposed on those obtained from
orthotropic plate analysis presented in this study.
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Commentary A convergence series solution using the concept of equiva-
lent orthotropy can be used to analyze continuous composite bridges under
static load. The concept of prestressing involves realistic estimates of the
various rigidities, but the interaction of the prestressed deck (in the negative
moment region) with the composite response is explicit.

Similar studies have emphasized crack control in the hogging moment
region, and Fisher, Daniels, and Slutter (1972) have recommended increasing
the percentage of longitudinal reinforcing steel in the slab over the hogging
moment region to at least 1 percent (see also Section 4-5). This provision
complies with current AASHTO requirements.

The use of simple plastic theory for continuous composite beams must
ensure that the first hinges to form can maintain their strength while
developing sufficient rotation for the plastic moment to be reached at the
other hinge locations (Johnson, 1975). For certain combinations of spans,
loadings, and cross sections, the rotation requirements may be severe. Para-
metric studies and tests tend to confirm the conclusion that slenderness limits
for steel sections where buckling can occur must be more restrictive than
those for all-steel sections if plastic design is to be used, and for an internal
span carrying a heavy point load, premature flexural failure under the load
can occur if the adjacent spans are less stiff than the loaded span.

In these cases plastic design methods must be used with caution. Protec-
tion against poor use of these procedures must rely on limit state design
requirements such as the stipulation that the flexural stress in the structural
steel and reinforcement due to loads at the serviceability limit state should
not exceed a certain limit. However, this limit is likely to be exceeded at the
supports of continuous beams designed by plastic theory, for example, in the
bottom flange for unshored construction and in the slab reinforcement of
shored construction. The question then arises as to whether or not safe
predictions can be made of the deflections and crack widths on an elastic
basis. These difficulties tend to make plastic theory less attractive for compos-
ite structures (see also other sections).

4-14 STRENGTH DESIGN METHOD: LOAD FACTOR DESIGN
(CURRENT AASHTO TERMINOLOGY)

The introduction to the strength design method presented in Sections 2-4
and 2-13 highlights current trends in the design of steel bridges. For a
combined dead and live load, the basic expression of load factor design is

éR, > yR[yDD + v, (L + 1)] (4-15)
where ¢ = resistance (strength) reduction factor
R, = nominal (ultimate) resistance (strength) for moments, shear,

force, and so on
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yr = load factor reflecting the uncertainties of structural analysis
yp, v, = load coefficients applied to dead and live