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Foreword

by Professor Matthew M. Cusack

Head of the Department of
Construction and Environmental Health,
Bristol Polytechnic

Building and civil engineering is a demanding and exciting process in which the
constructions built provide enduring testimonies to the imagination, skill and
initiative of all those concerned. The understanding of these processes includes
a knowledge of what buildings are made of, how they are put together, how they
stay up, how they work, how they are operated and maintained, how they are
repaired and even how they are pulled down. The studies involved, of both process
and product, are interdisciplinary, embracing many and varied skills and
specialisms. The structures themselves come in a wide variety of shapes and sizes,
designed to satisfy many different functional and aesthetic requirements, ranging
from small domestic houses, to offices, shops, hotels, banks, theatres, roads,
bridges, power stations, dams, harbour work and offshore structures. Each
presents its own particular problems with the consequent need for complex
decision-making procedures.

The term construction embraces a wide range of professions, such as builders,
architects, structural and civil engineers, environmental engineers, land and
quantity surveyors, building control officers, as well as a host of trades and crafts.
All structures rely for their ultimate stability on the natural foundations upon
which they are built, and it is here that the special knowledge and skills of the
geologist and soils engineer are required, i.e. within the broad spectrum of a large
team that must be drawn together to find solutions to the many problems of
design and construction. Many building failures may be attributed to a lack of
knowledge of the ground beneath the foundations. These can be avoided if
foresight and an intelligent assessment of ground conditions are included in the
early design stages of each project.

It should be remembered that every construction project is unique, and the
structures (with the possible exception of low-cost domestic housing) are each
in themselves unique. The finished item is large, complex and expensive; there
can be no rejects; there can be no prototypes; it cannot be done again. Each new
project therefore poses a new set of problems, often requiring new solutions,
which in turn require from particular members of the team a rare combination
of skill and understanding, coupled with experience, flair and imagination.

The author of this book has this quality of uniqueness in mind when, at the
beginning of Chapter 11, he points out that bearing capacity is not an intrinsic
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viii Foreword

soil property, but is an interactive property, of a foundation situation. A different
footing on the same soil, or a different soil under the same footing, would lead
to a different answer. The structure affects the ground and the ground affects the
structure. The ground (soil or rock) is an essential part of the structure, whether
it is supporting the structure or being supported itself. The viability (structural,
operational or economic) of any construction is governed very much by the
potential solution of the problems relating to the ground. Even in the case of a
building of which (apparently) a large proportion is above-ground superstructure
there will always be a substantial sub-structure involving a significant proportion
of the contract price.

Drawing on his professional expertise and his extensive experience in the
Department of Construction and Environmental Health at Bristol Polytechnic
and as a consultant, the author has highlighted the factors mentioned above in
this book. He also, quite rightly, maintains that any study of such a complex
technological nature must commence with a firm grasp of fundamental principles.
It is imperative that any student seeking to enter the construction industry should
possess at least some basic knowledge and skills in the field of soil mechanics.
This is precisely what Mr Whitlow has been mindful to include in the following
pages. Not only are the basic notions and concepts set out with admirable clarity,
but they are reinforced with a wide variety of worked examples and exercises,
which are so necessary for sound learning on the part of the student and for
updating the knowledge of experienced practitioners.



Preface to Third Edition

The state of the art of soil mechanics is constantly changing as new ideas and
methods emerge from research and advances in practice. It may be thought that
basic soil mechanics remains basic: the same fundamental principles for each new
student to learn and understand. Change, however, should be apparent always,
for it is usually for the better; but change is apparent not only in geotechnical
practice and processes, it can be seen also in the way knowledge is imparted.
Learning is becoming more student-centred, with more emphasis placed
on learning tasks (rather than on lectures and exposition). The use of computers in
learning is developing at amazing speed; the transfer of information is now fast
and efficient; feedback to students with regard to their performance can be almost
instantaneous. I have been privileged to be asked to participate as editor in a
nation-wide research venture, sponsored by the Higher Education Funding
Council, to prepare and ultimately disseminate computer-aided learning
courseware (named GeoCAL) for geotechnical engineering. It is a great challenge
to all those involved, not least in the very necessary re-examination of our
fundamental approach to teaching and to student learning styles. It is presently
too early to come to any significant conclusions, but already my approach to
some subject areas has developed. Some of the changes in this Third Edition
reflect this.

One of the early tasks relating to GeoCAL was to attempt a rationalisation
of the definitions of parameters, symbols, units, etc. It is not intended that there
should be a rigid standard set, but more that a definitive guide be produced for
courseware authors. With this guide now in use, and having been largely
responsible for it, I have accordingly revised the text of the Third Edition. Earlier
this year came the long-awaited publication of BS 8002 Code of Practice for
Earth Retaining Structures (CP 2 was published in 1951!). As a result of this and
other changes in both analytical and design philosophies, Chapter 8 has been
rewritten. The introduction to stress and strain behaviour has been revised, and
some of the material on the calculation of stresses due to surface loading has
been amended to (hopefully) make it simpler to use.

I really am most grateful to all those readers who have written to me with
advice and suggestions. Some of this I have been able to include in the new
edition; in any event every comment received was considered carefully and in
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x  Preface to Third Edition

many cases of doubt I sought additional advice. I do hope that readers of the
Third Edition will equally feel free to offer suggestions, I shall endeavour to reply
to all who do.

I wish to thank the editorial staff at Longman House for their understanding
help and advice; and my colleagues at the University of the West of England
and other establishments for their help. Once again I want to thank my wife
Marion for being steadfast and keeping me at the keyboard.

Roy Whitlow
Bristol, June 1994



Preface to Second Edition

It is now some ten years since the First Edition was written and in that time
there have been significant changes in the state of the art of soil mechanics. The
aims and objectives of the book remain the same in so far as it is intended primarily
as a basic textbook for those engaged in studying the subject. In some chapters,
however, aspects of design have been strengthened in order to provide more
guidelines for practising engineers.

The original order of Chapters 6 and 7 has been reversed and the theoretical
treatment of stress—strain behaviour given fuller treatment in (what is now)
Chapter 6. This chapter now also features a descriptive discourse on the critical
state theory which is now accepted as the definitive model of soil stress—strain—
volume behaviour. Also, in this and other revised chapters the concept of soil
behaviour in terms of undrained and drained loading has been allowed to form
the structure of the text. In Chapter 10 the latest developments in continuous
loading tests have been included. In Chapter 11, greater emphasis has been placed
on the requirements for design, in particular on the determination of parameters
from in-situ testing.

With the emergence of the new Eurocodes I have attempted a brief introduction
to Eurocode 7: Foundations in the form of an Appendix. With only draft proposals
to work on it is too early to offer detailed guidance or comment, but readers
may find it interesting to contemplate a central design strategy based on limit
states. The proposed classification of geotechnical projects and problems into
geotechnical categories demanding different levels of expertise and experience will
be welcomed by many designers.

I have been greatly heartened by those readers who have kindly written to
me with advice and encouragement, and I hope that this will continue. The book
is intended to be of service in a practical sense to all readers working at all levels
and suggestions for improvement will always receive serious consideration for
future editions.

I wish to thank Dr Ian Francis for the help and advice he has given and also
my colleagues at Bristol Polytechnic for their help. My staunchest supporter and
helper has once again been my wife Marion to whom I am indeed indebted for
her patience and understanding.

Roy Whitlow
Bristol, July 1989



Preface to First Edition

This book is intended as a main text in the basic theory and principles of soil
mechanics, to serve the needs of undergraduates and technicians and practising
engineers in the fields of building and civil engineering. It is assumed that the
reader will have a basic grounding of mathematics and science, particularly basic
mechanics.

The text of the book is designed to be used primarily in the context of learning,
by students under tuition. Fundamentals and principles are clearly set out in a
manner which is intended to be concise and yet still provide a sufficiently
comprehensive treatment. The author expects students to have, and indeed relies
on them having, the expert help and advice of good teachers. The need for a
good foundation (forgive the pun!) of knowledge is undeniable; a firm grasp of
basic principles is required for this purpose.

In the author’s experience of teaching, however, it has become apparent that
the best learning situation develops from an application of principles. The book
consequently contains a large number of worked examples within the text and
a generous quantity of practice exercises at the end of chapters. It is essential for
students to come to grips with simple practical problems as soon as possible,
and in some cases it may be appropriate to introduce the problem prior to an
exposition of the theory.

Although, as the title states, this is a book of basic soil mechanics, it is probable
that many readers will want to retain their copy for use in more advanced studies
and later in engineering practice. Some topics have, therefore, been taken beyond
the fundamental stage and examples of a more advanced level provided for the
more experienced reader. A list of quoted references is given at the end of the
book, which students will find useful as a source for further reading. The topic
coverage should therefore be sufficiently comprehensive so as to meet the needs
of students at all stages in their courses of study, as well as those of postgraduate
workers and professional engineers.

I am most grateful and wish to record my thanks to those publishers,
institutions and other organisations and individuals who have given permission
for the use of material from their publications.

I should like to thank my colleagues in Bristol Polytechnic for their help and
encouragement, and in particular Dr M. M. Cusack, my Head of Department,
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for writing the Foreword. Thanks are also due to Mr C. R. Bassett and his
colleagues of Guildford Technical College for their help. Finally, my sincere
thanks go to my wife, Marion, not only for typing the manuscript, but for the
wonderful help and support she has given me throughout the whole project.

Roy Whitlow
Bristol, March 1983



List of symbols

The symbols used in this text have been chosen in accordance with current
conventional usage (e.g. ISSMFE, 1985); those of most importance are listed

below.
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area
pore pressure coefficient

pore pressure coefficient at failure
air voids ratio

intercept of t':s’ failure envelope

breadth of footing
pore pressure coefficient
breadth

compression index (slope of e/log ¢’ line)

coefficient of gradation; N correction factor for gravel

Hazen’s permeability coefficient

compressibility of soil skeleton; slope of swelling/recompression line
uniformity coefficient

compressibility of pore fluid

coefficient of secondary compression

apparent cohesion in terms of effective stress

apparent undrained cohesion determined from a consolidated-undrained
test

residual value of apparent cohesion in terms of effective stress
undrained cohesion or undrained shear strength

coefficient of consolidation

coefficient of swelling

adhesion between soil and a structure surface

depth; diameter; depth factor
depth; diameter; drainage path length
particle size characteristics

Young’s modulus of elasticity
drained (effective stress) modulus of elasticity
one-dimensional modulus of elasticity
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E, undrained (total stress) modulus of elasticity
e void ratio

e, critical void ratio

o void ratio intercept of NCL at ¢’=1.0 kN/m?
e void ratio intercept of SRL at ¢’ =1.0 kN/m?
er void ratio intercept of CSL at ¢'=1.0 kN/m?
F factor of safety; force

f skin friction

5 yield stress of steel

G shear modulus

G, specific gravity of soil particles

g acceleration due to gravity (9.81 m/s?)

H height; layer thickness; slope of Hvorslev surface in p":q’ plane
H, critical height of unsupported vertical cut

h height; total, hydrostatic or hydraulic head

h, capillary head

h height to line of resultant thrust

I brittleness index

Ic compressibility index (Burland and Burbidge method for settlement)
Ip density index

I stress influence coefficient (various subscripts)
I liquidity index

Ip plasticity index

I, strain influence factor

I, displacement influence coefficient

i hydraulic gradient

i critical hydraulic gradient

J seepage force

j seepage pressure

K’ " bulk deformation modulus

K,, K, coefficient of active earth pressure

K, K, coefficient of passive earth pressure

K, coefficient of earth pressure at rest

Ky, bulk modulus for plane strain

K, coefficient of earth pressure (in piling equation)
k coeflicient of permeability

L1 length

In natural logarithm

M mass; slope of critical state line in p".q’ plane
m slope stability coefficient

coefficient of volume compressibility

"~ total normal force; slope stability factor; SPT value

. . effective normal force

specific volume intercept of NCL when p’=1.0 kN/m
bearing capacity factors

~ ‘riumber of equipotential drops in flow net

" number of flow channels in flow net
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acidity/alkalinity value

quantity of flow; total load on pile

rate of flow; bearing pressure; deviator stress
allowable bearing capacity

end-bearing capacity of pile

cone penetration resistance

net bearing pressure

surface surcharge pressure

net foundation pressure

skin friction resistance of pile

ultimate bearing capacity

radius; resistance force
overconsolidation ratios
radius; radial distance
compression ratios

pore pressure ratio

pile coefficient
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&, and ¢,
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volume; vertical ground reaction under foundation
volume of air

volume of solids

volume of voids

volume of water
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seepage velocity

weight; load; force
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liquid limit (or LL)
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dry unit weight

unit weight of solid particles
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Chapter 1

Origins and composition of soil

1.1 Origins and modes of formation

The term soil conveys varying shades of meaning when it is used in different
contexts. To a geologist it describes those layers of loose unconsolidated material
extending from the surface to solid rock, which have been formed by the
weathering and disintegration of the rocks themselves. An engineer, on the other
hand, thinks of soil in terms of the work he may have to do on it, in it or with
it. In an engineering context soil means material that can be worked without
drilling or blasting. Pedologists, agriculturalists, horticulturalists and others will
also prefer their own definitions.

In considering the origins of soil, the geologist’s viewpoint will be taken, but
in the classification and consideration of properties for engineering purposes,
generally accepted engineering definitions will be used (refer also to Section 1.7).

All soils originate, directly or indirectly, from solid rocks and these are classified
according to their mode of formation as follows:

IGNEOUS ROCKS formed by cooling from hot molten material (‘magma’)
within or on the surface of the earth’s crust, e.g. granite, basalt, dolerite, andesite,
gabbro, syenite, porphyry.

SEDIMENTARY ROCKS formed in layers from sediments settling in bodies
of water, such as seas and lakes, e.g. limestone, sandstone, mudstone, shale,
conglomerate.

METAMORPHIC ROCKS formed by alteration of existing rocks due to:
(a) extreme heat, e.g. marble, quartzite, or (b) extreme pressure, e.g. slate, schist.

The processes that convert solid rocks into soils take place at, or near, the earth’s
surface and, although they are complex, the following controlling factors are
apparent:

(a) Nature and composition of the parent rock.

(b) Climatic conditions, particularly temperature and humidity.

(¢) Topographic and general terrain conditions, such as degree of sheiter or
exposure, density and type of vegetation, etc.

(d) Length of time related to particular prevailing conditions.

1



2 Origins and composition of soil

(e} Interference by other agencies, e.g. cataclysmic storms, earthquakes, action
of man, etc.
() Mode and conditions of transport.

It is beyond the scope of this book to discuss these factors in detail; the reader
is therefore advised to consult a suitable geological text for further information.
However, it is worth looking at the effects of some of these factors in so far as
they produce particular characteristics and properties in the ultimate soil deposit.

1.2 The effects of weathering

The general term weathering embraces a number of natural surface processes
which result from the single or combined actions of such agencies as wind, rain,
frost, temperature change and gravity. The particular effect of a specific process
on a specific type of rock is, to some degree, unique, but some general examples
are worth mentioning.

Frost action, in which water within the pore spaces of a rock expands upon
freezing, causes flakes of rock to split away. The resultant weathered debris is
therefore sharp and angular. This contrasts with the effects of wind action, where
attrition causes the particles to become rounded. Where the main process is of
a chemical nature, certain minerals in the rock will disintegrate and others will
prove resistant. Take, for example, the igneous rock granite, which comprises
essentially the minerals quartz, the feldspars orthoclase and plagioclase and the
micas muscovite and biotite. Both quartz and muscovite are very resistant to
chemical decomposition and emerge from the process unchanged, whereas the
other minerals are broken down (Fig. 1.1).

1.3 The effects of transport

Soils that have not been transported, i.e. have remained at their parent site, are
termed residual soils. Such soils are found where chemical processes of weathering

Existing Probable Possible
rock minerals debris minerals resulting sotls
quartz quartz sand
muscovite -———————  muscovite ——n———— micaceous sand
biotite mica ———— chlor!'te or clay (dark)
vermiculite
+ Mg carbonate solution
orthoclase feldspar illite or kaolinite ——— clay (light)
+ K carbonate solution
plagioclase feldspar montmorillonite ——F— expansive clay
+Na or Ca

carbonate solution lime mud/clay

or marl

Fig. 1.1 The weathering of granite



Mineral composition of soil 3

predominate over physical processes, such as on flat terrain in tropical areas.
The soil content will be highly variable, with a wide range of both mineral type
and particle size. In hot climates, weathering may remove some minerals, leaving
others of a more resistant nature in a concentrated deposit, e.g. laterite, bauxite,
china clay.

The principal effect of transportation is that of sorting. During the processes
of movement, separation of the original constituents takes place. This is influenced
by both the nature and size of the original rock or mineral grains. In hot arid
climates, for example, a fine wind-blown dust known as loess may be carried
considerable distances before being deposited. The action of flowing water may
dissolve some minerals, carry some particles in suspension and bounce or roll
others along. The load carried by a river or stream depends largely on the flow
velocity. In the upper reaches the velocity is high and so even large boulders may
be moved. However, the velocity falls as the river drops down towards the sea,
and so deposition takes place: first, gravel-sized particles are deposited in the
flood plain and then coarse to medium sands, and finally, in the estuary or delta
areas, fine sands and silts. Clay particles, because of their smallness of size and
flaky shape, tend to be carried well out into the sea or lake. Thus, river-deposited
(alluvial) soils are usually well sorted, i.e. poorly or uniformly graded.

During transportation, particles are brought into contact with the stream bed
and with each other and so are abraded. The characteristic shape of alluvial soils
is rounded or sub-rounded. Even more wear takes place in shore-zone (littoral)
deposits, producing a fully water-worn rounded shape.

The movement of ice also provides transport for weathered debris. For example,
a glacier acts as a slow-moving conveyor belt, carrying sometimes very large
boulders considerable distances. The weight of a boulder causes it to sink down
through the ice. As it reaches the sole of the glacier, it is ground against the rock
base and may be reduced to a very fine rock-flour. Thus, the range of particle
sizes in, say, a boulder clay is very large indeed. The material deposited as a
glacier begins to melt and retreat is termed moraine; this also will comprise a
wide range of sizes and usually takes the form of a ridge or a series of flat
hummocky hiils.

1.4 Mineral composition of soil

The large majority of soils consist of mixtures of inorganic mineral particles,
together with some water and air. Therefore, it is convenient to think of a soil
model which has three phases: solid, liquid and gas (Fig. 1.2).

Rock fragments. These are identifiable pieces of the parent rock containing
several minerals. In general, rock fragments, as opposed to mineral grains, will
be fairly large (>2 mm), i.e. sand to gravel size. The overall soundness of the
soil will depend on the extent of differential mineral decomposition within
individual fragments. For example, the presence of kaolinised granite fragments
could influence the crushing strength or shear strength of the soil.

Mineral grains. These are separate particles of each particular mineral and range
in size from gravel (2 mm) down to clay (1 um). While some soils will contain



4  Origins and composition of soil

Phases Constituents
air

Gas water vapour

=] e

Liqud {— — —= —— -T° dissolved salts

. rock fragments
Solid mineral grains
organic matter

Fig. 1.2 Three-phase soil model

mixtures of different minerals, a large number will consist almost entirely of one
mineral. The best examples of the latter are to be found in the abundance of sand
deposits, where the predominant mineral is quartz, due to its previously mentioned
enduring qualities. For convenience, it is useful to divide soil into two major
groups: coarse and fine (see also Chapter 2).

(a) Coarse soils will be classified as those having particle sizes >0.06 mm,
i.e. SANDS and GRAVELS. Their grains will be rounded or angular and
usually consist of fragments of rock or quartz or jasper, with iron oxide,
calcite, mica often present. The relatively equidimensional shape is a function
of the crystalline structure of the minerals, and the degree of rounding
depends upon the amount of wear that has taken place.

(b) Fine soils are finer than 0.06 mm and are typically flaky in shape,
ie. SILTS and CLAYS. Very fine oxides and sulphides, and sometimes
organic matter, may also be present. Of major importance in an engineering
context is the flakiness of the clay minerals, which gives rise to very large
surface areas. This characteristic is discussed in some detail in Section 1.5.

Organic matter. QOrganic matter originates from plant or animal remains, the
end product of which is known as humus, a complex mixture of organic
compounds. Organic matter is also a feature of topsoil, occurring in the upper
layer of usually not more than 0.5 m thickness. Peat deposits are predominantly
fibrous organic material. From an engineering point of view, organic matter has
undesirable properties. For example, it is highly compressible and will absorb
large quantities of water, so that changes in load or moisture content will produce
considerable changes in volume, posing serious settlement problems. Organic
material also has very low shear strength and thus low bearing capacity;
furthermore, its presence may affect the'setting of cement and provide difficulties
therefore in concreting and soil stabilisation processes.

Water. Water is a fundamental part of natural soil and in fact has a greater
effect on engineering properties than any other constituent. The movement of
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water through a soil mass needs to be studied with care in problems of seepage
and permeability, and also, in a slightly different way, when considering
compressibility. Water has no shear strength, but is (relatively) incompressible
and will therefore transmit direct pressure. For this reason, the drainage conditions
in a soil mass are of great significance when considering its shear strength. In
addition, water can dissolve and carry in solution a wide range of salts and other
compounds, some of which have undesirable effects. For example, the presence
of calcium sulphate (and to a lesser extent, sodium and magnesium sulphates) is
fairly common in many clay soils. The presence of sulphate ions has a serious
deleterious effect on one of the compounds contained in Portland cement and
can therefore be harmful to concrete foundations and other substructures.

Air. Soils may be considered in a practical sense to be perfectly dry or fully
saturated, or to be in a condition somewhere between these two extremes. To be
exact, the two extremes do not occur. In a so-called ‘dry’ soil there will be water
vapour present, while a ‘fully saturated’ soil may contain as much as 2 per cent
air voids. Air, of course, is compressible and water vapour can freeze, both of
which are significant in an engineering context.

1.5 The nature and structure of clay minerals

Clay minerals are produced mainly from the weathering of feldspars and micas
(Fig. 1.1). They form part of a group of complex alumino-silicates of potassium,
magnesium and iron, known as layer-lattice minerals. They are very small in size
and very flaky in shape, and so have considerable surface area. Furthermore,
these surfaces carry a negative electrical charge, a phenomenon which has great
significance in the understanding of the engineering properties of clay soils.

To gain a simple understanding of the properties of clay minerals, it is necessary
to examine the essential features of their layer-lattice structure. Figure 1.3 shows
the two basic structural units: the tetrahedral unit, comprising a central silicon
ion with four surrounding oxygen ions, and the octahedral unit, comprising a
central ion of either aluminium or magnesium, surrounded by six hydroxyl ions.
Note that, in both, the metal (with positive valency) is on the inside and the
negative non-metallic ions form the outside.

The layer structures are formed when the oxygen ions covalently link between
units. Thus, a silica layer (Fig. 1.4(a)) is formed of linked tetrahedra, having a
general formula of n Si,O,,(OH),. The octahedral units also link together at
their apices to form a layer, which may be either a gibbsite layer (Al,(OH)g), in
which only two-thirds of the central positions are occupied by Al** ions, giving
a dioctahedral structure (Fig. 1.4(b)), or a brucite layer (Mgg(OH),), in which
all of the central positions are occupied by Mg?* ions, giving a trioctahedral
structure (Fig. 1.4(c)).

The spacing between the outer ions in the tetrahedral and octahedral layers
is sufficiently similar for them to link together via mutual oxygen or hydroxyl
ions. Two stacking arrangements are possible, giving either a two-layer or a
three-layer structure. In a two-layer lattice (Fig. 1.4(d)), tetrahedral and octahedral
layers alternate, while a three-layer arrangement (Fig. 1.4(e)) consists of an
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Fig. 1.3 Unit elements of clay minerals
(a) Tetrahedral unit (b) Octahedral unit

octahedral layer sandwiched between two tetrahedral layers. Mineral particles
are built up when the layers are linked together to form stacks. Some of the more
common layer-lattice minerals are given in Table 1.1.

Clay minerals are those members of the layer-lattice group commonly
encountered in the weathering products of rocks containing feldspars and micas.
Depending on the stacking arrangement and type of ions providing linkage
between layers, four main groups of clay minerals may be identified: kaolinite,
illite, montmorillonite and vermiculite (see Fig. 1.5).

Kaolinite group. These are the chief constituents of kaolin and china clay derived
from the weathering of orthoclase (potash) feldspar which is an essential mineral
of granite. Large deposits of china clay occur in Devon and Cornwall; the ball
clays of Dorset and Devon have also been formed in this way. The kaolinite
structure consists of a strongly bonded two-layer arrangement of silica and
gibbsite sheets. Kaolinite itself is a typically flaky mineral, usually with stacks of
about 100 layers in a very regular structure.

Another member of this group appearing in some tropical soils is called
halloysite, in which the layers are separated by water molecules. In contrast to
most other clays, which are flaky, halloysite particles are tubular or rod-like. At
temperatures over 60°C halloysite tends to dehydrate, thus care is required in
testing procedures on soils containing a significant proportion of this mineral.

Illite group. The degradation of micas (e.g. muscovite and sericite) under marine
conditions results in a group of structurally similar minerals called illites. These
feature as predominant minerals in marine clays and shales, such as London Clay
and Oxford Clay. Some illites are also produced when in the weathering of
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Fig. 1.4 Lattice layer structures
(a) Silica layer (b) Gibbsite layer (c) Brucite layer (d) Two-layer lattices
(e) Three-layer lattices

orthoclase not all of the potassium ions are removed. The structure consists of
three-layer gibbsite sheets with K* ions providing a bond between adjacent silica
layers (Fig. 1.5). The linkage is weaker than that in kaolinite, resulting in thinner
and smaller particles.

Montmorillonite group. The minerals in this group are also referred to as
smectites and they occur as the chief constituents of bentonite, fuller’s earth
clays and tropical black cotton soils. Montmorillonite often results from the
further degradation of illite, but it is also formed by the weathering of plagioclase
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Table 1.1 Some layer lattice minerals

Dioctahedral or
gibbsite layer

Trioctahedral or
brucite layer

2 layer Kaolinite Serpentine
Dickite Chrysotile
Necrite
3 layer  Pyrophyllite Talc
Muscovite Biotite
Montmorillonite  Chlorite
llite Vermiculite
Approx.
Mineral Symbolic Between | Approximate | Specific exchange
name structure layers size surface capacity
{(pm) {m2/g) {me/100g)
| = | ko | - 0220
kaolinite E linkage t = 0.056-0.2 10-30 5
h . {tubular)
alloysite [ " H,0 /=05 40-50 15
t = 0.05
N/
G ]
illite OEILQ K* link 1=02201 o 10 20
* linkage = - —
7 ¢ = 0.02-02
G |
o N\
montmorillonite linkage | /= 0.1-05 | 200800
between |t = 0.001-0.01 100
vermiculite Mg?* 1=015-1.01 2 400

Fig. 1.5 Structure and size of the main clay minerals
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feldspar in volcanic ash deposits. Essentially the structure consists of three-layer
arrangements in which the middle octahedral layer is mainly gibbsite, but with
some substitution of Al by Mg. A variety of metallic ions (other than K *) provides
weak linkage between sheets (Fig. 1.5). As a result of this weak linkage water
molecules are easily admitted between sheets, resulting in a high shrinking/swelling
potential.

Vermiculite group. This group contains the weathering products of biotite and
chlorite. The structure of vermiculite is similar to that of montmorillonite, except
that the cations providing inter-sheet linkage are predominantly Mg (Fig. 1.5)
accompanied by some water molecules. The shrinkage/swelling potential is
therefore similar, but less severe, than that of montmorillonite.

1.6 Important properties of clay minerals

From an engineering point of view, the most significant characteristic of any clay
mineral is its extremely flaky shape. A number of important engineering properties
are directly attributable to this factor, coupled with others, such as the smallness
of particle size and the negative electrical charge carried on the surface. The main
properties to be considered in an engineering context are: surface area, surface
charge and adsorption, base exchange capacity, flocculation and dispersion,
shrinkage and swelling, plasticity and cohesion.

Surface area. The smaller and more flaky a particle is, the greater will be its
surface area. The ratio of surface area per gram of mass is termed the specific
surface (S,) of the soil. Consider a solid cube having a side dimension of d mm
and a particle density of p, (g/cm® or Mg/m?3).

Surface area =6d*> mm?
Mass =d?p,x1073 g
) 10° 5
Then specific surface, S,= mm*/g
0008 .
dp,

The same expression applies for solid spheres. Thus, a grain of quartz (p,=2.65
g/cm?) of nominal diameter 1 mm will have a specific surface of about 0.0023 m?/g.
When this is compared with a specific surface of 800 m?/g for montmorillonite
(Table 1.2) the truly enormous surface area of clay minerals will be evident. As
a further illustration of this, consider a hypothetical particle of montmorillonite
as a single flake having a mass of 1 g. Its thickness would be only 0.002 mm, but
to give a specific surface of 800 m?/g its dimensions (bearing in mind it has two
sides) would be 20 m x 20 m!

Particles of silt size are not as flaky as those in the clay range. Approximate
values are:

Silts (0.002-0.06 mm)  S,=1 to 0.04 m?/g
Sands (0.06~2.0 mm) S,=0.04 to 0.001 m?/g
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Table 1.2 Potential specific surfaces and adsorbed water contents

Mineral Grain size (mm) Specific surface  Approx. adsorbed
d (um) t S, (m?/g) water content (%)

Quartz sand 100 - d 0.02 0.001

Kaolinite 0.3-2.0 0.2d 20 1

llite 0.2-2.0 0.1d 80 4

Montmorillonite 0.01-1.0 0014 800 40

Surface charge and adsorption. The ions forming the platy surfaces of clay
minerals are either O2~ or (OH) ™, and so the surface carries a negative electrical
charge. Since water molecules are dipolar, i.e. they have a positive end and a
negative end, a layer of these is held against the mineral surface by the hydrogen
bond (H;0)*. Immediately adjacent to the mineral surface water molecules are
held in a tightly adhering (adsorbed) layer, but further away the bonds become
weaker until water becomes more fluid. The properties of this adsorbed water
layer are markedly different from those of ordinary water: viscosity, density and
boiling point are all higher, and freezing point is lower. When determining
water contents of clay soils it is advisable to dry them at 105°C, in order to
ensure the expulsion of all adsorbed water.

It is estimated that the thickness of the adsorbed layer is probably about
50 nm. An approximate potential adsorbed water content (w,p) may therefore
be calculated:

Wap =S,tp,, =0.05S,

where ¢t =layer thickness=50x 10=° m
p. =density of water=1x 10° g/m?

The values given in Table 1.2 show the wide range of adsorbed water contents.
In addition, certain minerals, such as halloysite and vermiculite, immobilise water
between stacked sheets, so that they can remain at low densities with high water
contents.

Base exchange capacity. The total negative charge carried by all clay minerals
is neutralised in different ways: partly by internal cations, partly by hydrogen
bonds in the adsorbed water and partly due to cations in the adsorbed layer.
The balance of the negative surface charge not satisfied internally is termed the
exchange capacity of the mineral, the units being millequivalents per 100 g
(me/100 g). A range of approximate values is shown in Fig. 1.5.

An equilibrium is established generally between the cations in the adsorbed
layers and those in the porewater proper. However, the relative proportions of
the cations may be varied when different porewater cations are introduced, since
some have a greater affinity than others. Those with greater affinity tend to replace
in the adsorbed layer those of a lower order. The usual order of replacement
ability among commonly occurring cations is:

AP+ >(H,0)* >Ca?* >Mg?* >K* >Na*
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Thus, in tropical climates of high humidity, the soil becomes increasingly acidic
as (H30)™ replaces Ca?*; in soil surrounding freshly-placed concrete Ca?™* tends
to replace Na*. The presence of certain cations tends either to increase or decrease
the thickness of the adsorbed layer. For example, twice as many monovalent ions
(e.g. Na™) are required for balance as divalent ions (e.g. Ca%™), resulting in a
thicker layer. Cations also tend to be closely surrounded by water molecules held
at their negative ‘ends’.

Flocculation and dispersion. The forces acting between two particles close to
each other in, say, an aqueous suspension will be influenced by two sets of forces:

(a) Inter-particle attraction due to van der Waals’ or secondary bonding forces.
(b) Repulsive forces due to the electrically negative nature of the particle surface
and adsorbed layer.

The van der Waals attractive force increases if the particles are brought closer
together when, for example, the adsorbed layer thickness is decreased due to a
base exchange process. In soils where adsorbed layer is thick, the repulsion will
be greater and the particles will remain free and dispersed. When the adsorbed
layer is thin enough for the attractive forces to dominate, groups of particles form
in which edge-to-edge (positive-to-negative) contacts occur; in a suspension these
groups will settle together. This process is called flocculation and soil exhibiting
this phenomenon is termed flocculent soil (Fig. 1.6(a)). In marine clays containing
a high concentration of cations, the adsorbed layers are thin, resulting in a
flocculent structure. By comparison, lacustrine (freshwater) clays tend to possess
a dispersed structure (Fig. 1.6(b)).

i?/g ==
w7L

A /
—
Fig. 1.6 Particulate structures in clays

[ st
(a) Flocculent (b) Dispersed

(b}

In the laboratory testing of soils a flocculent structure can be dispersed by
supplying cations from a suitable salt solution, e.g. sodium hexametaphosphate.
Another point worth bearing in mind is that flocculent soils tend to display high
liquid limits.

Swelling and shrinkage. The inter-particle and adsorbed layer forces may achieve
equilibrium under constant ambient pressure and temperature conditions due to
the movement of water molecules in or out of the adsorbed layer. The moisture
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content of the soil corresponding to this equilibrium condition is termed the
equilibrium moisture content (emc). Any change in the ambient conditions will
bring about a change in moisture content. If water is taken in a swelling pressure
will be exerted and the volume will tend to increase. Shrinkage will take place if the
adsorbed layer is compressed forcing water out, or if suction (e.g. due to climatic
evaporation) reduces the moisture content.

The swelling potential of montmorillonite clays is very high. Soils containing
a substantial proportion of illite, especially those of marine origin, have fairly
high swelling characteristics; while kaolin soils are less susceptible. In soil masses
in general, shrinkage manifests itself as a series of polygonal cracks emanating
downward from the surface.

Plasticity and cohesion. The most characteristic property of clay soils is their
plasticity, i.e. their ability to take and retain a new shape when compressed or
moulded. The size and nature of the clay mineral particles, together with the
nature of the adsorbed layer, controls this property. Where the average specific
surface is high, as in montmorillonite clays, this plasticity may be extremely high
and the soil extremely compressible.

The plastic consistency of a clay/water mixture, i.e. a clay soil, varies markedly
with the water content, which is the ratio of water mass to solid mass. At low
water contents, the water present will be predominantly that in the adsorbed
layers, thus, the clay particles will be exerting strong attractive force on each
other. This binding effect or suction produces a sort of internal tension which is
termed cohesion. As the water content is increased so the effect of suction is
lessened and the cohesion is decreased. When there is sufficient water present to
allow the particles to slide past each other without developing internal cracks
(i.e. ‘crumbling’) the soil has reached its plastic limit. When the water content
is raised to a point where the suction has been reduced to almost nothing and
the mixture behaves like a liquid (i.e. flows freely under its own weight) the soil
has reached its liquid limit (see Chapter 2).

1.7 Engineering soil terminology

As mentioned in Section 1.1, the term soil may be construed to mean different
things in different areas of study and usage. In the field of engineering the terms
used must convey precise information relating to engineering behaviour and
processes. The following terms and definitions are commonly encountered in
reports, textbooks, research papers, magazine articles and other documents
associated with the engineering use and study of soils. More extensive glossaries
are available: BS 5930 Site Investigation; Manual of Applied Geology, Institution
of Civil Engineers (1976); Dictionary of Soil Mechanics and Foundation Engineering
by John A. Barker, Construction Press, 1981. Students are strongly advised to
make regular reference to these and other technical dictionaries during the course
of their studies.

Rock. Hard rigid coherent deposit forming part of the earth’s crust, which may
be of igneous, sedimentary or metamorphic origin. To a geologist the term rock
indicates coherent crustal material over about 1 million years old. Soft materials,
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such as clays, shales and sands, may be described by a geologist as rock, whereas
an engineer will use the term soil. As a general rule, the engineering interpretation
of rock includes the notion of having to blast it for excavation.

Soil. In engineering taken to be any loose or diggable material that is worked
in, worked on or worked with. Topsoil, although its removal and replacement
are engineering processes, is not normally embraced in the generic term
‘engineering’ soil. Subsoil is essentially an agricultural term describing an inert
layer between topsoil and bedrock; its use should be avoided in engineering,

Organic soil. This is a mixture of mineral grains and organic material of mainly
vegetable origin in varying stages of decomposition. Many organic soils have
their origins in lakes, bays, estuaries, harbours and reservoirs. The presence of
organic matter tends to make the soil smoother to the touch; it may also be
characterised by a dark colour and a noticeable odour.

Peat. True peat is made up entirely of organic matter; it is very spongy, highly
compressible and combustible. Inorganic minerals may also be present and as
this increases the material will grade towards an organic soil. From an engineering
point of view, peats pose many problems because of their high compressibility,
void ratio and moisture content, and in some cases their acidity.

Residual soils. These are the weathered remains of rocks that have undergone
no transportation. They are normally sandy or gravelly, with high concentrations
of oxides resulting from leaching processes, €.g. laterite, bauxite, china clay.

Alluvial soils (alluvium). These are materials, such as sands and gravels, which
have been deposited from rivers and streams. Alluvial soils are characteristically
well-sorted, but they often occur in discontinuous or irregular formations.

Cohesive soils. Soils containing sufficient clay or silt particles to impart
significant plasticity and cohesion.

Cobhesionless soils. Soils, such as sands and gravels, which consist of rounded
or angular (non-flaky) particles, and which do not exhibit plasticity or cohesion.

Boulder clay. Sometimes called till, this is soil of glacial origin consisting of a
very wide range of particle sizes from finely-ground rock flour to boulders.

Drift. This is a geological term used to describe superficial unconsolidated
deposits of recent origin, such as alluvium, glacial moraine and boulder clay,
wind-blown sands, loess, etc.

1.8 Engineering problems and properties

The engineering study of soils involves the application of several scientific
disciplines, such as mineralogy, chemistry, physics, mechanics and hydraulics.
Also, in some topic areas, mathematics features strongly, and in fact many
problems have to be solved in quantitative terms so as to produce numerical
‘answers’. The approach and technique required in solving a soil engineering
problem varies with the type of problem and with the relative importance of the
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constraints imposed, but a general approach should include the following
considerations:

(a) The nature of the material, including a measure of its relevant engineering
properties.

(b) A knowledge of the problem situation or scenario, including an understanding
of the behavioural characteristics of the material in those particular
circumstances.

(c) Derived from (a) and (b), a model(s) or representation in mathematical or
mechanical terms of the behaviour(s) expected.

(d) Application of constraint factors, such as time, safety, aesthetics, planning
controls, availability of materials or plant and operational viability, as well
as cost factors which often have overriding importance.

(¢) The production of solutions which are sound in engineering terms, but which
also allow adequately for the other factors.

The common problem areas in soil mechanics may be conveniently summarised
as follows:

Excavation. The digging and removal of soil in order to prepare a site for
construction and services. The problems here are closely related to those of
support.

Support of soil. In the case of both natural and built slopes (embankments), it
is necessary to determine their intrinsic ability for self-support. Where excavations
(e.g. trenches, basements, etc.) or other cuts (e.g. road cuttings) are to be made,
it will be necessary to determine the need for, and the extent of, external support.
Some of these problems are discussed in Chapters 8 and 9.

Flow of water. The effects of water in soil masses are dealt with in Chapters 4
and 5. Where a soil is permeable and water can flow through it, problems related
to the quantity and effects of seepage arise.

Soil as a support medium. The mass of soil under and adjacent to a structure is
part of the foundation system and its behaviour as a support medium must be
investigated. Problems of this nature may be divided into two sub-categories:

(a) Problems of shear failure, in which possible collapse mechanisms are
investigated where rupture surfaces develop due to the shear strength of the
soil being exceeded. The concept of shear strength is introduced in Chapter 6
and developed in detail in Chapter 7, together with some applications; further
applications are dealt with in Chapters 8 and 11.

(b) Problems of compressibility. A change in volume is induced in all soils when
the external loads are increased and in silts, clays and loose sands this can
produce a serious settlement problem. The processes and mechanics of
volume change and compressibility are dealt with in Chapter 10 and the
implications in foundations design in Chapter 11.

Building with soils. Soils are used extensively as construction materials in the
building of roads, airfields, dams, embankments and the like. As is the case when
using other building materials, such as concrete and steel, the properties of the
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materials need to be measured and evaluated before use and some measure of
quality control introduced to ensure a good and sound product. The soil
mechanics aspects of this are included in Chapter 3.

Description and classification. The starting point in most engineering problems
is a good description of the material. This has to be meaningful in an engineering
sense, in both qualitative and quantitative terms. It is therefore convenient to
commence a detailed study of the engineering behaviour of soils by considering
how they might best be described and classified; this is done in Chapter 2.

Exercises

1. Describe briefly the origins of soils and summarise the factors which control their
formation.

2. Discuss the composition of soil in the context of building and civil engineering,
pointing out the significance of the presence or absence of notable components.

3. Describe the nature and structure of clay minerals and explain their engineering
significance as constituents of soil.

4. List the common clay minerals and summarise their key properties in an engineering
context.

5. Summarise the types of engineering problems associated with soils and discuss the
nature of possible constraints which may arise from their properties and affect design
and construction decisions.



Chapter 2

Classification of soils for
engineering purposes

.- e m i i e

2.1"°Soil.classification principles
It is“hecessary -to- provide a conventional classification of types of soil for the
purpose of describing the various materials encountered in site exploration. The
system adopted needs to be sufficiently comprehensive to include all but the rarest
of natural deposits; while still being reasonable, systematic and concise. Such a
system is required if useful conclusions are to be drawn from the knowledge of
the type of material. Without the use of a classification system, published
information or recommendations on design and construction based on the type
of material are likely to be misleading, and it will be difficult to apply experience
gained to future design. Furthermore, unless a system of conventional
nomenclature is adopted, conflicting interpretations of the terms used may lead
to confusion, rendering the process of communication ineffective.

To be sufficiently adequate for this basic purpose, a classification system must
satisfy a number of conditions:

(a) It must incorporate as descriptions definitive terms that are brief and yet
meaningful to the user.

(b) Its classes and sub-classes must be defined by parameters that are reasonably
easy to measure quantitatively.

(c) Its classes and sub-classes must group together soils having characteristics
that will imply similar engineering properties.

Most classification systems divide soils into three main groups: coarse, fine and
organic. The main characteristic differences displayed by these groups are shown
in Table 2.1.

In this country, guidelines and recommendations for both field identification
and detailed classification are given in BS 5930 Site Investigation (1981). A
comprehensive chart (Table 2.2) is given from which identification in the field is
possible following the application of several simple tests. Where more data is
available, such as from laboratory tests, and especially when the soil is to be used
for constructional purposes, the use of British Soil Classification System for
Engineering Purposes is recommended (Table 2.3).

16
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Table 2.1 Major classes of engineering soils

Coarse Fine Organic
Inclusive soil types Stone Silt Peats

Gravel Clay

Sand
Particle shape Rounded to angular Flaky Fibrous
Particle or grain size Coarse Fine —
Porosity or void ratio Low High High
Permeability High Low to very low Variable
Interparticle cohesion None to very low High Low
Interparticle friction High Low None to low
Plasticity None Low to high Low to moderate
Compressibility Very low Moderate to very high Usually very high
Rate of compression Immediate Moderate to slow Moderate to rapid
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2.2 Field identification

exploration; the techniques of site exploration are described in Chapter 12,
together with some in-situ testing procedures. It is important that adequate
attempts are made during exploration to describe the nature and formation of
all the sub-surface materials encountered. If at all possible, a preliminary
classification should be carried out, so that the fullest possible information is
passed on. A further and more detailed classification will usually follow a number
of laboratory tests.

For the purpose of identification and classification in the field a series of simple
tests may be carried out as follows:

Particle size. 1dentify the main groups by visual examination and ‘feel’. Gravel
particles (>2 mm) are clearly recognisable; sands (0.06 mm <d <2 mm) have
a distinctive gritty feel between the fingers; silts (0.002 mm <d <0.06 mm) feel
slightly abrasive, but not gritty; clays (<0.002 mm) feel greasy.

Grading. The grading of a soil refers to the distribution of sizes; a well-graded
soil has a wide distribution of particle sizes, while a poorly-graded or uniform soil
contains only a narrow range of sizes.

For a rapid estimate of particle sizes and grading a field settling test can be
carried out in a tall jar or bottle. A sample of the soil is shaken with water in
the jar and then allowed to stand for a few minutes. The coarsest particles settle
to the bottom first, followed by progressively smaller sizes. Subsequent
examination of the nature and thickness of the layers of sediment will yield
approximate proportions of the size ranges.

If over 65 per cent of the particles are greater than 0.06 mm, the soil is classed
as coarse, i.e. it is a SAND or GRAVEL. The term fine soil is used when over
35 per cent of the particles are less than 0.06 mm, i.e. it is a SILT or CLAY. The
basis for deciding composite types is given in Table 2.2.



Table 2.2 Field identification and description of soils

Basic Particle Visual identification Particle
soil type size (mm) nature and
plasticity
BOULDERS Only seen complete in pits or exposures Particle
shape:
@ 200
E COBBLES Often difficult to recover from boreholes
2 angular
z2 sub-angular
>3 60 S R sub-rounded
coarse Easily visible to naked eye; particle shape rounded
can be described; grading can be described flat
——20 Well graded: wide range of grain sizes, elongate
GRAVELS well distributed. Poorly graded: not well
medium graded. ( May be uniform: size of most
- particles lies between narrow limits; or gap
4 ~—6  graded: an intermediate size of particle is
> markedly under-represented )
< fine Texture:
] rough
o smooth
2 2 polished
g coarse Visible to naked eye; very little or no
s cohesion when dry; grading can be
o v described
3 3 ——06
@ ‘e . Well graded: wide range of grain sizes, well
s € SANDS medium distributed. Poorly graded: not well graded.
8¢& (May be uniform: size of most particles lies
—02 between narrow limits; or gap graded: an
intermediate size of particle is markedly
fine under-represented )
0.06
coarse Only coarse silt barely visible to naked eye; Non-plastic
—0.02 exhibits little plasticity and marked dilatancy; or low
SILTS slightly granular or silky to the touch plasticity
medium Disintegrates in water; lumps dry quickly;
possess cohesion but can be powdered easily
———0.006 between fingers
fine
@
=
"
3
3]
2 0.002
® Dry lumps can be broken but not powdered Intermediate
= between the fingers; they also disintegrate plasticity
- ® under water but more slowly than silt; (lean clay)
3 FY smooth to the touch; exhibits plasticity but
: s CLAYS no dilatancy; sticks to the fingers and dries
€3 slowly; shrinks appreciably on drying
&~ usually showing cracks. Intermediate and
high plasticity clays show these High
properties to a moderate and high degree, plasticity
respectively (fat clay)
ORGANIC Varies Contains substantial amounts of organic
CLAY, SILT vegetable matter
or SAND
PEATS Varies Predominantly plant remains usually dark

Organic soils

brown or black in colour, often with
distinctive smell; low bulk density




Basic Composite soil types Compactness | strength
soil type (mixtures of basic soil types)
Term Field test
Scale of secondary constituents Loose
BOULDERS with coarse soils By inspection of voids
and particle packing
Term % of clay Dense
COBBLES or silt
slightly clayey GRAVEL
or under 5
slightly silty SAND
GRAVELS clayey GRAVEL Can be excavated with a
or . 5t0 15 Loose spade; 50 mm wooden
silty SAND peg can be easily driven
very clayey GRAVEL Requires pick for exca-
or 15to 35 Dense vation; 50 mm wooden
very silty SAND peg hard to drive
Sandy GRAVEL Sand or gravel and Slightly Visual examination; pick
important second cemented removes soil in lumps
Gravelly SAND  constituent of the which can be abraded
SANDS coarse fraction
For composite types described as: clayey: fines are plastic, cohesive;
silty: fines non-plastic or of low plasticity
Scale of secondary, constituents Soft or Easily moulded or
with fine soils loose crushed in the fingers
Term % of sand Firm or Can be moulded or
or gravel dense crushed by strong
SILTS pressure in the fingers
sandy CLAY
or 35 to 65 Very soft Exudes between fingers
gravelly SILT when squeezed in hand
— CLAY:SILT under 35 Soft Moulded by light
finger pressure
Examples of composite types Firm Can be moulded by
strong finger pressure
CLAYS (Indicating preferred order for
description) Stiff Cannot be moulded by
fingers. Can be indented
Loose, brown, sub-angular, very sandy, by thumb
fine to coarse GRAVEL with smali ) )
pockets of soft grey clay Very stiff Can be indented by
thumb nail
Medium dense, light brown, clayey,
ORGANIC fine and medium SAND Firm Fibres already
CLAY, SILT compressed together
or SAND Stiff, orange brown, fissured sandy CLAY
Spongy Very compressible and
Firm, brown, thinly laminated SILT open structure
and CLAY
PEATS Plastic Can be moulded in hand,

Plastic, brown, amorphous PEAT

and smears fingers




Table 2.2 continued

Basic Structure Colour
soil type
Term Field identification Interval scales
BOULDERS
Homo- Deposit consists Scale of bedding spacing Red
geneous essentially of one type Pink
Term Mean Yellow
COBBLES Inter- Alternating layers of vary- spacing, Brown
stratified ing types or with bands mm Olive
or lenses of other materials Green
Blue
Interval scale for bedding Very thickly over 2000 White
spacing may be used bedded Grey
Black
Hetero- A mixture of types Thickly bedded 2000 to 600 etc.
GRAVELS geneous
Medium bedded 600 to 200
Weathered Particles may be Supple-
weakened and may show Thinly bedded 200 to 60 mented
concentric layering as
Very thinly 60 to 20 neces-
bedded sary
with:
Thickly 20106
laminated Light
SANDS Dark
Thinly laminated under 6 Mottled
etc.
Fissured Break into polyhedral
fragments along fissures. and
Interval scale for spacing
of discontinuities may be Pinkish
SILTS used Reddish
Yellowish
Brownish
etc.
Intact No fissures
Homo- Deposit consists
geneous essentially of one type Scale of spacing of other
discontinuities
Inter- Alternating layers of
stratified varying types. interval Term Mean
scale for thickness of spacing
CLAYS layers may be used (mm)
Weathered Usually has crumb or Very widely over 2000
columnar structure spaced
Widely spaced 2000 to 600
ORGANIC Medium spaced 600 to 200
CLAY, SILT
or SAND Closely spaced 200 to 60
Fibrous Plant remains recognisable  Very closely 60 to 20
and retains some strength spaced
PEATS
Amor- Recognisable plant Extremely under 20
phous remains absent closely spaced

Reproduced from BS 5930:1981 Site /nvestigations with permission of the British Standards Institution



Field identification 21

Compactness. Compactness or field strength may be estimated using a hand
spade or pick, or by driving in a small wooden peg; the soil is then reported as
being loose, dense or slightly cemented, as appropriate.

Structure. Observations of structural characteristics are most useful and are
conveniently made in trial pits, cuttings and other excavations. The following
descriptive terms are used:

Homogeneous —consisting of essentially one soil type
Inter-stratified—alternating layers or bands of different materials; the ‘interval
spacing’ between ‘bedding planes’ should be reported as indicated

in Table 2.2
Intact —a non-fissured fine soil
Fissured —the direction, size and spacing of fissures should be reported using

the scale given in Table 2.2

Cohesion, plasticity and consistency. If its particles stick together, a soil possesses
cohesion and, if it can be easily moulded without cracking, it possesses plasticity.
Both of these behaviours depend on the moisture content of the soil. It is helpful
to record in the field the apparent consistency of the soil as an indicator of cohesive
or plastic behaviour. After removing any particle over 2 mm, squeeze a handful
of soil at its natural moisture content and attempt to mould it in the hand and
then describe its consistency as follows:

Very soft—if it exudes between the fingers

Soft —if it is very easy to mould and it sticks to the hand
Firm —if it moulds easily with moderate pressure

Very firm—if it moulds only with considerable pressure

Hard  —if it will not mould under pressure in the hand

Crumbly —if it breaks up into crumbs

Dilatancy. Remove any particles larger than about 2 mm and moisten the soil
sufficiently to make it soft, but not sticky. Place this pat of soil in the open palm
of one hand and tap the side of this hand sharply with the other hand; repeat
this several times. Dilatancy is exhibited if, as a result of this tapping, a glossy
film of water appears on the surface of the pat. If the pat is now pressed gently
the water will disappear from the surface and the pat becomes stiff again. Very
fine sands and inorganic silts exhibit marked dilatancy, whereas clays and
medium-to-coarse sands do not.

Dry strength. The pat of moist soil used for the dilatancy test should now be
dried, preferably in an oven, but air-drying will suffice if weather conditions are
suitable. The dry strength of the soil is estimated by breaking the dried pat with
the fingers. A high dry strength indicates a clay with a high plasticity; inorganic
silts exhibit a low dry strength and are powdery when rubbed. The presence of
sand reduces the dry strength of silts, and also results in a gritty feel when rubbed.

Weathering. Climatic conditions at the ground surface or on exposed faces can
lead to the weathering of soil, which can result in a reduction of strength and an
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increase in compressibility. The degree of weathering evident in newly exposed
soil should be reported. Chandler (1969) recommended a system for Keuper marl
which may be generalised to describe the weathered state of originally stiff to
hard soils:

Unweathered —no visible sign of weathering

Slightly weathered = —apparent weakening along joints and fissures, but soil
blocks between still intact

Moderately weathered—fabric partly disrupted, with some parts at higher moisture
contents than others

Highly weathered —considerable fabric disruption and softening; original
structure hardly apparent
Fully weathered —structureless, softened matrix, considerably weaker than

original soil

2.3 Particle size analysis

The range of particle sizes encountered in soils is very wide: from around
200 mm down to the colloidal size of some clays of less than 0.001 mm. Although
natural soils are mixtures of various-sized particles, it is common to find a
predominance occurring within a relatively narrow band of sizes. When the width
of this size band is very narrow the soil will be termed poorly-graded, if it is wide
the soil is said to be well graded (see also Section 2.4). A number of engineering
properties, e.g. permeability, frost susceptibility, compressibility, are related
directly or indirectly to particle-size characteristics.

Figure 2.1 shows the British Standard range of particle sizes. The particle-size
analysis of a soil is carried out by determining the weight percentages falling

Fine Coarse Very coarse
Ciay Silt Sand Gravel Stone
CO"OidSl fine | medium | coarse fine | medium | coarse | fine | medium | coarse cobbles boulders
—_—
1 6 20 200 600 6 20 200
2 60 2 60
um l mm

Fig. 2.1 British Standard range of particle sizes

within bands of size represented by these divisions and sub-divisions. In the case
of a coarse soil, from which fine-grained particles have been removed or
were absent, the usual process is a sieve analysis. A representative sample of the
soil is split systematically down to a convenient sub-sample size* and then

*The laboratory procedures required for this and other tests are detailed in BS 1377 Methods of Test
for Soils for Civil Engineering Purposes.
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0

Log (particle size)

Fig. 2.2 Grading curve

oven-dried. This sample is then passed through a nest of standard test
sieves arranged in descending order of mesh size. Following agitation of first the
whole nest and then individual sieves, the weight of soil retained on each sieve
is determined and the cumulative percentage of the sub-sample weight passing
each sieve calculated. From these figures the particle-size distribution for the soil
is plotted as a semi-logarithmic curve (Fig. 2.2) known as a grading curve.

Where the soil sample contains fine-grained particles, a wet sieving procedure
is first carried out to remove these and to determine the combined clay/silt
fraction percentage. A suitably-sized sub-sample is first oven-dried and then sieved
to separate the coarsest particles (>20 mm). The sub-sample is then immersed
in water containing a dispersing agent (sodium hexametaphosphate: a 2 g/iitre
solution) and allowed to stand before being washed through a 63 um mesh sieve.
The retained fraction is again oven-dried and passed through a nest of sieves.
After weighing the fractions retained on each sieve and calculating the cumulative
percentages passing each sieve, the grading curve is drawn. The combined clayy/silt
fraction is determined from the weight difference and expressed as a percentage
of the total sub-sample weight. The coarsest fraction (>20 mm) can also be
sieved and the results used to complete the grading curve.

A further sub-division of particle-size distribution in the fine-grained fraction
is not possible by the sieving method. A process of sedimentation is normally
carried out for this purpose. A small sub-sample of soil is first treated with a
dispersing agent and then washed through a 63 um sieve. The soil/water
suspension is then made up to 500 ml, agitated vigorously for a short while and
then allowed to settle.

The procedure is based on Stokes’ law, which states that the velocity at which
a spherical particle will sink due to gravity in a suspension is given by:

_ dz(‘Ys - ‘Yw)
U = e,—————
18y

where d=diameter of particle
y,=unit weight of the grain or particle
7w =unit weight of the suspension fluid (usually water)
n=viscosity of the suspension fluid

[2.1]

The diameter of those particles that will have settled a given distance in a given
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time (t) may be obtained by rearranging eqn [2.1]:

i [ 187k |V?
[ (75— 7wt ]
Usually h=100 mm, giving:
18007 |'/2
g=| 1800 [2.2]
[ (75— Pw)t ]

Samples taken at a depth of 100 mm, at an elapsed time of ¢, will not, therefore,
include particles of greater size than the diameter d given by eqn [2.2]; but the
proportions of particles smaller than d in the suspension will remain unchanged.

The procedure using a hydrometer consists of measuring the suspension density
at a depth of 100 mm at a series of elapsed-time intervals. The percentage-finer
values corresponding to particular diameters (i.e. particle sizes) are obtained from
the density readings, and thus a grading curve for the fine-grained fraction may
be drawn. An alternative method of obtaining suspension density values consists
of drawing-off a small quantity from the prescribed depth using a special pipette
(refer to BS 1377 for full details).

The sedimentation method is not particularly accurate in an absolute sense,
since errors result from a number of factors: such as the flaky nature of fine-grained
particles, the near molecular size of the very fine particles, incomplete dispersion,
variations in viscosity due to temperature variations. However, the equivalent
spherical diameter distribution obtained in this manner provides a sufficiently
useful guide for engineering purposes.

2.4 Grading characteristics

The grading curve is a graphical representation of the particle-size distribution
and is therefore useful in itself as a means of describing the soil. For this reason
it is always a good idea to include copies of grading curves in laboratory and
other similar reports. It should also be remembered that the primary object is
to provide a descriptive term for the type of soil. This is easily done using the
type of chart shown in Fig. 2.3 by estimating the range of sizes included in the
most representative fraction of the soil. For example, curve A may be taken
to represent a poorly-graded medium SAND: poorly graded because the curve is
steep, indicating a narrow range of sizes, and medium SAND, since the largest
proportion of the soil (approximately 65 per cent) lies in medium-sand sub-range.
Curve B represents a well-graded material containing a wide range of particle
sizes; from fine sand to medium gravel; this soil is properly described as a
well-graded GRAVEL SAND, since about half the soil is gravel and the other half
sand. Curve C also represents a well-graded material which is predominantly
sand, but with a significant silt fraction (about 20 per cent); this soil should be
described as a very silty SAND, the noun indicating the predominant fraction.
Curve D indicates a sandy SILT, e.g. an estuarine or deltaic silt; curve E
indicates a typical silty CLAY, e.g. London Clay or Oxford Clay.

A further quantitative analysis of grading curves may be carried out using
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Fig. 2.4 Grading characteristics

certain geometric values known as grading characteristics. First of all, three points
are located on the grading curve to give the following characteristic sizes (Fig. 2.4):

d,,=Maximum size of the smallest 10 per cent of the sample
d;o=Maximum size of the smallest 30 per cent of the sample
d¢o =Maximum size of the smallest 60 per cent of the sample

From these characteristic sizes, the following grading characteristics are defined:

Effective size =d,, mm [2.3]



28  Classification of soils for engineering purposes

Uniformity coefficient, C,= ZLO [2.4]
10
d 2
Coefficient of gradation, C,= (—30)— [2.5]
dgo X dyo

Both C, and C, will be unity for a single-sized soil, while C, < 3 indicates uniform
grading and C,>5 a well-graded soil.

Most well-graded soils will have grading curves that are mainly flat or slightly
concave, giving values of C, between 0.5 and 2.0. One useful application is an
approximation of the coefficient of permeability, which was suggested by Hazen.

Coefficient of permeability (k)=C,(d,,)*> m/s
Where C,=a coefficient varying between 0.01 and 0.015.

Worked example 2.1 The results of a dry-sieving test are given below: plot the particle-size
distribution curve and give a classification for the soil.

Sieve size (mm or um) 335 200 1.18 600 425 300 212 150 63
Mass retained (g) 0 25 125 577 620 342 187 127 131

The quantity passing the 63 um sieve and collected in the pan was 3.9 g, and the original
weighed quantity was 217.2 g.

The retained masses are first expressed as percentages of the total mass and
the percentage passing each sieve obtained by successive subtraction. The complete set of
results is tabulated below:

Sieve  Mass % %
size retained retained passing
@
mm 3.35 0 0 100.0
2.0 26 1.2 98.8
1.18 125 5.7 93.1

um 600 57.7 26.6 66.5
425 62.0 286 379
300 342 15.7 222

212 18.7 8.6 13.6
150 127 5.8 7.8
63 13.1 6.0 18
Pan 39 1.8
Total 2174 g 100.0%

Original total=217.2 g (i.e. no significant losses)

The plot of the particle-size distribution curve is shown in Fig. 2.5; an inspection of the
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Fig. 2.5 Particle size distribution WE 2.1

curves shows the following approximate proportions:

Coarse sand 33 per cent
Medium sand 54 per cent
Fine sand 13 per cent

The soil may therefore be classified as a well-graded medium coarse SAND and the sub-group
soil classification symbol will be SW.

Worked example 2.2 A full wet/dry sieve analysis was carried out with the following results:

Stage 1. A total sample of 3274 g was sieved on a 20 mm test sieve:
Mass retained=104.8 ¢ Mass passing=3169 g
Stage 2. The mass retained on the 20 mm sieve was sieved on larger mesh sizes:

Sieve size (mm) 50 375 28 20
Mass retained (g 0 459 262 327

Stage 3. The mass passing the 20 mm sieve was riffled down to a sub-sample mass of
2044 g and then sieved on a 6.3 mm test sieve:
Mass retained=201.0 g Mass passing 1843 g

Stage 4. The mass retained on the 6.3 mm sieve was sieved on larger mesh sizes:

Sieve size (mm) 14 10 6.3
Mass retained (g) 402 488 1120
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Stage 5. The mass passing the 6.3 mm sieve was riffled down to a sub-sample mass of
212.4 g and then sieved on smaller mesh sizes:

Sieve size
(mmor yum) 50 335 20 1.18 600 425 300 212 150 63
Mass
retained (g 22.5 694 584 434 209 103 91 56 47 72
The mass passing the 63 um sieve was 21.2 g.
Plot the particle-size distribution curve and give a classification for the soil.

The retained masses are first corrected so that they are expressed as proportions of
the total sample mass, and the retained- and passing-percentages obtained. The complete
set of results and calculations is tabulated below.

Total sample: 3274 g

Sieve Mass Correction Corrected % %
size retained mass retained  passing
(mm) (um) (g) retained
50.0 0.0 0.0 0.0 100.0
375 459 459 1.4 98.6
28.0 262  None 26.2 0.8 97.8
20.0 32.7 32.7 1.0 96.8
Pan 3169 Riffled down to: 2044 g
3169
14.0 40.2 X — 62.3 1.9 94.9
2044
10.0 48.8 75.6 23 92.6
6.3 1120 =155 173.6 53 873
Pan 1843 Riffled down to: 2724 g
5.00 225 236.0 7.2 80.1
3169
3.35 69.4 X — 728.0 222 579
2044
2.00 584 612.6 18.7 39.2
1.18 434 4553 139 253
1843
600 209 X —— 2192 6.7 18.6
272.4
425 10.3 108.0 33 153
300 9.1 =1049 95.5 2.9 12.4
212 5.6 58.7 1.8 10.6
150 4.7 49.3 1.5 9.1
63 7.2 75.5 23 6.8
Pan 21.2 2224 6.8

The plot of the particle-size distribution curve is shown in Fig. 2.6 an inspection
of which shows the following approximate proportions:

Gravel 61 per cent (fine gravel 48 per cent)
Sand 32 per cent
Fines 7 per cent
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Fig. 2.6 Particle size distribution WE 2.2

The soil may therefore be classified as a well-graded silty sandy GRAVEL; the Soil
Classification symbol will be GW M (a dual symbol being used since the percentage fines
is between 5 and 15 per cent).

2.5 Design of filters

In water-pumping operations and in the construction of earth dams, it is often
necessary to provide a layer (or layers) of filter material to prevent fine particles
being carried into pipes, through mesh screens or into the void space of coarser
materials. An effective filter material may be designed using a few simple rules
and the grading characteristics of the soil to be protected:

(a) The soil content exceeding a grain size 19 mm should be discounted.

(b} The filter should not contain material of particle size greater than 80 mm.

(¢) The filter should have a fines content (particle size <75 um) of not more
than 5 per cent.

(d) The grading curve of the filter should have the same approximate shape as
that of the soil.

() The d,s size of the filter should lie between four times d, 5 for the soil and
four times dg for the soil, i.e. 4 x d, 5(soil) < D, s(filter) < 4 x dg5(s0il).

(f) Thedgs size of the filter should be not less than twice the inside pipe diameter
or screen-mesh size (where applicable).
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Worked example 2.3 Figure 2.7 shows a grading curve for a soil for which a graded filter
is required. In pumping operations a pipe is to be used incorporating perforations of diameter
6 mm. Construct a grading curve for a suitable graded filter, labelling key points and sizes.

British Standard test sieves
{um) {mm)

A A —
. Nguwe @ K B 2k 00 oowoe
o0 g, BS888 - S0 3% ezaaaamﬁ
90 B 7 G
80 jﬁ /
70 / 4/
= grading curve for ¥ /
'g 60 the soil D/ 4 [
= // 7
(]
g 50 7 7 /
S pd e /
Q 40  filter grading curve 7
& 30 A4 between these limits-+/
Ai — C 4 <
0 -
10 F—1t ~ /1D
OH—L NN NS 141‘.541 L1l N S Al [N Al
0.002 0.006 0.02 0.06 0.2 0.6 2 6 20 60mm
Clay fine [medium [ coarse | fine  [medium| coarse | fine Imediuml coarse
Silt Sand Gravel
Fig. 2.7 Filter design curve
Grading characteristics of soil: d;s=0.008 mm (point A)
dgs=1.50 mm (point B)

Required characteristics for filter:  d,5>4 x 0.008=0.032 mm (point C)

dis<4x1.50=6.0 mm (point D)
or dgs>2x6.0=12.0 mm (point E)
ds>75 um (point F)

dy o0 <80 mm (point G)

2.6 Classification of fine soils

In the case of fine (ie. cohesive) soils, it is the shape rather than size of
particles that has the greater influence on engineering properties. The combination
of very flaky particles and circumstances which may bring about changes in
water content results in a material (soil) having properties which are inherently
variable. For example, the shear strength of cohesive soils will vary markedly
with changes in water content. Also, soils with flaky particles behave as plastic
material: an increase in applied stress usually brings about an irrecoverable
deformation, while the volume remains constant or is reduced and without any
signs of cracking or disruption.

Since the plasticity of fine soils has an important effect on such engineering
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properties as shear strength and compressibility, plastic consistency is used as a
basis for their classification. The consistency of a soil is its physical state
characteristic at a given water content. Four consistency states may be defined
for cohesive soils: solid, semi-plastic solid, plastic and liquid. The change in
volume of a saturated cohesive soil is approximately proportional to a change
in water content; the general relationship is shown in Fig. 2.8.

The transition from one state to the next in fact is gradual; however, it is
convenient to define arbitrary limits corresponding to a changeover moisture
content:

wy =the liquid limit. the water content at which the soil ceases to be liquid
and becomes plastic.

wp =the plastic limit: the water content at which the soil ceases to be plastic
and becomes a semi-plastic solid.

wg =the shrinkage limit: the water content at which drying-shrinkage at
constant stress ceases.

The two most important of these are the liquid and plastic limits, which represent
respectively the upper and lower bounds of the plastic state; the range of the
plastic state is given by their difference, and is termed the plasticity index (Ip).

Ip=w —wp [2.6]

The relationship between the plasticity index and the liquid limit is used in the
British Soil Classification System to establish the sub-groups of fine soil; Fig. 2.9
shows the plasticity chart used for this purpose. The A-line provides an arbitrary
division between silts and clays, and vertical divisions (of percentage liquid limit)
define five degrees of plasticity:

Low plasticity: wy <35%
Intermediate plasticity: wp =35%—50%
High plasticity: wy =50%-70%
Very high plasticity: w =70%-90%

Extremely high plasticity: wy >90%
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Fig. 2.9 Plasticity chart for the classification of fine soils

Table 2.4 Sub-group symbols in the British Soil Classification System

Primary letter Secondary letter
Coarse-grained soils G =GRAVEL W =well graded
S=SAND P =poorly graded

Pu=uniform
Pg=gap graded

Fine-grained soils F=FINES L =low plasticity
(undifferentiated) | =intermediate plasticity
M=SILT H =high plasticity
C=CLAY V =very high plasticity

E =extremely high plasticity
Organic soils Pt=PEAT O =organic

120

A given soil may be located in its correct sub-group zone by plotting a point,
having coordinates given by the soil’s plasticity index and liquid limit. An

explanation of the sub-group symbols is given in Table 2.4.

The relationship between the soil’s natural water content and its consistency
limits, i.e. its natural or in-situ consistency, is given by the liquidity index (I ):

W—wp
I, =
L I,

where w=natural or in-situ water content.

[2.71
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Table 2.5 Activity of clays

Minerals Activity  Soil Activity
Muscovite 0.25 Kaolin clay 0.4-05
Kaolinite 0.40 Glacial clay and loess 0.56-0.75
IHite 0.90 Most British clays

including London Clay 0.75-1.25
Montmorillonite  >1.25 Organic estuarine clay >1.25

Clearly, from Fig. 2.9, the significant values of LI are:

I; <0: soil is in semi-plastic solid or solid state.
0<I, <1: soil is in plastic state.
I, > 1: soil is in liquid state.

The consistency limits represent the plasticity characteristics of the soil as a whole.
Plasticity, however, is mainly determined by the amount and nature of the clay
minerals present. As explained in Section 1.5, the different clay minerals possess
different degrees of flakiness. Also, even ‘clays’ may only comprise 40—-50 per cent
clay minerals. The degree of plasticity of the clay fraction itself is termed the
activity of the soil:

Ip
% clay particles (< 2 um)

Activity = [2.8]
Some typical values of activity for some common clay minerals and soils are
given in Table 2.5.

2.7 Determination of the consistency limits

The three consistency limits (w;, wp and wg) are determined by arbitrary test
routines in the laboratory. Full details of the procedures and apparatus are given
in BS 1377. The student may find it useful to refer also to Vickers (1983)
and Head (1980). The broad outlines of the main tests are given below.

Determination of liquid limit

The apparatus (Fig. 2.10) consists basically of a stainless steel cone 35 mm long.
with an apex angle of 30° and having a mass (including the shaft) of 80 g. The
cone is mounted on a stand which will allow it to be dropped and then held in
position while its vertical movement is measured.

The soil is first dried sufficiently for it to be broken up by a mortar and pestle,
with care being taken not to break individual particles. The soil is then sieved
and only the material passing a 425 um mesh sieve taken for testing. This is then
thoroughly mixed with distilled water into a smooth thick paste, and stored in
an air-tight container for 24 hr to allow full penetration of the water.

At the time of testing, the soil is remixed for 10 min and a portion of it placed
in the brass cup. Care must be taken not to entrap air bubbles, and then the
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Fig. 2.10 Cone penetrometer for liquid limit test

surface is struck off level with the top of the cup. After placing the cup on the
base of the stand (Fig. 2.8), the cone is lowered so that it just touches and marks
the surface of the soil paste; the dial gauge is then set and the reading noted. The
cone is released to penetrate the soil paste for exactly 5 s and relocked in its new
position; a second dial gauge reading is now taken. The difference between the
first and second dial readings gives the amount of cone penetration (mm).

The penetration procedure is repeated several times on the same paste mix
and an average penetration obtained, after which a small portion of the soil is
taken and its water content determined. The whole of the penetration
procedure is then repeated with paste mixes having different water contents,
five or six times in all.

A graph is drawn of cone penetration/water content (Fig. 2.11) and the
liquid limit of the soil taken as the water content corresponding to a penetration
of 20 mm.

Determination of the plastic limit

It is usual to prepare sufficient natural or air-dried soil as a paste with water for
both the liquid and plastic limit tests. Approximately 20 g of the soil paste is
moulded in the hand until it dries sufficiently for slight cracks to appear. The
sample is then divided into two approximately equal (10 g) portions and each
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of these divided into four sub-samples. One of the sub-samples is taken and rolled
into a ball and then it is rolled on a glass sheet to form a thread of soil. The
rolling, using the palm and fingers with light pressure, is continued until the
diameter of the thread reaches 3 mm. In this event, the soil is re-formed into a
ball; the action of handling the soil has the effect of drying it; it is then re-rolled
on the glass sheet (i.e. at a lower water content). This procedure of rolling and
re-rolling is continued until the thread starts to crumble just as the diameter of
3 mm is reached; at this point the thread fragments are placed in an air-tight
container. The same process is carried out on the other three sub-samples, and
the crumbled threads of all four gathered together and their combined water
content found. The same procedure is followed with the other 10 g portion. The
average of the two water contents is reported as the plastic limit. In spite of
the seeming arbitrary nature of this test procedure, an experienced technician
can obtain plastic limit results with very good reproducibility.

Linear shrinkage test

For soils with very small clay content the liquid and plastic limit tests may not
produce reliable results. An approximation of the plasticity index may be obtained
in such cases by measuring the linear shrinkage and using the following expression:

I,=2.13xLS [2.9]

The soil is prepared as for the liquid limit test and a 150 g specimen taken
for the linear shrinkage test; this is then thoroughly remixed with distilled water
to form a smooth homogeneous paste at approximately the liquid limit of the
soil (although the exact water content is not critical). The soil/water paste is
placed into a brass mould (Fig. 2.12), taking care not to entrap air, and the
surface struck-off level. The soil is air-dried at 60-65°C until it has shrunk clear
of the mould and then placed in an oven at 105-110°C to complete the drying.
After cooling, the length of the sample is measured and the linear shrinkage
obtained as follows:

[2.10]

length after drying) :

Percentage linear shrinkage, LS = ( 1 =
initial length
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Fig. 2.13 Shrinkage limit test

Determination of shrinkage limit

The shrinkage limit test is not used much, since the wg is not used directly in
soil classification, as are the wp, and w;. The wg value can, however, provide
some indication of the particulate structure of the soil. since a dispersed structure
will generally produce a low wg and a flocculated structure a high wg (see
Section 1.6).

A cylindrical specimen of firm plastic soil is taken for the test: usually 76 mm
long and 38 mm diameter. At frequent intervals during a slow-drying process,
measurements of mass and volume are taken. The volume determination is often
done using a mercury displacement vessel (Fig. 2.13). the specimen being
immersed in a known volume of mercury and the change in level, measured by
a micrometer gauge, used to compute the change in volume.

A volume/water-content graph is plotted and the shrinkage limit obtained
as shown in Fig. 2.8.



Determination of the consistency limits 39

Worked example 2.4  In a liquid limit test on a fine-grained soil, using a cone penetrometer,
the following results were recorded:

Cone penetration (mm) 159 17.7 19.1 203 21.5
Water content (%) 326 429 516 598 662

In a plastic limit test on the same soil the plastic limit was found to be 25 per cent. Determine
the liquid limit and plasticity index of the soil and classify it according to the British Soil
Classification System.

The plot of cone penetration/water content is shown in Fig. 2.14, from which the
liquid limit is found to be 57 per cent.
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Fig. 2.14

Then plasticity index, Ip =w; —wp
=57-25=32

From the plasticity chart (Fig. 2.9), a point having the coordinates (w =57, I,=32)
falls within the zone labelled CH, i.e. the soil is a CLAY of high plasticity.

Worked example 2.5 After a series of laboratory tests, the following data were established
for a fine soil:

w.=45% wp=18%
Clay content=24.2% (particles <2 um)

(@) Describe the soil according to the British Soil Classification System.
(b) Calculate the activity of the soil.
(¢) Determine the liquidity index of the soil when its natural moisture content is 29 per cent.

(a) Using the plasticity charge (Fig. 2.9) the soil is seen to belong to sub-group CL, i.e.
CLAY of low plasticity.
Ip 4518
% clay particles 242
— —18
w—Wwp < 100= 29
Ip 45—18

(b) Activity=

=116

(¢) Liquidity index, I; = =41%
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Worked example 2.6 The results of a linear shrinkage test were:

Length before drying= 140 mm
Length after drying =122.4 mm

Calculate the linear shrinkage and obtain an estimate for the plasticity index.

1224
Linear shrinkage, LS = < 1———}100
140.0
=12.6%

Plasticity index, Ip~2.13xLS
=213x12.6=27%

2.8 Soil quality tests

The majority of soils are made up of mineral grains or rock fragments, mixed
with relatively clean water, or water containing a small proportion of harmless
salts. In some soils, however, the presence of acidic or alkaline compounds and
certain salt compounds will produce deterioration of embedded structural
components, such as steel pipes and concrete foundations or pipes.

The compounds commonly found to be most undesirable are:

Soluble sulphates, such as those of calcium and magnesium, which react with
certain constituents of Portland cement to form sulphoaluminate compounds
which inhibit the hardening process and also causing disruption of the cement
paste binding the aggregate grains together. The concrete therefore disintegrates
and becomes porous, thus allowing further ingress of groundwater and attack;
leading also perhaps to the corrosion of steel reinforcement.

The total sulphate content of the soil is determined by first obtaining a solution
of the salt by boiling the soil in dilute hydrochloric acid. After filtering, a solution
of barium chloride is slowly added to the acid extract; producing a precipitate of
barium sulphate, which is insoluble. The precipitate is filtered off, and its mass
determined, after burning off the filter paper.

The sulphate content is calculated from the ratio of the mass of precipitate to
the mass of the soil sample and expressed as the percentage of SO;.

The sulphate content of groundwater and the water-soluble sulphate content
of soil are determined using an ion-exchange and titration process, the results
being expressed as the sulphate content in g/litre or parts per 100 000. Both tests
are fully detailed in BS 1377.

The soil may be classified according to either the total or water soluble sulphate
content or the sulphate present in groundwater. Such a classification published
by the Building Research Establishment (BRE Digest No. 250) is summarised in
Table 2.6. For each class, recommended precautions are listed, principally advising
on the quantity and type of cement to be used in concrete that is to be placed
in the soil.

Organic acids, which occur naturally in peaty soils, may react with the lime
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Table 2.6 Sulphates in soil and groundwater

Class Sulphate (SO3) content Recommended  Minimum
cement cement content
type (kg/m?®)

Total Water- SO; Maximum
SO, soluble SO; groundwater water/cement
(%) (g/litre) (g/litre) ratio

1 <0.2 <1.0 <0.3 OPC or RHPC
BLENDED [250 ]T
CEMENT 0.70

300
PBFC 0.60
330

2 0.2-05 1.0-19 0.3-1.2 OPC or RHPC 05
BLENDED 310
CEMENT 0.55

290
SRPC 0.55
3 05-1.0 1.9-3.1 1.2-25 BLENDED 380
CEMENT 0.45
330
SRPC 0.50
370

4 1.0-2.0 3.1-5.6 25-50 SRPC 0.45

5 >2.0 >5.6 >5.0 SRPC+ 370
protective 0.45
coating*®

OPC: Ordinary Portland cement BLENDED CEMENT: OPC or RHPC

RHPC: Rapid-hardening Portland cement blended with 70-90% ground
SRPC: Sulphate-resisting Portland cement granulated blast furnace slag or with
PBFC: Portland blast furnace cement 25-40% pulverised fuel ash to

BS 3892

“See CP 102: 1973

1 For plain concrete
After BRE Digest No. 250 (June 1981)

content of Portland cement to form insoluble calcium salts. Very little
deterioration is caused to dense impermeable concrete, of low water/cement ratio.
The percentage organic matter content may be determined using an oxidising
solution such as potassium dichromate, which is then titrated against a
standardised solution of ferrous sulphate. The test is fully detailed in BS 1377.

PH value. In some natural soils, especially those containing sulphides (e.g. iron
pyrites, galena) or sulphate-reducing bacteria, a high acid content may be found;
or a high alkali content in limy soils. The presence of industrial wastes and other
pollutants also may produce acidic or alkaline conditions likely to cause corrosion
of buried iron and steel and, in some cases, deterioration of concrete.
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A measure of acidity/alkalinity is given by determining the pH value:

pH = —log, o(hydrogen ion content)

A solution with an exact balance of H* and OH ~ ions is neutral and has a pH
value of 7.0; an excess of H* occurs in an acid solution so that pH < 7.0; if more
OH ™ ions are present the solution is alkaline so that pH>7.0. Tests for the
determination of pH value are fully detailed in BS 1377.

Ordinary Portland cement is alkaline resistant (pH > 7), but is not recom-
mended when pH < 6; high alumina and supersulphated cement may be used
down to pH4; steel corrodes when pH < 9. In cases where the pH value is found
to be <6.5 or >7.5, a more detailed chemical analysis should be carried out to
ascertain the true nature of the active compounds present in the soil.

Soil and groundwater quality investigations

Where there is the possibility of the soil or groundwater conditions providing
some form of attack on buried steel, concrete or timber structures, a quality
survey should be undertaken. Samples of groundwater and disturbed soil samples
should be collected and sent for chemical analysis. Initially, sulphate content and
pH tests will be required, with more detailed tests following, if required.

It is also necessary to establish patterns of groundwater movement, by means:
of standpipe or piezometer observations; observations in trial pits and natural
watercourses may also be of use. Since the presence of salts and acid solutions
decreases the resistivity of the soil, a resistivity survey can often provide a rapid
and economic means of investigation. Care must be taken to carry out
investigations at different times of the year and under different climatic
conditions; considerable variation in sulphate content, for example, will be noticed
after a prolonged dry spell compared with that after a period of heavy rain.

Exercises

1-3. The following data were recorded during particle size analysis tests in the
laboratory. Plot the grading curve in each case and determine the grading
characteristics. Using this information classify the soil according to the British Soil
Classification System.

Soil 1

Fine-mesh dry sieve analysis weighings:

Sieve size

(mm or um) 1.18 600 425 300 212 150 63
Mass retained (g) 0 19 32 8.1 104 227 126.1

Total sample=2120 g

Soil 2
Stage 1: Total mass=2752 g Coarse-mesh sieving

Sieve size (mm) 375 28 20
Mass retained (g) 0 1046 170.6

Pan contents=2477 g Riffled down to 1382 g
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Stage 2: Medium-mesh sieving

Sieve size (mm) 14 10 6.3
Mass retained (g) 1153 127.6 190.6

Pan contents=949 g Riffled down to 2454 g

Stage 3: Fine-mesh sieving

Sieve size
(mm or um) 5 335 20 1.18 600 425 300 212 150 63
Mass retained (g) 270 445 357 373 322 131 159 127 9.1 159

Pan contents=19 g

Soil 3
Stage 1: Wet and dry sieving on sample of 574.5 g
Medium-mesh fractions:

Sieve size (mm) 14 10 6.3
Mass retained (g) O 46 149

Stage 2: Wet and dry sieving on sub-sample of 168.2 g
Fine-mesh fractions

Sieve size
(mm or um) 50 335 20 118 600 425 300 212 150 63
Mass retained (g) 4.5 145 240 272 14.1 40 33 31 21 76

Mass passing 63 um=63.7 g

Stage 3: Sedimentation analysis on the 63.7 g passing 63 um in Stage 2

Size (um) 40 20 10 6 2
% coarser than 131 169 254 120 208

From the grading characteristics given below sketch the grading curves for the three
soils.

Soil

A B C

djo (mm) 028 0088  0.009

C, 1.50 199 167
C, 0.87 0.80 0.12
Class SP SW GM

The following results were recorded during a cone penetrometer test on a cohesive
soil:

Average penetration (mm) 152 17.3 189 21.1 228
Average water content (%) 334 426 49.2 594 6638

(a) Determine the liquid limit of the soil.
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(b) 1If the plastic limit of the soil was found to be 33 per cent, determine its plasticity
index and classify the soil.

6. Following laboratory tests on four soils, the data given below were determined. For
each soil, give the class according to the British Soil Classification System and
calculate the activity and liquidity index.

Soil

E F ‘G H
Liquid limit (%) 42 59 26 74
Plastic limit (%) 16 37 20 29
Particles <2 um (%) 32.5 4.6 94 288

In-situ water content (%) 24 45 18 64




Chapter 3

Basic physical properties of soils

3.1 The soil model and basic properties

The basic physical properties of a soil are those required to define its physical
state. For the purposes of engineering analysis and design, it is necessary to
quantify the three constituent phases (solid, liquid and gas) and to be able to
express relationships between them in numerical terms. For example, a soil’s
water content is simply the ratio of the mass of water to the mass of solid.
Densities, i.e. the relationships between mass and volume, are also important
measures of a soil’s physical state. In a typical soil, the solid, liquid (water) and
gas (air) are naturally intermixed, so that relative proportions are difficult to
visualise. It is therefore convenient to consider a soil model in which the three
phases, while still present in their correct proportions, are separated into distinct
amounts.

Several possible phase models can be proposed (Fig. 3.1), each taking its name
from that quantity providing a reference amount of unity. For example, the unit
solid volume model is based on 1 volume unit, e.g. 1 m3, of solid material; the
unit solid mass model on 1 mass unit, e.g. 1 kg; the unit total volume model on
1 volume unit of all three phases combined together. For most purposes in soil
mechanics, the unit solid volume model is the most convenient, since the solid
constituents of soil (with the exception of peaty material) may be considered to
be incompressible. The model is therefore constructed, as it were, about 1 unit
(1 m3) of solid material, which may be expected to remain constant. All other
quantities are now referenced to this amount. A given soil is therefore depicted
as a fixed volume of solid material, together with varying amounts of water and
air. The amount of volume in the soil not occupied by solids is termed the voids
volume, the ratio of voids volume to solid volume being e. In a perfectly dry soil
there is no water and the void space is entirely air; in a saturated soil the void
space is full of water.

In Fig. 3.2 the soil model is shown in detail with the various mass and volume
dimensions indicated. From this basic model several important quantities may
now be defined.

45
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Fig. 3.2 Unit solid volume soil model

Void ratio (e)
The volume not occupied by solids is known as voids volume: it may be occupied
by either water or air, or by a mixture of these.

volumeofvoids ¥V, V,+V,

Void ratio, e= — == e [3.1]
volume of solids ¥, V.

s 8

Porosity (n)
Another way of expressing the quantity of voids is to relate the voids volume to
the total volume:

. volume of voids  V,
Porosity, n=—— ———— ="
total volume |4

From Fig. 3.2,

n=—-o [3.2]
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Specific volume (v)
The total volume of the soil model is equal to 1+ e, this quantity is known as
the specific volume of the soil.

Specific volume, v=1+e¢ [3.3]

Degree of saturation (S,)
The quantity of water in the soil may be expressed as a fraction of the voids
volume; this fraction is known as the degree of saturation.

. olume of water V,,
‘Degree of saturation, S,= v—u——.—e =— [3.4]
volume of voids ¥

Percentage saturation = 1008,

For a perfectly dry soil, S,=0

and for a saturated soil, S, =1

Air-voids content (A,)

The air-voids volume of a soil is that part of the voids volume not occupied by water.

Air-voids volume = volume of voids — volume of water

V=V, V.,
=e—S§,e
=e(1-S8,) [3.5]

The air-voids content is the ratio of the air-voids volume to the specific volume
of the soil.

e(1-5)) ‘
V=_—_=n 1_Sl‘ 3.6
1+e ( ) [3.6]
G
or since S,=m——s (see eqn [3.10] below)
e
e—mG
A=——"" 3.7
l1+e [3.7]

Percentage air voids= 1004,

Worked example 3.1 For a soil having a void ratio of 0.750 and percentage saturation
of 85 per cent, determine the porosity and air-voids ratio.

0.750

From eqn [3.2], porosity, n=——=0.
an [3:2], porosity, n=1-"0osy =~ 242
. 85
The degree of saturation, S'=I&=0'85

Then from eqn [3.6], air-voids ratio, A,=0429(1—-0.85)=0.064 or percentage air
voids =6.4%
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Grain specific gravity (G,) and particle density (p,)

The ratio of the mass of a given volume of a material to the mass of the same
volume of water is termed the specific gravity of the material. The mass of the
one unit of solid volume in the soil model (Fig. 3.2) will therefore be:

M,=G,p, [3.8(a)]

where p,, =the density of water, which may be taken as 1.00 Mg/m?>.
Particle density (p,), or grain density, is the mass per unit volume of the solid
particles, or grains, and is equal to

ps=G,py [3.8(b)]
The mass of water in the soil model will be:
M, =S.ep, [3.9]

Water content (w)

The ratio of the mass of water to the mass of solids is termed the water content
of the soil.

mass of water M,

Water content, w=————=——
mass of solids M,

From eqns [3.8] and [3.9]:

S.ep,,
wW=-——
spw
_5e [3.10]
- _
or wG,=S,e [3.11]

Percentage water content =100m

Worked example 3.2  An oven tin containing a sample of moist soil was weighed and had
a mass of 37.82 g; the empty tin had a mass of 16.15 g. After drying, the tin and soil were
weighed again and had a mass of 34.68 g. Determine the void ratio of the soil if the air-voids
content is (a) zero (b) 5 per cent (G,=2.70).

mass of water

Water content, w = ——————
mass of dry soil

_37.82-34.68

=———=0.169
34.68 —16.15

(a) Iftheair-voidscontentiszero, S, =1
Thentfrom eqn [3.11]: e=wG,
=0.169 x 2.70=0.456
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(b) Iftheair-voids content is 5 per cent, 4, =0.05
wG,+ A4,
e=
1—A,

_ 0.169 x 2.70 + 0.05 ~0.533
095

Then rearranging eqn [3.7]:

3.2 Soil densities

The quantities referred to as densities provide a measure of the quantity of material
related to the amount of space it occupies. Several density relationships may be
defined:

. mass of solids
Dry density, pj=—————
total volume
. Gy ps
From Fig. 3.2, py= = 3.12
g P . 110 [3.12]
) totalmass  mass of solids + mass of water
Bulk density, p= =
total volume total volume
. G w Sl’ w < Sl’ w
From Fig 32, p=2t£uT3:€Pu_Put 5.€p [3.13]

l1+e l+e

A useful relationship is obtained from the ratio of these two densities:

G,+S,e
p_ l+e Pw_l S.e
ps G G
1+epw

or since S,e=wG,

p=(1+w)py [3.14]
The saturated density is the bulk density of the soil when saturated, i.e. when S, =1.

G,+e

Then saturated density, p,,, =——
1+e

Pw [3.15]
The submerged density or effective density of a soil is the notional effective mass
per unit (total) volume, when submerged. When a unit (total) volume of soil is
submerged in water it displaces an equal volume of water; the net mass of a unit
volume of soil when submerged is then p,,, —p,. This is referred to as the
submerged density.

Submerged density, p'=pg . — Pw [3.16]

Unit weights
The weight of a unit volume of soil is referred to as its unit weight. The units of



50  Basic physical properties of soils

unit weight will be force per unit volume, whereas the units of density are mass
per unit volume. Unit weights are related to corresponding densities as follows:

Dry unit weight 74 =pPqg kN/m?3 [3.17]
Bulk unit weight y=pg kN/m?3 [3.18]
Saturated unit weight 7., = p..g kN/m3 [3.19]
Unit weight of water 7.=p.g kN/m3 [3.20]
Submerged unit weight 7' =y, —7, kN/m? [3.21]

In egns [3.17] to [3.21] above the value of gravitational acceleration (g) is taken
as 9.81 m/s>.

Worked example 3.3  In a sample of moist clay soil, the void ratio is 0.788 and the degree
of saturation is 0.93. Assuming G,=2.70, determine the dry density, the bulk density and
the water .content.

2.70 x 1.00

Using eqn [3.12], dry density, pg=—————— = 1.51 Mg/m?

140788 ———=—

2.70+0.93 x 0.788
Using eqn [3.13], bulk density, p= "~ <2-7%% 1 00=1.92 Mg/m®

1+0.788

From eqn [3.11], w=SG'e

093 x0.7

270

Worked example 3.4  The bulk density of a sand in a drained condition above the water
table was found to be 2.06 Mg/m> and its water content was 18 per cent. Assume G,=2.70
and calculate: (a) the drained unit weight, and (b) the saturated unit weight and water
content of the same sand below the water table.

(a) Using eqn [3.17]:
drained unit weight y=pg=2.06 x9.81=20.2 kN/m?

G
(b) From eqn [3.14]: e=(1+w) =" _1
p

~ L18x270x1.00

—1=0.547
206
270+0.547
Using eqn [3.15]: pu, = ﬁ_ x 1.00=2.10 Mg/m>

Then the saturated unit weight y,,, = p.u g
=20.6 kN/m?

e
And the saturated water content, w=—

0.547
=—=0.203
2.70
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Worked example 3.5 After a laboratory compression test, a cylindrical specimen of
saturated clay was found to have a mass of 157.28 g and a thickness of 17.4 mm. After then
drying to constant weight, its mass was 128.22 g. If the grain specific gravity is 2.68, calculate:
(a) the end-of-test water content and void ratio, and (b) the void ratio and water content
at the start of the test when the thickness was 18.8 mm, and assuming that the diameter
remains constant and the sample remains saturated.

157.28 —128.22
128.22

=0.2266 (22.7%)

(a) End-of-test water content, w, =

Since the soil is saturated, S,=1
Hence the void ratio, e, =wG,=0.2266 x 2.68 =0.607

(b) If the diameter has remained constant the change in volume (AV) is represented by
the change in thickness (AH), so that:
V_AH  Ae

volumetric strain, —=——=
V. H, l+e,

where V,, H, and e, are the original values of volume, thickness and void ratio
respectively.

AH
Original void ratio, ¢, =e, +?(1 +ey)

(18.8—17.4)

=0.607 + (1+0.607)=0.736

And the original moisture content, w,=0.736/2.68 =0.275 (27.5%)

Worked example 3.6 A specimen of clay was tested in the laboratory and the following
data were collected:

Mass of wet specimen M, =1488¢g
Mass of dry specimen M,=1062¢g
Volume of wet specimen V=86.2 cm?

Specific gravity of particles G,=2.70

Determine: (a) the water content, (b) the bulk and dry densities, (c) the void ratio and

porosity, and (d) the degree of saturation.

M,—M, 1488-1062
1 =M =0.401 (40.1%)

(a) Water content, w=

M, 106.2
total f wet soil
(b) Bulk density, p= otal mass of wet soi
volume
1488 x 1075
=—— =173 Mg/m?®
86.2x 1076 1.73 Mg/m”
fd il
Dry density, pq4 =M
volume
106.2x 10°¢
=2 1232 Mg/m?

T 862x107°%
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G
(c) Void ratio e may be obtained from py= lfw
e
G 2.70 x 1.00
14e=2Pr 20X 5192
P4 1.232
Hence e=1.192
0.401 x 2.70
(d) From S,e=wG,, S,=—— "~ _0,908 (91%)

1.192

Density index (/) — also called relative density

The actual void ratio of a soil lies somewhere between the possible minimum

and maximum values, i.e. e_,;, and e, , depending on the state of compaction.

In the case of sands and gravels, there is a good deal of variation between the

two extremes. A convenient measure of the state of compaction is provided by

a relationship between the void ratio values which is termed the density index.
€max. — €

Jp=—mar "% [3.22]
€max. — €min.

Thus for a soil in its densest state, I =1, and when in its loosest state, I,=0.
A suggested simple classification of the state of compaction is given in Table 3.1.

The void ratio values may be obtained from laboratory tests.

Table 3.1 Relative compaction states

Density index (%) 0-15 15-35 35-65 65-85 85-100
State of compaction Very loose Loose Medium Dense Very dense

3.3 Determination of porosity and void ratio

The best practical method of determining porosity, and/or void ratio, of a
cohesionless soil consists of filling a suitable mould or container (e.g. compaction
mould, gas jar, etc.) with water and then adding the soil to fill the mould. The
volume occupied by the soil particles may then be determined by comparing the
masses contained in the mould of water and soil + water. The soil should either
be oven-dry (when the particles themselves are non-porous), or be in a saturated
surface-dry condition.

The minimum void ratio (e,;,) may be determined by placing a standard
compaction mould (mass = M) under water. The soil is then placed in the mould
in three layers of approximately equal thickness, each of which is thoroughly
compacted using a vibrating hammer. The collar of the mould is then removed,
the surface struck-off level and the mass of mould + soil + water determined (M ,).

If V =volume of mould
M,—M,

Saturated density, Psat. = v
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Also, assuming the soil to be saturated, the bulk density is given by eqn [3.15].
Gs + emin.

So P =
sat.(max.) 1 + emin‘

w

G _
Transposing Cmin. = TsPw ™ Peat.tmar) [3.23(a)]

psal‘(max.) —Pw

_Cmin._ [3.24(2)]

And Rin. =
1 + emin.

The maximum void ratio (e,,, ) may be determined approximately by placing
the mould (or other suitable container) under water and quickly pouring the soil
into it from just above the top. The collar of the mould (if any) is then removed,
the surface struck-off level and the mass of mould + water + soil determined. The
values of e,,,, and n_,, can then be obtained using
G.p. — .
€max. = YsPw ~ Psat.min.) [3.23(b)]
psat.(min.) —Pw
emax.
Py, = ———— [3.24(b)]

max. —
1 + €max.

Worked example 3.7 In order to find the density index of a soil, a compaction mould
was used having a mass of 5.225 kg and a volume of 944 ml. When the soil was dynamically
compacted in the mould, the total mass of soil and mould was 7.289 kg; and when the soil
was poured in loosely, the mass was 6.883 kg. If the in-situ dry density of the soil is
1.54 Mg/m? and G,=2.70, calculate the density index of the soil.

The compacted mass will give the maximum saturated density

7.289 —5.225

W:Zl% Mg/m?

psal.(max.) =

270 x 1.00—2.186
From eqn [3.23a]: emin.=x—=0.433
2.186—1.00

The loose mass will give the minimum saturated density

6.883—5.225 1.756 Mg/m®
=T T T m
psal.(mm‘) 944 x 10_3 g
2.70 x 1.00— 1.756
From eqn [3.23b]: e, Xm0 1.249
1.756 — 1.00
G
From eqn [3.12]: e=ﬂ—1
Pa
2.70—1.
=u_ 1=0.753
1.54
1.249—0.753
Then from eqn [3.22]: [p=——————=0.61 (61 %)

1.249-0.433
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3.4 Determination of specific gravity of soil particles

For fine soils, a density bottle of about 50 ml capacity is used. For
coarse soils, a 500 ml or 1000 ml container is used, which may be either
an ordinary gas jar (Fig. 3.3(a)) or a special glass jar, fitted with a conical screw
top, which is called a pycnometer (Fig. 3.3(b)).

75°-80°
top ground flat
[wae >
1
2 / / 6 mm dia. hole --—
ground brass conical t
g glass disc < onical top
/
4
/ rubber washer
; 5 screw ring
4
/
4
e s

1 litre size V]

gas jar f
M
/] 1 kg size
A glass jar
¢4
/ /
: /

4
/ Y
% |
] YJ
4
%
(a) L27rz (b)

Fig. 3.3 (a) Gas jar (b) Pycnometer

An appropriate quantity of dried soil (depending on the particle size) is placed
in the jar and weighed. The jar is then filled with de-aired water and agitated to
remove any air bubbles. After carefully topping-up with water, the jar is weighed
again. Finally, the jar is emptied and cleaned, and then filled with de-aired water
and weighed again.

Now M, =mass of empty jar
M, =mass of jar+dry soil
M =mass of jar + soil + water
M ,=mass of jar + water only

Then the specific gravity of the soil particles is obtained thus:

mass of soil

*" mass of water displaced by soil

_ M;—M, [3.25(2)]

(My—M,)—(M;—M,)
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An alternative procedure is to weigh the jar empty and then full of water. A
pre-weighed quantity of soil is then poured into the jar and stirred. After carefully
topping-up with water, the jar is weighed again. The quantities are now as follows:

M =mass of empty jar

M =mass of soil

M ;=mass of jar +soil + water

M ,=mass of jar + water only
M

and Gg=—— % 3.25(b
oM T [3.25(b)]

Worked example 3.8 A pycnometer used in a specific gravity test was found to have a
mass of 524 g when empty and 1557 g when full of clean water. An air-dried sample of
cohesionless soil having a mass of 512 g was placed in the jar and stirred to expel any
entrapped air. The pycnometer was then carefully filled with clean water, when it had a total
mass of 1878 g. Determine the specific gravity of the soil.

Equation [3.25(b)] may be used in which:

M,;=524g M,=512g
M,=1878g M,=1557¢g
512

Then G,=— - 268
15571878 4512

3.5 Compaction of soil

The process of compaction brings about an increase in soil density, with a
consequent reduction of air-voids volume, but with no change in the volume of
water. This is usually effected by mechanical means, such as rolling, tamping or
vibrating the soil. In the construction of road bases, runways, earth dams and
embankments, the soil is placed in layers of specified thickness, each layer being
compacted to a specification relating to the type of plant in use. A comparative
list of common types of compaction plant is given in Table 3.2.
There are three main objectives in the compaction of soil, namely:

(a) To reduce the void ratio and thus the permeability of the soil (this also has
the effect of controlling the water absorption and subsequent changes in
water content).

(b) Toincrease the shear strength and therefore the bearing capacity of the soil.

(c) Tomake the soil less susceptible to subsequent volume changes and therefore
the tendency to settlement under load or under the influence of vibration.

The effectiveness of the compaction process is dependent on several factors:

(a) The nature and type of soil (i.e. sand or clay; uniform or well graded; plastic
or non-plastic).
(b) The water content at the time of placing.
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Table 3.2 Suitability of co}npact/on plant

Type of plant

Suitable for

Unsuitable for

Smooth-wheeled roller

Grid roller

Sheepsfoot roller
(tamping roller)

Pneumatic-tyred roller

Vibrating roller

Vibrating plates

Well-graded sand and gravels;
silts and clays of low plasticity

Well-graded sand and gravels;
soft rocks; stony cohesive soils

Sands and gravels with more
than 20% fines; most fine-
grained soils

Most coarse-grained and fine-
grained soils

Sands and gravels with no
fines; wet cohesive soils

Soils with up to 12-15% fines;

Uniform sands; silty sands; soft
clays

Uniform sand; silty sands;
silty clays

Very coarse-grained soils;
gravels without fines

Very soft clay; soils of highly
variable consistency

Silts and clays; soils with 5%
or more fines; dry soils

Large-volume work

confined areas

Trench backfill, work in small
areas or where access is
restricted

Power rammer Large-volume work

(c) The maximum possible state of compaction attainable for the soil.
(d) The maximum amount of compaction attainable under field conditions.
(e) The type of compaction plant being used.

Maximum dry density/water content relationship

The state of compaction of a soil is conveniently measured using the dry density,
the attainable values of which are related to the water content. As water is
added to a dry soil films of adsorbed water form around the particles. As the
adsorbed water films increase in thickness the particles become lubricated and
are able to pack more closely together, thus the density increases. At a certain
point, however, the porewater pressure in adsorbed films tends to push the
particles apart and so with further increases in water content the density
decreases. The maximum dry density therefore occurs at an optimum water
content w,, as shown in Fig. 3.4.

In order to assess the compaction potential of a soil one of three standard
laboratory tests is used, as detailed in BS 1377 and summarised in Table 3.3.
The method of test consists essentially of placing the soil in the appropriate
mould in either three or five equal layers, each of which is subject to a specified
amount of compactive effort. After compacting the final layer, the bulk density
of the soil contained in the mould is determined and a sample of soil taken to
find its water content. The soil is then removed from the mould, remixed with
an additional amount of water and the test procedure repeated. A total of at
least five tests should be carried out for a given soil. Initially, the soil is air-dried
and particles larger than 20 mm removed.

From the values of bulk density and water content obtained, the dry density
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Table 3.3 BS compaction tests
Popular name of test
Proctor test Modified Vibrating
AASHO test hammer test

BS designation

2.5 kg method

4.5 kg method

Soil: quantity 5 kg 5 kg
size 20 mm 20 mm
Mould: volume 1000 cm? 1000 cm3
internal diam. 105 mm 105 mm
height 115.5 mm 115.5 mm
Rammer: mass 2.5 kg 4.5 kg
face diam. 50 mm 50 mm
drop 300 mm 450 mm
No. of layers 3 5
No. of blows per layer 27 27

Vibrating
hammer method

25 kg
37.5 mm

2305 cm?®
152 mm
127 mm

Vibrating
hammer
145 mm diam.

3

Vibrated
for60 s

57
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is calculated (see eqn [3.14]):

pa=p/(1+m)

and a graph of dry density/water content plotted (Fig. 3.4). From the curve,
the maximum dry density for that amount of compactive effort is determined.
Also reported is the water content value corresponding to the maximum dry
density, termed the optimum water content.

The maximum possible dry density at a given water content is known as
the saturation dry density, in which state the soil will have zero air voids, i.e.
A,=0. For values of 4,>0, the maximum attainable dry density is given by the
following expression:

Gip
1 +wG,

pa= (1—4,) [3.26]

which is obtained by considering the model soil sample shown in Fig. 3.5 in which:
Total volume, V=V,+V, +V,
Substituting and transposing:

V(1-A)=V(1+wG)

.. V., 1—-A4
Giving == M
V 1+wG,
VGypw
NOW Pa= —V—
G
Then py=—2P (1_4) QE.D.
1+wG,

In order to obtain an estimate of the air-voids content in the soil, a set of curves
representing 0, 5 per cent and 10 per cent air voids is added to the dry
density/water content graph (Fig. 3.4). An increase in compactive effort
produces a higher maximum dry density at a lower optimum water content,
with the air-voids ratio remaining almost the same (Fig. 3.6).

Masses Volumes
. _
Aiic Wv_ = AV 1
v, =
VaPu wG,V,
¥y v
V.G, Vi
X X

Fig. 3.5
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Fig. 3.6 Effect of different compactive effort on p4/w curve

Worked example 3.9 In a BS compaction test the following data were collected:

Water content (%) 5 8 10 13 16 19
Bulk density (Mg/m?) 1.87 204 213 220 216 209

G, =270

(@) Draw the graph of dry density against water content and from it determine the
maximum dry density and optimum water content.

(b) On the same axes, draw the p,/w curves for zero and 5 per cent air voids, and hence
determine the air-voids content at the maximum dry density.

(a) From eqn [3.14]): py=p/(1+m)

Water content (%) 5 8 10 13 16 19
Dry density (Mg/m?) 178 189 194 195 186 176

Plotting these figures, the curve shown in Fig. 3.7 is obtained.
From the curve: maximum dry density 1.96 Mg/m?
optimum water content 11.9% -

(b) Usingeqn [3.26], the dry densities corresponding to 0 and 5 per cent air voids will be:

Water content (%)

10 12 14 16 18 20

pawhen: A,=0 213 204 196 189 182 175
A,=5% 202 194 186 179 173 1.67
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By plotting the two curves (Fig. 3.7) and interpolating at the pgmax., value:
At Pymax) A, =40%

Or by calculation using eqn [3.26]:

1.96
A,=1 ——9—(1 +2.70 x 0.119) =0.0408 (4.1 %)
x 1.00

v

The value of A4, at the maximum dry density is sometimes referred to as the optimum
air-voids ratio or optimum air content.

Worked example 3.10  Under field conditions variations in the applied compactive effort
may cause the air-voids content to vary by + 1.5 per cent. Also, the field water content
may vary above and below the optimum value by 2 per cent. Indicate, therefore, the range
of dry densities that may be found after compaction in the field.

The hatched areas superimposed on the curve in Fig. 3.8 indicate the estimated
limits for the dry density values based on A4 (pgmax)= 1£1.5% and w=w,,, +2%

At w=w,,—2% p,=201 to 2.08 Mg/m*
Atw=w,,+2% py=185to 1.91 Mg/m?

The minimum control level required to ensure adequate compaction within these
limits may be taken from the shaded area: 1.91 Mg/m>.
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3.6 Field density measurements

The dry density achieved in the field after compaction must be compared with
the maximum value obtained in the laboratory. The required quality standard
may be specified in terms of the relative compaction percentage.

achieved p,
— X

Relative compaction = 100 [3.27]

max. py

A summary of specifications for compaction is given in Section 3.7.

In order to measure the achieved field dry density, frequent measurements of
bulk density and water content of the placed material are necessary. Samples
should be taken along the centre and edges of the compacted area at intervals
of 20-50 m, or to give an approximate frequency of one measurement per 1000 m?.
For layers over 250 mm in thickness, measurements should be taken in the
bottom 150 mm. A number of methods are in common use, full details of which
are given in BS 1377.

The core cutter method

This method is suitable for cohesive soils free of stones and consists of driving
a steel cylinder, with a hardened cutting edge, into the ground using a specially
designed steel rammer and protective dolly (Fig. 3.8). The cutter is then dug out
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and the soil trimmed off flush at each end. Since the volume of the cutter is
known and the contained mass of soil can be found by weighing, the bulk density
may easily be determined. At the same time, small samples of soil are taken from
either end from which the water content is determined.

The sand replacement method

This method is suitable for granular soils and involves the use of a sand-pouring
cylinder as shown in Fig. 3.9. Firstly, a small hole is dug about 100 mm in
diameter and not more than 150 mm in depth and the soil removed carefully
weighed. The volume of the hole is then determined by pouring sand into it from

|

approx. volume:
A 0.015-0.020 m®
l O
|
\\,4,\\\
F\§ /
E
E
o |
©
25 mm dia. hole shutter
XY
I
I 215mm [
et 350mm ﬁ_{

Fig. 3.9 Large sand-pouring cylinder

the pouring cylinder. The sand-pouring cylinder is weighed before and after this
operation, and the mass of sand filling the hole determined. Since the density of
the sand is known, the volume of the hole can be determined, and hence the bulk
density of the in-situ soil. Two sizes of sand-pouring cylinder are recommended:
a small version suitable for fine and medium soils and a large version
for fine, medium and coarse soils.
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Worked example 3.11 A sand replacement test was carried out to determine the in-situ
bulk density of a soil. From the following recorded data, determine the value of density required.

Mass of soil removed from hole =2764 g
Initial total mass of sand-pouring cylinder=5724 g
Final total mass of sand-pouring cylinder =3172 g
Volume of cone in sand-pouring cylinder =248 cm’

Density of pouring sand = 1560 kg/m’
Mass of sand run out of cylinder =(5724—3172)10"3=2.552 kg
Mass of sand in cone of cylinder =248 x 107% x 1560 =0.387 kg
Mass of sand required to fill the hole =2.552—0.387=2.165 kg
2.165
Volume of the hole =——=1388x10"%m?3
1560
2764 x 10°¢

Bulk density of in-situ soil == =199 Mg/m?
y 1.388x 1073 199 Mg/m_

The immersion in water method

This method is suitable for cohesive or stabilised soils and where an irregular-
shaped intact lump of soil has been obtained. The lump sample is weighed (M)
and after coating with paraffin wax is weighed again (M ). The coated sample
is then suspended in water from a balance arm and the submerged mass recorded

(M)
Mass of paraffin wax, M, =M, — M,

If the density of the paraffin wax is p, and the density of water is p,,

M, —
Volume of specimen, V;z_‘”_ME_%
™ Po

and bulk density, p= 75

s

The water displacement method

This method is similar to the water-immersion method, except that the volume
of the waxed sample is found by lowering it into a container of water with a
siphon outlet and measuring the volume of water displaced.

Worked example 3.12  An irregular sample of a firm clay was cut from a trial hole and
sent to a laboratory for testing. In order to determine its bulk density the sample was coated
with paraffin wax and its volume found by displacement. T he following data were collected:

Mass of soil as received =9242 g
Mass of soil after coating with paraffin wax=946.6 g
Volume of water displaced =513.1ml
Specific gravity of wax =09

Determine the bulk density of the soil.
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Mass of paraffin wax used =946.6—9242=224¢
Volume of paraffin wax used =22.4/0.9 =24.9 ml
Volume of soil =513.1-249=488.2 ml
Bulk density of soil p =mass/volume

924.2 x 10

4882 x 108

=1.89 Mg/m®

Nuclear methods

Both the bulk density and the moisture content of in-situ soil can be measured
using controlled gamma radiation techniques. The apparatus generally consists
of a small shielded radiation source and a detector. Several methods have been
devised using surface back-scatter, single and double probes and in-hole devices
(Fig. 3.10). The intensity of transmitted or back-scattered radiation varies with
density and moisture content. Calibration charts are used which relate detected
radiation intensity to values recorded from soils of known intensity (ASSHTO
(1986), ASTM (1986)).

3.7 Specification and quality control of compaction
The amount of compaction achieved on site will depend upon:

(a) The amount of compactive effort, i.e. the type and mass of plant used, the
number of passes and the layer thickness per pass.

gamma source
detector lead shielding

SN A

\\ _ 4
Pl N
(a) surface back-scatter ({b) single probe
[
1 @
M
~_
»~ g -~
1> - (1
~@.~
- i~
- 'S
(c) double probe {d) in-hole device

Fig. 3.70 Nuclear methods to determine /n-situ density and water content
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Fig. 3.11 Effect of soil type on compaction

(b) The field water content, which may need to be modified in dry conditions
or where the shear strength must be reduced for effective compaction (e.g.
in clay dam cores and cut-offs).

(c}) The type of soil: clays of high plasticity may have water contents over
30 per cent and achieve similar strengths to those of lower plasticity with
water content below 20 per cent. Well-graded coarse granular soils can
be compacted to higher densities than uniform or silty soils (Fig. 3.11).

Specifications for the quality of compaction fall into two distinct groups (Parsons
(1987)).

(a) End-result specifications

In end-result specifications a measurable property of the compacted soil is used,
such as the dry density or air-voids content. Relative compaction may be expressed
as the ratio between the achieved field density and an arbitrary laboratory-
obtained maximum value (see Section 3.6). Alternatively, the density index may
be used calculated from either the saturated densities (eqn [3.22]) or the dry
densities:

Density index, ID=pdmax.(pdinsilu—'pdmin.) % 100 [328]
pdinsitu(pdmax. - pdmin.)

It is usually necessary to specify a range of working water contents, together

with the relative compaction or density index, especially in dry soil conditions

(Fig. 3.12). For wetter soils, a specification using the air-voids content (eqns [3.6,
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3.7 and 3.26]) may be more appropriate. Typical specified values are a maximum
of 10 per cent for bulk earthworks and S per cent for more important works.

(b) Method specifications

In a method specification a procedure is laid down, giving a specific type of plant,
its mass, the frequency of vibration (if applicable), the thickness of each layer
and the number of passes to be made on each layer. This type of specification
is particularly suitable for soils wetter than the optimum moisture content, or
where conditions vary from day to day, or from one part of a site to another:
such conditions are frequently encountered in Great Britain. One widely adopted
method specification scheme is published by the Department of Transport and
may be obtained from HMSO (Anon (1986)).

3.8 Moisture condition value (MCV)

A disadvantage of compaction tests is the delay involved due to having to
determine water contents, although the use of microwave ovens has mitigated
this somewhat. A procedure has been developed at the Scottish branch of the
Road Research Laboratory to assess the suitability of fill for earthworks without
the necessity of measuring water contents (Matheson (1983, 1988)).

In the moisture condition test the minimum compactive effort required to
produce near-full compaction of a soil is determined. The soil is compacted in
a cylindrical mould of internal diameter 100 mm set on a permeable base plate.
The rammer used has a flat lower face of diameter 97 mm and a mass of 7.5 kg,
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Fig. 3.13 Moisture condition test

and is controlled to fall from a pre-set height. A 1.5 kg sample of soil passing a
20 mm mesh sieve is pressed into the mould and a lightweight separating disc
(99 mm diameter) placed on the surface to prevent soil extruding between the
mould and the rammer. The rammer is first lowered gently on to the separating
disc and the soil allowed to compact under this weight. The release height is
then set to 250 mm and one blow applied by releasing the automatic catch; the
amount of penetration resulting from this blow is measured to 0.1 mm. Further
blows are then applied, the drop height of the rammer being reset each time to
250 mm, and the penetrations recorded.

The change in penetration (Ap) is calculated between that recorded for a given
number of blows (n) and that for four times as many blows (4n), and a-graph
plotted of Ap against logn (Fig. 3.13). The steepest possible straight line is then
drawn through the points immediately preceding a change in penetration of 5
mm. The moisture condition value (MCYV) is defined as

MCV =10log B

where B=number of blows corresponding to Ap=5.0 mm.

If a chart similar to that in Fig. 3.13 is used, the MCV can be read off the plot
directly using the scale along the bottom. The test is fully detailed in BS 1377.
Two other procedures are also described: one to determine the MCV/water-
content relationship and the other to assess whether or not a soil is stronger
than pre-calibrated standard (MCYV).
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Worked example 3.13  The following data were recorded in a moisture condition test. Plot
the change in penetration between n and 4n blows against log n and so determine the moisture
condition value.

No. of blows (n) I 2 3 4 6 8 12 16 24
Penetration (imm) 155 252 321 374 442 491 566 60.6 64.0

No. of blows (n) 32 48 64 96 128

Penetration (mm) 657 678 683 688 68.9

The changes in penetration Ap between n and 4# blows are:

No. of blows (n) 1 2 3 4 6 8 12 16
Ap (n to 4n blows (mm)) 219 239 245 232 198 167 112 7.7
No\. of blows (n) 24 32

Ap [n to 4n blows (mm)) 4.8 32

Flg 3.13 shows the plot Ap against logn; the straight-line portion has been extended to
intersect with Ap=5.0 mm line, from which the MCYV can be read off MCV=13.8

Exercises

1. In a laboratory test a mass of moist soil was compacted into a mould having a
volume of 964 cm3. Upon weighing, the mass of soil was found to be 1956 g. The
water content was found to be 13 per cent and the grain specific gravity was 2.70.

Calculate: (a) the bulk and dry density, (b) the void ratio and porosity, (c) the
degree of saturation, and (d) the air-voids content of the soil.

2. Using the model soil sample, show that:

wG+ A4,
e=
1-A4,

Gspw 4
p'—Srpw

— w1

p

3. In a sample of moist soil the porosity is 42 per cent, the specific gravity of the
particles 2.69 and the degree of saturation 84 per cent. Determine: (a) void ratio,
(b) bulk and dry densities, (c) water content, and (d) saturation bulk density
(assuming no swelling takes place).

4. A core-cutter cylinder of internal diameter 100 mm and length 125 mm was used
to obtain a sample of damp sand from a trial hole. After trimming the ends, the
total mass of the cylinder and soil was 3508 g; the mass of the empty cylinder was
1525 g. After oven-drying, the soil on its own weighed 1633 g. If the specific gravity
was also found to be 2.71, determine the bulk and dry densities, the water content,
the void ratio and the air-voids content of the sample.

5. A dry quartz sand has a density of 1.61 Mg/m? and a grain specific gravity of 2.68.
Calculate its bulk density and water content when saturated at the same volume.
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A saturated cylindrical specimen of a clay soil has a diameter of 75.0 mm and a
thickness of 18.75 mm and weighs 155.1 g. If the water content is found to be
34.4 per cent, determine the bulk density and void ratio of the specimen. If the
original thickness of the specimen was 19.84 mm, what was the initial void ratio?

A sandy soil has a saturated density of 2.08 Mg/m?>. When it is allowed to drain
the density is reduced to 1.84 Mg/m? and the volume remains constant. If the grain
specific gravity is 2.70, determine the quantity of water in litres/m? that will drain
from a layer of the sand 2.2 m thick.

A cohesive soil specimen has a void ratio of 0.812 and a water content of
22.0 per cent. The grain specific gravity is 2.70. Determine: (a) its bulk density and
degree of saturation, and (b) the new bulk density and void ratio if the specimen is
compressed undrained until it is just saturated.

A sandy soil has a porosity of 38 per cent and the grain specific gravity is 2.69.
Determine: (a) the void ratio, (b) the dry unit weight, (c) the saturated unit weight,
and (d) the bulk unit weight at a water content of 17 per cent.

A laboratory specimen is to be prepared by ramming soil (G, =2.68) into a cylindrical
mould of diameter 104 mm. The finished specimen is to have a water content of
16 per cent and an air-voids content of 5 per cent. Determine: (a) its void ratio and
dry unit weight, and (b) the quantities of dry soil and water required to be mixed
together in order to form a specimen 125 mm long.

The following data were recorded during a sand replacement test:

Mass of soil removed from hole =1914 kg
Mass of soil after oven-drying =1.664 kg
Initial total mass of sand-pouring cylinder =3.426 kg
Mass of sand-pouring cylinder after running sand into hole =1.594 kg
Density of pouring sand =1.62 Mg/m3
Mass of sand in cone in sand-pouring cylinder =0.248 kg

Determine the bulk and dry unit weights of the soil in-situ.
The following data were recorded during a BS compaction test:

Volume of mould=0.945 x 103 m3, G,=2.70

Mass of wet soil in mould (kg) 1791 1937 2.038 2050 2022 1985
Water content (%) 84 10.6 129 14.4 16.6 18.6

(a) Plot the curve of dry density against water content and from it obtain the
maximum dry density and optimum water content for the compacted soil.

(b) On the same axes, plot the dry density/water content curves for zero and
5 per cent air voids and so obtain the air-voids content of the soil at the optimum
water content.

The results below were obtained in a BS compaction test:

Bulk density (Mg/m?3) 1.866 2019 2.112 2.136 2.105 2.065
Water content (%) 94 11.5 13.5 15.1 17.1 19.9
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(a)
(b)
(©

Plot the curve of dry density against water content and from it obtain the
maximum dry density and optimum water content for the compacted soil.
Calculate the air-voids ratio, void ratio and degree of saturation of the soil at
the optimum water content.

Under field compaction conditions, the air-voids content and optimum water
content may both vary up to +2 per cent. Calculate, therefore, the lower field
limit of the maximum dry density.



Chapter 4

Water in soil: occurrence and effects

4.1 Occurrence of groundwater

Less than 1 per cent of the earth’s water occurs as liquid fresh water associated
with land masses, the rest is either saline water in the oceans and seas, or water
vapour in the atmosphere. This land-based water is derived from rainfall and
subsequently flows under the influence of gravity. On the surface, streams, rivers
and lakes are formed; but a very large proportion percolates into the crustal
rocks and soils. The depth of penetration of percolating water depends on the
porous nature of the rocks; it is suggested by geologists that little or no sub-surface
water exists below a depth of 8 km.

From an engineering mechanic’s point of view, groundwater in soil may be
one of two types, occurring in two distinct zones separated by the water table or
phreatic surface (Fig. 4.1).

(a) Phreatic or gravitational water, which:
(1) is subject to gravitational forces;
(ii) saturates the pore spaces in the soil below the water table;
(iii) has an internal pore pressure greater than atmospheric pressure;
(iv) tends to flow laterally.
(b) Vadose water, which may be:
(i) transient percolating water, moving downwards to join the phreatic
water below the water table;
(i) capillary water held above the water table by surface tension forces
(with internal pore pressure less than atmospheric).

4.2 Water table or phreatic surface

Since soils are made up of masses of discrete particles, the pore spaces are all
interconnected, so that water may pass from zones of high pressure to zones of
low pressure. The level at which the porewater pressure is equal to that of the
atmosphere is termed the water rable or phreatic surface (Fig. 4.1). In the case of
unconfined bodies of groundwater, the water table corresponds to the free water
surface; such as may be found at a river or lake or in an excavation (Fig. 4.2).

71
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Where groundwater lies above isolated bodies of soils, such as clay, which have
very low permeability, a perched water table may occur (Fig. 4.2).

Where a stratum of reasonably high permeability, termed an aquifer, is confined
above and below by strata of low permeability, the water table will not exist as
such. However, the water level in standpipes or wells sunk into the aquifer will
indicate the piezometric surface level. Artesian conditions are said to exist when the
piezometric surface lies above ground level; sub-artesian conditions exist when it
is between ground level and the aquifer (Fig. 4.3). The porewater pressure in a
confined aquifer is governed by the conditions at the place where the layer is
unconfined; if the water table here rises (e.g. due to rainfall), then the artesian
porewater pressure is likely to rise also.

4.3 Capillary water

Capillary water is held above the water table by surface tension which is the
attractive force exerted at the interface or surface between materials in different
physical states, i.e. liquid/gas, solid/liquid. For example, a water/air surface
exhibits an apparently elastic molecular skin due to the sub-surface water
molecules (which are more dense than air) exerting a greater attraction than the
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air molecules. Similarly, water is attracted towards a solid interface because of
the greater density and therefore attraction of the solid.

Consider a glass tube of small diameter (d) standing with its lower end in
water (Fig. 4.4).

At the triple interface, the water surface is pulled up into a meniscus, with the
surface tension resultant force (7) acting around its perimeter at angle o to the
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wall of the tube. The water is drawn upwards by this force until, at a height h,
the weight of water in the column is in equilibrium with the magnitude of the
surface tension force.

Then if atmospheric pressure =0, equating vertical forces at the surface:

2
0
T cos and= —u,,

4T
Giving capillary pore pressure, u,= ~%)2 [4.11
or putting u,=7,h, (y,=unit weight of water)
4T
Capillary rise, h,= __? [4.2)
Yw

As an approximation for soils put

T =0.000074 kN/m 7,=9.81 kN/m? a=0
and d~ed,, (where d,,=c¢ffective size (Section 2.4))
4 x 0.000074 x 10° 30

ed; % 9.81 _edlo

Giving h ~

This estimate may be improved to allow for the effect of grading and grain shape
characteristics, such as irregularity and flakiness (Terzaghi and Peck (1948)).

C
ed,o

h. =

c

[4.3]

where C=a value between 10 and 40 mm?

While the value of h, represents the maximum capillary rise, the soil will only be
saturated with capillary moisture up to the capillary saturation level (h.). The
approximate relationship between both capillary rise and capillary saturation

Clay
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Fig. 4.5 Approximate relationship between capillary rise and soil type
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level and soil type is shown in Fig. 4.5. The overall regime of groundwater may
therefore be divided into four zones as shown in Fig. 4.6.

4.4 Soil suction

The negative capillary pore pressure (1 ) corresponding to the maximum capillary
rise (k) is a measure of the suction exerted on the porewater by the soil. It is
apparent from Fig. 4.5 that the range of suction values is very large. It is therefore
convenient to use a logarithmic scale and to define the quantity soil suction index
or pF index:

pF=log,, x (negative capillary suction head in cm)
=log, h, [4.4]

It has been found experimentally that the pF index has a range between 0 and 7,
with the higher values relating to oven-dry soils. In sands, the capillary suction
head rarely exceeds 50 cm (pF = 1.7). It is also apparent that there is a continuous
inverse relationship between suction and water content, together with a slight
variation depending on whether soil is wetting or drying. A typical curve showing
the pF/water content relationship is given in Fig. 4.7.

In the case of an undisturbed soil mass in equilibrium, i.e. not subject to any
increase n external stress, the pore pressure will balance the suction:

u +8,=0
or. S,==—l,

where S, =suction pressure =7j,f_

However, the external stress will reduce the water content and vary the suction,
so that for a saturated soil:

S,=—u toumo, [4.5]

5
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where o,=vertical component of stress at depth z
o, =a fractional coefficient depending on the compressibility of the soil

For incompressible rigid materials, such as rocks and compact sands, o, =0;
whereas for a saturated clay, which is highly compressible, a, = 1; for other soils,
o, will vary between 0 and 1. An approximation for the value of «, may be
obtained from the plasticity index of soil: a,~0.025 I, (for I up to 40%).

The potential drying effect of a body of air in contact with soil can be
impressively high. Drying of the soil takes place when the suction from the
surrounding air is greater than that generated within the soil itself. The suction
potential of a mass of air is given approximately by

u,= — 150000(1 — Ry) kN/m? [4.6]
Where Ry =relative humidity
The equivalent suction index is therefore

PF iry~10g[150 000 x 10%(1 — Ry)/9.81]
=6.2+log(1 —Ry) [4.7]

The loss of water from exposed ground in hot dry weather leads to desiccation
and shrinkage problems, similar problems arise when laboratory samples are left
unprotected. Table 4.1 gives some approximate indicative values. Vegetation or
inactive surface layers may reduce this effect; nevertheless, the suction potential
of clay remains very high. Williams and Pidgeon (1983), investigating soils of the
South African high veldt, found pF values of 4.8 and 3.8 at depths of 6 m and
15 m respectively. Driscoll (1983) has suggested that the onset of desiccation (and
therefore shrinking) can be estimated from the ratio of the soil water content
to its liquid limit:

Start of desiccation: pF=2, w=0.5w,
Significant shrinkage: pF =3, w=0.4w_
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Table 4.1 Indicative soil/air suction potentials

Air conditions Relative  Potential Potential
humidity  suction head suction index
(%) (m) (pF)

0 15000 6.2

Hot drying oven 15 12750 6.1

Hot dry day (7=40°) 30 10500 6.0

Average laboratory 70 4500 5.7

Cool damp room 90 1500 5.2

Very wet (internal/external) 99 160 4.2
99.999 0.15 1.2

4.5 Pore pressure and effective stress

When an external stress is applied to a soil mass that is saturated with porewater,
the immediate effect is an increase in the pore pressure. This produces a tendency
for the porewater to flow away through adjoining voids, with the result that the
pore pressure decreases and the applied stress is transferred to the granular fabric
of the soil. At a given time after application, therefore, the applied total stress
will be balanced by two internal stress components.

Pore pressure (u). This is the pressure induced in the fluid (either water, or
vapour and water) filling the pores. Pore fluid is able to transmit normal stress,
but not shear stress, and is therefore ineffective in providing shear resistance. For
this reason, the pore pressure is sometimes referred to as neutral pressure.

Effective stress (¢’). This is the stress transmitted through the soil fabric via
intergranular contacts. It is this stress component that is effective in controlling
both volume change deformation and the shear strength of the soil since both
normal stress and shear stress is transmitted across grain-to-grain contacts.
Terzaghi (1943) showed that, for a saturated soil, effective stress may be defined
quantitatively as the difference between the total stress and the pore pressure:

o=0—u [4.8]

It should be noted, however, that the effective stress is not the actual grain-to-grain
contact stress, but the average intergranular stress on a plane area within the soil
mass. However, it has been confirmed experimentally that where the grains
themselves are relatively incompressible and area of contact between grains is
small, the expression provides a high degree of reliability. In the case of soil, only
significant levels of error will be incurred; although in the case of rocks, which
have a rigid structure, some modification is required.

The hydrostatic pore pressure under natural field conditions of no flow is
represented by the water table or phreatic surface level. If the water table lies
at depth d,, below the surface, then at depth z, the hydrostatic pore pressure is
given by u,=9.81(z—d,). When z>d,, u, will have a positive value; but when
z<d, and there is capillary-held water above the water table, u, will have a
negative value (ie. suction, Section 4.4).
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In many problems, it is necessary to calculate the static effective overburden
stress at a given depth; from eqn [4.8]:

[
6,=0,—U,

For examples of effective overburden stress calculations and effective stress/total
stress profiles, see worked examples 4.2 to 4.6 at the end of this chapter.

4.6 Pore pressure in partially-saturated soils

In the case of partially-saturated soils, the pore fluid will consist of water liquid,
which is virtually incompressible, and air/water vapour, which is highly
compressible. There are two components of pore pressure: the porewater
pressure (u,) and the pore-air pressure (4,). Due to surface tension the presence
of air reduces pore pressure; Bishop (1955) suggested the following relationship:

Uu=1u, —X(ua_uw)

where y is a parameter dependent mainly on the degree of saturation and, to a
lesser extent, on the soil fabric structure.

It is possible to determine y experimentally and it seems to vary almost linearly
from O for S,=0 (dry soil) to 1 for S,=1 (saturated soil). However, for seils
wetter than their optimum water content, S, tends to be 0.9 or more, so that
x will be very near to 1. In such cases, the small amount of air present will be in
the form of occluded bubbles, which affect the compressibility of the pore fluid
without significantly lowering the pore pressure. Thus, eqn [4.8] will not produce
unacceptable errors when w>w, .

If compression or shear strength tests are carried out on soils which are drier
than the optimum water content, the effect of the compressible pore fluid will
distort results. It is not practicable to attempt accurate mesasurements of y in
routine tests and other factors can also be significant, such as the soil fabric
structure and whether the soil is wetting or drying. As a general rule, it is safer
to conduct compression and shear strength tests only on naturally saturated soils
or soils that have been brought to saturation prior to testing,

4.7 Pore pressure coefficients

Pore pressure coefficients are used to express the increase in pore pressure in
relation to the increase in total stress. In order to establish this relationship for
the majority of soil problems it is convenient to consider the total stress regime
as being made up of two components:

(a) An isotropic or all-round stress; and
(b} A uniaxial deviatoric stress.

- Consider an element of soil, of volume V and porosity n, which, from equilibrium
and under undrained conditions, is subject to an increase in total stress such that
Ao, =Ac; and Ag, >Ac, (Fig. 4.8(a)). It will be assumed that there will be a
corresponding increase in pore pressure of Au, and that this is made up of two
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additive components: Au, caused by the isotropic increase Ag, (Fig. 4.8(b)) and
Au, caused by the uniaxial increase (Ao, —Adq;) (Fig. 4.8(c)).

Isotropic increase in stress

Since the increase in stress is uniform, Ao, =Ac¢,=Ac;, the corresponding
increase in pore pressure =Au, and the increase in isotropic effective stress=
Acy=Ac;—Au,,.

Nowlet C,=compressibility of the soil skeleton
C,=compressibility of the pore fluid

Then decrease in volume of soil skeleton  AV,=C,V(Aag; —Auy)

and decrease in volume of pore space AV, =C,nV Ay,

If the soil grains are assumed to be incompressible and as no drainage takes
place, then AV, =AV,

C,V(Aoy—Auy)=C,nVAu,

1
Giving Aug=———A0,
1+nC,/C,
Putting ——— =8B ore pressure coefficient B
g T+nC./C, (pore pr e coeffi )
Aug=BAo, [4.9]

In rocks, the stiffness of the fabric structure is significant, whereas the fabric of
soils is more compressible and the value of B is more dependent on the degree
of saturation as shown in Fig. 4.9. Table 4.2 shows typical values calculated for
saturated rocks and soils. For practical purposes, therefore, B=1 for saturated
soils.

The value of B may be obtained experimentally using the triaxial test apparatus,
by varying the cell pressure under undrained conditions and noting the
corresponding changes in pore pressure (see Section 7.17).
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Table 4.2 Calculated values of pore pressure
coefficient B

Rock/soil C, n B
(MPIkN < 107%) (%)

Bath stone 0.06 15 0.468

Chalk 0.25 30 0.647

Dense sand 15 40 0.9880

Stiff clay 80 42 0.9976

Soft clay 400 55 0.9994

Increase in uniaxial stress
The uniaxial increase in stress is the stress difference or deviatoric component
(Ac, —Ag,) producing a corresponding increase in pore pressure of Au,.

The increases in effective stress are therefore:
Acy=(Ac, — Agy)—Au,
Ac'\=Ac’y= —Au,
For a perfectly elastic material, the decrease in volume of the soil skeleton would
be:
AV,=3C,V[Ad' +Ad’, +Ad’y]

= %Cs V[(Ao,—Adg;3)—3Au,]

and the decrease in volume of pore space:
AV, =C.nVAu,

As before, AV,=AV,
1C,V[(Ao,—Ady)—3Au,]=C,nV Au,
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1 1

31+nC,/C,
=3B(Ac, —Aay)

Giving Au,= (Ao, —Adc3)

However, since soils are not perfectly elastic, the volumetric strain constant of 4
must be replaced by a variable coefficient A, so that, in general:

Au, = AB(Ac, —Ao) [4.10a]
=A(Ac, —Aos) [4.10b]

where A= AB. The pore pressure coefficient A varies with the level of applied
stress and with both the rate of strain and whether the stress is increasing or
decreasing. In addition, both the drainage conditions and stress history (i.e.
whether the soil is normally consolidated or overconsolidated) will influence the
value of A. It is therefore necessary to relate a particular measured value of A
to a particular stress—strain parameter, such as the maximum deviatoric stress,
or the overconsolidation ratio. Data collected during a triaxial compression test
may be used to establish values of A (see Section 7.17).

The value of A at the time of shear failure (4) is often quoted as a guide
value. A summary of some of the ranges obtained for A; is given in Table 4.3.

Table 4.3 Values of pore pressure coefficient A,

Soil type A,
(A at failure)

Highly sensitive clay 1.2-25
Normally consolidated clay 0.7-1.3
Lightly overconsolidated clay 0.3-0.7
Heavily overconsolidated clay -~-0.5-0
Very loose fine sand 2.0-3.0
Medium fine sand 0-1.0
Dense fine sand -0.3-0

General pore pressure expression

A general expression for the increase in pore pressure corresponding to a combined
increase in isotropic and uniaxial stress is obtained by simply adding eqns [4.9]
and [4.10a]:

Au=Auy+Au,
=BAo;+ AB(Ag, —Ac,)
=B[Ac;+ A(Ac, —Ad;)] [4.11]

4.8 Frost action

In cold conditions, when the surface temperature falls below 0°C, water in the
soil will freeze causing an increase in volume which is termed frost heave. The
depth of the frozen layer will increase at a rate dependent on both the temperature
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and the duration of the freezing conditions. A few centimetres of penetration will
result from an overnight frost, but the rate of growth of the frozen layer slows
down with increasing penetration. In the United Kingdom, it is unusual for the
depth of penetration to exceed 0.5 m, but it may reach half of this in less than
a week.

From an engineering point of view, the phenomena associated with frost action
are important, in so far as they occur in certain soil types, because of the potential
damage that may result. Two forms of problem may be defined:

(a) The effects of freezing.
(b) The effects of thawing.

Frost heave
Frost heave is the vertical surface expansion brought about by water freezing in
the soil. There are two components of frost heave. Firstly, as water freezes its
volume increases by about 9 per cent, thus the volume of the soil increases by
about 0.09n per unit volume, i.e. from 2 to 6 per cent depending on the void ratio
of the soil.

For example, in a soil of void ratio 0.5 with a frost penetration of 0.4 m, the
amount of surface heave due simply to freezing expansion would be 12 mm.

Secondly, as water freezes, other phenomena occur. Since the vapour pressure
of ice is much lower than that of water, a high degree of suction is created which
draws water upwards towards the frozen layer, where it freezes, thus increasing
the size of ice crystals. In addition, as it freezes, water gives up latent heat of
about 80 J/kg. If the rate of heat dissipation towards the surface is equal to the
rate of latent heat released, the thickness of the frozen layer will remain constant.
The growth of ice then tends to be highly localised, resulting in the formation of
ice lenses, which may increase the thickness of the frozen layer by up to 30 per cent.

The pressures set up by frost heave may be sufficient to lift road surfaces,
paving and even lightly-loaded foundations. The formation of ice lenses within
road bases and sub-grades may also cause damage. Where road surfaces are
cracked or crazed by these effects they will become porous; with the result that
water will be allowed to penetrate, which in turn may cause a deterioration in
the sub-grade.

Thawing effects

If, after a frozen layer containing ice lenses has been formed, a rapid thaw takes
place, the soil near the surface will contain an excess of water. The additional
water (mainly due to the melting of the ice lenses) will be unable to drain
away through the still frozen soil below.

The soil is therefore likely to be in an unstable state, especially in the case of
asloping ground surface. The shear strength and/or compressibility characteristics
of the soil will be impaired, so that damage and displacement due to surface
loading is probable.

Frost susceptibility
In coarse-grained soils, such as gravels and coarse sands (in which the capillary
rise is negligible), expansion can take place within the voids and so increases in
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overall volume are negligible. In the case of clays, the permeability is so low that
the migration of water towards the frozen layer will be too slow to allow a
build-up of ice lenses. The frost-susceptible soils therefore tend to be those
containing a predominance of fine sand or silt. It is also recommended that where
possible the water table should be kept at least 600 mm below the formation
level.

In a frost design classification system proposed by the US Army Corps of
Engineers (1965), the percentage of soil grains finer than 0.02 mm is recommended
as a guide, whereas Croney and Jacobs (1967) and subsequently the Road
Research Laboratory (1970) have suggested a combination of plasticity index
values and the percentage finer than 75 um. Table 4.4 shows a frost susceptibility
classification proposed by the author, based on the above and other sources and
on laboratory studies.

4.9 Equilibrium water content

Under constant conditions of stress and drainage, the water content within a
soil mass will reach an equilibrium condition. The particular value of water
content at a given depth in this equilibrium conditions is termed an equilibrium

Table 4.4 Frost susceptibility of soils and other materials

Frost Coarse soils classified according to the
susceptibility British Soil Classification System (Table 2.3)
1 T T |
! ) ! GWM GPM GML.I, etc.
High ! l ' GWC GPC GCL., etc. ’
SR L : SWM SPM SML.I, etc.
! J GWM GPM | SWC SPC SMC,I, etc. ’
Medium ' ! GWC GPC !
R R SWM SPM !
' GW GP |swC SsPC
Low ; SW SP
Negligible | GW GP ) } §
SwW SsP N ! :
} ) .
0 3 5 10 15 35
% fines
Other materials Susceptibility: When:
Silts Medium to high (ALL)
Clays of low to intermediate
plasticity: poorly drained Low to high lp<15
well drained Low to high Ip<20
Crushed chalk Medium to high W, > 5%
Crushed limestones Low to high Weae > 3%
Other crushed rocks and
crushed slag Low to high % fines>10%
Burnt colliery shale Medium to high

Pulverised fuel ash Low to high % fines>10%
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water content (ewc). If in a saturated soil there is a change in conditions of
stress or drainage resulting in the movement of water in or out of the soil, a
volume change will take place equal to the volume of water added or removed.

The construction of an impervious road surface or pavement will prevent
moisture movement through the surface due to infiltration or evaporation. A soil
covered in this way in dry weather, when the in-situ water contents are below
the equilibrium water contents, will tend to swell subsequently. It is useful, in
attempting to assess the swelling/shrinkage potential, to compare profiles of
water content/depth and ewc/depth.

The usual way to calculate the ewc is to calculate the suction and then to use
a pF/water content curve. In non-arid areas, where the water table is not far
below the surface, i.e. not more than 0.7 m clays or 1 to 1.5 m for sands, the
suction may be estimated simply from 7y, x height above the water table.

Worked example 4.1 An impervious paved area is to be constructed on a base of clayey
silt during the summer. Observations indicate that the water table will stabilise at 1.7 m
below formation level. Using the data given below, prepare an equilibrium water content
profile and compare it with the in-situ water contents.

Data
wy =66 per cent  wp=235 per cent Average y=18.7 kN/m’
Contact pressure at formation level=7.5 kN/m?
Wetting curve (pF=1.0 to 4.0): ewc=48—-9.0 pF

Depth below formation(m) 0.t 05 15 25 40 50 6.0

In-situ water content
before construction (%) 2477 253 258 250 245 240 238

The suction is obtained from eqn [4.5]:

Where o,=0025 1, (Ip=w,—wp=66—35=31)
=0.025 x 31=0.775

Vertical stress 6,=7z+7.5 kN/m?
Suction §,=a.0,—u,

The wetting curve is apparently close to a straight line between pF=1.0 and pF =40,
hence: ewc=48—9.0 pF.

Depth  yz o, o0, u, S pF= ewc

(m) (kN/m?)  (kN/m?)  (m of water) (m) (m) log 100S, (%)
0.0 0.0 75 0.59 —170 229 2.36 26.8
05 9.35 16.9 1.34 —120 254 240 264
1.0 18.70 26.2 207 —-0.70 277 2.44 260
L5 28.05 35.6 2.81 —020 3.04 248 25.7
2.0 37.40 4.9 3.55 030 325 2.51 254
2.5 46.75 54.3 429 080 349 2.54 25.1
3.0 56.10 63.6 5.02 130 372 2.57 249
40 74.8 82.3 6.50 230 420 2.62 24.4
5.0 93.5 101.0 7.98 330 4.68 2.67 240

6.0 112.2 119.7 9.46 430 516 2.7 23.6
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Fig. 4.10

Figure 4.10 shows the comparative plot of in-situ water content and ewc profiles, from
which it will be seen that some expansion may be anticipated in the top 2 m of soil.

Worked examples of effective stress calculations

Worked example 4.2 The soil layers on a site consist of:

0—4 m BS gravel-sand (g, =20.0 kN/m®, y=19.2 kN/m®)
4-9 m BS clay (y=18.0 kN/m’)

Draw an effective stress/total stress profile between 0 and 9 m BS, when the water table is
1 m above the top of the clay.

The gravel-sand below the water table is saturated and therefore has a bulk
unit weight of 20.0 kN/m? so that here the increase in total stress with depth
is: Ao, =7y, Az=20.0Az kN/m2. Above the water table some water will drain away
leaving a unit weight of 19.2 kN/m® and Ac,=yAz=19.2Az kN/m2. In clays, a
combination of low permeability and a high suction will usually ensure saturation above
the water tables.

The effective stress at a given depth is: ¢, =0, —u,, where u,=the pore pressure due
to the static water table. The calculations are tabulated below and the stress profiles
plotted in Fig. 4.11.
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0 o, u,(kN/m2)

u, o,

z
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1
167.6
9 58.8 6
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Fig. 4.11

Depth  Stresses (kN/m?)

BS

(m) Total stress Pore Effective
pressure stress

Ao, o, u, g,=0,—,

0 0 0 0 0

3 192x3=576 576 0O 57.6

4 200x1=200 776 9.81x1=98 67.8

9 180x5=900 1676 9.81x6=588 108.8

Worked example 4.3 On a certain site a surface layer of silty sand is 5 m thick and overlies
a layer of peaty clay 4 m thick, which in turn is underlain by impermeable rock. Draw
effective/total stress profiles for the following conditions: (a) water table at the surface, and
(b) water table at a depth of 2.5 m, with the silty sand above the water table saturated with
capillary water.

Unit weights: silty sand=18.5 kN/m>  clay=17.7 kN/n?’.
(a) With the water table at the surface, all of the soil is submerged, i.e. unit weight=y,,,

and pore pressure =9.81z. The calculations are tabulated below and the vertical stress
profile is shown in Fig. 4.12(a).
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Fig. 4.12
Depth  Stresses (kN/m?)
BS
(m) Total stress Pore Effective
pressure stress
Aa, [ u, g,=0,—U,
0 0 0 0 0
5 18.5x5=92.5 925 9.81x5=49.1 43.4
9 17.7x4=70.8 163.3 9.81x9=883 75.0

(b) The soil above the water table is saturated, and the pore pressure will be negative:
u=9.81(z—2.5). Below the water table the pore pressure will be positive:
u=9.81(z—2.5).

The calculations are tabulated below and the overburden stress profile shown in
Fig. 4.12(b).

Depth  Stresses (kN/m?)

BS
z(m) Total stress Pore Effective
pressure stress
Ao, o, u, 0,=0,—1,
0.0 00 —981x25=-245 245
2.5 18.5x2.5=46.25 46.3 0 46.3

5.0 18.5 x2.5=46.25 92.5 9.81x2.5=245 68.0
9.0 17.7 x4.0=70.8 163.3 9.81 x6.5=63.7 99.6




88  Water in soil: occurrence and effects

Worked example 4.4 A confined aquifer comprises a 4 m thick layer of sand overlain by
a 3 m thick layer of clay and underlain by impermeable rock. The unit weights of the sand
and clay respectively are 19.8 kN/m® and 18.2 kN/m>. Determine the effective overburden
stress at the top and bottom of the sand layer, when the levels of the water in a standpipe
driven through the clay into the sand layer are: (a) 2 m below the ground surface, and
(b) 2 m above the ground surface

(a) The water level in the standpipe indicates the piezometric surface; the pore pressures
are therefore:

Top of sand u,=9.81(3 —2)=9.8 kN/m?
Bottom of sand u,=9.81(3+4—2)=49.1 kN/m?

The effective stresses are:

Top of sand 0, =0,—u
=3x182-98=448 k{m2
Bottom of sand o, =(3 x 18.2+4 x 19.8)=84.7 kN/m?

() Topofsand  u,=981(3+2)=49.1 kN/m?
6,=3x182—-49.7=5.5 kN/m?
Bottom of sand ©,=9.81(3+4+2)=288.3 kN/m?
6,=(3x182+4x19.8)—88.3=45.5 kN/m?

Worked example 4.5 A sediment settling lagoon has a depth of water of 4 m above the
clay base. The clay layer is 3 m thick and this overlies 4 m of a medium sand, which in turn
overlies impermeable rock. Calculate the effective stresses at the top of the clay and at the
top and bottom of the second layer under the following conditions: (a) initially, before any
sediment is deposited, (b) after a 2 m layer of sediment of silty fine sand has been deposited,
and (c) after draining the lagoon down to base level, with the same thickness (2 m) of sediment
still in place.

Unit weights: clay =18 kN/m®; sand=20 kN/m>; sediment=16 kN/n?’.
(a) Initially, before deposition of any sediment:

Top of clay 6,=9.81 x4=39.2 kN/m?
u,=9.81 x4=139.2 kN/m?
o,=0,—u,=0

Top of sand 0,=39.2+18 x 3=93.2 kN/m?
u,=9.81 x7=68.7 kN/m?
0,=24.5 kN/m?2

Bottom of sand 6,=93.2+20 x4=173.2 kN/m?
u,=9.81 x4=1079 kN/m>
¢, =65.3 kN/m?

(b) As the 2 m layer of sediment is deposited it replaces a 2 m layer of water thus
increasing the vertical stress:
Ao, =(16.0—9.81)2=12.4 kN/m?

Top of clay 0,=12.4 kN/m?
Top of sand 6,=24.5+124=369 kN/m?
Bottom of sand ¢,=65.3+12.4=77.7 kN/m?
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(c) When the water level is reduced by 4 m, a corresponding increase in effective stress
takes place: Ac,= —Au,=9.81 x4=39.2 kN/m?

Top of clay 6,=12.4+4x9.81=51.6 kN/m?
Top of sand 6,=36.9+4x9.81=76.1 kN/m?
Bottom of sand o,=77.7+4x9.81=116.9 kN/m?

Exercises
1. Explain the differences between phreatic and vadose groundwater.

2. Calculate an approximate value for the maximum capillary rise in soil having the
following properties:

e=0.800 effective size, d,,=0.052 (assume C=25).
3. Calculate the suction pressure required to produce a capillary rise of 1.8 m.

4. Define the terms total stress, effective stress and pore pressure and state the relationship
that is assumed to exist between them.

5. Calculate the value of the pore pressure coefficient B for a soil having a porosity of
45 per cent and a soil skeleton compressibility of 120x 10~ ¢ m?/kN. The
compressibility of water may be assumed to be 0.454 x 10~% m2?/kN.

6. Describe the effects of frost on the surface layer of soil and explain why some soils
are more susceptible than others to the effects of frost.

7. Tests on the soil forming a road sub-grade have shown a liquid limit of 54 per cent,
a plastic limit of 20 per cent and a bulk density of 18.6 kN/m?*. The water table is
expected to remain stable at a depth of 1.5 m below formation level. The water
content at a depth of 0,5 m below formation level was found to be 23 per cent
immediately prior to construction. The road formation will transmit a contact
pressure of 5.8 kN/m?. Assuming an average water content/suction relationship
of w=350+ 10pF, calculate the equilibrium water content for the soil at this point
and so determine whether shrinking or swelling might occur after construction.

8. On a certain site, a surface layer of sandy gravel is 6 m thick and this overlies a
5 m layer of clay, which in turn overlies impermeable rock. Draw up total
stress/effective stress profiles down to the bottom of the clay for the following
conditions: (a) water table at the ground surface, and (b) water table at the gravel/clay
interface.

Unit weights: sandy gravel (saturated) =21 kN/m3
sandy gravel (drained) =18 kN/m?
clay =19 kN/m?

9. In a site reclamation project, 2.5 m of graded fill (=22 kN/m?% were laid in
compacted layers over an existing layer of silty clay (y =18 kN/m?) which was 3 m
thick. This was underlain by a 2 m thick layer of gravel (y =20 kN/m?). Assuming
that the water table remains at the surface of the silty clay, draw up the total
stress/effective stress profiles for: (a) before the fill is placed, (b) immediately after
the fill has been placed.
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10.

Water in soil: occurrence and effects

Figure 4.13 shows the cross-section of an excavation which is to be made alongside
a river. Write down an expression for the effective stress at level A-A and use this
to establish the depth H to which the water in the trench can be reduced before
instability occurs. Assume that in the gravel layer at A—A there is a seepage pressure
loss of 30 per cent.

sheet piling
—“—:I——;%f
=— peaty silt
- dredge/level ;——_-_:;:
H —=—-——] .alluial
v sﬂty clay (6.0m
3m (y-—18 kN/m’)
A A
o o o Oo o o oooooo ° ooocsa:soeo °°°° Ooaa
° o0 0 o0 o o o0 3 5 m
oooogooo g o ¢ gravel o o oo

o a o n o o O O O O O o o '
impervious red mar|

Fig. 4.13

11.

A wide excavation is to be made on a site which has the following soil conditions:

0-2m BS medium gravel: Year. = 21.8 kN/m?
Vdrained = 185 kN/m3

2-6 m BS silty sand: Year. = 19.6 kN/m?
Yarainea = 18.4 kN/m?*
6-21 m BS heavy clay: y=20 kN/m?

21 m and below, pervious sandstone.

The water table is at a depth of 1.5 m below ground level and the artesian pressure
in the sandstone corresponds to a static head of 5 m above ground level.

(a) Calculate the initial effective stress at top and bottom of the clay layer.

(b) To what depth can a pumped-out excavation be taken before a bottom blow-up
occurs?

(c) If an excavation of 10 m depth is required and a factor of safety of 1.5 provided
against bottom blow-up, calculate the equivalent static head reduction required
to the sandstone (by relief pumping).



Chapter 5

Water in soil: permeability and seepage

5.1 Water flow

Since soils consist of discrete particles, the pore spaces between particles are all
interconnected so that water is free to flow within the soil mass. In such a porous
media, water will flow from zones of higher to lower pore pressure. When
considering problems of water flow, it is usual to express a pressure as a pressure
head or head, measured in metres of water. Bernoulli’s equation states three head
components, the sum of which provide the total head (h) causing a water flow:

u 02

h=h,+ —+— [5.1]
Yw 29

where h,=position or elevation head

u
— =pressure head due to pore pressure u
Yw

2
% =velocity head when the velocity of flow is v

g
The last component, the velocity head, is usually ignored in problems of
groundwater flow, since v is quite small owing to the high resistance to flow
offered by the granular structure of the soil. The first two terms, therefore, represent
the head tending to cause the flow of water through a mass of soil.

In saturated conditions, one-dimensional flow is governed by Darcy’s law,

which states that the flow velocity is proportional to the hydraulic gradient:

veci or v=ki [5.2]

where v=flow velocity
k=the flow constant or coefficient of permeability

Ah
i=the hydraulic gradient = AL (Fig. 5.1)

Ah=difference in total head over a flow path length of AL

91
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e ——— b —_— ] _
— 3 . . Ah 3
gradient, i=—- Aph
—_—
~ L — . 1_
h

Fig. 5.1 One-dimensional flow in soil

The quantity flowing is therefore given by:
q=Av=Aki [5.3]

where g =quantity flowing in unit time
A=area through which flow is taking place

5.2 Coefficient of permeability

The capacity of a soil to allow water to pass through it is termed its permeability
(or hydraulic conductivity). The coefficient of permeability (k) may be defined as
the flow velocity produced by a hydraulic gradient of unity (see eqn [5.2]). The
value of k is used as a measure of the resistance of flow offered by the soil, and
it is affected by several factors:

(a) The porosity of the soil.

(b} The particle-size distribution.

(c) The shape and orientation of soil particles.

(d) The degree of saturation/presence of air.

(e) The type of cation and thickness of adsorbed layers associated with clay
minerals (if present).

(f) The viscosity of the soil water, which varies with temperature.

The range of values for k is extremely large, extending from 100 m/s in the case
of very coarse-grained gravels to almost nothing in the case of clay. In granular
materials k varies approximately inversely with the specific surface value (see
Section 1.6), but in cohesive soils the relationships are more complex. In clay
soils, such factors as water content and temperature are significant, as also is
the presence of fissures when considering the permeability of large masses.
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Table 5.1 Range of values for k (m/s)

10%-
10'-
1- Clean gravels Very good drainage

10—

10— 2-

103~ Clean sands

Gravel-sand mixtures Good drainage
1074 Fissured and
weathered
10-5- clays
Very fine sands
105~ Silts and silty sands Poor drainage

1077~

1078~ Clay silts (>20% clay)
Unfissured clays Practically impervious
107°5-

Table 5.1 shows the range of average values for k for various soils and also
indicates potential drainage conditions.

Approximations of k
A number of approximate empirical relationships have been suggested between
k and other soil properties:

3
kocd?y  koC(dyerng)?  koc——  koce*  kocloge
1+e

It is clear from comparative studies, however, that none are particularly reliable,
and that it is far more realistic to obtain estimates for k using field pumping tests
or a laboratory method.

The most frequently used approximation is one suggested by Hazen for filter
sands:

k=C,d?, (mm/s) [5.4]

Where d,,=effective size (mm)
C,=experimental coefficient dependent on the nature of soil

Experimental evidence suggests that acceptable approximate values for k can be
obtained when Hazen’s formula is applied over a wide range of soils. Table 5.2
gives the range of suggested values for the coefficient C,.
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Table 5.2 Value of Hazen's coefficient C

Cy (s/mm)  Soil type dqq range (mm)
8-12 Uniform sands 0.06-3.0

(U <5)
5-8 Well-graded sands 0.003-0.6

and silty sands

(U.25)

Table 5.3 Values of temperature
correction coefficient x,

°C K, °C K,

] 1.779 25 0.906
4 1.555 30 0.808
10 1.299 40 0.670
15 1.133 50 0.5650
20 1.000 60 0.468
70 0.410

Effect of temperature

Since the viscosity and density of water both vary markedly with temperature,
it follows that the value of the coefficient of permeability will be affected by
changes in temperature. It may be shown theoretically that for a laminar flow
condition in a saturated soil mass:

koc?—‘"

n

where 1y, =unit weight of water
n=viscosity of water

A correction for the effect of temperature may, therefore, be obtained as follows:
kt=Klk20 [5.5]

where  k,=value of k corresponding to a temperature of t
k,o=value of k corresponding to a temperature of 20°C (i.e. standard
room temperature)
K, =temperature correction coefficient

Table 5.3 gives values of k,, which will have a value of 1.0 at 20 °C since it is at
this temperature that most laboratory graduations are standardised.
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5.3 Seepage velocity and seepage pressure

The movement of water through a soil mass is generally termed seepage. On a
microscopic scale the water when flowing follows a tortuous route through the
voids in the soil. From a practical point of view, however, it is assumed to follow
a straight-line path. In Darcy’s equation, the velocity v is interpreted as the
apparent or superficial velocity, i.e. the velocity of flow relative to a soil section
area 4. The velocity through pores will be greater, and this is termed the
seepage velocity (v,).

Consider a soil of porosity: n=A4,/4
For a given flow rate: qg=Av= A,

where A =section area of soil (perpendicular to flow direction)
A, =section area of voids
A ki
Then p=p—= =2 [5.6]
A, n n

Y

The work done by water during seepage results in a seepage force (J) being exerted
on the particles. Consider the column of soil shown in Fig. 5.2. When the valve
at level A—A is wide open, flow takes place under the influence of a head of h,,
thus an upward-acting seepage force is exerted on the soil particles between
C-C and B-B.

When the valve at level A-A is closed, the water level will rise until it reaches
O-0 where it will remain stationary. At this point there will be no seepage. It
may be concluded, therefore, that the seepage force has now been balanced by
the additional weight of water between A—A and O-O.

Then seepage force, (J)=1y,h,A

area = A reservoir
Op-=m-=-- -10 T — —— — - —1
N i
valve
Al———]A T
= h
B———H8
s § L
soil ’V I .
c c -

Fig. 5.2 Seepage pressure
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But since the flow velocity is constant the seepage force acting on the soil will
also be constant between C—C and B-B.

hA
So that seepage force per unit volume, j= y‘;,:i
h . I
and as 1 =hydraulic gradient i
Then j=iy, [5.7]

The seepage force per unit volume (j) is usually referred to as the seepage pressure.

5.4 Quick condition and critical hydraulic gradient

The effect of upward-flowing water in a soil mass in creating a seepage pressure
on the particles is to reduce the intergranular or effective stress. If a sufficiently
high enough flow rate is achieved the seepage pressure can cancel out the effective
stress completely causing a quick condition. This is essentially a condition in which
the soil has no shear strength, since the intergranular stress has been reduced to
zero.

Consider again the situation in Fig. 5.2.

At the quick condition the flow will cause a seepage force at C~C which will
be equal and opposite to the effective stress due to the weight of soil.

Then equating forces at C-C:

YL+ h+h)A= (sl +7.hA

GiVing ))whs = (ysal - ))W)L

or Yule =7

Where i_ is termed the critical hydraulic gradient, i.e. the hydraulic gradient at
which the quick condition occurs. A numerical value may be obtained for i, thus:

i= y_l: Psat— Vw
Pw Pw
- (Gs +e)yw/(1 +e)—‘))w
Yw
_G.-l [5.8]
l+e

In cohesionless soils, particularly in medium to fine sands, the quick condition
is likely to occur at hydraulic gradients of about 1.0. Typical situations in which
this may arise are in alluvial flood plains immediately after a high tide and at
the base of spoil tips following heavy rain. The popular term ‘quicksand’ refers
to this condition, being so-named because it is in the range of fine to medium
sands where the particular combination of permeability and critical hydraulic
gradient gives rise to a rapid occurrence of the condition. Contrary to popular
belief, however, this is not a ‘sinking sand’ condition. ‘Quicksand’ lacking shear
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resistance is really a liquid, but its density is roughly twice that of water: a human
body would, therefore, float half-submerged.

In soils possessing a significant amount of cohesion, such as silts and clay, the
critical hydraulic gradient criterion does not apply, since they have some shear
strength even at zero normal stress.

5.5 Determination of k in the laboratory

The coefficient of permeability k can be measured using field tests, or tests
conducted in a laboratory. The main categories of problems associated with the
reliability of laboratory tests are: (a) those concerned with obtaining good
representative samples, (b) those concerned with the reproducibility of laboratory
measurements, and (c) those concerned with reproducing field conditions.

Reliability of sample

The permeability of a soil mass is dependent on both its microstructure (i.e.
particle size, shape, arrangement, etc.) and its macrostructure (i.e. whether or not
stratified, presence of fissures, pipes, lenses, etc.). For obvious practical reasons
the size of samples taken for laboratory tests is quite small, and therefore unlikely
to be satisfactorily representative in soils with significant macrostructure
characteristics. To some extent this deficiency may be overcome by obtaining
carefully selected groups of samples.

Reliability of laboratory measurements

The aim in any laboratory procedure should be to reproduce similar results using
the same procedure and for these to compare favourably with results using
different procedures. In laboratory permeability tests disparities may occur due to:

(a) The presence of air bubbles in the permeant (water).
(b) Variations in sample density and porosity.
(c) Variations in temperature and therefore viscosity of the permeant.

Reproduction of field conditions

It is generally difficult to obtain truly undisturbed samples and particularly
difficult to simulate in the laboratory the true field conditions of flow and stress.
In the main, disparities between laboratory and field conditions will be:

(a) Variations in density and porosity.

(b) Variation in flow direction with respect to bedding.

(c) Limited ability of a small sample to simulate anisotropic conditions.
(d) Variation in pore pressure and effective stress condition.

For these reasons laboratory tests should, wherever possible and appropriate, be
augmented with field tests.

Since the range of values of k is so large the choice of method and equipment
varies with the type of soil. The most common types of test in present use are:

(@) Constant head test: suitable for gravels and sands with values of k> 10~° m/s.
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(b) Falling head test: suitable for fine sands, silts and clays with values of k
between 10~* and 10~ 7 m/s.

(c) Hydraulic cell test: suitable for soils with very low permeabilities; both vertical
and horizontal permeability can be determined.

5.6 The constant head test
The constant head test is used to determine the coefficients of permeability (k) of
coarse-grained soils such as gravels and sands having values of k above 10~* m/s.

de-aired
water

,I constant

level
Av 4

manometers

overflow f
JL

vacuum C

wire mesh
and gravel -
filter

perspex cell

Fig. 5.3 Constant head test apparatus
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The apparatus used is called a constant head permeameter and is shown
diagrammatically in Fig. 5.3.

The soil sample is contained in a perspex cylinder with wire mesh and gravel
filters above and below. In the side of the cylinder a number of manometer
connection points are provided to enable pairs of pressure head readings to be
taken (only one pair is shown in the diagram). Water is allowed to flow through
the sample from a tank or reservoir designed to maintain a constant head and
the quantity of water measured by weighing a collecting vessel.

Since the presence of air bubbles can seriously affect the results, it is imperative
to ensure as little air as possible in the system. This may be effected by first of
all supplying only de-aired water to the constant-head tank and secondly by
applying a vacuum to the sample prior to commencement of the test. The test
is then started with valves A and B open and valve C closed, with the valve A
being used to control the rate of flow. Flow is allowed to continue until a steady
state has been established, i.e. the levels in the manometer tubes remain constant.
Once a steady state has been reached, the quantity flowing during a given time
interval is measured, and the two manometer levels noted. The flow rate is then
varied and the procedure repeated. Several tests at varying flow rates and heads
should be carried out and the average value of k established which is then
corrected for temperature (Table 5.3). The dry density and void ratio should also
be reported.

Fromeqn[5.3]: qg=k Ai

q QL
T Ahtmm/s [5.9]
where Q=quantity of water collected in time ¢ s
= Q(ml) x 103 (mm?)
A =cross-sectional area of sample (mm?)
h=difference in manometer levels (mm)
L=distance between manometer tapping points (mm)

Worked example 5.1 During a test using a constant-head permeameter, the following data
were collected. Determine the average value of k.

Diameter of sample= 100 mm Temperature of water=17°C
Distance between manometer tapping points= 150 mm

Quantity collected in 2 min. (ml) 541 503 509 474
Difference in manometer levels (mm) 76 72 68 65

Cross-sectional area of sample = 100? x g =7854 mm?

Flow quantity, 0 =0(ml) x 10> mm?

Flow time, t=2x60=120s

e oL 0 x10% x 150
" Akt 1854 xhx 120
=0.159Q/h mm/s

Then from eqn [5.9]:
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Tabulated results:

Flow quantity  Head difference k=0.159Q/h Temperature correction

Q (ml) h (mm) (mm/s) (Table 5.2-interpolating):
kr=1.09

541 76 1.13

503 72 1.11

509 68 1.19

474 65 1.16

Average k=1.15 mm/s Corrected k=1.15x1.09=1.25 mm/s

5.7 The falling head test

The falling head test is used to determine the coefficient of permeability of
fine soils, such as fine sands, silts and clays. For these soils, the rate
of flow of water through them is too small to enable accurate measurements
using the constant head permeameter. The falling head permeameter is shown
diagrammatically in Fig. 5.4.

An undisturbed soil sample is obtained in a 100 mm diameter (usually) cylinder,
which may be a U100 sample tube or a core-cutter tube as used in field density
tests. Samples can also be prepared by compaction in a standard mould. A wire
mesh and gravel filter is provided at the top and bottom of the sample. The base
of the cylinder is stood in a water reservoir fitted with a constant-level overflow
and the top connected to a glass standpipe of known diameter.

The test is conducted by filling the standpipe with de-aired water and allowing
seepage to take place through the sample. The height of water in the standpipe
is recorded at several time intervals during the test, and the test repeated using
standpipes of different diameter. Following computation of the results, the average
value for k is determined. It is usual also to report the initial and final unit weights
and water contents of the sample.

Commencing with Darcy’s law (eqn [5.3]):

qg=kAi
But, referring to Fig. 5.4, if the level in the standpipe falls dA in a time of d¢ then
dh

= —4ad—
=%

h
and the hydraulic gradient i= I

d h
so that q=—a—h=kA—
dt L
where a=cross-sectional area of the standpipe
A =cross-sectional area of the sample
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Fig 6.4  Falling head test apparatus

Rearranging and integrating:
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hy kA“ ‘)
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L /
Giising e aLln (hy/h,)
Alt,—t))
or e 23aLllog,olh, /hy)

Alt, —1y)

fill
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v

[5.10(4)]

[5.10(b)]
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Worked example 5.2 During a test using a falling-head permeameter the following data
were recorded. Determine the average value of k.

Diameter of sample = 100 mm
Length of sample =150 mm

n
Cross-sectional area of sample, A=100?x 2

. 4
Cross-sectional area of standpipe, a=d? x a
From eqn [5.10(a)]:
aLln(k,/hy)
Aty —ty)
d? x 1.50 In(h,/h;)  0.015d? In(h, /h,)
= = mmy/s
100%(z,—t,) L—4
Recorded data Computed
Standpipe  Level in standpipe Time h
diameter interval  In— k (mm/s)
d Initial h, Final h, (t,—t,) 12
(mm) (mm) (mm) (s)
5.00 1200 800 82 04055 1.854x1073
800 400 149 0.6931 1.744x 1073
9.00 1200 900 177 02877 1975x1073
900 700 169 02513 1.807x 1073
700 400 368 0.5596 1.847x1073
12.50 1200 800 485 04055 1959 x 1073
800 400 908 0.6931 1.789x1073

Average k=185x1073 mm/s
=1.85x10"%m/s

5.8 Hydraulic cell test

The Hydraulic cell was introduced by Rowe and Barden in 1966 for the purpose of
carrying out consolidation tests. Its use has also been developed for permeability.
Either vertical or horizontal permeabilities may be measured, with a high degree
of reliability. The test is of the constant head type, with the field values of void
ratio, pore pressure and effective stress closely simulated. This is the preferred
method and is described fully in BS 1377.

Vertical permeability

The arrangement of the apparatus for the determination of vertical permeability
is shown in Fig. 5.5. An undisturbed sample of soil is fitted into the body of the
cell between porous discs and consolidated to an effective pressure relating to
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Fig. 5.5 Vertical permeability using a hydraulic cell

site conditions using the hydraulic pressure jack. The outlet in the base is then
connected to a constant pressure system. This can be set to simulate field
pore-pressure levels. A second constant pressure system is connected to the upper
drain and set at a pressure slightly lower than that at the outlet. The pressure
difference is monitored using a differential pressure gauge or a pair of pressure
transducers between the inlet and outlet tubes. This is usually maintained at less
than 10 per cent of the effective pressure exerted on the sample.

The quantity of flow is obtained from observations taken of two calibrated
volume-change indicators, one on the inlet side and the other on the outlet side.
When the flow quantities for both inlet and outlet tubes are within 10 per cent
of each other and steady-state conditions are assumed to prevail the test
measurements are taken.

Applying Darcy’s law (eqn [5.3]):

qg=kAi
q qL

k=t pp=—"_ 5.11
AiKT AhK-r [ ]

where g=flow quantity (mm?3/s)
L=length of sample
i=thickness after initial consolidation (mm)
A =cross-sectional area of sample (mm?)
h=differential pressure head (mm of water)
Kk =temperature correction coefficient (Table 5.2)
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Worked example 5.3 During a test using a hydraulic cell to determine the vertical
permeability of a soil, the following data were collected. Determine the value of k..

Thickness of sample after consolidation=73.00 mm

Diameter of sample=254 mm

Difference between inlet and outlet pressures=65.2 cm of water
Flow rate=2.39 mm’/s

Temperature=15°C

Differential pressure head, h=652 mm of water
Area of sample, A=254%x Z =50671 mm?
Length of sample, L=73.00 mm
. qL
Using e 5.11], k,=—x
g eqn [5.11] T
_2.39x73.00

=_""" """ 113=60x%10"° mm/s
50671 x 652 -

Horizontal permeability
The arrangement of the apparatus for the determination of horizontal
permeability is shown in Fig. 5.6. In this set-up the flow is radial, with the
cylindrical outer inlet surface being surrounded by a porous drainage material
and a central porous drain inserted as the outlet. The overall diameter of the
sample is slightly less than that used in the vertical permeability test due to the
thickness (about 3.5 mm) of the inlet drain. The centre drain usually takes the
form of a sintered bronze spindle.

As with the vertical permeability test, the flow is measured by means of
volume-change indicators and the pressure difference by means of either a
differential pressure gauge or a pair of pressure transducers.

modified
spindle

| Y]

. flow out
——

ressure

peripheral

{ .
pressure and drain

flow

arrangement . central
as in Fig. 5.5 Ho cylindrical
12 drain

flow in

Fig. 5.6 Horizontal permeability using a hydraulic cell
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Then the horizontal coefficient of permeability may be obtained from:

_ g log(D/d)

= 5.12
H 2L h Kt L 1

where g=flow quantity (mm?3/s)
L=length of sample
=thickness after initial consolidation (mm)
D =outside diameter of the sample (mm)
d=inside diameter of the sample
= diameter of centre drain spindle (mm)
h=differential pressure head (mm of water)
K =temperature correction coefficient (Table 5.2)

5.9 Field permeability tests

Because of the problems associated with the reliability of laboratory tests, as
discussed in Section 5.5, field methods should be used when permeability values
are of significant importance. Comprehensive multiple-well pumping tests can be
expensive to carry out, but offer a high level of reliability owing to the inclusion
of a wide range of macro-structural characteristics. The use of site investigation
boreholes can be economically advantageous, providing the pumping/observation
sequences are carefully planned and controlled.

Steady-state pumping tests

Pumping tests involve the measurement of a pumped quantity from a well,
together with observations in other wells of the resulting drawdown of the
groundwater level. A steady state is achieved when, at a constant pumping rate,
the levels in the observation wells also remain constant. The pumping rate and
the levels in two or more observation wells are then noted. The analysis of the
results depends on whether the aquifer is confined or unconfined.

(a) Pumping test in a confined aquifer

In a confined aquifer, the pumping rate must not be high enough to reduce the
level in the pumping well below the top of the aquifer. The interface between the
top of the aquifer and the overlying impermeable stratum therefore forms the
top stream line.

An arrangement of a pumping well and two observation wells is shown in
Fig. 5.7. The piezometric surface is assumed to be above the upper surface of the
aquifer and the hydraulic gradient is assumed to be constant at a given radius.

Then, in steady-state conditions, the flow is considered through an elemental
cylinder having radius r, thickness dr and height h.

dh

Hydraulic gradient (outside to inside), i= -
’

Area through which flow takes place, 4 =2nrD
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Fig. 5.7 Pumping test in a confined aquifer

Then, starting with Darcy’s equation (egn [5.3]):

q=Aki
=2ner£d—h
dr
d
or —r=ngkdh
r q
2nDk
Integrating, In(r,/r;)= z (h,—hy)

1
Giving k=9 1ntra/ry)

= 5.13
2aD h,—h, (131

When only one observation well is available, the pumping well may be utilised
as an observation well. Because of soil disturbance around the well, an effective
radius of 1.2 x actual radius should be used. The observed pumping well
drawdown must also be corrected, since the piezometric level at the well will
generally be higher during pumping than the actual level in the well. Stepped
drawdown tests may be used to evaluate the pumping level loss, or a loss assumed
which is based on experience (e.g. 20 per cent). The following substitutions may
then be made in egn [5.13]:

r,=12xr, (r,=actual pumping well radius)
h,=h,—d,

Where d, =corrected pumping well drawdown (e.g. 0.8 x observed drawdown).

Another, albeit more crude, approximation may be derived from a consideration



Field permeability tests 107

of the radius of influence (r,) of the pumping. It may be assumed that no drawdown
of the piezometric head takes place outside the radius of influence, i.e. when
r=r,. Thus, eqn [5.13] may be used with the following substitutions:

r,=r, and h,=h,

In the absence of positive observations the location of r, must be estimated using
a rule-of-thumb, e.g. r,=10h_; r,=10D or r,=10r,.

Another simple rule-of-thumb may be used to produce a rough estimate from
only the pumping rate (g), the corrected drawdown in the pumping well (d,)
and the aquifer thickness (D). Suppose that r /r,=2000, then from eqn [5.13}:

q In(2000) 1.21¢

T 22D h,—d, Dih,—d,)

1.36
If r fr, = 5000, k=——""0
D(ho - dw)
L. 1.25¢
Thus, a useful approximation would be: k=———— [5.14]
D(ho - hw)

Worked example 5.4 A permeability pumping test was carried out from a well sunk into
a confined stratum of dense sand. Figure 5.8 shows the arrangement of the pumping well and
observation wells, together with relevant dimensions. Initially, the piezometric surface was
located at a depth of 2.5 m. When a steady state was achieved at a pumping rate of
37.4 m[hr, the following drawdowns were observed:

Pumping well: d,=4.46m
Observation well 1. d,=1.15m
Observation well 2: d,=0.42 m

(@) Calculate a value for the coefficient of permeability of the sand using (i} the observation
well data, and (ii) a corrected drawdown level in the pumping well.
(b) Estimate the radius of influence at this pumping rate.

original
piezometric
surfa\ce g=37.4m3/hr

SN

| 3

7.4 4.46
~

impermeable stratum
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(@) (i) Observation well data: r; =15 m r,=50m
h,=1174+74-25=166m
hi=h,—d,=166—1.15=1545m
h,=h,—d,=166—-042=16.18 m
Also q=374/3600 m3/s and D=117
Then k=iln(r2/r‘) _ 37.4 x In(50/15)
2xD h,—h, 2mx11.7x3600(16.18 —15.45)

=233x10"*m/s

(ii) Assuming a 20 per cent loss, the corrected pumping well drawdown is

d,=08x 446 m

Therefore, h,=h,=16.6—0.8x446=13.03 m

and assuming also that r, =r,=0.1 m

4 % In(50/0.1
= 374 xIn(30/0.1) =279x10~* m/s
27 x 11.7 x 3600(16.18— 13.03)

(b) When r=r, (i.e. the radius of influence), there is no drawdown and therefore h=h,,.
Then, putting r, =50 m and h; =16.18 m,

In(r,/50)  2.33x10™*x 27 x 11.7 x 3600
16.60—16.18 374

From which, r,=100 m

(b) Pumping test in an unconfined aquifer

An unconfined aquifer is a free-draining surface layer underlain by an impervious
base. Under conditions of steady-state pumping the hydraulic gradient at a given
radius is assumed to be constant in a homogeneous medium. An arrangement
of a pumping well and two observation wells is shown in Fig. 5.9. Consider the
inflow through an elemental cylinder of radius r, thickness dr and height h.

. . . .. dh
Hydraulic gradient (outside to inside), i= -
r
Area through which flows take place, A=2nr
Then, starting with Darcy’s equation (eqn [5.3]):

q=Aki
= 2nrhki}1
dr
or ﬂ = 2—ﬂkhdh

roq
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. Tin2_ 12
Integrating, In(r,/r;)=—k(h3—h3)
q
.. In(r,/r
Giving k= 2100a/ry) [5.15]

n(h3—h})

When the drawdown is a significant fraction of the original saturated thickness,
higher flow velocities develop and friction losses increase. Corrected drawdown
values should therefore be computed as follows:
d2
Corrected drawdown, d,=d— W [5.16]
Where d=observed drawdown
h,=initial saturated height of the aquifer

When only one observation well is available, eqn [5.15] may be used with
substitutions in respect of r, and h_, or r,, and h,, as explained for the confined
aquifer pumping test.

A very approximate estimate may be obtained from the pumping well data
only, using an assumption similar to those given for eqn [5.14]

2.5q

o [5.171

Worked example 5.5 A permeability test was carried out from a well sunk through a
surface layer of medium dense sand. Figure 5.10 shows the arrangement of the pumping well
and observation wells, together with relevant dimensions. Initially, the water table was located
at a depth of 2.5 m. When a steady state was achieved at a pumping rate of 23.4 m?/hr,
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the following drawdowns were observed:

Pumping well: d, =364 m
Observation well I: d;=0.96 m
Observation well 22 d,=048 m

(@) Calculate a value for the coefficient of permeability of the sand using (i) the observation
well data, and (ii) using a corrected drawdown level in the pumping well.
(b) Estimate the radius of influence at this pumping rate.

(a) (1) Observationwelldata: r;=18m r,=62m

h,=12.0-2.5=9.50 m
hy=h,—d, =9.50—0.96=8.54 m
hy=h,—dy=9.50—0.48=9.02 m
Also g=23.4/3600 m3/s
_qln{ry/ry) 234 xIn(62/18)

7 hi—h? 36007 x (9.02% — 8.542)
=3.04x10"* m/s

Then k

(i) The corrected pumping well drawdown is given by eqn [5.16]:

d2 3.642

do=d,— " =3.64— =294 m
2h, 2x9.50

Therefore, h,=h,=9.50—2.94=6.56 m
and assuming also that r; =r,=0.1 m

_ 234xIn(62/0.1)
36007 x (9.02% — 6.56)

(b) When r=r, (i.e. the radius of influence), there is no drawdown and therefore h=h,,.

=347 x10"* m/s

Then, putting r, =62 m and h, =9.02 m,

In(r,/62) _ 3.04x 10~ * x 3600z
9.502 —9.022 234

From which, r ;=229 m
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Borehole tests

Several methods have been suggested whereby a measure of the coefficient of
permeability can be obtained using one borehole only. A rising head test is carried
out by pumping water out of the hole, and then observing the rate of rise of
level. In an inflow test water is introduced into the hole; a variable head test then
involves observation of the rate of fall of level, while in a constant head test the
head is maintained at a given level by adjusting and measuring the flow rate at
intervals from the start of the test.

Itis generally held that constant head tests give more accurate results, providing
the water pressure is less than that which would cause fracturing or other
disturbance of the soil. A useful rule of thumb here is to keep the increase in
water pressure to below one-half of the effective overburden pressure. Where the
flow rate is likely to be high (k> 1073 m/s) the errors increase and thus the field
pumping test would be more suitable.

In the simplest form of test, the hole is prepared by cleaning out any loose
soil or other debris. For more accurate results, a perforated tube or a piezometer
tip (see Section 12.6) is installed in a gravel filter.

A number of formulae have been suggested for calculating the coefficient k,
including the following, which are recommended in BS 5930:1981.

(a) Variable head test

. A
i) k== [5.18]

A

k= m1n(1711 —H,) [5.19]

(1)

(b) Constant head test

(i) Hvorslev's time lag analysis: k= Fil [5.20]
(i) Gibson’s root-time method: k= IZ;IO [5.21]
where A =cross-sectional area of the standpipe or borehole casing

F =an intake factor dependent on conditions at the bottom of the
borehole (Figs 7 and 8 of BS 5930:1981)
T =basic time lag (Fig. 9 of BS 5930:1981)
H,, H,=variable heads measured at elapsed times of ¢; and ¢,
respectively
H_=constant head
g=rate of inflow
4., =steady state of inflow, obtained from a graph of g against 1/,/t,
at 1/,/t=0 (Fig. 10 of BS 5930:1981)



112 Water in soil: permeability and seepage

5.10 Rapid field determination of permeability

A rapid form of falling-head test may be carried out in the field on cohesionless
soils using the apparatus shown in Fig. 5.11. This consists of a glass tube of
diameter 50 mm and length 500 mm, or other near dimension, and a water
container such as a large bucket. Two graduation marks are made about
200-250 mm apart on the upper length of the tube, and the lower end covered
with a close wire mesh.

glass tube
s 5] Bl
—= ~—- _ graduation
T ==/ marks
- —=dh
h [~
! water \
F
h
hy
L
i l\ X
wire mesh

soil

Fig. 5.117 Rapid falling-head test

With the tube held in place in the water vessel as shown (Fig. 5.11), a layer
of 50-100 mm of the soil is carefully deposited over the mesh using a funnel with
a rubber-tube extension. When the glass tube is withdrawn from the vessel, the .
level in it begins to fall. The time taken for the level to fall between the two
graduation marks is recorded. The average of several tests may be taken for a
good approximation of k.

Consider a change in level of dh taking place in time dt

ndh

Quantity flowing in unit time, g=d ZZd_
t

. n
Cross-sectional area of sample, A=d ZZ

Hydraulic gradient, i= %
Then starting with Darcy’s law (eqn [5.3]):
q=Aki
279t

4 dt 4 L
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or gﬁ = Edt
h L
. k
Integrating In(h,/h,)= i(t2 —ty)
Then putting elapsed time, t=t,—t,

. L xIn(h,/h,)

; [5.22]

Worked example 5.6 A glass tube of diameter 50 mm was used in a rapid falling-head
test. The sand layer in the bottom of the tube was of thickness 75 mm and the two graduation
marks were respectively 200 mm and 100 mm from the bottom of the tube (see Fig. 5.11). In
five tests the times required for the water level in the tube to fall between the two marks were
66, 68, 65, 69 and 67 s.

75 x1n(200/100) 2

t
Then the values of k obtained are: 0.788, 0.765, 0.800, 0.754 and 0.776.
Giving an average k=0.78 mm/s

From eqn [5.22], k=

Another rapid field method of determining the approximate permeability of a
coarse-grained soil involves the measurement of the average seepage velocity.
Two boreholes or trial pits are sunk in a situation where a natural hydraulic
gradient exists between them (Fig. 5.12). A quantity of tracer dye is introduced
into the up-gradient hole and the time (¢) required for it to appear in the other
hole noted.

Then the seepage velocity, v,=L/t
and the hydraulic gradient, i=h/L
So starting with Darcy’s law: (v=ki)

=221
i i
. L?
Substituting k= "h—t [5.23]
wat i H
b ':' __ boreholes or trial pits

\JL\ )
—

L )
1

Fig. 5.12 Field seepage test
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5.11 Two-dimensional flow

The seepage taking place around sheet-piling, dams, under other water-retaining
structures and through embankments and earth dams is two-dimensional. That
is to say, the vertical and horizontal velocity components vary from point to
point within the cross-section of the soil mass (Fig. 5.13). To begin with, the
general case will be considered of two-dimensional flow in a homogeneous and
isotropic (i.e. ky =ky) soil mass, and then the graphical representation known as
a flow net will be introduced.

General flow equation
In Fig. 5.14 an element of saturated soil having dimensions dx, dy and dz is shown
with flow taking place in the xz plane only. The velocity gradients in the x- and
z-directions are dv,/0z and dv,/0x respectively.

Assuming water to be incompressible and no volume change in the soil

= dam
v el
Vl ' 1’4
v | é'
—— - v,
v seepage
?
Fig. 5.13 Two-dimensional flow
v, + == dz
T
dz vV, —— —4—» v+ — dx

<
& -—T -

soil element of
/0 dimensions dx x dy x dz

—_———_— —_—e———— e ——— — —» N
b

dx

Fig. 5.14 General two-dimensional flow condition
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skeleton:

Quantity flowing into element =quantity flowing out of element

0
Substituting v,dydz+v,dydx= (vx + a—v"dx)dydz + <vz + %dz)dydx
X z

) 0
Therefore bR [5.24]
ox 0Oz
This is known as the flow continuity equation.
0
Now from Darcy’s law (v=ki). v,= —k—h and v,= —k@
0x oz

Two Laplace equations can be derived to represent the flow condition based on
two functions defined as follows:

oh 0@ 0¥
Let v,=—k—=—=—
0x 0Ox Oz
oh o® oY
and v,=—k—=—=—
0z 0z Oz
inwhich @ ,,=the potential function such that ®= —kh
and ¥, =the stream function

So substituting into eqn [5.24]:

e + o =0 [5.25]
ax? 9z '
also it can be shown that:

e SEGE

R Sy 5.26
ox* 0z [526]

Graphical representation of the flow equations
Comparing the definitions of the potential function ® and the stream function
¥ it will be seen that:

o0 o0
differentiating Oy dd=—dx+——dz
’ 0x 0z
=p,dx +v,dz
. oY ov
and differentiating ¥, ,;d®=-—dx+—dz
’ 0x 0z
=—v,dz+v,dz
L dz —v,
Thenif ®isconstant, d®=0 and —=

dx v,
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Fig. 5.15 Graphical interpretation of flow
. . dz v
and if ¥ is constant, d¥=0 and i =12
X v

X

Thus a curve representing a constant value of ®, ,, (and therefore constant head
h) will intersect at right angles a curve representing a constant value of ¥, ,,.
Also the tangent to the ¥, ,, curve represents the direction of the resultant seepage
velocity (Fig. 5.15).

Thus the Laplace equation may be seen to describe two sets of orthogonal
curves: those of constant ® called equipotentials and those of constant ¥ called
flow lines. A graphical construction of equipotentials and flow lines is called a
flow net.

Properties of a flow net

Once a flow net has been constructed its graphical properties may be used in the
solution of seepage problems, e.g. determination of seepage quantities and seepage
pressures. To this end flow nets are constructed so that the intervals between
adjacent equipotentials represent a constant difference in head (AH) and the
intervals between adjacent flow lines represent a constant flow quantity (Aq)
(Fig. 5.15).

Thenthetotalheadlost, H =AH x no. of equipotential drops

=AH x N,
and the total seepage flow, g=Agq xno. of flow intervals (channels)
= Aq X Nr
Starting from Darcy’s law (eqn [5.3]), for unit-thickness in the y direction:
AY =Ag=AAki
AH

—ak=2=p0
b b
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However, the scales may be chosen so that when the flow net is drawn, A® =AY,
ie. a/b=1. This is achieved in practice by ensuring that the fields bounded by
equipotentials and flow lines are ‘square’ (or as near square as possible).

Then the totalflow, gq=k-AHN,

H
but AH=—

]

Giving q=kH % [5.27]

d

5.12 Flow nets — construction rules and boundary conditions

In the previous section, flow nets were introduced as diagrammatic constructions
representing two-dimensional flow conditions. Once a flow net has been drawn,
quantities such as the amount of seepage and pressure distribution may be
evaluated. In order to produce a correctly constructed flow net a number of
‘rules’ must be observed (see Fig. 5.16).

flow lines

‘square’

. /

fields ~
-

impermeable stratum

(a) (b)

Fig. 5.16  Flow net boundaries

Square fields: the areas bounded by equipotentials and flow lines must be as near
square as possible.

Right-angle intersections: the intersection of an equipotential with a flow line
must occur at 90°.

Impermeable boundary: since no flow takes place across an impermeable boundary,
here ¥ =constant and so such a boundary is a flow line (AB and DEF).

Permeable boundary: a submerged permeable boundary along which the head is
constant will be an equipotential (CD and FG).
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Phreatic surface: along a phreatic surface (PQ) (also known as the top streamline)
the pore pressure u=0, so that Ad= —kAH = —kAz, also since ¥ is constant
it 1s a flow line.

Seepage surface: a seepage surface occurs where the phreatic surface intersects
tangentially with the ground surface (QR); it has the same boundary properties
as the phreatic surface.

To construct a flow net, first of all a scaled cross-section is drawn defining all
the boundaries due to the site, structure, etc. Then, following the rules given
above, a few trial flow lines and equipotentials are drawn in pencil. As further
‘square’ fields are added the flow net takes shape. A series of successive trials is
necessary, involving the judicious use of pencil and eraser, with the ultimate aim
of drawing a flow net in which all parts comply with the rules. A good deal of
practice will be required, so that students should attempt as many flow nets as
possible to gain proficiency in the sketching process.

Theoretically, any number of flow lines may be drawn and the greater the
number, the more accurate should be the calculations that follow. However, from
a practical point of view the task is simplified by drawing only a few flow lines;
it is not often that more than five or six will be necessary.

Worked example 5.7  Figure 5.17(a) shows the cross-section of a line of sheet-piling driven
to a depth of 7 m into a stratum of homogeneous sandy soil which has a thickness of 12 m
and is underlain by an impermeable stratum. From an original depth of 5.5 m the water level
on one side of the piles is reduced by pumping to a depth of 0.5 m. Draw a flow net for the
seepage conditions and from it determine: (a) the quantity of seepage under the piles per
metre run, and (b) the pore pressure in the soil at points P and Q.

The coefficient of permeability k=7.2x 1072 mm/s
The area in which seepage is taking place and therefore in which the flow net is to be

drawn is bounded as follows.

Impermeable boundaries: along the sheet piling BCD and along the impermeable stratum
GG; BCD and GG are, therefore, flow hines.

Permeable boundaries: along B’'B the pressure head is a constant 5.5 m and along DD’ the
pressure head is 0.5; B'B and DD’ are, therefore, equipotentials of value h=15.5 and h=0.5
respectively.

By successive trials a flow net such as that shown in Fig. 5.17(b) may be drawn, although

the number of flow lines could be different. Tt should also be noted that the number of
flow channels need not necessarily be a whole number. For the flow net shown:

No. ofequipotential intervals Ny=11
No. of flow channels N;=43

(a) The quantity of seepage beneath the piling is given by eqn [5.27]:
N¢

=kH —

1 N

d

4.3
=72x10"*x50x e 1407x10 % m’/s per m



Flow nets — construction rules and boundary conditions 119

head causing
flow, H=5.0m

12.0 .

or

q=14.07x 10" ° x 3600=0.0507 m*/h per m

(b) At any point i, the total head above the datum = pressure head + position head

Le. Hi=h+z
At the entry boundary B'B, Hgy=55+120=175m
Within the flow net the total head is reduced by AH at each equipotential line:

By numbering the equipotentials it can be seen that the equipotential passing through
point P would have a value of ®p=1.75, so that:

Totalhead atP, Hp=17.5—1.75x0.455
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Also, Hp=hp+zp
Therefore, ihe pitssurehead at P, hp=17.5—8.0—1.75 x 0.455

=871m
and pore pressure at P, up=9.81 x8.71 =85.4 kN/m?

Similarly, at Q: pressure head, ho=17.5—7.0—8.4 x0.455
=6.68 m
pore pressure, tg=9.81 x 6.68=65.5 kN/m?

Worked example 5.8 Figure 5.13 shows the cross-section of a long coffer dam formed by
driving two parallel rows of sheet piles into a stratum of sand. Within the coffer dam the
sand is excavated down the lerel shown and the water maintained at this level by pumping.
Draw a suitable flow net and use it to determine the pumping rate required per metre run
(k=4.5x 10" m/s).

Since the flow net will be symmetrical about the centre-line (@) only one-half needs
to be drawn. In order to satisfy the boundary conditions in this case an odd number of
flow channels is chosen with the centre of the middle one emerging at the centre-line of
the coffer dam. A flow net comprising seven flow channels and thirteen equipotential
intervals is shown in the figure.

Then N;=70 and N,=13

€
=== 1 58m ="
___‘ B 356m
25 m
¥ datum ’ I 2
6.5 m
y
I KN
. -12.5m
. sand
/ ] v 1

L L N \ L . . . . . R -
T T e e i R P e e s,
: impermeable stratum

Fig. 5.78
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The seepage quantity and hence the pumping rate will be:

N 7

g=kH—L=45x10"5x60x —

N, 13
=14.54x 1075 m?/s per m

or ¢=14.54x107°x3600=0.52 m*/hr per m

Worked example 5.9 Figure 5.19 shows the cross-section of a dam founded on a permeable
stratum, which in turn is underlain by an impermeable stratum. A row of sheet piles has been
inserted near the upstream face of the dam in order to reduce the quantity of seepage. Draw
a flow net to represent the seepage conditions and from it: (a) determine the seepage quantity
per metre run (k=5.2 x 10~ m/s), and (b) plot the distribution of uplift pressure acting on
the base of the dam.

The flow net shown in the figure comprises 4.4 flow channels and 17 equipotential
intervals.

N,=44 and N,=17 Also, Ah=11.0/17=0.647

(a) The seepage quantity will, therefore, be:

N,
q=k[-[._f
Nd

44
=52x10"5x11x ﬁ=1'48X 10~* m3/s per m
or =0.533 m3/hr per m

u (kN/m?)

129
82

uplift pressure distribution

Of----
Of---~
mp-—-—
-~
OF--
x}--

total head
lost = 11.0m

“impermeable stratum
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(b) At any point i on the base where the potential value is ®;, the total head will be
given by:
H,=170+120—-®Ah=h+2z,

Thus, uplift pressure, u; =9.81 h;
=9.81 (29.0 —z,— ®,Ah)

Then, obtaining values of ®; and z; from the flow net, the uplift pressures will be those
tabulated below.

Position (z,=15.5 m for each)

A B C D E F G H 1 J

D, 0.5 80 90 100 110 120 130 140 150 157
u; (kN/m?) 129 82 75 69 63 56 50 44 37 33

5.13 Seepage through earth dams and embankments

Whereas the flow under impermeable structures, such as sheet piles and concrete
or masonry dams, is confined, the seepage taking place through a permeable
structure, such as an earth dam, is unconfined. In such problems the upper
boundary of the seepage zone is the phreatic surface, this being the top flow line
and along which the pressure is that of the atmosphere. The first step in drawing
a flow net for seepage through a dam or embankment is therefore to locate and
draw the phreatic surface or top flow line.

As already established in Section 5.11, since the pressure head along the
phreatic surface is zero (i.e. atmospheric), equal drops in total head along it must
correspond to equal vertical position intervals (Fig. 5.16(b)). It can be shown
mathematically that the basic shape of the phreatic surface is therefore that of a
parabola. Although this solution is largely acceptable, some modification is
required to meet inconsistencies which may occur at the intersection of the phreatic
surface with the entry and exit surfaces of the dam. These modifications will be
summarised first and then the basic method of constructing the parabolic phreatic
surface will be described.

Entry and exit conditions .
The upstream surface of the dam is the entry surface to the seepage zone and
since it is the equipotential ®_,, representing the maximum pressure head, the
flow lines must intersect it at right angles. This is true providing the slope of
b, <90° (Fig. 5.20(a)). In certain cases, where an upstream coarse filter is
provided, the slope of @_,, may be >90°. The phreatic surface at entry is then
horizontal, since water at zero pore pressure cannot flow upwards (Fig. 5.20(b)).
At the downstream or exit surface, the theoretical parabola may have to be
modified depending on the conditions at the toe. When the exit surface is
horizontal (Fig. 5.21(a)) no correction to the basic parabola is required. Where
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an angular toe filter of coarse material forms the exit surface and f<180°
(Fig. 5.21(b)) a correction is made by relocating the exit point of the phreatic
surface using a method proposed by Casagrande.

If the basic parabola cuts the exit surface at point K and the exit surface
intersects the impermeable base at F, the corrected position of the phreatic surface
is located at point J using the ratio Aa/a:

where a=FK
and Aa/a is obtained from Table 5.4
Then KJ=Aa

Table 5.4 Correction factors for earth dam flow net

B 30° 60° 90° 120° 150° 180°
Aa/a (0.36) 032 0.26 0.18 0.10 0

After Casagrande (1940)

directrix

. N
correction

A H_—__filter
(a)
0.3 BC
be > . .
directrix
B D c/ __ ___ T E
1 N
|
|
|
|
|
| correction
|
|
[
A
(b)

Fig. 5.22 Phreatic surface construction for an earth dam
(a) Horizontal surface exit (b) Exit tangential to downstream face
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In the case where the base of the toe is impermeabile (i.e. no toe filter is provided),
the phreatic surface exits tangentially along the downstream slope (Fig. 5.21(c)).
Its point of exit can also be located by the method described above.

Construction of basic parabola
All of the flow lines and the equipotentials are parabolic curves with a common
focus. The first step in the drawing of the flow net is to construct the basic
parabola which is the phreatic surface. A graphical method of doing this, suggested
by Albert Casagrande in 1937, consists of drawing a geometric parabola and
then correcting the entry and exit ends as described above.

Figure 5.22(a) shows a typical earth dam with a horizontal surface. The
parabola is assumed to start at D (where CD=0.3BC) and have a focus at F.
The directrix is located by striking an arc of radius DF about point D (ie.

DE = DF). The vertical tangent (_E_H) to this arc is the directrix. Since all points
on a parabola are equidistant from the directrix and the focus then:

FG=GH
and for all points X, XX'=FX

Thus the parabola may be constructed between D and G. The entry detail at
point C is corrected as explained above.

A similar procedure is adopted when the phreatic surface exits tangentially to
the downstream face of the dam (Fig. 5.22(b)); except in this case, the focus is
the toe of the downstream slope. Also, a correction to the exit point from
point K to point J is required, the procedure for which has already been described.

Worked example 5.10 The section of a homogeneous earth dam is shown in Fig. 5.23(a),
the soil permeability being 6.0 x 10~ m/s. Construct the flow net and from it: (a) calculate
the estimated seepage quantity, and (b) plot the distribution of pore pressure along the circular
arc AS.

Firstly, the phreatic surface must be drawn (Fig. 5.23(b)). Draw the vertical line AB
and then locate point D.

CD=03CB=03x32=9.6m

Strike an arc of radius DF to intersect the horizontal projection of BDC in E. Draw the
vertical line EH: the directrix of the parabola. Now construct the basic parabola from the
focus F. Modify the phreatic surface at the entry surface to pass through C. The other
flow lines and equipotentials can now be drawn — remember they are all (basically)
parabolas.

From the flow net shown in Fig. 523(b) N,=22 N:=35

N
(a) Therefore the seepage quantity g=kH F‘
d

35
=60x10"%x16x 5= 153x 10" ¢ m3/s

=55x10"2 m%hr
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®: 22 216 21.3 21.0 20.3 20.0 19.6
z. 0 -0.8 1.0 3.4 80 11.514.2
h,: 16 165 140 119 68 30 0

Fig. 523 (a) Dimensions (b) Flow net (c¢) Distribution of pore pressure along arc AS

{b) Estimate the potential value at each point where the arc AC crosses a flow line.
D,

Then at these points, pore pressure head h,=H— —z
d

=0.7270, —z
Figure 5.23(c) shows the plot of the distribution of pore pressure head along AS.

5.14 Seepage in anisotropic soils

Horizontal and vertical flow in stratified soils
Where a soil consists of a number of layers of different soil types each with
different permeability, the horizontal and vertical permeabilities will be different.
The presence of thin sandy layers (high permeability) in thick layers of cohesive
soil (low permeability) can very often produce relatively high horizontal seepage
rates. This principle is exploited in the construction of embankments where sand
drains are incorporated to speed up the drainage of excess porewater and hence
improve the consolidation rate.

Consider the soil mass shown in Fig. 5.24 which consists of three layers, each of
which has a different coefficient of permeability.

Horizontal flow (i.e. tangential to strata) The head lost between the entry and
exit faces will be the same for each layer:

hy=h,=h,=h
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hl
hZ
hJ

Fig. 5.24 Flow in stratified soil

(a) Horizontal flow (b) Vertical flow

Hence the hydraulic gradients are the same:

ij=iy=iy=i

Starting with Darcy’s law (g = Aki) the flows in the layers will be:

Agy=Akiiy Aqy=Ak;i, Aqs=Ask;is _

Also A,=BD, A,=BD, A;=BD; and A=B(D,+D,+D;)

The total flow gy =Aq, +Aq,+Aq;= Akyi

Where ky=average horizontal coefficient of permeability

Substituting BD ki, + BD,k,i, + BD3ksiy=B(D, + D, + D3)kyi

. Dk, +D,k,+D;k
Giving kyy = 22K Dafa ¥ Dok [5.28]

D,+D,+D,



128  Water in soil: permeability and seepage

Vertical flow (i.e. normal to strata) The rate of flow will be the same through
each layer:

Aq,=Agq,=Aq3=q,

The heads lost in each layer will be h,, h, and h, giving hydraulic gradients of
iy=hy/D, i=h,/D, i3y=hs/D,

Starting with Darcy’s law (g = Aki)

The total flow, gy =kydi= kvA%

But total head lost, h=h;+h,+h; and L=D,+D,+D,

D
Also h = u, etc:
Ak,

D D
kvA<u + u + q_D3>
Ak, Ak, Ak,

Therefore qv=
D,+D,+D,
.. D,+D,+D
Giving ky= 1+ 22+ Ps [5.29]
D,/ky+D,/k,+ Ds/k,

In both eqns [5.28] and [5.29], the number of components in both the numerator
and denominator is equal to the number of layers.

Worked example 5.11 A stratified soil consists approximately of alternating layers of sand
and silt. The sand layers are generally 150 mm in thickness and have a permeability of
k=6.5x10"" mm/s, the silt layers are 1.80 m thick and have a k=2.5x 10~% mm/s.
Assuming that within each layer flow conditions are isotropic, determine the ratio of the
horizontal permeability to that of the vertical.

One strata ‘cycle’ will consist of a layer of sand (1) and a layer of silt (2).

Then k,=65x10"'mm/s k,=25x10"* mm/s
D, =150 mm D,=1800 mm
Dk, + Dk,
D, +D,

_ 150 x 6500+ 1800 % 2.5 g
150+ 1800
D,+D,

Dy/ky+ Dy/k,

150+ 1800
~ 150/6500 + 1800/2.5

. ky (150 x 6500+ 1800 x 2.5)(150/6500 + 1800/2.5)
Hence ratio — = =186
ky (150+ 1800)2

Fromeqn[5.28]: ky=

10-#

andfromeqn[5.29]: ky=

—4
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Flow net in anisotropic soil

In an anisotropic soil k, #k, and, in the average direction of flow, k; has a value
between k, and k,. The Laplace equation for two-dimensional flow (see
eqn [5.25]) therefore becomes:

o%h o%h
— —=0 5.30
“ox?* %oz? [3.30]
o%h
or ————=
(k,/k)ox>
: 2k, 2 ks
But putting x A =xi le XxXp=x m [5.31]
o*h  0%h
the continuity equation becomes: — +-— =0 [5.32]
ox2  8z?

Equation [5.31] gives a scale factor by which the actual anisotropic flow region
may be transformed into a notional isotropic region. The coefficient of perme-
ability in the direction of flow is equal to the equivalent isotropic value:

ke=ky \/ (’;-) = ki) [5.33]

Hence the seepage quantity, derived from a transformed flow net, is:

Ne  Ng

q Akad ANd\/(kxkz) [5.34]
The first stage in constructing the flow net is to draw the cross-section of the
flow region using a normal vertical (z-axis) scale and a transformed horizontal
(x-axis) scale (Fig. 5.25(a)). On this section is drawn a flow net assuming isotropic
conditions, i.e. with ‘square’ fields, and 90° intersections (Fig. 5.25(b)). Finally
the true flow net is obtained by redrawing the section using the same scale in
both x- and z-directions (Fig. 5.25(c)). The horizontal distances including the
network lines are altered by dividing by the factor ./(k,/k,). The true flow net
is the correct representation of the anisotropic conditions, although the
intersections are no longer at 90°, nor are the fields square.

Flow across a soil interface

Where the anisotropic conditions include a boundary or interface between soils
of different permeability which is inclined to the direction of the flow, the flow
lines will be refracted. In other words, at such an interface the direction of flow
changes abruptly. If the flow takes place into a less permeable soil (k, >k,), the
flow lines are refracted towards the normal at the interface, and away from the
normal when k, <k,.

In Fig. 5.26, the interface is shown between two soils of permeabilities k, and
k, respectively. Consider two flow lines ¥, and ¥, intersecting the boundary to
make angles to the normal of a; and a, respectively. The corresponding
equipotentials at the intersection are @, and ®@,.
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Transformed scale 7 Normal scale -X
xy = xJik,/k)

(c}

Fig. 5.25 Flow net construction in anisotropic soil
(a) Transformation of flow element (b) Flow net drawn to transformed cells
(c) Flow net redrawn to normal scale

Now the head loss, Ah=®,—-®,
and the flow across the interface between A and B=Ag
For continuity flow in=flow out

Therefore A ki = Ask,i,
Ah Ah
or BCk,——=ADk,
tac 1BD

But BC=ABcosa; and AD=ABcosa,



Instability due to seepage ( ‘piping’) 131

Fig. 5.26 Flow net across a soil interface

A AB
Substituting —— cos a;k, = —— cos a,k
g AC 15 5p 2K2

- ky ks
giving =
tano; tana,
or k, tana, [5.35]
k, tano, )

5.15 |Instability due to seepage (‘piping’)

The term piping is used to describe the unstable condition which can occur when
the vertical component of seepage pressure acting in an upward direction exceeds
the downward weight of the soil. When the upward seepage force becomes equal
to the submerged weight of the soil, no frictional resistance can be developed
between the particles. The soil/water mixture therefore has no shear strength and
acts as a liquid.

If the upward seepage forces exceed the submerged weight, the particles may
be carried upwards to be deposited at the ground surface. Thus a ‘pipe’ is formed
in the soil near the surface. Piping failure can lead to the complete failure of a
foundation or to the collapse of a supporting structure, such as the toe of a dam,
or part of a coffer dam. It is necessary, therefore, to check this potential instability
condition during the design of water-retaining structures.

Where a flow net has been drawn to represent the seepage conditions, a simple
rule-of-thumb method may be used to determine a factor of safety against the
occurrence of piping. This is done by considering a prism of soil adjacent to the
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upper water levet
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lower water level

Fig. 5.27 Factor of safety against piping

downstream face of the structure. Consider the case of a sheet pile wall as shown in
Fig. 5.27. The effective weight of the prism of soil ABCD will be

D
W=m“—wwx5

The distribution of seepage pressure on the base BC of the prism is obtained
from the flow net: suppose the average value to be u,.

D
Then the upward seepage force on BC=u, x )

Since piping will occur when the upward seepage force is equal to W, the factor
of safety against piping is given by:
downward weight _ (Var. — Yw)D [5.36]

. _ W
(Pipin® | pward seepage force " D Us

°2

The method of calculating u, is illustrated in worked example 5.7. The factor of
safety against piping may be increased in a number of ways. For example, in the
case of a coffer dam the depth of penetration of the piles could be increased, or
a layer of coarse filter material could be laid on the downstream side before
pumping down to the final level.

In the case of dams, both an increase in the factor of safety against piping and
a reduction in the quantity of seepage can be obtained by increasing the length
of the flow path. This may be done by driving a row of sheet piles, preferably at
or near the upstream face, or by laying an apron of impermeable paving in front
of the upstream face. A layer of coarse filter material laid on the downstream
side is another possibility (see Fig. 5.28).
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upper water level

P § coarse filter

layer upper water level

L / dredge level coarse filter

impermeable-—=—] layer lower water
"'\ apron \ = = \ level
3 f a

/ -
extra U, T — —— — HoW
penetratoni T T I
{b)
b e s

(a)

Fig.

5.28 Methods of improving seepage conditions
(a) Coffer dam (b) Concrete or masonry dam

5.16 Dewatering excavations

It is frequently necessary to reduce the groundwater level or piezometric level in
or around excavations in order to achieve one or more of the following objectives:

(@)
(b)
©
)
)

to produce ‘dry’ working conditions

to prevent heave or uplift at the bottom of excavations

to reduce lateral pressures on temporary side supports

to improve the stability of temporary cut side slopes

to reduce the water content of soils that are to be excavated, e.g. from
borrow pits.

Dewatering operations are mostly temporary arrangements designed to facilitate
construction or repair work. Permanent systems involving pumping tend to be
expensive to maintain and often difficult to manage over long periods. Current
dewatering methods fall into three main groups:

(@)

(b)

(©

Internal sump pumping. Suitable for small and short-term operations and to
supplement other methods. Sump layouts and pump sizes can be altered
quickly offering great flexibility.

External well pumping. Deep wells, for use with lift pumps or submersible
pumps, are drilled and often cased; wellpoints are shorter and are sunk into
position using high-pressure water jets. The main objective with well
pumping is to lower the ground water level (or piezometric surface over
confined aquifers).

Cut-offs. For more secure and for permanent control vertical impermeable
barriers are installed, using grouting, diaphragm walls, chemical/resin
injection, etc. These are useful in the control of groundwater from
contaminated areas, such as tips, old industrial sites, etc.

Figure 5.29(a) shows a simplified diagrammatic arrangement illustrating different
methods. For more detailed information concerning the installation and operation
of dewatering systems a specialised text on ground engineering should be
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Fig. 5.29 Dewatering excavations
(a) Reducing artesian pressure in a confined aquifer (b) Alternative methods in an
unconfined aquifer

consulted, e.g. Powers (1976), Tomlinson (1995), Cedergren (1987), Corbett
(1987).

In the context of structural design and the operational aspects of construction,
it is usually necessary to evaluate the pumping capacity required and to provide
estimates of reduced piezometric levels in the vicinity of an excavation. Assuming
that appropriate tests have been carried out to ascertain average values of the
coefficient of permeability (k), a reasonable estimate of the rate of inflow may be
obtained using either eqn [5.13] or eqn [5.15], with the following substitutions:

r,=F, =average radius of the pumping wells from the centre of the excavation
hy, =h,=average piezometric level in the pumping wells
r,=F, =average radius of influence of the pumped zone from the centre of the

excavation
h,=h, =original piezometric level

For excavations over confined aquifers (Fig. 5.29(b)) it is particularly important
to evaluate the uplift pressures in order to establish factors of safety against base
heave. At a given point P, at radius rp, it may be assumed that the total drawdown
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is a simple summation of the drawdowns induced at that point by individual wells.
Thus, from eqn [5.13], for n wells the total drawdown at P is given by:

1
=h —h,=— . . 5.37
dP ho hP 27!Dk ,—gn [ql ln[(ro/rl)] [ ]

where g;=rate of inflow to well i
r;=radius of well i from point P

It should be noted that the relief of uplift pressure depends not only on the
achieved drawdown, but also on the original piezometric level, which itself is
affected by climatic, tidal or other changes in environmental conditions.
Piezometric levels should therefore be monitored at several strategic points
within or alongside the excavation. Pumping rates may then be adjusted to suit
changes or anomalies in site conditions.

Worked example 5.12 A deep excavation is required in an alluvial silty clay overlying
a confined aquifer of sand. Since the artesian pressure in the sand layer will produce
unacceptable uplift pressures during excavation, the dewatering system shown in Fig. 5.30
has been proposed. From site permeability tests the average coefficient of permeability of
the sand has been found to be 4.3 x 1073 m/s and the expected radius of influence of the
pumped zone has been estimated at 750 m.

(@) Calculate the minimum capacity of pump required for each well, assuming the same
model of pump for each.

y
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Fig. 5.30
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(b) Obtain an estimate of the anticipated piezometric drawdown at the centre and at a
corner of the excavation when the pumping rate from all 20 wells is equal to the
value calculated in (a).

(¢) Calculate the drawdown similarly at other points and comment on the location of the
wells.

(a) The average radius 7, may be taken as the radius of a circle having the same area
as the excavation:

Fo=+/(124 x82/m)=569 m

However, in this case, since drawdowns are to be calculated, a true average radius
can be obtained. The calculations are tabulated below, the layout being a
reproduction of a computer spreadsheet analysis.

WES/12  Well point system analysis

Radius of influence (m) 750 Flow rate (litres/min) 64674
Min. drawdown reqd. (m) 75 Pump capacity reqd. (I/min) 3234
Coefl. of permeability (m/s) 0.0043 Drawdown at centre (m) 7.94
Thickness of aquifer {m) 13.6
Well no.  (from (from
origin) centre) Drawdown at point P=17.51
X Y x ¥y r In(rjr) q In( )xq x, Ve ry In(rjr,) In( )xq
Origin 0 o0 62 41 2 2
1 72 82 10 41 4220 288 3400 9784 70 80 10630 195 6643
2 92 82 50 41 5080 2.69 3400 9153 90 80 12042 183 6219
3 112 82 60 41 6466 245 3400 8333 110 80 13601 171 5805
4 124 74 62 33 7024 237 3400 8052 122 72 14166 167 5667
5 124 52 62 11 6297 248 3400 8423 122 50 13185 L74 5911
6 124 30 62 —11 6297 248 3400 8423 122 28 12517 179 6087
7 124 8 62 —33 7024 237 3400 8052 122 6 12215 181 6170
8 112 0 50 —41 6466 245 3400 8333 110 -2 11002 192 6526
9 92 0 30 —41 5080 269 3400 9153 90 -2 9002 212 7208
10 72 0 10 —-41 4220 2.88 3400 9784 70 -2 7003 237 8062
11 52 0 -10 —41 4220 288 3400 9784 50 -2 5004 2.71 9205
12 32 0 -30 -—41 5080 269 3400 9153 30 -2 3007 322 10937
13 12 0 -50 —41 6466 245 3400 8333 100 -2 1020 430 14613
14 0 8 —-62 —33 7024 237 3400 8052 -2 6 632 478 16237
15 0 30 -62 —11 6297 248 3400 8423 -2 28 2807 329 11170
16 0 52 -62 11 6297 248 3400 8423 -2 50 5004 271 9205
17 0 74 -62 33 7024 237 3400 8052 -2 72 7203 234 7966
18 12 8 -50 41 64.66 245 3400 8333 10 80 80.62 223 7583
19 32 8 -3 41 5080 2.69 3400 9153 30 80 8544 217 7386
20 52 8 -10 41 4220 288 3400 9784 50 80 9434 207 7049

Average radius, 7, =582 m
h2 - hl
la(r,/ry)

However, h,—h,=hy—h,=d, (drawdown required)=7.5 m
ry=Fa=70m and r =r,=582m

27 x 13.6 x 0.0043 x 60000 x 7.5
In(750/58.2)

=64 674 litres/min

Total pump capacity, ¢,eqq=2nDk

Therefore, g,cqa=



(b)

(©)

Dewatering excavations 137

For 20 pumps of equal capacity, g per pump = 3234 litres/min. Therefore use pumps
of 3400 litres/min capacity.

The centre of the excavation lies at coordinates (62,41). Assuming that each pump
is working at 3400 litres/min, the summation Z[g; In(r,/r;)] may be obtained so that

1
Drawdown at centre, d.=—— ; In .
SmDk En [4: In(ro/r)]

_ 3400Z{In(750/r;)]
27 x 13.6 x 0.0045 x 60000

=794 m

At the corner of the excavation nearest to origin the coordinates are (2,2); the well
radius from this corner is shown in column rp.
3400Z{1In(750/rp)]

Drawdown at corner P, dp= =751 m
27 x 13.6 x 0.0045 x 60 000

The same value will be obtained for the other three corners. This is the minimum
drawdown achieved with this pumping regime and it satisfies the required critical
value.

The drawdowns (not well levels) at the pumping wells may be calculated in a similar
way by inserting the values of the well coordinates from the origin at the head of
the xp and yp columns.

eg. Welllisat x=0m and y=15 m, giving a drawdown here of 8.17 m.

Figure 5.31 shows a quarter-plan of the excavation giving the calculated drawdowns
at each well and also at points on a 10 m x 10 m grid. Drawdown contours have
also been added to emphasise the pattern of values. The lowest (and therefore worst)
drawdown values occur near the corners, while the highest values occur at the middle
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wells on the longest sides. The siting of the wells could be improved by increasing
their spacing along the longest sides, thus bringing wells 3, 8, 13 and 18 closer to
the corners and so increasing the cdrner drawdowns. To provide effective monitoring,
observation standpipes should be sunk at each corner.

Thus, if the original piezometric level was, say, 1.3 m below the ground surface
and the excavation at a corner was taken down to 7.2 m, the reduced piezometric
level at this point would be 8.8 m below ground surface and 1.6 m below excavation
level.

Exercises

1. (a) Explain the terms quick condition and critical hydraulic gradient.
(b) Derive an expression for the critical hydraulic gradient (i) of a granular soil
in terms of the grain specific gravity (G,) and void ratio (¢). What will be the
value of i, when G,=2.70 and ¢=0.60?

2. The following data were recorded during a constant-head permeability test:

Internal diameter of permeameter =75 mm
Head lost over a sample length of 180 mm =247 mm
Quantity of water collected in 60 s =626 ml

Calculate the coefficient of permeability for the soil.

3. A constant head permeameter has an internal diameter of 62.5 mm and is fitted in
the side with three manometer tappings at points A, B and C. During tests on a
specimen of sand the following data were recorded:

Test no.  Quantity of water ~ Manometer level
collected in 5 min. (mm) above

datum

A B C
1 136.2 ml 62 90 117
2 184.5 ml 84 122 164
3 309.4 mi 112 175 244

Length between tapping points: A-B= 120 mm
B-C=125

Determine the coefficient of permeability of the soil (average of six values).
4. In a falling-head permeability test the following data were recorded:

Internal diameter of permeameter = 75.2 mm

Length of sample =122.0 mm
Internal diameter of standpipe =6.25 mm
Initial level in standpipe =750.0 mm

Level in standpipe after 15 min. =247.0 mm

Calculate the permeability of the soil.
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A falling-head permeameter has an internal diameter of 75 mm and is connected to
a standpipe of diameter 12.5 mm. A specimen of cohesive soil of length §0 mm is to
be tested and is held in place between two discs of fine wire mesh. The head of water
in the standpipe is allowed to fall from 950 mm to 150 mm and the times noted as
follows:

Time taken when mesh discs only arein place=4.4 s
Time taken when soil specimen is in place =114.8 s

Calculate the coefficient of permeability of the soil, making due allowance for the
permeability of the wire mesh discs.

In a rapid falling head test, a glass tube of 37.5 mm internal diameter was used, with
a layer of sand of 60 mm thickness at the bottom end. The average time for the
water level in the tube to fall between graduation marks respectively 200 mm and
100 mm from the bottom end was 84.6 s. Calculate the coefficient of permeability
of the sand.

For a field pumping test a well was sunk through a horizontal layer of sand which
proved to be 14.4 m thick and to be underlain by a stratum of clay. Two observation
wells were sunk, respectively 18 m and 64 m from the pumping well. The water
table was initially 2.2 m below ground level. At a steady-state pumping rate of
328 litres/min., the drawdowns in the observation wells were found to be 1.92 and
1.16 m respectively. Calculate the coefficient of permeability of the sand.

A horizontal layer of sand of 6.2 m thickness is overlain by a layer of clay with a
horizontal surface of thickness 5.8 m. An impermeable layer underlies the sand. In
order to carry out a pumping test a well was sunk to the bottom of the sand and
two observation wells sunk through clay just into the sand at distances of 14 m and
52 m from the pumping well. At a steady-state pumping rate of 650 litres/min., the
water levels in the observation wells were reduced by 2.31 m and 1.82 m respectively.
Calculate the coefficient of permeability of the sand if the initial piezometric surface
level lies 1.0 m below the ground surface.

On a certain site there are three horizontal soil layers down to an impermeable rock
head:

Layer A: thickness=35m; k=25x10"°m/s

Layer B: thickness=18 m; k=14x10"" m/s

Layer C: thickness=42m; k=5.6x10"°m/s

Calculate the average horizontal and vertical permeability of the soil between the
surface and rock head.

In the arrangement shown in Fig. 5.32 steady-state flow conditions can be maintained
with the tank level either at A-A or B-B. The saturated unit weight of the soil is
20 kN/m3. Calculate the seepage pressure and the effective stress at level C—C for
both positions of the tank, with the water level at E-E remaining constant.

Sketch a flow net for the seepage under the line of sheet piling shown in Fig. 5.33
and calculate the estimated seepage loss in m3/hr per metre run.

A long coffer-dam is to be formed in a tidal estuary by driving parallel rows of sheet
piles as shown in Fig. 5.34. Sketch a flow net for the seepage occurring at high tide
and estimate the pumping rate (m>/hr metre run) required to keep the excavation
dry at the dredge line. The sand is isotropic and homogeneous and has a coefficient
of permeability of 4.5 x 10> m/s.
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Figure 5.35 shows the cross-section of a long coffer dam formed by parallel rows of
sheet piles driven into an isotropic layer of sand.

{a) Sketch a flow net (half only required) for the seepage and estimate the seepage
quantity in m*/hr per metre run if k=6.5x 10~ * m/s.

(b) Calculate the factor of safety against there being a base failure in the excavation
due to heaving. (Saturated unit weight of soil =20.4 kN/m3)

A sheet pile wall is driven into a horizontal bed of silty sand and shown in Fig, 5.36,
in order to impound a maximum depth of 5 m of water. The concrete apron is to
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be laid to reduce the seepage loss. The coefficient of permeability of the silty sand
is 7.5x 107% m/s.

{(a) Sketch a flow net and from it estimate the maximum seepage quantity in m3/hr
per metre run.

(b) Plot a curve showing the maximum hydrostatic uplift pressure distribution on
the concrete apron.

15. Figure 5.37 shows the cross-section of a concrete dam founded on an isotopic layer
of silty sand, which is underlain by an impermeable layer.

L 25.0 m |
upper \%ater level ¥ 1

120m —]
lower water level L
; e
—1Em T . N
. T A . . . . Bl : . . } om
: 7.0m : : )
13.0m 1A Bl !C

(a) Sketch a flow net and estimate the seepage quantity under the dam on its own.

(b) Sketch two further flow nets for the seepage, after a sheet piling cut-off has
been installed: (i) at A-A, and (ii) at B-B.

(¢) Comment on the effects of installing the sheet piling cut-off at C—C.

16. Redo part (a) of Exercise 15 for the case of anisotropic soil conditions in which
ky=28x10"% m/s and ky=7.6 x 10~° m/s.

17.  The cross-section of a homogeneous earth dam is shown in Fig. 5.38. The coefficient
of permeability is 5.0 x 1076 m/s. Sketch a flow net and estimate the quantity of
seepage in m3/day per metre run: (a) with the tow filter as shown, and (b) without
a tow filter.

120 m

upper water tevel
Av4

lower water
level

Fig. 5.38



Chapter 6

Stresses and strains in soils

6.1 Basic mechanics: equilibrium and compatibility

Many of the problems encountered in soil engineering require an understanding
of applied mechanics, i.e. the study of the action of forces on bodies, together
with consequential movements, displacements or distortions. Mathematical
descriptions and models of mechanical behaviour are required in four main
branches of mechanics:

(a) The mechanics of solids: concerning applied forces or stress and internal
strains or displacements, such as changes in shape or volume, e.g. settlement
problems, yielding.

(b) Rigid body mechanics: concerning forces applied to rigid (non-deforming)
bodies and consequential movement mechanisms, e.g. shear slips in slopes,
retaining walls. :

(c) Structural mechanics: concerning deformable frameworks, beams, columns,
etc., and consequential bending, shearing, twisting, etc., e.g. piles, anchored
walls.

(d) Fluid mechanics: concerning forces and pressures associated with both static
and flowing water, e.g. hydrostatic pore pressure, seepage pressure, water
flow (permeability).

There are two basic principles of mechanics upon which all other relationships
are founded, and these are equilibrium and compatibility.

The principle of equilibrium

Any body that is not accelerating must be in directional and rotational
equilibrium, i.e. the net force acting on the body in any direction must be zero
and the net moment about any point must be zero. For example, in Figure 6.1(a)
the equilibrium of the forces can be written 0=X V,=V,+V,+V;+V, and
O=X H,=H,+H,+H,+H,, where V and H are signed directional components
of force. The moment equilibrium about (say) point A is written 0=%X M, =sum
of the moments of forces about A.

143
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(b)

Fig. 6.1 Equilibrium and compatibility
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Fig. 6.2 Brittle and ductile materials in tension

The principle of compatibility

Any displacements, movements or changes in shape or volume must be compatible,
i.e. no material can be gained or lost. For example, in Fig. 6.2(b), the movement
of joint C (from C to C’) must be compatible with the movements due to the
change in length of the members AC and BC.

Soils differ from other engineering materials, such as steel and concrete, because
of their particulate and porous nature: the application of loading to bodies of
soil can result in changes in volume. Changes in volume are often accompanied
by changes in water/air content, density, stifiness and strength. Such changes
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depend on the intensity and rate of loading, and on the loading history of the
soil. A study of soil behaviour under load commences with basic solid mechanics.

6.2 Stress and strain principles and definitions

Material behaviour and mechanical characteristics can be demonstrated and
(with numerical data) quantified using stress-strain curves. Figure 6.2 shows
typical curves representing behaviour under tensile loading. Brittle materials (e.g.
cast iron, high-carbon steels, concrete, hard rocks, etc.) are characterised by a
steep linear elastic curve, followed almost immediately by the breaking point, i.e.
brittle failure. A ductile material (e.g. structural steel, aluminium and other alloys)
is shown in Fig. 6.2(c): after an initial fairly steep linear elastic phase, the material
yields and elongation increases with only a relatively small increase in stress
before brittle failure takes place. In this latter phase, the deformation is plastic
and not fully recoverable upon unloading.
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Fig. 6.3 Tangent and secant stiffness moduli for inelastic materials

Stiffness and elasticity

The relationship between the stress (i.. the intensity of loading) and the strain
that it causes is termed the stiffness of the material. The material is said to be
elastic when the same amount of strain is caused at the same level of stress
regardless of whether the material has been loaded or unloaded beyond this
point. The slope of the stress/strain curve is termed the modulus of elasticity or
Young’s modulus.

Modulus of elasticity, E =? [6.1]
e

If the stress—strain curve is a straight line the stiffness is constant for a range of
stress—strain values; this is known as Hookean behaviour, i.e. obeying Hooke’s
law (eoc o). In the case of non-Hookean materials (e.g. some non-ferrous metals,
plastics, soils), the stress—strain curve is not straight and the material behaviour
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may or may not be elastic. The slope E therefore varies with stress and must be
quoted as either the tangent value or the secant value (Fig. 6.3).

. oa'
Tangent stiffness, E'= 5—0 [6.2(a)]
€
. Ao’
Secant stiffness, E...= ™ [6.2(b)]
£

Note that a prime has been added to the quantities of stress to denote that this
is a value of effective stress — this is important in soil mechanics.

Yield point

In materials exhibiting elastic or near-elastic ductile behaviour the change from
elastic to plastic straining is often marked by an abrupt change in the slope of
the stress—strain curve. This point is called the yield point and the stress at which
it occurs is called the yield stress (o,) (Fig. 6.2(c)).

Volumetric strain and bulk modulus

Figure 6.4(a) shows a three-dimensional element subject to an isotropic (ie.
equal-all-round) stress or hydrostatic pressure. If the initial volume of the element
is ¥, and this changes after loading by dV, the volumetric strain is

dv
6 =

v

A
The volumetric stiffness modulus is termed the bulk modulus (Fig. 6.4(b)).
,_9p
Bulk modulus, K'=-—- [6.3]

&

v

In compressible materials (e.g. soils), the bulk modulus increases with the applied
isotropic stress.

(a) 1
(b)

- &,

Fig. 6.4 Volumetric strain
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Fig. 6.5 General three-dimensional (triaxial) compression

Triaxial stress and strain

147

In many practical problems, stress—strain conditions must be considered in terms
of three orthogonal axes. Consider a cubical element subject to effective triaxial
stresses, o', 0,, 0, (Fig. 6.5). The general triaxial strains will be:

0% 0y O
E=\ Vvt
E, E, E.J|

where v =Poisson’s ratio (referred to effective stress).

In materials having isotropic stiffness, i.e. E;=E,=E,=E"

1
’ ! ! ’ 1
£x=E(ax—vay—vaz
_ 1 ’ ’ ’ ot
—E,(—VGX'*'U,.—V g,

y

1
_ 1t ] ’
g, =—(—Vo,—Vae,+0))

and volumetric strain,

/

1
g, =& +&,+E,= E(l —2V') o +0,+07)

Shear stress and strain

[6.4]

[6.3]

[6.6]

Figure 6.6(a) shows how a two-dimensional element distorts when subject to a
shear stress (z); the shear strain is represented by the angle 7 (strictly this is tany,
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Fig. 6.6 Shear stress and strain

but since y is very small, tany=y). The slope of the shear-stress/shear—strain
curve (Fig. 6.6(b)) is termed the modulus of rigidity or shear modulus.
g o1
Modulus of rigidity, G'= > [6.7]
Y
The state of strain produced by the simple shear stress (z) can also be produced

by the principal stresses o, and o, (Fig. 6.6(a)). Figure 6.6(c) and (d) show the
corresponding Mohr circles for stress and strain, from which it can be seen that

t=Xo,—0)) [6.8(2)]
y=(e1—¢2) [6.8(b)]

It can be shown that in isotropically elastic materials the following relationships
exist between the stiffness moduli:

’r_ E,
G‘m+w (6]

E/
K=" [6.10]
3(1—2v)
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The stress—strain characteristics of soil are more complex
In principle, soils behave like other solids when subject to changes in loading,
but there are significant differences to, say, steel or concrete:

(a) Except for some partially cemented types, soils cannot sustain tension.

(b) When loaded, soils will generally undergo a change in volume or an increase
in pore fluid pressure.

(c) Saturated soils can only undergo a change in volume as porewater is squeezed
out (or lost by drying, etc.); the rate of water loss (drainage) is controlled
by. the permeability of the soil.

(d) Some (hard or stiff) soils will exhibit brittle failure by shearing, while others
will simply distort plastically.

(¢) Once a shear slip has occurred the problem changes from one of solid
mechanics to one of rigid body mechanics.

A number of different stress states can exist in soil masses and these need to be
carefully examined. The one-dimensional tension state illustrated in Fig. 6.2 does
not exist; in addition, the loading of soil masses must be considered in terms of
both undrained and drained conditions (see Section 6.3).

(a) Isotropic stress
Isotropic means ‘equal in all directions’ (Fig. 6.7), a practical example being the
first stage in a triaxial test (Section 7.6}, another is hydrostatic pressure.

o,=0,=0c,=p and £v=§ép7(1—2v’)

Therefore

r_E [6.11]
g, 3(1—2v)

G, = 0, = cell pressure

O
13

(a) (b} i

Fig. 6.7 lsotropic stress: (a) on a rectilinear element (b) on a triaxial test specimen



150  Stresses and strains in soils
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Fig. 6.8 Stresses with biaxial symmetry:
(a) on a triaxial specimen during axial loading (b) beneath the centre of a circular
loaded area

(b) Biaxial symmetry
When the two horizontal stresses are equal, a state of biaxial symmetry exists.
For example, in the axial loading stage of the triaxial test (Fig. 6.8(a)), or the
stresses beneath a circular loaded area (Fig. 6.8(b)).

Putting vertical axial stress, 0, =0, and horizontal radial stress, g, =0,=0,.
Then from equations [6.5]:

&

1
=—(o,—2v0,
£t )

1 ’ r ’ r
£r=E(_vaa+(1_v)ar)

(1-2v)

’

g, =¢,+2¢ =

{0, +207)

or writing mean normal stress, p’ =%o,+20))

. = 31=2v)p'_p"

' E K’
Thus K'= —L as in eqn [6.9(b)]
3(1--2v)
In the context of triaxial tests, it is convenient to define the following parameters:
Deviatoric stress, q'=0,—0a, [6.12]
Mean normal stress, p'=%(o,+20)) [6.13]
Shear stress, &=%¢,—¢,) [6.14]
Volumetric strain, ¢,= w= p_’ [6.15]

E K’
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Note that ¢, defines the change in shape of the soil mass, whereas ¢, defines the
change in volume. The stiffness moduli are then:

5 ’

¢=24 [6.16]
O
6 s

k=P [6.17]
o€,

(¢) Plane strain

Under very long structures, such as retaining walls and strip foundations (Fig.
6.9), the strain in the longitudinal direction will be zero (except at each end).
Strain therefore takes place only in the plane of the cross-section, producing
conditions of plane strain. Putting

&,=0 and o\ =0}, o,=V(o,—0y)
Then
te= (1 =)o V]

1%
£y = ,”'(— Vo, +(1—v)al)
Al e VR
or putting

s'=Ho+0y)
21 +vY1=2v)s
SV ==
EI

o, (e,)

Fig. 6.9 Plane strain beneath a retaining wall
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Thus, the volumetric modulus for plane strain is
El
K= [6.18]

(14 v)1—2v)

(d) Confined one-dimensional compression

Below large loaded areas, such as raft foundations, the strain in both lateral
directions may be considered to be zero. A similar state of one-dimensional strain
exists in the oedometer test (Section 10.3), wherein the specimen is confined
laterally by metal ring (Fig. 6.10{a)). Putting

e,=¢,=e,=0 and o,=0,=0)

Then

1
eh=0=E(—v’o’,+a{,—v’o{,)

Therefore
vl
6p= o, [6.19]
1—v
Also ¢,=¢, and the confined stiffness modulus may be written:
! 5 ’
Ey= 9. (or more strictly: ;z) [6.20]
62 z

Then, for an isotropically elastic material:

1
5z=E(0;—2V oy

=—1—(a’z——2v’ v a;)=&[(l+v)(l——2v)J
E 1= )" Bl d=w)
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So that

1 — '
Ey= E——' [6.21]
(1+v)Y1-2v)
Note that for a saturated soil with drainage prevented (i.e. undrained conditions),
v=v,=0.5; in which case Ej= o0, in other words no volume change can occur.

(e) Unconfined compression
This state rarely occurs in situ, but an unconfined compression test may be carried
out on specimens of saturated clay. The lateral stresses are zero: o, =0, =0.

7 et

Then .sz=2 and £;=s’y=vaz

E E

1-2v
and &, =&, +&+¢e,=——0,
E
.__E

Thus K'=--Z2= [6.22]

g, 1-2v

(f) Shear box test
During the application of the normal load there is no shear stress and confined
one-dimensional compression is taking place; the stiffness moduli are:

oo, , Ao,
Eb(lan) = or O(sec) = E [6.23(3)]
) A
o = OF Gloey=— [6.23(b)]
oy Ay

6.3 Effects of drainage and volume change

Both the water and the solid grains in soil have elastic properties, but their
relative volumes can vary under applied stress. In a saturated soil mass, an
increase in applied compressive stress causes the porewater pressure to increase.
If drainage is possible an outflow of water then takes place into surrounding
regions where the porewater pressure is lower. The rate of outflow depends on
the permeability of the soil: in gravels and sands it is rapid, but in silts and clays
it is very slow. As the excess porewater pressure is dissipated the applied stress
is transferred to the granular fabric of the soil as effective stress (see Section 4.5).

Undrained conditions

Undrained conditions occur when either drainage is prevented (e.g. as in an
undrained triaxial test) or when the rate of application of load is too rapid to
allow any significant outflow of water (e.g. immediately after the construction of
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a foundation on a clay soil). The deformation of an undrained soil mass is related
to the stiffness of both the porewater and the soil solids.

K(water) ~2.2 x 10% kN/m?
K(mineral grains)~5 x 107 kN/m?

Since the stresses normally encountered in soil engineering are below 1000 kN/m?,
the resulting volumetric strain will be less than 2 x 10~* and may be ignored.

Then K, = 0, i.e. there will be no volume change due to an increase in isotropic
stress. Also

=0= —g—(l —2v,) and therefore v,=0.5

u

£

vu

For a one-dimensional increase in stress:

é
Fully confined: E,=o0 Unconfined: E = %a

Eq

Under undrained conditions stress—strain behaviour is defined in terms of total
stresses. Since 6, —0,=0", — a5, then G=G" and from eqn [6.9]:

1.5
14

E,=F

u

[6.24]

Drained conditions
When loading is applied slowly, such that the water drains away without any
increase in porewater pressure, the volume will decrease and stress—strain
behaviour must be defined in terms of effective stresses. The principal constants are:
6_p’ G’=§ E’=5a“
o¢

K = ,
v by de,

and Vv [see also Section 6.2]

The drained behaviour during a one-dimensional compression (e.g. during natural
deposition, oedometer test) is always close to the idealised compression curve
shown in Fig. 6.11. The vertical strain may be expressed in terms of a change in
thickness (Ah), a change in void ratio (Ae) or a change in specific volume (Av):
Ah Ae Av —dh  —de —dv

—=——=— or de=

= = 6.25
h, l+e v h 1+e v [6.25]

When e is plotted against log ¢’ (or v against In ¢’), the lines of compression,
swelling (unloading) and recompression ideally consist of two straight lines.
Starting with the formation of soil as a loose mud at low stress and high void
ratio, a slow continuing compression will ideally follow the normal compression
line (NCL). If at any time circumstances (e.g. disturbance, excavation) increase
the void ratio into the zone above the NCL, the condition is unstable and the
soil collapses back to the NCL. Following a decrease in effective stress, the soil
expands along (ideally) a straight swelling line. If the soil is then recompressed,
the decrease in void ratio follows the swelling line in reverse; thus, this line is
referred to as the swelling—recompression line (SRL). The recompression behaviour
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1.0kPa (4

Y
Fig. 6.11 ldeal compression curve for soil

is ideally elastic and follows the SRL until the yield point (Y) is reached; this is
the intercept of the SRL and NCL. In practice, some hysteresis occurs in the
swelling and recompression lines (see Fig. 10.10). The magnitude of effective stress
corresponding to the yield point is referred to as the yield stress (6,) — sometimes
also as the preconsolidation stress or precompression stress. The value of o,
represents the highest level of stress to which the soil has been (historically)
subjected prior to the current application of load. A soil is said to be normally
consolidated if its in-situ voids-ratio:overburden-stress point lies on the NCL, and
as overconsolidated when it is below. The NCL and SRL can be defined as follows:

Normal consolidation line: e=e,—C logo’ [6.26(a)]
Swelling-recompression line: e=e,—C logo’ [6.26(b)]
where C_=the slope of the normal consolidation line (called the compression
index)
C,=the slope of the swelling-recompression line (called the swelling
index)

At the intersection of the two lines e theoretically has a common value:
e=ey—C logo,=e,—Clogo,

eo_es
Cc_Cs

So that logo,= [6.27]

It is not practicable to use eqn [6.27] to determine the yield stress (o) from
laboratory results because of hysteresis in the swelling-recompression curve: a
method of obtaining a reasonable estimate is described in Section 10.2.
The one-dimensional confined elastic modulus may be obtained thus:
d ! d ’
E=""—_(1-9<Z (from eqn [6.15])
de de
d C,
But, differentiating eqn [6.16(b)]: a—e,= —-——
o

’
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Table 6.1 Approximate values of compressibility

index (C.)
Soil types Plasticity (BS 5930) Range of C.
NC CLAYS Extremely high >0.72
and Very high 0.54-0.72
Silty CLAYS High 0.36-0.54
Intermediate 0.22-0.36
Low <0.22
Sandy CLAYS
and SILTS Low <0.10
’ OJ
Therefore E,=(1+ e)E [6.28]

s

The magnitude of E, may therefore be estimated when a value for C, is available,
e.g. from the results of an oedometer test. Alternatively, an approximate value
for C_may be taken from Table 6.1 and then C, assumed tobe C,/10 < C, < C,/4.

For example, if a clay is found to have a compression index C_,=0.20, C, may
be estimated as 0.05.

Then, if e=05, E;~300’
or if e=08, E;~360’
Since ¢’ is usually nearly proportional to the depth below the surface, it follows
that E, also increases almost linearly with depth. For the purpose of estimating

vertical displacement (e.g, settlement) the value of E’ is required. Using eqn [6.21]
and assuming v to have a value between 0.10 and 0.30:

_ E:,(l +Vv}1—-2v)

’

E =0.98E), to 0.74E, [6.29]

1—v

Also G'=045E, to 0.28E,

6.4 Analysis of stress using Mohr's circle

The Mohr circle of stress provides a convenient method of analysing two-
dimensional stress states. The reader will find fuller details and proof of the circle
construction in most elementary texts on the strength of materials. For the
purposes required here the following simplified procedure will be sufficient.
Figure 6.12 shows a typical case: a soil element below a cutting is intersected
by a trial failure surface. The analysis requires values and directions for the
principal stresses (¢,, 03) and the normal and shear stresses (o, 7) on the failure
surface. A generalised version of this problem is shown in Fig. 6.13(a). The Mohr
circle of stress (Fig. 6.13(c)) may be defined in terms of the orthogonal stresses
(0, 04, T, T;,) in the location of points P and Q. When the circle has been



Analysis of stress using Mohr'’s circle

o O3

Ta| A’
tlx A,:
1
o, | .
+T z ] o,
(a) orthogonal stresses o
s'=}(0;+0;) , (b} principal stresses
i
Ono ,
T
t'=lo;-0;)
5
rl)(

-T

Fig. 6.13 Mohr’s circle of stress

(c) circle geometry
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drawn, points A and B represent the minor and major principal stresses
respectively.

OA=o, and OB=o,

and the angle of inclination of the principal planes is given by / CPB=§.

In many problems — for example, in the analysis of triaxial test results — the
Mohr circle is constructed directly with values of the principal stresses. The
objective in such cases may be to obtain values for the normal and shear stresses
on a particular plane, perhaps a plane of shear slip (shear failure).

Consider the plane AA’ passing through the element at angle a to the minor
principal stress. Point D on the Mohr circle represents the stresses on this plane:

Normal stress, o, =abscissa at D
Shear stress, t=ordinate at D

The shear stress (1) therefore varies from zero when a =0, to a maximum value
when a =45° to zero again when o =90°. Its value may be obtained as follows:

7=DE =CD sin(180° — 2a) = CD sin 2a
but CD=1%(c), —0%)
Hence t©=%(0)—0")sin2x [6.30]
Similarly, the normal stress will be:
0,=0E=0A +AE=0¢"y+ADcosa

but AD=2ACcosa=ABcosa=(¢|—0%)cosa
Hence o), =0+ (0}, — %) cos?a

=1(c) +06%)+i(c’, — %) cos 2a [6.31]

The main advantage of using the Mohr circle construction lies in the ease with
which the statements for shear stress and normal stress can be written to
correspond to special stress regimes.

Figure 6.14 shows how the deviator stress (g’) is represented by the diameter
of the Mohr circle:
q'=(0y—0%)
Point T on the circle represents the maximum shear stress (x=45°) and has the
coordinates (s’,t):
s'=4o) +0%) [6.32(a)]
t'=%(0) —0%) [6.32(b)]
When the corresponding circle is constructed for total stresses, it will have the

same diameter, but is shifted to the right along the normal stress axis by an
amount equal to the pore pressure (u) (Fig. 6.15).

Total stress: 6, =0, +u

oy=03+u
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Fig. 6.15
Subtracting, 6, —6,=07 —0d}
or g=q [6.33]
Also s=s"+u
and t=¢ [6.34]
Similarly p=p'+u [6.33]

6.5 The Mohr-Coulomb failure theory

In the case of a shear slip failure or continuous yielding, the Mohr circle containing
the normal and shear stresses on the slip plane is clearly a limiting circle. Limiting
circles at different values of normal stress will all touch a common tangent which
is called a failure envelope (Fig. 6.16). The equation of this failure envelope (usually
referred to as Coulomb’s equation) is:

Tg=c'+o,tan @’ [6.36]
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T,

Failure envelope:

. . ,
T, =¢ +o,tang

- ITVIohr circle:

= (g’ v si
= F{o] - o3} sin 2q,

Fig. 6.16 Mohr-Coloumb failure theory

Where ¢’ =angle of friction or the angle of shearing resistance
¢"=apparent cohesion

From the geometry of the Mohr—Coulomb construction the angle of the plane
of failure is:

o =3(90°+¢')=45°+¢'/2 [6.37]

If a number of samples of the same soil can be brought to a state of shear slip
Jailure or continuous yielding and the principal stresses (¢ and ¢7) are measured,
the Mohr—Coulomb construction may be used to determine the failure envelope
and thus values for the parameters ¢’ and ¢'.

6.6 Analysis using stress paths

In an elastic body the deformation caused by a change in loading is predictable
from the value of E' and the total change in load. The final value of strain is not
affected by intermediate variations in the pattern of loading, but only with the
overall change. Soil masses, however, demonstrate elasto-plastic behaviour, so
that the exact pattern of loading or unloading may significantly affect the final
result.

In an analysis of elasto-plastic behaviour it is instructive to plot the stress
changes that take place throughout the entire pattern of loading. Diagrams or
graphs of stress changes are referred to as stress path diagrams. These will take
a number of forms dependent on type of analysis required.

(a) Stress paths in o/ space

Figure 6.17 shows idealised stress—strain graphs representing the behaviour of
different metals in tension. The arrows indicate the direction of stress change
and the lines O—>F are stress paths. Typically, elastic behaviour is indicated
when the strain (¢) corresponds to the same value of stress (o) irrespective of
any intermediate change in loading. The stress path O—C is a straight line, thus
demonstrating Hooke’s law, i.e. do/de=constant.
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Fig. 6.17 Stress—strain behaviour

At point C (the yield point), a sharp increase in strain occurs and the material
ceases to behave entirely elastically. Further increase in loading causes plastic
straining which is not recovered with unloading. In brittle materials an ultimate
failure occurs soon after the yield point (Fig. 6.17(a)), whereas ductile materials
exhibit a significant amount of plastic straining before breaking (Fig. 6.17(b)).
In a fully plastic state the material continues to yield without any increase in
stress (Fig. 6.17(c)). In materials such as mild steel and copper strain hardening
(increase in yield point stress) occurs (Fig. 6.17(d)). In materials such as lead,
aluminium and many plastics the straining is largely inelastic and strain softening
(reduction of the yield point stress) may occur (Fig. 6.17(¢)).

Loose or soft soils in compression generally exhibit strain-hardening
characteristics, i.e. they contract and become stiffer. The shear behaviour of soil
is more complex and much depends on the density. In compact sands and
overconsolidated clays a brittle failure in the form of a shear slip is likely to
occur at the peak stress (Fig. 6.18). In loose or soft soils contraction takes place
up to the yield point and then continuous straining occurs at a constant or
decreasing ultimate stress. Where very large strains (> 1 m) occur, e.g. in hillside or
embankment landslips, the ultimate stress may further decrease to a lower residual
stress, which is a form of strain-softening behaviour.

The use of stress paths to study this sort of behaviour is considered further
in Section 7.18.
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Fig. 6.18 Stress—strain curve of a shear test on soil
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Fig. 6.19 Stress paths in ¢7/0 space

(b) Stress paths in ¢,/0; space

For many problems and in the interpretation of shear test results comparisons
are often required between drained and undrained behaviour and between effective
stresses and total stresses. Stress paths plotted on principal stress axes may be used.
In Fig. 6.19, O—C represents an isotropic increase in stress (Ac, =Ao,=Ag,)
under drained conditions (Au=0). If &, is now increased uniaxially (6,=0;=
constant), the stress path for drained conditions will be C—SD, whereas with
drainage prevented the pore pressure will rise and the stress path will be C—SU,
since ¢'=6—u. /65 stress paths for typical triaxial compression tests are
discussed in Section 7.17.
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(c) Stress paths in t'/s’ space

Stress states can be conveniently represented by the Mohr circle and this can
also be related to a failure criterion. The coordinates of the maximum shear
stress point of a Mohr circle are given by:

Figure 6.20 shows drained and undrained stress paths for a uniaxial increase in g, .
From an initial stress state ¢; =0%=0C and with full drainage the total and
effective stress paths follow the sameline: C—ST(SE). Under undrained conditions
(in a saturated soil) the pore pressure increases with the increase in ;.

Mohr-Coulom
failure envelope

ST(SE)

t'=l(c}-03)

¥ "
= s'=l{0;+0;) .
f !
(a) stress path for drained loading

¢

S=S'+u,

1

(b) total and effective stress paths for undrained loading

Fig. 6.20 Stress paths in t'/s’ space
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Fig. 6.21 Stress path for loading from a strip footing

The total stress path (TSP) is again at 45°; O—-ST. However, the effective stress
path (ESP) curves backwards, since s'=s—u: C—SE.

The comparative behaviour of soil under increasing and decreasing stress can
be illustrated using t'/s’ stress paths. In Fig. 6.21 the stress path for a point below
a strip footing in a clay soil is shown. During construction the stresses increase
rapidly from their original values of ¢, and &, under virtual undrained conditions
and the pore pressure rises by Au. In the course of time, the pore pressure
dissipates due to consolidation drainage (SU—SD). It is important to note that
the final stress point is further away from the failure envelope, leading to the
conclusion that in the short term undrained loading is more critical than drained
loading in these circumstances, i.e. under a foundation. In Fig. 6.22 the stress
path is shown for undrained loading at a point adjacent to an excavation. In
this case, a reduction in stress induces a negative (suction) pore pressure (—Au),
thus the immediate or undrained stress path is C—SU. In response to the suction
the water content gradually rises until the negative excess pore pressure has
been reduced to zero, the stress path being SU—-SD. The final stress point is
nearer to the failure envelope and thus the long-term drained strength is the
more critical in problems relating to the stability of excavations and cut slopes.

At the point of failure, the Mohr circle touches the Mohr—Coulomb failure
envelope. The stress point (s¢, ¢¢) in this circle is therefore an alternative parameter
of the failure condition. A line drawn through a series of such stress points in
failure circles may be defined as the stress point failure envelope and utilised as
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Fig. 6.23 Stress point (¢/s') failure envelope

an alternative failure criterion (Fig. 6.23):
te=a'+sgtana’ [6.38]

The parameters of the stress point failure envelope are related to those of the
Mohr-Coulomb criterion as follows:

sin ¢’ =tan o’ ' [6.39(a)]
c¢'cosa’'=a’ [6.39(b)]
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(d) Stress paths in g'/p’ space
While the stress path methods described above are useful in problems involving
plane strain, they are somewhat limited in a general sense since they cannot easily
represent true triaxial conditions. If the mean stress p’ and the deviator stress g’
are used instead of s’ and ¢’ then plane strain, biaxially symmetrical and true
triaxial stress states can be represented with equal facility.

For true triaxial stress (6, #0,#03):

Mean normal stress, p'=1(¢, + ¢, + 05)

and p=p'+u
Deviator stress, q'=0,—0}
and q=q

For triaxial stresses with biaxial symmetry (e.g. triaxial test):
p'=%o,+20%) and p=p +u
g'=0y—03 and g=¢

Figure 6.24 shows a g'/p’ plot typical of an undrained triaxial test. The isotropic
consolidation stage follows the path O—-C and at C;

0,=0,=0; and u,=0
Giving p,=p,=05=0;

As o, is increased uniaxially, the total stress path is C—SD and has a slope
dq'/dp' =}

p'=%(0' +20%)=3(0} — 0’ +30%)

=1q' +7}
pl
Differentiating, — = —~
dg 3
g
failure envelope
q;=Mp}
P Lot
—f- '
0 . C P
. Po=Po=Cs ,
v —1
L b — |
L] hal }

Fig. 6.24 ¢q'/p’ stress paths
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As the sample is undrained the pore pressure increases during the uniaxial stage
from zero to u, and the effective stress path will be C—SU.
An envelope may be defined corresponding to the values of ¢’ and p’ at failure:

9= Mps £6.40]

The relationship between M (M) and the angle of friction ¢’ defined by the
corresponding Mohr—Coulomb failure envelope can be obtained as follows:
From the Mohr circle (Fig. 6.20(a)), when ¢’ =0:

1 7 ’

. (o —0o
sin ¢’ = 4f( ,1 f’)
2(0 +0%)

. o7 1—sing¢’
Transposing, —= ——-———?—
g7 1l1+sing’

q/ o,/l . 0_13
From eqn [6.40], M=—=——"—
p' 3o} +20%)

<, 1 —sin ¢’ ,>
o\ ———— 0
1 +sin ¢’
2(1 —sin ¢')o
1+sin ¢’
_3(1+sin@'—1+sin @)
" (1+sin ¢'+2—2sin @5,
_ 6sing’
" 3—sing’
3M

Transposing, sin ¢' = ——— 6.41
posing, sin ¢ Y [6.41]

Substituting, M=

'
1

6.7 The yielding of soils

Stress path diagrams can be usefully applied to the study of yielding phenomena
in soils. Figure 6.17 illustrates the dramatic changes that follow when a material
is strained beyond the yield point. In structural components made of steel,
concrete, timber, etc. yielding does not (normally) occur, but in many situations
in soils engineering the applied loading can take the stress—strain state past the
yield point. In soil masses, yielding can be brought about by different combined
stress regimes, €.g. isotropic, triaxial, plane strain, one-dimensional compression,
etc. Figure 6.25 shows some typical stress—strain curves which demonstrate
yielding behaviour in clay. The value of yield stress (p;, q;, g}, etc.) at the first
yield point Y, depends on the combined stress regime under which it occurred,
and yet the same soil ought to yield each time at a characteristic yield criterion
— which is clearly not just a simple stress (or strain) value.

The nature of the yield criterion can be demonstrated by conducting a number
of different tests on specimens of the same soil. Suppose the following tests were
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Fig. 6.25 Loading-unloading of clay (after Wood, 1990, and others)
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Fig. 6.26 Location of yield curve from yield points

carried out in triaxial apparatus on specimens of a non-sensitive clay soil, each
commencing at the same cell pressure.

(A) isotropic compression: yield point Y, obtained from v/In p’ plot

(B) one-dimensional compression: yield point Yy obtained from v/Inp’ or ¢'/p’
plot

(C) constant mean stress: yield point Y obtained from q'/e, plot

(D) undrained triaxial compression: yield point Y, obtained from q'/e, plot

Figure 6.26 shows how the four yield points would occur in a ¢q'/p’ plot. A yield
curve (or yield locus) can be drawn through the points Y,, Yy, Y¢, Yp (and through
other points from different tests). Thus, yield can be represented by a yield curve,
which is similar to a failure envelope. Yield curves for subsequent yielding (after
unloading and reloading) can be obtained by plotting results from appropriately
devised test routines. Finally, a curve can be added passing through the brittle
Jailure points (Fig. 6.27). Figure 6.28 shows the generalized set of yield curves in
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Fig. 6.27 Successive yield curves in ¢'/p’ plane
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Fig. 6.28 Yield curves in orthogonal stress piane

orthogonal stress space defining the elastic, plastic and brittle behaviour of the
soil. A yield surface can be constructed by plotting the plastic strain (i.e. intervals
between subsequent yield points) along a third axis (Fig. 6.29).

The plastic deformation (or flow) of a material is associated with the yield
surface. The vector of plastic straining at a given yield point will be perpendicular
to the yield curve, the direction d&}/def (or de§/deb, etc.); this is referred to as the
plastic strain increment ratio (or the plastic dilatancy). At the same point, the
stress ratio is 6a,/dc (or 6q'/op, etc.). The relationship between the stress ratio
and the plastic strain increment ratio is known as the flow rule.

Stress ratio, n=204q'/dp [6.42(a)]
Plastic strain increment ratio, tan f=de5/dep [6.42(b)]
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The flow rule for a soil can be defined with a stress/dilatancy (n/b) plot (Fig.
6.30). Note that for isotropic compression 1 =0 and at the critical state n=M.

6.8 Ciritical state theory

The particulate nature and porosity of soil leads to volume changes of significant
magnitude under compressive and shearing loading. In addition, because of the
wide range of permeabilities, the rate of volume change in some sands is so fast
as to be almost instantaneous, whereas in a clay it could be 10 million times
slower. It is therefore necessary to relate any changes in stress state to the
consequent short-term and long-term changes in volume. The parameters ¢’ and
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¢, evaluated from a stress-state analysis using the Mohr—Coulomb criterion, are
valid for a given soil only at a particular volume and may vary considerably at
different volumes. The undrained shear strength s, is directly related to the
water content of the soil.

The critical state theory provides a unified model of soil behaviour in which
the stress states and volume states are interrelated. The concept was first proposed
in 1958 by Roscoe, Scholfield and Wroth in a paper on the yielding of soils and
further work followed mainly in the University Engineering Department at
Cambridge leading to several subsequent publications: Parry (1960), Roscoe and
Burland (1968), Scholfield and Wroth (1968), Atkinson and Bransby (1978),
Atkinson (1981), Muir Wood (1990). A model is proposed in which the soil will
yield, ie. pass from purely elastic to elasto-plastic behaviour, at a critical specific
volume (v.=1+e ). Yielding or shear slipping is then considered to be occurring
as the combination of effective stress (a7, 0%, 0%) and the specific volume (v)
coincides with a state boundary surface. This state boundary surface may be seen
as a three-dimensional analogue of a failure envelope such as the Mohr—-Coulomb
criterion. Consider a series of six triaxial compression tests on specimens of the
same normally consolidated clay in which pairs of specimens are consolidated
to the same value of isotropic stress (py) before the major principal stress is
increased up to the yield point. Figure 6.31 shows the stress paths for the six
tests in q'/p’ space.

Consolidation stages: O—-C,, O-C,, O-C,
Undrained specimens: C,—»U,, C,-U,, C;—»U,
Drained specimens: C,—»D,, C;—-D,, C;-D;

At the respective yield points the stress paths each terminate on the same
failure envelope (q;= Mp;). However, during the uniaxial stages of the drained
tests a change in volume takes place, whereas in the undrained tests the volume
remains constant. For a complete model of the stress—strain behaviour, therefore,
changes in volume associated with changes in stress must be incorporated.

During consolidation under isotropic stress (p,) the volume change path will
move along the normal consolidation line (NCL), as shown in Fig. 6.31(b). The
volume/stress paths are drawn in v/p’ space, where v=specific volume (=1 +e).
The drained paths C—D indicate a décrease in volume and the undrained paths
C-U indicate constant volume. The curve passing through points U,, D, U,,
D,, U; and D; represents the failure criterion in v/p’ space, which is a projection
of the failure criterion in q’/p’ space.

Thus Figs 6.3)(a) and 6.31(b) are respectively an élevation aad 4 plan of 4
three-dimensional failure criterion line in q’/v/p’ space; this is called the critical
state line (CSL). The critical state line is a curve drawn on a three-dimensional
state boundary surface which represents the yielding of soil, ie. it is the
boundary between elastic and plastic behaviour. For convenience in mathematical
interpretations the plan view of the CSL is often shown as v/In p’ (Fig. 6.31(c)).

The critical state model was developed using remoulded saturated clays, but
it may be assumed sufficiently representative of naturally occurring clays to
provide a generalised model of behaviour. The defining equations and other
relevant relationships must now be established. The CSL line is shown in a
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Fig. 6.31 ¢ /v/p’ plots of triaxial test results

three-dimensional projection in Fig. 6.32, For analytical purposes it is convenient
to use the g'/p’ elevation and the v/In p’ plan.

Coordinate dimensions:

Deviator stress, q' =004

Mean normal stress, p’' =4(c', + 6% +07%)

Specific volume, v=1+e

Equations defining the CSL (Fig. 6.33):

v=I—Ailnp’ [6.43(b)]

Where, I' = value of specific volume (v) at p’=1.0 kN/m?
A=slope of the CSL in the v'/In p’ plane

‘The equation defining the normal consolidation line in v/ln p’ space (Fig. 6.34) is:
v=N—-Alnp’ [6.44]

Where, N = value of specific volume (v) at p’=1.0 kN/m?
A=slope of the NCL in the v/In p’ plane
(assumed to be equal to the slope of the CSL)



Critical state theory 173

*

CU=undrained path
CD=drained path

v

Fig. 6.32 A three-dimensional projection of the critical state line

Rearranging eqn [6.43(b)]:
F—v
A

p'=exp [6.45]

I—v

Also, ¢'=Mp’'=Mexp [6.46]

The equation of the swelling line in v/In p’ space is:
v=v,—klnp’ [6.47]

The normal consolidation and swelling lines for isotropic and one-dimensional
consolidation may be assumed parallel and to have the same slopes (4 and x).
However, the intercepts of the specific volume axis for one-dimensional
consolidation (N, and «x,,) are lower (Fig. 6.34). These lines are also parallel
with those drawn in e/log p’ space (Fig. 6.11), thus:

C.=23) and C,=23x [6.48]

Referring to Fig. 6.31 again, the families of C—»U and C—D stress paths are
seen to have similar shapes. These paths in fact traverse a three-dimensional
surface whose boundaries are the CSL and the NCL. This is clearly part of the
state boundary surface and is called the Roscoe surface (after the late Professor
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Fig. 6.33 Critical state line and stress paths for undrained loading on a normally consolidated
clay

K. H. Roscoe). The position of the stress path on the Roscoe surface is determined
by the consolidation pressure (p;).

In the case of lightly overconsolidated soil, the stress path will commence on
the swelling line at a point (L) between the NCL and the CSL (Fig. 6.35), i.e.
at a volume greater than critical and at a moisture content wetter than critical.
Under undrained loading the stress path will be L-»U (i.e. constant volume)
and for drained loading the path will be L—>D. A heavily overconsolidated soil
will have been consolidated to a v/p’ point on the swelling line below the CSL
(point H in Fig. 6.36). Under undrained loading, with the volume remaining
constant, the stress path will be H—- UH, where UH is a point above the projection
of the CSL passing through the g'/p’ origin. After yielding, the stress path will
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Fig. 6.34 Consolidation and swelling lines in v/In p’ space

continue with further straining along a straight line (TS) to meet the CSL in S.
The critical state is only likely to be reached in part of the soil adjacent to slip
surfaces that may develop. The greater the degree of overconsolidation, the greater
is the strain required to bring the soil to its critical state.

Under drained loading conditions heavily overconsolidated soil will expand
and the volume will continue to increase after yielding. The stress path will be
H—DH, where DH is a failure point also on the line TS. After yielding, the
increase in volume causes the stresses to fall back to residual value (RH) which
may be on or below the projected CSL line. The soil adjacent to slip planes will
be affected to a much greater degree and will thus become weaker.

The line TS therefore represents that part of the state boundary surface which
governs the yielding of heavily overconsolidated soils and is called the Hvorslev
surface (after Professor M. J. Hvorslev). The third part of the state boundary
surface lies between O and T in the ¢q'/p’ plane. This represents the condition of
zero tensile stress (65 =0) which is an assumed limit for soils and is called the
no tension cut-off. Figure 6.37 shows a q'/p’ constant volume section of the
complete state boundary surface, the defining equations of which are:

No tension cut-off line (OT): ¢’ =3p’ [6.49]
Hvorslev surface (TS): g =Hp +(M—H)exp _ [6.50]
I'—v—Inp’
Roscoe surface (SC}: q= Mp’l:l + _lup—] [6.51]
—K

When examining plane strain stress states it is convenient to redefine the
appropriate parameters as follows (Fig. 6.38):

CSL: t;=sin ¢Ls; [6.52]
=T —Alns; [6.53]
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NCL: v=N,—Alns
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t'=§"sin (p’c[1+ 7
—K

[6.54]
[6.55]

[6.56]

[6.57]

The complete state boundary surface has now been fully defined in terms of both
triaxial stresses and plane strain. A generalised three-dimensional view is shown
in Fig. 6.39 in which SS is the critical state line, NN is the normal consolidation
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Fig. 6.36 Ciritical state plot for a heavily overconsolidated soil

line and the three component surfaces are:

VVTT =no tension cut-off
TTSS = Hvorslev surface
SSNN = Roscoe surface

It is important to distinguish between the behaviour of normally consolidated
and overconsolidated soil. The stress paths for a normally consolidated soil will
lie on the Roscoe surface, whereas stress paths for overconsolidated soil lie below
it and progressively further away as the degree of consolidation increases.

In the case of overconsolidated soils, critical states are preceded by peak (and
other) states; the overconsolidation ratio has a significant effect on stress paths.
In order to obtain simpler (and non-dimensional) plots adjusted for stress history,
test results can be normalized by dividing by an equivalent stress value that
occurs on either the critical state line or the normal compression line. The CSL
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is usually chosen since it is unique for a given soil. The normalising parameters
for different types of test are shown in Fig. 6.40. Point T represents a current
stress—strain state. For direct shear or one-dimensional compression, the
normalising parameters are either o/, (the equivalent stress on the CSL) or o,
(the equivalent stress on the NCL). For triaxial test results plotted in q'/Inp’'/v
space, the corresponding parameters are p. and p.. Figure 6.41 shows a normalised
plot, ie. q'/p. against p’/p;, representing a constant volume section of the state
boundary surface. Thus for a normally consolidated soil (p,=p.) the stress
paths traverse the Roscoe surface to reach the CSL at S. With overconsolidation
Po<p. and so the stress paths start between E and C. Lightly overconsolidated
soils are less dense and wetter than critical and their stress paths (L—S) reach
the CSL from below. Heavily overconsolidated soils are more dense and drier
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—»In s’

Fig. 6.38 Critical state boundary surface for plane strain

than critical and their stress paths commence between O and E before curving
slightly in the opposite direction as they rise toward the Hvorslev surface. They
then follow the Hvorslev surface if straining continues undrained or fall back
slightly when drained.

It is important to recognise the three significant stress states in the case of
heavily overconsolidated soils. The peak stress shear is reached when the stress
path reaches the Hvorslev surface, whereas the critical stress occurs at the CSL.
After large strains, especially along slip surfaces, the yield stress state will fall
back to a lower residual value. This concept is an essential consideration in the
interpretation of shear tests and in the application of measured parameters in
design problems. For numerical examples and interpretative examples see
Chapter 7.
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6.9 Contact pressure

181

Contact pressure is the intensity of loading transmitted from the underside of a
foundation to the soil. The distribution of contact pressure depends on both the
rigidity of the footing and on the stiffness of the foundation soil.

Consider a footing carrying concentrated column loads such as that shown
in Fig. 6.42. When supported on hard soil or rock, which has a high displacement
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modulus, the load is transmitted to a relatively small area, since a high intensity
of stress can develop (Fig. 6.42(a)). On a less stiff foundation medium the loading
is distributed laterally, producing lower values of contact pressure, until in a soft
soil it may be almost uniform (Figs 6.42(b) and 6.42(c)).

When there is a relatively thick layer of compressible soil beneath a footing
the settlement profile tends to become dish-shaped. A uniformly loaded footing
of perfect flexibility will theoretically transmit a uniform contact pressure in order
to produce this dish shape (Fig. 6.43(a)). A perfectly rigid footing will settle
uniformly across its breadth. Thus, in a compressible soil a rigid footing, in
settling uniformly, will transmit a higher contact pressure near the edges.
Extremely high edge stresses cannot occur, however, since as the soil yields some
of the load is transferred inward, producing a distribution such as that shown
in Fig. 6.43(b).

uniform applied load=q,

|
|
FTH T dish-shaped
Qmax=Qa | settlement profile
|
(a) Tuniform contact pressure
uniform applied load=q,
|
IR
ahiild
(xy) oqa
q
qmll }L
I Bga
(b)
uniform|applied load=q,
1
[y v vle v v ]
1l niform settlement
Qmax

(c)

Fig. 6.43 Effect of footing rigidity on contact pressure
(a) Flexible footing (&) Rigid footing on cohesive soil (¢) Rigid footing on
cohesionless soit
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In sands, the contact pressure near the edge will be lower (tending to zero
under shallow footings) and that under the centre will be higher because of the
higher confining pressure (Fig. 6.43(c)). Under deeper footings the confining
pressure and therefore the contact pressure is more uniform.

Most footings are neither perfectly flexible, nor perfectly rigid, so that actual
distributions are somewhere between these extremes. In designing wide reinforced
concrete foundations a sensible distribution of contact pressure should be sought,
bearing in mind the stiffness of both the footing and the foundation soil. It should
also be remembered that the contact pressure distribution will also affect the
bending moments in the footing. For the purpose of calculating stresses and
displacements within the soil mass sufficient accuracy may be obtained by
assuming a uniform distribution of contact pressure.

6.10 Stresses in a soil mass due to applied loading

Soil masses in practical situations mostly have a horizontal surface from which
the depth (2) is measured downwards, with x and y being lateral dimensions. The
magnitudes of x, y and z are usually large compared with the size of the structure.
The conceptual model of the soil mass is therefore a semi-infinite elastic half-space,
the boundaries of which are sufficiently remote not to affect the analysis. The
soil is assumed to be homogeneous and isotropically elastic, thus a straightforward
application of elastic theory is the normal approach. Of course soils do not
comply with such ideal conditions, but providing the stresses stay well below the
yield point, the magnitude of errors will be small, and well within natural
variations of other properties.

In 1885 Boussinesq published solutions for the stresses beneath a point load
applied at the surface of such a soil mass. Subsequently, many other solutions
have been developed for both stresses and displacements relating to different
types of loading, layers of finite thickness, multi-layered masses and internally
loaded masses (Ahlvin and Ulery, 1962; Giroud, 1970; Newmark, 1942; Poulos
and Davis, 1974; and others). Some of the more commonly used expressions are
given below.

(a) Stresses due to a vertical point load

The original work of Boussinesq related to a point load. Using polar coordinates
(r,0,2), the increase in stresses at a given point (Fig. 6.44) due to a point load (P)
at the surface are:

3
Agz=.3_P.z__
27R3
A= P {3zr2_R(1—2v'))
2nR?\ R? R+z

P z R
Aoyg=—— (v —1)| Z- 6.58
i )(R R+z> [6.58]
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Fig. 6.44 Stresses due to a point load

3Pz?
At,.= = = Ao,
2nR? z
Atg,=A15,=0

where v =Poisson’s ratio referred to effective stress.

In undrained conditions, v,=0.5, and so Agy=0 and Ac,=Ac,(r?/z?).
The increase in vertical stress can be written:

P
Bo.=~1, [6.59]

where I, =the point load influence factor

3/z\° 3 1 512
=5;(E) —2—[1—_(/—)] [6.601

Values of I, can be tabulated against r/z for use in practical calculations, but it
is quicker to use a computer spreadsheet, or even a hand-held calculator. Figure
6.45 shows the variation of Ag, vertically with depth and horizontally offset from
the load point. The point load expression can be used in problems where the
contact pressure is non-uniform. The loaded area is first simplified to a set of
small rectangular areas, each transmitting an equivalent point load at its centre.
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Fig. 6.45 Variation of stress due to a point load
(a) Variation with depth (z) (b) Variation with radial offset (r)

Applying the principle of superposition, the stresses at the point are calculated
by summation — see Worked Example 6.1.

(b) Stresses due to a long line load
A line load is assumed to have length, but not breadth, and to be uniformly
loaded along the length. Then at point A in Fig. 6.46:

3
Ae. =2 _ =
T r (22
20 x%z
po,= 2 [6.61]
2
At 20 xz

xz

7 (4222
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Fig. 6.46 Stresses due to line load
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Fig. 6.47 Horizontal thrust on a rigid structure due to a line load

Equation [6.61] can be used to determine the increase in horizontal stress on
earth-retaining structures, such as sheet-piles and concrete walls. It is assumed
that the wall will be rigid and that there are (in effect) two line loads, one on
each side of the wall at equal distance (Fig. 6.47). The increases in horizontal

stress may then be determined from:

Ao

4
w=2A0,= Q

x2z

4

7 (x*+z22)?
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or, putting x=mH and z=nH (where H =height of the wall):
[6.63]

The resultant horizontal thrust force can be found by integrating this expression
over the height (H) of the wall:

2l
P, = Ac,dz= ——d
Lf e T

. 20 H?
from which P, =222 6.63(a
rom whic e N7 [6.63(a)]
20 1
or p =2 [6.63(b)]
7 mi+1

The position of P, (depth below top of wall) can be obtained by taking area
moments.

(c) Stresses due to a uniform strip load
The length of a strip footing is very long compared with its breadth. Most usually,
strip footings are uniformly loaded, or at least approximately so. The problem

is therefore two-dimensional. The orthogonal stresses at a point (z, x) from the
centreline (Fig. 6.48) can be expressed in the following simplified form:

Ao.= [ —sin pcos pRa+ B)]
n

Ao, =4[ B+sin B cos fa+ )] [6.64]
¥

At = g[sin Bcos f(2a+ )]
n

The values of angles x and f can be determined from the cross-sectional
dimensions by simple trigonometry — sce Worked Example 6.2.

(d) Stresses due to a triangular strip load
A ‘triangular’ load occurs when the contact pressure varies linearly across the

breadth of the strip from zero to a maximum value (Fig. 6.49), e.g. below the
sloping sides of an embankment. The orthogonal stresses are:

Ao, = gI:iﬁ —4sin 2a:|
nl ¢
q| x ) z x2—2z2

AO'X=— —ﬂ+%sln2ﬂ——ln 3 2 [665]
nl ¢ ¢ \x*—¢?t—:2

At = gI:l +cos2f— 2~aj|
n c
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Fig. 6.49 Stresses due to a triangular load

The values of angles o and f can be determined from the cross-sectional
dimensions by simple trigonometry — see worked example 6.3.

(e) Stresses due to a uniformly-loaded circular area
For uniformly loaded areas, e.g. raft foundations, tank bases, etc., the Boussinesq
expressions are integrated over the area. For example, in the case of vertical



Stresses in a soil mass due to applied loading

T
» element of area
0 2 rddr L
— __.__.2 = —_—— _— —— —
i ar
' |
X
Aa,
{a)
T-
[ ! 8 _ .
' I ! uniform contact
| — pressure = q
N -
N
\\ z
Ao,
r ol
1
Y
z
{b)
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(a) Stress beneath centre of circle (&) General vertical stress case

stress below the centre of a circular foundation of radius a (Fig. 6.50):

The load on the small element =g x rdfdr

Then, using eqns [6.59] and [6.60] and integrating over the circular area:

J'z" J" qrdfdr 3 ( 1 )5’2
Ag,= —
o Jo 22 2m\1+(r/z)?

Which solves to:

1 3/2
“"==‘1{1‘[ﬁa/—zﬁ] |
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[6.66]
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Unfortunately, an analytical solution for the general vertical stress increase, i.e.
at point (r, z), has not yet been found. Some solutions have been demonstrated
using numerical methods (e.g. Ahlvin and Ulery, 1962), and from these it is
possible to obtain values of reasonable accuracy.

Ac,=q(A+B) [6.67]
e,=(1+V)[(1—2v)A+ B]

where A and B are partial influence factors as given in Table 6.2.

(f) Stresses due to a uniformly-loaded rectangular area

This application is perhaps the most widely used in soil engineering design.
Expressions for the component stresses can be obtained by integrating the
Boussinesq expressions. Several types of solution have been proposed involving
formulae, tables and charts. The principal expression is for the increase in vertical
stress beneath one corner of a flexible rectangular area carrying a uniform load (g):

Ao, =qly [6.68(a)]

where I is an influence factor dependent on the length (L) and breadth (B) of
the loaded area, and the depth (z) of the point at which the stress is required. It
is usual to express I in term of the parameters m=B/z and n=1L/z.

I:Zmn./m +n*+1 /m +n +2> tan_1<2mn. /m2+n2+1)]
47:

m?+n* +m*n?+ 1\m>+n+1 m?+n*+m2n?+1

[6.68(b)]

Table 6.3 gives values of Iy with respect to m and n, but eqns [6.68] are easily
incorporated into a spreadsheet for easier application (Whitlow, to be published).
Fadum (1948) plotted a set of curves for Iy against m and n (Fig. 6.51); these are
much used in textbooks and examinations.

Any foundation which has a rectilinear plan may be considered as a series of
rectangles, each with a corner coincident with the point beneath which the increase
in stress is required; the value of stress increase at the point is then found using
the principle of superposition — see worked example 6.5.

Worked examples of stresses due to applied loads

Worked example 6.1 The footing shown in Fig. 6.52(a) carries an inclusive uniform loading
of 250 kN/m? over the shaded area and 150 kN/m? over the unshaded area. Determine the
increase in vertical direct and shear stresses at a point 3.0 m below the corner A.

A solution can be obtained using point-load influence factors. First, the footing is
divided into squares of 1 m side length and the uniform loading resolved into a series of
point loads occurring at centres of the squares (Fig. 6.52(b)).

Point load on each shaded square =250 kN
Point load on each unshaded square =150 kN
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Fig. 6.571 Fadum'’s chart

The calculations are tabulated below. The x,y,z coordinates are calculated for each square
centre from a common origin at point A.

z=depth RZ=x2+y*+2? I, is obtained from eqn [6.58]

Squares No. Coordinates Depth Radial Influence Load  Vertical Shear

X y z R Jactor P Stress stress

(m) (m) (m) I, (kN)  (kN/m?)  (kN/m’)
1,4 2 1.5 25 30 4.1833  0.0906 150 3.02 293
2,3 2 0.5 25 30 39370 0.1227 150 4.09 347
5,15 2 1.5 1.5 30 3.6742 0.1733 150 5.78 4.08
9,13, 16 3 0.5 1.5 30 33912 0.2587 150 12.94 6.82
14 1 0.5 05 30 3.0822 04171 150 6.95 1.64
8 1 1.5 1.5 30 36742 0.1733 250 481 340
6,7, 12 3 0.5 1.5 30 3.3912  0.2587 250 21.56 11.36
10, 11 2 0.5 05 30 3.0832 04171 250 23.17 5.46
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The summations of the last two columns give the increase in stress required:

Increase in vertical stress,

Ac,=82.31 kN/m?

Increase in vertical shear stress, At,,=39.18 kN/m?

Worked examle 6.2 A continuous strip footing of breadth 4.3 m carries a uniform load of
100 kN/ni?. (a) Plot the distribution of vertical stress occurring on a horizontal plane at a
depth of 3.0 m below the footing, and (b) compare this distribution with that obtained when
a 30° ‘load spread’ is assumed and comment on any ‘errors’.

(a) Since the loading is uniform, the vertical stress distribution will be symmetrical about
the centre-line of the footing. The vertical stress induced at various offset distances
is tabulated below and plotted in Fig. 6.53 using eqn. [6.64].

Depth  Offset Angle a Angle B Influence  Vertical stress
(m) (m) (rad) (rad) Jactor, I,  (kN/m?)
3.0 0 —0.622 1244 0.697 69.7

0.5 —0.503 1.226 0.683 68.3

1.0 —0.366 1.176 0.640 64.0

1.5 —0213  1.096 0.571 57.1

20 —0.050 0.995 0.484 484

215 0.000 0962 0.455 455

2.5 0.116 0.882 0.389 389

30 0276 0.767 0.299 29.9

40 0.553 0.564 0.163 16.3
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(b) The 30° load spread’ method is commonly adopted as a means of estimating vertical
stress beneath a footing; it does, however, produce substantial errors. The assumption
is that the same load over breadth B at the base of the footing is distributed uniformly
over breadth B, at depth z below the base.

Where B, =B+ 2ztan 30°
For this footing: B,=4.3+2x3.0tan30°=7.76 m
Then Ao, =100x4.3/7.76 = 55.4 kN/m?
This distribution is represented by the broken line in Fig. 6.53.
Assuming the plot derived in part (a) to be correct, the errors incurred when assuming
a 30° load spread are:

At the centre: {=(55.4—69.7)100/69.7= —20.4 per cent (underestimate)
At edge of footing: {=(55.4—45.5)100/45.5=21.8 per cent (overestimate)
At the limit of load spread: {=(55.4—17.6)100/17.6 =214 per cent (overestimate)

If the vertical stress increase at a specific point is required the ‘load spread’ method
is best avoided. The average increase in vertical stress can be estimated from the area
under the curve in Fig. 6.53; in this case a value of 47.5 kN/m? is obtained. Thus, the
‘load spread’ method may be used in problems where an average increase in stress is all
that is needed, e.g. in settlement calculations. However, the choice of angle of spread is
crucial. Many engineers use a load spread ratio of 1 horizontal:2 vertical (26.6°); this is
fairly conservative, producing a higher average stress increase than the Boussinesq method,
but the calculation is simpler. A load spread angle of <35° should not be used.
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Worked example 6.3 In Fig. 6.54 the cross-section of a proposed embankment is shown.
Calculate the increase in vertical stress that will follow completion of the embankment at
a depth of 4.0 m at points A and B as shown. Assume an average rolled unit weight of 20
kN/n? for the placed soil.

w 12.0 m 1 18.0 m I 10.0 m |
= T+ T 1

6.0m

Fig. 6.54

The intensity of uniform load at the base of the central section:
q¢=20x6=120 kN/m?
The equations to be used: [6.64] for the central portion and [6.65] for the side slopes.

Point A: z=4.00 m Offset from ¢ =0

(Refer to Fig. 6.49) Centre  Left slope  Right slope

x 0 210 19.0

Angle a (rad) -~1.153 1.153 1.153
Angle B (rad) 2305 0.230 0211
Influence factor 0970 0.010 0.009

Vertical stress at point A =120(0.970+0.010+0.009)= 118.7 kN/m?

Point B: z=500m Offset from € =150 m

-

(Refer to Fig. 6.49) Centre Left slope  Right slope

x 15.0 36.0 40

Angle o (rad) 0.876 1.365 —0.876
Angle B (rad) 0489  0.067 1.551
Influence factor 0.063 0.001 0.354

Vertical stress at point A =120(0.063 +0.001 +0.354)=50.1 kN/m?
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Worked example 6.4 A circular foundation of diameter 10 m transmits a uniform contact
pressure of 150 kN/m?. Plot the following vertical stress profiles induced by this loading:
(a) beneath the centre, down to z=10 m, and (b) on a horizontal plane 6 m below the
Joundation, between the centre and a distance of 12 m from the centres.

Referring to Fig. 6.50 and Table 6.2:
Ac,=q(A+ B)=150(A4 + B)

(a) The vertical stress values at various depths z below the centre of the foundation are
tabulated below and plotted in Fig. 6.55(a).

a=50m At centre, r/la=0

z (m) 0 1 2 3 4 5 6 8 10
z/a 0 0.20 0.40 0.60 080 100 120 160 200
A 100 0804 0629 048 0375 0293 0232 0156 0106
B 0 0188 0320 0378 0381 0353 0315 0241 0179
Ao, (kN/m?) 150 149 142 130 113 97 82 60 43
¢
g = 150 kN/m?

(a) (b)

Fig. 6.55 (a) Vertical stress at centre-line (b) Vertical stress on a horizontal plane

(b) The vertical stress values on a horizontal plane 6 m below the foundation for various
offsets from the centre are tabulated below and plotted in Fig. 6.55(b).
a=50m z/a=6.0/5.0=1.20

r (m) 0 1.0 20 30 4.0 50 6.0 9.0 120
r/a 0 0.2 0.4 0.6 0.8 1.0 1.2 1.8 24
A 0232 0228 0217 0199 0176 0151 0.126 0069 0.039
B 0.315 0307 0285 0248 0201 0149 0100 0018 0.000

Ao, (kN/m?) 82 80 75 67 57 45 34 13 6
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Worked example 6.5 Figure 6.56 shows the plan of a rectangular foundation which
transmits a uniform contact pressure of 120 kN/m?. Determine the vertical stress induced
by this loading: (a) at a depth of 10 m below point A, and (b) at a depth of 5 m below B.

25.0 m

le o
[l hat }
|5.0 m
]
15.0 m _+£‘ 6.0m
-1_5.0 m l
(@) o Joom
50m 200 m 250 m -
\ ,'l:\\\ R S ,/’ 1
0.0 : o~ -7 \\\ 1 :
oom ’G\j\ : /’;@\\ \\\\ e :
"__ IA:\/_ ______ ) :—:> 15.0 m ’m\ @ i
5.0m EJ‘/:, e s ~. _._.,i
() e et O ML
{c) 60m B
Fig. 6.56

(a) Consider four rectangles (1, 2, 3, 4) each with a corner at A (Fig. 6.56(b)): the vertical

stress below A is the sum of the stresses induced by each rectangle:
Ac a)=A0, )+ A0.2)+ A0y + A0,

=q(Igay+ Inz)+ Iray + rea)
The calculations, using eqns [6.68], are tabulated below.

Alternatively, either Table 6.3 or Fig. 6.51 can be used.

z=100m
Rectangle m=B/z n=L/z |
1 10/10=1.0 5/10=0.5 0.1202
2 10/10=10 20/10=2.0 0.1999
3 5/10=0.5 20/10=20 0.1350
4 5/10=0.5 5/10=0.5 0.0840

Then Ao, =120(0.1202 + 0.1999 + 0.1350 + 0.0840)

=120x0.5391=65 kN/m?

Consider four rectangles (1, 2, 3, 4) each with a corner at point B (Fig. 6.56(c)) -
note that for rectangle 1, L=31 m and B=19 m. The vertical stress below B is
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given by:

A,y =qUra) — Iry— vy + Ira)

The calculations are tabulated below:

z=50m

Rectangle m=B/z n=L/z j ™

19/5=38 31/5=62  0.480
19/5=38  6/5=12 02171
4/5=08  31/5=62  0.1850
4/5=08  6/5=12  0.1684

WD -

Then Ad,g, = 120(0.2480 — 0.2171 —0.1850 +0.1684)
=1.7 kN/m?

6.117 Newmark’s influence charts

Newmark (1942) proposed the use of a chart which provides an approximate
graphical means of carrying out the integration. The chart is divided into area
‘fields’ each of which represents an equal scaled stress quantity. A plan of the
loaded area is drawn on the chart to the indicated scale, so that the point under
which the stress component is required is located at the centre of the chart
(Fig. 6.57). The number of ‘fields’ covered by the scale plan is then counted and
the stress obtained from:

Ao, =(no. of ‘fields’ covered) x I, x q

where I, =the chart scale factor, i.e. the influence value of one ‘field’ area for
unit uniform loading. Charts may be constructed having different influence factor
values and for different stress components; they are particularly convenient to
use in cases where the loaded area is of irregular or complex shape.

To construct the Newmark chart for vertical direct stress eqn [6.66] is solved
to give the positive root:

-1y -7
Z

O,

where I,=

this being the size-ratio of a circular area carrying a uniform load g, which gives
a specific stress ratio I . By substituting values of I, into this equation the values
of a/z obtained are used to draw a series of concentric circles, which are in turn
subdivided by radial lines to give the desired number of ‘fields’.
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A B
s legaal

Z

influence value per field = 0.002
N

Fig. 657 Newmark influence chart for vertical stress

Worked example 6.6 Construct a Newmark influence chart for vertical direct stress having
an influence value of 0.002 per field. Using this chart, determine the vertical stress
induced at a depth of 10 m below point A on the foundation shown in Fig. 6.58.

For an influence value 0.002 the total number of fields = 500. Let the main set of rings



Newmark’s influence charts 201

uniform load on uniform load on
shaded area = 180 kN/m? unshaded area = 100 kN/m?

— I

1 10.0 m ol 100m | 8.0m ]
i T Ll L

Fig. 6.58

each contain 40 fields, with the inner and outer rings containing 20 each. Also let the
scale value of z=40 mm.
The calculations are tabulated below and the resulting chart shown in Fig. 6.57.

a
Ring  No fields  Full circle -=[(1-1)~??—11"?  Ring radius a (mm)
I z (for scale z=40 mm)

1 20 0.04 0.166 6.6
2 40 0.08 0.239 9.6
3 80 0.16 0.351 14.0
4 120 0.24 0.448 17.9
5 160 0.32 0.542 21.7
6 200 0.40 0.637 255
7 240 0.48 0.739 29.6
8 280 0.56 0.854 342
9 320 0.64 0.988 39.5
10 360 0.72 1.156 46.2
11 400 0.80 1.387 55.5
12 440 0.88 1.764 70.6
13 460 0.92 2.094 83.8
14 480 0.96 2.748 110.0

With the scale length AB set to 10 m, i.e. depth z, a plan of the foundation is drawn
(usually on tracing paper) over the influence chart with the reference point (A) directly
over the centre of the diagram (Fig. 6.57). The number of fields covered is found to be:

Shaded area =168 fields
Unshaded area= 94 fields

Then the vertical stress 10 m below point A is:
A, =168 x 0.002 x 180+ 94 x 0.002 x 100
" =79 kN/m%
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6.12 Elastic displacements

The assumption that the soil below a foundation behaves as an elastic body may
also be adopted in the evaluation of surface displacement, i.e. settlement due to
elastic compression. The effect of non-homogeneity only produces significant
errors when the inter-stratum differences are considerable. In the case of uniform
loading, the vertical surface displacement of a soil layer of infinite depth is given by:

5= q—:(l —v)I [6.69]

P

where g =intensity of contact pressure
B =least lateral dimension (breadth or diameter)
v=Poisson’s ratio
E =modulus of elasticity
I, =influence factor for vertical displacement

For the application of eqn [6.69] to the computation of foundation settlement
see Section 10.2 and worked example 10.1.

Influence factor I,

The vertical displacement influence factor I, is dependent on the shape and
stiffness of the foundation. Values of I, obtained using elastic theory for the
displacement at the centre or a corner of a uniformly loaded rectangle are given
in Table 6.4.

Table 6.4 Influence factors (\,) for vertical dis-
placement due to elastic compression of a layer of
semi-infinite thickness

Shape Flexible* Rigidt

Centre  Corner Average

Circle 1.00 0.64 0.85 0.79
Rectangle

L
5 1.0 1122 0.561 0.946 0.82

1.5 1.358 0.679 1.148 1.06
2.0 1.532 0.766 1.300 1.20
3.0 1.783 0.892 1.527 1.42
4.0 1.964 0.982 1.694 1.58
5.0 2.105 1.062 1.826 1.70
10.0 2540 1.270 2.246 210
100.0 4.010 2.005 3.693 3.47

* After Giroud (1968)
tAfter Skempton (1951)
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Poisson’s ratio (v)

A range of values for v may be obtained using elastic theory. Consider the strain
in the direction of o5 in a homogeneous element, as shown in Section 7.1, under
conditions of confined compression (eqn [6.19]):

’

ay=K, 0| = a'
1—v
vl
So that K =
1—v
K
Giving v=—2-
1+K,

Thus, for a saturated clay where K,=1.0, v =0.5
and for a sand where K,=05, +v=0.33

K, is often referred to as the coefficient of earth pressure at rest. For sands and
normally consolidated clays, a reasonably reliable empirical relationship may be
used to estimate K, from triaxial test data:

K,=1—sin¢’

A typical range of values of v’ is given in Table 6.5. A value can also be found
using a volumetric-strain/axial-strain ratio obtained in a triaxial test.

v = —% and de, =de, +2de,
de,
Hence v/ =0.5(1 —de,/d¢;) [6.70]

Measurement of modulus of elasticity

The value of the undrained modulus of elasticity is not constant, but varies with
the level of stress, the void ratio and with the stress history of the soil. Since it
varies with stress, it therefore varies with depth. For design purposes, over
relatively narrow ranges of depths £, may be assumed to remain constant in
saturated clays under undrained loading. In sands and unsaturated cohesive soils,
however, estimates of E, must be based on the depth and conditions at the point
of interest. Under wide rafts on sands the value E, increases towards the centre.

Table 6.5 Typical values
of Poisson’s ratio

Type of soil v

Saturated clay 0.4-05

Unsaturated or

sandy clay 0.2-04

Sand: ¢ =40° 0.2
¢=20° 0.5
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Values may be found for E’ from the deviator-stress/axial-strain curves
obtained from triaxial tests.
do', dq
22049 [6.71]
de, dg,
If the slope (k) of the swelling/reloading line has been obtained (eqn [6.47]),
the bulk modulus (K’) may be determined.

dv=—rkd(Inp)=—xdp'/p’

Therefore de, = —k dp'/vp’

Thus K'=vp'/k [6.72]
and from eqn [6.11], E'=3vp'(1 —2v')/k [6.73]

It is usual to measure the secant modulus by drawing a chord from the origin to
areference point on the curve. This point is often located at one-half the maximum
stress. Skempton (1951) has suggested that the point should be located at
65 per cent of the maximum stress, this being adjudged equivalent to the probable
applied stress, allowing a factor of safety of three. An alternative is to measure
E at a reference strain of 1 per cent, since at higher strains the deformation may
not be truly elastic.

The effect of sample disturbance is to reduce the value of E,. Immediate
undrained tests therefore yield values which are too low. The in-situ effective
stress condition must be simulated by first consolidating the soil, either under a
cell pressure representing the predicted effective overburden stress, or under
similar conditions. The sample is then sheared undrained (see also Section 7.2).

Higher, and more reliable, values are obtained from in-situ tests or from site
observations, followed by back analysis (Burland et al. (1966); Marsland (1971);
Hooper (1973);, Crawford and Burn (1962)). Values thus obtained have been
reported which are up to four or five times the laboratory value. It is suggested
(D’Appolonia et al.. 1971) that the true value of E, will be up to 1} times the
value obtained from the consolidated-undrained test results.

In-situ measurements of E, obtained from pressuremeter tests have been found
to correlate well with values obtained from E_ /c, ratios (Calhoon (1972) and
other methods (Mair and Wood, 1987)). Essentially, a pressuremeter enables the
measurement of lateral or volumetric strain in a borehole cavity in response to
changes in pressure. After applying calibration corrections (see Section 12.5), the
results will be presented in the form of either a pressure/cavity-volume or a
pressure/cavity-strain curve (Fig. 6.49). The shear modulus (G') may then be
obtained.

i) G= d—p vV
dv

(i) G'= Ldp'
2 dg,
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Where dp’/dV =slope of the pressure/cavity-volume curve
dp’/de =slope of the pressure/cavity-strain curve
V =cavity volume

The slopes may be measured directly from the elastic-phase portion of the curve,
or from unloading/reloading cycles conducted at higher pressures. Values of E,
may then be determined from eqn [6.9]:

E,=2(1+v,)G =3G [6.74]
(since v,=0.5)

In anisotropic soils the horizontal (measured) stiffness may be significantly higher
than the required vertical value: in the absence of a measured anisotropy ratio,
a reduction factor of 25-30 per cent is recommended.

Displacement in a thin layer
In most practical problems the layers are of finite thickness and are very often
underlain by a relatively stiff or hard stratum. In such cases, the use of eqn [6.69]
will lead to a considerable overestimate; a simple rule of thumb here is to apply
eqn [6.67] only to layers, the thickness of which exceeds twice the breadth of
the foundation.

For cases where the layer thickness is less than 2B, and where v~0.5, the
following solution (Janbu et al. (1956)) may be used:

1= 2 o1 -7 [6.75]
where u, and u, are coeflicients dependent on the breadth and depth of the
foundation and also on the thickness of the layer below the foundation (Fig. 6.59).

Steinbrenner (1934) presented an approximate general solution for the
displacement under a corner of a flexible rectangular foundation over a layer of
finite thickness:

5= "7?(1 —v3)I, [6.76]

where v =Poisson’s ratio

1—-2v

I,=F, + F,
where F, and F, are influence factors dependent on ratios of length/breadth and
depth/breadth (Table 6.6).

Elastic settlement of foundations
For computations of elastic settlement under foundations using the foregoing
method, see Section 10.2.
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Fig. 6.59 Coefficients of displacement under flexible foundation (After Janbu et a/, 1956)

6.13 Distribution of stress — pressure bulbs

From the foregoing section in this chapter, it will be seen that the intensity of
stress below a foundation induced by the foundation loading decreases both
vertically and laterally. It follows, therefore, that at some depth and/or lateral
distance away from the foundation the intensity of stress will become relatively
insignificant with respect to a particular practical problem.

If equal values of vertical stress are plotted on a cross-section a diagram known
as a pressure bulb is obtained. Figure 6.60 shows pressure bulbs drawn for different
foundation types, in which the stress, given as a fraction of the applied loading
intensity, is plotted against the breadth of the foundation. The extent of a pressure
bulb of a given value can provide a useful guide when considering which parts
of the soil mass below a foundation will be significantly affected by the applied
loading. It is particularly useful to note the vertical and lateral extent of the
pressure bulbs representing stresses equal to 0.2g and 0.1g. Two extreme ‘shape’
cases are represented by uniform circular and uniform strip loading; uniformly
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Table 6.6 Influence factors (F, and F5) for vertical displacement under
a corner of a uniformly loaded rectangle over an elastic layer of finite
thickness

D/B L/B

7 2 5 10 @
0.5 0.05 0.05 0.05 0.05 0.05
0.08 0.09 0.10 0.10 0.10
1 0.16 0.13 0.13 0.13 0.13
0.09 0.11 0.13 0.13 013
2 0.29 0.30 0.27 0.27 0.27
0.06 0.10 0.14 0.15 0.13
3 0.36 0.40 0.38 0.37 0.37
0.05 0.08 0.13 0.15 0.16
4 0.41 0.48 0.48 0.47 0.45
0.04 0.07 012 0.15 0.16

)
5 0.44 0.53 0.55 0.54 0.52
0.03 0.06 0.1 0.14 0.16
6 0.46 0.57 0.61 0.60 0.58
0.02 0.05 0.10 0.14 0.16
8 0.48 0.61 0.69 0.69 0.66
0.02 0.04 0.08 012 0.16
10 0.48 0.64 0.75 0.76 0.73
0.02 0.03 0.07 0.1 0.16
gB(1—v?)
Siz——‘—-‘—*—ls
E

1-2 F.
ls=F1+—=F, il
. 1—v Fa
L =length 8 =breadth D =depth below foundation

After Steinbrenner (1934)

loaded rectangles will produce intermediate values. Using Table 6.2 and eqn
[6.64], the following approximate values may be obtained for the depth and
breadth of the 0.2 and 0.1g pressure bulbs.

Uniform Uniform
circular load strip load

0.2q 0.1q 0.2q 0.1q

Maximum depth of pressure bulb below

£ of foundation 1.3B 19B 32B 6.6B
Maximum half-breadth of pressure bulb

(i.. lateral distance from £) 07B 09B 1.IB  21B
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Fig. 6.60 Pressure bulbs for vertical stress

Pressure bulb dimensions can provide a useful guide when deciding the extent
to which site exploration should be carried out. The minimum depth of
exploratory boreholes is usually taken as 1.5B, but in some cases this may prove
to be inadequate, as the above figures indicate. It should also be noted that the
combined pressure bulbs of adjacent foundations will be deeper than those for
the same foundation when isolated. In Fig. 6.61, the effects of both foundation
breadth and grouping are shown. The soft stratum is not significantly stressed
by foundation (a), but it is subject to vertical stress well over 0.2q due
to foundation (b) and also due to the combined effect (d) of the adjacent

foundations (c).

(a) Circular foundation (&) Strip foundation
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Soft stratum

0
oY

(b}

Fig. 6.61 Pressure bulbs indicating depth to which soil is significantly stressed

Exercises

1. For the purpose of determining elastic displacements an estimate is required for the
elastic modulus of a clay soil. Laboratory tests have shown that the void ratio (e)
is 0.750, the compression index (C.) is 0.25 and Poisson’s ratio (v') is 0.30.
Obtain estimated values of E’ and E  in terms of the effective overburden stress (¢”).

2. Commencing with the three-dimensional strain equations applied to the case of
one-dimensional compression, show that the principal stress ratio ¢’,/g is equal to
v/(1—v') and thence determine the undrained values of v' and E.

3. Four column loads of 900 kN, 800 kN, 200 kN and 500 kN respectively are located
at the corners of a square of 4 m side on the surface of a soil mass. A culvert passes
diagonally across the square, directly under the 900 kN and 200 kN foad, and at a
depth (to its top) of 4 m. Calculate the vertical stress imposed on the culvert due
to the four loads at three points: under the 900 kN load, under the 200 kN load
and at a point midway between them.

4. The concrete raft foundation shown in Fig. 6.62 is subject to uniform loadings of
250 kN/m? and 150 kN/m? on the shaded and unshaded areas respectively. Calculate
the intensity of vertical stress induced at a point in the soil 3 m below corner A:
(a) using eqn [6.58], (b) using the factors given in Table 6.3, and (c) using the chart
shown in Fig. 6.57.

5. Two parallel line-loads of 100 kN/m and 80 kN/m respectively, and 2 m apart, act
vertically on a horizontal soil surface.

(a) Calculate the vertical stress induced by this loading at a depth of 2 m: directly
beneath each load, and at the half and quarter points between them.

(b) From the resulting distribution, determine the maximum vertical and horizontal
direct stresses and the maximum vertical shear stress at this depth and indicate
the point where they occur.
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6. A proposed long strip footing is to transmit a contact pressure of 215 kN/m? and
be 3.5 m wide. The footing will be founded in a layer of sand which is 6 m deep
and underlain by a layer of clay 3 m thick. Determine the maximum depth at which
the footing may be founded in order that the increase in vertical stress at the centre
of the clay layer does not exceed 70 kN/m2. Assume the groundwater level to be
well below the footing and the unit weight of the sand to be 19 kN/m3.

7. Three parallel strip foundations, each 3 m wide and 5 m apart centre-to-centre,
transmit contact pressures of 200 kN/m?2, 150 kN/m? and 100 kN/m? respectively.
Calculate the intensity of vertical stress due to the combined loads beneath the centre
of each footing at a depth of 3 m.

8. A very long spoil heap is to be built up with a base width of 28 m and two side
slopes of 8 m width. It is important that the increase in vertical stress at a depth of 4 m
below the base does not exceed 120 kN/m?.

(a) Determine the maximum uniform depth permitted for the central portion of
the spoil heap (y=18 kN/m?).

(b) Calculate the maximum intensity of vertical stress induced (i.e. when the
maximum height is reached) at points 4 m below the base, directly under both
the top and the toe of the slope.

9. Figure 6.63 shows the plan of a large circular raft foundation; the centre (shaded)
area transmits a contact pressure of 80 kN/m? and the outer annular area transmits
a contact pressure of 200 kN/m2. Using the factors in Table 6.2, calculate the
intensity of vertical stress induced at points in the soil mass 6 m below A, Band C.
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10. Figure 6.64 shows the plan of a rectangular raft foundation which transmits a uniform
contact pressure of 180 kN/m? to the soil beneath. The line of a culvert is also
shown, which passes under the raft at a depth to the soffit of 3 m (fall ignored).

20m
D Y
}/ %_2.0 m
20m 25m
B }1———.
20m
A 8.0m
25m
-4———{ \)\406
<
P X
L/ 15.0 m |
i 1
Fig. 6.64

Calculate the intensity of vertical stress on the culvert that will be induced by the
raft loading at the points A, B, C, D and E shown: (a) using eqn [6.68(a) and (b)],

and (b) using the Newmark chart shown in Fig. 6.57.



Chapter 7

Measurement of shear strength

7.1 Shear strength and the friction model

The shear strength of a soil is defined as the maximum, or limiting, value of shear
stress that may be induced within its mass before the soil yields. Under certain
circumstances yielding will lead to the formation of shear slip surface, over which
a significant amount of sliding movement may take place, e.g. landslip, rotational
slope and excavation failures. Evaluation of the parameters of shear strength is
a necessary part of analytical and design procedures in connection with
foundations, retaining walls and earth slopes. Essentially, shear strength within
a soil mass is due to the development of frictional resistance between adjacent
particles and so analyses are based primarily on the friction model.

The force transmitted between two bodies in static contact (Fig. 7.1) may be
resolved into two components: the normal component N, perpendicular to the
interface surface, and the tangential component T, parallel to it. When shear
slipping movement takes place along this surface the ratio T/N will have reached
a limiting value which is termed the coefficient of friction (u):

Tiimi =N

If it is assumed that the average value of T/N will remain constant for a given
material, the limiting value of T may be written:

Tiimie=N tan ¢’ [7.1]

where ¢’ is defined as the angle of internal friction, or simply the angle of friction,
i.e. the angle given by the graph of T/N (Fig. 7.2).

A suggested source (Bowden and Tabor (1950 and 1964)) of frictional resistance
is that at the true points of contact the particles become welded or locked together.
For sliding to occur, it is necessary for the material to yield locally at the points
of contact. The yield stress of a material may be approximated by measuring the
indentation hardness. Typical values would be 4000 MN/m? for tool steel and
7000 MN/m? for quartz. So, for a tool steel transmitting a normal stress of .
100 MN/m?2, the true contact area would be approximately 1/40 of the apparent
area. In the case of a typical sand, the normal stress due to 25 m of overburden

212
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Timp=Ntan ¢’ (7.1]
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Fig. 7.1 The friction model
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Fig. 7.2 Angle of internal friction

would be 0.5 MN/m?, so that the true contact area between grains will be as
little as 1/14 000 of the superficial area (Fig. 7.1(b)).

The friction model provides a useful basis from which to develop mathematical
descriptions of soil shear behaviour. However, it must be extended to include a
number of important factors peculiar to soils. For example, any application of
load to a soil mass will induce significant changes in its volume and, in a saturated
soil, water content changes will take place at a rate controlled by the
permeability. Now the permeability range of sands to clays encompasses some
ten orders of magnitude, so that the corresponding rates of volume change are
widely different. Also, the limiting shear stress value is affected by both the amount
and the rate of strain, as well as the stress history of the soil (see also Chapter 6).

Consider first the effects of the amount of strain. Figure 7.3 shows a typical
shear-stress/displacement (strain) curve for the shearing of a prismatic element
of soil. When the element is caused to shear at a constant normal stress (o,) the
shear stress first of all increases quickly while the strain increases slowly. As the
soil yields the strain increases dramatically while the shear stress levels off and
then begins to fall. This maximum value of shear stress at the yield point is termed
the peak stress and represents the limiting value corresponding to that value of
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Fig. 7.4 Peak and ultimate strength envelopes

normal stress. The shear stress continues to fall until it levels off again at a lower
value known as the ultimate stress. The ultimate stress represents the shear strength
of the material at its critical volume (see also Section 6.6). In most cases the
ultimate value will be reached at strains of between 10 per cent and 20 per cent.

At very much larger strains, e.g. on active landslip surfaces in clay soils, the
limiting shear stress falls further, and at displacements of over a metre it may be
reduced to a value as low as 10 per cent of the peak stress. This very low large-strain
value is referred to as the residual stress. Residual stress values are related to the
gradual rearrangement of clay particles on long slip surfaces and perhaps also
to the effects of polishing or slickensiding.

Strength envelopes
A strength envelope is a graphical representation of a particular limiting condition
(z/¢,). Points below the envelope represent stress ratios possible prior to yielding,
whereas points on the envelope represent the stress ratio at yielding. Real points
above the envelope cannot exist.

Figure 7.4(a) shows the stress—strain graphs resulting from drained shear tests
on three specimens of the same dense or overconsolidated soil at normal stresses
On1) <On2)<0On3)- When the peak (r¢/s;) and ultimate (t./o},) shear stress values
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are transposed (using the same scale) to intercept ordinates along a normal stress
axis (Fig. 7.4(b)), the corresponding envelopes are obtained by drawing the best
straight line through the plot points. The angle between the envelope and the
normal stress axis is termed the angle of shearing resistance (¢’) and may be
taken as a good estimate of the angle of friction specified in the friction model
(eqn [7.1]). It is necessary to add a subscript to ¢’ in order to specify the
behavioural condition:

¢:=peak angle of shearing resistance

¢, =ultimate angle of shearing resistance
¢, =critical angle of shearing resistance (may be taken as = ¢/,
¢, =residual angle of shearing resistance

Undrained shear strength and cohesion

The graphs shown above are related to drained loading conditions, i.e. no increase
in pore pressure is being induced. Under undrained conditions, saturated soils
will apparently have a constant limiting shear stress at all values of normal stress,
since, from [eqn 4.8], Ao, =Ac,—Au. Thus, an increase in the total normal
stress brings about a similar increase in pore pressure, with the effective normal
stress therefore remaining constant. A series of undrained tests on saturated
specimens of the same soil, carried out at different normal stresses, will result in
a strength envelope plot similar to Fig. 7.5.

The apparent angle of shearing resistance (¢,) is zero and the strength envelope
intercepts the shear stress axis at a value which is termed the undrained shear
strength, or the undrained cohesion (c,), of the soil. The undrained shear strength
of saturated soil is apparently constant. However, two important conditions
relating to any observed value of ¢, must be noted. First of all, the value is
relevant only to an undrained soil mass, and, second, the value corresponds to
a particular moisture content (and specific volume). At a different moisture content
(or specific volume) a different value of undrained shear strength would be
obtained.

The term cohesion is apt to be misleading and is often misunderstood. Earlier
opinion as to the nature of this apparent force holding soil grains together was

0,=0 undrained strength envelope

JL G,

Fig. 7.5 Undrained shear strength enveiope
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Fig. 7.6 Coulomb’s equation and failure envelope

centred on interparticle bonding arising out of the electrostatic conditions on the
surfaces of clay minerals. In the case of undrained loading the apparent cohesion
is related to effects of pore pressure. Drained shear tests carried out on
overconsolidated clays produce a cohesion intercept (¢’) which has suggested to
some that a true cohesion force may exist between soil particles (Fig. 7.6).
However, this is most unlikely since drained tests on specimens of the same soil
under normal consolidation conditions clearly produce an intercept of ¢'=0. It
is much more likely that a value obtained for ¢’ >0 is the result of additional
work being done (in the case of overconsolidated specimens) against an increase
in volume. The ‘true’ strength envelope is in fact curved (Fig. 7.6) so that the
straight line is simply a fitted estimate. For remoulded clays, and this includes
clays in the vicinity of large-strain slip surfaces (i.e. residual conditions), the value

of ¢’ should be taken as zero.

¢, =undrained shear strength (or undrained cohesion)
¢’ =apparent cohesion (referred to effective stress)

7.2 Shear failure and parameters

A simple equation and theory relating the shear strength of soil to the applied
normal stress was first suggested by Coulomb in 1776. The cohesive resistance
to shearing is assumed to be constant for a given soil and independent of the
applied stress, while the frictional resistance varies directly with the magnitude
of the normal stress developed on the shear slip surface. A straight-line equation

for the limiting shear stress is given thus:
Ty=c+a,tan ¢

where  c=apparent cohesion
¢, =normal stress on slip surface
¢ =angle of internal friction

(7.2
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A graphical representation of Coulomb’s equation is given in Fig. 7.6, from
which it will be seen that the value of the cohesion (c) is the intercept on the
shear stress axis and the slope of the line is tan ¢.

It is now generally accepted that soil shear strength in fact is related to effective
stress and that the strength envelope is curved; the Coulomb expression therefore
represents a straight-line estimate for a given range of stresses (Fig. 7.6):

tr=c +0), tan ¢' [7.3]

where ¢’ =apparent cohesion referred to effective stress
g, =effective normal stress on the slip surface
=0,—u (eqn [4.6])
u=pore pressure acting on the slip surface
¢’ =angle of internal friction referred to effective stress

The shear strength parameters ¢’ and ¢’ would have constant values for a given
soil, providing that the void ratio, density and pore pressure also remained
constant for different values of normal stress. This cannot be the case, either in
the field or during laboratory tests, since under drained loading the volume will
change and under undrained loading the pore pressure will change. It is therefore
necessary to refer measured values to the type of test and conditions under which
they were measured.

The Mohr—Coulomb failure criterion and other important concepts of soil
failure are dealt with more fully in Chapter 6.

Measurement of shear strength and practical parameters

The purpose of shear strength testing is to establish empirical values for the shear
strength parameters. The conditions of drainage during the test are of great
significance and influence the measured values considerably. It is important that
measured values of cohesion and angle of friction are referred to the test conditions.
Shear strength tests are carried out in two main stages involving the following
types of drainage conditions.

Undrained tests

In undrained tests (sometimes referred to as quick-undrained tests) no drainage
of porewater is allowed, so that any increase in total stress produces a
corresponding increase in pore pressure (see Sections 4.6 and 4.7). In the case of
fully saturated soils (pore pressure coefficient B=1), the increase in pore pressure
will be equal to the increase in total stress; and so no increase in effective stress
takes place.

If Au=Aog,, then Ac'=0

Giving (Fig. 7.6): t1;=c, [7.4]
where ¢, =undrained cohesion (undrained shear strength)

Since no account is taken of the pore pressure, the undrained strength measured

in this way is referred only to total stress and is reliable only if the test specimen
is known to be saturated; for a saturated soil, ¢, =0. The value ol ¢, also depends
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on the void ratio (or specific volume) of the soil and corresponds to the ultimate
(critical state) stress; a higher peak stress is not developed.

Consolidated-undrained tests

In this procedure the test specimen is first allowed to consolidate under conditions
of constant isotropic stress and full drainage, after which the axial load is increased
with no drainage allowed. The initial consolidation stage brings the soil to a
prescribed state of volume and pore pressure, from which subsequent changes in
volume or pore pressure may be accurately measured.

Consolidated-undrained tests are used to obtain the effective stress parameters
¢ and ¢’ and to obtain volume change and stiffness characteristics. If the
undrained shear strength parameters are evaluated they should be referred to as
C.o and @,

Drained tests
As in consolidated-undrained tests, the test specimen is first consolidated under
conditions of constant isotropic stress and full drainage. When the consolidation
stage is complete, the axial load is increased at a rate slow enough to ensure that
no increase in pore pressure takes place. The increase in effective stress is therefore
equal to the increase in total stress (Ao’ =Ao).

Peak stresses develop in dense or heavily consolidated soil giving rise to the
failure envelope:

T,=c =0, tan ¢; [7.5]
Where ¢¢=peak angle of friction

For normally consolidated soils the failure envelope based on ultimate effective
stress passes through the origin, ie. ¢’ =0, so that:

Te=0"tan ¢, [7.6]
where ¢, =critical angle of friction

For residual conditions involving large strains the failure envelope is slightly
curved at low normal stresses and ¢, tends toward zero. The residual angle of
friction (¢;) is therefore stress dependent (see alsa Section 7.14), but the following
relationship is often used:

T, =0, tan ¢, [7.7]

Figure 7.7 shows the three strength (failure) envelopes in relation to a stress—strain
curve.

Types of shear test

A variety of shear tests is available, some for use in the laboratory and some for
use in situ. These are summarily listed below, with those of some importance
being described in later sections. They all have one common characteristic in
that they are tests on samples, whether the tests are carried out in situ or on
samples brought to the laboratory. In order that reliable results might be produced
it is essential that samples are properly representative of the site materials that
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may be encountered in the construction process. Great care should be taken in
obtaining, packaging and transporting samples from site to laboratory; especially
where undisturbed samples are required, in which the in-situ structure, density
and moisture content must be preserved.

Laboratory tests

Shear box (Section 7.3)

Triaxial compression (Section 7.6)
Isotropic consolidation (Section 7.12)
Ring shear (Section 7.14)

Stress path (Section 7.17)

In-situ tests

In-situ shear box

Shear vane (Section 7.18)
Penetration (Sections 11.8 and 12.5)

7.3 The shear box test

This test is sometimes termed a direct shear test, since the normal and shear
stresses on the failure surface are measured directly. A rectangular prism is
carefully cut from a soil sample (or remoulded, as required) and fitted into a
square metal box that is split into two halves horizontally (Fig. 7.8). In the
standard type of apparatus the box is 60 mm x 60 mm, but for testing
coarse soils and fissured clay a larger version is used.

With the halves of the box held together, the soil specimen is sandwiched
within the box between ridged metal plates and porous ceramic stones. A pressure
pad is placed on top and the box itself placed in an outer box (which also acts
as a water bath) which runs horizontally on roller bearings. A vertical load is
then applied to the specimen by means of a static weight hanger. After removing
the screws holding the two halves of the box together, the soil is sheared by
applying a horizontal force with a screw jack at a constant rate of strain. The
magnitude of the shearing force is measured by means of a proving ring or
electronic load cell.
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The procedure is repeated on four or five specimens of the same soil. Values
of normal stress and shear stress on the failure plane are computed and plotted;
in modern apparatus this will often be accomplished using an x—y plotter or
microcomputer. The shear strength envelopes corresponding to peak and ultimate
stresses are fitted as the best straight lines through plotted t/0, points.

Worked example 7.1 A shear box test was carried out on a sandy clay and yielded the
Jollowing results:

Normal load (N) 108 202 295 390 484 576
Shear load at failure (N) 172 227 266 323 374 425

Area of shear plane=60 mm x 60 mm
Determine the apparent cohesion and angle of friction for the soil.

Area of shear plane=60x 60 x 10~* m?

So for the first specimen:

108 x 10~3

Normal stress, L= X 300 kN/m?
36x10~3
172x 103

Shear stress at failure, 1= SEX R 478 kN/m?
36x1073

Similarly, other values will be:

Normal stress, g, (kN/m?) 300 56.1 819 1083 1344 160.0
Max. shear stress, 7; (kN/m?) 478 63.1 739 897 1039 1181

Figure 7.9 shows the peak shear stress plotted against normal stress and the best straight
line drawn through the points to give the shear strength envelope. The shear strength
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parameters measured from the plot are:
Apparent cohesion, ¢ =33 kN/m?
Peak angle of friction, ¢'=28°

7.4 Shear strength and deformation characteristics

The relationship between the shear strength of a soil and its deformation
characteristics depends mainly on how the volume changes during the shearing
process. In the case of sands, the degree of interlocking between particles is greater
when the soil is densely packed. An initial expansion or dilation is necessary in
order to break the interlocking friction at points of intergranular contact. Thus
the shear stress will first rise sharply to a peak value at a relatively low value of
displacement (and thus strain) and with a corresponding increase in volume
(Fig. 7.10). At this new volume the interlocking is reduced and consequently as
the displacement is continued the shear stress falls back and finally levels off at
an ultimate value.

This behaviour of a dense sand contrasts with that of a loosely packed sand,
since in the latter a steady increase in shear stress takes place as the displacement
increases (Fig. 7.10). The volume decreases and the soil contracts into a more
dense state as the shear stress increases towards the same ultimate value. The
constant volume achieved at the ultimate stress corresponds to the critical state
volume (see also Section 6.8). The difference between the peak and ultimate values
clearly depends on the original volume of the soil: a soil more dense than critical
will dilate, whereas a soil looser than critical will contract. Furthermore, the peak
stress is a function of the original state of packing and volume.

In the case of very loose sands, the volume is much greater than the critical
value and so a small amount of displacement will be accompanied by a significant
change in volume. Such soils are likely to compact easily under relatively small
loads or vibrations, causing contraction and settlement.

The natural angle at which a pile of tipped dry sand or gravel will stand
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Fig. 7.10  Stress behaviour of dense and loose soil

unsupported is often referred to as the angle of repose and is equivalent to @{jo0sc)
or to the ultimate value ¢.. It should be noted, however, that if the soil is damp
the resulting pore suction will increase the effective stress between the grains and
thus the tipped slope angle will be greater, as for example in a seaside sand-castle
(see also Section 9.2).

Worked example 7.2 During a shear box test on specimens of a compacted sand the
Jollowing results were recorded:

Normal load (N) 110 216 324 432
Ultimate shear load (N) 66 131 195 261
Peak shear load (N) 85 170 253 340

Determine the peak and ultimate angles of friction.
Figure 7.11 shows the plot of these figures. Two strength envelopes are drawn:

Peak strength: $r=38°
Ultimate strength: ¢, =31°
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Note that the peak angle of friction may be higher or lower depending on the original

state of packing.

Worked example 7.3 The readings given below were taken during two shear box tests on
remoulded samples of the same sand. In both cases the constant normal stress was 210 kN /m?.
In Test 1, the sand was prepared in a loose state; in Test 2, the sand was compacted into a

dense state.

Draw the shear-stress/displacement curves for the two tests and determine the peak and
ultimate angles of friction. Also plot the change in volume against horizontal displacement
and comment on the observed volume changes.

Test 1 — Loose state

Horizontal displacement

(1072 mm) 0 5 100 150 200 250 300 350 400 450 500 550
Vertial displacement

(10~2 mm) 0O -6 -—-12 -15 -17 -18 ~-19 —-19 —-20 -20 -21 -2t
Shear stress

(kN/m?) 0 59 78 91 99 106 111 113 114 116 116 116
Test 2 — Dense state

Horizontal displacement

(1072mm) O 50 100 150 200 250 300 350 400 450 500 550
Vertical displacement

(10-?2mm) O -3 1 9 17 23 29 35 39 41 41 41
éhear stress

(kN/m?) 0 73 118 143 152 149 139 133 126 122 120 119
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The results are shown plotted in Fig. 7.12. It can be seen that in ‘both tests the
sand reached its critical state at a displacement of about 5 mm after which the
volume remained constant. Prior to reaching the critical state the loose sand (Test 1)
contracted, whereas the dense sand (Test 2) dilated.

In Test 1, the shear stress increased steadily to an ultimate value of 116 kN/m?
but in Test 2, there was a rapid rise to a peak value of 152 kN/m?2, before a
decrease toward an ultimate value similar to that in Test 1.

Loose state:  1,=o0, tan ¢,

Then 116=210 tan ¢

Giving ¢.=arctan(116/210=29°
Dense state: T,=0, tan ¢;

Then 152=210tan ¢;

Giving ¢r=arctan(152/210)=36°

7.5 Advantages and disadvantages of the shear box test

The shear box test is a direct shear test, i.e. the shear and normal stresses on the
plane of failure are measured directly. The most widely used shear strength test,
however, is the triaxial compression test (Section 7.6) which is an indirect test.
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The advantages of the shear box method in comparison with the triaxial method
are summarised below.

Advantages

(a) Both the shear stress and normal stress on the plane of failure are measured
directly; the shear strength parameters (¢’ and ¢’) are defined in terms of
these direct stresses.

(b) It is possible to maintain a constant normal stress throughout the test.

(c) It is easier to test cohesionless soil, e.g. sand and gravels, and drained tests
on such soils can be carried out in a reasonably short time.

(d) It is easier to measure volume changes during the test.

(e) It is possible, using a reversible shear box, to carry out tests involving large
displacements, e.g. residual strength tests on clays (Section 7.14).

Disadvantages

(a) The distribution of shear stress over the plane of failure is assumed to be
uniform, but in fact it is not.

(b) Itis not possible to control the drainage from the sample or to measure the
pore pressure within the sample. Therefore, only total stress measurements
can be made, except when the rate of shearing is kept slow enough to ensure
no rise in pore pressure, e.g. in cohesionless soils.

(¢) The normal stress cannot easily be varied.

7.6 The triaxial compression test

The triaxial compression test is the most widely used shear strength test; it is
suitable for all types of soil except for very sensitive clays and allows a number
of different test procedures. Detailed descriptions of triaxial test procedures may
be found in Bishop and Henkel (1962), Head (1982), Vickers (1983) and in
BS 1377 (1990).

The test is carried out on a cylindrical specimen of soil having a height/diameter
ratio of 2:1; the usual sizes being 76 x 38 mm and 100 x 50 mm. The general
arrangement of the apparatus is shown in Fig. 7.13.

Undrained tests

The specimen is first accurately trimmed or prepared in a remoulding device and
then enclosed between rigid end-caps inside a thin rubber membrane to seal it
from the cell water. Rubber ‘O’-rings are fitted over the membrane to provide a
seal.

With the cell disassembled, the specimen is mounted on the pedestal and the
end of the rubber membrane stretched over the pedestal and held in place with
an ‘O’-ring. The cell is then reassembled so that the arrangement is as shown in
Fig. 7.13. The specimen is subjected to an isotropic stress by filling the cell with
water and increasing the pressure to a prescribed value. With the cell pressure
held constant, the axial load is then increased by means of a motor-operated
screw jack until the sample shears or the ultimate stress is reached.
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Fig. 7.13 The triaxial cell

During the test, readings are taken of: (a) the change in length of the specimen,
using either a dial gauge or a displacement transducer, and (b) the axial load,
using either a proving ring or an electronic load cell.

Pore pressure measurement

When pore pressure measurements are required, perforated end-caps are used,
together with porous ceramic discs, at either end of the specimen. The base of
the triaxial cell is specially drilled and has a valve arrangement to facilitate a
connection to a pressure transducer or equivalent device. Figure 7.14 shows a
typical arrangement.

Drained tests

During a drained test the porewater from within the specimen is allowed to drain
through another cell-base outlet. Strips of filter paper may be placed vertically
around the specimen inside the rubber membrane to assist drainage. A perforated
top cap is provided, which is connected to the base inside the cell with a length
of plastic tube. Figure 7.13 shows a typical arrangement.
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Fig. 7.14 Typical triaxial test arrangement

7.7 Interpretation of triaxial test results

As the name implies, the specimen in the triaxial test is subject to compressive
stresses acting along three axes at right angles to each other. The application of
these stresses may be considered in stages (Fig. 7.15). First, using the cell-water
pressure, an isotropic stress o5 is applied, i.e. 6, =0, =05 =cell pressure. If this
stage is undrained, the pore pressure will increase to u,, and if drainage is allowed
the specific volume will change to v,.

The test is now continued by increasing the axial load so that the axial (vertical)
compressive stress is increased by Ao |, i.e. 6, =05+ Ao . The two lateral stresses
remain constant and equal: o3=0;=cell pressure. When shear failure occurs
(or the ultimate load is reached), the vertical compressive stress will have been
increased by o4, which is termed the (peak or ultimate) deviator stress. If this
stage is undrained the pore pressure will have risen to uq, or if drained the specific
volume will have fallen to v,.

Since there is no shear stress developed on the sides of the specimen, the
vertical axial stress and the lateral stresses are principal stresses:

Vertical axial stress, ¢, =major principal stress
Lateral stress, o3 =minor principal stress

At failure, the principal stress difference is the deviator stress:

0,—03=04 (also written as g; (Section 6.6 (d))
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Fig. 7.16 Types of failure in the triaxial test
(a) Brittle shear failure (b) Partial shear failure (¢) Plastic yielding failure

Types of failure

As the specimen shortens under the increasing axial load its diameter will increase.
In dense or heavily overconsolidated soil the specimen may shear cleanly along
a well-defined slip surface as the peak stress is reached; this is a brittle shear slip
failure (Fig. 7.16(a)). In lightly overconsolidated soil the shear will usually be
less definite (Fig. 7.16(b)) and in loose or normally consolidated soils plastic
yielding will occur without the formation of a slip surface producing a barrel-
shaped appearance (Fig. 7.16(c)). In this latter case, a definite ultimate value for
the deviator stress may not be discernible; an arbitrary value is therefore taken
corresponding to an axial strain of 20 per cent.

Mohr—Coulomb failure criterion
A large majority of problems in soil mechanics design require shear strength
parameters relating to limiting values and stresses on slip surfaces. In such cases,
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failure envelope
assumed to have
the equation

T, =¢ + o, tang’

Fig. 7.17 Obtaining the Mohr—Coulomb envelope

the Mohr-Coulomb failure criterion (Sections 6.3 and 6.4) may be used in the
interpretation of triaxial test results.

Several (usually three) specimens of the same soil are tested at different
values of cell pressure (o;) and a Mohr circle (or semi-circle) is drawn for each
peak or ultimate ‘failure’ stress. A common tangent to these failure circles is then
drawn and, providing there is a reasonable goodness of fit, this may be taken as
the strength envelope for the soil from which values of cohesion (¢') and angle of
friction (¢') may be scaled (Fig. 7.17). A minimum of three circles will be required
to give a reliable result.

Worked example 7.4 A drained triaxial compression test carried out on three specimens
of the same soil yielded the following results:

Test No. 1 2 3
Cell pressure (kN/m?) 100 200 300
Ultimate deviator stress (kN/m?) 210 438 644

Draw the shear strength envelope and determine the shear strength parameters, assuming
that the pore pressure remains constant during the axial loading stage.

The ultimate principal stresses are obtained as follows:

Minor principal stress, ¢;=cell pressure
Major principal stress, o, =cell pressure +deviator stress

Since u;=0, 6y, =0, and 65=0,

Test No. 1 2 3
d’y (kN/m?) 100 200 300
o; (kN/m?) 310 638 944
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The Mohr circles are shown in Fig. 7.18; when the best common tangent is drawn the
Mohr-Coulomb strength envelope is obtained, from which:

¢=0 and ¢'=31°

7.8 Types of triaxial test

The apparatus used for the triaxial test is versatile and easily adapted to allow
a variety of test procedures. The principal types of triaxial test are as follows:

(a)
M

(1)

(iii)

Shear strength tests

Undrained test (quick-undrained test). The sample is fitted between solid
end-caps so that drainage is prevented. After the isotropic cell pressure has
been established, the axial load increase is begun immediately. The increase
in deviator stress is fairly rapid and is undrained, but pore pressure
measurements are not taken; the results can therefore only be expressed in
terms of total stress. The duration of the test will be about 10 to 15 min.
This test is used to measure the undrained strength (c,) and is really only
suitable for saturated clays where ¢,=0.

Consolidated-undrained test. The sample is first consolidated with full
drainage at a prescribed isotropic cell pressure. When the excess pore
pressure has dissipated to the original back-pressure value, the drainage
values are closed and the axial load increased. Thus, the specimen is taken
to the yield point undrained. One of the cell-base connections may be utilised
during the axial loading stage to measure the pore pressure. The shear
strength parameters may therefore be obtained with respect to both total
and effective stress. The duration of the consolidation stage depends on the
type of soil and size of specimen, but may take up to 48 hours in some
cases; the axial loading stage varies between 10 min and about 2 hours.
This test is used to measure the effective stress parameters ¢’ and ¢’ and
also the undrained parameters ¢, and ¢,.

Drained test. The specimen is first consolidated under an isotropic cell
pressure as in (ii). The axial loading is then carried out with full drainage
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and at a rate which ensures that the pore pressure in the specimen remains
constant. One of the cell-base connections is utilised to monitor the pore
pressure and another to measure the change in volume of the specimen.
The test is used to measure the shear strength parameters ¢j; and ¢). The
variation in ¢’ and ¢, depends on the failure criterion used (Bjerrum and
Simons (1960)) but ¢ may be observed to be less than ¢} by up to 7°.

(b) Tests to determine pore pressure coefficients A and B. See Section 7.17.

() Isotropic consolidation tests. See worked example 7.14.

(d) Stress path tests. See Section 7.17.

Sources of error in the triaxial test

Undrained tests

(a) Disturbance during sampling and preparation.

(b) Air bubbles trapped between the soil and the rubber membrane or end-caps.
(c) Rubber membrane is excessively thick or is punctured.

(d} Poor water seals at ends; air bubbles in porewater line.

() Lateral stress developed across end-caps (these should be greased).

() Soil not saturated, i.e. contains air which is compressible.

Drained tests

(a) Rate of loading too fast, thus Au##0.

(b) 'Ineffective seals in volume change system.

(c) Calibration errors in volume change system.

(d) Load loss in axial load piston due to poor lubrication.

(¢) Insensitivity of measurements at low strains due to high early soil stiffness
(overcome when constant stress-rate control is used instead of constant
strain rate).

The unconfined compression test

This is really a special case of triaxial compression, carried out at zero cell pressure,
ie. 6;=0. The Mohr-Coulomb plot of the test results is shown in Fig. 7.19.
Since only one circle can be drawn (corresponding to g,=0), the test is only
applicable where ¢,=0, i.e. fully saturated non-fissured clays.

Q

| 6 — 65 = max. compressive stress |
f -

Fig. 7.179 Mohr-Coulomb plot for the unconfined compression test
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The test may be carried out in the laboratory using a standard or slightly
modified triaxial apparatus; neither the perspex cell nor the rubber membrane
is required. A portable apparatus is also available (but not recommended) for
tests carried out in the field (BS 1377:1990).

7.9 Area and volume changes during the triaxial test

As the vertical load on the specimen increases a shortening in length takes place,
with a corresponding increase in diameter. In addition, when drainage is allowed,
the volume of the sample will decrease. The strain dial gauge or transducer
indicates the change in length of the specimen (Fig. 7.13).

To record volume changes a drainage connection is made from the top of the
specimen. A porous ceramic disc is placed between the soil and the top (perforated)
end-cap and a plastic tube connected between the end-cap and a drainage outlet
in the cell base (Fig. 7.14). The volume change device may be a simple glass
burette (measuring to 0.1 ml) or a transducer-equipped volume gauge when
computer monitoring is required. The volume of water collected represents the
change in volume of a saturated specimen.

For the purpose of calculating the deviator stress from the applied axial load,
the changed cross-sectional area of the specimen may be obtained from the
following expression:

A= A(,l_—A,KQ/3 [7.8(a)]
1Al
Where A, =original cross-sectional area
of specimen
V,=original volume of specimen

before increase
in axial load

I, =original length of specimen but aftfer .
AV =change in volume consolidation

Al=change in length
In the case of an undrained test, AV will be zero.
Giving A= 0

1—All,
A

or  A=iT, [7.8(b)]

Where ¢, =axial strain=Al/l]

7.10 Comparison of Mohr-Coulomb plots for different types of test

Three possible Mohr circles may be drawn to represent a single triaxial test for
a given cell pressure. If the test conditions are consolidated-undrained, with pore
pressure measured during axial loading, two circles may be drawn: one in terms
of total stress and the other in terms of effective stress (Fig. 7.20). A drained test
carried out on the same soil consolidated at the same cell pressure would yield
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Fig. 7.21 Effective and total stress plots for the consolidated-undrained test

the third (effective stress) circle. Because of the reduction in volume during the
axial loading stage of the drained test the soil becomes stiffer and therefore
the deviator stress at failure (6, —o,); will be greater than that recorded for the
consolidated-undrained test.

Figure 7.21 shows a set of three Mohr circles for both total and effective stress
for a consolidated-undrained test. It can be seen that, although the main objective
is to obtain values of ¢’ and ¢/, it is also possible to obtain values: for ¢, and
¢.,- While ¢, and ¢, are the legitimate result of plotting the total stress circles
care must be exercised in taking them as design values. Undrained strength should
be related to the moisture content (or specific volume) of the soil and so the
changes in volume resulting from consolidation should be recorded.

The problem of measuring undrained strength is further illustrated in Fig. 7.22,
which shows a typical plot of the results of a quick-undrained test on specimens
of a cohesive soil. At first, it appears that the shear strength of the soil
is given by the line 1;=c,+0, tan ¢,. However, this is a fallacy, since different
values of ¢, and ¢, might be obtained if the test were carried out at different
speeds or at different cell pressures and in fact the total stress envelope is curved.
This variation is due mainly to the presence of air in the specimen which dissolves
in the porewater as the stresses increase. Because of the low permeability of
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cohesive soils, this internal solution process takes time; at a sufficiently high stress
all the air would dissolve and the soil would become saturated. The only usable
value for ¢, is one related to the in-situ state (vertical and horizontal stress and
moisture content).

Similar problems exist in the interpretation of drained tests. If a number of
specimens are consolidated at different stress levels to reach a critical state before
axial loading, the drained strength envelope should pass through the origin, i.e.
¢.=0 (Fig. 7.23).

Then t,=0) tan ¢,

However, when the soil is on the dense (dry) side of critical, the drained test
results will give the peak strength envelope:

Tp=Cy+ 0, tan @;
This will apply to dense sands and to heavily overconsolidated clays, both of
which must dilate in order to reach the critical state. The point of convergence
(P) of the peak and critical strength envelopes represents the failure condition
of a specimen consolidated at a cell pressure equal to the maximum historical

consolidation stress (g,,). At very low effective stresses (below the usual test range)
the peak strength is clearly curved and tends toward the origin.

7.11 Effect of stress history

The stress-strain behaviour of soil, especially clay, is affected by its stress history.
At a given depth an element of soil is subject to vertical and horizontal stresses
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due to the weight of overburden and any superimposed loading on the surface.
The vertical and horizontal effective stresses at depth z will be:

o, =vz+stress due to surface load —u,
on=K,0

where K =coefficient of earth pressure at rest
u, =pore pressure at depth z

Under the influence of these stresses the soil will have been consolidated during
the course of time since its deposition and so it is presently in a consolidated
state. A normally consolidated soil is a material that has never been subject to
stresses greater than those presently existing. An overconsolidated soil is material
that, at some time in its past, has been subject to consolidating stress greater
than that presently existing. This could arise, for example, where some of the
overburden has been eroded, or where a thick layer of ice once imposed a surface
surcharge before melting (see also Section 6.3).

Normally consolidated clay

If drainage is prevented from a saturated test specimen any increase in total stress
results in an equal increase in pore pressure, leaving the effective stress unchanged.
A number of identical saturated specimens tested undrained at different cell
pressures will fail at the same deviator stress. The Mohr—Coulomb plot is shown
in Fig. 7.24; the total stress circles have the same diameter and the envelope has
zero slope (¢, =0).

InTestl: a5,=03—ug,

In Test 2: o5,,=03+Ad; and u,y=u,,+Au

But A,=Ac,

Therefore o3;,=03+A03—(uyy+Acs)=0,—ug,

When a saturated specimen is sheared slowly with free drainage, so that the excess
pore pressure remains zero, the effective stress equals the total stress and the

failure envelope ideally passes through the origin (Fig. 7.25). The effective stress
parameter ¢’ should therefore be zero for a normally consolidated clay.

T

effective stress envelope:
=0, tan ¢’
L_ total stress envelope:
=C,
TSR TN
\
“ |z / / \TesT / \resT 2 \TEST 3
% [ [ [ -
G4 2]
fe—p——>
O, | G4=0:,-03

Fig. 7.24 Undrained test envelopes for a normally consolidated clay



236  Measurement of shear strength

T
effective stress
envelope
¢ =0 hd —_
P e -0 c,
1 %3 = % Gy = 03 = O, i,
{ (U, = 0) 1 gt }
Fig. 7.25 Drained test envelope for a normally consolidated clay
1!
I
o o,

[ y »l
' \
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Overconsolidated clay

Because an overconsolidated clay specimen is on the dense side of critical it tends
to dilate during shearing. Under undrained conditions the tendency to dilate
brings about a decrease in pore pressure and the effective stress is increased.
Thus, the undrained strength is greater than the drained strength, which is opposite
to the behaviour of normally consolidated clay.

When the consolidation pressure (p’ =o0%) exceeds the preconsolidation stress
or yield stress (o)) the specimen will follow the normal consolidation line, its
volume will want to decrease and so the pore pressure will rise. The strength
envelope for normally consolidated specimens passes through the origin
(Fig. 7.26), but for an overconsolidated specimen (o3 < g;) the envelope has a less
steep slope and produces an apparent cohesion intercept (c;). A slight curvature
is apparent in the overconsolidated part of the strength envelope, but both parts
are usually assumed to be straight in practical interpretations.

7.12 Variations in undrained strength

The undrained strength of a soil is not a fixed intrinsic property, but it is regulated
by its volumetric state. The specific volume of a soil in turn is a function of its
stress history and may be measured by either the void ratio or the moisture
content. Under natural conditions of deposition, the void ratio and moisture
content of a soil vary with depth and so therefore does its undrained strength;
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undrained strength increases with depth. The critical state theory (Section 6.8)
can be used to provide evaluations of undrained strength.

Following natural deposition, a clay will have consolidated one-dimensionally
along the normal consolidation line to arrive at its present specific volume
(Fig. 6.34):

v=N—-Alnp

Under undrained conditions, failure will take place, at the same specific volume,
at a point on the critical state line (Fig. 6.23), at which:

g=Mp and v=T—Alnp
. o I'—v
Rearranging and substituting, q'=M exp 4

Now the undrained strength, c¢,=%¢’

Then for a normally consolidated soil,

1 I'—v
c,=—-Mex 7.9
5 p( 7 ) [7.9]

However, for natural one-dimensional consolidation,
v=N,—A11n p;

where p,=mean normal effective stress at depth z

1 — ’
Hence Cy= EM exp<r__m>

A

1 I'—N, ,
= EM exp 7 +1n p, [7.10]

Since both M and (I'—N_)/4 are constants, ¢, is seen to increase linearly with
depth in a normally consolidated clay.

The variation in undrained strength with water content may be similarly
demonstrated using eqn [7.9].

From eqn [3.11], for a saturated soil, e=wG,

Then v=1+wG;

[7.11]

1 I'-1—wG,
and cu=5M exp| ———

A
In the case of an overconsolidated soil, the present in-situ specific volume will be

v=v,,—Klnp,

F—v,“,+x1np’z> [7.12]

1
Hence c¢,=-M exp<
2 A

i.e. a non-linear increase with depth.
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Worked example 7.5 From oedometer and triaxial tests on a normally consolidated recent
shallow lake clay the following parameters have been obtained:

y=18 kN/m* M=109 T=25] e,=159 C.=0.299

Using the critical state theory, draw up a predicted c,/depth profile for depths down to 40 m,
assuming the water table to be at the surface.

The vertical and horizontal effective stresses at depth z are:
0,=72=(Vsa.—7)2 and oy=K,0,
Where K,=0.5 for undrained conditions

Then mean normalstress, p,=4(o} +20%})
=1o(1+2K,)
=3(18.0-9.81)z
=546z kN/m?

The oedometer test results are given in terms of the e/loga’ plot (Fig. 6.7); the
corresponding parameters for the v/ln p’ line are (eqn [6.37]):

A=c,/2.3=0.130
N,=1+e,=2.59

Then, from eqn {7.10]:

1 I'-N,
co=-Mexp — +Inp;
2 A

1 2.51-2.59
=-x1.09 exp —2—2—5—
2 0.130

=0.545 exp[ —0.615+In(5.462)]

+ln(5.46z)]

Tabulated values are:

z (m) 1 2 5 10 15 20 25 30 35 40
¢, kN/m?) 18 4 9 18 27 36 45 54 63 72

Approximately, c,=1.8z kN/m?

Worked example 7.6 From laboratory tests on samples of a non-fissured overconsolidated
clay the following parameters have been obtained:

M=0.96 i=0.21 I'=3.09 v=18 kN/m’
k=0.052 v,=217 K,=08 :

Estimate the change in undrained shear strength that will take place adjacent to an excavation

down to a depth of 12 m.

1 - In p;
From eqn [7.12], ¢,= EM exp<—L°+K—n—pf>

A
Then before excavation the undrained strength near the surface is:

c,=4% x0.96 exp[(3.09—2.17)/0.21]=38 kN/m?
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At a depth of 12 m, assuming the water table to be below the excavated depth, the mean
normal stress is:

p.=30(1+2K,)
=1x12x18(1 +2x0.8)=187.2 kN/m?
3.09—2.17 0052 )

2 =3 %096 exp| —————+———Inp;
=2 XP( 021 o021 P

=0.48 exp(4.38 +0.248 In 187.2)= 140 kN/m?
After excavation, the horizontal stress on the cut face is reduced to zero, so that:
pi=30(1+K)=%1x12x18x 1.80=129.6 kN/m?
and ¢,=0.48 exp(4.38 +0.248 In 129.6)=128 kN/m?
i.e. a reduction in undrained strength of about 9 per cent.

A further reduction will take place as exposure continues and moisture content (and
therefore specific volume) increases. The shear strength just below the centre of the
excavation will also be reduced and may be expected to fall to 38 kN/m?.

7.13 Further worked examples on the interpretation of triaxial tests

Worked example 7.7 The following results were obtained from consolidated-undrained
tests on specimens of a saturated normally consolidated clay.

Cell pressure (kN/m?) 100 200 300
Ultimate deviator stress (kN/m?) 137 210 283
Ultimate pore pressure (kN/m?) 28 86 147

Determine (a) the effective stress parameters ¢’ and ¢, and (b) the apparent undrained
strength parameters ¢, and ¢.,.

The ultimate effective stresses are: ¢y =0, —u;
03=03—U

Thus 6| —63=0,—0,, giving

0y 100 200 300
oy 78 114 153 (kN/m?
o —ay 137 210 283

The Mohr—Coulomb plot is shown in Fig. 7.27, from which the following values may be
obtained:

© (@ =0 ¢'=29°
(b) cu=24kN/m* ¢ ,=16
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Worked example 7.8 The following results were obtained from consolidated-undrained
tests on specimens of an overconsolidated clay:

Cell pressure (kN/m?) 100 250 400
Ultimate deviator stress (kN/m?) 340 410 474
Ultimate pore pressure (kN/m?) -42 64 177

Determine the effective stress parameters ¢’ and ¢'.

g, 100 250 400
ug —42 64 177
0y =0;—1u 142 186 223
ay—ay=a,—a, 340 410 474

(kN/m?)

Note: The effect of the negative pore pressure is to give 6%>05. The Mohr—-Coulomb
plot is shown in Fig. 7.28, from which:

¢ =31 kN/m?

and ¢'=27°

7
Oyy Oyy 200

Uy

600 o, (kN/m?)
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Worked example 7.9 In a consolidated-undrained triaxial test on a specimen of clay
normally consolidated at a cell pressure of 150 kN/m?, the ultimate deviator stress was
260 kN/m? and the ultimate pore pressure was 50 kN/m?. Draw the appropriate shear
strength envelope and determine the other corresponding parameter when: (a) ¢,=0; and
(b) ¢'=0.

Figure 7.29 shows the envelope plots.

(a) When ¢,=0, the envelope is parallel to the g, axis.
Giving 1;=c,=130 kN/m?

(b) At failure o'y =150—50=100 kN/m?
The envelope passes through the origin and ¢'=34°.

|
i

¢, =130kN/m?

340
2 L
0 100 200 300 350 o,, o,

Fig. 7.29

[

Worked example 7.10 A normally consolidated clay was found to have shear strength
parametersof ¢’ =0and ¢' =26°. Triaxial tests were carried out on three specimens of the soil.

(@) In Test 1, the specimen is consolidated under an isotropic stress of 200 kN/m? and the
axial loading stage is undrained. Determine the ultimate deviator stress if the final pore
pressure is 50 kN/m?.

(b) In Test 2, the specimen is isotropically consolidated under an isotropic stress of
200 kN/m? and the axial loading stage is drained with the back pressure remaining at
zero. Calculate the ultimate deviator stress.

(¢) In Test 3, both stages are undrained. Determine the pore pressure expected when the
specimen reaches an ultimate deviator stress of 148 kN/m?, assuming that the
specimen is saturated throughout.

The envelope plot is shown in Fig. 7.30.

(a) o¢'|\—0y=0,—0,=ultimate deviator stress
6'y=200—50=150 kN/m?

To obtain the Mohr circle, first draw the chord line AB at angle a =45° + ¢'/2 from
0% =150 kN/m?. The bisecting normal to AB cuts the ¢/, axis at the centre of the
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circle (C), and the circle radius is AC=BC.

o) —03=AD=235 kN/m?

Alternatively, the solution may be obtained analytically.
BC ’ - I

InFig.7.30, sin¢'=—= 7179
OC g +d}

From which 7 1-siné

_ = tan2(45° — g)
oy 14sin ¢’ 2
Then if ¢ =26° tan%(45°—13)=0.390
and ¢ =0%/0.390=150/0.390=385 kN/m?
Giving ¢} —03=2385—150=235 kN/m?
{b) The pore pressure at failure =0, therefore o, = 6, =200 kN/m?2. The Mohr circle is
drawn as before, giving:
o) —o%5 =313 kN/m?

Or analytically: ¢’ =200/0.390 =513 kN/m?
Giving 0} —o'y =313 kN/m?

(c) The ultimate deviator stress is the diameter of the Mohr circle, to which the strength
envelope is a tangent, giving:

6,=243 kN/m? and o¢%=95kN/m?
So that the final pore pressure will be:

Ur=03—05=200—95=105 kN/m?

Worked example 7.11 In a shear box test on a clay soil the shear loading was commenced
immediately after the application of the normal load and the following results were obtained:

Normal stress (kN/m?) 120 230 340 450
Ultimate shear stress (kN/m?) 133 150 168 186
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(a) Determine the apparent undrained cohesion and angle of friction of the soil.

(b)  If an undrained triaxial test were to be carried out after consolidating the soil at an
isotropic stress of 150 kN/m?, what would be the expected deviator stress at failure?

(¢) If an unconfined compression test were to be carried out on a specimen of the same
soil, what value would be obtained for the undrained shear strength?

a) The shear stress may be plotted directly against normal stress as shown in Fig. 7.31.
Since the tests were carried out quickly the specimens may be considered to remain
undrained and thus the plot gives values for ¢, and ¢,,.

c,=112kN/m? and ¢,=9°

e

2|2

8o

WS

Qg UJ -
[o}

Fig. 7.31

(b) To obtain the Mohr circle in this case, first draw the chord line AB at angle 45° + ¢'/2
from point A (OA =¢;=150 kN/m?). The bisecting normal to AB cuts the ¢, axis
at the centre of the circle (C). Drawing the circle so that the envelope is a tangent gives:

6,=468 kN/m? and o, —0;=318 kN/m?

(c) For the unconfined compression test, 6, =0. The Mohr circle is constructed as above,
giving:

6,—63=0,=263 kN/m?
The unconfined value for the apparent undrained shear strength is:

Cye=3(0, —03)=132 kN/m?

Worked example 7.12 In a consolidated-undrained test on a specimen of saturated clay
using the shear box apparatus, the following data were recorded:

Ultimate shear stress =90 kN/m?
Constant normal stress= 180 kN/m?

If the effective stress parameters are known to be ¢’ =25 kN/m’ and ¢'=27°, what was the
ultimate pore pressure in the specimen?

The shear strength envelope is shown in Fig. 7.32 and is given by:

T,=c+o,tan ¢’ =25+ 0.510,
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(90, 180)

0

Fig. 7.32

Then, for an ultimate shear stress of 90 kN/m?, the corresponding effective normal stress

will be:

6,=(90—25)/0.51 =128 kN/m?

and the ultimate pore pressure, u; =0, —0a,

=180—128=52 kN/m?

Worked example 7.13 The following parameters are known for a normally consolidated
clay:

M=09 i=022 N=318 I'=3.06

In a triaxial compression test, a specimen of the clay was consolidated under an isotropic

cell pressure of 300 kN/m’

(a)

(b)

Calculate the ultimate values expected for the mean normal stress (p’f),kthe deviator
stress {q'y), the major principal stress (a';) and the void ratio (e;) if the axial loading

stage is fully drained.

Calculate the ultimate values for p;, q; and ¢ for a test in which the axial loading
stage is undrained. In this case, what will be the ultimate pore pressure (u,)?

In the drained axial loading stage:
du=0, doy=0 and dq/dp'=3 [Section 6.4(d)]
Thus, at failure, g;=3(p;—p.)

where p;=mean normal stress at failure
p.=mean normal isotropic cell pressure =%

Also, from eqn [6.43(a)], gq;=Mp;
Hence, the ultimate mean normal stress is:

Ultimate deviator stress, q;=0.96 x 441.2=423.5 kN/m?

Ultimate major principal stress, 6 =¢;+ 0%
=723.5 kN/m?
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The ultimate specific volume will be on the critical state line:

ve=I—4ln p;
=3.06—0.221n 441.2=1.720

(b} In an undrained axial loading stage the volume will remain constant, i.e. equal to
that it was brought to on the normal consolidation line:

vr=0,=N—411np,=3.18—0.22In 300=1.925
Then, from eqn [6.45(b)]:
I'—u, 3.06—1.925
F=ex =expl ———— | =174.0 kN/m?
Pr p( 7 ) p( 022 ) 1740 kN/m-
and ¢;=0.96 x 174.0=167 kN/m?
and 0¢,=167.0+300=467 kN/m?

Now the total stress, p;=p,+ 3g;=355.7 kN/m?
Hence, ultimate pore pressure, u;=p;—p;=181.7 kN/m?

Worked example 7.14  The following data were recorded during the isotropic consolidation
of a specimen of clay.

p' (kN/m?) 25 50 100 200 300 400 600 25
Change in volume (ml) 0 067 139 233 475 654 892 5.69

Physical properties of the specimen at p' =25 kN/m®:
G,=2.72 y=186 kN/m’ w=34% Volume=86.19 ml

(a) Plot the v/Inp' curves and hence determine values for the parameters i, k, N and v,.
(b) Determine the indicated variation in the volumetric stiffness (K'Y with the mean normal
stress (p').

(a) Itis first necessary to establish the specific volume corresponding to p' = 25 kN/m?.

18.6
Dry density, =— " =1415Mg/m?
yaensity Pa= 5 81(1+0.34) g/

Specific volume, v=272/1.415=1922

. . AV Av
Now, volumetric strain, & =—=—

Vv v

Therefore, Av=(1.922/86.19)AV

The specific volumes corresponding to p’ can now be calculated:

4 25 50 100 200 30 400 600 50
Av 0 0015 0031 0.052 0106 0.146 0.199 0.127
v 1922 1907 1891 1870 1816 1776 1723 1.795
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x=0.0227

] i 1 1 In p

Figure 7.33 shows the v/In p’ plot.
The parameter « is the slope of the first part of the curve:

19221891
In(100/25)

=0.0224

This may be verified from the slope of the unloading curve:

795—1.7

LT3 g
1n(600/25)

The parameter A is the slope of the normal consolidation line (NCL):

1.870—1.723
=—————=0.134
In(600/200)
N =the intercept of the isotropic NCL at p'=1.0 kN/m?
=1.870+0.134 x In 200=2.580
v, =the intercept of the swelling-reloading curve at p'=1.0 kN/m?
=1.92240224 xIn 25=1.994

d ’
The volumetric stiffness, K'= d_p
8\’
d dp'
But de, = & and dv=—kd(ln p)=— K—Ij
v 4
_w

Hence K’
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1.891 x 100

Thus, for p’ =100 kN/m?2, K’'=-—"___"" =8442 kN/m?
0.0224
1.907 x 50
P=50 kN/m?, K'=——'<>"_4257 kN/m?
0.0224

Overconsolidated soil may be assumed to behave elastically, i.e. in this case when
25<p < 180: K’'~85p’ kN/m2.

Worked example 7.15 Drained triaxial tests were carried out on three specimens of a
saturated clay and the following data recorded:

Initial specimen dimensions: length=76 mm, diameter =38 mm

Specimen 1 2 3
Cell pressure (kN/m?) 100 200 400
Ultimate axial load (kN) 0.168 0.344 0.696
Change in length (mm):
during consolidation, Al 0.73 1.77 2.82
during axial loading, Al, 9.38 12.24 15.38
Change in volume (ml):
during consolidation, AV, 248 6.02 9.90
during axial loading, AV, 593 6.05 6.07

(@) Using the Mohr—Coulomb failure theory, determine the drained shear strength
parameters ¢, and ¢

(b) Use the data to establish the critical state parameters M, A and T, Assume that the
isotropic normal consolidation line has the parameters A=0.17 and N=2.98.

(@) The cross-sectional area at failure may be estimated from eqn [7.8(a)]:
1—AV/Y,

*1—Al,

Where AV=AV_+AV, and Al=Al +Al,

Original volume, Vo=§ x 387 x 76/1000 = 86.19 ml
Original area, Ao=§ % 382 =1134 mm?

1—(2.48 4+ 5.93)/86.19

e.g. specimen 1: A=1134x =1180 mm?
1-(0.73 +9.38)/76.0

The calculations are tabulated below:

Specimen 1 2 3

1-AV/Y, 09024 08600  0.8147

1-Aljl, 0.8670 0.8157 0.7605

Final area (mm?) 1180 1196 1215

Deviator stress, 6, ~a% (kN/m?) 142 288 573
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The Mohr—Coulomb plot is shown in Fig. 7.34(a) from which the drained shear
strength parameters:
cq=0 and ¢4=25°

The average value of ¢} calculated from tan(45°—¢'/2)=c4/c', is 24.7°.
(b) The mean normal stresses must first be calculated:

Consolidationstress, p.=3(c}+0%+0%)=0%
Ultimate stress, pi=1(c" +20%)

The values of specific volume (v) after consolidation will lie on the normal
consolidation line, and on the critical state line at failure (v). Thus, for specimen 1:

Major principal stress, o', =0%+q;=242 kN/m?
Mean normal stress,  pi=1(242+ 2 x 100)= 147 kN/m?

Consolidated specific volume, v, =N-—A41In p;
=298—-0.171n 147=2.197

Final specific volume, v;=v +Av

. . . . . AV, Av
Now, volumetric strain during axial loading = ” =—
v
2.197x 5.93
Thus  Av=—0 X393 _4 156
86.19-2.48

Hence, 0v,=2.197—0.156=2.041
and the CSL parametersare: M =g;/p;=0.970

[=2.197+0.17 In 147=2.89

The results are tabulated below.

Specimen 1 2 3
p.=0c% (kN/m? 100 200 400

qs (kN/m?) 142 288 573

o) (kN/m?) 242 488 973

Pt (kN/m?) 147 296 591

v, 2.197 2.079 1.961
Av 0.156 0.157 0.156
e 2.041 1.922 1.805
M 0.970 0.973 0.970
r 2.89 2.89 2.89

7.14 Sensitivity of clays

Certain clays, especially those of post-glacial origin, are sensitive to disturbance
of their natural internal structure by remoulding. The ratio of the undrained
strength after remoulding to the undisturbed undrained strength is known
as the sensitivity of the clay.

L undisturbed undrained strength
Sensitivity, S,=

- [7.13]
remoulded undrained strength
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Most ordinary clays have values of sensitivity up to about 4, while some
overconsolidated clays of low liquidity index have very low values and are
termed insensitive; some so-called quick clays may have sensitivities of over
100. Bjerrum (1954) found Norwegian clays of low salinity to have sensitivities
as high as 500 and the sensitivity of the Canadian Leda clay has been reported
at over 700 (Sangrey, 1972). Two possible explanations exist for sensitive
behaviour.

Where marine clays and clayey silts have been post-glacially uplifted and
the original sodium saline porewater has been diluted by rainwater, an open
skeletal texture appears to result. A similar open texture is thought to result
from a degree of cementation in the original structure which is then subsequently
disrupted. These open textures are fragile and, with shearing disturbance, collapse
quickly with an accompanying rapid rise in pore pressure. The sudden decrease
in effective intergranular stress, and hence shear strength, causes liquefaction in
many sensitive soils, resulting in catastrophic landslips and flow-slides.

A sensitivity classification is given in Table 7.1.

Table 7.1 Sensitivity of clays

Sensitivity S, Description

1 Insensitive

1-4 Low sensitivity

4-8 Sensitive

8-16 Extra-sensitive
>16 Quick

7.15 Measurement of residual strength

In a detailed study of the long-term stability of cuttings in London Clay, Professor
A. W. Skempton (1964) observed that the values of shear strength on long-
established slip surfaces tended to be considerably less than the corresponding
laboratory peak strengths. He also noted that the older the slip surface and the
greater the displacement, the lower was the shear strength obtained by back
analysis.

Further work by Bishop et al. (1971), using a newly designed ring shear
apparatus, confirmed that in soils with a large clay content (> 50 per cent) a
dramatic fall in strength occurs with large continuous displacements (>1 m).
Typical reported values measured in tests and determined by back-analysis
of actual slips are:

Peak strength Residual strength

¢ ¢ o ¢,

Brown London clay 12 kN/m? 22° 1kN/m? 1°
Atherfield clay 21 kN/m?  18° 1kN/m?* 16
Weald clay 48 kN/m* 23° 4kN/m?  10°
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It is also apparent that in first-time slides the value of ¢/ is similar or only slightly
less than that of ¢ ¢, leading to the conclusion that the amount of strain is important.
A likely explanation is that the flaky clay particles adjacent to.the slip plane
become reorientated into a more parallel arrangement, thus producing a
‘smoother’ surface. Displacements of several millimetres have only a marginal
effect in reducing ¢’, but movements of a metre or more are sufficient to cause
a substantial decrease in strength. Plastic yielding probably occurs first at asperity
contacts (Calladine, 1971).

Also of significance is the curvature of the residual shear strength envelope
(Bromhead and Dixon, 1986; Lupini et al, 1981). Hawkins and Privett
(1985, 1986) point out that it is inadvisable to base the t,/o. plot on only
three tests, since this may lead to an impression of a straight line envelope
(t.=0, tan ¢,). When six or more points are plotted over a wider range of o
values, the curvature of the envelope becomes noticeable, especially at low values
of a,. A plot of the residual friction coefficient (tan ¢.=1,/5}) is a clearer way
of presenting residual strength characteristics.

Residual strength tests

(a) Shear box or triaxial tests on natural slip surfaces

Carefully cut specimens which include a portion of an existing slip surface are
obtained from the site of a slip and tested in a conventional manner, using a
shear box or triaxial test apparatus. Most of the practical difficulties lic in the
sampling process and in the subsequent orientation of the slip plane. This method
is unsuitable for routine purposes.

(b) Reversible shear box tests

A specially adapted shear box is used in which the direction of relative
displacement of the two halves of the specimen may be reversed an unlimited
number of times. The potential cumulative displacement is therefore extended
from a few millimetres to several metres if need be. The rate of shear must of
course be slow enough to allow full dissipation of the excess pore pressure. At
least ten reversals will usually be necessary to develop a realistic residual state
and it is recommended that at least six tests are carried out over the appropriate
range of normal stresses.

(¢) Ring shear apparatus
The suggestion for a ring shear apparatus was first made in the 1930s by Hvorslev
and was revived by Bishop et al. (1971). In 1979, Bromhead published the design
of a relatively inexpensive apparatus, which is now commercially available. A
small remoulded specimen of the soil is prepared in the form of a square-sectioned
ring. The top half of the ring is made to rotate relative to the bottom half
(Fig. 7.35) while the normal stress (o) and the shear stress (z') are measured.
An initial failure surface is formed by rapidly rotating the ring. The speed is then
gradually reduced and rotation maintained until the residual state is developed.
By varying the normal stress, several points on the 1,/07, envelope can be obtained
relatively easily.

From a number of studies (Hawkins and Privett, 1985; Bromhead and Dixon,
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Fig. 7.35 Ring shear test specimen

1986; Bromhead and Curtis, 1983; and others) it is clear that ring shear results
correlate well with tests on natural slip surfaces and the results of back analyses.
The results of ring shear tests and reversible shear box tests also appear to be
in close agreement. However, ring samples are simpler to prepare (from remoulded
soil) and it is easier to obtain envelope points in satisfactory numbers.

7.16 Development of failure

The Mohr-Coulomb failure theory depends on the assumption that an actual
surface of failure develops in the soil mass. When this is the case, an ultimate load
or limit state analysis can be used in which the shear stress along the failure
surface is taken as a limiting value. The ordinary interpretation of triaxial test
results and the analysis of slope stability by a slip circle method are examples of
this approach. It is quite apparent, however, that in many cases a definite shear
surface does not develop, but that, as the soil yields, contraction takes place.

The reason for this lies in the fundamental difference between the behaviour
under shearing conditions of soils having a void ratio less than the critical value
and those where it is greater (see Section 6.8). Those soils on the dry or dense
side of critical tend to dilate and then to fall by discontinuous slipping along a
well-defined slip surface. The peak shear strength values associated with this type
of failure are predicted reasonably well by the Mohr—Coulomb theory.

Contrastingly, in normally consolidated soils with void ratios on the wet or
loose side of critical, the structure tends to contract and even collapse or flow;
slip surfaces do not develop. Flow slides tend to develop in this way in clay slopes
when the void ratio is increased by freeze/thaw processes. Localised increases in
void ratio may occur in spoil tips due to drainage of sub-tip water. Small local
displacements resulting in a decrease in shear strength may lead to progressive
flow-type failure.

In some overconsolidated fissured clays, such as London Clay, especially when
they are exposed to sub-aerial weathering, there is a gradual decline in strength.
This effect starts adjacent to fissures and may lead to progressive failure. It is
suggested that the critical state strength (=0, tan ¢.) should be taken for
stability calculations, rather than the peak strength (t=c'+ g, tan ¢;).
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7.17 Measurement of pore pressure coefficients A and B

It was shown in Section 4.7 that the changes in pore pressure induced by changes
in isotropic stress or uniaxial stress, or both, can be obtained from the following
general expression (eqn [4.11]):

Au=B[Ad;+ A(A, —As)]

in which A and B are termed pore pressure coefficients. The triaxial test apparatus
is ideally suited to procedures devised to measure the pore pressure coefficients.
The soil specimen is first consolidated and a back pressure maintained to give
an initial pore pressure. Very often the back pressure will be chosen to simulate
in-situ conditions.

When the consolidation stage has been completed, the cell pressure is raised
(Ag,) with drainage prevented and the pore pressure response (Aug) is noted.
The coefficient B is obtained from:

B=Au0/AG3 [714]

To determine coefficient A, a specific increment of axial load is applied to produce
an increase in deviator stress (Ao, — Ag;). The resulting change in pore pressure
(Au,) is noted and then:

AB=A=Au,/(Ac, —Adc) [7.15]

An overall coefficient can also be obtained corresponding to the change in the
major principal stress:

B=(Aup+Au,)/Ac, = B[1 —(1 — A1 — Ac;/Ad,)) [7.16]

where B is obtained at constant lateral strain by maintaining the same ¢;/0,
ratio as o, and o, are increased together.

Worked example 7.16 Using the triaxial apparatus, a soil sample was first of all
consolidated at an isotropic cell pressure of 600 kN/m? with the back pressure maintained
at 300 kN/m?. Then, with the drains closed, the cell pressure was raised to 720 kN/m?,
resulting in the pore pressure increasing to 415 kN/m’. Following this, the axial load
was raised to give an increase in deviator stress of 550 kN/m?, while the cell pressure
was held constant. The final pore pressure reading was 562 kN/m?. Calculate the pore
pressure coefficients B, A and B.

Following an increase in isotropic stress of Ac;=720—600, the pore pressure change
was Auy,=415-300.

Au, 415-3
Therefore B= 20 4573001 osg
Ac, 720—600

Then an increase in deviator stress (Ao, — Ag;)=550 produced a further change in pore
pressure of Au, =562 —415.

Au;  562-415
Ac,— Ao, 550

Hence =—_=0.279

Therefore AB= =0.267
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The overall coefficient B is the ratio of the overall change in pore pressure to the overall
change in major principal stress.
Au, Aug+ Au,y _562—300

Therefore B=—= = =0.391
Ao, (Ac,—Ac;)+Ac; 550+120

Worked example 7.17 During consolidated-undrained triaxial tests, the following data
were recorded:

Change in length of specimen (mm) 0 0.75 150 3.00 600 910 106

Deviator stress (kN/m?) 0 120 200 280 360 420 460
Pore pressure (kN/m?) 0 103 153 192 215 232 248

Cell pressure=250 kN/m? Original length of specimen=76 mm
Determine the relationship between the pore pressure coefficient A and axial strain.

Axial strain, ¢=Al/l,
For Al=0.75 mm,

£=0.75/76=0.01

Au
Pore pressure coefficient, A= — (assuming B=1.0)
o,—Ac,

For (Ac, —Ac,)=120 kN/m?,
A=103/120=0.858

The complete set of calculations is tabulated below.

(Ao, —Acy) 0 120 200 280 360 420 460

Axial strain, & 0 001 002 004 008 012 014
Pore pressure coefficient, A 0 0858 0.765 0.686 0.597 0552 0.539

Figure 7.36 shows a plot of A/e.
A

0.901-

T

0.80

0.704

Pore pressure parameter 4

0.60[-

0.50| L 1 1 : 1 1 L L —-
0 002 004 006 0.08 0.10 0.12 0.14 0.16 €

Axial strain

Fig. 7.36
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Worked example 7.18 The following data were recorded during a series of consolidated-
undrained tests on an overconsolidated clay:

Cell pressure (kN/m?) 100 200 350 500
Ultimate deviator stress (kN/m?) 286 374 513 652
Ultimate pore pressure (kN/m?) —43 —-12 39 87

Determine: (a) the shear strength parameters ¢’ and ¢’ for the soil, and (b) the relationship
between the pore pressure coefficient A ; and the consolidation ratio R, if the preconsolidation
stress, 0,=600 kN/m’.

(a) The Mohr—Coulomb plot is shown in Fig. 7.37(a), from which:
¢=27kN/m? and ¢'=25°

(a)

0.2}

-
N
W
&
o

Ro

0.1+

() !
Fig. 7.37
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(b) The overconsolidation ratio, R,=0/0%
A
and A= o [assuming B=1.0]
Ao, —Ao,

The results are tabulated below and a plot of A;/R, shown in Fig. 7.37(b).

oy 143 212 311 413
R, 42 28 1.9 1.45
A, -015 —003 008 0.3

Worked example 7.19 By means of consolidated-undrained triaxial tests the shear
strength parameters of an overconsolidated clay were found to be:

¢ =10 kN/m?> ¢'=24°

The value of A, for the in-situ conditions is estimated at —0.18. In an unconfined
compression test the specimen sheared at a compressive stress of 162 kN/m’. Determine
the initial value of the suction pore pressure in the soil.

Maximum compressive stress, o6, —o63=162 kN/m?
and o3=0
Therefore u; = —0.18 x 162 = —29.16 kN/m?

Let the initial pore pressure =u,
Then, atfailure: o3=03—1y+29.16=29.16—u,
61=29.16—uy+162=191.16 —u,

Now from the Mohr—Coulomb plot:
coot¢+ay tan2<45° - z)

c cot ¢+, 2

Now ¢ cot ¢'=10 x cot 24° =22.46 kN/m?
and tan2(45°—¢'/2)=0.422

22.46+29.16 —u,

Then ——0T <7070 4
2246+ 191.16—1g
—90.15+ 51.
Giving uge OBHINE e eN/m?
0.578 =

7.18 Stress path tests

The results of tests carried out to establish general design parameters are usually
presented in terms of the final yield condition. No account is taken of the sequence
of stress changes throughout either the tests themselves or in the design problems
for which the parameters are required. While this is satisfactory for much in
routine design work, it is often necessary to obtain specific design parameters for
more complex geotechnical problems, e.g. detailed changes in pore pressures or
volumetric and shear strains.



Stress path tests 257

The stress—strain/volumetric behaviour of soil depends on the sequence of
stress changes that occur, i.. on the stress path (see also Section 6.6). Stress path
tests are designed to simulate those changes expected to occur in the geotechnical
problem. The test procedure must be designed to control and monitor all changes
throughout the test of stress, strain, pore pressure and volume change.

The equipment required for stress path tests is basically that used for
conventional consolidated-undrained triaxial tests on 100 mm diameter samples
(Atkinson and Clinton, 1986). An essential modification is the inclusion of a
hydraulic axial loading cell to facilitate stress-controlled loading, This enables a
more accurate determination of stress—strain behaviour at low strains than is
possible in constant-rate-of-strain tests. The axial load is measured using an
electronic load cell and the cell and pore pressures using pressure transducers. A
displacement transducer is used to measure axial strain and a similar device is
incorporated in the volume-change gauge.

The test variables are monitored and logged at frequent intervals using a
microcomputer. The computer can also be programmed to respond to monitored
data and make control adjustments using stepper motors to operate hydraulic
valves. Thus, pre-determined stress paths may be followed and relevant changes
continuously monitored and recorded. Subsequently, the computer will process
the results and produce VDU display and/or hardcopy output.

A number of studies (Atkinson and Clinton, 1986; Atkinson, Evans and
Richardson, 1986; and others) have shown that while the angle of friction and
the stiffness of soil are relatively unaffected, intermediate and especially undrained
pore pressure and strain behaviour are significantly stress-path dependent.
Therefore, undrained stability, volumetric and shear strains, and pore pressure
changes should be assessed using stress path tests. In the recommended method
undisturbed or remoulded specimens (100 mm diameter) are isotropically
consolidated at a stress somewhat higher than that occurring in situ and then
are allowed to swell back to a prescribed value, e.g. in-situ stress. This approach
has also been recommended in the SHANSEP (stress history and normalised
engineering properties) method (Ladd and Foott, 1974; Coatsworth, 1986).
1986).

Normal consolidation and K, line

The procedure may be used simply to determine normal consolidation parameters
for either isotropic or one-dimensional loading, as well as evaluating K, or as a
preliminary to further stress path tests. Remoulded specimens are consolidated
in a stress-path cell to a reasonably high maximum stress, e.g. p,, =700 kN/m?,
and then allowed to swell to the required consolidation stress (p.). Figure 7.38
shows a typical stress path plot (OMP) for one-dimensional consolidation and
swelling from which 4, x, N, and K would then be determined.

Conventional undrained triaxial compression

In a conventional triaxial procedure the samples are consolidated isotropically
before being subjected to triaxial compression by increasing the axial stress (o,),
while keeping the radial stress (o,=cell pressure) constant. In Fig. 7.39, stress
paths for two samples are shown. Sample 1 is overconsolidated (p,<p,,) and
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Fig. 7.39 Stress paths for consolidated-undrained triaxial tests



Stress path tests 259

therefore the pore pressure decreases as ¢, increases. Sample 2 is normally
consolidated (p;, > p,,) and so the pore pressure increases.

Problem simulated stress paths

In Fig. 7.40(a), five typical geotechnical design situations are shown. The points
of interest all lie originally at the same depth and have the same stress history,
but in the proposed constructions (foundation, active pressure, passive pressure,
excavation and slope) they will undergo changes along different stress paths
(Fig. 7.40(b)). In laboratory tests stress paths may be chosen that will attempt to
simulate those envisaged in the problem.

(@) Beneath a foundation

The first stage, representing relatively fast construction, is undrained (OA), and
this is followed by consolidation (AB) where dissipation of excess pore pressure
occurs. Finally, the undrained loading is continued to failure (BC).

(b) Active side of a retaining wall

Excavation in front of the wall reduces the horizontal total stress, but the vertical
total stress remains relatively unaltered. In the first stage, the cell pressure is
lowered (OD), with the total axial stress held constant under undrained
conditions. The sample is then allowed to swell (DE) at the original back pressure
until failure occurs.

(¢) Passive side of a retaining wall

Excavation will reduce the total vertical stress, but the tendency for the wall to
move will increase the horizontal stress. This is represented by the undrained
stress path (OF), after which the excess pore pressure is allowed to dissipate (FG)
and then the loading continued until failure (in tension) occurs.

(d) As a result of excavation

Excavation reduces the total vertical stress and this is accompanied, to a lesser
extent, by a reduction in horizontal total stress. From the initial condition, the
total axial stress is reduced under undrained conditions (OI), after which swelling
is allowed (1J). Finally, the stress path is (JK), and, although failure may not be
achieved, the pore pressure and strain changes will be of interest.

(e) Pore pressure change in a slope

Slope failures are often due to an increase in pore pressure, while the total vertical
and horizontal stresses remain constant. In the test procedure, therefore, ¢, and
o, are held constant while the back pressure is slowly raised. The effective stress
path is (OL); there is no total stress path.

Stress path tests demonstrate that the stress—strain behaviour of soil in tension
(paths (c) and (d)) is quite different from that in compression ((a) and (b)). More
significant, however, are the differences in pore pressure and stiffness change with
rtespect to strain. These differences have been demonstrated by Atkinson, Evans
and Richardson (1986), using stress path tests on reconstituted samples of
London Clay (Table 7.2). The five samples were prepared from a slurry and
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Table 7.2 Summary of stress-path tests on London clay. (Reproduced by permission
of the Geological Society from Atkinson, Evans and Richardson, 1986)

Test E; [ Vo c, E, E, Loading
(MN/m?)  (kN/m?) (kN/m?)  wp, ¢,

1 5.2 50 1.80 63 60 135 Triaxial u/d
2 175 200 1.73 133 50 130 0,4 iNCreasing
3 13.6 400 1.70 171 20 80 o, constant
4 15.3 200 1.73 113 45 135 0, constant

: g, reducing
5 6 200 1.72 120 20 50 0, reducing

g, constant

*Ate,=1%

one-dimensionally consolidated to p,, =600 kN/m?, before being allowed to ‘
swell to p, =200 kN/m?.

7.19 The shear vane test

In soft silts and clays, especially those of high sensitivity, the effects of disturbance
when taking samples can have a considerable effect on subsequently laboratory-
measured shear strengths. The shear vane apparatus is used to carry out in-situ
shear strength tests, thus obviating the necessity of obtaining undisturbed samples.
Details of the apparatus and procedure are given in Section 12.5.

The shear vane test is suitable for determining the undrained shear strength
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of unfissured saturated clays and saturated silts. It is not so reliable for fissured
soil or laminated mixtures.

Basically, the vane consists of four rectangular blades in a cruciform at the
end of a steel rod (Fig. 7.41). After the vane has been pushed into the soil, it is
rotated by applying a torque at the surface end of the rod. The vane is first
rotated at 6-12° per minute to determine the undisturbed shear strength and
then the remoulded strength is measured by rotating the vane rapidly. The
resulting shear surface comprises the perimeter and ends of a cylinder. The
undrained shear strength is obtained by equating the applied torque to the shear
resistance moment;

2
T=cu<7thd>< t—i+2nd— x i)
2 4 3
T T

= 7.17
n(hd? + 5d%)  ind*(h+4d) 7.17]

Hence ¢,=

Worked example 7.20 A shear vane used to test in situ a soft clay had a diameter of 75 mm
and a length of 150 mm. The average torques recorded after slow and then rapid rotations
were 64 and 26 Nm respectively. Determine the undrained shear strength of the clay and
also its sensitivity.

The dimensional characteristic of the vane is:
ind*(h+ {d)=$n x 0.075%9.150 + 4 x 0.075)=1.546 x 10~ mm?

64 x 103

— — 2
N 1.546x10‘3_5ﬂ/£

Undisturbed undrained strength, ¢,
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. 16x1073 5
Remoulded undrained strength, c,z=————— =103 kN/m
1.546 x 10 —
e 414
Sensitivity S,=——=4.0
10.3

7.20 Estimates of shear strength parameters from index tests

It is now common practice to classify and describe soils using standard index
tests, i.e. liquid and plastic limits. The plasticity index (Ip) represents the range
of plastic consistency of a soil and the liquidity index (I;) gives a measure of the
relative in-situ consistency.

Eqn [2.6]): Ip=w_ —wp

Eqn [2.7] I =2""°
Ip

Preliminary estimates of strength and stiffness parameters can provide a useful
basis for early design and feasibility studies; they also enable the realistic planning
of a detailed testing programme. A number of quantitative correlations have been
proposed between I, and compressibility (C, or ) and between I; and undrained
shear strength. While all such correlations must be treated with caution and some
are sensitive to errors in input data, they may at least be used to establish an early
picture of the strength and stiffness nature of the soil. The following examples
are not exclusive, nor do they lay claim to a high order of general reliability;
however, they do have the advantage of simplicity. When used with good sense
and engineering skill born out of experience these estimates will provide useful
markers for preliminary design purposes.

Source C,ral W, Cugal Wp
(kN/m®)  (kN/m’)

Skempton and Northey (1953) 1.7 170
Scholfield and Wroth (1978) 1.7 170
Medhat and Whyte (1986) 1.6 110
Youssef et al. (1965) 1.7 110

Also Scholfield and Wroth (1978): ¢, =170 exp(—4.61;) kN/m?
Skempton and Bjerrum (1957): % =0.11+0.371,

Yo

Ladd et al. (1977): for overconsolidated clay, (Cu/Tvo)oc =R08

(cu/a:m)nc °
An approximate correlation is: logc¢,=0.2+2.0I
Also, after Massarch (1979): K,=044+0421,
Inthe above: o, ,=effective overburden stress R,=overconsolidation ratio
¢,r =remoulded undrained shear strength
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Worked example 7.21 Obtain an estimate for the remoulded shear strength of a clay which

has the following index properties:

w, =237 per cent wp=19 per cent w =23 per cent
37-23
Liquidity index, I, =——=0.78
anay "3T9

log ¢z =0.2+2.01, =0.2+2.0x 0.78 = 1.76
Therefore, approximate ¢,z =58 kN/m?

Stiffness estimates

Skempton and Northey (1953), after examining a number of British soils, found
that the shear strength at the plastic limit was one hundred times that at the

liquid limit, i.e.
4., =100g,,
and since ¢'=Mp’, p, =100p,,

which are points on the critical state line having the specific volume coordinates:

v, =I'—Zilnp,,
v, =I'—Alnp;,

Now, for a saturated soil, v=1+wG,
L In(p,, /pl) A ,
So that w, —w, = BPw/Py) 410100 _ 4.6
L P Gs Gs Gs

But w, —w,,=1Ip/100

Hence, the slope of the critical state line may be estimated from:

IG
/-= P Vs
461
Similarly, the compressibility index is estimated from:
IpG
C,=iln10=2—
200

where I, is in percentage units.

Exercises

[7.18]

[7.19]

1. (a) Sketch a stress/strain graph to show what is meant by peak strength, critical

strength and residual strength.

(b) What is meant by the term critical state? How does the behaviour of a soil
differ during shearing when it is looser as opposed to being denser than the

critical state?
(c) Explain the term angle of repose.
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The readings given below were recorded during shear box tests on samples of a sand.
The shear surface measures 60 x 60 mm. Determine the angle of friction for the sand
when: (a) in a loose state, and (b) in a compacted dense state.

Normal load (N) Shear load (N)

Peak  Ultimate

110 97 61
230 198 128
350 301 198

The readings given below were taken during two shear box tests on samples of the
same sand. In both cases, the constant normal stress was 160 kN/m?2. In Test 1, the
sand was in a loose state; in Test 2, it was in a dense state. Draw the shear
stress/displacement graphs for the two tests and determine the peak and ultimate
angles of friction.

Test 1

Horizontal displacement
(107>mm) O 50 100 150 250 350 450 550

Vertical displacement
(10"2mm) 0 -—-11 —17 -—-21 -26 -28 —-29 -29

Shear stress
(kN/m?) 0 34 53 64 78 86 89 90

Test 2

Horizontal displacement
(100"2mm) O S0 100 150 250 350 450 550

Vertical displacement
(10"2mm) 0 -5 —4 | 29 47 53 56

Shear stress
(kN/m?%) 0 59 90 110 121 111 97 93

The following parameters are known for a normally consolidated clay:
M=1.17 A=018 N,=2.82 =273 G,=2.72

In triaxial tests, two samples of the soil were each isotopically consolidated at a cell
pressure of 300 kN/m2. In the case of sample A the axial load was increased under
drained conditions, whereas sample B was tested undrained.

(a) Calculate the expected ultimate mean normal stress, deviator stress, void ratio
and moisture content at the end of the drained test.

(b) Calculate the expected ultimate mean normal stress, deviator stress and pore
pressure at the end of the undrained test.

(c) Calculate the equivalent value of the critical angle of friction (¢?).
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5.

10.

(@) Using sketch graphs and diagrams, explain the Mohr—Coulomb theory as
applied to the measurement of soil shear strength.

(b) Sketch typical Mohr—Coulomb envelopes for the following shear strength tests:
undrained, consolidated-undrained, drained.

() Give an example of a geotechnical problem having the same loading conditions
as in (b) above.

Given that the shear strength parameters for a soil are ¢'=18 kN/m? and ¢’ = 30°,
calculate its shear strength within a saturated mass of the soil on a plane upon which
the total normal stress is 278 kN/m? and the pore pressure is 94 kN/m?2.

The following results were recorded during consolidated-undrained triaxial tests on
a clay soil:

Cell pressure (kN/m?) 150 300 500
Ultimate deviator stress (kN/m?) 192 385 638
Ultimate pore pressure (kN/m?) 70 139 234

(@) Determine the following shear strength parameters: ¢, ¢, c., and ¢.,.

{b) Do the test results indicate the clay to be normally consolidated or
overconsolidated?

A consolidated-undrained triaxial test on an overconsolidated clay yielded the
following results:

Cell pressure (kN/m?) 100 300 500
Ultimate deviator stress (kN/m?) 208 410 590
Ultimate pore pressure (kN/m?) —18 68 168

Determine the shear strength parameters: ¢, ¢, ¢, and ¢,.

A series of three triaxial tests was carried out on samples of a saturated clay soil,
the cell pressure in each being constant at 200 kN/m?2. The shear strength parameters
were found to be ¢'=0 and ¢’ =24°.

(a) In the undrained test the pore pressure at failure was 125 kN/m?2. Determine
the ultimate deviator stress.

(b) In the consolidated-undrained test the maximum deviator stress was 160 kN/m?.
Determine the ultimate pore pressure.

() Determine the ultimate deviator stress in the drained test if the back pressure
was kept constant at 80 kN/m?.

The following parameters have been obtained for an overconsolidated clay:

M =096 =315 H=066 A=0.18
k=0049 ©v,=230  y=184 kN/m?

(a) Calculate the undrained strength of the soil at depths of 1 m, 2 m and 5 m,
assuming that the water table is at the surface.
(b) Calculate the historical pre-consolidation stress for the soil.
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A cohesive soil is found to have undrained shear strength parameters of c,=35

kN/m? and ¢,=17°.

(@) In an undrained triaxial test a specimen of the soil failed at a total axial stress
of 360 kN/m? Determine the cell pressure that was used.

(b) Determine the value that would be indicated for the undrained shear strength
in an unconfined compression test.

(a) Write down the general expression for the change in pore pressure in terms of
the changes in isotropic and deviator stress. Explain why B=1 for a saturated
soil.

(b) Atagiven point in a mass of saturated clay, the total vertical stress is 240 kN/m?,
the total horizontal stress is 160 kN/m? and the pore pressure is 60 kN/m2
Assuming that coefficient 4=0.75, determine the pore pressure in a sample of
the clay after its removal from the ground, i.e. when the total stress is reduced
to zero.

() If a specimen cut from this sample is now subject to an undrained triaxial
compression at a cell pressure of 150 kN/m? and fails at a deviator stress of
320 kN/m?, determine the pore pressure and effective principal stresses at failure.

The following parameters are known for a peaty clayey silt:
¢'=18 kN/m? ¢'=20° A=04 B=038
Determine the pore pressures at the beginning and end of each of the following

consecutive stages in a triaxial test:

(a) isotropic consolidation at a cell pressure of 200 kN/m?,

(b) undrained axial loading at a cell pressure raised to 400 kN/m?.

The following results were recorded during an undrained triaxial test on a clay soil
at a cell pressure of 400 kN/m?. At zero cell pressure the pore pressure was also zero.

Axial strain (%) 0 2 4 6 8 10 12 14
Deviator stress (kN/m?) 0 258 440 588 681 729 713 662
Pore pressure (kN/m?) 368 557 672 665 578 529 495 482

(a) Plot the curves of deviator stress and pore pressure against axial strain and
deduce the maximum value of (o, — o) and the corresponding pore pressure, u;.

(b) Calculate the value of pore pressure coefficient B.

(¢) Plot the curve of pore pressure coefficient A against axial strain and from it
determine the value of 4.

Prior to carrying out strain measurements in a triaxial apparatus, a sample of soil
has been consolidated at a mean normal stress of 150 kN/m? and a deviator stress
of 75 kN/m?2. After consolidation, the pore pressure is zero and the specific volume
is 2.09. The soil is known to have the following properties:

M=0.96 H=0.66 A=0.18 xk=0.046
=312 N=321

(a) Establish whether this state lies on or below the Hvorslev surface and therefore
whether or not a further increase in stresses will produce elastic strains.

(b) Calculate the volumetric strain that will take place when, under drained
conditions, the radial stress is raised by 5 kN/m? and at the same time the
vertical axial stress is raised by 15 kN/m?.

(c) Calculate the increase in pore pressure that will result from a similar increase
in stresses under undrained conditions.
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Earth pressure and retaining walls

8.1 Types of retaining wall

In many construction operations it is often necessary to alter the ground-surface
profile in such a way as to produce vertical or near-vertical faces. Sometimes
these new faces may be capable of self-support, but in other instances a lateral
retaining structure will be required to provide support. In stability analyses, both
the nature of the wall structure and that of supported material are important,
as too is the way the wall may move or yield after construction.

If a wall structure is caused to move towards the soil being supported, the
horizontal pressures in the soil will increase; these are then referred to as passive
pressures. If the wall moves away from the supported soil, the horizontal soil
pressures decrease and are referred to then as active pressures. If the wall structure
is rigid and does not yield, the horizontal soil pressures are said to be at-rest
pressures. The various types of earth-retaining structures fall into three broad
groups:

1.  Gravity walls: these depend largely upon their own weight for stability, have
wide bases and usually a rigid construction; some examples are shown in
Figs 8.1 and 8.2:

(@) Masonry walls: mass concrete, brickwork or stonework; the strength of
the wall material is generally much greater than that of the underlying
soil; the base is usually formed in mass concrete and will typically have
a breadth of one-third to one-half of the wall height.

(b)  Gabion walls: gabions are rectangular (occasionally cylindrical) baskets
made from galvanised steel mesh or woven strips, or plastic mesh
(originally wickerwork) and filled with stone rubble or cobbles, to
provide free-draining wall units.

(¢) Crib walls: formed with interlocking pre-cast concrete units (or timber
sometimes for temporary works); stretchers run parallel to the wall face
and headers are laid perpendicular to the wall face; the space formed
by the cribs is filled with free-draining material, such as stone rubble,
cobbles or gravel.

268
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simple vertical vertical back vertical face stepped back inclined back
wall

(a) Unreinforced masonry walls

wire-mesh
" gabions filled
.~ with stone

timber

pre-cast concrete

(c) Crib wall

Fig. 8.1 Types of mass gravity wall

(d) RC walls: reinforced concrete cantilever walls are the commonest
modern form of gravity wall; either an L-shaped or an inverted T-shaped
cross-section is formed to produce a vertical cantilever slab; simple
cantilevers, some utilising the weight of backfill on the heel portion of
the slab, are suitable for walls up to 6 m in height; for greater heights,
counterfort walls or buttressed walls can be used; to improve resistance
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* often with 1
\ counterforts

at intervals
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L-shaped T-shaped reinforced rigid prestressed

Reinforced concrete walls

777777 7777
7 o
T U
buttressed counterfort

Fig. 8.2 Types of RC gravity wall

to sliding a downward-projecting key is often incorporated into the
base.

() Counterfort walls: basically RC gravity walls with tension stiffeners
(counterforts) connecting the back of the wall slab and the base, so that
the bending and shearing stresses are reduced; used for high walls or
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where high lateral pressures will occur, e.g. where the backfill is heavily
surcharged.

(f) Buttressed walls: are similar except that the stiffeners are placed in front
of the wall and act as compression braces; used for very tall walls, but
are not as common.

2. Embedded walls: these consist of vertical driven or placed sheets or piles
that may be anchored, tied or propped, or may act as simple cantilevers;
their own weight does not feature in stability analyses; some examples are
shown in Fig. 8.3

(a) Driven sheet-pile walls: flexible structures used particularly for temporary
works, in harbour structures and in poor ground; different material
types include: timber: suitable for temporary works and braced sheets;
cantilever walls up to 3 m high; pre-cast concrete: used for permanent
structures, but quite heavy, watertight structures formed from ‘keyed’
or grouted sections; steel: widely used, especially for cantilever and
tied-back walls; variety of cross-sections, strengths and combinations;
strong buckling capacity; reusable in temporary works.

Cantilever walls are economical for heights up to 4 m; used mainly
for temporary works. Anchored or tied-back walls are used for a wide
range of applications in different soils, for heights up to 20 m; anchor
forces reduce the lateral deflection and bending moment in the pile,
and also the depth of embedment required (compared with cantilever
piling).

(b) Braced or propped walls. props, braces, shores or struts are placed in
front of the wall; lateral deflection and bending moment are reduced,
and embedment may not be required; in trenches, struts and wales are
used; in wide excavations framed shores or raking shores are used.

(¢) Contiguous bored-pile walls: formed from a single or double row of piles
installed in contact (or in very close proximity) with each other; alternate
piles are first drilled and placed; a casing guide is then used to drill
alternate pile holes.

(d) Secant bored-pile walls: the wall is formed from bored piles, usually
about 1 m diameter: piles are drilled in a row at closer spacing than
the pile diameter and the concrete placed; while the concrete is still

[P | OO
' tie rod T

deadman /
anchor props

] g

e ground
sl anchor
1 I 1
(a) cantilever wall (b) anchored wall (c) propped wall

Fig. 8.3 Types of embedded wall
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(e)

quite weak (after 2/3 days), the intermediate holes are drilled along a
parallel, but slightly offset, line so that these holes cut into the first piles.
Diaphragm walls: constructed in a narrow (wall width) excavated trench
which is temporarily supported by a bentonite slurry; the reinforcement
cage is lowered into the trench and the concrete placed through a
trémie, thus displacing the slurry; used in difficult ground, where driving
sheet piles would be troublesome, where unfavourable groundwater
levels occur, or on restricted sites.

Reinforced and anchored earth: here the wall material may be the in-situ
rock or soil into which reinforcement is inserted (soil nails or ground anchors),
or reinforcement may be laid between rolled layers as the fill soil is placed
and compacted (reinforced earth), some examples are shown in Fig. 8.4:

(a)

(b)

(©)

Reinforced earth walls; consist of frictional backfill laid and rolled in
layers, between which is placed either reinforcing strips or geotextile
mesh; used in retaining walls, sea walls, dock walls, bridge abutments,
earth dams and in numerous temporary works.

Soil nailing: an in-situ soil reinforcement method in which steel bars or
angles or other metallic elements are driven in or grouted in drilled
holes (but not pre-stressed); they are typically 3-5 m long and at spacings
of 0.5-2 m; the facing is often simply a layer of shotcrete; primarily used
for temporary works, but suitable for some permanent structures with
non-corrodible nails.

Ground anchors: tendons formed of rods, crimped bars or expanding
strip elements are pressure-grouted into drilled holes; used as tie-backs
for sheet-pile walls, rock faces, tunnels and mine works.

In the analysis and design of earth-retaining structures of all types it is necessary
first to establish the distribution of vertical and horizontal earth pressures acting

Non-corrodable ‘nails’

driven in or grouted in drilled
LT = holes

"7 —Rolled -

Strip or mesh reinforcement

L -— - backfill
= Shotcrete
. facing
L wIT in-situ
Roll-over’ e T T et soil
mesh facing Seem————r——" ‘
(or pre-cast {=—— D ——

(a) Reinforced earth (b) Soil nailing

Fig. 8.4 Reinforced earth and soil nailing
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on the structure. The next sections of this chapter will examine the theories and
methods of calculation in current use.

8.2 Hydrostatic pressure and lateral thrust

The pressure at a point below the surface of a liquid that is in a state of hydrostatic
equilibrium (i.e. no flow is occurring) is equal in all directions and increases
linearly with depth. Figure 8.5 shows the distribution of horizontal hydrostatic
pressure against a retaining surface. The resultant horizontal thrust on a unit
length of the surface is equal to the area of the triangular pressure diagram.

Horizontal pressure, o}, =y,z
Horizontal thrust, P,=31y,H? [8.1]

where y,, = unit weight of liquid.
The line of action of P, passes through the centre of area of the pressure
diagram,

ie. h=1H.

In soil, grain, coal and other granular materials, internal frictional resistance
is developed between adjacent grains. Thus, the horizontal pressure is not usually
equal to the vertical pressure at the same point, although one is still a function
of the other. The magnitude of lateral (horizontal) earth pressure is dependent
on the shear strength of the soil, the lateral strain conditions, the vertical effective
stress (and therefore the porewater pressure) and the state of equilibrium of the soil.

A body is said to be in a state of elastic equilibrium when a small change
(increase or decrease) in stress acting upon it produces a corresponding and
reversible change in strain. Irreversible strains are caused if the stress is increased
beyond the yield point (see also Chapter 6). In a state of plastic equilibrium
irreversible strain is taking place at constant stress; the Mohr—Coulomb failure
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Fig. 8.5 Horizontal pressure due to a liquid



274  Earth pressure and retaining walls

criterion (Section 6.4) is one way of representing this state. It may be assumed

that a mass of soil under increasing stress will remain in a state of elastic

equilibrium until the plastic yield (failure or limit state) condition is reached.
The strain states relating to earth pressure calculations fall into three categories:

(a) At-rest state: elastic equilibrium with no lateral strain taking place.
(b) Active state: plastic equilibrium with lateral expansion taking place.
(c) Passive state: plastic equilibrium with lateral compression taking place.

8.3 Earth pressure at rest

If the stress state in a soil mass is still below the Mohr-Coulomb failure envelope
(or critical state line), the soil is still in elastic equilibrium (Fig. 8.6). Under natural
conditions of deposition there is a negligible amount of horizontal strain, although
some lateral contraction may occur upon unloading (e.g. due to erosion or
excavation). The soil mass is said to be in an at-rest state (or K, state), and the
horizontal effective stress is:

o =K, [8.2]

where K =coefficient of earth pressure at rest
o, =vertical effective stress

The value of K, depends on the angle of friction (¢) and the loading/unloading
history of the soil. For normally consolidated soils Jaky (1944) proposed the
following relationship, which seems to correlate well with observed values (Bishop,

Mohr -Coulomb
failure envelope maximum K,circle

- at limiting condition
- \\\\/

K, circle for =
normally 7 \\
consolidated // K, circle for \
soil / overconsolidated soil
minimum / \
K, circle Tasl / \\
’ N/ \
” \
%, [ A B c l s
9. . T
!
\ ,I
\\ /
\ / OV
\ /
. . /
ow= K0, AY v/
,/ = —— . .
o, - e L | Gh= Koo
. . —_—
O 'hioer= KO, R
—™1 f [e, =0]
o,

Fig. 8.6 Earth pressure at rest
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1958; Brooker and Ireland, 1965):
K,=1-—sin ¢, [8.3(a)]
where ¢, =the critical angle of friction

K, increases to about 1.0 for lightly overconsolidated soils, and to higher values
with increasing overconsolidation ratio (R,):

K,=(1—sin ¢,)/R, [8.3(b)]
The maximum value of K, corresponds to a state on the failure envelope (Fig.
8.6), or the critical state line (Section 6.6), so that K., =tan*(45°+¢./2). If
lateral expansion occurs, the value of o}, decreases until the active state of plastic
yielding occurs, so that K, =tan®45°— ¢./2).
Measured values for K, may be obtained from one-dimensional compression
tests; for example from a ¢'/p’ plot:
dg’ _3(ei—03) 3(1-K,)

dp o\+26, 142K,

_d 4 r
Giving K,=-—3474r (8.3(c)]
3+2dq/dp

’

Also, from eqn [6.19): K, = [8.3(d)]

’

—V

Using a self-boring pressuremeter (Mair and Wood, 1987), the in-situ horizontal
total stress and porewater pressure can be measured and thus an estimate found
for K,. Typical values for K, are given in Table 8.1.

Table 8.1 Range of values

for K,

Type of soil Ko
Loose sand 0.45-0.6
Dense sand 0.3-05
NC clay 0.5-0.7
OC clay 1.0-4.0

Compacted clay 0.7-2.0

8.4 Rankine’s theory of granular earth pressure

The K, circles shown in Fig. 8.6 represent states of elastic equilibrium. With
lateral yielding oy, will either increase or decrease, with a corresponding change
in the diameter of the Mohr circle (AB or BC). With lateral expansion, a state
of plastic equilibrium (failure) is reached at the minimum value of a;; with lateral
compression, the limit state occurs at a maximum value of ;. In both cases, the
shearing resistance will have to be fully mobilized. Rankine’s theory (Rankine,
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1857) presents a solution for a mass of cohesionless soil in a state of limiting
equilibrium. The magnitude of o;, depends only on the vertical effective stress
and the shear strength of the soil, and thus the problem is statically determinate.

No account is taken of displacement and so this is a lower bound solution (see
Chapter 6).

Active earth pressure

Consider a mass of homogeneous soil of semi-infinite extent that has an angle
of friction of ¢'. Suppose the soil mass is brought to a state of plastic equilibrium
and at a given point the vertical effective stress is o,,. Figure 8.7 shows the Mohr
circles corresponding to the two possible limit states, both touching the failure
envelope. Points A and C represent the conjugate limiting stresses for the active
and passive states respectively.

OA =g}, =active horizontal earth pressure
OC =g}, =passive horizontal earth pressure

+ T ’ failure envelope
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Fig. 8.7 Rankine's states of plastic equilibrium (2) Active state (b) Passive state
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Lateral expansion will lead to o}, <@,
Lateral compression will lead to o},> g,

From the geometry of the Mohr circles, the corresponding orientations of the
plane of failure developing in the soil mass are given by angles a, and a,:

a,=3Qa)=2(90+ ¢")=45°+ ¢'/2 [8.4(a)]
o, =3(180—20)=3[180— (90 + ¢)] =45°— ¢'/2 [8.4(b)]

The limiting lateral earth pressures are defined in terms of the effective vertical
stress:

The horizontal active earth pressure, o,,=K,0, {8.5(a)]
The horizontal passive earth pressure, 0,,=K,0, [8.5(b)]

where K, =the coefficient of active earth pressure
K, =the coefficient of passive earth pressure

By considering the trigonometrical relationships, K, and K, may be expressed
in terms of the angle of friction ¢".

K. Tha OA OF-AF _1—-AF/OF

’

o, OB OF—FB 1+FB/OF

But AF=FB=FD and ﬁ/ﬁzsin ¢’

Then K,= -ILM
1+sin ¢’
S OA S
Also, OH=———"— _ =OB'tan(45°+ ¢'/2)

tan(45°—¢'/2)

OA
K,=—— =tan?(45° — ¢'/2)
OB

1 —sin ¢’
Hence, K,= "% _ianiuse—g2) [8.6(a)]
1 +sin ¢’
1 +sin ¢/
Similarly, K,= 319 _tan24so+472) [8.6(b)]
1 —sin ¢’

8.5 Lateral pressure in cohesionless soils

The simplest set of active earth pressure conditions occurs against a wall having
a smooth vertical back, retaining a soil with a horizontal unloaded surface, and
with no standing water behind the wall (Fig. 8.8). From Rankine’s theory:

Atdepthz, o, =K, 0,=K,yz
where y="bulk unit weight of the soil
At the base of the wall, z=H and o,,=K,yH
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Fig. 8.8 Active pressure distribution in cohesionless soil

The resultant active thrust (P,) acting normal to the wall surface is given by:
H H

P,= f o,dz= j K, yzd:z [8.7(a)]
0 0

i.e. the area of the pressure distribution diagram.
For the distribution shown in Fig. 8.8:

P,=3%K,yH? [8.7(b)]

The line of action of P, passes through the centre of area at a height of $H
above the base.

Worked example 8.1 Calculate the resultant active thrust on a vertical smooth retaining
wall of height 5.4 m. The water table is well below the base of the wall.
Soil properties: ¢'=30° ¢=0  y=20 kN/m’

_ 1 —sin 30°
A" 1 +sin 30°

At a depth of 54 m: 01a=0333x20x 5.4=36.0 kN/m?

First, calculate =0.333

Resultant active thrust, P,=1% x36.0x54=972 kN/m
This will act at a height of H/3 above the base, i.e. 1.8 m.
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Effect of groundwater level

Retaining walls should be provided with adequate back-face drainage. When the
retained soil itself is not free-draining, a drainage blanket of coarse gravel and/or
geotextile layers may be laid, often with a collecting drain behind the heel of the
wall. Wherever practicable, the groundwater level behind the wall should not be
allowed to rise above the base. If, as a result of poor drainage, drain blockage
or accidental flooding, the water level rises behind the wall, the vertical effective
stresses will be reduced, but the horizontal total stresses will be increased. If the
retained soil becomes fully waterlogged (i.e. the groundwater level is at the surface)
the horizontal thrust acting on the wall will be approximately doubled. The
following two worked examples illustrate the effects of a rising water level.

Worked example 8.2 A retaining wall with a smooth vertical back of height 7.0 m retains
soil having an unsurcharged horizontal surface. The soil properties are:

c'=0 ¢'=32° Vsar =20 kN/n’ and above WT, y=18 kN/m’

Determine the distribution of horizontal stresses on the wall and also the magnitude and
position of the resultant horizontal thrust when the groundwater level is standing (without
seepage flow) at 3.0 m below the surface.

1—sin 32°
=M% 0307
1 +sin 32°

7
30m

1
1
1
[}
- : P3 Pw
20H I A
RS 3m
1 \ /
0 1659 2982 0O 39.24
horizontal effective stress pore pressure

Fig. 8.9

Figure 8.9 shows the distribution of horizontal stresses; these are calculated as follows.
At z=3.0 m (i.e. at WT level):

Vertical total stress, g,=yz2=18 x3=54.0 kN/m?
Porewater pressure, u=0
Vertical effective stress, 6y=06,—u=54.0 kN/m?

Horizontal effective stress, o}, = K,6,=0.397 x 54.0=16.59 kN/m?
Horizontal total stress, oy =04+ u=16.59 kN/m?
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At z=7.0 m (i.e. at base of wall):

Vertical total stress, 0,=54.0+20 x4=134.0 kN/m?
Porewater pressure, u=y(z—2z,)=9.81(7.0—3.0)=39.24 kN/m?
Vertical effective stress, g, =0,—u=94.76 kN/m?
Horizontal effective stress, o, = K,0}, =0.397 x 54.0=29.12 kN/m?
Horizontal total stress, g, =05+ u=68.36 kN/m?

The resultant horizontal thrust is obtained by summing the areas of the distribution
diagram:
P,=P,+P,+P,+P,
=41 %x16.59%x3+16.59 x40+ £(29.12—16.59)4.0 + 1 x 9.81 x4.0?
=24.9+466.4+25.14+78.5=194.8 kN/m
The line of action of P, is found by equating moments about the base:
Poh=P, x50+P,x20+Pyx4/3+P,x4/3

249X 5.0+664x2.0+(25.1+78.5)4/3
Giving ho 42X50+664x20+ Q51+ T85M3 _, 5 1)

194.8

Worked example 8.3 Consider again the retaining wall and soil given in worked example
8.2. Calculate the magnitude of the total horizontal thrust for the following conditions:

(@) the water table is well below the base of the wall;
(b) the water table is standing at the surface (no seepage flow).

(a) In this case, the pore pressure will be zero at all depths, so that:
o,=K,0,=K,y2=0.307 x 182
Therefore P,=P,=%1K,yH*=1x0.307 x 18 x 7.02=135.4 kN/m
(b) In this case the soil is fully waterlogged and y=1y,, =20 kN/m?.

At z=70m:0,=20x7.0—9.81 x 7.0 =71.33 kN/m?
oy =K,0,=0.307 x71.33=21.9 kN/m?

Therefore Pp=Ph+P,=5x219x7.0+4x9.81 x7.0?=317.0 kN/m

Thus, it can be seen that when the groundwater rises from below the base to the
ground surface the total horizontal thrust on the wall is more than doubled.

Effect of a surface surcharge load

A uniform surcharge load (q) applied over the whole surface, i.e. very wide and
long, and right up to the wall, may be assumed to cause an equal increase in
vertical effective stress at all depths:

At depth=1z:

Vertical effective stress, o,=yz+q—u [8.8]
Active pressure, 1o =K (yz+qg—u) [8.8(a)]
Passive pressure, onp=K,(yz+q—u) [8.8(b)]

For surcharge loading of limited extent, e.g. point loads, line loads, strip loads
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and area loads, a more rigorous analysis is required. Methods have been developed
using elasticity theory, plasticity theory, finite elements, etc.; some of the more
common of these are given in Chapter 6. A minimum obligatory surcharge of
10 kN/m? is recommended in BS 8002:1994.

Worked example 8.4 Calculate the resultant active thrust on a vertical smooth retaining
wall of height 5.4 m. The water table is well below the base of the wall. An extensive uniform
surcharge of 48 kN/m? is placed on the surface.

Soil properties: ¢’ = 30° =0 y=20 kN/m?
First, calculate K, = ﬂ =0.333

1+ sin 30°
At a depth of 5.4 m:

Due to the weight of soil: o, = K,yz=0.333 x 20 x 5.4=36.0 kN/m?
Due to the surcharge: o}, =K,g=0.333 x 48=16.0 kN/m?

surcharge, g=48 kN/m?

L
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16.0 36.0
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Fig. 8.10

Figure 8.10 shows the pressure distribution:

P,=16x54 =86.4 kN/m
P,=1 x36.0x54=972 kN/m
Total active thrust, P,=P,+P,=183.6 kN/m

864x2.74+972x18 22 m

Position above the base, h= 22m
183.6
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Effect of stratified soil

Where the soil behind a retaining wall consists of two or more layers, the lateral
pressure distribution is determined within each layer and a composite (approximate)
diagram drawn. Suppose at an interface between two layers (R overlying S) the
soil properties are ¢y, yx and ¢g, ys respectively, and that the vertical effective
stress is g,. Then, immediately above the interface g, = K 3o, and immediately
below it gy, = K, s0,. The pressure distribution (see worked example 8.5 and Fig.
8.11) shows a sudden jump in lateral pressure because of the different values of
¢’ in the two layers. In reality this does not occur, since the horizontal shear
stress at the interface has been ignored. This approximation is acceptable for
practical purposes, the consequent errors being quite small.

Worked example 8.5 A retaining wall having a smooth vertical back retains soil for a depth
of 12 m. The soil mass consists of two horizontal layers:

Upper layer: ¢=0  ¢'=28  y=18 kN/m*>  thickness=7.0 m
Lower layer: ¢ =0 -~ ¢'=34°  y=20 kN/m’

The water table is below the base of the wall. Determine the magnitude and position of the
resultant active thrust.
1 —sin 28° 1 —sin 34°

Upper K,= ———=0.361 Lower K,= ————— =0.283
1+sin 28° 1+sin 34°

Upper layer pressures

At z=0: 01a=0
At z=70m: o04,=0.361 x 18 x 7=45.5 kN/m?

Lower layer pressures

Atz=70m: o,=18x7=126.0 kN/m?
o, =0.283 x 126 =35.7 kN/m?

At z=120m: o¢,=1260+20%5=226.0 kN/m?
o, =0.283 x 226.0=64.0 kN/m?
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The pressure distribution is shown in Fig. 8.11, the total area of which gives the resultant
thrust per metre.

P.=P,+P,+P,
=1x455%x7+35.7 x5+ 4(64.0—35.7) x 5=409 kN/m

To find h, take moments about the base (P i =X(Ph)):
P(5+D+P,x5+Pyx3%
P, +P,+P,

159.3x7.333+4+178.5% 2.5+ 70.8 x 1.667
= 409 =424 m

E:

Effect of sloping ground surface

Where the ground surface is sloping, the vertical stress at a given depth will have
a value of o, =(yz —u) cos f for an unloaded surface (Fig. 8.12). The lateral earth
pressure against a smooth vertical wall is assumed to act parallel to the ground
surface. The relationship between the lateral and vertical stresses can again be
obtained analytically using the Mohr circle. Although the construction and
analysis are somewhat more involved, the expressions remain essentially the same.

Active pressure, o¢;,=K,0,cosf [8.9(a)]
Passive pressure, ¢y,,=K 0, cos [8.9(b)]
_ 20 2 4y
where K, =08 P /cos” f—cos” ¢ [8.10(a)]

cos B+ ./cos? B—cos ¢’
\/2—_—7-" 1
and K,= cos B+ /cos* B—cos® ¢ [8.10(b)]

cos f—/cos? f—cos ¢’ K,

Fig. 8.12 Active pressure distribution under a sloping surface



284  Earth pressure and retaining walls

If the angle of surface slope is equal to the angle of friction, i.e. f=¢’, the active
and passive states coincide and 0ha=0p,=0, cos B. The soil will then be in a
state of limiting plastic equilibrium with one of the sets of failure planes parallel
to the surface. In a purely cohesionless soil (¢'=0), the angle of surface slope
cannot exceed the angle of repose, which is the angle of friction of the soil in its
loosest state. Also, when §—¢’, the use of Rankine’s theory is not advisable (see
Section 8.7).

Worked example 8.6 Rework worked example 8.1 for the case of a supported soil mass
whose surface is a planar slope of 1 vertical in 3 horizontal upward from the top of the wall.

Angle of slope, p=arctan(})=18.44°
Cos f=09478 and cos ¢’ =0.8660

0.9487 — , /0.94872 —0.8660° _

0.9487 + . /0.9487% —0.86602

Then, at a depth of 5.4 m: 01, =0.399 x 19.8 x 5.4=42.66 kN/m?
and the resultant active thrust: P, =4 x42.66 x 5.4=115 kN/m?

Then K, cos f=0.9487 0.399

This will act at a height above the base of 5.4/3=1.8 m inclined at 18.44° to horizontal.

8.6 Bell’s solution for cohesive solils

Rankine’s theory deals with earth pressure in cohesionless granular materials,
i.e. assuming that ¢'=0. However, in undrained cohesive soils, and in over-
consolidated clays where ¢’ >0, the shear strength is expressed wholly or partly
in terms of the apparent cohesion:

Undrained shear strength in saturated silts and clays: 1,=c¢, (or z;=s,)
Drained shear strength in overconsolidated clays: t;=c'+0 tan ¢'

In 1915, Bell published an extension of Rankine’s theory which included the
cohesion parameter.

Drained conditions in cohesive soils

Horizontal active pressure:  o;,=K,0,—2¢' /K, (8.11(a)]
Horizontal passive pressure: oy,=K 0, +2¢' /K, {8.11(b)]
Undrained conditions in cohesive soils (in terms of TOTAL stresses)

Horizontal active pressure: o6,,=0,—2¢, (=0,—2s,) [8.12(a)]
Horizontal passive pressure: 6,,=0,+2¢, (=0,+2s,) (8.12(b)]

Figure 8.13 shows a Mohr circle for the active limiting condition in an
overconsolidated soil. Starting with the ratio of effective stresses:

PA  c'cot ' +ay,
PB ('cot¢’' +o,
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failure envelope
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Fig. 8.13 Mohr’s circle for active pressure in a cohesive soil

PA_PF—AF 1-FD/PF l-sin¢’ _

But also: — = = = -
PB PF+BF 1+FD/BF 1+sin¢’
So ¢ cot ¢’ +a,,=K,(c' cot ¢’ +07)
Rearranging Ona =K, 0, +(K,— 1)c’ cot ¢’
1 — b I_ 1 s ’ ’
Now (K,—1)c’ cot ¢ = sin ¢ .( +sin ¢ )c?s ¢
1 +sin ¢’ sin ¢’
, cos¢’
1+sin ¢’
B C,,/l—sinz ¢
1+sin ¢’
/1 —sin ¢
=-2c -2 /K
1 +sin ¢
Hence, horizontal active pressure: on=K,0,—-2c /K,

Similarly, horizontal passive pressure: oy,=K_ o, +2c' /K,

Tension cracks in cohesive soils

285

The lateral earth pressures under undrained conditions in cohesive soils are:

Horizontal active pressure:  o,,=0,—2¢ (=0,—2s,)
Horizontal passive pressure: op,=0,+2c (=0,+2s,)

Near the surface, where o,<2c,, the active pressure will therefore have a
negative or tension value. This of course is an internal tension only and is not
transmitted to the supporting wall surface. In fact, if the soil dries slightly tension
cracks will open from the surface downward to a depth where the active earth

is zero, i.e. g,=2c,.

Figure 8.14 shows the distribution of active earth pressure against a smooth

vertical wall.

At the ground surface, z=0 and o,,=—2c
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Fig. 8.14 Distribution of active pressure in an undrained cohesive soil

The tension zone extends down to z=z here ¢,,=0=0,—2c,=7z,— 2¢,

2
Thus the tension crack depth is: z, = -2 [8.13]
Y
In drained conditions where ¢’ >0, the following expression may be used:
20 /K 2¢
Since o}, =0=K,yz,—2¢' /Ky z,= Y2 _ <€ [8.14]

Ky 3K,

8.7 Active and passive thrust in undrained conditions

Active thrust

Since the negative earth pressure (‘tension’) in the soil cannot be transmitted to
the supporting wall, it is ignored in the calculation of the active lateral thrust.
The value of P, is therefore taken as the area of the (positive) shaded portion
shown in Fig. 8.14.

Resultant active thrust, P,=4%0, HH~-z) [8.15(a)]
If the surface is unloaded: P, =3y(H —z)* [8.15(b)]
2 s
where z,= “
4

The line of action of P, acts through the centre of positive pressure area:
h= %(H_ zo)

Passive resistance in undrained clay
The distribution of passive pressure in an undrained clay is shown in Fig. 8.15.
The total passive resistance provided by the soil, with the surface unloaded, is
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Fig. 8.15 Distribution of passive pressure in an undrained cohesive soil

given by the shaded area:
Total passive resistance force, Pp=P;+P,=3yH%+2c, [8.16]

The line of action of P, can be obtained by taking moments about the base of
the wall:

P, xiH+P,x1iH
P, +P,

h=

Worked example 8.6 A retaining wall having a smooth vertical back retains a soil mass
with an unloaded surface for a depth of 8 m. Calculate the active thrust acting on the wall
if the soil has the following properties:

c,=32kN/m*  ¢,=0  y=18 kN/m®

Depth of tension zone, z,=2¢,/y=2x32/18=3.56 m
Resultant active thrust, P,=3y(H—z)?=4% x 18(8.0—3.56)> =178 kN/m?

acting at a height of h=4(H —z,)=1.5 m above the base of the wall.

Effect of surface surcharge (undrained)
If an extensive uniform surcharge (g) is applied to the surface the vertical and
horizontal stresses are:

Vertical total stress, o,=vz+¢q [8.17]
Horizontal active stress, o¢,=yz+q—2c¢, [8.18(a)]
Horizontal passive stress, o,=yz+q+2c, [8.18(b)]

In the active case, the effect of the surcharge is to reduce the depth of the
tension zone. Two forms of active pressure distribution are possible, depending



288  Earth pressure and retaining walls

Q

| \5

N

O

|¢

-

|NI
o

Q A
T NI - =
N 2
N
H N
\
N _
N h
N H -z —\
RN I 3 =\
i ‘ | Pany | | Pyiny
(a) g<2c. by g>2¢c,

Fig. 8.16 Effect of surface surcharge on undrained active pressure distribution

on whether g <2c, or g>2c, (Fig. 8.16). These may be distinguished by evaluating
the tension depth z,: a positive value results when g <2c¢, (Fig. 8.14(a)) and negative
value when ¢ >2c, (Fig. 8.14(b)). To obtain z,, put ¢,,=0 and z=z,.

Then 6,,=0=yz,+q—2c¢,

. 2¢,—
giving z,= 4 [8.19]
Y
In either case, the resultant thrust is given by the positive area of the diagram.
For g<2c,; P,=%yH-z)? [8.20(a)]
Forq>20u: PA=%V(H—ZO)2—%‘VZ§
=4y(H—2z)H [8.20(b)]

Worked examle 8.7 A retaining wall having a smooth vertical back retains soil for a depth
of 8.0 m. The soil has the following properties:

c, =30 kN/m*>  ¢,=0  y=18.5 kN/m’
Calculate the magnitude of the resultant active thrust when: (a) the surface is unloaded, (b)
there is a surface surcharge of 25 kN /m?, and (c) there is a surface surcharge of 75 kN/m?.

(a) Surface unloaded

Resultant active thrust, P, =4y(H—z,)?
=1x18.5(8.00—3.24)> =210 kN/m
(b) Surcharge q=25 kN/m?
_2c,—q 2x30-25
Ty 185

Resultant active thrust, P,=4p(H—z,)?
=4 x 18.5(8.00— 1.89)> =345 kN/m

=1.89 m (i.e. +ve)

o
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(¢) Surcharge, q=75 kN/m?
_2c,—q 2x30-175
Y 18.5

Resultant active thrust, P,=iy(H—2z,)H
=1x18.5(8.00+2x0.814)8.0=712 kN/m

=—0.814 m (i.e. —ve)

o

Alternatively,
Atz=0: Gha=72+q—2¢,=0+75—2x30=15.0 kN/m?
Atz=80m: 0,,=185x8+75—2x30 =163.0 kN/m?2

Resultant active thrust, P,=1% x8.0(15.0+163.0)=712 kN/m

8.8 Coulomb’s theory and rough walls

Rankine’s theory provides a convenient form of analysis that lends itself easily
to simple calculations, but it has its limitations. Since neither the nature nor the
orientation of the wall is considered, calculations can only be done (strictly) in
respect of a smooth vertical wall. The slope of the wall back and the development
of friction between the soil and the wall are ignored. Thus, calculated values are
somewhat pessimistic. Rankine’s theory is classed as a lower bound solution: the
yielding of the whole structure is assumed to coincide with the yielding of the
first element.

Some 80 years before Rankine published his theory, Coulomb (1776) had
suggested a solution based on a wedge of soil actively moving towards the wall
and sliding down a planar slip surface. Thus, the limiting condition is the yielding
of the whole wedge: this represents an upper bound solution. Although Coulomb
presented a solution only in terms of total stress, he described the shear strength
of the soil in terms of both internal friction and cohesion. (It was nearly 140
years later, in 1915, before Bell published his analysis for cohesive soil) The
solution for cohesionless (¢'=0) soil will be examined first.

Consider the wedge of soil shown in Fig. 8.17. If the wall were to yield away,
bringing the soil to the limiting active state, the wedge ABC will slide down the
slip surface BC and towards the wall. Plastic equilibrium is being maintained by
three forces acting on the wedge:

P, =active thrust supported by the wall
W =weight of soil in the wedge
R =soil reaction force on the slip plane (value not required)

The geometry of the wedge is defined by the wall height (H) and the angles o
and B, which will be known, and the angle of the slip surface 8, which is unknown.
The polygon of forces (Fig. 8.17(b)) also contains two unknowns: P, and R. The
problem is therefore statically indeterminate and requires either an iterative or
a calculus method of solution. If a trial value is assumed for 6, and the force
polygon drawn, a value for P, can be found; this may be repeated until the
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Fig. 8.17 Coulomb’s wedge theory

maximum value of P, is located and evaluated. First, the weight of the wedge
is required and then the solution may be obtained analytically or graphically.

Weight of wedge ABC, W =1ysin(a+B)AB-AC
where y =unit weight of the soil

AC= length AC= ﬁw
sin(@ — f)

AB= length AB=H/sin «

Worked example 8.8 Using Coulomb’s method, calculate the active thrust acting on a
vertical wall of height 6.0 m due to a mass of homogeneous soil having an unsurcharged
horizontal surface and the following properties.

¢=0 ¢$'=30° =15 y=1I9kN/m’

Trial angles of the slip surface (8) will be chosen of 56°, 58°, 60°, 62°, 64°, 66°. An analytical
solution is relatively straightforward here; the model polygon of forces is shown in Fig. 8.18.

Resolving vertically: W — R cos(0 —¢')— P, cos(x—)=0

Resolving horizontally: R sinf@ —¢')— P, sin(x —3)=0
w
From which: P,= -
sin(o— 9)
cos(a— )+ ———~
tan(f— ¢’)

Now, a=90° and sin(x — f)=sin 90° =1; AB = H/sin a = 6.0 m; cos(@ — §)=co0s(90° — 15°) =
0.2588 and sin(ax — ) =0.9659.

AC = AB sin(a + 8)/sin(0 — B) = 6.0 x sin(90° + 8)/1.0
Weight, W = {ysin(x +B)AB-AC=9.5x 1.0 x 6.0 x AC
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L
Rsin(8—¢")
polygon of forces

Fig. 8.18 Worked example 8.8. Polygon of forces

and
P, = W /[sin(a — &) + cos(a — 8)/tan(6 — ¢")] = W/[0.9659 + 0.2588/tan(6 — ¢')]

Tabulating the results:

Trial angle 8  sinfa+0) AC Weight W tan(6—¢’) P

A
(deg) (m)  (kN/m) (kN/m)
56 0.5592 3.355 191.2 0.4877 854
58 0.5299 3.180 181.2 0.5317 87.3
60 0.5000 3000 1710 0.5774 88.5
62 0.4695 2817 160.6 0.6249 89.0
64 0.4384 2.630 1499 0.6745 88.7
66 0.4067 2440 1391 0.7265 87.6
68 0.3746 2248 1281 0.7813 85.7

The variation in the magnitude of P, with the trial angle is shown plotted in Fig. 8.19;
the maximum value is the critical value: P, =89.0 kN/m and critical angle §=62°.

890
88.0

870
g 860.
a

8.0

8401

&0 — — 4 } + 1
o D [ =] o - o a©
i un w w w w0 (2]

Wedge angle

Fig. 8.19
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Fig. 8.20 Curvature of failure surface due to wall friction

Angle of wall friction

The angle of wall friction (d) is related to both the angle of friction (¢') of the soil
and the roughness of the wall. Recommended arbitrary values for concrete walls
are: 0.667¢’ on the active side and 0.5¢’ on the passive side; with maximum values
of 20° and 15° respectively. The effect of wall friction near the base of the wall
is to produce a curved failure surface in both the active and passive states
(Fig. 8.20). However, in Coulomb’s analysis a plane failure surface is assumed. The
consequent error is negligible in the case of active pressures, but for passive
pressures involving values of ¢'> 3, a significant underestimation will result (see
Section 8.10).

8.9 Active pressure on rough walls

(a) Drained conditions (¢’=0)

Referring again to Fig. 8.17, a general solution can be obtained for the
maximum active thrust in a form using an earth pressure coefficient (K,).
From the geometry of the force polygon:

W sin(@— &)
PA= .
sinf(a—90)+(0—¢")]
and
W =1y sin(a+ BrAB-AC = {yH? x F{a, B, 6}

After substituting for W, differentiating and putting dP/06=0, the maximum
value can be written:

K,
sin ‘a-cos o

P,=31yH* [8.21]

o
where K, = sin”(a + ¢’} cos 9 [8.22]

sin osinfa— 5)[1 + \/sin((l)' + d)sin(¢’ ~ [g):lz
sin{a — d)sin(a + )

K
Thrust component normal to the wall, Pyy=4yH?>—2 = P,-cos § [8.23]
sin
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Horizontal thrust component, P,,=4yH?K,= P,'sin a-cos é [8.24]

For problems where the soil and wall surfaces are simple planes, the point
of application of P, may be taken as occurring at H/3 above the base — but
see also Section 8.8. Values of K, can be computed using a computer spreadsheet
or interpolated from the values given in Table 8.2.

Table 8.2 Earth pressure coefficients: ¢’ =0

6- ¢/

25°  30° 35° 40 45°

K, 0 041 033 027 022 0417
10° 037 031 025 020 0.16
20° 034 028 023 019 015
300 — 026 021 017 0.14

, 0 25 30 37 46 —
10° 31 40 48 65 —
200 37 49 60 88 —
3° — 58 73 114 —

*Recommended maximum values for §: active,
3¢, passive 3¢’. Reduce these by 25% for
uncoated steel piling.

For a smooth vertical wall and a horizontal unsurcharged ground surface,
ie. a=90°, f=0 and 6=0, the solution obtained for K, will be the same as
that given by the Rankine expression, (1 —sin ¢')/(1 +sin ¢').

(b) Undrained conditions (¢,=0 and 1,=¢,)

Undrained conditions can be assumed to occur behind walls supporting saturated
clays when the construction period is short and little or no dissipation of excess
pore pressure may be expected for some time following. In such cases, short-term
stability should be considered in terms of total stresses and the undrained shear
strength of the soil, i.e. t,=c,. Consider the case of a vertical rough wall and a
horizontal soil surface (Fig. 8.21(a)). A plane failure surface is assumed (BT) which
terminates at the bottom of a tension crack of depth z,. At the limiting active
state, the equilibrium of the wedge ABTC is maintained by the following forces.

W =weight of wedge ABTC=1y(H?—2z2)cot 0

R =normal reaction on the failure plane (value not required)
P,=active thrust acting on the wall

F_=shear resistance force along the failure plane BT = ¢ (H — z,) cosec 6
F,=shear resistance force along the wall face=c(H—z,)

P, =horizontal thrust due to water in tension crack =4y,z2

Inwhich: ¢,=undrained shear strength of supported soil
¢, =undrained adhesion between soil and wall
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Fig. 821 Coulomb’s theory for undrained conditions

Wall adhesion
The magnitude of wall adhesion (c,,) varies between 0.3¢, for stiff clays to c, for
soft clays, but the extent of its development along the wall surface is problematical.
In the absence of empirical evidence, it is usual to adopt a value of 0.5¢,. In
BS 8002:1994 a design value for c,, is recommended of 0.75 x design c,; since design
¢, =representative c,/1.5, this is equivalent to ¢, =0.5 x representative c,.

The polygon of forces acting on the wedge is shown in Fig, 8.21(b), from which:

Rcos@=W —F_ sin6—F, .. R=WsecH—F_ tanf8—F sect
and

P,—P,=Rsin 8—F_cos 0=W tan §— F (sin f-tan 8+ cos §)— F, tan 6
After substituting for W, F_ and F,,
PA—PW=%y(H2—zg)—cu(H—zo)[(l+C—w> tan 8+ cot 9]

u

After differentiating and putting dP/00=0, the optimum value of 8 is given by:

cotf,= [1+ Cw
c\.l
Substituting P,=3y(H>—z2)—2c,(H—z,) [1++P, [8.25]
. Cw
or putting K,.=2 [1+-%
cu
Py=3yH*—z})—c(H—z)K,.+P, [8.26)

At a given depth the lateral pressure is:

Ona=7z—CK,.=yz—2c,/1+c¢,/c, [8.27]
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At the bottom of the tension zone, z=z, and o, =0.

2, [1+
Therefore, z,= S ) [8.28(a)]
Y

or, with a uniform surface surcharge g

¢
2¢, [1+=+¢q
c
Zy=— % [8.28(b)]
Y
It is possible to extend this analytical solution to include a non-vertical wall face
and a non-horizontal soil surface. However, the mathematical process is lengthy
and results in complex expressions. In such cases, it is preferable to use a computer

spreadsheet or other machine method.

(¢) Drained overconsolidated clay (¢’ >0)

In examining the stability of a mass of heavily overconsolidated clay it is necessary
to consider the potential amount of strain associated with the onset of failure.
The peak strength (1, =c’ + o/, tan ¢¢) of the soil should be invoked only when it
is known that very small strains precede failure. In the majority of cases involving
retaining walls, the pre-yield strains are likely to be high enough to produce
significant expansion. Thus, failure will occur at the critical state: 7,=a, tan ¢_,
ie. ¢’=0.

As a general rule, therefore, the active thrust should be calculated using critical
state parameters (¢’ =0, ¢’ =¢;) and eqns [8.21] to [8.24]. In those cases where
it is thought reasonable to suppose failure would occur at peak stress, the
parameters are ¢’ >0 (as determined in a triaxial test) and ¢'=¢; (the peak angle
of friction). A not entirely rational compromise suggested by some is to use
¢’ = ¢., together with ¢’ >0. The active thrust on the wall is then given by:

P,=1yH?K,—c'HK,, [8.29]

where K, and K, are earth pressure coefficients as before, values for which may
be obtained from Table 8.3.

8.10 Passive pressure on rough walls

(a) Drained conditions (¢’ =0)

Coulomb’s theory may be used to establish passive pressures and thrust on a
rough wall that has an inclined back and where the ground surface is a regular
inclined plane. The analysis follows along the same lines as that for active pressures
described in Section 8.8(a). The following expressions are obtained:

Kp

Pp=3yH* ———
sin a-cos &

[8.30]
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Table 8.3 FEarth pressure coefficients: ¢>0

5 o py
c

0 5° 10° 715° 200 25°

K, All 1.00 085 0.70 059 048 040

values 1.00 085 064 050 0.40 0.32

0.0 200 183 168 154 140 129
1.0 283 260 238 216 196 1.76
0.5 245 210 182 155 132 1.15
1.0 283 247 213 18 1569 141

All 1.00 120 140 170 210 250
values 1.00 130 160 220 290 3.90

0.0 200 220 240 260 280 3.10
0.5 240 260 290 320 350 380
1.0 260 290 320 360 4.00 440
0.5 240 280 330 380 450 550
1.0 260 290 340 390 470 570

e
S H 000 60 500 B O

*See Table 8.2
Recommended maximum values for ¢,

Active: ¢,,=0.5 ¢, but <50 kN/m?
Passive: ¢,,=0.5 ¢, but <25 kN/m?

sin?(x— ¢')-cos &

where K,= [8.31]

) . sin(¢’ + d)sin(¢p’ + B) |?

sin asin(a—8)f 1— - -
sin(a + d)-sin(x + f)
2 KP

Thrust component normal to the wall, Ppy= EyH —2 = Ppcos [8.32]

sin o
Horizontal thrust component, Ppy=3yH?K,=P,'sin a-cos 6 [8.33]

Definitions of angles, etc. are given in Fig. 8.22. For problems where the soil
and wall surfaces are simple planes, the point of application of P, may be taken
as occurring at H/3 above the base — but see also Section 8.8. Values of K, can
be computed using a computer spreadsheet (Whitlow, to be published) or
interpolated from the values given in Table 8.2.

For a smooth vertical wall and a horizontal unsurcharged ground surface, i.e.
a=90°, =0 and 6=0, the solution obtained for K, will be the same as that
given by the Rankine expression, i.e. (1 +sin ¢')/(1 —sin ¢’).

Effect of curved failure surface
When the value of § is greater than about ¢’, the failure surface is significantly
curved at the lower end near the base of the wall. The use of Coulomb’s theory
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(a) forces on the wedge (b) triangle of forces

Fig. 822 Coulomb’s theory for passive pressure (¢’ =0)

in such cases, since it is based on a planar failure surface, leads to a marked
overestimation of the passive resistance. A number of alternative methods have
been proposed wherein the curved part is assumed variously to be a circular arc,
an ellipse or a logarithmic spiral.

Considerable variations are apparent between values obtained by the different
methods and those obtained using Coulomb’s method (Table 8.5), but variations
between the alternative methods themselves are less marked. Values attributed
to Packshaw (1946) were given in CP2:1951, but active and passive coefficients
based on the work of Caquot and Kerisel (1948) have become widely used and
in an annex to BS 8002:1994 some charts published by Kerisel and Absi (1990)
are given. See Tables 8.3, 8.4 and 8.5.

(b) Undrained conditions (¢,=0)

Undrained conditions may be assumed in saturated clays when the construction
period is short and dissipation of excess pore pressure is expected to be very
slow. The analysis is carried out in terms of total stress. As in the drained analysis,
the effect of frictional resistance tangential to the wall face produces curvature
in the failure surface near the base of the wall. However, the errors incurred by
assuming a planar failure surface in this (undrained) case are less significant.
Figure 8.23 shows the arrangement of forces.

Planar failure surface (Fig. 8.23(a))
The analysis here is similar to that given in Section 8.9(b), except that no tension
crack will occur. Thus, the angle 8 is given by cot 8= \/(1 + ¢,/c,) and

Peu=47H? + ¢, HK,, [8.34]
where K, =2 [1+ [8.35]

e.g. when ¢, =1c,, K, .=2.449.
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Table 8.4 Coefficients of passive earth pressure (K,). After Caquot and Kerisel (1948)
(a) Factor Kg

o B/’ Angle of friction, ¢' (deg)
(deg)
10 15 20 25 30 35 40 45 50
70 +10 170 238 351 5.57 977 190 422 111 373

+08 1.68 233 340 529 889 164 34.0 823 248
+06 162 218 3.09 460 733 127 243 53.6 144

+04 154 203 276 394 5.95 9.66 17.2 344 81.9
+0.2 146 186 244 334 478 7.27 11.9 21.6 45.3
00 136 168 213 278 3.78 5.36 8.07 13.2 241
-02 124 149 182 227 290 3.84 5.30 7.75 13.3
-04 112 129 150 1.78 215 2.64 3.33 4.35 6.81
—-06 097 108 119 133 1.50 1.70 1.94 2.25 2.67
-08 083 087 093 0.96 0.99 1.01 1.03 1.03 1.02
80 +10 183 266 409 681 126 26.0 61.6 176 652
+08 181 260 397 645 114 22.3 495 130 432

+06 175 245 360 562 942 173 354 84.7 251
+04 168 229 324 484 769 13.2 25.1 54.5 143

+0.2 160 212 290 4.14 6.23 10.0 17.6 345 79.6
00 152 195 257 350 4.98 7.47 12.0 212 42.5
—02 142 177 224 291 3.89 5.43 7.97 12.6 219
—-04 131 157 190 234 2.94 3.79 5.09 7.16 18.2
—-06 118 1356 15656 1.79 2.09 248 3.00 3.74 4.83
-08 105 113 1.2 1.30 1.39 1.48 1.59 1.70 1.83
90 +1.0 193 291 466 816 159 349 88.7 275 1130
+08 190 284 452 771 144 29.9 71.0 203 747
+06 184 268 411 672 119 231 50.9 132 433

+04 178 251 37N 5.81 974 178 36.2 85.4 248
+02 171 235 335 502 795 136 255 54.3 138

0.0 164 219 3.01 4.29 642 102 175 3356 743
—-02 157 202 267 362 5.09 7.50 11.8 20.1 38.6
—-04 148 183 231 2.96 3.90 5.32 7.61 11.6 20.2
—-06 137 161 192 231 2.82 353 4.54 6.10 8.67
—08 1.24 137 152 169 1.89 2.1 2.39 2.76 3.26
—-1.0 098 097 094 091 0.87 0.82 0.77 0.71 0.64

100 +1.0 198 3.12 523 967 199 46.6 127 431
+08 196 3.05 507 911 180 39.8 102 316
+06 190 288 462 795 149 30.9 73.0 206

+04 184 270 419 690 122 23.8 52.0 134 429

+0.2 178 255 3.81 599 100 18.2 36.8 85.2 240

00 173 240 345 517 817 138 255 52.9 130

-0.2 168 225 3.10 441 6.54 102 17.2 31.9 67.7
-04 161 207 272 3.66 5.08 7.35 11.2 18.5 35.2
-06 151 186 230 290 3.72 4.92 6.77 9.83 15.4
—-08 138 159 184 213 249 2.95 3.57 4.43 5.75
-1.0 108 110 1.1 112 1.12 1.11 1.1 1.10 1.10

110 +10 201 330 583 114 25.0 625 185 680
+0.8 198 323 5.66 10.7 22,6 53.4 147 449

Continued
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Table 8.4 Continued
o B/¢'  Angle of friction, ¢' (deg)
(deg)
10 15 20 25 30 35 40 45
+06 192 3.05 5.16 939 187 414 106 326
+04 187 287 469 817 154 320 75.4 211
+02 182 272 428 712 127 246 53.4 135 421
00 178 258 390 6.18 104 18.7 37.2 84.0 228
—-02 174 244 353 5.30 835 140 253 51.0 119
—04 168 227 314 445 6.54 1041 16.6 29.7 60.1
—0.6 160 206 268 3.55 4.83 6.80 10.0 15.8 273
-08 147 178 215 262 324 4.08 5.28 712 10.2
(b) Factor K5 (use when 6 <¢')
o/’ Angle of friction, ¢' (deg)
10 15 20 25 30 35 40 45 50
1.0 1.00 1.00 1.00 1.00 1.00 1.00 1.00 1.00 1.00
09 0.99 0.99 0.98 0.98 0.98 0.98 0.98 0.98 0.98
0.8 0.99 0.98 0.97 0.95 0.94 0.92 0.89 0.85 0.80
0.7 0.98 0.96 0.94 0.9 0.88 0.84 0.78 0.72 0.64
06 0.96 0.93 0.90 0.86 0.81 0.75 0.68 0.60 0.51
05 0.95 0.91 0.86 0.81 0.75 0.67 0.59 0.50 0.40
04 0.93 0.88 0.82 0.76 0.69 0.60 0.51 0.4 0.31
0.3 0.91 0.85 0.79 0.71 0.63 0.52 0.44 0.34 0.24
0.2 0.90 0.83 0.75 0.67 0.57 0.48 0.38 0.28 0.19
0.1 0.88 0.80 0.72 0.62 0.52 0.42 0.32 0.22 0.14
0.0 0.86 0.78 0.68 0.57 0.47 0.36 0.26 0.17 0.10

When ¢'=0or d=¢’, K;=1.0

Coefficient of passive earth pressure, K, =K;x K,

Table 8.5 Comparisons of solutions for K,

Method of analysis ¢'=40°
=0 10° 20° 30°

Caquot and Kerisel (1948) 4.6 71 104 146
Coulomb (egn [8.41]) 4.6 69 111 215
CP2 (friction circle method) 4.6 6.5 88 114
Rowe and Peaker (1965) 4.6 5.8 7.2 8.8
Shields and Tolunay (1973) 4.6 6.3 78 9.2
Sokolovski (1965) 48 6.5 91 116
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direction
of yield
(a) Coulomb type wedge (b) curved slip surface

Fig. 823 Passive pressure in undrained conditions

Curved failure surface (Fig. 8.23(b))

The adhesion force acting tangentially to the wall produces a failure surface angle
0, given by sin(26)=c,/c,. Thus, at a typical value of ¢,=1c,, §=15° i.e. the
angle of the slip surface immediately adjacent to the wall is 15°. Further away
from the wall the shear strength will be ¢, and 8 becomes 45°. An analysis based
on this geometry produces values for K such as those given in Table 8.3; used
in eqn [8.34].

When ¢, = ic,, K,.=2.40, which is only 2 per cent less than the ‘straight slip
surface’ result of 2.449; if ¢, =c, is assumed, the variation is over 8 per cent. In
the majority of design cases, it is therefore not unreasonable to use eqn [8.35],
although interpolating in Table 8.3 is relatively easy.

(¢) Drained overconsolidated clay (¢’ >0)
Providing that the strains preceding the onset of failure are considered to be low
(<2 per cent), the peak strength (1,=c’+ ¢, tan ¢') may be invoked as the shear
stress at the moment of yielding (see also Section 8.9(c)). In cases where the
pre-yield strains are likely to be significantly large, the critical state strength
(t.=0, tan ¢.) should be used, i.e. putting ¢’'=0.

The passive thrust at low lateral strain is given by

Pp=13yH?K,+C'HK [8.36]

Where K, and K, are earth pressure coefficients as previously described, values
of which can be obtained from Table 8.3 based on peak strength parameters (¢’
and ¢y).

8.11 Compaction pressures on backfilled walls

During the process of compacting backfill behind a retaining wall the weight of
the roller causes a temporary increase in vertical stresses (Ag, ) in the soil layers
below. If there is sufficient lateral yielding at a given point the corresponding in
horizontal stress would be Aoy, =K, Aa,.. As the roller moves on, the vertical
stress decreases to the original values, but if the soil has yielded some of the
increase in horizontal stress will remain. Broms (1971) presented a simplified
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0;1 oy =K—a o
// probable path
/ assumed path

Horizontal effective stress

compaction stress

Vertical effective stress

Fig. 8.24 Stress path during compaction behind a retaining wall

stress path for the process (Fig. 8.24):

Point A represents the initial stresses at a point (oy;, 64;

A— B compaction stresses being applied

Point B maximum stresses induced during compaction (64, Guvm
B-D probable unloading curve as roller moves away

B—C- D assumed simplified unloading curve

Point D final stresses (g1, 0.¢) — but note that o,;=0,

The increase in horizontal stress caused by the roller load diminishes with depth
— this is shown by the curved line in Fig. 8.25(a). At very shallow depths, as the
roller moves away, the horizontal stress will decrease to the limiting value K yz.
A critical depth (z.) therefore exists below which the increase in horizontal stress
due to compaction remains, i.e. point R in Fig. 8.25(a). When the next layer is
placed and rolled the horizontal stresses below R will remain constant. The locus
of point R traces a vertical path as successive layers are compacted (Fig. 8.25(b)).

The critical depth (z,) may be calculated by considering the residual horizontal
stress at point R.

Opm=K,0,m=K, vz, [8.37]

where o.,,=vz.+A0,
Ao, =increase in vertical stress due to roller load

An approximate value for Ao,, can be obtained using elastic theory and
considering the roller load as a line load of finite length:

Ao, = 2 [8.38]

ve ™~

nz,

where p=roller line load per metre

K? K2 K? 2
Z,= _ao':'m = _a(yzc + AO':,C) = _('}’Zc + _p>
Y Y Y nz,
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Fig. 8.25 Suggested development of horizontal stress due to compaction (After Broms (1971)
and Ingold (1979))

K2 2
From which, 2= |2 [P [8.39(2)]
1—K2V ny
. ] 2p
or approximately and more simply, z.=K, [— [8.39(b)]
ny

The error incurred with egn [8.39(b)] is small for most backfill material, e.g. 2.4
per cent when ¢'=40°.

The magnitude of o1, can now be obtained by substituting the value of z,
into eqn [8.37]:

f2
Ohm= % [8.40]

Behind high walls, a critical height (h.) may be reached below which the active
(Rankine) pressure is greater than the residual stress due to compaction — point §'
in Fig. 8.25(b). At this critical height

2
Ohm= [ =K,ph,
Y/

Rearranging h,=— [— [8.41]
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Fig. 826 Simplified distribution of horizontal compaction stress for design

The final horizontal stress distribution recommended for design purpose is shown
in Fig. 8.26. Ingold (1979) and Broms (1971) present similar approximate
horizontal stress distributions. The main differences are in the choice of earth
pressure coefficients: Ingold uses K, and K, whereas Broms adopted K, and
1/K, respectively. The suitability of these choices may be debated, and in any
case depends on the amount of lateral yielding that may be reasonably assumed
to occur. If the wall is propped and rigid, K, and 1/K, would seem preferable,
but where lateral yielding is likely before placing and rolling, K, and K, will be
more appropriate. See worked example 8.9 for details of calculations.

Compaction pressures in cohesive soils

The analyses and equations described above include the assumption that there
are no time-dependent changes in stress and cannot therefore be used in the case
of clay fills. Several complications are apparent. Horizontal increases in stress
tend to be minimal in clay backfill until the air-void content has been reduced
to below 15 per cent. Also, compacted clays may either consolidate or swell after
rolling, depending on whether the pore pressure subsequently decreases or
increases. Clay fills placed ‘dry’ will tend to swell. To avoid this the soil should
be ‘wet’ (i.e. have excess positive pore pressures after rolling), but then the shear
strength may be low. Clayton, Symons and Heidra Cobo (1991) suggest that as
guidelines low-plasticity clays (I, < 30) are unlikely to swell, when I, > 50 swelling
is likely after placing fill with conventional plant.

Clayton and Symons (1992) concluded from pilot studies with cohesive fills
that the horizontal total stresses after compaction are a function of the finished
undrained shear strength. With clays of intermediate and high plasticity average
horizontal total pressures were observed of about 20 and 40 per cent, respectively.
These figures relate to rigid walls and compaction with heavy plant. The rate of
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filling may also be significant because of the amount of stress relaxation taking
place between rollings. Although more research is recommended, it appears that
long-term residual total stresses may be close to at-rest values in clays of
intermediate plasticity and to passive values in the case of clay of high plasticity.

8.12 Stability conditions of gravity walls

In the design of retaining walls a number of possible modes of failure must be
considered that are either ultimate or serviceability limit states (see also p. 547);
calculations must show that adequate provision is made against the occurrence
of adverse limit states pertaining to a particular type of wall. For the purpose
of checking external stability, a gravity wall is treated as a rigid monolith (i.e.
no internal yielding or distortion). In some types of construction checks are also
required on internal stability, e.g. reinforced concrete walls, reinforced earth walls.
Gravity walls depend essentially upon their own weight for external stability and
the following limit states should be examined (see Fig. 8.28):

(a) Overturning [recommended factor safety =2.0]
(b) Forward sliding [recommended factor safety =2.0]
(c) Bearing pressure failure under base [recommended factor safety =3.0]
{d) Occurrence of tension in lateral joints, e.g. masonry/brickwork walls
(€) Overall slip failure, e.g. under sloping ground surface

The use of a factor of safety as indicated above is the traditional approach to
design. The limit state approach recommended in BS 8002:1994 requires the
application of a mobilisation factor (M) to the representative strength value in
order to obtain a design value, e.g. design ¢, =representative ¢,/M. The value for
M used against undrained strength should not be less than 1.5 if the wall
displacements are required to be less than 0.5 per cent of the wall height, for
bearing capacity calculations M should be in the range 2.0-3.0; for effective stress
parameters M should not be less than 1.2. See also Appendix B. Structural forces
and moments should be determined using design earth pressures and water
pressures.

For convenience, the forces acting on a retaining wall are calculated in terms
of vertical and horizontal components. Vertical forces include the weight of the
wall and any vertical loads it may have to carry, together with the weight of soil
over the heel of L-shaped and T-shaped walls (Fig. 8.27). There may also be a
vertical component of the earth pressure resultant when the support face is not
vertical, the ground surface is sloping or where wall friction is included. Horizontal
forces will include the resultants of earth pressure distributions and any horizontal
loads. Earth pressure resultants must include (where appropriate) the effects of
surface surcharge loads, compaction pressures and any horizontal loads.

Yirtual support face

When considering L-shaped and T-shaped reinforced concrete walls the soii
resting on the base between the heel and the stem can be included as part of the
wall. A virtual support face can be taken as either a vertical surface extending
upward from the heel (CD in Fig. 8.27(a)) or an inclined surface drawn between the
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Fig. 8.27 Vintual support face behind RC walls

corners of the crest and heel (AC in Fig. 8.27(b)). The advantage of assuming CD
as the virtual support face is that Rankine’s K, can be used; in this case the
weight of soil within ABCD is taken as part of the wall. Assuming AC to be the
virtual support face is considered to be more realistic, calculating P, using the
Miiller-Breslau value of K, with angle BCA =q; the weight of soil in the triangular
section ABC is taken as part of the wall. For calculation details, see worked
example 9.9.

Overturning

It is usual to assume an overturning mode about the toe (Fig. 8.28(a)), although
some designers prefer to consider the edge of the middle third of the base nearest
to the toe. The factor of safety is defined as the ratio of the sum of stabilising
moment (M) to the sum of overturning moment (M,). The factor of safety should
not be less than 2.0, although where the possibility of a rising water level exists
behind the wall a minimum value of 2.5 should be used.

X(stabilising moments, e.g. of W, Q, etc.) [8.42]

or Z(overturning moments, e.g. of P,, etc.)

Alternatively, use design earth pressures and establish limit state equilibrium.

Forward sliding

The factor of safety against sliding (Fig. 8.28(b)) is defined as the ratio of the sum
of horizontal resistance forces to the sum of horizontal disturbing forces. The
sliding resistance R, that may be mobilised between the wall base and the soil
may be taken as:

Effective stress: R ,=V'tan§, Undrained: R,=c¢,B

For cast in-situ concrete, the wall friction and adhesion values may be taken
as tan §,=tan ¢’ and ¢, =c,, respectively. In calculating the passive resistance
mobilised in front of the wall, account should be taken of the effects of weathering,
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Fig. 8.28 Modes of failure of retaining walis
(a) Overturning (F>2.0) (b) Sliding (F>2.0) (¢) Bearing failure in soil beneath
base (d) Tension in joints

disturbance by traffic and construction operations, the presence of excavations,
service ducts, tree roots, etc. Also, the amount of yield required to mobilise passive
resistance must be considered. The top 0.5-1.0 m depth of soil is usually ignored
and a factor () applied (typically 0.5) to pressures calculated using K,,.

_R;+aPp Vitan @' +aPp

Fy
Py P,

[8.43]
Alternatively, use design earth pressures and establish limit state equilibrium.

Bearing pressure beneath base

The foundation of the wall must be designed to satisfy the ultimate limit state
in terms of bearing. The methods and factors described in Chapter 11 should be
used to establish the allowable bearing capacity, incorporating a factor of safety
(equivalent to M) of 2.5-3.0. The distribution of ground bearing pressure beneath
the base may be either trapezoidal or triangular (Fig. 8.29); the maximum pressure
usually occurs beneath the toe. This value maximum must not exceed the
allowable bearing capacity of the soil, otherwise settlement or vertical yielding
may occur. In the first stage of the calculation, the position (x) of the ground
reaction force (V) is determined and thence the eccentricity (e) of the force about
the centre-line.
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Fig. 8.29 Distribution of ground bearing pressure
(a) Trapezoidal (b) Triangular

(@) Trapezoidal distribution

If the ground reaction falls within the middle third of the base (when e < B/6),
the pressure distribution will be trapezoidal, with compressive pressure extending
between the toe and heel. The groung bearing pressure at A and B are then given by

—V+ and Y M
ga= B Z QB—B 7
1 x B?
but M=Ve and Z= ><6
V 6Ve
V 6Ve
and =——— 8.44(b
B=F " [8.44(b)]

(b) Triangular distribution
When the ground reaction falls outside the middle third (when e> B/6), the
pressure diagram will be triangular and the maximum ground bearing pressure
will be:
2V
Ga=— [8.45]
3x
Between C and B the bearing pressure is zero since tension cannot be developed
between the soil and the base. The distance BC can be described as the tension
crack width.

Tension crack width=B —3x
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Fig. 8.30 Rotational slip failure

Tension failure in joints

Although tension cannot develop between the soil and the base, it could develop
in lateral joints in the masonry. A calculation based on eqn [8.44(b)] could be
carried out at each joint level to check crack potential. However, in masonry,
brickwork, crib and gabion walls it is preferable to eliminate tension in all lateral
joints. This limit state can be examined by noting the position of the ground
reaction (V). If V falls within the middle third of the base, the pressure distribution
will be trapezoidal and no tension will occur. This is referred as the middle-third
rule.

Rotational slip failure

In cohesive soils, especially where the soil surface is inclined upward above the
wall, there may be a potential failure mode in the form of a slip along a cylindrical
surface which passes beneath the wall base (Fig. 8.30). This may be brought about
if the shear strength of the soil is reduced due to weathering or when the water
levels behind the wall rise. The analysis of this type of failure is dealt with in
Chapter 9.

Worked example 8.9 Check the stability of the reinforced concrete retaining wall shown
in Fig. 8.31. The soil is a silty gravel sand with a horizontal surface and no surcharge. The
water table lies well below the base. The wall was propped while the backfill was placed
using only light compaction.

Soil properties: ¢ =0 Q' =40° y=20 kN/m? Concrete: y=24 kN/m?

Two example calculations will be done: considering first a virtual support face that is
vertical and then an inclined face.
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7.25m

Fig. 8.31

(a) Virtual support face vertical

1 —sin 40°
Rankine’s K, = s17n =0.217
1+ sin 40°

Since no yielding along CD will occur, 6=0.
Horizontal active resultant force, P,=% x20x8.0?x0.217=138.9 kN/m

Vertical forces: W, =24 x0.3 x 7.25=52.2 kN/m
W,=24x52x0.75=93.6 kN/m
W,=20x3.2x7.25=464.0 kN/m

Total, V =609.8 kN/m

609.8 tan 40°
20NN 368 [>20, .. adequate]

Sliding: F, 1389

Overturning: Overturning moment, M,=138.9 x 8/3=370 kNm/m

Stabilising moment, M, =52.2 x 1.85+93.6 x 2.6 + 464(2.0+ 3.2/2)

=2010 kNm/m
2010
=——=543 >20, .". adequate
oT= 350 T 22 [ q 1
2010—370
Bearing pressure; X=—————=2.689 m
609.8
Eccentricity,e=4 x 5.2—2.689 = —0.089 (i.e. on the heel side)
. 609.8 6 x609.8 x 0.089

Maximum bearing pressure, g,.,= + x X =129 kN/m?

5.2 5.22
[under the heel]

(b) Now considering an inclined virtual support face
The virtual support face AC is at angle « (Fig. 8.31):

A= arctang =66.20°
32

309
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The section of soil ABC may be assumed to move with the wall, therefore assume 6 =30°.
From eqn [8.22], K,=0.349

1 %20 %807 x0.349
Active resultant force, P, = 2 >< X X =281.9 kN/m
sin 66.2° x cos 30°

Horizontal component, P,y=281.9 cos(90—a+)=166.5 kN/m

Vertical component, P,y=28195sin(90 —a+0)=227.5 kN/m
Vertical forces: W, =24%x03 x7.25=52.2 kN/m

W, =24 x52x0.75=93.6 kN/m

W, =1 x20x3.2x7.25=232.0 kN/m

Total, ¥V =52.2+93.6+230.0+227.5=605.3 kN/m.

.. 605.3 tan 40°
Slidingg F,=—————=305 [>20, .. adequate}
166.5
Overturning: Overturning moment, M, =166.5 x 8/3 =444 kNm/m
Stabilizing moment, M =52.2 x 1.85+93.6 x 2.6 +233(2.0 + 3.2/3)
+227.5(5.2—1.18)

=1966 kNm/m
1966
For=——=443 >20, .. adequate
oT= g T [ q ]
1966 —444
Bearing pressure: X=————=2514m
605.3
Eccentricity, e=1x52-2514=0.086 (i.e. on the heel side)
6053 6x605.3x0.086
Maximum bearing pressure, gpn.,= ) + X 5 2: =128 kN/m?

The ultimate bearing capacity for a strip footing for ¢’ =40° (see Table 11.2) and ignoring
depth of embedment will be

gr=3ByNy=14 % 4.0 %20 % 95.5=3820.0 kN/m per metre

3820
Factor of safety, F = STy =298 [adequate]

The factors of safety calculated here are all well above the recommended minimum
values; there may therefore be some argument for reducing the size of the base. This would
be considered after a preliminary check on bending moments in the wall.

Worked example 8.10 Check the stability of a backfilled masonry wall of height 9.0 m,
crest width 1.2 m and base width 4.0 m; the back is vertical and the finished soil surface
horizontal and level with the crest. The soil will be compacted using a roller which will
trasnmit an equivalent line load of 60 kN/m. Use the following properties:

Soil: ¢'=0 @' =40 y=20 kN/m’ Masonry. y=24 kN/m’ 6=20°
Vertical forces

W, =24x9.0x 1.2=259.2 kN/m
W, =24 x (4.0— 1.2)/2 x 9=302.4 kN/m

Total vertical force, ¥V =561.6 kN/m.



Stability conditions of gravity walls 311
Horizontal forces due to compaction
1—sin 40°

Rankine K,=————=0.217
1+sin 40°

f /3% 60 x 20
From eqn [8.40], o}m= DY [2XXY 9764 kN/m?
b T

2 2

From eqn [8.39(b)], critical depth, z,=K, /_”=0.217 / >‘60=0.300 m
2
From eqn [8.41], critical height, h, = / P /x_60 =637 m
ny 0.217

Horizontal pressure at base of wall, oy =K,yH =0.217 x 20 x 9.0=39.06 kN/m?

The pressure distribution is shown in Fig. 8.32, from which the resultant horizontal force
due to compaction is:

P.=27.64x9.0—4 x27.64 x 0.300+ % x (39.06 —27.64) x (9.00 — 6.37)
=248.76—4.15+15.02=259.6 kN/m

60 kN/m
roller force
b b
f T N 'iéc'=0.300m
| \ ~L
1 ~
! u‘m\,=27.64 RN
f A}
i
9.0 f \ he=6.37m
| \
\
l W i1
|
W, |
A
40m ;4= 39.06 \\
PELEENEY
Fig. 8.32

Check sliding

561.6 x tan 40°
Factor of safety, F,= ——2)5(9—2162— =182 [<2.0 and .. inadequate]

Check overturning
Overturningmoment, M, =248.76 x 9.0/2 ~4.15(9.00 —0.300/3 + 15.02(9.00 — 6.37)/3
=1095.6 kNm per metre

Stabilising moment about the toe, M, =259.6(4.0 —0.6) + 302.4(4.0 — 1.2)2/3
=1447.1 kNm per metre

Factor of safety, For= =13 [<20, .. inadequate]
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Check maximum ground bearing pressure
M,~M, 1447.1-1095.6
vV 56l
=0.626 m from the toe [i.e. outside the middle third]

2V 2x561.6
Maximum ground bearing pressure, gg,,=—= xR 598 kN/m?
3x 3x0.626

Position of ground resultant, x=

The ultimate bearing capacity for a strip footing for ¢’ =40° (see Table 11.2) and ignoring
depth of embedment will be

gr=3ByNy=1% x 4.0 x20 x 95.5=3820.0 kN/m per metre

3820
Factor of safety, F = o8 =6.39 [adequate]

8.13 Reinforced earth walls

The use of reinforced earth was first introduced by Henri Vidal, a French
architect and engineer (Vidal, 1966; 1969). The construction consists of
frictional backfill rolled in layers with strip or mesh reinforcement placed
between. Reinforced earth is now used in retaining walls, sea walls, dock
walls, bridge abutments, earth dams and in numerous temporary works.
The use of prefabricated reinforcing strips and facing panels, together
with the inherent flexibility of the material, allows fairly rapid construction.
A reinforced earth wall weighs much less than a similar sized concrete
structure and so lower ground bearing pressures are imposed, giving an
advantage on poor or soft ground. Also, reinforced earth is able to absorb
considerable strains without sustaining structural damage.

The main components of reinforced earth are:

(@) Backfill. Carefully selected frictional backfill is required: *15 per cent
weight <80 um, #25 per cent weight > 150 mm, a maximum particle size of 300
mm and ¢’>25°. Cohesive frictional fill may be used provided ¢’'=20°, clay
content < 10 per cent and w, <45 per cent.

(b) Reinforcement. The properties required are adequate strength, moderate to
high stiffness, low creep with time, good bond with soil and good resistance to
mechanical and chemical damage. Common high-stiffiness materials used are
galvanised steel, stainless steel and plastic-coated metals. Geosynthetic meshes
and grids are widely used; these have lower deformation moduli, but are lighter,
cheaper, have better durability and very good frictional properties (Murray, 1980).
Reinforcement in the form of strips and bars is only suitable in highly frictional
soils; mesh or grid reinforcement provides better bond in cohesive fills.

{c) Facing skin. The main role of the facing skin is to provide containment and
protection against corrosion; no contribution is made to the mechanical stability
of the wall. In the case of rigid facings, allowance must be made for vertical
compression in the wall. Four main types of facings are used: (i) pre-cast: concrete
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or pre-formed metal panels, often interlocking to give a continuous face; (ii)
wrap-around: mesh or grid reinforcement rolled upward and into the layer interface
above; (iii) gabions: stone-filled gabions or concrete-filled bags; (iv) sprayed face:
shotcrete (concrete grout) or bitumen sprayed on after construction, also
vegetation.

Design principles

The reinforcement is provided to enhance the shear strength of the soil
Compressive and tensile strains are induced under shear loading; reinforcement
is therefore placed in the direction of tensile strain, which is horizontal. The
compressive strains are mainly vertical and result in some settlement. The design
process therefore seeks to establish the reinforcement forces that are required to
provide equilibrium of the soil mass, and to match these with the forces available
in the reinforcement. The required forces are the same for each system of reinforced
or anchored walls, but the available force depends on the type, form and orientation
of the reinforcement. Both external and internal stabilitv must be checked.

External stability

The external stability conditions govern the length of reinforcement required.
These conditions are based on the same limit states that apply to gravity walls
in gravity (see Section 8.12), i.e. overturning, sliding, bearing pressure, overall
slip failure. The vertical and horizontal forces acting on the wall must first be
calculated (Fig. 8.33).

Vertical forces
W=weight of reinforced soil block =y,HL
W, =surcharge force on surface of reinforced soil block = gg L
V =ground reaction force =total downward force = W+ W, =(yg H + qg)L

XV A Kaqs ] KayH I
v active earth pressure

Fig. 833 Forces on a reinforced earth wall
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Horizontal forces
P, =active thrust due to weight of unreinforced soil={K,yH?
P,=active thrust due to surcharge on unreinforced soil=K,q.H

Total horizontal force=P, + P,=1K,(yH + 29, )H

where 7yg=unit weight of reinforced soil
y=unit weight of unreinforced soil

Overturning moment about the base
M,=P,H/3+PH/2=K,(yH +3q,)H*/6

Position of ground reaction
L M,

F=—-=

2 vV

Determine length of reinforcement

Either a trial reinforcement length (L) is chosen and the sliding, overturning and
bearing pressure limit states checked, or limit state factors are set and the
corresponding minimum values of L calculated.

Forward sliding (Fig. 8.34(a))

|4
Factor of safety, F = ol M [8.44(a)]
P, K.(yH+29)H

2P, K,(yH+2q)H

For F,=20, Lyjppy=—"=——"—"— [8.44(b)]
wV  ulyeH +qg)

Overturning (Fig 8.34(b))
VL 3(yeH +qp)L?

Factor of safety, Fgr= = 8.45(a
YT, T IKGH+ 30 (845
4 2K 3
For For=20, L= \/ Mo _ g \/ LH +3q) [8.45(b)]
YrH +qg 3(yeH +qg)

Ground bearing pressure (Fig. 8.34(c))
The maximum bearing pressure will occur beneath the toe; the maximum ground
bearing pressure is therefore:

, vV 6M,

K,(yH +3q)H?
av(max) =—+ 2
L L

o [8.46(a)]

=(yrH +4qr)+

This value must not exceed the allowable bearing capacity, g,.

/ 6 [ K (yH
for a:'(max) =q,, Lpin= _.___M"___ =H M [8.46(b)]
ga—(7rH +qg) 9a—(7rH +4r)
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distribution

of bearing pressure

(c) bearing pressure at toe

Internal stability
The internal stability conditions governing the vertical spacing of the
reinforcement. Within the block of reinforced soil, the net horizontal thrust is
transferred to the reinforcement; the magnitude of this thrust varies at each
reinforcement level. An internal stability check is carried out in two stages:
(i) tension failure — the stability is considered of an internal wedge of soil above
each reinforcement level; (ii) pullout failure — the pullout capacity is checked by
considering the bond length of reinforcement required beyond each wedge of soil
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(b) overturning
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Fig. 8.35 Tie-back wedge analysis

above that layer. The tension forces thus required for equilibrium are then
compared with the design strength of the reinforcement.

Tension failure and vertical spacing of reinforcement

A tie-back wedge analysis (Fig. 8.35). Consider a reinforcement element at depth
z in wall of overall depth H. Part of the element lies within the active wedge as
defined in Rankine’s or Coulomb’s theory. The distribution of vertical effective
stress at this level along the element may be taken as trapezoidal. It can be shown
that the maximum value (adjacent to the face) is given by:

2
. . . z
Maximum vertical effective stress, g, =(yrz +qg)+ K, (yz + 3qS)F

The tensile force required per metre run in the reinforcement will be:
L=K.,0..S, [8.47]
where S, =vertical spacing of reinforcement elements

K, =an earth pressure coefficient (K, <K,<K,)

The magnitude of 7T, must be not greater than the design strength of the
reinforcement which is determined from the characteristic strength (obtained from
manufacturer’s literature or pullout tests) and partial factors of safety.

. Ch teristic st th
Design strength, Py= afactensrostieng [8.48]

Jota

The partial factors of safety are typically: f,,=1.3-1.5, f;=1.35. Thus the vertical
spacing can be determined:

S, Ps _ Py [8.49]

- Ko, z?
Kr [(?Rz + qR) + Ka(yz + 3qs)Fj|
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For practicability, the actual spacing at a given level should be a multiple of the
rolled layer thickness.

Pullout failure
Both local bond and wedge stability must be checked.

Local bond
The pullout resistance per metre width of reinforcement is given by:

R,=2L,uo, [8.50]

where L, =bond length behind wedge=L —(H —z) tan 0
u=coefficient of friction=«, tan ¢’
o, =bond coefficient depending on type of reinforcement (0 <, <1.0)
(e.g. smooth strips =0.5-0.6, ribbed strips and meshes =0.6-1.0)
o, =average effective normal (vertical) stress over bond length L,
= (yrz + qg) [i.€. neglecting the effect of active pressure]

Wedge stability (or overall bond stability) (Fig. 8.36)

The stability of wedges of soil above each reinforcement level must be considered
and the total tensile force required to hold each in equilibrium calculated and
compared with the sum of the resistances provided by the reinforcement layers
in the wedge. A typical trial wedge is shown in Fig. 8.36. From the polygon of
forces, the tensile force required to maintain equilibrium is found to be:

h Lyeh
Horizontal tension required for trial wedge, Ty;= tan 0z7eh + 4e) [8.51]

tan(f + ¢')

R
Factor of safety, Fr= T £>20

H
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Worked example 8.11 A reinforced earth wall is to have a finished height of 6.6 m. The
surface will be required to carry an extensive uniform surcharge of 15 kN/m’. Assuming that
the water table will remain below the base of the wall, and given the following data, determine
the breadth of wall required and check the external and internal stability.

Backfill (after compacting in 225 m layers): y=18 kN/m? =0 ¢’ =35°
Foundation soil: allowable beqring capacity, q,= 190 kN /m’
Geotextile reinforcement (non-woven):

Characteristic strength, P, =33 kN/m Bond coefficient, a, =0.8
Factors of safety:

Partial factor, f,=1.3 Design strength factor, f;=1.35
Against sliding, overturning, pullout, F=2.0

Allowing 10 per cent for embedment, actual height, H=6.6x1.1=7.26 m. Say 7.25 m
1 —sin 35°

For the finished backfill, K,=———=0.271
1 +sin 35°

Vertical forces

Weight of reinforced soil, W, =yg HL=18x7.25 L =130.5L kN/m
Surcharge force on surface of reinforced soil block, W,=ggL =15.0L kN/m
V =ground reaction force=total downward force= W+ W, =145.5L kN/m

Horizontal forces
Active thrust due to unreinforced soil, P,=4K,7H?
=4x0.271 x 18.0 x 7.252=128.2 kN/m

Active thrust due to surcharge, P,=K,qH=0271x15%x725 =29.5kN/m

Overturning moment about the base
M, =1282x7.25/3+29.5x7.25/2=416.8 kNm/m run

External stability — to determine L,
(a) To prevent sliding:
Coefficient of friction, p=u, tan ¢'=0.8 xtan 35°=0.560

2(1282+29.5)
0.560 x 145.5

From eqn [8.44(b)], L..= 387 m

(b) To prevent overturning:

30x 4168
From eqn [845(b)], Lyn= /—1—);5?—=3.39m

(¢) To prevent bearing overstress beneath toe:

6.0x416.8
From eqn [8.46(b)], L,.= =750 m
190.0—145.5

Thus the design value for L=7.50 m
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Design strength of reinforcement

. Characteristic strength 33
Design strength, P,= = =18.8 kN/m
St 1.3%x1.35
Internal stability — to determine vertical spacing
The vertical spacing can be determined from eqn [8.49]:
Py Py
S,= Ko = 2
g z
vz
K| (yrz+gp)+ K (2 + 3qs)l3
where K=K, when using geotextiles, i.e. 0.271
18.8
Thus, §,= 3
z
0271 (18.0z+ 15.0)+0.271(18.0z + 45.0)—
7.5
69.36
18.0z + 15.0 4+ 0.00482(18.0z + 45.0)z2
ra26811 | Reinforced earth wall: Internal stability - wedge stability check
BSMS - WEB.11
Trial wedge angle, U= 27.5|deg Friction angle ¢= 35 Base, L= 75]m
Coefficient of friction, m= 0.560 Bond coef a= 0.8 Unit weight = 18] kN/m*3
Dasign strength of "“’"ﬂ‘t' Pd = 18.8 {kN/m Fp = 2 Surcharge = 151 kN/m*2
Trial wed 8ond Available resi force (either ReyFs or Pd) = Ra Required force
depth | DepthBS flength | Rpfs | Rpfs ]_Re-toast B per wedge
him) 2im) Lb q=0 with g Pd q=0 | withq| aq=0 |withqg Thig=0) | Thig)
2 1.125 7.045 79.91 139.10 18.8| 18.80] 18.80 18.80 18.80 9.76 17.89
ok! ok!
4 1.125 6.003 68.10 118.54 18.8] 1880} 1880
4 2025] 6472 | 132.14]  188.52 18.8] 18.80] 18:80
4 2925] 6940 | 20469] 263.01 188] 1880] 18.80
a 36|  7.202| 26468] 32595 88| 1880 1880| 56.40| b66.40] 39.02| 6528
ok! ok!
55 1125] 5223 | 59.24] 10312 188] 1m80] 1880
55 | 2,025 5691 | 116.20 164.02 188] 18.80| 1880
5.5 2925] 6160 ] 18166] 23342 188 1880] 1880
5.5 36|  6511] 23634] 29105 188 1880] 18.80
5.5 4,275 6.862 | 295.80 253.46 18.8] 18.80]| 18.80
55 4725| 7097 ] 33810] 39772 188] 1880] 18.80
5.5 5.175 7.331 ] 382,52 444.12 18.8| 18.80] 18.80 131.60 | 131.60 73.78 96.13
okt ok!
7.25 1125] 4312| 4891 85.13 188] 18.80] 18.80
7.25 2025] a780]| 9760 137.76 188 18.80] 18.80
7.25 2,926 5.249 | 154.79 198.89 18.8| 18.80| 18.80
7.25 36| 5600 | 20327| 25032 1881 1880] 1880
7.25 4275] 5.951] 26653] 30654 188] 1880] 18.80
7.25 4725| 61861 204.69] 34667 18] 1880] 1880
725 5175] 6420 | 3xses! 38893 188] 1880] 1880
7.25 5625] 6654 377.40] 43331 188] 1880] 1880
7.25 6075] 6888 | a2194] 47982 18.8] 18.80] 1880
1.25 6.3 7.005 | 445.01 503.87 18.8 | 18.80] 18.80
7.25 6525 7123 | 46861 52845 188] 18.80] 18.80
7.25 875  7.240| 49274| 55387 188 1880] 1880
71.25 6.975 7.357 | 517.40 579.21 188 ] 1880} 18.80
7.25 7.2 7474 | 542.59 605.39 18.8] 18.80| 18.80 263.20 | 263.20 128.20 157.67
okt ok!

Fig. 8.38
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Values of S, have been calculated using a spreadsheet (Fig. 8.37), corresponding to depths
in multiples of 225 mm, i.e. the compacted layer thickness.

Internal wedge stability
For an active wedge of depth h and angle 0, the horizontal tension (T;) required for
stability is given by eqn [8.51]. Then, putting 8 =45°—¢'/2=27.5%

__htan Ok yph+ qp) __htan 27.5°(418.0h + 15.0)

= =2.439h% + 4.065h
tan(0+ ¢') tan(27.5° + 35°)

For each reinforcement depth (2), the available tensile resistance is the lesser of the pullout
resistance (R,/F,) and the design strength (P,). From eqn [8.50], R,=2L ,ug,, in which

Ly=L—(h—2z)tan 0=75—0.521(h—z) and o, =18.0z+150

Now, putting F,=2.0, values of R_/F, can be calculated. Trial wedges are selected, in this
case at depths of 2, 4, 5.5 and 7.25 m, and for each of these is calculated the required
tensile force Ty, and R, /F,. The available tensile force will be the least of R, /F, and Py.
These calculations have been carried using a spreadsheet (Whitlow, to be published), an
extract of the results is shown in Fig. 8.38. It can be seen that, in this case, for all the
trial wedges the available resistance exceeds the required tensile force, and that the design
strength of the reinforcement governs each one.

814 Embedded walls

This section deals with retaining walls that are usually installed in undisturbed
ground, after which excavation takes place on one side. Structurally, such walls
can be formed from driven sheet-piles, secant piles, contiguous piles or as a
diaphragm wall. They may act as simple cantilevers or be provided with single
or multiple anchors or props. Embedded walls differ from gravity walls in several
ways: (i) they are flexural and are designed structurally as simple or propped
cantilevers, (ii) their weight is ignored in stability analyses, (iii} they depend for
support upon passive resistance mobilised in the soil, (iv) excavation usually
follows installation, rather than backfilling.
The modes of failure that need to be examined in design are shown in Fig. 8.39:

(a) Forward rotation due to inadequate passive resistance (applies to cantilever
walls).

(b) Rotation about anchor/prop point due to inadequate passive resistance.

(c) Failure of anchor or prop system.

(d) Failure of wall stem in bending or excessive deflection.

(e) Excessive settlement behind wall due to forward movement.

(f) Failure in excavation due to bottom heave.

(g) Overall slip failure.

The first stage in stability calculations for embedded walls is usually to
determine the distribution of earth pressures, the classical theories can be used
for this purpose. For most permanent structures effective stress analyses are
required in the calculation of both active and passive pressures, and, where a
water flow is anticipated, seepage pressures must be determined (see p. 328). As
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with gravity walls the choice of shear strength parameters depends largely upon the
anticipated movement of the wall, with peak values only being justified when
movement will be small. In the case of embedded walls in clays analyses based
on undrained strength may be required, especially for temporary structures.

Cantilever pile walls (¢'=0)

Cantilever sheet-pile walls are mainly used as temporary structures in cohesionless
soils and depend for their stability on the passive resistance mobilised on the
embedded portion. It is usual to assume that the wall (Fig. 8.40(a)) will fail by
rotating about a point C just above the toe D, in which case passive pressure
will be developed along BC in front of the wall and along CD behind it
(Fig. 8.40(b)). To simplify the analysis, the assumption may be made that the
passive resistance along CD acts as a point load at point C, and the assumed
driving depth is d=BC (Fig. 8.40(c)). Thus, three forces maintain equilibrium at
the limit state:

Active thrust: P,=1K,y(H+d)?
Passive thrust: Pp=3K yd?
Passive resistance: R=P,—P, (value not required)

For equilibrium, XM_=0=Ppxd/3—P,x(H+d)/3

Substituting for Pp and P,, and ignoring wall friction (Corbett and Stroud, 1975):
=K yd*— LK, y(H +d)’

Then K d*=K, (H+d)?

H
Solving, d=——-— 8.52(a
olving KIKJ—1 [8.52(a)]
H
If Ka= I/Kp, d = ’Ing:I [852(b)]

The required driving depth is d5=6 (Fig. 8.40); this is usually obtained by
multiplying d by a factor of safety on embedment (Fy): d,=dF,. For permanent

rotation
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Fig. 840 (a) Cantilever sheet-pile wall
(b) Theoretical pressure distribution (¢) Simplified pressure distribution
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A

Po= 3K YIH + dF

Fig. 8.41

works, the recommended range for F, is 1.2-1.6. The adequacy of the design
depth d, can be checked by calculating the net lateral thrust developed over the
length CD; for equilibrium this should be > P,— P, (calculated between A and
C). An analysis along these lines produces the following expression:

p _N(KH)?+(K,—K)2H(K, —K,) +d2K, —3K,)— K,H*/d] — K H
d(min) — (KP_ Ka)d

[8.53]

The maximum bending moment occurs at the point of zero shear force: z, below
B (Fig. 8.41).
Equating forces: 0=3K yz?— 3K, y(H+2)*

From which: zZ,= ———E——— [8.54]

T UK K, -1
The maximum bending moment will then be:

M o= $7[K(H +2.)* —K 23 [8.55]

Worked example 8.12 A cantilever sheet-pile wall is to support the side of an excavation
3.0 m deep. Using a factor of safety on shear strength of 1.4 and a factor of safety on
embedment of 1.2, determine the safe driving depth required and then the maximum bending
moment induced in the piling. The soil properties are: ¢’ =0, ¢'=30°, y=20 kN/m>.

The factored angle of friction, ¢, =arctan(tan 30°/1.4)=22.41°.

K, =tan(45°+22.41°/2)=2232 and K,=1/K,=0.448

30
Fromegqn [8.52], d=—————=4.24m
rom eqn [8.32], d=onw ]

Then safe driving depth, d;=4.24x1.2=5.08 m
For horizontal equilibrium when

d=4.24 (eqn [8.53]), Fyuminy=1.07 [<1.2 OK]
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From eqn [8.54], the point of zero shear force (Fig. 8.41):

From eqn [8.55], the maximum bending moment will be:

M, =% x 20[0.448(3.0 + 2.435)3 — 2.232 x 2.4355] = 132 kNm/m

Anchored sheet piles (¢’ =0)

Cantilever walls are best suited for temporary works and for walls of low height.
With the provision of one or more anchors (ties or props) the required embedment
depth is reduced, as is the lateral deflection and bending moment in the pile.
Two methods of analysis are available for anchored or propped walls, the
difference between them being the assumption made with regard to the restraint
provided by the soil at the bottom of the embedded length. In the free-earth
support method it is assumed that the piling is very stiff compared to the soil
and there is insufficient embedment to prevent rotation of the toe of the wall,
although the wall is still in equilibrium. In the fixed-earth support method the
piling is assumed to be flexible, the embedment sufficient and the soil stiff enough
to prevent rotation of the toe. Fixed-earth support conditions clearly apply in
the case of a cantilever wall, but in current practice in the UK this method is
considered to produce excessive embedment depths and piling weights. Following
the work of Rowe (1952), a modification is applied to the free-earth support
method by which the bending moment can be reduced by a factor dependent on
the relative flexibilities of the piling and soil. It is this method that is widely used
in the UK and the USA.

Free-earth support method

It is assumed that the piling is very stiff compared with the soil, and that rotation
occurs about the anchor point. Sufficient yielding is also assumed and therefore
the development of active and passive pressures, with critical state conditions
(¢’=0) in cohesive soils. For homogeneous soil conditions, the distribution of
earth pressures is shown in Fig. 8.42. The forces maintaining equilibrium are:

T =force in the anchor tie (or prop)
P, =active thrust force on the back of the wall= 1K y(H + d)?
Pp=passive thrust force on the front of the wall=3K yd*

in which K, and K, are determined with respect to appropriate values of J: e.g.
5,=%¢ and d,=3%¢' (Padfield and Mair, 1987) — also see Appendix B.

Where hydrostatic and/or steady-state seepage conditions occur, the porewater
pressure distribution must be evaluated and the resultant forces included in the
equilibrium calculations.

For equilibrium, the net moment about the anchor point E is zero.

0=EMg=Ppxl,—P,xl, [8.56]

This results in a cubic equation in d>, the solution of which can be achieved by



326 Earth pressure and retaining walls

A
'r 7777 7777
a
T EE » T
A P 2
p=lt—o—a =3 (H+d)~aP,
1 Bl
[P,
d
Pp._
X ¢
Kyd U Ky(H+d)

Fig. 842 Anchored sheet piling: free-earth support method
(a) Assumed pressure distribution () CIRIA 104, p. 124

the repeated substitution of values for d. The design embedment depth (dg) is
obtained by the following methods:

Method 1. The shear strength is not factored (ie. F,=1.0), but the resulting
value of d is multiplied by a factor of safety on embedment (F,). d,=dF,. For
permanent works, the recommended range for Fis 1.2-1.6 (see also Appendix B).

Method 2. A factor on shear strength is applied (tan ¢, =tan ¢’/F,), from which
values are obtained for 6, and J,, and then values for K, (eqn [8.6(a)]) and K,
{Table 8.4). The value of 4 is then taken as the design embedment depth: d,=d. For
permanent works, the recommended range for F, is 1.5-2.0 (see also Appendix B).

The anchor or prop force required can now be obtained by equating horizontal
forces:

0=XH=T+Pp—P, [8.57]

from which a value is obtained per metre run of wall. Anchors are usually spaced
at 2-3 m intervals and secured to stiffening wales. The limiting equilibrium method
should be used to calculate the prop force (F,=1.0) and the resulting value
increased by 25 per cent to allow for flexibility in the piling and arching in the
soil. A factor of safety (Fy) of at least 2 should be applied to obtain the design
anchor force when determining tie-rod or prop sizes; an allowance should be
made for corrosion if conditions are expected to be aggressive.

Design shear force and bending moment

Method 1 (F,=1.0) should be used to establish the distribution of shear force
and bending moment on the wall, assuming constant wall flexibility. The
maximum shear force will generally occur at the anchor point. After the position
of zero shear force is established, the maximum bending moment can be calculated.
Some engineers prefer to use only Method 2 (factored shear strength), and thus
only one pressure distribution; Padfield and Mair (1987), do not recommend this
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method. Rowe (1952) has proposed an empirical moment reduction method which
can be applied when the bending moment distribution which has been obtained
using factored shear strength or factored earth pressure coefficients.

The point of zero shear force below the top of the wall (z) is found by equating
forces:

0=T-—41K,yz2 [provided there are no porewater pressures]

. [2T
Giving, z,= [— [8.58]
L

The maximum bending moment will be:

Mmax= T(zs_a)_%Ka’yzS [859]

Worked example 8.13 An anchored sheet-pile wall is required to support an excavation of
depth 9 m. The anchor will be attached at a point 1.5 m below the top of the wall (i.e. below
the ground surface). No groundwater conditions need to be considered. Determine the design
embedment depth and the design anchor force per metre run. The factors of safety will be:
F=15F;=12,F;=20

c¢'=0 ¢'=28° y=20 kN/m’?

(a) Using Method I: F,=1.0

Wall friction: for ¢'=28°, 5,=%4¢'=18.67° and 6,=1¢'=14.0°

From eqn [8.22], K,=0.304 and from Table 8.4, K,=4.292.

Py=4K y(H+d)* =41 x0.304 x 20(9.0+ d)? = 30.4(9.0 + d)*

Pp=3K yd® =3} x4.29 x 204> =42.94*

Lever arm I, =%(9.0+d)~15=45+%d and lever arm [,=9.0~15+3d=75+%d
Taking moments about the anchor point E:
0=X Mg="P, x1l,— Py x 1, [aspreadsheet (Whitlow, to be published)is used for evaluation]

Embedment depth required for equilibrium, d=2.51 m

Design embedment depth, d,=dF;=2.51x12=3.01 m

(b) Using Method 2: F,=1.5

Mobilised angle of friction, ¢,,, =arctan({tan 28°/1.5)=19.52°

From eqn [8.22], K,=0.435 and from Table 8.4, K,=2.539, from which the embedment
depth, d=4.88 m and d,=4.88 m.

(¢) Anchor force: using Method 1, T=P,—P,=131.8 kN
Design anchor capacity per metre run, Ty=T x F4=131.8 x2.0=263.6 kN

(d) Maximum shear force (occurs at anchor point): using Method 1
0.,=T—%x0.304 x 20 x 1.52=125.0 kN/m

(e) Maximum bending moment: using Method 1

2x 131.
From eqn [8.58], 2= [ 2B gm
0.304 x 20

Maximum bending moment, M,,,,=131.8(6.58 —1.5)— 4 x 0.304 x 20 x 6.58°
=381 kNm/m
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Fig. 8.43 Porewater pressures behind embedded walls
(@) In clays (b) In sands

Porewater pressure and seepage

If the water levels are different in front of and behind the wall, a differential
porewater pressure distribution must be included in the calculation of forces.
Water levels may vary due to pumping, rainfall or tidal conditions. Where piling
is embedded in impermeable soils, such as clays, little or no seepage will take
place, but the distribution of hydrostatic porewater pressure must be considered.
In permeable soils, seepage pressures also must be included.

Piles embedded in clays

Figure 8.43(a) shows the distribution of hydrostatic pressure. Below the level of
the water table on the excavation side the hydrostatic pressures on either side
cancel out, so that the net hydrostatic forces on the active side are:

Pw1=%}’hf and Pw2=%?h1h2

Piles embedded in permeable soils

When steady-stage seepage is taking place, the distribution of porewater pressure
may be determined using a flow net. However, this can be time-consuming, so
that a simplified method is usually employed in which the head difference (h) is
assumed to be dissipated uniformly over a flow path of FCE or FCB (Fig. 8.43(b)),
depending on whether the water table on the excavation side is below or above
excavation level.

The assumed hydraulic gradient is:

) H—z,+z,
=
H+2d—z,—z,

The maximum porewater pressure occurs on the active side at the level of the
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water table on the excavation side (point F), and will have a value of:

(2d—ze)(H_zw+Ze)yw
=(2d— = 8.60
= =2y = H I [8.60]

and the water pressure forces will be:

1 =1
P, =3u,h, and P,,=3uh,

Temporary works and total stress design
The design approach for temporary works is similar to that for permanent works,
except for the following differences:

(a) Initially the soil has a greater shear strength because of negative excess pore
pressures.

(b) During construction, loading conditions are different and variable.

(c¢) Temporary walls rely more on the soil for support, while more permanent
aspects of support are being constructed.

(d) Lower factors of safety are used, resulting in a greater mobilisation of soil
strength, but ground movements can have the same consequences as for
permanent works.

There are three design methods available:

1.  Effective stress design. This method is the same as that described above,
except that a lower factor of safety will be used (see Appendix B) and, if
worst credible strength parameters (¢’ =0 and ¢’) are used, only equilibrium
check with F=1 is required.

2. Modified total stress design. This applies only to walls embedded in cohesive
soils. The undrained shear strength is used, but must be carefully estimated,
bearing in mind the usual wide scatter of test results. An allowance must
be made on the passive side for the softening that takes place during the
period of construction: a commonly adopted rule for overconsolidated clays
is to assume a profile of ¢, =0 at passive side surface down to ¢,,=0.7—0.8¢,
at a depth of 1 m. Caution should be exercised here, since much experience
is required in arriving at reliable estimates of softened strengths. Behind the
wall the active pressure used should be either the conventionally calculated
(positive) value (yz—2c,) or the minimum equivalent fluid pressure (MEFP)
of 5z kN/m?2, whichever is the greater. If free water at the surface is expected,
the hydrostatic pressure developed over the full depth of tension crack
(z,=2c,/y) must be included. See worked example 8.14 for more details and
calculations.

3.  Mixed total and effective stress design. An effective stress analysis is used
with full water pressures on the active side of the wall, at least down to the
tension crack depth (z,=2c,/y); if z, is near to the total depth of wall (H +d),
an effective stress design is more appropriate. Below the tension crack, if
this is not too deep, a total stress analysis is used, invoking the minimum
equivalent fluid pressure rule. A total stress analysis is used on the passive
side, making due allowance for softening. This method is a clear choice
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when piling is embedded in a layer of clay that is overlain with a permeable
soil.

Worked example 8.14 A temporary anchored sheet-pile wall is required to support an
excavation in clay of depth 9 m. The anchor will be attached at a point 1.5 m below the top
of the wall (i.e. below the ground surface). The surface may become flooded. Using a mixed
effective stress and total stress analysis, determine the design embedment depth required for
an adequate factor of safety on moments, and also the design anchor force per metre run.
Soil properties:

=0 ¢'=24° =20 kN/m’

Undrained strength (allowing for softening), c,=65 kN/m?

The earth pressure distribution down to the tension crack depth will be obtained in terms
of effective stress; below the tension crack on the active side, total stresses will be calculated.
On the passive side, total stresses will be calculated, but with an allowance for full softening
at the surface down to a depth of 1.0 m.

Earth pressure coefficients
Effective stress: from eqn [8.22], K,=0.359.
Total stress, assuming c,, = 4c,, K,o=K,.=2,/(1+0.5)=2.449
Tension crack depth, z,=2¢,/y=2x65/20=6.5 m
The distribution of horizontal pressures is shown in Fig. 8.44.
On the active side, the minimum fluid pressure rule must be applied: at any depth
below the tension crack depth, the minimum total horizontal stress must be the greater
of the active pressure or 5z. At the critical depth (zygrp) Where these are equal:

5.0zyerp =Y Zmerp — KocCy S Zverp =Koy /(7 —5.0)=2.449 x 65/15=10.61 m

d—1.61

Ohd

6
S — ]
T 1

K
I

Fig. 844 Worked example 8.14

20d—20 1792 32.5 20.
- T i T bt
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Horizontal pressures on the active side
Atz=6.5m: o, = K,(7z,— 742,) =0.359(20 — 10)6.5=23.34 kN/m?
u=10x6.5=65.0 kN/m?

Justbelow z=6.5m, 6,=5%6.5=325kN/m?
At z=zygpp=10.61, 6, =5 x 10.61 =53.05 kN/m?
At z=H+d, a,,=20(9.0+d)—2.449 x 65=20.82 + 20d

Horizontal pressures on the passive side

At z=0, 0,,,=0 (allowing for full softening)

At z=10m, 0,,=20 x 1.0+2.449 x 65=179.2 kN/m?
At z=d, 6,,=20d +2.449 x 65=20d + 159.2 kN/m?

The horizontal forces (P,,, P,, Pa2, Pa3, Pas, Ppy> Pp2, Pps) can now be calculated.
To determine the design embedment depth, the moments of these forces about the anchor
point E are equated, with a factor of safety on moments (F,) being applied to passive
moments. Thus

Fro=X(PpLp)=%(P,L,)
where Lp and L, =lever arms about the anchor point (E)

An optimum value for d is obtained at which F, reaches a maximum value.
Increasing the embedment depth beyond the optimum reduces the factor of safety,
until (if d were large enough) it would equal 1.0. The only advantage of increasing
d beyond the optimum would be in the anchor force (T) required; this is calculated
from:

(X PyL,—Z Pply)

T=(ZP,—XPp)—
(FPy=E Py A

For a value of 1.0 for F,, the second term would of course be zero. The calculations are
quite lengthy when done by hand, but are easily set out on a spreadsheet. The results
below show how a range of values can be extracted, allowing the designer a number of
alternative choices.

d (m) 6.0 6.2 6.4 6.6 6.9
F, 1.927 1.929 1.930 1.929 1.926
T (kN/m) 1352 1279 1204 1128 101.1

The usual minimum value for F,, is 2.0; therefore in this case the designer would have to
decide whether or not the maximum achievable value of 1.93 is adequate.

Anchors for sheet piling

The anchorage system is a significant part of sheet piling, indeed the commonest
failure modes include forward movement of an anchor block and failure of the
tie rod. Several methods of providing anchorage are available: some typical
arrangements are shown in Fig. 8.45. A parallel row of sheet piles (Fig. 8.45(a))
may be used to advantage where space is limited or for temporary work. In fill
or soft ground, to avoid bending, pairs of raking piles (Fig. 8.45(b)) can be used.
Ground anchors (Fig. 8.45(c), see also Section 8.16) consisting of tensioned rods
or cables embedded in cement grout are particularly useful when surface access
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Fig. 845 Types of anchor for sheet piling
(a) Parallel row of piles (b) Pairs of raking piles (¢) Ground anchor (d) Deadman

is impracticable. The commonest form of anchor used in firm ground is the
‘deadman’ type, where a mass concrete wall or series of blocks is cast into the
ground (Fig. 8.45(d)). It is important to locate deadman anchors so that the soil
failure zones of the wall and the anchor do not overlap. A simple rule for ensuring
this is shown (Fig. 8.45(d)): the lower end of the active wedge against the wall is
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assumed to occur at the actual toe (design depth) where there is free-earth
support, or at a point a quarter of the way up the pile if fixed-earth support has
been assumed.

The allowable pull for a deadman anchor may be determined as follows:

Continuous deadman: T,=3yd*S(K,—K,) [8.61(a)]
Separate block: T,=3yd*[L(K,— K,)+ K (d,—d )] tan ¢}, [8.61(b)]
where y=unit weight of soil

d=d, (if d, <1d,), otherwise=d, —d,
S =horizontal spacing of anchor ties
L =length of separate deadman
K,,K,and K ,=earth pressure coefficients based on ¢,

8.15 Excavation support

Almost all construction projects involve excavation to form basements, trenches,
etc. which will require support. In some cases cantilever sheet piling can provide
temporary support, but most excavation support systems will take the form of
propped sheeting. There are four main considerations in the design of such
systems: (a) determination of forces induced in props or struts, (b) a check on
the possibility of base heave, (c) a check on the possibility of ground movements
in adjacent soil masses or structures and (d) an assessment of the influence of
the construction process or excavation sequence. The majority of excavation
support systems are installed on a temporary basis and so factors of safety are
chosen accordingly (see Appendix B). Nevertheless, careful design is necessary to
ensure structurally viable and safe working conditions.

Internally braced trenches

When the lateral struts or braces are inserted in trenches, an element of
compression is induced by wedging or jacking. Under these conditions the soil
is unlikely to be in an active state. Furthermore, the pressure distribution will
change during the process, the distribution depending largely on the arrangement
and order of installation. It is common to use empirical or approximation
solutions, rather than employ rigorous methods such as finite elements (except
for very large excavation or where threat to adjacent buildings exists). Although
a number of methods have been suggested, the commonest in current use was
proposed by Terzaghi and Peck (1948, 1967, 1969) and modified by Peck, following
observations of actual loads and model tests (Fig. 8.46). The main features are
as follows:

(a) In sands and gravels
Assumed drained with a rectangular distribution: oym..=0.65K,7H.

Total thrust, Py=0.65K ,yH? [8.62(a)]
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Fig. 8.46 Pressures on trench sheeting (After Terzaghi and Peck (1948, 1967, 1969))

(b) In soft to medium clays (i.e. N=yH/c,> 5-6)
Assumed undrained with a trapezoidal/rectangular distribution:

Ohimany = YH(1 —4m/N) [where m=1.0 or 0.4 for deep NC clay]
Total thrust, Py=0.875yH*(1 —4m/N) [8.62(b)]

(c) In stiff clays (i.e. N=yH/c,<5-6)
Assumed undrained with a trapezoidal distribution:

Onmany=MyH [where m=0.2 when N <4, and m=0.4 when 4<N <6]

Total thrust, Py=0.75myH? [8.62(c)]
For stiff fissured clays

Total thrust, P,;=0.875myH? [8.62(d)]

It is recommended (Ward, 1955) that the first prop be installed before the
excavation depth has reached 2¢,/y. The prop forces can be evaluated by dividing
the pressure diagram half-way between each prop. It must be stressed that this
method is approximate, and may overestimate the prop forces. However, the
effects of over-jacking may increase them temporarily and produce variations in
sheeting pressures.

Worked example 8.15 A trench in a sand of depth 6.5 m is to be supported by timbering
with horizontal struts at 1 m, 3 m and 5 m below ground level and spaced at 2 m intervals.
Determine the estimated strut forces induced.

Soil properties: ¢ =35°  y=20 kN/n’

1 —sin 35°

=——=0271
1+sin 35°
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Fig. 8.47

Assuming a rectangular distribution of horizontal pressure (Fig. 8.46(a))
6, =0.65K,7H =0.65x0.271 x 20 x 6.5=22.9 kN/m?
Figure 8.47 shows the pressure distribution and the forces carried by each strut.

F,=68.7%(1.5/2)x2=103 kN
F,=80.15 x (1.75/2) x 2 = 140 kN
F,=68.7x2—103+80.15 x 2— 140 =34+ 20 =54 kN

Base heave in trenches

The upward movement of soil in the base of excavations in clay is a common
form of failure. Two main mechanisms are possible: (a) a general base heave
involving the whole of the soil below and adjacent to the excavation, and (b) a
local failure close to the sheeting due to softening or excessive inward movement.
In the latter case, the probability of failure can be minimised by carefully
controlling the installation process and attention to adequate drainage. A factor
of safety against general base heave can be obtained by applying bearing capacity
theory.

The removal of vertical stress by excavation, especially if soft cohesive soils,
produces an inverted bearing pressure effect. The soil adjacent to the excavation
provides a ‘hydrostatic head” which tends to drive the soil in the base upward.
This has been described as passive stress relief (Burland and Fourie, 1985). A
simple approach is to consider the balance of forces on a horizontal plane passing
through the base of the excavation. If the vertical pressure on the excavation
surface is zero, the plastic equilibrium diagram may be assumed to be that
shown in Fig. 8.48. The factor of safety is then:

Nccu

F,= [=2.5-3.0] [8.63]
yH+q

where N_=Skempton’s bearing capacity factor (Fig. 11.6).
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Fig. 8.48 Base heave in an excavation

Trench support using bentonite mud

In the construction of diaphragm walls for basements, underpasses, coffer dams,
etc. the trench walls may be supported temporarily by bentonite mud or slurry.
The trench is kept filled with mud while excavation is being carried out using a
mechanical grab. Concrete is then placed in the trench using a tremie pipe,
displacing the mud from the bottom upward.

In clays, there is an initial absorption of water from the mud into the trench
sides. This quickly results in the formation of a filter cake which is almost
impervious, and thus provides a seal. Since this support is only temporary,
undrained conditions are assumed and the failure plane is at 45° (Fig. 8.49(a)).
An approximate factor of safety can be evaluated by considering the forces on
the wedge ABC.

The mobilised value of force C required for stability,

Cmob=(W_Pm)/\/2

where W =4yH? (y =soil unit weight)
P.,=3yu(nH)? (y,=mud unit weight)

If the shear strength of the soil=c,, then C=cuH\/2. Therefore, the factor of
safety is

c 4s,
Cmob H(’}’ - ,Yng)

In sands, although some penetration and loss into the pores takes place, the mud

soon forms a thixotropic gel, thus making a seal. The stability of the trench is

very sensitive to the level of the water table, as well as to the depth of the slurry.

Figure 8.49(b) shows the forces acting on the supported wedge of soil.
Resolving forces hoizontally and vertically:

[8.64]

P,=Ntana—Tcosa and W=Ncosa+Tsina
But N=N+U and T=N'tan ¢,
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c
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Fig. 849 Pressures on a mud-filled trench
(a) Cohesive soil (b) Cohesionless soil

Then P, =N'(sina—tan ¢, cosa)+ U sin a
=N'cos oftan a —tan ¢,,,)+ U sin a

and W =N’ cos a(l —tan a tan ¢,,,,) — U cos a

) ) P,—Usina W —U cos a
Equating: N cosa= =
tan o —tan ¢, 1+tanotan ¢l
_ P—Usina
From which: tan(a —¢@pep)=——"—""
W —U cos a

Substituting for the three forces and the slip surface angle:

P, =1y.(nH)? W =34vyH? cot a U =1y, (mH)? cosec o
and a=45°+¢. /2

¢;nob> — .yng - ,yme

tan(45° -

2 y cot a —y,m? cot a
’ nZ _ 2
.'.tan2<45° - d”"°"> S L [8.65]
2 7Yt

From this the required slurry weight can be determined:

Km B .yme) + .yme
Y= - [8.66]
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Also, from eqn [8.65], it can be shown that
1-K

tan ¢rop = —F—

aNa

Then the factor of safety is independent of the depth of the trench and is given by:

tan ¢’  2./K,tan ¢’

= 8.67
tan ¢, .p 1-K, [ ]

The true factor of safety may be higher than this since the shear strength of the
mud is ignored, as are the thixotropic properties and the effects of caking.
However, the method provides a simple and reasonably reliable design guide.
The effect of the water table level is illustrated in the following worked example.

Worked example 8.16 A narrow trench is to he excavated to a depth of 6 m and will be
supported up to the surface with bentonite mud. The surrounding soil is sand having an angle
of friction of 36° and a saturated unit weight of 19 kN/m’.

(a) Calculate the factor of safety against shear failure when using a mud of unit weight
12 kN/m? and when the water table is expected to vary between the surface and a depth
of 2 m.

(b) Calculate the unit weight required for the mud if the minimum factor of safety is 1.5
when the water table is at the surface.

(a) Since the mud fills the trench, n=1, and so, using eqn [8.67]:

F_2, /K _ tan 36°

Factor of safety, =
1-K,,
12—-9.81m?
where K= s
19-9.81m?

WT 2 m below surface: m=0.667; K,,=0.522 and F=2.20

WT 1 m below surface: m=0.833; K,,=0.426 and F=1.65

WT at the surface: m=1.000; K,,=0.238 and F=0.93

Thus, failure is predicted if the water table rises to the surface.
(b) Required oy, =arctan(tan 36°/1.5)=25.84°

K, =tan*(45° — ¢.n0/2)=0.3928
Using eqn [8.66], the required unit weight for the mud is:
70 =0.3928(19.0—9.81 x 1.0)+9.81 x 1.0=13.42 kN/m?

8.16 . Ground anchors

A ground anchor is a device for transferring a tensile load to a secure load-bearing
rock or soil mass. There are essentially three parts: (a) the stressing head, (b) the
tendon and (c) the fixed anchor.

High-tensile steel (f,>800 MN/m?) is usually used for tendons, which may
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Fig. 8.50 Ground anchors
(a) Pressure grouted (b) Multiple stranded (¢) Multiple under-reamed

be in the form of rods or multi-stranded cables. The three main types of ground
anchor are shown in Fig. 8.50. The pullout resistance will be developed partly
by side-shear and partly by end-bearing on the grout plug, depending on its
shape and type. In clays and intact rocks, low-pressure cement grouting is used.
In coarse soils and fissured or broken rocks high-pressure grout can be made to
penetrate pores, cracks, etc. and so enhance pullout resistance. The type of anchor
is generally chosen to suit the soil/rock conditions.

Intact rocks and very stiff clays
Low-pressure grouting with crimped rods or expanding multi-strand tendons are
used in straight bores. Pullout resistance is entirely due to side-shear:

Ty=1,ndL [8.68]

where 7, =maximum bond strength between the grout plug and sides of bore
d =bore diameter, L =fixed anchor length

For rocks: 1, is often determined from pullout tests, or may be estimated from
SPT N-values, or from the unconfined compressive strength (UCS) of the intact
rock (e.g. 10 per cent of UCS).

For very stiff clays: 1, =ac,.
where oa=adhesion factor in the range 0.6-1.0 and ¢, =average undrained

strength

Firm clays and marls
Since grout penetration is poor, an under-reamed type is used. Pullout resistance
is developed by a combination of side-shear and end-bearing. Usually, the
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under-ream diameter will be about six times that of the bore. Soils for which
¢,<90 kN/m? are unsuitable for anchor embedment.

T, =Eu[a DL +NC§(D3 —d2)+omdLn] [8.69]

¢, =average undrained shear strength

o, =adhesion factor associated with the under-reamed length (0.7-0.9)
a=adhesion factor associated with the non-under-reamed length

(0.3-04)

D, =diameter of the under-reamed portion (typically = 6d)
d=bore diameter

N_=bearing capacity factor (usually taken as 9.0)

L, =length of under-reamed portion

L,=length of non-under-reamed portion=L — L,

Coarse soils and weak or fissured rocks

Low-pressure grouting, or two-stage low/high pressure grouting, is used in lined
bores (the lining being withdrawn as the bore fills). Grout penetration into pores
and cracks enhances the pullout resistance, which can be estimated in either of

two ways.

1. Using an empirical expression
Ty=Lmtan ¢’ [8.70(a)]

where m=an overall strength factor dependent on the type and relative density
of the soil, and also on the type of anchor and grout pressure; the
range is 150-600 depending on particle size

Littlejohn (1977) has recommended the expression log m=2.52+0.34 log D,
where D, is the 50 per cent grading characteristic.

2. Using a theoretical method
To = K0/, tan ¢'nDL + Nfa;%(p2 —d?) [8.70(b)]

where K =an earth pressure coefficient (range 1.0-3.0)
N¢=Dbearing capacity coefficient, for which the suggested value=N_/4
N, = Dbearing capacity coefficient given by Berezantsev et al. in Fig. 11.20
corresponding to the ratio L/D and ¢’

Fine sands, silts and silty sands

In soils having permeabilities <1 x 10™% m/s, grout penetration may be poor.
Expanding multi-stranded tendons are often used, inserted in lined bores and
embedded in low- or high-pressure grout. The expanded diameter of the grout
plug may be difficult to estimate, therefore D=d is often assumed. The pullout
resistance may be estimated using eqns [8.70(a)] or [8.70(b)].
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Fig. 851 Failure surfaces for anchored walls
(a) Single row of anchors (b) Multiple anchors

Factors of safety

The pullout resistances obtained from the equations above must be considered
as ultimate values and must be divided by an appropriate factor to obtain design
values. The factors recommended in BS 8081:1989 are:

Temporary works <6 months F>2.0
Temporary works 26 months F>2.5
Permanent works Fz30

Overall stability of anchored walls

For walls tied with a single row of anchors, the methods described above are
usually adequate; however, where a sloping or irregular surface is involved a
check should be made on overall stability. The failure surface may be
approximated as shown in Fig. 8.51(a) and the limiting equilibrium of the resulting
soil wedges considered. Multiple anchorages will produce a curved failure surface
(Fig. 8.51(b)), for which an analysis using a method of slices should be used,
together with a safety check on each anchor.

Exercises

Exercises 1-11 inclusive are designed to illustrate the variations that will result in the
magnitude and position of the resultant active thrust due to different soil conditions
behind a retaining wall. In each case, the wall has a smooth vertical back and supports
a 12 m depth of soil.

For each case, calculate the magnitude and position (above the wall base) of the
resultant active thrust (P,), assuming that the groundwater level is well below the base
of the wall.

¢ = apparent cohesion
¢ =angle of shearing resistance )  of the supported soil
y = unit height

1. Surface horizontal: no surcharge: single layer:

¢ =0 ¢’ '=30° y=18.0 kN/m?
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Surface horizontal: uniform surcharge of 24 kN/m?: single layer:

=0 ¢'=32° y=19.5 kN/m?

Surface horizontal: no surcharge: two layers:

0-5 m below surface: ¢'=0 ¢ =30° y=18.0 kN/m?
below 5 m: =0 ¢=36°  y=20.0 kN/m3

Surface horizontal: no surcharge: two layers:

04 m below surface: ¢'=0  ¢'=34° y=19.6 kN/m?
below 4 m: ¢=0 ¢'=28 =184 kN/m?

Surface inclined at 15° to horizontal from the top of the wall: no surcharge: single

layer:

=0 ¢’ =30° y=19.0 kN/m?

Surface horizontal: no surcharge: single layer:
¢, =45 kN/m? ¢,=0 y=18.0 kN/m*?
Surface horizontal: no surcharge: single layer:

¢ =15 kN/m? ¢’ =20° y=18.0 kN/m?

Surface horizontal: uniform surcharge of 24 kN/m?: single layer:

¢=15kN/m>  ¢'=20°  y=18.0 kN/m®

Surface horizontal: uniform surcharge of 60 kN/m?: single layer:

¢ =15 kN/m? ¢ =20° y=18.0 kN/m?
Surface horizontal: no surcharge: two layers:
0-5 m below surface: ¢, =12 kN/m? ¢,=0
below 5 m: c,=35kN/m?>  ¢,=0
Surface horizontal: no surcharge: two layers:

0-4 m below surface: ¢'=0 ¢'=30°
below 4 m: ¢’ =25 kN/m? d'=15°

y=17.0 kN/m?
»=18.0 kN/m>

y=19.6 kN/m>
y=18.2 kN/m>

A concrete retaining wall has a smooth vertical back and supports an 8 m depth of

soil having the following properties:

¢=0 =32 y=19kN/m® 3, =21 kN/m?

There is no surface surcharge.

Calculate the magnitude of the resultant active thrust acting on the wall for the
following conditions: (a) fully drained and free to yield, (b) fully drained, but with
the top of the wall restrained against yielding, and (¢) free to yield, but with the

groundwater level standing at the surface.

A concrete retaining wall with a smooth vertical back supports a 12 m depth of soil,

comprising two layers:

0-7 m below surface: ¢'=0 ¢'=28° drained y=19.2 kN/m?
saturated y =20.6 kN/m?

below 7 m: ¢, =25 kN/m? ¢,=0

y=18.1 kN/m?
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Calculate the magnitude of the resultant active thrust acting on the wall for the
following groundwater level conditions: (a) groundwater level well below the base
of the wall, (b) groundwater level 7 m below the surface, and (c) groundwater level
at the surface.

A concrete retaining wall with a vertical back supports a 5 m depth of soil having
the following properties:

=0 ¢'=32° drained y=18.8 kN/m?

A vertical line-load surcharge of 80 kN/m? is applied parallel to and 3 m away

from the back of the wall.

(a) Calculate the total lateral thrust acting on the back of the wall, assuming the
soil to be fully drained and: (i) the wall to be smooth, (ii) an angle of wall
friction between wall and soil of 25°.

(b) If the mass of the wall is 222 kN/m, calculate the factor of safety against sliding
(assuming a smooth vertical support face).

The back of a retaining wall is inclined at 80° to the horizontal and has a vertical
height of 9 m. The surface of the supported soil slopes upward from the top of the
wall at an angle of 20°. The soil properties are:

¢=0 ¢'=30° y=20kN/m® §=24°

Determine the lateral active thrust imposed on the wall due to trial wedges of soil
having failure planes at 75°, 60° and 45° to the horizontal.

The retaining wall shown in Fig. 8.52 retains soil having the following properties:
=0 ¢’ =33 y=19 kN/m? d=20°

100 kN/m

L]

L X=08m
=

(a) Determine the magnitude of the active thrust P, acting on the wall: (i) when
the surface carries no surcharge, and (ii) when a surface surcharge line-load of
100 kN/m is applied as shown.

(b) Determine the minimum distance (x) behind the wall that this surcharge could
be located so as not to cause an increase in the earth pressure on the wall.
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17. Using the earth pressure coefficients based on the wedge theory, calculate: (a) the
active thrust acting on a vertical wall face of 16 m, and (b) the passive resistance
offered to a vertical face of 4 m, in the case of a soil having the following properties:
¢’ =25 kN/m? ¢y =12 kN/m?

o' =15° 6=10° y=19 kN/m?

18. The cross-section of a proposed concrete retaining wall is shown in Fig. 8.53, the-
unit weight of the concrete being 24 kN/m?. Determine the factor of safety against
overturning about A, the factor of safety against sliding (ignoring passive resistance)
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Fig. 8.53
and the vertical bearing stress imposed on the soil beneath A, for the following
conditions:

(a) Supporting a cohesionless soil fully drained:
¢'=0 @' =34° y=20 kN/m?
(b) Supporting a cohesive soil, assuming that cracks will develop in the tension
zone which may fill with water:
¢, =22 kN/m? 0,=0 y=18 kN/m?
19. Figure 8.54 shows the cross-section of a concrete crib wall constructed with vertical

faces. The retained soil is used to fill the cribs and has the following properties:

=0 ¢'=32° dratnedy =19 kN/m?
6=20° saturated y=21 kN/m?
Average unit weight of crib and soil =22 kN/m?

Neglecting passive resistance, but allowing for the surcharge, determine the width
of the crib base required to satisfy the following design criteria: (a) factor of safety
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uniform surcharge = 15 kN/m?
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20.

21.

22.

23.

against overturning < 2.0, (b) factor of safety against sliding < 1.5, and (c) bearing
pressure imposed below base 3600 kN/m?.

A long narrow trench of depth 8 m is to be supported using a bentonite mud having
a unit weight of 12 kN/m>. The water table and trench mud levels stand at 1.8 m
and 0.5 m respectively below the ground surface. Determine the factor of safety
against side collapse in each of the following soils:

(a) Asand: =0 ¢'=32° y=20 kN/m3
(b) Aclay: c¢,=40 kN/m? ¢.=0 y=19 kN/m3

A cantilevered sheet-pile wall is required to support 5 m depth of soil having the
following properties:

=0 ¢'=35  y=20.8 kN/m>

Determine the length of pile required if a safety factor of 1.5 is applied to the strength
parameter and allowance made for an approximate analysis.

An anchored sheet-pile wall supports 6 m of fully-drained soil having the following
properties:

¢=0 ¢'=38°  y=19 kN/m?

Horizontal anchors are attached at a depth of 1.4 m and at 2.5 m centres. Using
the free-earth support method and using a factor of safety of 1.4, determine: (a)
minimum safe driving depth required, and (b) the force transmitted by each
anchor rod.

An anchor sheet-pile wall retains a 5.9 m depth of drained soil having the following
properties:

=0 ¢’ =34° =20 kN/m?

The piles have a total length of 10 m and are anchored at a point 1.3 m below the
upper ground surface with horizontal tie rods at 3.0 m centres. Using the free-earth
support method and neglecting friction, determine: (a) what proportion of the possible
passive resistance is mobilised on the embedded length of piles, and (b) the force
transmitted by each anchor rod.



Chapter 9

Stability of slopes

9.1 Movement in natural and artificial slopes

Soil or rock masses with sloping surfaces may be the result of natural agencies
or they may be man-made; some examples are given in Fig. 9.1. In all slopes there
exists an inherent tendency to degrade to a more stable form — ultimately towards
horizontal - and in this context instability is construed as the tendency to move,
and failure as an actual mass movement. The forces which cause instability are
mainly those associated with gravity and seepage, while resistance to failure is
derived mainly from a combination of slope geometry and the shear strength of
the rock or soil mass itself.

Mass movement may take place as the result of a shear failure along an internal
surface or when a general decrease in effective stress between particles causes full
or partial liquefaction. A wide variety of types of movement (failure) have been
observed; it is convenient here, however, to consider three classes.

Falls. These are characterised by movement away from existing discontinuities,
such as joints, fissures, steeply-inclined bedding planes, fault planes, etc. and
within which the failure condition may be assisted or precipitated by the effects
of water or ice pressure (Fig. 9.2(a)).

Slides. In this form of movement the mass remains essentially intact while sliding
along a definite failure surface. Two structural sub-divisions are apparent:

(a) Translational slides which may involve linear movement of rock blocks
along bedding planes or of a soil layer lying near to the (sloping) surface.
Such movements are normally fairly shallow and parallel to the surface
(Fig. 9.2(b)).

(b) Rotational slips occur characteristically in homogeneous soft rocks or
cohesive soils; the movement taking place along a curved shear surface in
such a way that the slipping mass slumps down near the top of the slope
and bulges up near the toe (Fig. 9.2(c)).

Flows. Here the slipping mass is internally disrupted and moves partially or wholly
as a fluid. Flows often occur in weak saturated soils when the pore pressure has
increased sufficiently to produce a general loss of shear strength; true shear surface
development may be intermittent or mostly absent.

W6
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Slopes
NATURAL ARTIFICIAL
Worn or cut Built or depasited Built Cut
| l | |
hillside and screes and embankments cuttings and
valley slopes pediment slopes and dams unsupported
excavations
coastal and slide and tips and
river cliffs flow slopes spoil heaps

Fig. 9.7 Natural and artificial slopes

{a) falls {b) transiational slide

(c) rotational slip (d) flow

Fig. 9.2 Types of mass movement

Slope failures are usually precipitated by a variation in conditions, such as a
change in rainfall, drainage, loading or surface stability (e.g. removal of vegetation).
Such changes may occur immediately after construction, or they may develop
slowly over a number of years, or they may be imposed suddenly at any time.
In the analysis of both cut and built slopes it is necessary to consider both
immediate and long-term stability conditions. It is also necessary to consider
whether failure is likely along a newly created slip surface, or along a pre-existing
one, since the difference between the peak and residual shear strength in some
soils may be considerable.

Some slopes may exist for years in a state of incipient failure, i.e. on the brink
of further movement. This is particularly evident in natural slopes and the slopes



348  Stability of slopes

of spoil tips, and it should be borne in mind that many hill slopes have been
naturally degraded by weathering and may also be close to a failure state. In
these situations, man-made interference, such as the removal of trees or other
vegetation, or cutting into the toe of the slope, may precipitate movement.

The work of this chapter is essentially concerned with the stability of cut and
built soil slopes. For the sake of clarity in the introduction of fundamental ideas,
only simple cases of drained and undrained loading will be examined. However,
the methods and analyses dealt with here may equally be applied to a wider
spectrum of problems involving, for example, natural slopes, spoil tips and soils
of complex origin and composition. For details of fall and flows the reader should
consult an appropriate text on engineering geology.

9.2 Choice of shear strength parameters for slope design

As discussed in Chapters 6 and 7, the parameters used to quantify shear strength
depend fundamentally on both the stress history of the soil and the operational
drainage conditions. In the case of slope stability problems, a further consideration
is whether the failure movement will take place on a newly created slip surface
or on an existing surface where slipping has occurred previously.

The following recommendations are made for general purpose design, but it
should be remembered that many soil engineering problems are individualistic.
Guidelines for design are helpful, but general rules can often lead the unwary into
difficulties. Problems falling into geotechnical risk category 3 (see Appendix A)
require consideration from geotechnical engineers with a sound background of
experience.

Slides along pre-existing slip surfaces
These failure states occur only where large displacements have already occurred,;
perhaps of several metres. Residual strength parameters should be used:

Undrained: 1t.,=c,,
; . ot ’
Drained.: T,=0, tan ¢,

Slides creating new slip surfaces

A new slip surface will occur either when the critical strength or the peak strength
of the soil is reached consistently within the soil mass. The choice of parameter
should be made only after careful examination of the stress history and the
predicted drainage state(s).

Normally consolidated soils
Both normally consolidated and lightly overconsolidated soils, i.e. soils that are
wetter (or less dense) than the critical stage, are included.

For undrained conditions, the peak strength will be lower than the critical
strength, so use:

‘L'f=Cu
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For drained conditions, the critical strength should be used:
T¢=0, tan ¢,

Heavily overconsolidated soils

These soils will be drier (or more dense) than the critical state and so, at small
strains, the peak strength is higher than the critical strength. Designers will be
well advised to be cautious in cases where the strains are unknown or difficult
to predict.

Small strains—undrained: t,=c, (Based on
drained: 1:=c'+ 0, tan ¢; peak strength)

Otherwise —undrained: t,=c, (Based on
drained: =0, tan ¢, critical strength)

For very large strains in heavily overconsolidated clays the fall-off in strength
after the peak strain can be considerable. Under such circumstances it would be
more appropriate to use (perhaps with a reduced factor of safety):

r=c,, and t;=g, tan ¢.

Sands
Denser than critical state: t;=tan ¢; (Peak strength)
Looser than critical state: t;=tan ¢, (Critical strength)

Where maximum and minimum density tests have been carried out, an
interpolated value of ¢’ can be obtained corresponding to the in-situ density.
Designers should ensure that they understand the true nature of test results
and the parameters given in site and laboratory reports. The quick undrained
triaxial test is still widely used, although it can only produce total stress
parameters, which are often of little value in slope design. From a consolidated-
undrained triaxial test, with pore pressures measured, the appropriate effective
stress parameters can be evaluated. Estimates of residual strength parameters
should be obtained from ring-shear or reversing shear box tests (see Chapter 7).

9.3 Translational slide on an infinite slope

The term infinite slope slide is commonly used to describe a plane translational
movement at a shallow depth parallel to a long slope. Often the presence of an
underlying harder stratum will constrain the failure surface to a plane. The effects
of curvature at the extreme top and bottom of the slope and at the side are
usually ignored; this leads to a conservative result for laterally straight or concave
slopes, but may overestimate stability along convex curves and corners. Failure
1s often precipitated by a sudden increase in pore pressure, especially in partially
desiccated soil where the surface layer binds together and moves as a thin flat
slab; the term flake slide is sometimes used.

Undrained infinite slope
Consider a section in an infinite slope which is expected to fail along a slip plane
parallel to the surface (Fig. 9.3). The undrained stability of a prismatic element
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Fig. 3.3 Forces on an element in an undrained slope

depends on the following forces:

Weight of the element, W =yzb cos
Normal reaction on the slip plane, N=W cos f,
Tangential force down the slope, T =W sin f,
Shear resistance force up the slope, R=1b

Where p_ =critical angle of the slope
1,=undrained shear strength of the soil=c,

The inter-slice forces E, and £, may be considered equal and opposite and so
cancel out.

For limiting equilibrium: R—T=0

Therefore, cb=Wsin ,=vyzb cos . sin f§
Giving & _sin B cos f=1%sin 28,
yz
2
or sin 2, =~ [9.1]
yz
Clearly, this stability condition is only valid for 0° <, <45°,
2
ie. <1
vz

It is more realistic to restate eqn [9.1] in terms of critical depth, i.e. the depth
at which the slip surface may be expected to develop.

2c,
y sin 2f3

Critical depth, z,= [9.2]
It should be remembered, however, that in normally consolidated clays c,
increases with depth, except in the partially desiccated zone near to the surface.
Also, this equilibrium condition presumes a shallow failure. A non-shallow z_
value calculated from eqn [9.2] does not necessarily indicate a safe slope, but
may mean a deep-seated rotational slip is possible.
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Worked example 9.1 The soil in a long slope has an undrained shear strength of 50 kN /m?
and a unit weight of 18 kN/m?. Using the infinite slope method, estimate the depth at which
a shear slip may develop when the slope angle is 22°.
.. 2x50
From eqn [9.2]: critical depth, z.=——+————=80m
18 x sin 44°

For a depth of 8 m to be ‘shallow’, the slope would have to be very long! It is likely here
that a deep-seated rotational failure could be a problem, and this should be investigated.

Worked example 9.2 Calculate the factor of safety relating to the undrained stability of
a long slope of 1 vertical:1.5 horizontal if at a depth of 1.8 m a weak layer of cohesive soil
occurs for which: c,=24 kN/m? and for the overburden y=18.5 kN/m’.

2x24

From eqn [9.1]: sin2f,=———=
: 18.5x1.8

1.44

1
Actualslope angle, = arctanﬁ =33.69°

1.44
Factor of safety F, =——=1.56
sin(2 x 33.69°)

Drained infinite slope
Under drained conditions the shear strength of the soil is given by:
1r=o0, tan ¢’
or tr=c'+o,tan ¢’
with values for ¢’ and ¢’ selected as appropriate (see Section 9.2).
Consider a prismatic element in a drained infinite slope (Fig. 9.4). Initially,

the general case will be examined in which the groundwater level is lying paraliel
to the ground surface, so that the pore pressure varies with depth, but is constant

Fig. 9.4 Forces on an element in a drained slope
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along the slip plane, i.e. a condition of steady seepage taking place parallel to
the ground surface. The forces on the element in equilibrium are:

Weight of the elenfent, W =yzb cos f,
Normal reaction on the slip plane, N=W cos 8,
Tangential force down the slope, T =W sin f3,

Pore pressure force on the slip plane, U=y _hb cos? f,
Shear resistance force up the slope, R=1b

Where f_ =critical angle of the slope
7¢ =drained shear strength of the soil

General expression when ¢’ =0

For limiting equilibrium: R=T

Inwhich R=N’tan ¢’ =(W cos f,—7y,hb cos? B.) tan ¢’
=(yz—y,h)b cos? B, tan ¢’

and T =W sin B, =yzb cos f_ sin §,

Then (yz—y,h)b cos? B, tan ¢'=7yzb cos B, sin B,

yz—7ysh  tan f,

Therefore
yz tan ¢’
Twh ,
So that tanf,=(1—-"-]tan ¢ [9.3]
yz
h\t ’
and factor of safety, F= <1 — yL) an ¢ [9.4]
yz / tan 8
Where f=actual slope angle
Alternatively, putting pore pressure, u=1y h cos? f:
t ’
Fe (1 _LZ)M [0.5]
yz cos* §/ tan f8

Having established these general statements for stability, it is worth examining
several particular cases in which the drainage conditions have unique or special
interest.

(a) Dry sand or gravel
Consider a cohesionless soil (¢'=0) that is either dry or is sufficiently coarse-
grained not to allow a significant level of capillary suction.

In this case: h=0

Thus tan .=tan ¢’ [9.6]
(b) Groundwater level coincident with the slip plane

In a coarse-grained soil, ¢'=0 and h=0

Thus tan f,=tan ¢’ (as for dry sand)
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(¢} Groundwater level below the slip plane

In fine sands and silts, negative pore pressure will develop due to capillary

attraction, hence, the effective stress at the slip plane will be increased by suction.
If h,=distance of GWL below the slip plane

h
Then tanf, = <1 + Zw—s) tan ¢’ [9.7]
yz

So that . may be very steep, even vertical, as clearly demonstrated by a seaside
sandcastle.

(d) Waterlogged slope with steady parallel seepage
With seepage taking place parallel to the slope, the upper flow line is coincident
with the ground surface and h=z.

Then tanf = (1 — h) tan ¢’ [9.8(a)]
Y
or tan f, = 1 tan ¢’ [9.8(b)]
Y

(e) Waterlogged slope with steady vertical seepage
Where groundwater is draining vertically downward into a filter or other
permeable layer below the slip plane (Fig. 9.5), the pore pressure throughout the
soil will be zero, provided that no parallel flow occurs above slip plane.

Then h=0 and tan . =tan ¢’

(f) Slope in ¢' >0 conditions

Under certain circumstances, e.g. in slightly cemented or heavily overconsolidated
soils, the peak value of ¢’ may be taken as greater than zero. The shear strength
of the soil is then:

T'=c'+o,tan ¢'

z pore pressure at all points
between the surface
- and the drain is zero
—

-
- B

flow lines

drainage layer remains
partially saturated,
hencev = 0

Fig. 9.5 \Vertical seepage to a drainage layer
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and the expression for the factor of safety becomes:
_ b+ N'tan ¢’
T

F

_ ' +(yz—yyh) cos® B tan ¢’

yz sin ff cos f 591

(9) Using a pore pressure ratio
It is sometimes convenient to express the pore pressure in terms of either the slip
plane depth or the overburden pressure using a pore pressure ratio (or coefficient).

() Let m=h/z

Then tan ﬂc = (1 — m‘yw/‘y) tan ¢/ [9 10]
h 2
(i) Let ro=2 = ywh cos? B
Yz yz

So that yh=r,yz sec? B
Then tan B=(1—r, sec’ B) tan ¢’'

tan ¢’

Hence F=(1—r,sec? p)
tan f

[9.11]

Worked example 9.3 Adopting a factor of safety of 1.5, determine the maximum permissible
angle for a slope in the following sandy soil: (a) when dry, and (b) when just waterlogged
with steady seepage parallel to the surface:

¢'=36° ¢'=0 " y=20 kN/m’

(c) Calculate the factor of safety of the waterlogged slope against failure along a slip plane
parallel to the surface at a depth of 4 m, if at this depth there is a thin layer of cohesive soil
with the following properties:

¢ =12 kN/m? ¢=24° y=20 kN/m?

(a) When the soil is dry, h=0, so that from eqn [9.6]:

tan ¢’
tan 8

_tan 36°

tan f= =0.4844

F

, Hence, .. =26° (or a slope ratio of 1v:2h)
(b) When the soil is waterlogged and the groundwater level is at the ground surface,
h=z, so that from eqn [9.8]:

' ’ 20.0—9.81 0
F_y tan ¢ tanﬂ=( 9.81) tan 36

= o =0.2470
y tan f 200x 1.5

Hence, B,.. =14° (or a slope ratio of 1v:4h)
(c) 1If the slope is therefore inclined at 14°, and considering a cohesive layer at z=4 m,
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then from eqn [9.7]:
_ ' +(yz—y,h) cos® B tan ¢'
yz sin B cos 8
_ 12+ (20 x 4—9.81 x 4) cos? 14° x tan 24° 155
20 x 4 x sin 14° x cos 14° -

F

9.4 Slope failure mechanisms in cohesive soils

The most usual methods of providing an analysis of stability in slopes in cohesive
soils are based on a consideration of limiting plastic equilibrium. Fundamentally,
a condition of limiting plastic equilibrium exists from the moment that a shear
slip movement commences and strain continues at constant stress. It is first
necessary to define the geometry of the slip surface; the mass of soil about to
move over this surface is then considered as a free body in equilibrium. The forces
or moments acting on this free body are evaluated and those shear forces acting
along the slip surface compared with the available shear resistance offered by the
soil.

Several forms of slip surface may be considered for cohesive soils as shown in
Fig. 9.6. The simplest of these, suggested by Cullmann in 1866, consists of an
infinitely long plane passing through the toe of the slope. Although the analysis
of the free body equilibrium is simple in this case, the method yields factors of
safety which grossly overestimate the true stability conditions. On the other hand,
while the choice of a more complex surface, such as a log-spiral or an irregular
shape, may produce results near to the actual value, the analysis tends to be long
and tedious. For most purposes, a cylindrical surface, i.e. circular in cross-section,

%1
s
4
(a}
/ ]
A -
= 4
- X e e /
(c} (d)

Fig. 9.6 Types of failure surface
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will yield satisfactorily accurate results without involving analytical routines of
any great complexity.

The stability of a cut or built slope depends very largely on changes in the
pore pressure regime. During the construction of embankments pore pressures
will rise and, after construction, they will gradually fall. In cuttings, however,
excavation causes an initial fall in pore pressures, but as seepage develops they
gradually rise. Effective stresses and therefore shear strengths are generally
inversely related to pore pressures. The most critical (lowest) factor of safety may
therefore be expected to occur immediately after or during the construction of
an embankment; after this the soil will gradually get stronger. In contrast, the
shear strength in a cutting diminishes with time and so does the factor of safety.

Thus, it is necessary to consider both short-term (end-of-construction) and
long-term stability. In this context it is convenient to think of short-term conditions
as being completely undrained, in which the shear strength is given by t=¢, (i.e.
@, =0). In the next section, the first case to be considered will be that of undrained
stability of a slope in a saturated clay; this type of analysis is often referred to
as a total stress, or ¢, =0, method.

For long-term problems, and problems where changes in conditions may occur
long after the end of construction (such as the sudden draw-down of level in a
reservoir), a form of effective stress analysis is required. These methods may take
the form of either a force- or moment-equilibrium analysis, involving plane,
circular or irregular slip surfaces. For complex problems, stress path and slip line
field methods are used. The shear strength parameters must be chosen with care
(see Section 9.2).

9.5 Undrained stability — total stress analyses (¢,=0)

A total stress analysis may be applied to the case of a newly cut or newly
constructed slope in a fully saturated clay. Since ¢,=0, the undrained shear
strength is T =c,. It is assumed that the failure surface will take the cross-sectional
form of a circular arc, usually referred to as the slip circle. The centre of the
critical slip circle will be somewhere above the top of the slope. The critical
(failure) slip circle is one of an infinite number of potential circles that may be
drawn having different radii and centres (Fig. 9.7). Some circles will pass through
the toe of the slope and some will cut the ground surface in front of the toe.

Fig. 8.7 Slip circles of different radii and centres
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Fig. 9.8 Total stress (¢,) analysis

The critical circle is the one along which failure is most likely to occur and
for which the factor of safety is the lowest. A number of trial circles are chosen
and the analysis repeated for each until the lowest factor of safety is obtained.

Figure 9.8 shows the cross-section of a slope together with a trial slip circle
of radius R and centre O. Instability tends to be caused due to the moment of
the body weight W of the portion above the slip circle.

Disturbing moment = Wd

The tendency to move is resisted by the moment of the mobilised shear strength
acting along the circular arc AB.

Length ofarc AB=R6
Shear resistance force along AB=c RO
Shear resistance moment =c,R%0

shear resistance moment

Then factor of safety, disturbi n
isturbing momen

_¢,R%0
" wd

[9.12]

The values of W and d are obtained by dividing the shaded area into slices or
triangular/rectangular segments and then taking area-moments about a vertical
axis passing through the toe, or other convenient point.

Tension cracks

In cohesive soils, a tension crack tends to form near the top of the slope as the
condition of limiting equilibrium (and failure) develops. From Chapter 8
[eqn 8.13] it will be seen that the tension crack depth may be taken as

_ 2,
I4

The development of the slip circle is terminated at the tension crack depth and
so its arc length is really AC as shown in Fig. 9.9. The free body weight W of

Zo
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hydrostatic pressure
in tension crack

Fig. 9.9 Effect of tension crack in total stress analysis.

the slipping mass is the shaded area bounded by the ground surface, the slip
circle arc and the tension crack. No shear strength can be developed in the tension
crack, but, if it can fill with water, allowance must be made for the hydrostatic
force Py, which acts horizontally adding to the disturbing moment:

PW= Tw?

Taking this into account, together with the fact that the slip circle arc is reduced,
the factor of safety expression becomes:

_ c,R?6,
Wd+ PWyc

2
o

N

[9.13]

Worked example 9.4 A cutting in a saturated clay is inclined at a slope of 1 vertical:1.5
horizontal and has a vertical height of 10.0 m. The bulk unit weight of the soil is 18.5 kN /m’
and its undrained cohesion is 40 kN/m? (¢,=0). Determine the factors of safety against
immediate shear failure along the slip circle shown in Fig. 9.10: (a) ignoring the tension
crack, (b) allowing for the tension crack empty of water, and (c) allowing for the tension
crack when full of water.

The factors of safety against immediate shear failure may be obtained using the total
stress method of analysis. Firstly, it is necessary to establish the geometry and area of the
slip mass.

(a) Inthecase ignoring the tension crack, the slip mass is bounded by the ground surface
and the circular arc AB, for which the following may be calculated.

Radius, R=0A=,/(5+16.7)=1743 m

Sector angle, 6=284.06°
Area of slip mass, A=102.1 m?
Centroid distance from O, d=6.54 m

¢ R0
Thenfromeqn[9.12): F="——
qn [9.12] Wi

_ 40x 17432 x84.06x 7 _ 144
1021 x 18.5x 6.54 x 180
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z, = 432 m

(b) The effect of the tension crack is to reduce the arc length from AB to AC.

Depth of tension crack, z,=2x40/18.5=4.32 m

Sector angle, 0.=67.44°
Area of slip mass, A=71.64 m?
Centroid distance from O, d=5.86 m?2

In this case, Py =0
Then from eqn [9.13]:
29
Fo c, R0,
Wd
_ 40x17.432x6744x n
" 71.64 x 18.5x 5.86 x 180

14304
=——=184
7766

359

(c) When the tension crack is full of water, a horizontal force Py, will be exerted on the

slip mass.

Py=1y,22=4x9.81 x4.322=91.54 kN/m
The lever arm of Py, about O, y.=6.7+2x4.32/3=9.58 m

Then from eqn [9.13]:
B c,R?0,
" Wd+ Pyy.

B 14 304
" 7766 +91.54 x 9.58

=1.65
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9.6 Undrained non-homogeneous slopes (¢,=0)

A truly homogeneous soil would exhibit the same undrained shear strength (c,)
at all points throughout its mass. Although it is obvious that such a condition
can only exist in theoretical terms, for certain cases the assumption of constant
¢, can provide a perfectly reasonable estimate of the factors of safety. However,
the non-homogeneous nature of the soil cannot be ignored when: (a) two or
more layers of distinctly different soils are present, (b) in a single layer there is
a significant variation in the undrained shear strength with depth.

The multi-layer problem

A common type of multi-layered slope occurs when one soil is either tipped or
built-up to form an embankment on the pre-existing surface of another soil
(Fig. 9.11(a)). A multi-layered system may also be exposed when a cutting is driven
through stratified deposits (Fig. 9.11(b)). The treatment of this type of problem

(a) (b)

Fig. 9.117 Multi-layered slopes
(a) Embankment or tip (b) Cutting in stratified deposits

soil A
Ya = 19 kN/m?
cya = 50 kN/m?

soil B
Yy = 18 kN/m?
Cyg = 30 kN/m?
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depends mainly on the comparative values of ¢, in the soils on either side of an
interface. Where the soils have reasonably similar shear strengths, the total stress
analysis described in the previous section can be used.
The slip mass corresponding to a given trial circle is divided into zones
(Fig. 9.12) and the area, centroid position and sector angle determined for each.
Equation [9.12] may be modified as follows:

_ R*(c,a0r+cupfp+ ")

= [9.14]
(WAdA + VVBdB +)

Worked example 9.5 The slope of a cutting is I vertical:1.5 horizontal and the vertical
height is 10 m. The soil mass comprises two saturated clay layers as shown in Fig. 9.12.
Using the total stress (¢,=0) method, determine the factor of safety against shear failure
along the trial slip circle shown.

The slip mass is first considered as two separate zones for which the common radius
R is found to be 19.31 m.

For zone A (FBDE):

Sector angle, 0,=2532°
Area, A, =65943 m?
Centroid distance from O, d,=9.79 m

For zone B (EDA):

Sector angle, 0 =157.20°
Area, Ap=153.74 m?
Centroid distance from O, dz=2.85m

Then from eqn [9.14]:
_ 19.312(50 x 25.32 + 30 x 57.20)r/180
(6594 x 19.0x9.79 + 53.74 x 18.0 x 2.85)

19407
=———=129
15022

Effect of a hard layer

When the underlying layer has a much greater shear 'strength, the critical slip
circle is constrained to develop only in the weaker layer above. In the case of a
built-up slope on a hard existing soil, all the trial circles should be taken through
or just above the toe. In multi-layered soils, the stability of the soft upper layer
must be checked on its own as well as that of the whole slope (Fig. 9.13).

9.7 Submerged slopes (¢,=0)

In the case of water-retaining embankments, such as earth dams, canal banks,
lagoon banks and the like, a part or, at times, all of the slope may be submerged.
Figure 9.14 shows a partially submerged slope from which it may be deduced
that the moment about O of the mass of water in the half-segment EFH exactly
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(a) (b)

Fig. 9.13 Effect of an underlying hard layer

water level /

AV /

Fig. 9.74 Effect of a submerged slope

balances that in FGH. Thus the net water pressure moment is zero, providing
the soil is saturated. This being the case, the weight of that portion of the slip
mass below EFG (the external water level) is calculated on the basis of the
submerged unit weight (y.,, —7,)- The bulk unit weight (y) is still used for the
portion above EFG.

In effect, the water resting on the submerged part of the slope provides an
additional component of resistance moment, so that the factor of safety increases
as the water level rises and decreases as it falls.

Worked example 9.6 The slope of a water-retaining embankment is 1 vertical:2 horizontal
and the vertical height is 10 m. The soil is fully saturated and has an undrained cohesion of
30 kN/m? and a unit weight of 18 kN/m>. Determine the factor of safety against shear failure
along the trial circle shown in Fig. 9.15: (a) when the water level is at the toe of the slope,
and (b) when the water level is 6 m above the toe.

The slip mass is first considered as two separate zones for which the common radius
R is found to be 22.83 m.

For zone A (FBDE):
Area, A,=41.92 m?
Centroid distance from O, d,=13.00 m
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10.0m

\ Y, = 12.22m

Fig. 9.15

For zone B (AED):

Area, Ap=144.11 m?

Centroid distance from O, dz=444 m

Tension crack depth, z,=2x30/18=333 m
Sector angle, 6=76.06°

Hydraulic thrust in tension crack, Py =31y,z2
=3 x9.81x 3.332=544 kN/m
Lever arm of hydraulic thrust, y.=104+2x3.33/3=1222 m

In each case, the hydraulic thrust in the tension crack will be included.

(a) Water level at toe:

30 x 22.832 x 76.06 x ——
180

F=
4192 x18x13.00+144.11 x 18 x4.44+ 544 x 12.22

20757
= =0.944
9808 + 11517+ 665

i.e. shear failure will occur.
(b) Water level 6 m vertically above toe:
P 20757
9809 + 144.11(18.0—9.81)4.44 + 665

=1.32
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9.8 Location of the most critical circle

The most critical circle is the one for which the calculated factor of safety has
the lowest value. The minimum factor of safety is clearly the criterion required
for design. The problem of locating the most critical circle may be approached
in one of two ways:

(a) By a process of trial and error, using a reasonable number of ‘trial’ circles
and a thoughtful search pattern.

(b) By employing an empirical rule to prescribe an assumed critical circle and
setting the limiting factor of safety high enough to allow for imperfections
in the rule.

In the trial and error approach, the method has to allow for variation in three
of the geometric parameters: the position of the centre, the radius and the intercept
distance in front of the toe. For acceptable reliability, a very large number of
trials may have to be made. The use of computers has made this method much
more feasible and also more reliable.

Even when a large number of trials is to be the method employed, it is still
useful to produce a good estimate for the first or ‘seed’ value. Slip circle behaviour
is not completely random; on the contrary, some definite patterns may be
observed. For example, when the angle of friction is greater than 3°, the critical
circle will almost always pass through the toe of the slope. This is also the case
when, irrespective of the value of ¢, the slope angle exceeds 53° (Fig. 9.16).

Figure 9.18 shows a chart from which a first trial centre may be obtained for
homogeneous undrained conditions. Values of Y.,/H and X /H are read off
corresponding to the slope angle 8, where:

X _.=horizontal distance from the toe to the circle centre
Y. = vertical distance from the toe to the circle centre

The first trial centre can then be made the centre of the first group of nine trial
centres. After evaluation of the factors of safety, new centres are chosen tactically
according to the trend of the lowest values. Variations in radius may also be

{a) {b)

Fig. 9.16 Factors affecting the location of the critical circle
(a) Through toe if ¢ >3° or §>53° (b) In front of toe if $>3° or 253°
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Fig. 8.17  First trial location of the critical circle

incorporated in the calculations. Simple grid plotting and contouring techniques
are usually employed to ‘home-in’ on the most critical circle.

Where a harder or stiffer layer of rock or soil lies beneath the slope, the depth
will be limited (Fig. 9.18). The most critical circle may in fact touch the lower
harder surface.

9.9 Taylor’s stability number method

In 1948, D. W. Taylor proposed a simple method of determining the minimum
factor of safety for a slope in a homogeneous soil. Using a total stress analysis
and ignoring the possibility of tension cracks, he produced a series of curves
which relate a stability number (N) to the slope angle B.

Consider the basic expression used in a total stress analysis

¢,RL
F=

(from eqn [9.12])
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Fig. 9.18 Taylor's stability number charts
(a) ¢,=0 case (b) ¢'>0 case

It will be seen that LocH and W ocyH?, ie. L=K,H, W =K,yH?

The stability number is dependent on the geometry of the slip circle and may be
defined as:
K.,d Cy

N= =
K;R FyH
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Hence, F= [9.15]
NyH

or since  cCpop. = ¢,/ F, required c,,,,. = NyH

Values of N related to the slope angle §, the angle of shearing resistance ¢, and
the depth factor D; are given in the charts shown in Figs 9.18(a) and (b). For
slope angles greater than 53°, the critical circle passes through the toe of the
slope and the chart shown in Fig. 9.18(b) is used. For slope angles less than 53°,
the critical circle may pass in front of the toe and the chart shown in Fig. 9.18(a)
is used. When the critical circle will be restricted to passing through the toe, the
heavy broken lines on the chart must be used. The value of n, giving the break-out
point of the critical circle in front of the toe, can be obtained from the light
broken lines.

Worked example 9.7 A cutting in a saturated clay has a depth of 10 m. At a depth of 6 m
below the floor of the cutting there is a layer of hard rock. The clay has an undrained cohesion
of 34 kN/m’ and a bulk unit weight of 19 kN/m’. Calculate the maximum safe slope
that will provide a factor of safety of 1.25 against short-term shear failure.

Refer to Fig. 9.18(a).
H=10m and DH=16 m ;. D=15
Cu 34

Required stability number, N= =
1.25yH 125x19x10

=0.143

The point on the chart located by D=1.5 and N=0.143 gives a slope angle of p=18"
Also, from the chart, n=0.2

Hence, the circle will break out 2.0 m in front of the toe.
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Worked example 9.8 A cutting in a cohesive soil has a slope angle of 35° and a vertical
height of 8 m. Using Taylor’s stability method, determine the factor of safety against shear
failure for the following cases:

(@ c,=40 kN/m* ¢,=0 v=18 kN/m®> D is large
(b) c,=40 kN/m* ¢,=0 y=I18kN/m’ D=15
(@) When D is large, with $<53° and ¢,=0, then N=0.181

_ 40
T 0.181x18x8

(b) When D=15, $=35° and ¢,=0, then from Fig. 9.18(b):
N=0.168 and n=0.6

Factor of safety, F =153

40
=1.65

Factor of safety, F=——— =165
0.168 x 18 x 8

Thus, the presence of the harder layer constrains the failure mode to a smaller critical
circle and so the factor of safety is larger, and the break-out point (nH) of this circle
will be 0.6 x 8 =4.8 m.

9.10 Drained stability — effective stress analyses

Stability analyses should be carried out in terms of effective stresses in problems
where changes in pore pressure take place, such as existing embankments and
spoil tips; also to estimate the long-term stability of slopes and in the case of
overconsolidated clays for both immediate and long term conditions. Because of
the variations in the stresses along a trial slip surface, the slip mass is considered
as a series of slices. A trial slip circle is selected having a centre O and a radius R
(Fig. 9.19), and the horizontal distance between the two ends A and B divided
into slices of equal breadth b.
The forces acting on a slice of length 1 m will be as follows:

W =the body weight of the slice=yhb
N’ =the effective normal reacting force at the base of the slice
T =the shearing force induced along the base
=W sin «
R, and R, =forces imposed on the sides from adjacent slices — which may be
resolved into:
E, and E, =normal interslice forces
X, and X, =tangential interslice forces

The effects of any surcharge on the surface must be included in the computation
of the body weight and other forces.

At the point of limiting equilibrium, the total disturbing moment will be exactly
balanced by the moment of the total mobilised shear force along AB.

Y 1R = Z%IR= Y W sin aR
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.. PN
Giving F=——21—
ZWsina
Now in terms of effective stress, 1,=c¢'+ 0, tan ¢’
and td=c'l+ N’ tan ¢’
TJI+EZ N tan ¢’
Sothat F= - ¢
ZWsina
or if the soil is homogeneous
cLyc+tan ¢’ TN’
F=""AC ¢ [9.16]

T Wsina
Where L,-=arc length AC=60R

A lot depends on how the values of N” are obtained. A number of methods have
been suggested, some relatively simple and some which are quite rigorous. The
most accurate estimates may be expected from rigorous methods, but may only
be possible if a computer routine can be employed. A compromise may be arrived
at by combining a simpler method of analysis with an increased factor of safety.

Fellenius’ method

In this method, it is assumed that the interslice forces are equal and opposite
and cancel each other out, ie. E,=E, and X, =X,. It is now only necessary
to resolve the forces acting on the base of the slice, so that:

N =W cosa—ul
=yhbcosa—ubseca (I=b seca)
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or putting u=r,yh

N’ =yh(cos a—r, sec a)b

or Y N'=yb) h(cos a—r,seca)
Then substituting in eqn [9.13]:

_ C'Lyc+yb tan ¢’ Z h(cos a—r, sec o)
B T W sin «

The number of slices taken should not be less than five, and obviously a larger
number would yield a better estimate of F. Even so, this method tends to give a
value for F which may be as much as 50 per cent on the low side. Errors may also
arise when r, is high and the circle is deep-seated or has a relatively short radius.
In such cases, Bishop’s method is preferable.

F [9.17]

Bishop’s simplified method
In reasonably uniform conditions and when also r, is nearly constant, it may be
assumed that the tangential interslice forces are equal and opposite, i.e. X, =X,
but that E, # E, (Fig. 9.20).

For equilibrium along the base of the slice:

J N(t 7
0=Wsina—ffl=Wsina—M
F F
T(I+N't !
So that F= (c - an ¢)
X Wsin a

Fig. 9.20 Bishop's simplified slice
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For equilibrium in a vertical direction:

O0=W — N’ cos a—ul cos a—%lsina

¢, . N'tan ¢’ .
=W —-N'cosa—ulcosa——=Isina———sina
F
4

c, .
W — —Isin a—ul cos a

tan ¢’
F

Then N’'=

cos o+ sin o

After substituting for /=> sec @ and N’ rearranging

Fe 1 _ v [¢'b+(W —ub) tan ¢'] sec a [9.18]
X Wsina tan « tan ¢’
1+—F—~

The procedure is commenced by assuming a trial value for the F on the right-hand
side and then, using an iterative process, to converge on the true value of F for
a given trial circle. This is the routine procedure commonly used in programs
designed for use on computers. Many of the program packages now available
offer also the inclusion of multi-layer conditions, surcharge loads, variable
pore pressure distribution and even the provision of berms and drains. In most
problems, it is acceptable to adopt a constant average value for r,. The factors
of safety computed by this method may be slight underestimates, but with errors
not usually exceeding 3 per cent, except in occasional unusual cases with deep
base failure circles and F less than unity. More accurate lower factors of safety
are claimed for methods which account for the variation in seepage forces on
and in the slice (King, 1989). However, such refinements depend even more on
good estimates of pore pressures. Morrison and Greenwood (1989) have further
examined the assumptions made in this method.

Worked example 9.9 Determine the factor of safety in terms of effective stress for the slope
in Fig. 9.21 in respect of the trial circle shown. The soil properties are as follows:

=10 kN/m®>  ¢'=28°  y=18 kN/m?

The pore pressure distribution along the trial circle is obtained by sketching equipotentials
at each slice centre.

Figure 9.21 shows how a partially graphical solution may be obtained. The slip mass
has been divided into slices of width 3 m and the section drawn to an appropriate scale.
The average height of each slice (h) is scaled off the diagram and its weight calculated.

W =vhb=18 x h x 3="54.0h kN/m

The length of the chord at the base of each slice is scaled off and the pore pressure
force calculated.

ul=h, x9.81 x|

A triangle of forces is drawn at the base of each slice to obtain values of N and T.
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The calculations are tabulated below:

Slice h(m) W h,(m) 1(m) N ul N’ T
no. (kN/m)
1 0.6 32 0.6 3.2 31 19 12 -8
2 2.4 130 1.7 3.1 128 52 76 =20
3 4.6 248 36 3.0 248 106 142 0
4 6.4 346 4.6 31 341 140 201 57
5 74 400 5.3 3.2 378 166 212 130
6 8.3 448 5.1 35 381 175 206 218
7 72 389 4.1 39 298 157 141 251
8* 3.7 246 1.3 6.9 150 88 62 186
Xz 1052 814
*Width = 3.7m

Lyc=0R=91.47x —— x 18.58=29.7 m
180
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From eqn [6.16]
F=c’LAC+tan ¢'IN
T
_ 10x29.7 +tan 28° x 1052
814

=105

A similar analysis carried out on a microcomputer gave F=1.074. Another computer
analysis using Bishop’s simplified method gave F=1.22.

Worked example 9.10 Determine the factor of safety in terms of effective stress of the
slope shown in Fig. 9.22 in respect of the trial circle shown. Assume that the pore pressure
ratio r,=0.3 and that the soil properties are as follows:

Upper layer: ¢;=25 kN/m*> ¢,=12° y,=18.0 kN/m’
Lower layer: ¢,=7 kN/m?>  ¢,=25° y,=19.5 kN/m’

The slip mass is divided into a convenient number of slices of width b as in worked
example 9.9. The average height of each slice is measured off a scale drawing of the
cross-section in two components h; and h,. The weight of each slice is therefore:

W =(y,h; +72h2)b

As an alternative method to that used in worked example 9.9 (i.e. drawing the triangles
of forces): in this example the angle o has been evaluated for each slice:

a=arcsin(x/R)

3.0m

50m / /\\(‘/1 \
h1
\ 2m N
\
\
\
5

H
/"Q
o

A 35° 3
1 2 /

Fig. 9.22
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From eqn [9.15]:

F Zc'l+tan ¢’ Z[W(cos a—r, sec a)]
ZWsina

which, since there are two layers, becomes:

F A
[ciLgp+ciLap]+ [tan @1 Y, W(cos a—r, sec 0)+tan @5 Y, W(cos a—r, sec a)]
F= B F

T Wsina

The results are tabulated below for a solution in which ten slices were taken:

Slice h;, (m) h,(m) W x (m) a(deg.) cosa— N’ T

no. (kN/m) r, seca
1 0.00 0.6 234 5.67 24.10 0.584 13.7 -96
2 0.00 2.1 81.9 4.00 16.70 0.645 528 —235
3 0.00 39 152.1 2.00 8.28 0.686 1043 219
4 0.55 50 2148 0.00 0.00 0700 1504 00
5 2.00 438 259.2 2.00 8.28 0.686 177.8 373
6 330 44 290.4 4.00 16.70 0.645 187.3 83.5
7 470 35 305.7 6.00 25.60 0.569 173.9 132.1
8 5.00 2.5 277.5 8.00 35.20 0450 1249 160.0
9 5.00 0.7 207.3 10,00  46.00 0.265 54.5 149.0

IN (A-F) 1040
10* 29 0.0 125.3 11.8 58.1 —0.039 0t 106.4
XT(A-B) 613
*Width=24m

+When cos a—r, sec a <0, N’ is set to 0, since N’ cannot be negative

N=W(cosa—r,seca) T=Wsina
n 4
Loap=0,sR=799x — x13.39=1937 m Lgg=237x — x13.89=575m
AF=UaF 130 FB 130

_ [25%5.75+7x 19.39] + [tan 12°(0) + tan 25°(1040)]
B 613

Then F

279+ 4
=;85= 1.25
613

A similar analysis carried out on a micro-computer gave F=1.27. Another computer
analysis using Bishop’s simplified method gave F=1.42.

9.11 Effective stress stability coefficients

A method involving the use of stability coefficients similar to that devised by
Taylor, but in terms of effective stress, was suggested by Bishop and Morgenstern
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1960). The factor of safety (F) is dependent on five problem variables:

a) slope angle §

b) depth factor D (as in Taylor’s method — Fig. 9.18)
c) angle of shearing resistance ¢’

d) a non-dimensional parameter ¢'/yH

e) pore pressure coefficient r,

The factor of safety varies linearly with r, and is given by
F=m—nr, [9.19]

where m and n are coefficients related to the variables listed above. In the original
work sets of charts were provided for ranges of values: cot §=0.5 to 5.0, ¢'=20°
to 40°, D=1 to 1.5 and ¢’'/yH =0 to 0.05, and were thus suitable for relatively
weak soils. O’Connor and Mitchell (1977) extended the range of charts to include
c’/yH=0.075 and 0.100, but some stiff soils and soft rocks have higher values
than this. In preparing the revised text for this book, the Author has recalculated
the m and n values over a further extended range of ¢'/yH =0 to 0.150, and these
are given in Table 9.1. The calculations were carried out on a microcomputer
using Bishop’s simplified method as a basis and statistical search and fitting
methods to establish critical values for m and n. Similar results have since been
published by Chandler and Peiris (1989) which are found to correlate well with
the values given here.

Table 8.1 Effective stress stability coefficients

c'/yH=0
Slope cot §: 0.5:1 1:1 21 31 4:1 5:1
D ¢ m n m n m n m n m n m n

ALL 20 0.18 090 036 072 073 090 108 121 145 154 181 1.88
25 023 116 047 092 092 116 140 155 186 197 232 241
30 029 143 058 115 115 143 172 191 230 244 288 298
36 035 174 070 139 139 174 210 232 279 297 348 362
40 042 209 083 167 167 209 251 279 334 355 418 434

c'/yH=0.025

Slope cot §: 0.5:1 1:1 21 31 4:1 5:1

D ¢ m n m n m n m n m n m n

1.00 20 052 072 070 076 111 101 153 1.34 195 1.69 237 204
25 059 079 083 096 1.35 1.27 187 1.69 239 213 291 259
30 067 088 097 1.19 160 156 223 207 286 261 341 317
35 076 1.00 113 144 187 188 263 250 338 315 414 3.83
40 0.86 117 130 1.72 218 224 307 298 395 376 486 4.56

Continued
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Table 9.1 continued

¢'/yH=0.025
Slope cot #: 0.5:1 11 21 31 41 5:1
D ¢ m n m n m n m n m n m n

1.25 20 100 093 1.07 102 129 120 160 145 193 1.76 230 206
25 122 118 131 130 160 153 197 187 242 225 287 265
30 146 147 159 162 195 191 241 233 293 280 349 328
3 174 176 190 196 232 231 289 283 350 338 417 398
40 204 211 223 235 274 275 343 339 414 404 493 475

¢'/yH=0.050

Slope cot §: 0.5:1 1:1 2:1 31 4:1 5:1

D ¢ m n m n m n m n m n m n

1.00 20 069 078 0.90 083 137 1.06 183 138 232 177 277 208
25 080 098 105 103 161 133 218 1.75 277 220 333 264
30 091 121 121 124 188 162 256 215 324 268 391 324
35 102 140 137 146 217 195 299 378 258 3.25 457 396
40 114 161 155 171 250 232 344 306 440 391 530 4.64

1.25 20 116 098 124 107 150 126 182 148 222 179 263 210
25 140 123 150 135 181 159 221 189 270 228 319 267
30 165 151 177 166 214 194 263 233 320 281 381 330
35 193 182 208 200 253 233 310 284 378 339 448 401
40 224 216 242 238 294 278 363 338 441 407 522 478

1.50 20 148 128 155 133 174 149 200 169 233 198 268 227
25 182 163 190 170 213 189 246 217 285 252 328 288
30 218 201 228 209 256 233 295 269 342 310 395 356
35 257 242 268 252 3.02 282 350 325 405 375 469 431
40 302 291 316 302 355 337 411 390 477 448 550 512

¢'/yH=0.075

Slope cot §: 0.5:1 1:1 21 3:1 41 5:1

D ¢ m n m n m n m n m n m n

1.00 20 085 080 109 084 161 110 214 144 266 180 317 213
25 095 101 125 105 186 138 250 180 3.13 226 374 272
30 106 124 142 130 214 169 288 220 362 276 436 3.33
35 119 149 161 156 244 203 331 266 4.18 3.33 502 4.00
40 133 176 180 182 277 239 378 3.15 479 395 578 4.76

1.25 20 134 102 139 109 169 129 207 154 249 182 295 217
25 158 128 166 139 200 164 247 196 297 232 352 2373
30 183 156 194 170 235 201 289 239 350 286 415 336
35 211 187 225 203 273 239 336 287 408 346 4.83 4.04
40 242 221 258 240 315 284 389 343 473 413 560 483




Table 9.1 continued

Effective stress stability coefficients

n

¢'/yH=0.075

Slope cot f: 0.5:1 1:1 21 31 4:1 5:1

D ¢ m n m n m n m m m n

1.50 20 164 131 171 135 192 151 220 255 293 227
25 198 166 205 171 231 191 266 3.08 355 292
30 234 204 243 210 274 236 3.16 3.66 422 359
35 274 246 284 254 321 285 37N 4.30 496 434
40 3.19 293 331 303 374 340 433 5.03 579 5.19

c'yH=0.100

Slope cot f: 0.5:1 11 21 3: 4: 1

D ¢ m n m n m n m m m n

1.00 20 098 080 1.25 086 183 1.13 241 297 353 215
25 110 1.02 141 107 209 142 278 3.36 409 272
30 121 125 158 130 237 1.72 317 3.91 471 334
35 134 150 177 157 268 208 3.59 4.49 539 4.03
40 148 178 199 187 301 244 407 5.10 6.14 4.80

1.25 20 148 103 152 109 186 1.29 227 2.74 3.23 215
25 1.72 129 179 138 219 1.63 267 321 381 274
30 199 159 208 173 253 200 3.09 373 442 3.35
35 227 190 240 207 291 241 358 4.30 510 4.04
40 258 223 274 244 333 285 409 4.96 588 4.84

1.50 20 177 130 18 136 207 152 238 2.76 314 228
25 211 166 220 172 247 193 283 3.28 378 291
30 248 205 258 211 290 238 3.33 3.86 444 359
35 288 247 298 254 337 286 3.88 4.49 517 434
40 333 294 345 303 390 342 449 5.21 599 5.16

¢'/yH=0.125

Slope cot f: 0.5:1 11 2:1 4: 1

D ¢ m n m n m n m m n m n

1.00 20 113 081 143 088 204 115 2.69 326 1.78 387 212
25 125 1.04 160 111 232 145 3.06 374 227 445 272
30 138 1.27 177 134 262 1.78 3.46 425 281 5.07 3.37
35 150 151 196 159 293 212 3.88 482 341 577 4.05
40 161 175 217 189 3.27 248 4.36 546 4.06 655 4.89

1.25 20 164 106 167 110 205 132 249 298 186 350 217
25 189 133 194 140 238 1.67 289 348 238 408 275
30 216 163 223 173 273 204 332 401 292 471 34
35 245 195 256 209 311 245 380 459 350 541 4.3
40 277 230 292 249 354 291 433 524 416 621 4.95

Continued
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Table 9.1 continued

c'/yH=0.125
Slope cot f: 0.5:1 1:1 21 31 4:1 5:1
D ¢ m n m n m n m n m n m n

1.50 20 192 132 202 139 223 155 257 175 296 200 340 229
25 226 168 237 175 264 197 303 223 350 255 402 291
30 263 207 275 215 3.07 243 353 275 408 3.15 4.69 3.60
35 304 250 316 258 355 292 408 332 473 381 544 436
40 350 298 363 307 409 349 471 398 546 457 6.28 5.23

¢'/yH=0.150

Slope cot : 0.56:1 1:1 21 31 4:1 5:1

D ¢ m n m n m n m n m n m n

1.00 20 125 081 158 089 225 1.16 289 144 357 180 421 215
25 137 102 175 112 253 145 324 180 401 227 478 277
30 150 125 193 136 283 178 364 224 454 279 541 339
35 165 153 212 161 314 214 409 271 510 338 609 4.09
40 180 182 233 1.89 349 253 457 324 574 405 686 485

1.25 20 179 107 180 110 222 132 269 159 322 186 377 217
25 203 133 207 140 255 168 3.09 201 371 237 433 276
30 230 163 237 174 290 206 351 244 422 292 496 338
35 260 196 269 208 328 247 400 294 481 350 566 4.10
40 292 233 305 244 372 292 453 348 546 4.17 644 492

1.50 20 205 133 215 139 238 154 274 175 315 201 363 230
25 239 168 251 176 277 1897 319 223 367 255 423 290
30 276 207 289 216 322 243 370 275 426 314 490 357
35 316 250 330 259 369 292 424 331 490 379 564 433
40 3.62 298 376 307 423 348 487 395 563 454 647 b5.19

From the soil and slope data, a value is first calculated for ¢'/yH. A section
of Table 9.1 is now selected for which D=1.00 and ¢'/yH is just greater than
that in the problem. Using linear interpolation, values are obtained for m and n,
corresponding to problem values of cot § and ¢'. If n is found to be underlined,
a more critical (lower F) circle may exist at a greater depth. In this case the table
section for D=1.25 (and, if necessary, D=1.50) is used until a non-underlined
value for n is obtained. This procedure is repeated for table sections corresponding
to a c¢'/yH value just less than that in the problem. Using eqn [9.17], two factor
of safety values (F, and F,) are calculated for ¢’/yH values respectively above
and below that in the problem. The value of F is then obtained by interpolating
linearly between F, and F,.

The pore pressure parameter r, is determined by averaging within the slip
mass between the surface and the slip circle (see Section 9.12). The factor of safety
thus calculated tends to be overestimated, in extreme cases up about 7 per cent.
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Worked example 9.11 A cutting in a clay soil has a slope of 1 vertical : 3 horizontal and
vertical height of 17 m. The value of t, is 0.2 and the soil has the following properties:

=12 kN/m? ¢'=22° y=18 kN/m’

Using effective stress stability coefficients, obtain a value for the factor of safety.
Interpolating linearly in Table 9.1 for cot §=3 and ¢'-=22°:

For ¢'/yH=0.050 and D=1.00: m=1.97, n=1.528

i.e. underlined; therefore a deeper critical circle may exist.

For ¢’/yH=0.050 and D=125:m=1.976, n=1.644
Therefore F,=1976—1.644 x0.2=1.647

For ¢'/yH=0.025 and D=1.00: m=1.666, n=1480
Therefore F,=1.666—1.480x0.2=1.370

Interpolating now between F, and F,:

0.0392-0.025

— =153
0.050—-0.025

F=1.370+(1.647—1.370)

Other analyses of the same problem yielded the following results:

1. Using Bishop and Morgenstern’s method: F=151
2. Using the Chandler and Peiris table: F=1.56
3. Using the Fellenius method on a computer: F=1.41

8.12 Determination of pore pressures

The total stress analysis provides an estimate of the minimum factor of safety
under immediate (i.e. undrained) conditions. In order to obtain an estimate for
the long-term condition, an analysis based on effective stresses is required. It is
therefore necessary to determine the distribution of pore pressure on each trial
slip circle. Three critical sets of conditions are usually considered.

(a) End of construction
Since the construction period of earth dams and large embankments is usually
fairly long, some dissipation of the excess pore pressure is likely. A total stress
analysis would therefore yield value of F on the low side.

At any point the pore pressure is:

ug+Au

where 1, =initial value
Au=change in pore pressure due to a change in the major principal
stress (Aa,)

Using the pore pressure coefficient B (see Chapter 7, eqn [7.16]):
u=uy+BAo,
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. u .
Putting v =r, (pore pressure ratio)
Y

Then re= Yo, Féﬂ
vh  yh
But generally Ao,=7yh (i.e. no surcharge)
So that r,= “—Z +B [9.20]
Y

The pore pressure coefficient B may be obtained using a form of triaxial test (see
Chapter 6). If when the soil is placed its moisture content is below the optimum,
the value of u, may be almost zero, in which case r,=B. The value of r, may
be reduced by increasing the rate of dissipation of pore pressure by the
incorporation of drainage layers.

(b) Steady seepage
A condition of steady seepage will be established after a reservoir has been full
for a time. The procedure for constructing a flow net for this condition is described
in Chapter 5. The pore pressure at a given point on a trial slip surface is obtained
from the value of the equipotential passing through the point.

In Fig. 9.23, the pressure represented by the equipotential passing through P
is equal to h;

Then r,= 5”% [9.21]

Y

In homogeneous conditions the value of », may vary up 0.45, but the presence
of internal drainage layers will produce lower values.

(c) Rapid drawdown

In the event of the water level being reduced quickly, the water within the soil
will tend to flow back into the reservoir through the upstream face. In this context,

" - upper flow line

| equipotentials

4

trial slip L

surface

equipotential passing
through P

Fig. 9.23 Pore pressure at steady seepage
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water lever before drawdow

upper flow line

equipotentials

Fig. 9.24 Pore pressure after rapid drawdown

even a period of several weeks may bring about a ‘rapid’ change in the pore
pressure distribution: the flow net for the steady seepage condition before
drawdown is again used. From Fig. 9.24, it will be seen that the pore pressure
at point P (on a trial slip circle) before drawdown is given by:

Up= yw(h + hw - h,)

Again it is assumed that the total major principal stress at P is equal to the
overburden pressure (¢, =yh). When the drawdown reduces the phreatic surface
to a level below h,, the change in total major principal stress is given by:

Ao, = —y,h,

giving a corresponding change in pore pressure of:

Au= —By h,

Therefore, immediately after drawdown, the pore pressure at P is:

u=uy+Au
= ‘))w(h + hw - hl) - B‘))whw
=yulh+h(1—-B)—h]

u
Sothat r,=

vh
N P
_y[1 h(1 B) h] [9.22]

Since K is often quite small, it may be neglected and that r, will commonly have
values in the range 0.3 to 0.4.

(d) Estimating r, by averaging

It is important that sensible estimates are made of the average pore pressure ratio
(r.), especially when using methods such as that proposed by Bishop and
Morgenstern (Section 9.11). A method suggested by Bromhead (1986) offers a
relatively simple systematic solution. The soil is divided into strips of equal breadth
(Fig. 9.25) and each strip divided into three equal vertical portions. After plotting
isobars of r, (or using a flow net), the average value of r, is obtained for the
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(i) shallow failure

(ii) general failure ﬁ

(iii} foundation failure

Fig. 9.25 Pore pressure ratio by averaging

1.1 Y

1.0
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Fig. 9.26
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appropriate zone of each slice and the overall average for the slope evaluated from:

, _X(AAr,)
Y TAA

[9.22]

Where AA=slice zone area

The slice zones should be selected on the following basis (see also Fig. 9.25):

(a) For shallow failure modes: use upper thirds.
(b) For general failures: use middle thirds.
(c) For foundation failure modes: use lower thirds, plus the toe and head slices.

Zone values for r, may be obtained from the chart shown in Fig. 9.26.

(e) Natural slopes
Pore pressures are determined from site measurements using observation wells
or piezometers over a long enough period to include the ‘worst” conditions.

(f) Beneath fill

Data on the pore pressure response to the placing of fill may not be available,
in which case use B= 1. Often, seepage will develop towards the toe of the slope. In
compacted fill, the immediate usual response is a suction, but further placement
will bring about positive pore pressures. If in doubt, use B=1.

9.13 Non-circular slips

The usefulness of Bishop’s simplified method, which assumes a cylindrical slip
surface, has led to several proposals along similar lines to deal with slip surfaces
of any shape. Janbu (1954) was the first to publish such a method, although in
an incorrect form. Morgenstern and Price (1965, 1967) suggested a similar
method and Janbu (1973) finally published a corrected version of what is now
accepted as the general routine method.

The form of analysis is similar to Bishop’s, yielding the following expression
for the factor of safety:

2
Z[cb+(W —ub+AX) tan ¢']— 2 *
1+tan o tan ¢'/F

F= (W sin a) B24]

where AX=X,—X,=difference between vertical interslice forces

and other symbols have the same meaning as in eqn [9.16]. As with Bishop’s
simplified method, a systematic iterative procedure is adopted which converges
towards a final (minimum) value of F. It was further suggested by Janbu that
this method tended to underestimate the factor of safety by up to 13 per cent, as
the ratio of the depth to length of the slipping mass increases (Fig. 9.27(a)). Thus,
using the chart shown in Fig. 9.27(b), a correction factor should be applied:

Corrected F=fF [9.25]
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Fig. 8.27 Factor of safety correction for non-circular slips

In the case of very shallow slip surfaces, it would be prudent also to estimate a

value for F using the infinite slope method (see Section 9.3):

tan ¢’
B

Hence F=(1-—7y,sec?p) a (eqn [9.11])

tan
This latter solution is the one that the circle methods will tend towards, since a
slip surface parallel to the ground surface is equivalent to a circle of infinitely
large radius.

9.14 Effects of end-curvature on narrow slides

The plane strain assumption common to routine limit equilibrium stability
methods ignores the effects of lateral curvature at the ends of the slipping mass.
In the majority of cases, the breadth of the central cylindrical portion greatly
exceeds that of the end portions (Fig. 9.28). Also, the ratio of the central breadth
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Fig. 9.28 Effect of end curvature

to the slope height will usually be high. In all such cases the effect of the end
portions is negligible.

However, in narrow slides, ie. when L/H<4 (Fig. 9.28), significant
underestimates of factors of safety will result from two-dimensional analyses.
These cases may arise in shafts, deep narrow excavations, sharply concave slopes
and at concave corners. At convex corners, overestimates will result.

A number of three-dimensional methods have been proposed: Hovlund (1977),
Humphrey and Dunne (1982), Chen and Chameau (1983), Hutchinson and Sarma
(1985) and Hungr (1987). The general approach is to divide the slipping mass
into a series of vertical columns for which a limiting equilibrium algorithm is
developed. A summative iterative procedure similar to Bishop’s method is then
followed. In all cases, a computer-based analysis is used for parametric
evaluations, generally involving 100-160 column elements.

While marginal disagreements are apparent between the different methods, it
is clear that the three-dimensional factor of safety (F,) is generally equal to or
is higher than the equivalent plane strain value (F,). The following typical values
illustrate this point:

Ratio of F;/F, for a 1 vertical:2.5 horizontal slope

c'=0, ¢’ =40° ¢'=30 kN/m?, ¢ =15°
L/H y=19 kN/m’ y=19 kN/m’
LgH 08 3.0 0.8 3.0
0.5 1.08 1.00 1.30 1.08

40 1.02 100 107 1.03
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The figures suggest that only a very small underestimate occurs in ¢’ =0 cases,
e.g. normally consolidated clays and sands, except for very narrow slides
(L./H <0.5). For slopes in overconsolidated clays using peak strength (¢'>0),
some caution should be exercised in construing plane strain estimates of up to
40 per cent higher, since lower overestimates must be presumed when using
residual parameters (¢'=0 and ¢’'=¢)). Higher factors of safety should be
demanded at convex corners, since F; may be as little as 0.6F,.

89.15 Wedge methods of analysis

In slope stability problems when the configuration of the slip surface is fully or
partially controlled by the presence of a layer of hard soil or rock, a form of
wedge analysis will often be appropriate. The slope section is divided into
convenient wedges over a postulated slip surface consisting of straight lines. The
forces acting on each component wedge are then evaluated, starting at the top
of the slope, using either an analytical or a graphical method.

Any number of triangular or quadrangular wedges may be used, but with
more than five the procedures become tediously long. The precision of the factor
of safety obtained depends (apart from data reliability) on the assumption
concerning the direction of the interslice forces.

Figure 9.29 shows a typical wedge over a portion of slip surface AB. The forces
acting on the wedge are:

W =weight of soil =y x cross-sectional area
U =pore pressure force
=average pore pressure X length AB=aL
C =cohesive resistance force=c'L/F
R =resultant reaction due to friction along AB
N’=net normal force acting on AB
S =frictional shear resistance along AB

Fig. 9.29 Slope analysis using wedges
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=N’tan ¢'/F
E, and E, =interslice forces which are inclined respectively at 6, and 6, to the
interslice normal

Resolving forces normal to the slope:
N=Wcosa—U+E,sin(6,—a)—E, sin (6, —a)

This may be simplified by putting 6, =a.
Resolving forces along the slope:

E,cos(6,—a)—E, cos(6; —a)+N'tan ¢'/F+c'L/F=0
Thus, the lower interslice force may be evaluated approximately:
E, cos (6,—a)—E, sin (6, —a) tan ¢’/F
=E, cos (0, —a)+ W sin «
—[Wcosa—U+E, sin (6, —a)] tan ¢'/F —c'L/F [9.26]

If the wedges are dealt with successively from the top, the interslice forces are
‘passed down’ to the last wedge. Here the residual value of Eg represents the
out-of-balance force and may be dealt with in one of two ways:

(a) If the slip surface is fixed, i.e. by a harder layer or similar, and the value of
F was the limiting value, a retaining structure should be provided to support
a lateral force equal to Eg.

(b) If the minimum factor of safety for a slope is being sought, the value of ¢,
may be adjusted as given below and the analysis repeated until the residual
interslice force Ep=0.

Atan ¢, =Eg/(EN'+XZc'L)

For those used to the drawing board, a simple graphical method can be employed
without serious error. A composite polygon of forces is drawn, starting at the
top of the slope and proceeding to a scaled evaluation of the resultant E,. After
modifying ¢, and F, a second polygon is drawn, and so on until E;=0.
Some care needs to be exercised over the choice of the interslice force angles
(6). The value of Ey is sensitive to d; however, the effect on the final (minimum)
value of F is less marked. It is usual to set § equal to either ¢’ or « at the lower
interface of each wedge. The following example illustrates the analytical procedure.

Worked example 9.12 Figure 9.30 shows the cross-section through a slope in a cohesive
soil which is underlain by a hard layer. A trial slip surface ABCD has been proposed, lying
partly on the hard layer. Using a wedge analysis method, determine the factor of safety
against shear slip. The properties of the upper soil are:

c'=24 kN/m°  ¢'=22°  y=19 kN/n’
Using the notation given in Fig. 9.30, the angles are first calculated:

o, =arctan[(0.5 + 8.4)/6.5] = 53.9°
a, =arctan[(2.0+ 8.0 + 6.0 —8.4)]/23.0=18.3°
a3 =arctan(2/7)= —16.0°
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Let interslice inclination angle 6 =¢'=22°
Let F=1.5: then tan ¢, =tan 22°/1.5=0.269 o @Pmop. =15.06°

The length and areas can be calculated or measured off a scaled cross-section, and then
E, cos(d, —a) evaluated using eqn [9.24]:

The calculations are tabulated below:

Wedge E;cos(é;,—a) Wsina Wcosa—U+E;sin(é;,—a) c'L E;cos(é;—a)
1 0 444 324 -165+0 264 225
265 1264 3817 — 1528 + 17 581 518
3 409 —183 639 — 193 + 320 175 -97
X =12894 + 337 Z=1020

Pmov. COrTECtiOn:  Atan ¢, =Eg(ZN'+Z¢'L)= —97/4251 = —0.023
Then let tan ¢, =0.269 —0.023 =0.246:
ie. Pn=138° and F=1.64

Wedge E;cos(6;—a) Wsina Wcosa—U+E,;sin(é;,—a) c'L E,cos(6;—a)
1 0 444 324 -165+0 264 244
2 286 1262 38171528 + 19 581 626
3 494 —183 639 — 193 + 386 175 0

Thus the factor of safety =1.64, when 6 =22°. The precision of the method does not really
extend to the second place, so the best estimate of F is 1.6.

A similar analysis in which the interslice forces were assumed to be parallel to the slip
planes, i.e. 6=, gave a value of F=1.72.

9.16 Factors in slope design

In approaching the design of a slope the engineer is required at the outset to
consider a number of fundamental questions:

(a) Is it a cutting or a built embankment?

(b) What are the consequences of construction relating to pore pressures,
effective stresses and volume changes?

(c) Which of these consequences are short-term and which are long-term?

(d) How many conditions change in the future?

The art and skill of engineering design is embodied in the ability to make sound
decisions regarding questions such as these. It is worth while here making an
examination of some of the factors that need to be considered.
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Cuttings

Cuttings are excavated, whereas embankments are built. During excavation the
removal of soil brings about a decrease in total stresses and a consequent decrease
in pore pressures. After construction a seepage regime develops in the slope
depending on the drainage conditions and the permeability of the soil. The result
of this is an increase in pore pressure, while the total stress now remains constant:
the effective stress therefore decreases (Fig. 9.31(a)). Since the shear strength of
the soil is proportional to the effective normal stress, it too decreases. The
long-term stability of a cutting is therefore more critical than its stability at the
end of construction.

The nature of the slip surface depends on soil conditions. In homogeneous
sands and sandy silts, translational slides are likely close to the surface. Desiccation
cracks in the surface layer in silty or clayey soils may admit water quickly and
precipitate movement; the provision of surface vegetation can prevent, or at least
minimise, the risk. In homogeneous clays, failure is more likely to be deep seated
along a slip surface which is circular in cross-section. In stratified deposits, several
slip patterns need to be considered, especially where the presence of hard layers
may tend to control the development of failure.

In heavily overconsolidated clays (e.g. London Clay, Keuper marl and some
clay shales), the effect of excavation is to ‘free’ very high locked-in stresses. Rapid
expansion results which may in turn draw in water, thus reducing the shear
strength; also, considerable lateral strains may be imposed on supporting
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Fig. 9.317 Changes in stresses during slope construction
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structures. In such cases, it is necessary to compute shear strength in terms of
remoulded values (¢,,,) and perhaps carry out a strain (displacement) analysis.

The provision of drains must be considered carefully, since this will have a
marked effect on the allowable slope angle. If the factor of safety is 1.25, the
allowable slope in a drained (or dry) slope is about 0.8¢’, while, for a waterlogged
slope, it will be about 0.4¢’. For permanent cuttings, stability calculations based
on undrained strength should only be used as a preliminary guide, since only
calculations based on effective stress can be considered to be sufficiently reliable
(Chandler and Skempton, 1974). Furthermore, provision should be made for
future possible adverse drainage changes.

Embankments

Embankments are built by rolling or otherwise compacting layers of selected soil
in succession. Initially, the compaction process squeezes out air, but as the built-up
height increases, the lower layers experience an increase in pore pressure
(Fig. 9.31(b)). In coarse-grained soils, the excess pore pressures dissipate quickly.

In fine-grained soils, the excess pore pressure is slow to dissipate and
consolidation may continue for several years. The installation of horizontal or
vertical drainage blankets is used to speed up this process. In the course of time,
the pore pressure decreases and the effective stresses and therefore the shear
strength increase. Thus, the most critical stability condition for an embankment
occurs at the end of construction, or sometimes during construction.

In the case of earth dams, a further decrease in shear strength may arise on
the upstream face when the reservoir is emptied quickly and the supporting effect
of the water is removed. This is known as rapid draw-down instability (Fig. 9.32).
For earth dams four sets of stability conditions need to be examined:

(a) end of construction: before filling — downstream face

(b) end of construction: before filling — upstream face

(c) after filling and development of steady seepage — downstream face
(d) after rapid draw-down — upstream face

A further point to consider in earth dams and those embankments expected to
carry heavy seepage is the provision of toe drains (see also Section 5.13). The
reduction of seepage pressures near the toe is often a pre-eminent condition of
sound and economic design.
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Fig. 9.32 Changes in effective stresses and pore pressure in an earth dam
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Where embankments are constructed over soil of nearly equal or lesser strength,
the most critical failure mode may be a foundation failure (Fig. 9.6). When the
foundation soil is much stronger, a slope failure will be more likely, with slip
surface emerging at or near the toe of the slope.

9.17 Factors of safety

In deciding the minimum factor of safety for a particular problem a number of
factors need to be considered:

(a) The consequences of the event that is being factored against, e.g. slip of an
embankment or cutting.

(b) The numerical effect on the F value of variations in the parameters involved.

(c) The reliability of the measured or assumed values of the parameters involved.

(d) The economics of the problem.

The consequences of an embankment or cutting failure may simply be to cause
some repair work to be done, or to block a road, in which case they are a matter
of inconvenience and probably monetary expense. Where there is a threat to the
safety of buildings and people, however, the matter is considerably more serious.
In certain cases, the minimum F for a slope might be as low as 1.2, but where
buildings and/or people may be at risk the minimum figure should be 2.0.

The numerical effect is apparent in soil problems since the shear strength
equation has two components, one or both of which may be factored:
T = % +o,tan¢g’ or t,= ;: +6:‘ta;¢¢

In some procedures the final factor of safety ensures that F =F,, e.g. Bishop’s
effective stress method (see also worked example 9.10). The value of F may be
very sensitive to changes in some parameters, but remain relatively insensitive
to others. This is seen in the construction of Bishop and Morgenstern’s charts,
where, for example, ¢’ has a marked effect, but only three values of D need to
be considered (see also Section 11.14).

It is axiomatic that the reliability of any calculation depends on the reliability
of the problem parameter values themselves. Even with properly conducted and
truly appropriate laboratory tests, measured values of the soil parameters will
rarely be representatively accurate to better than + 5 per cent. Where the samples
are not adequately representative, or the test procedure doubtful, and particularly
where assumed values are used for key parameters, the minimum factor of safety
should be increased accordingly.

From the point of view of economics, each problem should be treated on its
own merits and a minimum value of F decided on the basis of all the factors
involved, but as a generalised guide the following values are suggested:

End of construction (embankments and cuttings): 1.30
Steady seepage condition: 1.25

After sudden drawdown: 1.20

Natural slope of long standing: 1.10-1.20
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Spoil tip: 1.50
Problems involving buildings: 2.0

Exercises

1.

A long slope in an overconsolidated clay is inclined at an angle of 12°. The
groundwater level is lying at the slope surface, with steady seepage taking place
parallel to the surface. Determine the factor of safety against plane translational
shear slip on planes parallel to the surface at depths of 3 m, 4 m and 5 m respectively.

¢'=14 kN/m? ¢’ =25° y=20 kN/m?

An extensive slope of a sandy soil is inclined at an angle of 17°; a hard impermeable
layer lies 4 m below and parallel to the slope surface. The properties of the sand are:

¢=0 ¢'=32° y=18kN/m® 7y, =20 kN/m3

Determine the factors of safety against movement and the depth of the slip surface
they relate to in the following cases:

(a) Negligible water in the slope.
(b) Waterlogged slope, with parallel seepage.
(¢) Groundwater level parallel to surface at a depth of 2 m, with parallel seepage.

In a long-established slope inclined at 12° a slip movement has occurred at a depth
of 5 m along a large plane surface parallel to the slope. Assuming that the ground
was waterlogged (groundwater level at surface) and that parallel seepage was
occurring, calculate the residual value of ¢’ (take ¢'=0 and y=20 kN/m?3).

Figure 9.33 shows the cross-section of a proposed cutting in a homogeneous clay
soil having an undrained shear strength of 35 kN/m? and a bulk density of 19 kN/m?

3.0m

Fig. 9.33

(¢, =0). Calculate the factor of safety against shear slip along the surface AB:

(a) Ignoring the possibility of tension cracks.
(b) Allowing for a tension crack empty of water.
(c) Allowing for a tension crack full of water.
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5. Figure 9.34 shows the cross-section of a cutting in a homogeneous cohesive soil in
which a slip failure has taken place along the surface ACB, which may be taken as
a circular arc. Assuming a unit weight for the soil of 18 kN/m? and that ¢,=0, and

20m

Fig. 9.34

allowing for a tension crack at depth 2 m, obtain an estimate of the undrained shear
strength of the soil at the time of failure.

6. A proposed cutting in a deep layer of a homogeneous cohesive soil is to be 10 m
deep and inclined at 35°. Using the Fellenius-Jumikis method, obtain trial centres
for the most critical slip circle passing 2 m in front of the toe of the slope. By
successive trials obtain an estimate of the lowest factor of safety of this set of circles
and state the location of its centre (horizontally and vertically from the toe).

c,=40 kN/m*  ¢,=0° y=18 kN/m?

, ‘ 6.0m
1

S5m

D=
%':?3 E:ZB 45m

area AED =
729 m?




10.

11.
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Figure 9.35 shows the cross-section of a proposed cutting in cohesive soil. The

undrained shear strengths (c,) may be taken as 25 kN/m? in the upper layer and

42 kN/m? in the lower layer; the unit weight is 19 kN/m? and ¢, =0 in both layers.
Calculate the factor of safety against a shear slip failure along the circular arc

surface AB:

(a) Ignoring the possibility of tension cracks.

(b) Allowing for a tension crack empty of water.

(c) Allowing for a tension crack full of water.

A proposed cutting in a deep layer of homogeneous cohesive soil will be 9 m deep

and have a slope of 25°. Using Taylor’s stability numbers, determine the factor of

safety against shear slip failure in respect of the following soil:

¢,=45kN/m?  ¢,=0  y=19 kN/m?

On a site where a road cutting is to be made, a layer of homogeneous cohesive soil
overlies a hard layer of shale. The properties of the upper layer are:

c,=30 kN/m> ¢,=0  y=19.5 kN/m?

Calculate the factor of safety against shear slip failure for the following sections of
the cutting where the slope is 1 vertical: 1.5 horizontal:

(@) Depth to shale=10 m Depth of cutting=8 m
(b) Depth to shale=6 m  Depth of cutting=6 m
() Depth to shale=4 m  Depth of cutting=8 m

Determine the safe depth to which a vertically-sided trench may be excavated without
support in a clay soil having properties of:

¢, =35 kN/m? ¢,=0 y=18 kN/m?
Adopt a factor of safety of 2.0.

Using Fellenius’ method of slices, determine the factor of safety against shear failure
with respect to effective stress along the surface ABC in the slope shown in Fig. 9.36.

8.0 m

0

8.0m ™~

~~_8

c _t_z"
'y Piezometric surface
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The pore pressures along the slip surface may be estimated from the piezometric
surface shown, assuming a condition of steady seepage. The soil properties are:

¢=12kN/m? ¢'=24° y=19 kN/m?

12. Using Bishop’s simplified method of slices determine the factor of safety in terms of

effective stress for the trial circle in the slope shown in Fig. 9.37. The pore pressure
40m

6.0m S~
_P \ B

9.0 rr/
1A 30°

1.5m

oy

Fig. 9.37
ratio (r,) may be taken as 0.25 and the soil properties as:
¢'=8 kN/m? ¢'=25° y=19 kN/m?

13. A cutting of depth 15 m is to be formed in a cohesive soil with a slope of 1 vertical:
2.5 horizontal. The soil has a unit weight of 20 kN/m? and the following shear
strength parameters:
¢, =90 kN/m? ¢,=0
¢'=10 kN/m? ¢’ =28°
The average pore pressure ratio r, may be taken as 0.40. Determine the factors of
safety against: (a) immediate shear failure, and (b) long-term shear failure.

14, An carth embankment of height 24 m is to be constructed with soil which will have

the following properties after placing and rolling:
¢’ =17 kN/m? ¢’ =26° y=20 kN/m?

(a) Determine the factor of safety of a 1 vertical:3 horizontal slope in the
embankment if the average pore pressure ratio r,=0.2.

(b) Adopting a factor of safety of 1.5 and assuming a maximum r, of 0.35, determine
a suitable slope.



Chapter 10

Soil compressibility and settlement

10.1 Types of ground movements and causes of settlement

The relationship between ground movement and the stability of related structures
is a complex one. First of all, there are several mechanisms which may produce
ground movement, and furthermore there are many types of structure, each with
a varying potential to withstand or to be distressed by movement. Some buildings,
such as those of brick and masonry construction, are exceedingly brittle and may
sustain cracks and even structural damage following very small foundation
displacements. Others may be constructed to sustain movements of considerable
magnitude without suffering real damage.

It is important to realise that soil conditions are apt to change, sometimes
considerably, from before, to during, and also after construction. It is the
prediction of these changes that presents the most difficult task to the designer.
Most building damage that occurs because of foundation movement occurs when
unforeseen soil conditions arise; inadequate site investigations and a lack of
understanding of soil behaviour are largely the root causes. As will be shown in
this chapter, there are methods available by which the amount and rate of
foundation settlement due to certain mechanisms can be estimated. These
estimates will remain reasonably reliable providing that the soil conditions
assumed for the calculation are: (a) a fair representation of the actual conditions,
and (b) likely to persist throughout the life of the building.

It is useful to start a study of settlement by considering briefly a number of
ground movement mechanisms which are potential causes of settlement.

Compaction

Compaction is a process whereby the soil particles are forced into a closer state
of packing with a corresponding reduction in volume and the expulsion of air
(see also Chapter 3). An input of mechanical energy is required and this is usually
the result of self-weight loading or a surface surcharge. Vibrations due to traffic
movement, heavy machinery and certain construction operations, such as
pile-driving, have also been known to cause compaction settlement. In earthquake
zones, seismic shock waves may have a similar effect. The most susceptible soils are
loosely-packed sands or gravel-sands and fill material, particularly that which
has been placed without adequate rolling or tamping.

397
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Consolidation

In saturated cohesive soils the effect of increasing the load is to squeeze out some
of the porewater; this process is called consolidation. A gradual reduction in
volume takes place until internal pore pressure equilibrium is reached; a reduction
in loading may cause swelling, providing that the soil can remain saturated. A
large part of the remainder of this chapter is devoted to a detailed study of the
consolidation process and to methods of assessing resulting settlements. It is
essential to understand that a change in loading is required to start the process
and that it may take several years for the final settlement to be achieved.

The most susceptible soils are normally-consolidated clays and silts, and certain
types of saturated fill. Peat and peaty soils can be highly compressible, resulting
in changes in stratum thickness of as much as 20 per cent under quite modest
loading.

Elastic volumetric settlement
In overconsolidated clays increases. in effective stress which do not exceed the
yield point (a;) cause elastic (approximately) compression. As the stress increases
beyond the yield point, non-linear (consolidation) settlement occurs. In heavily
overconsolidated clays, therefore, since the yield point will be very high, settlement
calculations can be based on elastic theory, using parameters referred to effective
stresses (E’, Ey, Vv, etc.).

Alternatively, estimates may be based on the slope of the swelling—
recompression curve (C, or k) — see also Sections 6.3 and 6.8. The elastic behaviour
of clays is probably attributable to the flexing of thin and flakey clay particles.

Immediate or undrained settlement

Immediate or undrained settlement is that amount that takes place during the
application of loading, but before any significant volume change has occurred.
Although it theoretically occurs in all loading situations, with slowly applied
loading, it is masked by consolidation settlement as volume changes occur. The
calculation of amounts of immediate settlement are therefore normally related
to quickly applied loading, e.g. beneath building structures. The undrained
stiffness (E,) can be assumed as an elastic constant for a given depth and so
estimates can be obtained using elastic theory (see also Section 10.2 and Chapter 6).

Moisture movement
Some types of clay show a marked increase or decrease in volume as the water
content is respectively increased or decreased. Clays exhibiting these characteristics
are alternatively called shrinkable clays or expansive clays and are found in certain
areas of the southern and eastern counties. The geological strata associated with
shrinkable clays are the Lower Lias, Oxford Clay, Kimmeridge Clay, Gault Clay,
London Clay and some in the Woolwich and Reading Beds (see also Section 1.5).
In this country, it has been found that the effects of seasonal variations in
water content can extend down to about 0.8 m below the ground surface.
Annual surface movements in the south-east of England as high as 50 mm may be
expected. These clays characteristically possess high liquid limits and plasticity
indices. Some so-called ‘black cotton soils’, occurring in poorly-drained tropical



Types of ground movements and causes of settlement 399

510 60 70 80

1 L

_ _weyhigh

0
100

90 1
VERY HIGH

clay fraction (%)

40
plasticity index (%)

Fig. 10.1 Shrinking/swelling potential of clays

conditions in parts of Australia, Central Africa and Central America, expand and
shrink with moisture content changes to a very marked degree (Clarke 1957).
The shrinkage/swelling potential of a soil is related to its clay content and
plasticity (i.e. its activity — eqn [2.8]). The chart in Fig. 10.1 shows an appropriate
classification of shrinkage/swelling potential based on the work of several authors,
notably Holtz and Gibbs (1956), Holtz (1959), Williams and Pidgeon (1982) and
Van de Merwe (1964), and also a similar classification given in BRE Digest 240
(1980). Brackley (1980) has proposed an expression by which the maximum
movement due to swelling may be estimated:;

Swell potential (%)=0.1(w,—10) log(s/p’)

Where w, = plasticity index (% units), s =suction prior to construction (kN/m?)
p’' =final bearing pressure (kN/m?)

It has been suggested in BRE Digest No. 241 (1980) that in the case of ordinary
low-rise buildings, such as dwelling-houses, a reasonable precaution may be taken
by placing footings in these soils at a minimum depth of 0.9 m below the surface.

Effects of vegetation

Another factor associated with highly plastic clays that may bring about settlement
is the effect of the roots of trees. The radial extent of some tree root systems is
greater than the height of the tree; they may also reach depths of several metres.
A movement of 100 mm was recorded in house foundations 25 m away from a
row of poplars. The removal of such trees means that more moisture is held in
the soil and so swelling occurs. Where well-established trees and shrubs have to
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be removed from a site, a period of one or two winters should be allowed so that
equilibrium may be achieved.

The planting of seedlings adjacent to buildings should be carefully controlled
where shrinkable clays exist. A useful rule is always to site new plantings at a
distance away from the building of at least 1.5 times the mature height of the
tree. Pruning and pollarding can also affect the ground moisture loss and thus
bring about swelling. The degree of desiccation (and therefore swelling potential)
can be estimated by comparing moisture content and liquid limit readings taken
near to existing (or recently removed) trees with readings taken in similar soil
in open ground.

Effects of groundwater lowering

As water is pumped from an excavation, the water table in the surrounding
ground may be lowered. Settlement can result from this reduction in hydrostatic
conditions due to two processes. Firstly, in some clays, as discussed above, a
decrease in moisture content will result in a decrease in volume. The soil above
the reduced groundwater level may therefore shrink. Secondly, a reduction in
hydrostatic pore pressure results in an increase of the effective overburden stress
on the layers below. Accordingly, the soil (especially in soft clays or peat) beneath
the reduced groundwater level may be consolidated by the increase in effective
stress.

Effects of temperature changes

Quite severe shrinkage can occur in clay soils as they dry out beneath foundations
to furnaces, kilns, ovens and boilers. In one case, a boiler building on the London
Clay settled 150 mm at the centre and 75 mm at the sides in less than two years.
It is usual to provide an open or rubble-filled air gap between such heat sources
and the foundation soil.

In some soils, such as silts, fine sands and chalky soils, and in the chalk itself,
there is a possibility of frost heave at sustained low temperatures. Water expands
by approximately 9 per cent upon freezing and thus a 1 m layer of saturated soil
having a porosity of 45 per cent would expand by 0.09 x 0.45 x 10°>=40 mm.
In this country the depth of frozen ground due to winter frost rarely exceeds
400 mm. Nevertheless, frost expansions of 30 per cent of the surface layer
thickness have been observed (see also Section 4.8). Severe expansion can also
take place in soils under cold storage buildings unless insulation is provided.

Effects of seepage and scouring
In certain sandy soils, such as fine dry sands and loess, the movement of water
can move some of the fine particles. Scouring is the removal of material by surface
water and streams, but this can also occur where sewers or water mains have
been fractured. Where excavations are taken well below groundwater level within
coffer dams and the like, the upward flow of water may cause a form of instability
called piping (see also Section 5.15). In arid areas the same soils are liable
to surface erosion due to wind action.

In certain rocks and soils the mineral cement in the matrix may be dissolved
due to groundwater movement. The formation of caverns and swallets is a feature
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of limestone and chalk areas, subsidence following the collapse of these is not
uncommon. In Cheshire, extensive subsidence has resulted from the collapse of
old rock-salt workings, brought about by the solution of the salt pillars left in
as roof supports.

Loss of lateral support

A common form of foundation movement, often leading to serious, even
catastrophic, building failure is associated with the excavation of deep holes
alongside the foundation. Many cases have been recorded (Feld, 1967, 1968;
Hammond, 1956; McKaig, 1962) in which adjacent excavation has resulted in
a failure. The bearing capacity of the soil directly beneath a footing is dependent
on the lateral support afforded it by the soil alongside; in calculating the ultimate
bearing capacity of the soil (see also Chapter 11) this is taken into account. If
this lateral support is removed, as may occur in an untimbered excavation, the
likely outcome is a shear slip in the soil beneath the footing, taking the footing
into excavation (Fig. 10.2(a)). Similarly, settlement might occur as a result
of movement of natural earth slopes or cuttings, due to sliding or flowing
(Fig. 10.2(b)).

Effects of mining subsidence

The current method of mining coal is by the longwall method in which the coal
is continuously worked across a wide face. As the workings advance the space
left is partly filled with waste material and the pit props removed. The roof then

unsupported
excavation

il ¢ lateral IR
shear slip \\ displacement . .
plane L S

natural earth slope
7~ or cut

shear slip plane” = -~  —~ T

Fig. 10.2 Settlement due to loss of lateral support
(a) Resulting from an adjacent excavation (b) Resulting from slope movement



402  Soil compressibility and settlement

slowly crushes down, bringing with it all of the overburden up to the surface
where settlement takes place. A settlement wave is apparent at the surface, the
displacement lagging behind slightly, but following the direction of the advance
of the coal face. It is possible to calculate the extent of this settlement and to
predict the delay.

Protection of buildings against the effects of subsidence must be afforded
according to the law and/or compensation paid. Methods of protection fall under
two headings:

(a) Control of mining, e.g. leaving in pillars, cutting in strips.
(b) Specialised construction, e.g. articulated structures, shallow raft footings.

70.2 Undrained or immediate settlement

The stress—strain behaviour of an undrained saturated mass of soil subject to
loading is similar to that of an elastic solid body, providing that the strains are
relatively low.

This is likely in the case of foundations, where the actual stresses may be only
one-third of the ultimate value (i.e. F=3), whereas in slope and excavation
problems, this is not the case since F~1.5. The highest values of stress occur
immediately under the point of loading and diminish laterally and vertically away
from this point. The immediate or elastic settlement problem is therefore modelled
on a semi-infinite elastic half-space loaded at the surface. A number of solutions
are discussed in Section 6.12 and the standard form of expression is given in
eqn [6.69]:

_gB(1—-V)
 E

Immediate settlement, s, I

P
u

For undrained conditions, v=v,=0.5, and E, is usually obtained from undrained
triaxial tests. For reasonably homogeneous strata E, is considered to be constant,
although it does increase with depth. For layer thicknesses over 3 m, however,
it is better to consider a series of sub-layers, with appropriate soil properties
ascribed to each. Values for the influence factor I, can be obtained from
appropriate charts (e.g. Tables 6.4 and 6.6).

Worked example 10.1 A concrete raft foundation of length 32 m and breadth 18 m will
transmit to the soil a uniform contact pressure of 240 kN/m? at a depth of 2.0 m. Determine
the amount of immediate settlement that is likely to occur under the centre of the
foundation. It may be assumed that the foundation is flexible, E,=45 MN/m?, v=0.5 and
y=20 kN/m>.

gB(1 —v?)
E L

u

Immediate settlement, s;=
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1.78—1.50
From Table 6.4 (interpolating): 1,=1.36+(1.53—1.36)—————=1.46
2.00—-1.50

Net contact pressure, q=240—20x2=200 kN/m?

2 1-0.5%)x 1.4 03
Then s,= 00 x 18(1 —0.5%)x 1.46 x 1 —88 mm
45x 103

Immediate settlement of a thin layer

In the computation of the values of I, given in Table 6.4, it is assumed that
the layer below the foundation extends downwards for a considerable depth;
however, if the layer is of a thickness less than twice the breadth, an overestimation
of the settlement will result. For layers of limited thickness which are underlaid
by a hard stratum, the following expression may be used (Janbu et al, 1956)
to determine the average settlement under a flexible foundation:

5 = HotgB1—v?)

i 5 (eqn [6.75])

u

Values of ug and g, are given in Fig. 6.58 and are dependent on the breadth and
depth of the foundation and the thickness of the layer below the foundation. In
the case of a thin layer below the founding layer (Fig. 10.3) the immediate
settlement may be computed by first obtaining a value y, g, corresponding to a
layer of thickness Hy and then obtaining a value y, , corresponding to a layer
of thickness Hr. The immediate settlement due to the thin layer is then calculated
using eqn [6.75] in which p, = pty gy — ty (7).

uniform load = ¢
. D .. ' ' l L l l l
i }4 — R !
Hg | Hr

Worked example 10.2 A foundation of dimensions 6 x 3 m is to transmit a uniform net
contact pressure of 175 kN/m’? at a depth of 1.5 m in a layer of clay which extends to a
depth of 5 m beneath the surface. Assuming E,=40 MN/m’ and v=0.5, determine the
average amount of immediate settlement that is likely to occur.

D 1 L
See Fig. 10.5: —=—5=0.5 6
B 30
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o

#o=0.
=2 =17
;=055
Then from eqn [6.75]:
o 0.9 x0.55x 175 x 3 x 10°(1-0.5%)
' 40 x 10

w

|

STl
I
©

49 mm

Worked example 10.3 A flexible foundation of dimensions 12 x 18 m is required to transmit
a uniform contact pressure of 160 kN/m? at a depth of 1.7 m below the ground surface. A
layer of sandy clay is located between 5 and 10 m below the ground surface for which
E,=35 MN/m?, y=19 kN/m?, and v=0.3. Determine the average amount of immediate
settlement that is likely to occur due to the elastic compression of the clay layer.

Net contact pressure, g=160—19 x 1.7=128 kN/m?
D 17 L 12
See Fig. 6.58: —=—=0.2 —=—=15
B 80 B 8
Ho =0.97
For layer between 0 and 10 m, i.e. Hg3=100—-1.7=83 m
Hy_83_ L_is
B 80
Hy 3y =049
For layer between 0 and 5 m, i.e. H;=5.0—-1.7=3.3m
ﬂ=£=0.41 £‘=1.5
B 80 B
uy=027

Then p,=049-0.27=0.22
And from eqn [6.75]:

0.97 x0.22 x 128 x 8 x 103(1 —0.32)
8= =

i 5.7 mm
35x 103

10.3 Consolidation settlement

The process of consolidation

In the natural process of deposition fine-grained soils, such as silts and clays,
undergo a process of consolidation, in which the water between the particles is
gradually squeezed out by the weight of the layers deposited above. After a period
of time (which may be a considerable number of years) a state of equilibrium is
reached and the compression ceases. A soil is said to be fully consolidated when
its volume remains constant under a constant state of stress. A normally
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Fig. 10.4 One-dimensional consolidation
(2) Terzaghi's model (b) Stress/time curve

consolidated soil is one which is at the present time in a state corresponding to
its final consolidation pressure. A soil is said to be overconsolidated when its
present-day overburden pressure is less than its final consolidation pressure was
sometime in the past as, for example, in the case of soils consolidated under an
ice sheet that has now retreated, or where some of the original overburden has
been eroded away. If a change in the stress conditions takes place, a new state
of equilibrium has to be reached (see also Section 6.3).

In considering the mechanics of the compression of soils, it may be assumed
that both the mineral grains and the porewater are incompressible. Thus, the
immediate effect (on a mass of soil) of an increase in total stress is an increase
in the porewater pressure. As the porewater seeps out of the soil this increase in
pore pressure is slowly dissipated. When the whole of the increase in pore pressure
has been dissipated the soil is again fully consolidated. Terzaghi (1943) suggested
the model shown in Fig. 10.4(a) to illustrate the process, with steel springs to
represent the soil. It is assumed that the frictionless piston is supported by the
springs and the cylinder filled with water. If a load is applied to the piston with
the valve closed, the length of the springs remains unchanged since water is
(assumed) incompressible. If the load induces an increase in total stress of Ao,
then the whole of this must be taken up by an equal increase in porewater pressure
(Fig. 10.4(b)). When the valve is opened, the excess porewater pressure causes
the water to flow out, the porewater pressure decreases and the piston sinks as
the springs are compressed. Thus, the load is gradually transferred to the springs,
causing them to shorten, until it is all carried by the springs. At the final stage,
therefore, the increase in effective stress (‘effective’ in causing compression) is
equal to the increase in total stress, and the excess porewater pressure has been
reduced to zero. The rate of compression obviously depends on the extent to
which the valve is opened; this is analogous to the permeability of the soil.

Compressibility .

In the study of consolidation, a soil may be considered as a compressible skeletal
fabric of mineral particles (which themselves are incompressible). If it is also
assumed that the soil remains saturated throughout the consolidation process,
it follows that the decrease in volume that takes place is equal to the volume of
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Fig. 10.5 Interpretation of compressibility using soil model
(a) Before (b) After loading

water squeezed out, and that this is represented by the change in void ratio.
Consider a model soil sample subject to an increase in effective stress (Fig. 10.5).
The process will be assumed to be one-dimensional, i.e. no change in lateral
dimensions takes place, only a change in thickness. The change in volume (AV)
which results from an increase in effective stress (Ac’) may, therefore, be ideally
represented by either the change in thickness (AH) or the change in void ratio
(Ae), and the volumetric strains equated thus:

AV AH  Ae
Vo Ho 1l+e

The change in thickness of a layer initially H, thick is, therefore:

Ae
1+eo

AH = H, [10.1]

The volumetric strain is clearly also a function of the increase in stress, so that
the amount of consolidation settlement may be obtained from:

s;=AH=m,Ac’'H, [10.2]

where m,=coeflicient of volume compressibility, i.e. the change in unit volume
per unit increase in effective stress

The units of m, will be the inverse of stress, i.e. m?/kN or m?/MN.

The one-dimensional consolidation test (oedometer test)

The compressibility characteristics of a soil relating both to the amount and rate
of settlement are usually determined from the consolidation test, using an
apparatus called an oedometer (Fig. 10.6). A soil specimen in the form of a disc
(usually of diameter 75 mm and thickness 15-20 mm) is cut from an undisturbed
sample. The specimen, enclosed in a metal ring, is sandwiched between two porous
stone discs, the upper one of which has a diameter slightly smaller than that of
the metal ring, with the lower one slightly larger. _

This assembly is placed in the cell and held in place by a clamping ring. A

vertical static load is then applied through a lever system and the change in
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Fig. 10.6 The oedometer cell

thickness of the sample measured by means of a displacement dial gauge or
transducer. Readings are continued until the specimen is fully consolidated:
usually for a period of 24 or 48 hr. Further increments of load are then applied,
each being double the previous increment, and the readings repeated. The number
and value of the load increments will depend on the type of soil and on the range
of stress anticipated on site. The pressure applied for the first stage should normally
be equal to the in-situ vertical stress at the depth from which the sample was
obtained, except for soft and very soft clays, when a lower value must be used:
25, 12 or 6 kN/m?; or even 1 kN/m? for very soft organic clays and peats.

After full consolidation is reached under the final load, the load is removed,
either in one or in several stages, and the sample is allowed to swell. The
single-stage swelling period simply enables the specimen to stabilise before the
final water content is determined; otherwise swelling might occur as the
specimen is being removed from the oedometer and thus lead to error. If a swelling
curve is required, the unloading is carried out in stages and the changes in thickness
recorded.

The void ratio corresponding to full consolidation for each load increment
may be obtained by working backwards from the final water content and final
thickness readings:

Water content after swelling period =m,
Void ratio after swelling period =e,=m,G,
(since the soil is saturated, S, = 1.0)

Thickness at end of stage =h,
Thickness at start of stage =h,
Void ratio at end of stage =e,
Change in thickness =Ah
From eqn [10.3]:

Ah
Change in void ratio, Ae= h—(l +ey)

1

Void ratio at start of stage, eg=e, —Ae
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Fig. 10.8 Swelling and recompression

e/a’ Curve
The data collected from consolidation tests enable the change in void ratio to
be related to change in effective stress. The basic way of showing this relationship
is to plot a curve or graph of void ratio against effective stress (Fig. 10.7). The
most direct method of computing the consolidation settlement involves the use
of the e/o’ curve.

Suppose a stratum of clay of thickness H, is subject to a change in effective
stress from o to ¢;. From the e/¢’ curve the corresponding values of e, and e,
are obtained and then, from eqn [10.7]):

€o—€

Consolidation settlement, s,=AH= H, [10.3]

+eq
The shape of the e/o’ curve is dependent on the consolidation history of the soil.
This is illustrated in Fig. 10.8 which shows the effect of unloading the soil at
point A and allowing expansion to take place, and then reloading causing
recompression. The recompression curve should rejoin the original curve at
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deposition starts

virgin consolidation curve during
deposition and ice surcharge
(i.e. normally-consolidated soil)

erosion and/or normal consolidation

ice-melting ceases
|(soil now over-consolidated):
L 1 .o
o o,
present-day preconsolidation
overburden stress

stress

Fig. 10.9 e/d’ curve showing process of natural consolidation

point A, and it is flatter, since some of the original compression is irreversible.
From this it is clear that an overconsolidated clay would yield a flatter curve
than if it were normally consolidated. Figure 10.9 shows an e/s’ curve for the
deposition/erosion process that would typically produce an overconsolidated
soil. During the normal deposition process a ‘virgin curve’ is produced, but
following erosion or the melting of ice some of the pressure is removed. As the
effective stress is reduced from the preconsolidation pressure (g;) to the
present-day overburden pressure (g;) the soil becomes overconsolidated.

Compression index (C.) (see also Section 6.2)

If, from the test data, a curve of e against log ¢’ is plotted, the normal consolidation
curve is found to be very nearly a straight line (Fig. 10.10). The initial curved
part is representative of the preconsolidation; the greater the length of this initial
curve, the greater the amount of overconsolidation. If an expansion and
recompression sequence is carried out, the curve should rejoin the straight normal
consolidation curve at the same point. The slope of the straight normal
consolidation curve is referred to as the compression index (C,):

Ae eo‘—el

= = 104
Aloga’ log(c)/op) [104]

The void ratio for a given change in effective stress may, therefore, be obtained:
e, =¢9— C, log(o'/00) [10.5]

The compression index for a given soil may be taken as a constant for settlement
computations, providing the range of effective stress involved lies within the limits
of the straight-line normal curve: i.e. it is acting as a normally consolidated clay.
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Fig. 10.10 e/log o’ curve and compression index

Starting with eqn [10.5] and putting e, —e, =C,_ log(a,/05)
C.
+eq

Consolidation settlement, s = log(a/ao)H [10.6]
Terzaghi and Peck (1967) demonstrated from experimental results an approximate
relationship between the compression index of normally consolidated clays and
their liquid limit:

C.~0.009(w,—10)
where w; = percentage liquid limit

The average slope of the swelling/recompression curve is referred to as the
swelling index (C,) (see Section 6.2).

Determi.iation of preconsolidation stress
Casagrande (1936) suggested an empirical graphical method based on the e/log ¢’
curve to determine the preconsolidation stress (Fig. 10.11). Firstly, point P is
located at the point of maximum curvature between A and B, and then two lines
are drawn passing through P: one is a tangent to the curve TPT and the other,
PQ, is parullel to the stress axis. The point of intersection S of the bisector PR
(of angle QPT) and the projection of the straight portion BC of the curve gives
an approximate value for the preconsolidation stress o7,

The preconsolidation pressure can be used as a useful guide to limit settlement
in overconsolidated ciays, since the amount of consolidation compression will
not be great when the increased effective stress is less than a7,
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log o’

Fig. 10.11 Casagrande’'s method for determining preconsolidation stress

Coefficient of volume compressibility (m,)

The coefficient of volume compressibility (m,) as defined in eqn [10.2] represents
the amount of change in unit volume that results from a unit increase in effective
stress. The value of m, is not constant for a given soil, but varies with the level
of effective stress. The results of the oedometer are used to obtain a range of
values of m,.

From eqn [10.2]:
s;=AH=m,Adc'H
AH

Then m,=
Ac’'H

A —
But from eqn [10.3]: —=——=

Substituting: [10.7]

A
Where A_e, =slope of the e/a’ curve
G

1
Also m, is the reciprocal of the confined modulus: m, = A

’

o

Worked example 10.4 The following readings were obtained from an oedometer test on
a specimen of saturated clay. The load being held constant for 24 hr before the addition of
the next increment.
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Applied stress (kN/m?) 0 25 50 100 200 400 800
Thickness (mm) 19.60 1925 1898 18.61 18.14 1768 17.24

At the end of the last load period the load was removed and the sample allowed to expand
Jor 24 hr, at the end of which time its thickness was 17.92 mm and its water content found
to be 31.8 per cent. The specific gravity of the soil was 2.66.

(a)
®)

()
@

Plot the e/a’ curve and determine the coefficient of volume compressibility (m,) for an
effective stress range of 220360 kN/m’.

Plot the e/log ¢’ curve and from it determine the compressibility index (C.) and the
preconsolidation pressure (g3,).

Plot a m /o curve for the soil.

Use the data obtained in (a), (b) and (c) to obtain and compare the values for
consolidation settlement for 4 m thick layer of the clay when the average effective stress
changes from 220-360 kN /m?.

Firstly, determine the final void ratio.

Since §,=1.0 e, =w,G,

=0.318 x 2.66 =0.842

A
Change in void ratio, Ae= h—h(l +ey)

0

. . 0.68
e.g. during swelling stage: Ae= T692(1.842)=0.070

during 400-800 stage: Ae=

0.44
(1.772) = —0.045
17.24

The rest of the results and calculations are tabulated below:

Ae
4 Ao’ h Ah Ae € logo® — m,
Ao’
(kN/m?)  (KN/m?) (mm) (mm) x 103 (m?*/MN)
0 19.60 1.014
25 —-0.35 -0.036 1.440 0.715
25 19.25 0978 1.40
25 -027 -0.028 1.120 0.566
50 18.98 0950 1.70
50 —-0.37 -0.038 1.760 0.390
100 18.61 0912 200
100 —047 —0.048 0.480 0.251
200 18.14 0864 230
200 —-046 —0.047 ) 0.235 0.126
400 17.68 0817 2.60
400 —044 —0.045 0.113 0.062
800 17.24 0772 290
0.68 0.070
0 17.92 0.842
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1.00 +

0.95

0.90

0.85

0.80

0.75

g’ (kN/m?)

Fig. 10.12

(a) The e/o’ curve is shown plotted in Fig. 10.12.

Fromthecurve: foro,=220, ¢=0.858
fore'; =360, e=0.825

From eqn [10.8]:
Ae 1
- Ad'1 +eg
_ (0.858 —0.825) x 10°
(360 —220)1.858
(b) The e/log o’ curve is shown plotted in Fig. 10.13.

v

=0.127 m?*/MN

Compressibilityindex, C_=slope of straight portion
0.864—0.772
=——=(.153
log 800 —log 200
Using the Casagrande method, the preconsolidation stress ¢, =43 kN[m2
(¢) The column headed m, is obtained from:

_ Ae 1
Y Ad' 1+ €
The m,/o’ curve is shown plotted in Fig. 10.14 with the values of m, located at the
end-point of each stress stage. (Alternatively, the mid-point values of m, could have
been calculated, corresponding to the median e for each stage.)
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Fig. 10.14

@)

From data (a): s.=m,Adc’H
=0.127 x 1073360 —220) x 4 x 10°=71 mm

C
From data (b): s,=——log(d’,/o0)H,
1+e,

0.153

10g(360/220) x 4 x 10° =7
Tasg 0E(360/220)x4x 107 =10 mm

log o’
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From data (c): Using Fig. 10.14, the value of corresponding to the end-stage stress

(67, =360 kN/m?)  m,=0.13 m?*/MN
Then 5,=0.13x 1073(360—220)4 x 103*=73 mm

10.4 Rate of consolidation

It may be assumed that the immediate settlement due to elastic compression of
the soil takes place instantaneously following an increase in stress. In the
consolidation process, however, some time must elapse while the water seeps from
the soil and the excess porewater pressure is dissipated. The rate at which
consolidation occurs, therefore, depends mainly on the permeability of the soil.
To a lesser extent it also depends on deformational creep in the soil particle
skeleton and on the compressibility of soil constituents such as air, water vapour,
organic matter and the solid matter itself. The soils which give rise to most
settlement problems, however, are fully saturated clays and silts, often of alluvial
or estuarine origin.

It is convenient, therefore, to consider primary consolidation as being that
change in volume due to the seepage of porewater from a saturated soil, and
secondary consolidation as that resulting from creep, slippage between particles,
etc.

Terzaghi’s theory of consolidation

In 1925, in his native Vienna, Terzaghi presented a theory, based on the model
shown in Fig. 10.4, for the evaluation of primary consolidation. This was later
incorporated in his Theoretical Soil Mechanics (1943). The following assumptions
are made:

(a) The soil is fully saturated and homogeneous.

(b) Both the water and the soil particles are incompressible.

(¢) Darcy’s law of water flow applies.

(d) Thechange in volume is one-dimensional in the direction of the applied stress.

(€) The coefficient of permeability in this direction remains constant.

() The change in volume corresponds to the change in void ratio and de/de’
remains constant.

In Fig. 10.15, a layer of clay is shown to be subject to a sudden increase in total
vertical stress Ao, which is distributed uniformly over a semi-infinite area. At
the instant of loading (time =0), the porewater pressure in the layer will increase
by Au, (where Au,=Ac,) uniformly over the thickness H of the layer. This is
represented by the diagram abcd in Fig. 10.15(b). After time ¢ has elapsed, drainage
into the sand layers above and below will have caused the excess porewater
pressure to be reduced to the profile shown by the unshaded portion of abcd.

Now consider an elemental layer within the clay stratum of thickness dz, in
which, at time ¢, the excess porewater pressure is u. By introducing hypothetical
standpipes (Fig. 10.15(a)), it can be shown that the fall in porewater pressure
across the element is dh.
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Fig. 10.15 Distribution of excess pore pressure in a clay layer subject to a uniform increase in
vertical stress

(a) Sectional elevation (b) Excess pore pressure distribution

flow out = k{— gg +§-z (—%)dz}dy dx

flow in :k(—a—h)dy dx

Fig. 10.16 One-dimensional flow through a prismatic element

Figure 10.16 shows a prismatic portion of the elemental layer having
dimensions dx + dy +dz. The drainage across the sample is one-dimensional in

the z-direction, with a hydraulic gradient of —0h/0z. According to Darcy’s law
the flow conditions will be:

Flowout: gq,,=vA=kiAd (A=area of flow path)

= —k%dx dy
0z

ch o (o
Flow in: q,, =—k—dxdy+ k—(—h>dx dxdy
0z 0z\ 0z
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The net rate of flow out of the element is therefore:
0%h
— ka—zzdx dy dZ

Where k=coefficient of permeability (or hydraulic conductivity)

The volume of voids in the element is:
% _dxdydz
l+e

Hence the rate of change of volume of voids is:

G, de 1
—(—e—dx dy dz) =2 dx dydz
ot\1+e ot 1+e

Now the rate of flow out of the element must equal the rate of change of the
volume of voids:

0%h de 1
Therefore, k-— = e
0z Ot 1+e
de 1
But oh= 8_u and m,= — o
Yw do’ 1+e
And de/da’ 1s assumed to be constant and ¢ remains constant.
2 ’
Substituting ﬂ =_ mva_a
Yw0z? ot
or ko’u 00’ Ou
myy,0z* o ot
If the coefficient of consolidation is defined as:
k
&= [10.8]
m,yw
ou 0t
Then —=c¢,— 109
o ‘oz [10.9]

Which is the basic differential equation of consolidation.

In order to obtain a solution to eqn [10.9], the following non-dimensional
factors are substituted:
eo—€ Ug—U

€ —€p Uy

Degree of consolidation, U,=

) et
Time factor, T,=-—
d2

A\

Drainage path ratio, Z=

aul N
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Where e, =initial void ratio
At depth z

e=void ratio after time ¢t de
when -— and

e, =final void ratio

u, =Iinitial excess porewater pressure =Ag,
u=excess porewater pressure after time ¢
t=time

d=Ilength of drainage path

6, remain
constant

Substituting the equation now becomes:

92U, U,

0Z% 9T,

The most common set of consolidation conditions is that illustrated in Fig. 10.15,
wherein the drainage is one-dimensional and the distribution of initial excess
porewater pressure is uniform across the layer, with the total stress remaining
constant with time. The same conditions apply in the case of the oedometer test.
The boundary conditions will be:

T,=0to Z=0to2

u
T,=0to oo Z=2 u
T,=0 Z=0to 2 u

0
0
Ao,

Giving the following solution:

2 )
Up=1-"3 —sin(MZ)e [10.10]

z
m=0

where M= g(2m+ 1)

m=0,1, 2, ... etc.

This, of course, is the degree of consolidation corresponding to the particular
depth z. The average degree of consolidation in the layer is given by:

U=1— 3 M7 [10.11]}

s,=consolidation settlement at time ¢ corresponding to a particular
value of T,
s¢=final consolidation settlement

Effect of drainage and initial stress conditions

The curves representing the porewater pressure distribution (Fig. 10.15(b)) are
called isochrones and their shape is dependent on the initial distribution of the
total stress increment Ao, (and hence the distribution of excess porewater
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g ——

Fig. 10.77 Open and half-closed layers
(a) Open layer: d=H/2 (b) Half-closed layer: d=H

pressure) across the layer and also the drainage conditions at the upper and
lower boundaries of the layer. When the layer may drain freely from both its
upper and lower surfaces, it is said to be an open layer and the length of the
drainage path d is equal to half the thickness (Fig. 10.17). If free drainage can
only take place at one boundary, the layer is said to be half-closed, and the length
of the drainage path equates to the thickness.

An impermeable boundary may occur in the form of a concrete foundation
(although some concrete may be permeable) or another layer of clay or rock
with very low permeability. Permeable boundaries occur in the form of
cohesionless soils, pervious rocks (e.g. sandstone), foundations underlain by
hardcore, layers of peat, etc.

A number of alternative initial stress distributions may arise in practice,
according to the type of construction situation. Those which give (or approximate
to) simple linear distributions are considered as basic types. Figure 10.18 shows
the basic types in both open and half-closed layers. More complex distributions
will occur, but may be treated as intermediate situations between the basic types.
For example, the distribution within a new embankment carrying a surface
surchage will be approximately trapezoidal, i.c. between uniform and increasing-
with-depth.

In order to cover most practical situations, only three solution cases need to
be considered for eqn [10.11], these are:

Case 0 Applies to all linear distributions in open layers and to uniform

distribution in a half-closed layer as shown in Fig. 10.18(a), (b), (c) and (d).

_ 8 2 1 : 1 :

Uo=1— (e AT 4 Zo—OnYT, | ~ o—Qst*4)T, 4 ... 10.12
0 1:2( 9 25 L ]

Case 1 Applies to a stress distribution in a half-closed layer which increases
linearly with depth as shown in Fig. 10.18(e).

3 27 125

U,=1— 2<e—(n’/4m_ 1 e-ommn 1 o . ) [10.13]
T

Case 2 Applies to a stress distribution in a half-closed layer which decreases
linearly with depth as shown in Fig. 10.18(f).



420  Soil compressibility and settlement

(11os paoe|d-Aimau jo 1yBiam-jjes "6'8) yidap yum Buiseasour Apesur () pue (9)
(peoj duis ‘8'8) yidep yum Buiseaiosp Ajeaury (9) pue (g)
(peoj apim “68) wuopun (p) pue (&)

Swa|qo.d uoiepIjoSUOD Ul UOIINGLISIP SSB1S JO SadAl dIseq 8101 b1y

M (a) P

T T S B e T B

JUBISuU0d H=p
ad =}

b = Buipeo| uuopun

sioAe| pesojo-jjeH

(9) () - (e

Thew
|

lueisuod=

\M F=pll =0V 2]
, o : E

zh = ‘oy

NiT
|
3
n
=]
4

T
]
Tev
1}
©
el

H

N
The

- ——— -

AR AR



Rate of consolidation 421

U,=1- E[(n e~ AT 4 %(31t —2)e~MAT,
1 2
+ E(51:—2)e-(25" AT 4 ] [10.14]
It can also be shown that

So that U, may be evaluated from a knowledge of U, and U,.

To enable calculations to be done simply, the values of T, corresponding to
a range of values of U have to be calculated for these three cases: these are given
in Table 10.1.

Trapezoidal cases
The value of T, for trapezoidal cases may be obtained from the following
expressions:

Cases 0-1: T,=T,,+(T 0y~ T.1)101 [10.16]
Cases 0-2: T,=T, o)+ (T 0)— Ty2))102 [10.17]

Where the values of T, T,(;, and T,,, correspond to cases 0, 1 and 2, respectively,
and the value of coefficients I, and I, are obtained from Table 10.2.

Table 10.1 Values of time factor T,

Average Time factor T,
degree of
consolidation Case 0 Case 1 Case 2

Pt ety

s, d E==a ] Ao

and all linear
distributions
in open layers

0.1 0.008 0.047 0.003
0.2 0.031 0.100 0.009
0.3 0.071 0.158 0.024
0.4 0.126 0.221 0.048
0.5 0.197 0.294 0.092
0.6 0.287 0.383 0.160
0.7 0.403 0.500 0.27
0.8 0.567 0.665 0.440
0.9 0.848 0.940 0.720
1.0 0 0 00

When 7,=2.0, U=0.994 0.993 0.996
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Table 10.2 Coefficients to find T, in trapezoidal cases

Cases 0-1 Cases 0-2

AO‘U i A‘7'0 |
Ac, o7 Ao, 02
0 1.0 1.0 1.0
0.1 0.84 1.5 0.83
0.2 0.69 2.0 0.71
03 0.56 25 0.62
04 0.46 3.0 0.55
0.5 0.36 35 0.50
0.6 0.27 4 0.45
0.7 0.19 5 0.39
0.8 012 7 0.30
0.9 0.06 10 0.23
1.0 0 20 0.13

10.5 Determination of ¢, from oedometer test

Square root of time method (Taylor’s method)

In this method the boundary conditions are assumed to be those indicated for
the validity of eqns [10.10] and [10.11]. The following approximate solution for
eqn [10.11] gives errors of less than 1 per cent for values of U between 0 and 0.6.

U:\/(‘m) [10.18]
s

When U is plotted against \/ T, a straight-line graph is obtained having a slope
of \/(4/r) (Fig. 10.19). It will be seen that when U>0.6, the curve begins to
depart from the straight-line plot.

In order to obtain point C on the curve corresponding to U =0.9, a correction
has to be made to the straight-line plot.

InFig 10.19: AB=09 x \/ (g) =0.7976
AC=,/0.848 (see Table 10.1)
=0.9209

0.9209
0.7976

Correction ratio = 1.15
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J/0.848 = 0.9209

U
Fig. 10.19 Theoretical primary consolidation curve

The theoretical curve is dimensionless and so may be fitted to an experimental
curve for which the laboratory readings of thickness are plotted against the square
root of time (Fig. 10.20). The best straight line is drawn through that part of the
curve representing U <0.6, and the slope corrected by increasing the abscissae
by 1.15. The ‘corrected’ straight line is assumed to pass through the experimental
curve at a point representing 90 per cent primary consolidation (U =0.9), giving
an intercept on the time axis equal to /tg0, Which corresponds to /Ty, on the
theoretical curve.

t
Now, by definition, T, =%
dZ
t
Hence o= Cvd;o
P 7"90d2
Giving c,=—o [10.19]
t9o

Compression ratios
The experimental-curve consists of three parts:

(a) Initial compression: indicated by a short curved line, which mainly results
from the compression of any air that is present, or slight . particle
reorientation; it is assumed that air, and not water, is expelled during this
stage.
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Fig. 10.20 Square root of time method

(b) Primary compression: which commences as soon as water is squeezed out of
the soil and is represented by the portion of the curve from U=0 to
approximately U = 1.0 (although some secondary compression is occurring
here as well).

() Secondary compression: indicated by the final curved portion of the curve,
is the compression that continues to take place after the excess porewater
pressure has reached zero and is thought to be due to delayed reorientation
of the particles due to the high viscosity of the adsorbed water layers.

The true zero for the primary compression is obtained by projecting back the
straight portion of the curve on to the thickness axis at zero time (Fig. 10.21).
This point represents U =0, and the primary compression part of the curve now
extends between U=0 and U =1.0.

The following ratios are sometimes used to show the relative amounts of initial,
primary and secondary compression (Fig. 10.21):

On the thickness axis: OF =amount of initial compression
FD =amount of primary compression
=FA/0.9 ,
DG =amount of secondary compression
OG =total amount of compression
OF

Initial compression ratio, r,=— [10.20]
oG
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initial Vitime)
compression

primary
compression

secondary
compression

final compression

Fig. 10.21 |Initial, primary and secondary compression

FD
Primary compression ratio, r,=— 10.21
. . DG
Secondary compression ratio, . [10.22]

oG

Worked example 10.5 During one of the loading stages in a consolidation test the following
changes in thickness were recorded:

Time (min.) 000 0.04 0.25 0.50 1.00 2.25 4.00 6.25 9.00
Change in

thickness (mm) 000 0.121 0233 0302 0390 0551 0706 0859 0970
Time (min.) 12.25 16.00 25.00 36.00 64.00 100 360 1440
Change in

thickness (mm) 1.065 1.127 1.205 1.251 1.300 1.327 1.401 1482

At the end of the last stage (1440 min.), the thickness of the specimen was 17.53 mm, the
stress had been raised by 100 kN/m? and the water content was 24.7 per cent.

Using the root-time method, determine: (a) the coefficient of consolidation (c,), (b) the
initial and primary compression ratios, and (c) the coefficients of volume compressibility (m,)
and permeability (k), assuming G,=2.70.

Firstly, choosing appropriate scales, set up the root-time and change-in-thickness axes,
and plot the points of the experimental curve (Fig. 10.22).

Now, draw the best straight line through the points in the first 60 per cent or
so of the plot. The intersection of this straight line with the thickness axis (point F) locates
U =0, which corresponds to a change in thickness of Ak, (Ahg=0.078 mm).
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Fig. 10.22

Next, draw a straight line with abscissae 1.15 times those of the first straight line. This
‘corrected’ straight line is assumed to intersect the experimental curve at U =0.90 (point C).

(@) From the plot, Jts0=3.79 J. teo=14.36 min.
From Table 10.1,  Tpo=0.848

. . 1.482
Average thickness of the specimen during this stage = 17.53 + >

=18.27 mm
18.27
length of drainage path, d= —5 =9.14 mm
_ Tyod® 0848 x9.147

So,fromeqn[10.19): ¢,
ant ] too 14.36

=4.93 mm?/min

(b) Fromtheplot, Ahyy=1.108 mm

and Ahy=0.078 mm
1.108 —0.078
Then Ahygo= %0 +0.078=1.222 mm

Total Ah=1482 mm
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Hence, initial compression ratio, r;=——=0.053

and primary compression ratio, r,= —{as =0.772

(¢) Final void ratio, e, =w;G,=0247 x 270 =0.667
Initial thickness, hy=17.53+1.472=19.00 mm

Ah
Change in void ratio, Ae= h—(l +ep)
(]

4 .
=1 82><1667=0‘130
19.00
Initial void ratio, €,=0.667+0.130=0.797
Ae 1
From eqn [10.7]: = 2.
Ao 1+¢,
.1 103
_ 0130107 3 mz/MN
100 x 1.797
From eqn [10.8]: k=cmy,=493x107°x0.723 x 1073 x 9.81

=3.5x10~% m/min

Log-time method (Casagrande’s method)

An alternative method of finding c,, suggested by Casagrande, involves an
experimental curve in which thickness is plotted against the logarithm of time.
The theoretial curve consists of three parts; an initial curve which is approximately
parabolic, a middle straight-line portion and a final curve to which the time axis
is an asymptote (Fig. 10.23).

After the experimental results have been plotted, it is necessary to locate
point F corresponding to U =0. Since the first part of the curve is approximately
parabolic, this is done by selecting two points P and Q on the curve for which
the values of t are in a ratio of 1:4, e.g. 1 min. and 4 min., 2 min. and 8 min., etc.
The vertical distance between P and Q is set off above P to locate point F. OF
therefore equals the amount of initial compression.

The final part of the experimental curve should be found to be approximately
straight, but not horizontal. The point E, representing U = 1.0, is located at the
intersection of the projection of this final straight portion and the projection of
the middle straight portion. The FD equals the amount of primary compression.
The compression ratios may be calculated using eqns [10.20], [10.21] and
[10.22].

The point corresponding to U =0.5 is found by projecting point H on to the
curve (FH=HD = 4FD). The value of ¢, is now obtained on the time axis and
the value of ¢, calculated as follows:

2
¢ = Bsod” [10.23]
Iso
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Fig. 10.23 Log-time method

Calculation of settlement times

The coefficient of consolidation cannot truly be considered as a constant for a
given soil, since its value depends on the coefficient of permeability (k) and the
coefficient of volume compressibility (m,), both of which vary: k with changes in
void ratio and m, with changes in effective stress. However, the variation on c,
may be relatively small over limited stress ranges and the value may then be
reasonably used as a constant. If ¢, has been determined the time required for a
given amount of consolidation to occur is obtained from the equation:

ct
’Tv=ﬁ
T 2

Giving t= o [10.24]

Y

Worked example 10.6 Rework worked example 10.5 using the log-time method.

Firstly, choosing appropriate scales, set up the log-time and change-in-thickness axes and
plot the points of the experimental curve (Fig. 10.24).

(a) In order to locate U=0, two points on the curve, P and Q, are selected so that
tq=4tp. Since the curve is approximately parabolic then parallel to the thickness
axis: FP=PQ.

From the plot: at t=0.25 min,, Ahp=0.233
at to=1.00 min., Ah;,=0.390
So that Ahp=Ahy=0.233—(0.390~0.233)=0.076 mm
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Two straight lines are now drawn: one through the final few points of the curve and
the other through points in the middle portion. At the intersection of these two lines,

point E is located, at which U=1.0.
Fromtheplot: Ah,y0=1.224 mm
1.224—-0.076

Then Ahgo= — +0.076 =0.650 mm

Now locating Ahs, on the plot, log ¢, is found to be 0.525, giving t5,=3.35 min.

From Table 10.1, Ts0=0.197
As in worked example 10.5, d=9.14 mm

From eqn [10.23]}: <y

| Tyod® 0197 x9.142

tso 3.35

=491 mm?/min

(b) From the plot Ah,,,=1224 mm
and Ahy=0.076 mm
Total Ah=1.482 mm

0.076
Hence, initial compression ratio, r;=——=0.051
1482
. . . 1.224-0.076
and primary compression ratio, r,= ~awr

5

(c) This part of the solution is identical to that given for part (c) of worked example 10.5.

Worked example 10.7 The coefficient of consolidation (c,) for a clay was found to be
0.955 mm?/min. The final consolidation settlement estimated for a 5 m thick layer of this
clay was calculated at 280 mm. Assuming there is a permeable layer both above and below
and a uniform initial excess porewater pressure distribution, calculate the settlement time
Jor: (a) 90 per cent primary consolidation, and (b) a settlement of 100 mm.

Since this is an ‘open’ layer, the drainage path, d= >

=25m

=25x%10° mm

and since the initial Au distribution was uniform, m=1

(a) From Table 10.1, for T=0.90, T,,=0.848

. Tyod?
Time for 90 per cent settlement gy = ——

v

_ 0.848(2.5 x 10%)?

0.955
=10.55 yr

=5.55x 10° min
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_ 100
(b) For 100 mm settlement, U= ﬁ(_)=0357

From Table 10.1, T;5,=0.102 (interpolating linearly)
0.102(2.5 x 10%)

Time for 100 mm settiement ~ ¢, 4 = o955 =0.668 x 10° min

=125yr

The drainage/time relationship
If two specimens of the same clay, both subject to the same increase in effective
stress, reach the same degree of consolidation, then theoretically at that point
the T,/c, ratio must be the same in each. The following relationship, therefore,
exists:
L b b [10.25]
c, di d3
where t, =settlement time in sample/layer A corresponding to same

tg =settlement time in sample/layer B value of T,

d, =drainage path in sample/layer A

dg =drainage path in sample/layer B

v

This relationship provides an easy method for computing site settlement times
from laboratory results, without the necessity of evaluating c,.

Worked example 10.8 On a particular site a layer of clay occurs of 6 m thickness and an
estimate is required for the time to reach 50 per cent of the final consolidation settlement.
In a laboratory oedometer test on a 19 mm thick specimen of the clay, the 50 per cent
compression point was reached after 12 min. Determine the site settlement time for 50 per
cent compression when the clay layer is: (a) fully drained top and bottom, and (b) drained
from one surface only.

. 19.0
(a) Laboratory t,=12min. dy= > mm
6000
Site tpg=" dg= > mm
tadd
Fromeqn[10.25] tp=-22
. d,i
12 x 60002
=2 1197 x 108 min,
192

=228 yr
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19
(b) Laboratory t,=12min. dA=—2— mm
Site tg="? dg=6000 mm
12x 60002
tB:sz =912 yr

Worked example 10.9 Using the data from worked example 10.8, determine both the
laboratory and the site times for 90 per cent consolidation.

The time taken for 50 per cent consolidation is known, so T, may be obtained either
from Table 10.1 or using U=./(4T,/x) since U <0.6
T50=0.52§=0.196

From Table 10.1, T,,=0.848
_ Tsod? _ Tyod?

tso too

Now c,

but d=constant

Ty _ 1200848
To  0.196
and for an open layer: site tgo=51.9 x 60002/192=5.175 x 10° min =9.85 yr
and for a half-closed layer: site t5q=25.175 x 10® x 4=20.7 x 10°® min=§T_4_y_r

Therefore tgq=tsq X =51.9 min.

10.6 Secondary compression or creep

If Terzaghi’s theory were a perfect model of consolidation behaviour, no further
compression would occur after the excess pore pressure had been fully dissipated.
An examination of typical e/log-time curves will show this not to be the case.
The latter part of the e/log-time curve is usually found to be sloping and
approximately linear. The stage is referred to as secondary compression, or
sometimes creep, and is generally held to be the result of some kind of creep
mechanism related to the soil structure.

A number of factors are thought to influence the amount and rate of secondary
compression: the principal stress ratio (¢)/0%), the rate of load increase, the
ambient temperature, the stress history, the layer thickness. Also, secondary
compression seems to be greater in organic soils, at stresses below the
pre-consolidation stress and when the loading is under K, conditions (as opposed
to isotropic loading).

In the present state of the art, no theory of confirmed reliability has emerged
to provide a model for this phenomenon (or phenomena). For design purposes,
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it is acceptable to use the following parameters:

Ae

Alogt [10.26(z)]

Coefflicient of secondary compression, C,=

i.e. the change in void ratio (or unit thickness) per log cycle of time after primary
consolidation (U = 1.0) has been exceeded.

G [10.26(ab)]

Secondary compression index, C,, = T
e
p

also called the rate of secondary compression
where e,=void ratio at the start of the linear portion of the elogt curve (at
approximately U = 1.0).

The amount of secondary compression (s,) is the change in thickness caused
by the sustained application of load after the full dissipation of excess pore
pressure (U = 1.0) and the load has been fully transferred to the soil structure.

For practical purposes, C, may be measured from the slope of the e/log-time
curve between T=100 min and t=1000 min, or between t=1000 min and
t=10000 min. Values of C, range approximately as follows:

Overconsolidated clays: C,= <0.005
Normally consolidated clays: C,=0.005—0.05
Organic soils: C,=005-0.5

The ratio C,/C, will usually be in the range 0.025-0.10 for natural soils, with
higher values applying to organic soils (Mesri and Godlewski, 1977).

Worked example 10.10 Using the data given in worked example 10.6 and plotted in
Fig. 10.24, determine the coefficient of secondary consolidation for the soil.

In Fig. 10.24, the change in thickness over the log cycle from ¢t =100 min to ¢= 1000 min
is 0.14 mm.

Thickness at =100 min =17.53+(1.482—1.327)=17.69 mm
Thickness at t=1000 min=17.69 —0.14 =17.55 mm

Average thickness during this log cycle =17.62 mm
Therefore, C,=0.14/17.62=0.0079

The effect of secondary consolidation on primary consolidation measurement in
subsequent stages is often questioned. A number of studies (Olson, 1986) show
that the void ratio should be calculated using the total compression for a given
stage and that no correction for secondary consolidation should be made.
However, the shape of the primary x/\/t curve may be affected, since some
downward concavity has been observed in load stages following considerable
secondary consolidation.
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10.7 Continuous loading tests

Incremental loading procedures, such as that employed in the standard oedometer
test, are widely employed and provide a simple method for routine tests, but they
do have some serious disadvantages. These disadvantages are either eliminated
or greatly reduced with continuous loading tests:

(@) The length of time to complete the test can be reduced, releasing apparatus
and increasing job turnover.

(b) The rate of testing can be selected by the operator, so that soils with higher
permeabilities may be tested more quickly, e.g. approximately two hours for
Kaolin compared with 48 hours for London Clay.

(c) The loading procedure can be automated and is thus less labour intensive.

(d) Continuous stress/strain/time data is collected providing better data
definition and reliability.

(e) A variety of loading procedures and criteria can be adopted, e.g. constant
rate of strain, constant rate of stress increase, constant pore pressure ratio, etc.

() Automated data logging and control techniques are easily applied.

(g) Datareductionis easily facilitated, especially with the use of computer-driven
plotters and printers.

Several types of continuous loading procedure had been suggested and
described in the literature. The apparatus required mainly features a hydraulic
compression cell, e.g. Rowe cell, Oxford University cell or an adaptation of an
oedometer-type cell for use in a mechanical loading frame, e.g. Bristol cell
(Fig. 10.25). Computer-aided monitoring and control is an essential feature of
most types of test. These tests produce a continuous e/’ or eflog ¢’ curve, with
an abundance of plot points, and so have a high data reliability; some are also
cheaper to run than incremental loading tests. Their main disadvantages relate
to the apparatus required: it is complex and expensive, and requires well-trained

load load

back pressure=u, *
——

u,=0
! atmosphere

!
|

.

—_—=
=

b

pore pressure at base=u, u,
{a) open cell for load frame {b) closed cell for load frame
tests without back pressure tests with back pressure

Fig. 10.25 Compression cells for continuous loading tests
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technicians to operate it. The main types of continuous loading tests are described
below.

Constant rate of strain (CRS) test

The constant rate of strain test appears to have been developed in the late 1950s
(Hamilton and Crawford, 1959) in an attempt to gather more (e, ') plot points
when testing sensitive soils. The rate of vertical displacement is kept constant by
using a mechanical screw drive with a cell such as that shown in Fig. 10.25(a).
The applied stress, sample thickness and pore pressure are monitored
continuously against time. The rate of displacement must be slow enough to
yield pore pressures less than about 10 per cent of the applied total stress.

Constant rate of loading (CRL) test

The applied stress is increased at a constant rate, i.e. do’/dt =constant, using a
hydraulic cell (Fig. 10.25(b)). Equations [10.28] to [10.31] are valid except for
the initial stages. The test can be completed in 3-72 hours, using loading rates
of 6-300 kN/m? per hour. The best loading rate must be determined by trial;
from a practical point of view it seems sensible to adopt a loading rate which
will allow completion in 1, 2 or 3 working days.

Constant gradient (CG) test

The loading rate is controlled so that the pore pressure (u,) at the impermeable
base of the specimen is maintained at a constant value. The pore pressure at the
exit face is equal to the back pressure and so, if this remains constant, the pore
pressure gradient across the sample thickness is also constant. For degrees of
consolidation over 0.8 eqns [10.28] to [10.31] are valid.

Constant pore pressure ratio (CPR) test

The ratio of the base pore pressure to the applied total stress (u,/0) is maintained
at a constant value. This procedure is described by Janbu et al (1981) as a
‘continuous loading test’, but the more specific description seems necessary in
the light of other procedures.

Simplified analysis of continuous loading tests
The essential feature of the data collected is the abundance of plot points in the
stress/strain/time continuum. Analyses are based on the slopes of the stress/strain
and strain (or displacement)/time curves. A number of detailed analytical
procedures have been suggested, some of which involve empirical corrections,
e.g. Wissa et al (1971), Head (1985), Janbu et al (1981), and others. However,
for most purposes, the following simplified analysis should prove adequate.
For a given amount of settlement AH, the void ratio of the specimen is given by:

Ho—AH

1 , 10.27
q (10.27]

e=
where H,=initial height (thickness) of test specimen
H, =notional height of the solid phase of the specimen (which remains
constant throughout the test)
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=MJ/AGpp, in which M ,=mass of solids
A=area of specimen
G,p,, =density of solids

Now, the one-dimensional or confined modulus (E, or M) is

1 o0
Ep=—=20_%y [10.28]

Thus, Ej (or m,) may be obtained from the stress/displacement curve.

In a Rowe or similar cell, the base is impermeable and the drainage takes place
upward through the thickness of the specimen. The average effective stress within
the specimen is therefore:

o =0 o [10.29]

Where u,=pore pressure at the impermeable base
a=pore pressure coefficient

The value of a in the standard oedometer test is 1.0 at the start, falling to about 2.
When the stress increases linearly with time, o~ %; similarly, if the stress/strain
curve is linear a~ . If it is assumed that the pore pressure distribution through
the specimen is parabolic « is exactly % (Fig. 10.26).

A parabolic variation of pore pressure u with depth will be in the form
uz=az2 +bz+ ¢, and can be evaluated as follows:

U, = —2 (2H oz — ) [10.30]
H,z
du 2
Differentiating, —— = 2> [10.31]
dz> Hyz

The outflow volume is represented by the area under the curve in Fig. 10.26 and
the rate of change of volume is therefore given by the rate of change in the slope
of the isochrone:

e_ ol _kK [10.32]

Fig. 10.26 Parabolic isochrones
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The coefficient of permeability is therefore given by:
_ ‘YwH 0 6H
2u, Ot

i.e. using the slope of the displacement/time curve, and from this the coefficient
of consolidation can be evaluated:

k [10.33]

k
= [10.34(a)]
mV‘)’W
or ¢, may be evaluated directly from the stress/time curve:
H3 do,
=_07"v 10.34(b
"= 2, ot [10.34(b)]

Comments on continuous loading tests

The main advantage of continuous loading tests is the ability to record a more
or less continuous definition of the parameters e, ¢, k, m, and c, as functions of
effective stress. The main disadvantage (apart from equipment costsj is the
masking of secondary consolidation effects. This problem can be partially
overcome by holding the applied stress constant for a short time at a number of
tactically placed intervals along the strain/stress curve.

The strain rates need to be chosen with care: less than 5 per cent per hour
for plastic clays and not greater than 10 per cent per hour for stiff clays. The
eflog ¢’ curve is affected by the strain rate and a correction is required to provide
normalisation. The following empirical correction is suggested here (after
Lerouriel et al, 1985) which is sufficiently valid in the range 10~8 <de/dt <10~*:

2, =2.0+0.14 1og<$> [10.35]

where de/dr=strain increase per second

Then, a given void ratio recorded at a test stress of oy should actually be
plotted at a stress of:

o' =0/, [10.36(a)]
or, if o}, has been obtained from an uncorrected curve:
O pe = O po(ry/%e [10.36(b)]

After this correction, values deduced for m, appear to correlate well with field
values. Measurements of ¢, appear to differ dramatically from those obtained from
standard (oedometer) tests, up to 100 times higher in some recorded cases,
although they are nearer to values obtained from field back-analyses. The two
main problems seem to be secondary consolidation and incomplete transient
flow, both of which are affected by the strain rate.

In order to minimise these effects, and in *he interests of good laboratory
management, it would seem that a loading period of at least 24 hours is advisable
for most soils. Under these circumstances, the results of continuous loading tests
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may be considered to be at least as reliable as those obtained from traditional
incremental procedures. The higher ¢, values, although closer to field values, are
still not in good agreement in many cases. Field values will always be higher
because of factors such as horizontal drainage, soil structure distortion, non-model
stress distribution, etc. Laboratory results should not be considered in isolation,
but should be compared with observations of site settlements and pore pressure
measurements.

10.8 Validity and reliability of consolidation tests

A valid test measures the properties it is claimed to measure and a reliable test,
when repeated several times, should produce identical quantitative values for
these properties. In consolidation testing, measured stress/strain relationships
are generally acceptable, with minor corrections in some cases. Measurements of
the strain/time relationships, however, cannot be treated with a very high level
of confidence. From a theoretical point of view, the main sources of error in
standard tests are related to the assumption that k and d¢/é0 remain constant.
However, some observed rates of settlement (Taylor, 1948; and Davis and
Raymond, 1965) for normally consolidated clays are similar to those predicted
by Terzaghi’s method.

The majority of site observations indicate that actual rates of settlement (c,)
are generally greater than those predicted by any of the laboratory tests, although
continuous-loading-test values appear to be closer to field values than those
recorded in oedometer tests. These discrepancies may be partly due to the effect
of variations in the soil fabric and variations from assumed stress distributions.
Anisotropic drainage conditions result when features occur such as sand or silt
layers (as in varved and other post-glacial clays), laminations and fissures, and
the presence of organic matter or small voids (e.g. root holes). Where such
conditions exist, larger specimens can be tested in a hydraulic cell, such as that
suggested by Rowe and Barden (1966).

The effects of secondary consolidation during the primary stage also distort
the measurement of c,, since the proportional amount of secondary consolidation
(r,) increases as the specimen thickness decreases, and hence is more apparent
in the test than in the field. The proportional amount of secondary consolidation
also increases as the Ag’/o' ratio decreases. For this reason, the incremental
increase in stress should always be equal to the current value of stress, i.e. the
applied stress is doubled each time, thus keeping Ac'/o’ constant. The amount
of secondary consolidation is greater in normally consolidated clays than in
overconsolidated clays, although the ratio of secondary to primary may be less.
Secondary consolidation is greatest in organic soils.

It is possible to identify a number of error-prone areas in the sampling and
testing procedure.

Ring friction

The effective stress actually applied to the soil is reduced due to friction between
the consolidation ring and the sides of the soil specimen. In estimating the amount
of this reduction, the type of material and whether or not the ring is effectively
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greased is important. The following guide figures are recommended for the loading
of normally consolidated clays:

Average applied stress, oc=a,0 [10.37]

Where «, =ring friction coefficient
e.g. greased smooth metal: o, =0.85-0.95
ungreased smooth metal: «, =0.70-0.90
greased plastic: o, =0.90-0.98
ungreased plastic: o, =0.80-0.95

This friction effect is greater during unloading.

Boundary flow impedance

The porous stones above and below the specimen must be sufficiently fine-grained
to prevent clogging by soil particles, thus impeding the flow of expelled pore-
water. Clogging may also be prevented by using a disc of filter paper (Whatman
No. 54) between the soil and each porous stone.

Sample disturbance

The prescription for good consolidation test samples is that they should be
undisturbed, but this is a relative term in fact. Sample disturbance will be the
result of a combination of a number of factors in varying degrees.

Sampler effects

(a) Stress relief due to removal of overburden stress.

(b) Shear strain in the soil beneath the tube or piston.

(¢) Change in moisture content during sampling: decrease due to pressure on
driving, increase due to suction on withdrawal.

(d) Internal vertical shear in soil near to inner face of tube.

(¢) Smearing along sides of sample.

(f) Changes in density: increase due to driving pressure, decreases due to lateral
expansion at clearance diameter.

Transport and storage effects

(a) Ineffective sealing producing moisture content change.
(b) Mechanical, vibratory or shock damage.

(c) Lateral and vertical moisture movement.

(d) Oxidation and ion transfer from steel tubes.

(e) Crystallisation of salts or other groundwater solubles.

Sample preparation

(a) Density and moisture content changes due to extrusion from sample tube.

(b) Smearing or plucking damage to drainage faces affecting boundary flow; an
estimated 2 mm of sample thickness is often affected.

(c) Premature shrinkage or swelling.

One of the main effects of sample disturbance is to produce curvature in the
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carefully
undisturbed

remoulded

logo’

Fig. 10.27 Effect of sample disturbance

recorded e/log e plot: for a given o' the recorded value of e is reduced. Also, the
location of ¢} can be ambiguous (Fig. 10.27).

The size of test specimen has an apparently small effect on the e/log e curve,
but quite a dramatic effect on ¢,. Rowe (1971) found that the ratio of ¢, values
measured using 250 mm x 90 mm specimens to those measured using conventional
76 mm x 20 mm specimens ranged from 2 to 100. Whatever size of specimen is
used correlation with field conditions continues to be the main problem.
Observations of site settlements and pore pressure measurements should be used
to this end.

Rapid loading tests

In order to speed up the conventional incremental loading procedure, a number
of attempts have been made to justify the adding of the next loading increment
before the ultimate stage settlement has been reached. It can be shown that adding
a further increment of loading at U=90 per cent produces an error in ts, of
7 per cent, and adding an increment at U =50 per cent an error of 14 per cent. It
may be argued, therefore, that adding an increment at or after U =100 per cent
will produce only a minimal error in m, and a ¢, value that is lower, but not too
erroneous. However, this reasoning only applies if the effects of secondary
consolidation are negligible.

Leonards and Ramiah (1960) found that with a daily reloading cycle measured
values of ¢, were higher than when using either hourly or weekly cycles. Another
important practical point is that for load incrementation to take place at ¢4, or
t100, CONstant monitoring is required and technician-manned loading must be
carried out regardless of the time of day. Such procedures will inevitably be
awkward to plan and costly to run.

Comparison of root-time and log-time methods

Both of these methods are attempts to fit a model of behaviour to actual
performance. Neither produces a comprehensively perfect fit, but each is
acceptable in certain respects and both are simple to apply. The sensible approach
for many problems is to use both, and to be selective in the choice of alternative
interpretations.
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(@) The root-time method is preferred for the location of U, since it is easier
T .
and less ambiguous to fit the U= (Z Tv> theoretical curve than to use

the trial fitting procedure on the log-time curve.

(b) For the location of U, both methods are equally valid when no secondary
consolidation is occurring. The root-time method can be used if secondary
effects up Uy, are negligible, otherwise it is better to use the log-time curve.
However, the log-time curve also becomes ambiguous when the secondary
consolidation part is more than marginally non-linear.

() Values of ¢, measured entirely by the log-time method are almost always
higher than those measured entirely by the root-time method.

(d) Curve fitting using a computer is more easily automated using the root-time
method, but printer/plotters can produce hard-copy output of either.

Design considerations

The quality of data that will be used in design depends partly on eliminating or
minimising sample and testing errors, and partly on choosing the most appropriate
methods of test. For projects involving large predicted settlements, e.g.
embankments on soft clay, acceptably reliable results can be obtained from
conventional oedometer tests. Sampling should be carried out in soft clays using
a thin-walled piston sampler. Specimens should be prepared to a smaller diameter
than the field sample so as to exclude the outer ‘damaged’ zone.

In incremental loading tests, the loading increase should be Ag =0, which is
acceptable for almost all purposes. For practical reasons, and to avoid transient
and secondary consolidation problems, a 24 or 48 hour loading cycle is
recommended. In the analysis of results, the root-time method is preferable to
establish U,, Ugq and U, 4¢; and hence ts,, t9q, €tc. The log-time method should
be used to measure secondary consolidation (C,).

Finally, it should be remembered that, in the words of Karl Terzaghi, the
results of soil tests ... gradually close up the gaps in knowledge, and if necessary
(the designer should) modify the design during construction’. The ‘gaps’ being
closed by test results are usually quite small in comparison with the total span
of knowledge required as a whole for design. Remember, too, that there is a very
wide variation in soils and a vast range of natural properties, e.g.

Gault clay: e~0.75, 6}~ 7000 kN/m? (Samuels, 1975)
Mexico City clay: e~14.0, 6;,~90 kN/m? (Mesri et al, 1975)

10.9 Estimate of total settlement by the Skempton-Bjerrum method

One source of error inherent in estimates of consolidation settlement stems from
the fact that conditions in the oedometer test are truly one-dimensional, whereas
actual site condition are not. Under one-dimensional conditions, the lateral strain
is zero and the pore pressure coefficient A equal to unity, ie. the initial increase
in pore pressure is equal to the increase in total stress.

Under site conditions, the coefficient A will only be close to unity when the
extent of the loaded area is large compared with the thickness of the layer. In
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layers of significant thickness the lateral strain will have a measurable effect and
the initial increase in pore pressure will correspond to a value of A which is not
unity.

In such cases (non-zero lateral strain) the total settlement (s) will comprise
two components:

(a) Immediate settlement (s;) under undrained conditions: which may be
estimated using eqns [6.69] or [6.70], using the undrained modulus E, and
v=0.5 (see Sections 10.2 and 6.15).

(b) Consolidation settlement (s;) due to drainage as the excess pore pressure is
dissipated.

Total settlement, s=s;+s,

Skempton and Bjerrum (1957) have suggested that the effects of lateral expansion
(due to lateral strain) and recompression (due to increase in lateral effective stress
as the pore pressure dissipates) may be ignored. Although it is admitted that this
could produce errors up to 20 per cent, and errors of 15 per cent have been
observed, the simplification is still recommended since it allows the use of the
results of the oedometer test. Lambe (1967) has proposed a rigorous method
which involves establishing the exact stress-path plot for the consolidation
processes and then running laboratory triaxial tests along this plot while
measuring the strains. The settlement is then computed from the strain
measurements. Although this latter method may be shown to be reliable in
principle, it requires elaborate and lengthy procedures and is therefore
inappropriate for routine work.

It is suggested, however, that the oedometer value (s,.4) can be modified in
order to make allowance for the variation in excess pore pressure due to the
lateral strain.

Under one-dimensional conditions (i.e. zero lateral strain):

Soeq, =M, A h=m Auh

H H

mAc, dh= f m,Au dh

or integrating, S,.q = J
0

(o]
where h=thickness of layer

Now from eqn [4.10] (where B=1 for a saturated soil):

Au=A0o;+ A(Ac, — Acy)

"—‘=A')‘1[A+%(1—A):|

Gy

So that when A#1.0

*H
5= J m, \o"l:A + %(1 —A)] dh

0 0,
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Introducing a settlement coefficient u_:

Sc = UcSoea. [1038]
H
f m,Ac, [A 495 —A)] dh
. . 0 AO'I
in which py.= =
J m,Ac, dh
0

It is convenient in practice to assume that in a layer or sub-layer the values of
m, and A remain constant, so that the coefficient u, may be expressed as:

te=A+(1— A [10.39]
H
f Acydh
Where o= -%I——————
f Acg, dh
0

Values of « may be obtained using elastic theory taking the undrained value of
0.5 for Poisson’s ratio (v); a range of values for u_ corresponding to various
layer-thickness/breadth ratios is given in Fig. 10.28.
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Pore pressure coefficient A

Fig. 10.28 Settlement coefficient y,
(After Skempton and Bjerrum, 1957)
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10.10 Correction for gradual application of load

In the development of consolidation theory, in the preceding pages, it was assumed
that the load was applied instantaneously. In practice, however, most of the
consolidation problems are connected with construction processes extending over
several months, or even years. During the excavation stage of construction there
may even be a significant reduction in applied load, in which case the process of
consolidation will not commence until this has been replaced by new loading. A
settlement/time curve plotted on the basis of instantaneous loading would give
an overestimate of the settlement at given time intervals if, in fact, the load had
been gradually applied. Terzaghi has suggested a method of correcting the
instantaneous curve. Figure 10.29 shows a graph representing the averaged
total-stress/time relationship during the construction period. During the
excavation period the level of stress decreases and then increases so that after a
time the level of stress is again zero. At this point consolidation (and hence
settlement) commences. The total stress continues to increase to the end of the
construction period during a further time ¢t,, after which it remains constant at
a value of g,.

The instantaneous settlement/time curve is plotted from point O, where
consolidation actually commences. To obtain the correction, it is assumed that
the amount of consolidation settlement at time ¢, is the same as that given by
the instantaneous curve at time 4¢,. Thus point P is located on the instantaneous
curve at time 3¢, and point Q found by projecting parallel to the time axis to
meet the ordinate at ¢;. From points P and Q onwards the abscissae of the
corrected curve will be 4¢, greater than on the instantaneous curve. To obtain
the corrected curve during the construction period itself, point R is located on

total
stress

total construction time

1 effectlve.
I construction time

loading curve

g,

. |
excavation I |o,
I
0 Yt Yt 1, t D
3 .
LB : :‘ time
| ]
] I |
TN
|
[ s
S PR N N
AN
L PNl Q corrected curve
_ total
stress
+ settlement .
instantaneous S
curve
at,

Fig. 10.29 Correction for gradual load application during construction
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the instantaneous curve at time 3¢ and point S found by projecting horizontally
on to the ordinate at time t,. Point T (on the corrected curve) is then found at
the intersection of OS with the ordinate at time ¢. This process is repeated until
sufficient points have been established for the construction of the corrected curve.

710.11 Compressibility of granular soils

In the majority of cases, the design of foundations on granular soils will be
governed by a settlement criterion (i.e. not by shear strength). Because of the
high permeability of sands and gravels, most of the settlement will take place
during the construction process, and will be largely complete at the end of the
construction period. The effects of creep are likely to be negligible, except in the
case of very wide foundations on variable soils, or where sand-silt mixtures occur.
Other post-construction settlement problems may be related to vibration-induced
compaction, rapid changes in water table or other rapid loading changes, and
earthquake effects.

Since granular soils are generally much less homogeneous than clays, the ratio
of differential settlement to total settlement will be greater: As/s=0.5-1.0. Also,
it is virtually impossible to obtain undisturbed samples of granular soils, and
recompacted specimens do not usually mimic, with any reliability, field conditions
and properties. The principal methods to determine the compressibility
characteristics of granular soil are therefore site tests:

(a) Plate bearing test

(b) Standard penetration test
(c) Cone penetration test

(d) Pressuremeter test

Since the design methods for foundations on granular soils are mainly centred
on the interpretation of the results of these tests, descriptions of the methods of
analysis are dealt with in Chapter 11, and some explanation of the field techniques
given in Chapter 12.

Exercises

1. A rectangular foundation 6 x4 m is to transmit a uniform contact pressure of
180 kN/m? at a depth of 1.2 m in a deep layer of saturated clay. If the undrained
modulus E, for the clay is 42 MN/m?, determine the average immediate settlement
expected to occur under the foundations. Unit weight of clay =19 kN/m?.

2. The following data were obtained from an undrained triaxial compression test on
a specimen of clay:

Axial strain (%) 01 2 3 4 5 6 7 8
Deviator stress (kN/m?) 0 61 108 143 161 170 175 176 172

Obtain an estimate of E, and then determine the immediate settlement likely to
occur under a 3 m square footing that transmits a uniform load of 2.2 MN at a
depth of 1.4 m in a 9 m thick stratum of the clay. Assume the clay to be underlain
by a hard layer. Assume unit weight of clay=18.5 kN/m? and v=0.5. Consider:
(a) a corner, and (b) the centre of the foundation.
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3.

It has been found from field tests that the undrained modulus of a saturated clay
varies with depth, approximately E,=15+2.2z (z=depth below surface). Also the
unit weight of the clay is 20 kN/m? and v=0.5. A flexible foundation 8 m long x 3 m
wide is founded at a depth of 3 m in this clay and will transmit a uniform contact
pressure of 280 kN/m2. The total depth of the clay layer is 12 m down to a hard
rock stratum. By dividing the clay layer into four equal sub-layers, obtain an estimate
of the average immediate settlement that may be anticipated.

During an oedometer consolidation test on a specimen of clay the thickness decreased
from 19.36 m to 19.08 mm after the applied stress had been increased from 200 to
400 kN/m? and maintained for 24 hr. The stress was then removed and the sample
allowed to swell for 24 hr, at the end of which time the water content was found
to be 28.9 per cent. Assuming G,=2.7, calculate: (a) the void ratio at the beginning
and end of this stress-increment stage, and (b) the coefficient of volume compressi-
bility for this stress range.

In consolidation test on a specimen of clay each pressure stage was maintained for
24 hr. At the end of the last (unloading) stage the water content of the sample
was found to be 28.6 per cent. The specific gravity is 2.70 and the changes in thickness
were recorded as follows:

Stress (kN/m?) 0 50 100 200 400 800 O
Thickness (mm)
(after 24 hr) 19.80 1939 19.24 1897 1868 1845 19.02

(a) Calculate the void ratio corresponding to the end of each stage and plot the
void ratio/log effective-stress curve.

(b) Determine the ultimate settlement that may be expected due to the consolidation
of a 4 m thick layer of this clay when the average effective stress in the
layer changes:

(i) From 136 kN/m? to 320 kN/m2.
(ii) From 85 kN/m? to 240 kN/m?2.

On an extensive reclamation site, where the water table is at the ground surface, a
layer of coarse sand 4 m thick overlies a layer of soft clay 5 m thick. A 3 m thick
layer of fill is to be laid over the site. The following data have been determined:

Unit weights:  fill=21 kn/m3 Coefficient of volume compressibility of the
sand =20 kN/m®  clay=0.22 m*/MN
clay=18 kN/m?

(a) Calculate the vertical effective stress at the centre of the clay layer, both before
and after the placing of the fill.

(b) Calculate the ultimate amount of settlement that may be expected due to the
consolidation of the clay.

The foundation of a large building will be at a depth of 2.5 m in a stratum of dense
sand. The sand is 5.5 m thick from the surface down to a layer of clay which is 6 m
thick down to a layer of hard shale. The groundwater level is at a depth of 3.6 m.
It has been calculated that the foundation loading will cause an increase in vertical
effective stress of 140 kN/m? at the top of the clay and 75 kN/m? at the bottom of
the clay. The results of an oedometer and other tests are given below. Calculate the
ultimate settlement that may be expected due to the consolidation of the clay.
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Effective stress
(kN/m?) 25 50 100 200 400 800
Void ratio 0.892 0.884 0866 0.834 0.800 0.766

Unit weights: sand =21.2 kN/m? (saturated)
and 19.6 kN/m? (drained)
clay=19.5 kN/m3

The construction of a foundation above a 3 m thick stratum of normally consolidated
clay is expected to cause an average increase in effective stress from an initial value
of 160 kN/m? to a final value of 340 kN/m?. If the liquid limit of the clay is known
to be 52 per cent and a specimen of the clay was found to have a void ratio of 0.712
when subject to an effective stress of 200 kN/m?, estimate the expected ultimate
settlement due to consolidation of the clay.

A clay layer of thickness 4.4 m is subject to a uniform increase in effective stress of
180 kN/m?2,

(a) Given that the coefficient of volume compressibility (m,) is 0.25 m?/MN,
calculate the ultimate consolidation settlement that may be expected to take
place.

(b) Given that the coefficient of permeability (k) of the soil is 5 mm/yr and the
time factor (T;) for full consolidation is 2.0, calculate the estimated time required
for the ultimate settlement to take place (assume double drainage).

A clay layer of thickness 5.8 m is underlain by an impermeable layer of shale and
overlain by a moderately permeable sand. The loading will be such that the effective
stress in the clay will be increased uniformly over its whole thickness over a wide
area. In a laboratory oedometer test a specimen of the clay of thickness 20 mm,
subject to the same level of effective stress, showed a change in void ratio from 0.827
to 0.806. It was also observed that, after 30 min. had elapsed, 65 per cent of the
consolidation had taken place.

(a) Calculate the expected ultimate amount of consolidation settlement.
(b) Calculate the time required for: (i) half, and (ii) three-quarters of the ultimate
settlement to take place. (Refer to Table 10.1 for values of T,.)

Observations of a building have shown that over the first two years after construction
an average settlement of 65 mm has taken place. Laboratory tests on specimens from
a clay layer beneath the building indicate an ultimate consolidation settlement of
285 mm. Assume the 65 mm to be all due to consolidation under two-way drainage
and give an estimate of:

(a) The time required for 50 per cent of the ultimate settlement to take place.
(b) The amount of consolidation settlement to be expected after a period of
15 years (from construction) has elapsed.

The following results were recorded during an oedometer test when the applied stress
was increased from 100 kN/m? to 200 kN/m2.

Elapsed time
(min) 0 004 025 05 10 225

Thickness of
specimen (mm) 1898 1891 1881 1875 18.67 18.52
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Elapsed time
(min) 40 625 90 1225 16 25 36 64 100

Thickness of
specimen (mm) 1840 1827 18.14 1805 1798 1790 1785 17.79 17.76

After 24 hr the thickness was 17.58 mm. Using the root-time method, determine (a)
the coefficient of consolidation, and (b) the initial and primary compression ratios,
for this stress range.

Using the log-time method and the data given in Exercise 12, determine the coefficient
of consolidation and the initial and primary compression ratios.

A 15 m square raft foundation is founded at a depth of 2 m in a layer of
overconsolidated clay, which itself is 8 m thick from the surface. It has been estimated
that there will be an average increase in effective stress in the clay of 220 kN/m?2.
Laboratory tests corresponding to this stress range have shown:

Coefficient of volume compressibility (m,)=0.20 m2/MN
Pore pressure coefficient (4)=0.50

Obtain an estimate of the ultimate consolidation settlement, corrected by the
Skempton—Bjerrum method.



Chapter 11

Bearing capacity of foundations

17.1 [Introduction

A foundation is the supporting base of a structure which forms the interface across
which the loads are transmitted to the underlying soil or rock. In the majority
of cases, foundations for building and civil engineering structures are constructed
of plain or reinforced concrete. Some notable exceptions are earth and rock
structures, such as roads, embankments and dams; also some piled foundations
may be of steel or timber.

Since this book is concerned with basic soil mechanics, rather than foundation
engineering in a specialist sense, the topics in this chapter relate principally to
the soil mechanics aspects of shallow foundations and simple piled foundations.
For more detailed analyses, constructional details and specialist coverage of topics
such as deep basements, caissons, etc., readers should consult appropriate texts,
¢.g. Barker (1981), Tomlinson (1994).

The overall performance and functional viability of a foundation depends
largely on the interaction between the structural unit above and the soil/rock
unit below. The behaviour of the foundation depends on the nature of the soil
and the behaviour of the soil depends on the shape and size of the foundation
and also on the distortional behaviour of the superstructure. Thus, soils should
not be thought of as having intrinsic bearing capacities; rather, the designer should
think in terms of the bearing capacity of specific foundation arrangements, the
parameters of which describe the performance criteria of both the soil and the
structure above.

The requirements of the design process must therefore include provision for
limiting settlement or other movement, safety against ultimate shear failure,
functional serviceability and material durability, as well as economy in both the
cost of construction and of future maintenance.

The great majority of foundation design problems are routine and are solved
by the combined application of experience and local regulations. For example,
in the United Kingdom (excluding Northern Ireland) the design and construction
of low-rise buildings and their foundations must conform to one of the following;

(a) In England and Wales— The Building Regulations (current)

449
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(b) In Inner London —The London Building Acts
Constructional Bye-laws

(c) In Scotland —The Building Standards (Scotland) (Consolidation)
Regulations

Foundations designed in accordance with BS 8004, BS 8103 and CP 101, as
appropriate, are deemed to satisfy the requirements of the Building Regulations.
Under Eurocode 7: Foundations, such problems will fall into Geotechnical
Category 1 (see Appendix 1), for which the advice of a soil mechanics specialist
will seldom be required. A significant degree of overdesign may occur, but not
usually enough to seriously affect efficiency or performance. Such routine design
depends largely on detailed observance of local practice and on experience,
including qualitative studies of the performance of earlier similar structures.

11.2 Factors in the design of shallow foundations

Shallow foundations are sometimes called spread foundations and include isolated
pads, strip footings and rafts. The most usual definition of a shallow foundation
refers to the founding depth being less than the breadth. For the most part in
the case of pad foundations and strip footings this is acceptable, but for wide
rafts it is clearly unacceptable. It is sensible, therefore, to limit the term ‘shallow’
to mean less than 3 m or less than the breadth of the footing. From an analytical
point of view ‘shallow’ is taken to mean that the shear strength of the soil above
founding level is ignored in the computation of bearing capacity (see Section 11.5).

Leaving aside the structural design of the concrete footing itself, three main
design criteria must be considered:

(a) Adequate depth. The depth at which a footing is founded, i.e. the depth below
the surface to its underside, must be sufficient to prevent any adverse effects due
to changes in surface conditions. These may include climatic changes in
temperature or rainfall, the action of freezing and thawing, temperature changes
transmitted from the building and changes in groundwater levels. Adequate depth
may also be significant when foundations are subject to horizontal loads or strong
overturning moments.

(b) Limiting settlement. The amount of total settlement, differential settlement
and angular distortion that may be tolerated depends on the required functional
performance of the building and the requirements of the user, as well as on
economic factors, such as asset values, insurance costs, potential production losses,
etc. Immediate (undrained) settlement must be considered separately from
time-dependent settlement, most settlement damage may be classified as
architectural and will be confined to cladding and finishes. Immediate
settlement occurs during construction as. the dead and structural loading is
imposed; subsequent damage will therefore be minimised if the application of
finishes, etc. is delayed until the dead loading is complete.

Guidelines to limiting values are suggested by a number of sources, but the
following routine limits appear to be conventionally acceptable (Skempton and
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MacDonald, 1956):

SANDS Maximum total settlement=40 mm for isolated footings
=40-65 mm for rafts
Maximum differential settlement between adjacent columns =25 mm
CLAYS Maximum total settlement =65 mm for isolated footings
=65-100 mm for rafts
Maximum differential settlement between adjacent columns =40 mm

See also Section 11.6.

(c) Factor of safety against shear failure. Shear failure occurs when the soil
divides into separate blocks or zones which move fully or partially, and
tangentially with respect to each other, along slip surfaces. Thus, a plastic yielding
condition has developed wherein the shear stress along the slip surface has reached
a limiting value, i.e. an ultimate limit state. Ultimate limit state shear failure is
only likely to be a controlling design factor in the case of foundations on hard
brittle soils or soil of low or intermediate plasticity; more generally, limiting
settlement will be the controlling factor. Foundations most susceptible to shear
failure are those having high live-to-dead load ratios, e.g. heavy engineering
structures, silos, bridges, masts, water-retaining structures. The principal criterion
for design will be that the ratio of the shear strength of the soil to the maximum
mobilised shear stress must not be less than an appropriate value, i.e. factor of
safety. Conventionally, this factor of safety should be at least 2.5 or 3.
Three principal modes of shear failure may be defined:

General shear failure (Fig. 11.1(a)). This occurs when a clearly defined plastic
yield slip surface forms under the footing and develops outward towards one or
both sides and eventually to the ground surface. Failure is sudden and will often
be accompanied by severe tilting leading to final collapse on one side. This mode
of failure is associated with dense or overconsolidated soils of low compressibility.

Local shear failure (Fig. 11.1(b)). In compressible soils, significant vertical
movement may take place before any noticeable development of shear planes
occurs. As the soil beneath the footing reaches the yield condition shear planes
develop, but fail to extend to the ground surface. Some adjacent bulging may
occur, but very little tilting takes place. The settlement which occurs will usually
be the principal design criterion.

Punching shear failure (Fig 11.1(c)). In weak compressible soils considerable
vertical movement may take place with the development of slip surface restricted
to vertical planes adjacent to the sides of the footing. Bulging at the surface is
usually absent and may even be replaced by drag down.

The failure mode depends mainly on the compressibility of the soil. In dense
sands and cohesive soils of low compressibility the general shear condition usually
occurs. In highly compressible clays and silts a punching shear failure is most
likely. Punching failures have also been observed in loose sands, but are more
likely to occur at greater depths, or as a result of the compression of an underlying
soft layer. In normally consolidated clays drainage conditions may influence the
mode of failure: whereas general shear failure might occur under undrained
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(a)

(b)

drag down

{c)

Fig. 11.17 Modes of shear failure
(a) General shear failure (b) Local shear failure (c¢) Punching shear failure

conditions, under longer term drained conditions failure may be due to punching
shear.

11.3 Definitions of bearing capacity

The ultimate bearing capacity (g;) is the intensity of bearing pressure at which
the supporting ground is expected to fail in shear, i.e. a collapse will take place.
In Eurocode 7 the equivalent value is defined (with considerable more length) as
the ultimate limit state design vertical capacitance (Q4) and is quantified as a load
(force) and not as a pressure (stress).

The net bearing pressure (q,) (also known as the net foundation pressure) is the
net change in total stress experienced by the soil at the base of the foundation;
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Fig. 11.2

this being the difference between the total applied stress and the stress removed
due to excavation.

4n=9—0, [11.1(2)]

where g=contact pressure at the base of the foundation
o,=overburden pressure adjacent to the foundation
(or overburden relief due to excavation)
=D
y=unit weight of soil
D =founding depth (Fig. 11.2)

In terms of effective stress (e.g. when the water table is above the base):

qn=9q—0, [11.1(b)]

where o,=yD—y,h,
h, =height of water table above foundation base (Fig. 11.2)

The factor of safety against shear failure is defined as the ratio between the
net ultimate bearing capacity and the net bearing pressure:

Factor of safety, F= 12 =4~ % [11.2]
qn q—0a,

The usual value of F is 3.0, with 2.5 being considered a minimum for building

foundation