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Preface

This book contains 106 papers selected by the reviewers out of 170 accepted papers for the
International Symposium on “Dams and Reservoirs under changing Challenges” held on
June 1, 2011 during the 79" Annual Meeting of the International Commission on Large
Dams in Lucerne, Switzerland.

In today’s globalized world, many things seem to be changing ever faster. Even for the
very ancient art of building dams, the largest man-made structures of great longevity, some
boundary conditions are indeed different nowadays from what they used to be. In particular,
besides the technological part in the dam planning, construction, operation and maintenance
processes, ICOLD’s mission to also adequately deal with the environment and related infra-
structure has become increasingly important and challenging. In the frame of global climate
change, altered water cycles as well as more extreme weather conditions and an increasing
number of natural hazards clearly affect the safe and economical operation of dams and
reservoirs. Moreover, emission-free hydropower production as the most important form of
“liquid” solar energy and the provision of water for irrigation and potable water supply is
becoming more and more important to meet the world’s fast growing demand for energy and
food in a sustainable way.

These reflections led us to divide the symposium into four main themes, namely

Long-term behaviour of dams
Dams and climate change
Dams and natural hazards
Dams in a sound environment.

This book gives an overview on current case studies, design applications, construction,
maintenance and operation experience as well as research and development activities related
to the mentioned themes from around the world.

The editors gratefully acknowledge the contribution of the authors, the work of the review-
ers and the support of the international scientific as well as the local organizing commit-
tees. Special thanks go to Dr. Michael Pfister (LCH) and Lukas Vonwiller, Jeannette Gabbi
and Renata Miiller (VAW) who managed the review process and the submission of the final
papers and prepared the print-ready version of these Proceedings.

Moreover, the support and sponsorship of our partners and sponsors are kindly
acknowledged.

Anton J. Schleiss

Laboratory of Hydraulic Constructions (LCH )

Ecole Polytechnique Fédérale de Lausanne (EPFL)

Conference chair and Chairman of the Swiss Committee on Dams

Robert M. Boes
Laboratory of Hydraulics, Hydrology and Glaciology (VAW )
Swiss Federal Institute of Technology Zurich (ETH)

Conference chair

Lucerne, June 2011
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Theme A: Long-term behaviour of dams

Grande Dixence Dam, Switzerland (285 m, 1961).
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Ermenek HEPP—dam and reservoir behavior during impounding

E. Uziiceck
Devlet Su Isleri( DSI), Yucetepe, Ankara, Turkey

R. Kohler
Poyry Energy GmbH, Salzburg, Austria

J. Linortner & S. Giiven
Poyry Energy GmbH, Ankara Branch Office, Ankara, Turkey

ABSTRACT: An Austrian—Turkish Consortium is constructing the hydro power plant
Ermenek in Turkey for the Turkish State Hydraulic Works, DSI. The project is located in the
South of Turkey, at the Ermenek river, and has an installed capacity of 300 MW with an esti-
mated annual energy output of 1000 GWh. The project consists of an arch dam, a large grout
curtain, a pressure tunnel, a power house and appurtenant structures. The 218 m high double
curved thin arch dam is located in a mega-block (Olistolith) of Nadire limestone. The highly
karstified limestone is sealed at both sides of the dam by a huge grout curtain of 682.00 m>.
The performance of this grout curtain together with the drainage curtain in the vicinity of
the dam abutment is of high importance for pore water pressure and consequently the dam
stability. In addition the grout curtain should reduce the seepage to a minimum. Further on
the tightness of the reservoir itself is of high interest due to the low water inflow (yearly aver-
age 42.3 m’/s) compared with the reservoir volume of 4600 mio m?.

1 INTRODUCTION

1.1  General

The concreting works for the dam started in September 2007 and could be finalized in Octo-
ber 2009. For the 218 m high dam, only 300,000 m*of concrete and about 363,000 m? of rock
excavation were necessary due to the extreme steep and narrow gorge with a natural width
at the base of 20 m and about 110 m at the crest. The thickness of the structure at the center
line is at the dam’s base 25 m and 7 m at the crest.

As the reservoir has a huge overall volume of about 4600 mio m? it was necessary to start
with the impounding already during the dam construction. Therefore, when concreting of the
dam reached an elevation above 600 m a.s.l., i.e. 100 m below final crest elevation, the verti-
cal contraction joints were grouted and the impounding started in August 2009. Due to the
narrowness of the valley and the high water influx during the wet season the reservoir level
increased rapidly after overtopping of the concrete cofferdam. The average increase between
August 2009 and March 2010 was approximately 40 cm/day with a peak of 10 m/12 hours
increase during an extraordinary flood (100 year flood event) in November 2009. By the
end of September 2010 the lake reached the elevation of 625 m a.s.l., which is 135 m above
foundation.

In summer-dry season the reservoir was gradually filling and the next increase of further
rapid filling is expected in the winter-wet season between November 2010 and May 2011.
Start of operation is expected for May/June 2011 depending on the water influx of the next
coming months. The remaining additional amount of water volume for start of operation is



about 1300 mio m’. Maximum operation level can be reached only 2 years later according to
longtime average influx values and the usage of water after start of operation.

The main items of interest which are influenced by the increase of the water level and
mountain water table during impounding are:

o the stability of the dam and its abutments
e the tightness of the grout curtain
e the reservoir tightness itself

1.2 General geological conditions

The dam site is located in a large limestone body which is embedded in a sequence of flysch-
type rock with alternating layers of sandstone and claystone. In the reservoir area the lime-
stone is crossed by a major fault (F1) which also causes a downward displacement of the
marl so that the permeable limestone (dam side) borders to impermeable Gérmel marl along
the F1 fault.

A second fault F2 runs parallel to F1-fault, but closer to dam site. An overview of the
geological conditions at dam site is given in figure 1.

In the course of the project execution the alignment of the grout curtain was re-considered
once more and therefore further investigation (geophysical and hydro-geological investiga-
tions, boreholes, etc.) were executed at the right embankment to evaluate the behavior of
fault F1. Finally it could be concluded that with the new alignment the grout curtain could
be shortened and anchored into the impervious Flysh rock.

In the reservoir itself, detailed hydro-geological investigations were executed by the
hydro-geological department of the client, to ensure that there will be no seepage out of the
reservoir.

For the dam and for the wedge stability during the dam excavation detailed rock parameter
studies were performed and detailed survey and mapping of the faults and joints in the con-
cerned area was applied before and during the progress of the works. All information gained
during the excavation of the grouting galleries and tunnel with a total length of more than ... km
were taken into consideration for both wedge stability calculation and grout curtain design
and application.
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Figure 1. Geological overview at dam area.
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2 EVALUATION OF THE DAM AND RESERVOIR BEHAVIOR
AFTER START OF IMPOUNDING

2.1  Dam and abutments

The following picture shows the dam from a downstream view with the impounding stage in
October 2010.

The grouting works in the vicinity of the dam were done in two steps: first step was con-
solidation grouting to improve the contact between concrete and rock and to homogenize
the surrounding rock fissured due to blasting during excavation and as second step the grout
curtain was drilled and injected. In addition link holes were executed in the abutments, to
connect the grout curtain with the dam body concrete. In the vicinity of the dam the curtain
was executed as double and partly triple row. Consolidation grouting holes and the link-
holes were drilled from the inclined shafts, whereas the grout curtain was drilled from gallery
to gallery. Subsequently figure 3 shows the application of the grouting works in the dam
abutment.

Finally a drainage curtain at both dam abutments was drilled at the air side with a drill-
hole length of 20 m. This drainage curtain was drilled from the galleries as well as from

Figure 2. Picture of the dam from downstream taken in October 2010.
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Figure 3. Application of consolidation and link hole grouting from inclined shaft.
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the grouting chambers. The ones closer to the curtain are dewatering upwards, the others
downwards (see figure 4). In order to observe and control the uplift pressure below the dam
foundation drainage holes were drilled from the lower dam body gallery. By means of the
drainage curtain in the vicinity of the dam the uplift pressure is controlled which is essential
for the dam stability and also for the stability of the abutments. The total water seepage from
the galleries and also from the dam abutments is measured by water flow gauging stations
which are located at the gallery levels at both sides of the dam.

To monitor the deformation of the abutments, extensometers are installed at the gallery
levels with depth of 5, 10, 20 and 30 m in downstream and upstream direction. Beside this
the dam body is fully equipped with instrumentation of pendulum, clinometers, strain- and
pressiometer, invar wires, temperature gauges, water level gauge, jointmeter, etc. (see Zenz
et al. 2009).

Piezometer have been installed in addition at different levels and locations which also allow
to monitor the development of the uplift pressure. The piezometer in the dam abutment at
both sides have a staggered depth of 5, 15 and 30 m (see figures 4 and 5).

The evaluation of the measurement results at the Ermenek dam during the first two years of
impounding, i.e. until reaching the minimum operation level of 660 m a.s.l., is done by Poyry.
As a first step Poyry developed the work program for the measurements and focused on the
improvement of the accuracy of different measuring devices. The evaluation of the records
is done in 3 months intervals. So far no unusual behavior of the measured deformations and
strains where observed at the dam body and abutment. The maximum deformations in the
dam are actually around 3.3 mm which is below the calculated value of 4.7 mm.

From seepage point of view it can be stated that in the close vicinity of the dam (200 m on
each side) the performance of the double row (-triple row) grout curtain is rather successful.
No high seepage was encountered from the drainage curtain, neither in the grouting cham-
bers nor in the gallery connection points with the dam body. Also the seepage in the gallery
section is very low compared to the gallery sections with only single row curtain. In the dou-
ble row curtain section only some holes are dripping and a few of them are slightly flowing.

The figures below show the locations of the piezometer and pore-water-pressures meas-
ured in the vicinity of the dam by the end of September 2010.

From uplift point of view it has to be stated that a few piezometers at the left bank showed
rather high values which were already at the border of the design assumptions, in particular

& .( T

T

Figure 4. Dam instrumentation and drainage curtain.
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Figure 5. Piezometer measurements in the dam’s vicinity.

the short (5 m) piezometer no. 43 and no. 49 next to the concrete-rock interface. Checkholes
drilled into these intersection joints could not confirm the high uplift pressure. So the reason
for these wrongly high recorded values might be found in the application of the piezometer
installation. The uplift pressure at the dam foundation is below the design assumptions.

2.2 Application and tightness of the grout curtain

The grout curtain alignment was changed and shortened during project execution to a still
remarkable total length of 2.2 km in order to anchor the curtain in the impermeable underly-
ing flysch rocks (see chapter 1.2). About design and construction of the grout curtain it was
reported in Linortner et al. (2009).

The limestone is a massive rock in moderately jointed condition. Especially at the left
embankment and close to the contact to the underlying flysch rocks it could be noted that the
degree of jointing is significantly lower than in general (see figure 6). In these areas it could
be noted that the limestone is thickly bedded, but these bedding planes are closed and not
karstified, therefore permeability and grout takes are low in these areas.

In general the rock is highly karstified. The intensity of karstification is slightly decreasing
with depth. Even below the original groundwater level (of approximately 504 m) the rock is
karstified, although approximately 100-150 m below the groundwater level the intensity of
this process is significantly diminishing. The contact to the underlying flysch rocks is sharp,
but it is not accompanied by increased karstification.

The karst cavities have been developed preferentially along the orthogonal joint system and
the openings are often filled with soft clay with increased tendency of washing out closer to
the surface of terrain. During grouting works it could be observed occasionally that the clay
fillings have been pressed out to free surfaces from a depth of up to 70 m below gallery GR4.
The fault F2 intersects the grout curtain two times, has a thickness of a few centimeters, at
chainage 0 + 200 up to 1-2 decimeter, and is accompanied by parallel joints and faults of high
persistence especially between chainage 470 and 770. This fault is associated with increased
karstification and causes increased permeability of the rock mass so that additional sealing
of the curtain had to be done.

The grout curtain is executed as an inclined curtain towards upstream from four galleries
with about 70 m vertical distance, connected by link holes at the gallery levels. In general, it
is a single row curtain with a final average spacing of 1.20 m. In the vicinity of the dam it is
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Figure 6. Geological section through the new grout curtain alignment.

executed as a double row curtain with reinforcing by a third row where necessary (based on the
grout take in the first two rows). The average grout take in the grout curtain holes is 92 kg/m.
The grout curtain was finalized in the lower two galleries before the impounding started. The
grouting pressure applied was two times the final water pressure after full impounding.

Evaluation of the success of the grouting works was done during the grout curtain appli-
cation by check holes with core recovery and Lugeon tests. The criteria for the Lugeon tests
were defined by 1 to 2 Lugeon in the vicinity of the dam and 3 to 5 Lugeon in the other areas.
Where these criteria could not be fulfilled additional grout holes were applied to strengthen
the curtain.

Finally the drainage holes were drilled in each gallery with 12 m spacing and a depth of
10 m. For further control piezometer holes were applied, in the lower galleries with a depth of
40 and 100 m and in the upper galleries with 40 m. Prior to start of impounding the seepage
and water pressure was recorded to be compared with the records during rising of the water
level. Following figures show the increase of water seepage and the increase of water pressure
in comparison with the rising water level in the reservoir within the first year of impounding.
Total recorded seepage with end of September 2010 was recorded by 33 I/s which stays below
the assumptions.

For comparison of the pressure, upstream and downstream of the grout curtain piezom-
eter were installed, recorded and evaluated together with the piezometer installed in the gal-
leries. The following figure shows a section about 300 m downstream of the dam through the
grout curtain.

In the figure below it can be seen that the water pressure recorded downstream of the
grout curtain is quit high and above the design assumptions. The reason for this is on the
one hand side the high permeability along fault F2 which is also confirmed by the seepage
measurements and on the other side the low permeability of the rock mass towards the gorge.
To solve this problem strengthening of the grout curtain in the location of the fault and its
branches is ongoing. Finally the water pressure will be released by drilling of additional
drainage holes.

2.3 Tightness of the reservoir

At maximum operation level (694 m a.s..) the reservoir will have a surface area of 58.74 km?
and a volume of 4582 mio m?®. Compared to this huge reservoir, the mean water inflow of
42.3 m?s is relatively low and therefore the tightness of the reservoir is very important.
The hydrogeological investigations of the reservoir conditions were done by the geo-
logical and hydro-geological department of DSI. Mainly the geological formations
and the springs surrounding the reservoir were mapped and evaluated. All springs
are above the operation level of the reservoir indicating an impermeable basin.
The question of waterloss out of the reservoir towards South along F1 was answered by
the information gained from additional geological investigations like boreholes, seismic and
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Figure 8. Section through the grout curtain.  Figure 9. Development of the piezometer pressure.

hydro-geological investigations and lead to the decision that the grout curtain alignment was
shortened as described in chapter 1.2.

In addition to the above mentioned investigations the contractor ordered a study at the
UKAM-—Hacettepe University/Ankara about possible waterloss along F1. For this study
15 wells in the concerned area were drilled and the water levels were measured during dry
and wet season. Additionally to that the hydro chemical conditions (chemical analysis and
electrical conductivity) have been evaluated and groundwater monitoring with tracer tests
have been executed. The findings in this report did not give a clear picture but also not a clear
indication of a risk for seepage towards South. Therefore Poyry together with the local geo-
logical and hydro-geological experts A.&S. Altug prepared an additional study taking also
the information’s of the UKAM report into consideration. This study came to the conclu-
sion that there is no indication for water loss along F1 and the chosen alignment of the grout
curtain should be followed up.

Several piezometer have been installed on both embankments, up- and downstream of the
grout curtain, in order to observe the increase of the groundwater level. The upstream ones
show the development of the ground water table during impounding, the downstream ones
give an indication of the tightness of the grout curtain. In the figure below the locations of
those piezometer and some significant measurement records are shown. The general trend
of bank filling can be seen from the contour lines of the groundwater level. This shape of
the contour lines remained more or less constant during impounding which indicates also
homogenous underground conditions in the reservoir.

The hydraulic gradient between reservoir and grout curtain is getting lower with increased
reservoir filling which also indicates a gradual filling of the joint system in the banks upstream
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Figure 10. Field piezometer with flow directions.

of the grout curtain. This is demonstrated by the decreasing difference between the upstream
piezometer and the reservoir water level as shown in figure 9. Furthermore it can be seen
that the groundwater flow direction between several piezometer in the vicinity of fault F1 is
changing in monthly intervals due to weather conditions which lead to increased groundwa-
ter inflow from the mountainside. This is a positive indication, as the extension of permeable
rocks below the overlying Gormel marble could not be confirmed at every part of reservoir
before impounding. Now it is confirmed that there is no seepage towards the South.

3 CONCLUSION

At this stage of the evaluation, October 2010, 135 m out of total 204 m are impounded.
Impounding is still ongoing and start of operation is expected to be reached in May/June
2011.

So far the deformation behavior of the dam is within the expected range. For the tightness
of the grout curtain and the reservoir the evaluation of the measuring results is an ongo-
ing process. The pore pressures and seepages in the vicinity of the dam are within expected
values. Higher seepages are encountered in the area of a fault zone crossing the grout cur-
tain. The total seepage is below the assumptions, but the pressure at the downstream of the
grout curtain is above the design assumptions in the area of F2. Therefore treatment of the
grout curtain is ongoing in the concerned areas and additional drainage holes are ordered
to be drilled. Bigger waterlosses out of the reservoir could not be recorded; even during the
dry season in 2010 only smooth filling of the surrounded embankments was observed. So
impounding can go on without any interruption.
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A new approach for large structures monitoring:
SCANSITES 3D®

H. Langon & S. Piot
SITES Company, Rueil-Malmaison, France

ABSTRACT: Dams’ monitoring needs to take care of walls’ deformations and degrada-
tions. New technologies provide some modern tools to produce some detailed and numeric
visual inspection and geometric surveys. The SCANSITES 3D® was developed to provide, in
a multilayer file associated to a database, a high density survey and a detailed inspection. Two
case studies show the method’s results.

1 INTRODUCTION

Since decades, among the existing monitoring devices and methodologies, two are widely
used for large dams’ safety management: visual inspection and geometric survey. The first
is usually carried out with empiric methods, and the second is realized using accurate but
discrete methods such as geodetic micro-triangulation.

This paper introduces a new approach, using an exhaustive and numeric method called
“SCANSITES 3D®”.

The SCANSITES 3D is based on a combination of the SCANSITES® method, which is
an advanced tool to provide numeric defects inspection on large structures, and a new wide
ranged Lidar technologies aiming to deliver geometric exhaustive mapping, and photogram-
metric coverage.

In the first part of this paper, we will describe the SCANSITES® method, in a second
part the Lidar coverage and in the third one, the photogrammetry. We will explain how the
combination is performed and which data can be extracted on large structures. Before con-
cluding, we will extend this paper with additional data which could be overlaid, such as
thermographic pictures.

2 SCANSITES® OVERVIEW

By the past, many owners weren’t completely satisfied with the traditional defects mapping
process, using binoculars or rope access. The main drawback is the difficulty to produce a
scaled defects map enabling an accurate and reproducible monitoring (crack evolution...).
To answer this problem, the SCANSITES® was developed in 1990’s. This system aims to pro-
duce a numeric defects mapping connected to a database which is working as a true real-time
G.LS. (Geographic Information System). It’s composed of:

e An hardware tool with a robotized inspection head and its controllers (Fig. 1).
o A software suite including a database and several dedicated inspection tools.

The whole system is designed to operate in-field, without heavy carriage. Several dozens of
dams have been surveyed by the SCANSITES® and SITES Company team across the world
(Figs. 2, 3).
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Figure 1. SCANSITES® head.

Figure 2. Defects mapping.

Figure 3. Picture of defect captured with SCANSITES®.
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3 LIDAR OVERVIEW

The Lidar (Fig. 4) is a device which aims to produce some high density surveying in 3D
coordinates. It’s based on two angular coders and a remote electronic distance measurement
device. The system works with enough velocity to acquire thousands points each second.
To cope with most of dams, a wide range Lidar is used. It is able to scan structure, up to
1000 meters onto surfaces, with less than 20% reflectivity.

The result of a Lidar survey, called “point cloud” (Fig. 5.), is usually composed of tens
million points known in XYZ. The average density ranges from 1 point each 5 to 20 mm.

4 PHOTOGRAMMETRIC OVERVIEW

In this case, the photogrammetric coverage aims to deliver exhaustive and high definition
pictures of the structure. The goal is to be able to produce a visual inspection, using 3D ref-
erenced pictures. The camera and lenses used can give a pixel equivalent to few millimeters
onto the structure, which is enabling to detect the main defects. As photos’ orientation is
known, each photo can be projected on 3D mesh to texture it (Fig. 6). Next step is to project
the textured 3D mesh on a primitive projection (plane, cone, and cylinder) to obtain a map.
This projected image is called orthophotography.

Figure 4. Lidar in operation.

Figure 5. Point cloud of a dam.
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Figure 6. High accuracy picture of degradation captured with the camera.

5 OPERATIONS

In this section, we will explain the different steps required to produce a SCANSITES 3D®
survey. As said before, all data are known in a 3D referential. For that, the method can use the
one established for the traditional survey (targets, pillars). In case where there is no available
network, it is necessary to create one, based on singular points on the structure and deter-
mined with traditional survey operations.

Concerning the visual inspection, each dam’s owner has its own requirements. It deals
with defects, which have to be surveyed, and the associated classification. One of the most
important parameter is the minimum opening for crack that needs to be surveyed. It mainly
impacts the focal length used during the inspection (up to 4 meters!) and widely, the total
number of defects stored. All those considerations enable to prepare the mission, mainly the
database and the inspection software.

At this step, in-field operation can begin.

SCANSITES® and Lidar are set at different locations in order to cover the structure’s sur-
face. The high gain video camera and quality lenses of the SCANSITES® enable it to work
with low ambient luminosity. The Lidar, as for it, can work without light.

With the Lidar, a complete scan is realized. Based on this point cloud, a triangular map-
ping (Fig. 7) is generated and converted in a 3D shape. The first use of this 3D shape is to
enable the SCANSITES® to locate the defects in 3D.

With those incoming data, we proceed to the visual inspection. The technician scans the
entire wall moving the inspection head with a joystick. When a defect is seen, it is caught.
The 3D map is updated in real time with defects and the database is filled in, with its charac-
teristics and coordinates.

In parallel to the scanning operation, a complete high definition photogrammetric cover-
age is done.

6 TREATMENTS

The treatments aim to produce, on a multilayer file, a map containing all defects caught, the
geometric deflections and the photogrammetric coverage.

The first step is to compare the dam’s 3D shape to the theoretical shape or to a previous
survey. The 3D deflections are extracted, and a map is generated. Two ways of representation
are possible. One is a coloured map: each colour depending on deflection value. The other
way is to carry out a contour line representation.

The second step is to overlay the defects surveyed with the SCANSITES®, using the refer-
ential network.
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Figure 7. Triangular mapping.
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Figure 8. Map overlaying deflection/defects and magnifying.

The last step is to overlay the pictures directly on the structure’s 3D shape enabling to
produce an ortophotography. With that file, many views can be generated such as composite
views: defects/deflections, defects/pictures, or thematic views (based on database queries).

6.1 Case study: dam N°I

The SCANSITES 3D® method was applied on a dam, located inside EU. Its main figures are
87 meters hight and 180 meters long along the crest. The aim of this job was to connect the
geometric deflections to the defects surveyed. Both upstream and downstream facings were
monitored.

The Lidar survey required 12 million points, and the defect total quantity was near to
300.

The map (Fig. 8) shows a colored layer of the downstream facing deflections vs. defects
drawing (mainly cracks).
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6.2 Case study: dam N°2

The second case study concerns a dam also located in EU but slightly larger: 120 meters hight
and 250 meters long along the crest. The average distance between SCANSITES 3D® points
of view and the downstream facing were about 200 meters (Fig. 9).

On this dam, two parts are distinguished: a sensitive part, located near to the banks and
the bottom, and a common part which is the remainder.

The aim of the job is to get dam geometric deflection, a very accurate visual inspection
onto the sensitive part, a less detailed inspection onto the common part and a global photo-
grammetric coverage.

As carried out on the previous case study (Dam n°l), a Lidar point cloud was generated
representing tens million points. In parallel, we covered the whole facing with pictures, pro-
jected it on 3D shape, and then on projection cylinder, for a total quantity exceeding 3 billion
pixels (Fig. 10).

Concerning the visual inspection, the SCANSITES® was used for the sensitive part. For
the common part, all defects were caught directly on the 3D textured model.

Figure 9. Lidar and SCANSITES® in operation.
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Figure 10. Orthophotography (cylindrical projection).
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7 RESULTS

Concerning the visual inspection, the main difficulty for traditional methods, such as rope
access or binocular inspection, is to produce a map enabling a good location of defects and
their evolutions. SCANSITES 3D® provides some numerical results: a scaled defect map and
defects database. The first result is to produce an accurate report emphasizes defects evolu-
tion between two inspections, and the number of defects classified by zone (Fig. 11). This is
helpful for establishing an accurate bill of quantities for restoration works, like total crack
length to be treated, total corroded bar amount for passivation treatment...

The Lidar coverage is a guideline for defects analysis, for instance to see if cracks are cor-
related, or not, with geometrical distortions.

Another interesting point is its use on parts covered of vegetal moss. Scanning one way we get
structural information whereas visual inspection is inefficient. It is also helpful to know where a
structural diagnosis has to focus on (with concrete sample or testing core for example).
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Figure 11. Number of defects by family and zone.

Figure 12. 3D textured shape of a downstream with a surveying of galleries.
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Figure 13. Scanner distortion map superposed to classical surveying targets, and classical surveying
targets distortions.

As the accurate 3D shape of the dam is known, data for planning sensor installation or
wells location can be easily computed (Fig. 12).

Traditional geometric survey uses theodolites and well-known microtriangulation meth-
ods. It presents the advantage to provide some results close to the best possible accuracy
(near to 1 mm). However, the drawback is to be a “discrete” method, because it focuses on
limited number of points, usually few tens (target, reflectors), not necessary placed on critical
parts.

Even if SCANSITES 3D® is less accurate, the high density scan produces some surface
definitions near to 3—4 mm uncertainty. Usually working with few millions points, it provides
a global information. It widely improves the sensitivity of the geometric diagnosis, showing
all details (Fig. 13).

The last advantage is these methods work on every structure, even if there is no surveying
equipment such as targets.

All data (photo, geometric survey, defects maps, evolutions) are overlaid on a same file.
The engineer gets a faster way to make his diagnosis compared to the fastidious data fusion
imposed by separated reports.

The last result is to store all collected data in a database, offering efficient tools to measure
the structure ageing and widely a “fleet” of structures.

All these jobs are performed without rope access, increasing dramatically the safety
conditions.

8 CONCLUSION

We've presented a new and modern approach for visual inspection and geometric survey, here
focused on dams, with the SCANSITES 3D®. This method is particularly adapted to every
structure which needs the resuming of its monitoring program, because it provides an exhaus-
tive inventory. It also permits to readjust an existing monitoring program by completing the
lacks forgot by classical approach. Not only is this method adapted to concrete structures,
but it can also be used on old constructed works, masonry-work, clay works. The correlations
between the defects and deflections are finally some precious information to locate the areas
where geodic surveying and sensors have to focus on. Moreover, besides useful results for the
monitoring, the SCANSITES 3D® provides as-existing mappings which are often lacking on
old structures. This method is widely applicable on large structures such as cooling towers but
also skyscrapers, chimneys. The next step (in progress) is to overlay a high accuracy thermo-
graphic imagery survey. The aim is to study the possible gain in diagnosis, mainly on cracks.
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Maintenance and operation of aged dams

Y. Kita, S. Ariga & M. Katayama
Electric Power Development Co., Ltd, Tokyo, Japan

ABSTRACT: In this paper, our approach for extending the lifetime of the aged dams is
described. The main problems of the aged dams are structural deterioration and disappear-
ance of records. The extraction work of the problem was conducted based on the failure mode
analysis of the dam for structural deterioration. Consequently, there was no urgent problem
connecting with the dam failure. But, it turned out that information such as monitoring records
had not been used effectively enough for maintenance of dams. It was reconfirmed that the peri-
odical check and the measurement were the most important for the operation and maintenance
of the dam, and various approaches for the improvement of the dam safety have commenced.

1 DAMS OF EPDC

1.1 History of EPDC

EPDC (Electric Power Development Co.,Ltd.) was established in 1952 to accomplish the
large-scale power generation projects suitable for a rapid increase in the power demand of
Japan after World War II. The first large-scale electric power development that EPDC had
handled was the Sakuma Dam of the concrete gravity type of 155.5 m in height in 1956.
Then the domestic construction standard of a large-scale dam in Japan was not provided. So
it was designed by adopting an overseas technology and the standard, and constructed by
using imported construction equipments. Afterwards, the Okutadami Dam (concrete gravity
type, 157.0 m, 1960) and the Miboro Dam (rock-fill with inclined impervious core, 131.0 m,
1961) which was called "Pyramid in the Orient" at that time were developed. The large-scale
hydro power projects have been accomplished in a short term, and now EPDC subsequently
owns and operates 48 Dams in Japan. The major EPDC dams show in Table 1, and those
locations in Figure 1.

1.2 Current situations and issues of hydro power plant

Recently, Japan’s economic growth is at low level after the high-growth period had been
maintained after World War 11, and also the expansion of the power demand has stagnated.
The number of domestic new hydro power projects has decreased, and the scale is also smaller
than before. However, the hydro power as renewable energy performs the key role in accord-
ance with highlighting the value of global environment. Moreover, Japan’s self-sufficiency
ratio of the energy resources is the lowest in the advanced countries, and importance of the
hydro power that is a pure domestic energy is quite high. Effective use of the existing hydro
power is the national proposition in term of energy security.

The history of the hydro power development in Japan is so old that the half number of
existing hydro power stations passed 60 years or more after construction, and various repair
works, big and small, of the old hydro power plants are increasing in recent years. It is big
problem for the electrical power companies in Japan how aged hydro power plants will be
operated efficiently for a long time. The 73% of EPDC dams also passes 40 years or more
(Fig. 2). The mission of EPDC is changing from the large-scale hydro power development
into adequate maintenance to extend its dams’ lifetime.
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Table 1.

Major EPDC dams.

(m’)
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Figure 1. Locations of EPDC dams.
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Figure 2. Elapsed years distribution of EPDC dams.

2 THE APPROACH FOR SAFETY MANAGEMENT OF DAM

2.1 Problems in safety management of dam

Although structural remarkable damage is not observed, partial deterioration of dams that
EPDC manages begins to appear. For example, the water stop in construction joint dete-
riorated, and the surface materials of rock-fill dam weathered although those phenomena
cause neither critical nor dysfunctional damage immediately. The dam has a complicated and
organic function to store the river water, to generate the power utilizing the storage water, to
supply the water to the industry, the public and for irrigation, and to control the flood. The
steel structure such as the gates and the mechanical devises are maintained preventively based
on the elapsed time. However, the fixed quantitative evaluation of the degradation phenom-
enon is difficult, because the dam is composed of various structures. It is necessary to under-
stand that deterioration mechanism is different among each dam and it is important to make
an appropriate diagnosis to an individual dam and to maintain it in the most effective way.

Moreover, when dealing with the aged deterioration, the problem is not only structural
deterioration but also disappearance of information. The important information such as
geological features and technological methods during construction was rarely recorded sys-
tematically at that time, and only a part of it was described explicitly in the construction
records. A lot of information necessary for dam maintenance is disappearing as time goes by.
That is the cause to make the dam safety management difficult.

2.2 The systematic approach for dam safety evaluation

The monitoring and the measurement are the most important work for managing the dam
safety. The maintenance team at the site office has executed a repair work in a small-scale based
on the daily monitoring and the measurement. On the other hand, a large-scale refurbishment
has been conducted by the head office. Recently, as the deterioration of the most of dams is
proceeding, it becomes more difficult for site office to evaluate the degree of deterioration and
the most effective investment cost, which requires a high-level engineering judgment. Consid-
ering that situation, we are trying to create the system (Fig. 3) to manage the dam efficiently.

2.2.1  The risk analysis for dams

First of all, we tried to understand the current state of the dam, and to extract the risk con-
necting with the dam failure, then we referred the technique of the dam failure mode analysis
used by Federal Energy Regulatory Commission (FERC)Y, after comparing domestic and
foreign standards. Secondly, we made the risk scenario (Fig. 4) taking into account the dam
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Figure 3. Approach for the safety management of dams.
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Figure 4. Tree diagram of dam failure mode and cause level.

failure modes and causes by each types of dam. According to the risk scenario, the chief
engineer for each dam checks whether there is an event to meet the scenario or not. If there
are any items to meet the scenario, they will collect and arrange the evidences, such as the
pictures and the monitoring data. They can relate the events occurring in the dam to the dam

failure mode, and can improve the knowledge of risk management by doing this analysis.
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2.2.2 The dam-carte (comprehensive safety evaluation)

The dam-carte is the record of a series of information including the extracted problems by
the risk analysis, the countermeasures, the progress, and the verification of the result. In the
dam-carte, the extracted problems are prioritized according to the degree of influence and
its emergency. And those problems are classified into two categories. One is the small-scale
and a short term problem and the other is the large-scale and a mid/long term one. All of the
related parties from the chief engineers for each dam to the engineers belonging to the head
office have a common view through the dam-carte, and use it as the judging source for the
capital investment.

2.2.3  The risk communication (check & review)

The risk communication is held to check the propriety of the dam-carte in order to make
procedure, and to plan the countermeasures and those priorities. It is organized by the local
managers, engineers in the regional offices, and the engineers at the head quarter including
the external experts (Fig. 5).

2.3 Problems and countermeasures led from the result of risk analysis

2.3.1 Outline of the risk analysis result
As a result of the risk analysis done for 48 all dams that EPDC had, there was no critical
problem connecting with the dam failure at the moment. However, it turned out that the dam
measurement data that was the important information to evaluate the dam condition has not
been verified enough so far. For instance, there was the volatility of the data seemed to be the
movement of the reference point for the dam measurement, and the loss of the data caused
by the plugging of the uplift measurement hole. Thus, there were some cases that the data
was not verified regarding the reliability and the measurement method.

On the other hand, the steel structures such as the gate and the electrical control devices
etc. were maintained periodically, so there was no problem to keep its quality.

2.3.2 The problems of the dam measurement

2.3.2.1 Seepage from the concrete dam

The total volume of the seepage from the concrete dam is measured together with the seep-
age from the joints and from the drain holes. The total amount of the seepage from some old
dams over 50 years tended to increase gradually. It was too difficult to point out the reason of
the increase when the measurement of the seepage from the joint and the drain holes was not
separated. If it was separated as shown in Figure 6, it shows clearly that the seepage from the

| Board of EPDC

Countermeasure plans and prionty

=== Operation & management segment -, --w--= Technical team  -----. w3
Hydropower & Transmission system Dept. — = -
(Central control Dept.) ! Civil & Electrical
: Engineering Dept.

I Dam risk analysis and dam-cane ; : (Technical leading Dept.)
Regional headquarters i
(Branch control Dept.) co dn
I Dam risk analysis and dam-carte E External ]'fxper[g
Administration oflice
(Local control office)

Figure 5. Risk communication in EPDC.
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Figure 6. Seepage chart in a concrete-gravity dam.
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Figure 7. Correlation between seepage from joints and water level.

joints is gradually increasing, and one from the drain holes is decreasing. Figure 8 also shows
the linear relation between the seepage from drain holes and the water level recently, so the
hydraulic characteristic of the foundation of the dam is thought to be stable.

2.3.2.2  Uplift measurement

There were some cases where the uplift of a concrete-gravity dam showed “0”. In this case,
it is necessary to check the reason why the instrument doesn’t react, for example, the break-
down of the meter, or the plugging of the drain holes. After the soundness of the devices
is confirmed, it will be able to judge whether the uplift shows “0”, or the uplift water level
doesn’t reach the top of the hole. An appropriate uplift measurement can be done only after
those confirmation works are done.

2.4  Improvement of dam measurement

In case of the measurement of the dam displacement, it is necessary to treat the reference
point as fixed point to survey a relative position and the movement of the dam. Several
decades have passed since the dam construction, and there are some possibilities that the
immobility of the reference point is doubted. Since the reference point is believed to be stable,
the main reason of the dam displacement is thought to depend on the measurement error.
However, the GPS technology is developed and prevailing, and an absolute position can be
specified now. We are attempting to confirm the immobility of the reference point by using
the GPS technology.
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Figure 9. GPS installed on a rock-fill dam of EPDC.

Moreover, an industrial fiberscope can be applied to check the internal condition of the
drain holes of the concrete dams, now. When it is plugged by the efflorescence and the func-
tion of the drain holes is damaged, measures to recover its function such as cleaning and the
re-boring, etc. should be examined.

It is recognized again that it is important to understand that the original purpose of the
measurement work is to confirm the stability of the dam, to detect the fault, and to maintain
the appropriate environment for the measurement to reflect the dam’s condition. And, we are
trying to make an in-house standard of the dam measurement that shows the purpose of the
dam measurement, the method, and the application of the new technologies.

2.5 Prevention of the disappearance of records

The development of the electronic information technology, information processing technol-
ogy, and the telecommunication technology are improving the handling of the measuring
data and the recorded information. Records of the past are uniformly managed and all infor-
mation is shared among related parties through the data base system. This data base has a
probability to make it more convenient to explore the similar events when some troubles are
observed at any dams.
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3 CONCLUSION

In Japan, after the age of large-scale infrastructure construction, it entered into the age of
maintenance, when existing facilities should be maintained adequately for a long time. The
dam is the compound and organic structure composed of the foundation, the dam body,
and the associated equipment structure, and maintenance methods of dams are different
from those of the mechanical and the steel structure. The improvement of the measurement
technique makes it possible to specify the dam condition quantitatively and visibly which has
not been observed so far. However, the monitoring is one of the most important works for
the safety management for the dam. We have to change the consideration about the existing
measurement methods, and to examine the new method in order to keep the dam safety. At
the same time, we have to prevent the experiences accumulated so far from weathering, and
aim to improve the maintenance technology as well as the construction technology.
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ABSTRACT: Tokuyama dam is one of the largest rockfill dams in Japan, which JWA con-
structed across the Kiso River. Since width of the central core of Tokuyama dam was re-
designed to be thinner than the original design. Therefore, evaluation of the safety of the core
zone during the impounding period was carried out by both numerical analysis and observed
data. In this report, following the actual construction process of embankment and impound-
ing, an elasto-plastic soil/water coupled consolidation analysis is carried out to find the rise
of pore water pressure and change of effective stress in the core zone. The safety level of the
core zone during the impounding period was evaluated by Seed standard.

As a result, numerical analysis and observed data matched closely, which confirmed the
validity of the analysis. The safety of the core zone during the impounding period was con-
firmed by both observed data and numerical analysis.

1 INTRODUCTION

Tokuyama dam is a multi-purpose dam constructed by JWA. It is one of the largest rockfill
dams in Japan with the dam height of 161 m, the dam volume of 13,700,000 m* and the gross
storage capacity of 660,000,000 m?.

Figure 1 shows the location of Tokuyama dam. The construction work started in March,
2000, and completed in the end of November, 2005. The first impounding commenced on
September 25, 2006. The water level in the reservoir reached surcharge water level on April
21, 2008, followed by the completion of the first impounding on May 5, 2008.

In Japan, the bottom width of the core zone of rockfill dams is normally around 40-50%
(Ministry of Construction River division, 1987) of the dam height. The final design of
Tokuyama dam applied thinner shape, and its bottom width of the core zone is 36% of the
dam height. Due to adopting the thinner core zone than normal design, the stress reduction
was concerned. So the appropriate estimation on safety against failure during the impound-
ing period was necessary.

In this report, an elasto-plastic soil/water coupled consolidation analysis was carried out
to simulate the physical behaviors within the dam body based on the actual construction
process of embankment and impounding in Tokuyama dam. A comparison of the numerical
analysis and observed data shows similarity, which proved the validity of elasto-plastic soil/
water coupled consolidation analysis. The safety of the core zone during the impounding
period was also estimated by using the results of this analysis.
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Tokuyama dam

Figure 1. Location of Tokuyama dam.

2 OUTLINE OF THE ANALYSIS

The analysis predicts the pore water pressure and minor principal stress of the core zone as the
following procedures, in order to evaluate the safety level for hydraulic fracturing during the
first impounding. Firstly, the rise and dissipation of pore water pressure of the core zone dur-
ing the embankment is predicted. After that, the dam body behavior during impounding is
analyzed in the initial conditions of the first impounding decided by the first prediction.
During the impounding period, the elasto-plastic soil/water coupled consolidation analysis
is carried out to estimate the rise of pore water pressure, the rise of osmotic pressure at the
upper part of the dam body, the change of the effective stress and the dam body behavior. In
the above analysis, the elasto-plastic soil/water coupled consolidation model is adapted as the
model of the embankment material of dam.

The elasto-plastic soil/water coupled consolidation model employed a stress-distortion
relationship (constitutive law) of Sekiguchi-Ohta model (Sekiguchi and Ohta, 1977) which
can cover embankment material with anisotropy and predict the volume change of soil
induced by compression stress and shear accurately. Figure 2 shows the conceptual diagram
of elasto-plastic model. Table-1 shows main parameters used for analysis.

The analysis parameters of filter material and core material are set based on material test
whereas that of rock material is based on both material test and observed data at site. The
earth pressure coefficients at rest K of each material is 0.7.

Figure 3 shows the relation between coefficient of permeability and void ratio of core
material in Tokuyama dam. The coefficient of permeability of saturated soil obtained from
consolidation test is 10 times larger than that of unsaturated soil obtained by consolidation
test. The coefficient of permeability obtained from permeability test on embankment surface
at site matches closely with that of saturated soil obtained by consolidation test. The coef-
ficient of permeability used for the analysis is set based on the result of consolidation test
of unsaturated soil, since the core material is unsaturated during embankment. The initial
coefficient of permeability is obtained by consolidation test in which void ratio of the mate-
rial was adjusted to the average void ratio in embankment area at site. Because the material
of core with small void ratio tends to have lower permeability, coefficient of permeability is
changed according to the change of void ratio obtained from the analysis, using the relation-
ship between the coefficient of permeability and void ratio obtained from the consolida-
tion test shown in dotted line in Figure 3. In the analysis, the coefficient of permeability is
changed in every embankment stage.

Figure 4 shows the cross section of Tokuyama dam used for the analysis. Tokuyama Dam
has the height of 161 m, upstream slope gradient of 1:3.0, downstream slope gradient of

28



A-B:Elastic territory

(Embankment load < Compaction by the pre-compression stress Pc)

B-C:Elasto-plastic territory

(Embankment load > Compaction by the pre-compression stress Pc)

C-D:Elastic territory

(Decrease of the effective stress by the impound)
pre-consolidation

stress Pc

void ratio

Mean effective stress P’ logarithm
Figure 2. Conceptual diagram for elasto-plastic model.

Table 1. Material parameter for the analysis.

Rock Filter Core
Category Unit material material material
Swell index (Cs) 0.0375 0.0033 0.0045
Compression index (Cc) 0.0860 0.0140 0.0215
Pre-consolidation stress (Pc) (kPa) 820 920 132
Friction angle (¢”) (degree) 433 394 37.8
Coefficient of permeability cm/sec 3.05x 10! 8.0x 10 1.93x 1077
Critical state parameter (M) 1.78 1.61 1.54
Irreversiblity ratio (A) 0.564 0.764 0.791
Coefficient of dilatancy (D) 0.00317 0.00234 0.00928
Effective poisson ratio (v”) 0.412 0.412 0.412
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Figure 3. Relation between core material’s coefficient permeability and void ratio.
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Figure 4. Cross-section.
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1:2.25, and its symmetric core slope has a gradient of 1:0.16. The analysis is implemented
for the dam body and the foundation. The analysis horizontal range is about the double of
the base width and the vertical range is about the double of the dam height. The number of
elements is 5524 in the finite elements method. As the boundary conditions, the horizontal
displacement at the side of the foundation is 0 and that at the underside is fixed. As the
hydraulic boundary conditions, the distribution load and hydrostatic pressure based on the
reservoir level is set on the upper face of the dam. Also the vertical load based on the differ-
ence between the wet density and saturated density is set at the dam body under water. The
pore water pressure at the lower rock zone is set as 0 during the embankment and impound-
ing period. As the boundary conditions, the water pressure based on the reservoir level at the
upper side of the foundation, the hydrostatic pressure at the lower side of the foundation and
the undrained condition at the underside are set respectively.

In the embankment analysis, in order to represent the actual embankment process, the
elements of dam body are accumulated successively based on the embankment process as
shown in Figure 5.

In the impounding analysis, the effective stress is numerically predicted by an unsteady-
state seepage analysis in saturated soils with a time dependent boundary condition of escalat-
ing water level in reservoir.

The fracturing pressure of the core zone is evaluated by “(Seed and Duncan, 1981)”. Seed
suggests a quantitative evaluation method of hydraulic fracturing which defines the condi-
tion of soil destruction with crack by the following formula.

u,=0,+0, (1)
where u, = hydraulic fracturing pressure; 6, = minor principal stress in total stress; 6, = tensile
strength of soil.

In this report, the generation of hydraulic fracturing of core material is based on the Seed
standard. Local safety factor against hydraulic fracturing (Fsh), is obtained by formula (2),
neglecting tensile strength of soil to evaluate in a severer condition.

Fsh = (o, +6,)/Au )

where Au = pore water pressure.
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Figure 5. The process of embankment and impounding turned into a model by FEM analysis.
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3 INVESTIGATION AND CONSIDERATION ON RESULT OF DAM BODY
BEHAVIOR ANALYSIS COMPARED WITH ACTUAL VALUE

Figure 6 shows the comparison of settlement value at the same location between numerical
result and data measured by settlement gauge A-2. The comparison shows close similarity
when the water level reaches the maximum water level.

Figure 7 and Figure § show another comparison at the same location between numerical results
and data measured by vertical earth pressure gauge, E-14 set up in the upper side of middle eleva-
tion of core zone and E-15 set up in the center part. The comparison of the value at E-14 between
numerical results and data measured at site shows a close similarity, whereas that of E-15 does
not. At E-15, earth pressure is numerically predicted larger by 30% than observed data.

Figure 9 and Figure 10 show a comparison of pore water pressure between numerical
results and measured data at the time of maximum water level during the first impounding.

Residual pore water pressure exists after the completion of embankment, but the osmotic pres-
sure in the core rises due to the impounding. Both observed data and numerical prediction show
the dissipation of pore water pressure when the water level reaches the maximum water level,
leaving the profile of pore water pressure high at the upper stream and low at the downstream.
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Figure 6. Actual value and analysis value by differen-
tial settlement gauge (Maximum water level).
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Figure 10. Distribution map of Pore water pressure on highest high-water level (analysis value).

Figure 11 and Figure 12 show a comparison of pore pressure at the same location between
numerical prediction and observed data measured by pore pressure gauge at PB-21 set up
in the upper side of middle elevation of core zone and PB-2 set up in the lower elevation. It
shows similarity between numerical result and observed data of pore water pressure during
the process of embankment and at the time of the maximum water level. Differences between
numerical prediction and observed data are seen from November, 2005 to March, 2007. Dur-
ing this term, observed data tends to be larger than numerical prediction. The dissipation of
water pressure is calculated by seepage analysis, on the assumption that the core is saturation.
On the other hand, the core is unsaturated during this term, so the coefficient of permeability
is small, seemingly resulted in the delay of dissipation of pore water pressure.

Figure 13 shows distribution contour of major effective principal stress at the end of embank-
ment obtained by the embankment analysis. The generation of arching phenomena due to the dif-
ference of rigidity between core zone and filter zone leads the stress reduction in the core zone.

Figure 14 shows a comparison of the major principal stress 6,, minor principal stress o,
and pore water pressure at the same location between numerical prediction and data meas-
ured at E-14. Observed major principal stress 6, and minor principal stress ¢, are calculated
based on the data from trihedral earth pressure gauge. The numerical prediction is successful
to simulate the qualitative trend of pore water pressure inside of the core, major principal
stress in total stress ¢, and the minor principal stress in total stress 6, to increase parallel with
the water level in the reservoir. Observed data and numerical prediction of minor principal
stress G, shows a close similarity. In addition to that, major principal stress in total stress ©,
and minor principal stress in total stress G, surpass pore water pressure in every point.

4 CONSIDERATION ON THE SAFETY AGAINST
THE HYDRAULIC FRACTURING

Figure 15 shows the distribution contour of safety factor against hydraulic fracturing at the core
zone obtained by the analysis at the time of the maximum water level. The safety factor against
hydraulic fracturing becomes the smallest at the border of the core zone and the filter zone at the
height of 1/3-2/3 of the dam height. The smallest safety factor is approximately 1.3.

On the other hand, Figure 16 shows both the safety factor against hydraulic fracturing in the
core zone obtained from the observed data and that from the analysis. The smallest safety factor
obtained by the observed data is 1.56, and that of numerical prediction is 1.42. Although observed
data is a little larger than numerical prediction, safety factors in the core zone are nearly equal.

From these points, smallest safety factor against hydraulic fracturing at the core zone in
Tokuyama dam is 1.56 based on observed value and 1.4 from numerical prediction, which
confirms “safety factor 21.0” in every point.
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5 CONCLUSION

In this report, the numerical prediction of dam body behavior based on actual construction
process of embankment and impounding in Tokuyama Dam is implemented by using elasto-
plastic soil/water coupled consolidation analysis which can cover the rise and dissipation of pore
water pressure and rise of osmotic pressure. As a result, the numerical prediction of settlement
and vertical earth pressure from embankment to impounding are similar to that of observed
data. The numerical prediction of pore water pressure is similar to that of observed data during
the process of embankment and when impounding is completed. The numerical prediction is
successful to simulate the qualitative trend of pore water pressure, major principal stress and
minor principal stress in the core zone to increase parallel with the water level in the reservoir.

From these points, numerical prediction of dam body behavior in Tokuyama Dam is
successful to prove the validity of elasto-plastic soil/water coupled consolidation analysis.
The smallest safety factors against hydraulic fracturing at core zone in Tokuyama Dam are
approximately 1.56 based on observed data and 1.4 based on numerical prediction. Safety
against hydraulic fracturing is also confirmed since the smallest safety factors surpass 1.0 in
both values.

Observed data during the first impounding did not show any abnormal phenomena in
permeability and deformation of dam. The results of the numerical prediction matched with
those observed data.
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The investigation method of hydroelectric facilities by using
digital camera

S. Wada & Y. Kono
The KANSAI Electric Power Co., Inc., Osaka, Japan

ABSTRACT: Insurface investigation of the concrete structures, an investigator has to often
access a high place. In such a case, methods such as temporary scaffold and rope access are
adopted. However, these methods are expensive, and dangerous. In recent years, the perform-
ances of a digital camera and image processing technology have accomplished remarkable
progress. So the authors attempted to apply the photographic image measurement technique
both for the surface of a dam and the concrete lining of a tunnel.

1 INTRODUCTION

The KANSALI Electric Power Co. (hereinafter called KEPCO), own 149 hydroelectric power
plants in Japan and the total output of hydropower is about 8195 MW. KEPCO has Inspec-
tion and Monitoring System divided into three portions, such as patrol, inspection and
deterioration diagnosis. The patrol is conducted daily and monthly, and the inspection is
conducted annually. The deterioration diagnosis is conducted once in several years and we
assess the conditions of facilities in total.

KEPCO conducts deterioration diagnosis at our concrete dams once every 10 years, and
we conduct crack monitoring of the concrete structures in the deterioration diagnosis. In
conventional investigation methods, investigators have to often access a high place. In such
a case, methods such as temporary scaffold and rope access (Figure 1) are adopted. These
methods, however, are expensive and time consuming, and danger is accompanied. There-
fore, the improvement of the investigation methods is required.

Then, the authors developed a photographic image measurement system to check the sur-
face of concrete, and KEPCO adopts the system in actual investigations since 2009.

This newly developed system is a combination technology of a total station and a digital
camera (Tsugio et al. 2008). First, images taken with a digital camera are transformed into
the images viewed from the front on the PC, based on three-dimensional coordinate data
obtained by a total station. Secondly, the individual front view images are stitched into a
total image of the structure. Finally, the crack locations, the crack total lengths and the crack
widths are found from the stitched image.

KEPCO has conducted the photographic image measurement at 16 dams and a waterway
tunnel in 2009 and 2010. Authors report the investigation results here.

2 PRINCIPLE OF PHOTOGRAPHIC IMAGE MEASUREMENT TECHNIQUE

In the beginning, authors explain the principle of the image measurement technique. This
technique provides synthesized front view images of the components of the structure. The
technique uses images taken by high resolution digital camera and the coordinates measured
by an automatic surveying instrument so called total station (Figure 2), and compensates
angle, curvature and scale, then synthesizes images by image processing unit (Figure 3). Then
the lengths of the cracks are measured by tracing the recognizable cracks on a synthesized
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Figure 1. Dam surface inspection by rope access.

Digital camera Total station

Figure 3. Image processing unit.

Figure 2. Image measurement equipment.
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Figure 4. Flow of image measurement technique.

image displayed on a monitor and the widths of the cracks at the position that can be rec-
ognized on the cracks with the naked eye are evaluated (Figure. 4). Main instruments of the
system are a single-lens reflex digital camera, a non-prism total station (instrumental toler-
ance equals plus or minus 3 mm and plus or minus [2 x 107° x distance]), an image processing
unit and a data logging unit (Table 1).

The quality of an image mainly depends on the resolution of the digital camera and the tel-
ephoto lens. When same area is captured, the quality of the image becomes higher if the digital
camera is equipped with more pixels. The resolution of a pixel (the length of a side of a pixel)
of the digital camera equipped with 2,900 x 4,350 pixels (12.6 million pixels) is around 1.4 mm
when the rectangular surface of a concrete structure with the dimensions of 4 m x 6 m is cap-
tured. Figure 5 shows an evaluation method of crack width. Since the individual pixel of the
digital image usually has 256 gradation steps for each three primary color (RGB), the width of
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Table 1. Specification of main equipments.

Equipment Specification

Digital camera Single-lens reflex digital camera: 12.6 million pixels

Telephoto lens Autofocus (24-85, 80-400 mm)

(Non-prism) Total station Instrumental tolerance: [3 + or — 2 x 10~ x distance] mm

Data logging unit Note PC (CPU: Core Solo U1300, Memory: 1 GB, HDD: 60 GB)
Image processor unit Desktop PC (CPU: Pen4, 3.2 GHz, Memory: 2GB, HDD: 250 GB)

(Analog image ) ( Digital image )

12.6 million pixels
pd

The individual pixel is
composed from 256
gradation steps (2° byte) of
three primary color (RGB).

D_Extraction of crack part

one pixel

4,000

6. 000 ) H =

Area of a crack within a pixel can be
estimated by the relation between the area of
a crack and the gradation of a pixel
established in advance.

I

Figure 5. Evaluation method of crack width.

a crack which is narrower than the resolution can be measured if the relation between the ratio
of the crack over to one pixel and the gradation level of the pixel is established (Hiroshi 2004).

In the case of using digital single-lens camera which is attached 400 mm telephoto lens, it
is possible to identify the crack width of 0.2 mm if the image is taken 120 m away. The detec-
tion ratio of cracks of 0.2 mm width or wider is more than 90% by limiting the angle of view
narrower than 7.3 m.

3 APPLICATION EXAMPLE OF PHOTOGRAPHIC
IMAGE MEASUREMENT TECHNIQUE

3.1 Dam deterioration diagnosis

KEPCO conducts crack monitoring of the concrete structures in the dam deterioration
diagnosis by using this photographic image measurement technique since 2009. KEPCO has
already conducted the initial investigation in 16 dams out of 39 concrete dams owned by
KEPCO. Here are the results to verify whether the photographic image measurement has an
advantage over the conventional method by rope access.

The photographic image measurement technique was applied to aerial surfaces of two dams
with a different size (surface areas of the two dams sum up to about 10,000 m? in all). Images
were captured from where a captured image area was smaller than a rectangle of 4 m x 6 m,
the angle to the subject was smaller than 45 degrees and distance from the subject was closer
than 150 m. About 1,500 images of the two dams were captured in seven days. Figure 6 shows
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distant view on the dam downstream side. Compensations of angle, curvature and scale were
carried out to all the images, and these images were synthesized into several front view images.
Cracks of 0.2 mm width or wider could be found individually while stains, concrete joints and
formwork marks were checked on a monitor. Figure 7 shows an example of a sketch of cracks
on a synthesized image after the compensation of angle, curvature and scale.

Moss and stain did not prevented any cracks from being found in the verification. Some
painted concrete areas with reflection of sunlight prevent some cracks from being found. In
such cases, images were captured again at other time considering the reflection of sunlight.
Comparing all found crack lengths of the two dams with opening of 0.2 mm width or wider
with those found by the conventional method, each deviation was within plus or minus 10%
in about 97% of all cracks and the deviation of accumulated length of individual components
of the dams varies from minus 2.1% to plus 6.2% (Table 2, Figure 8). The deviation of width
of the cracks was within plus or minus 0.1 mm in about 98% of all cracks.

The photographic image measurement also has another advantage that degraded area is
easily calculated because each pixel of a subject is accompanied with coordinates.

Image processing range

Figure 6. Distant view on the dam
downstream side. (Image processing area: about 378m? (The number of images:28))

Figure 7. Dam downstream side image after image
processing.

Table 2. Comparison results of the crack of the two dams.

Length (mm) eviation | Maximum widtht {mm}) et
Crack No. Canventional Inage ? [:]t Canventional Image [ 2 {:;I
1 8. 100 006 | -1.2 0.2 0.2 +0.0
2 7,060 , 964 -1.2 0.2 0.2 +0.0
3 2,750 2,981 +8. 4 0.3 0.2 ] -33.3
4 2,500 2,406 | -3.7 0.2 0.2 +0.0
5 2. 500 2. 393 -4.3 0.2 0.2 +0.0
6 2,200 2,245 | +2.1 0.2 0.2 +0. 0
= o-anL ] 0.3 0.4 +33 3 L
-— 1" 0. 00U | .
15 3,250 3.3719 | +4.0 0.7 U7 +0.0
16 5,050 4. 886 =3.2 0.2 0.2 +0.0
17 2,450 2,268 | -1.4 0.3 0.2 ] -33.3
18 2,700 2,883 | +6.8 0.2 0.2 +0.0
19 1. 850 1,720 | -7.0 0.2 0.2 +0.0
20 3,300 3.328 +0. 8 0.5 0.4 -20.0
Total / average 93, 450 91,987 | -1.6 0.275 0.240 | -10.3
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Figure 8. Comparison results of crack length.

The image measurement costs approximately 30% lower than the conventional method
judging from the rough estimate of labor costs. Now we are conducting more detailed cost
evaluation of the photographic image measurement.

We are also developing a database system with a retrieval function in which electronic
data such as digital images and crack information are linked to drawings of the facilities.
We expect the system help and save our maintenance work such as the comparison with the
previous investigation.

3.2  Waterway tunnel inspection

Next, authors show an application example for a waterway tunnel inspection. The KANSAI
Electric Power Group is engaged in an O&M consulting business of an overseas hydropower
IPP, the San Roque Multi-purpose Project in Philippines, and in the waterway tunnel inspec-
tion of the San Roque power plant, the photographic image measurement has been conducted
in 2009. Table 3 and Figure 9 show the outlines of the San Roque Dam and a longitudinal sec-
tion profile of the waterway tunnel. Because the inside diameter of the waterway tunnel, which
is pressure tunnel with concrete lining, is 8.5 m, it is necessary to set up a tall temporary scaf-
fold for visual monitoring of cracks in order to observe the crown of the tunnel in detail. Since
dewatering period of the waterway tunnel is a very short time, and a hatch of the waterway tun-
nel is less than 1 m in diameter from which inspection equipment are brought in. It is difficult
to carry out enough research in a short time, so KEPCO introduced the photographic image
measurement. The image measurements were carried out at sections where the bedrocks were
weak and many cracks were found. Two locations were selected for the photographic image
measurement, which were 29 m wide and 3 m high, 21 m wide and 3 m high respectively, with a
total area of 150 m?. Because the surface of the tunnel was stained with the mud, images were
taken after cleaning the surface by high-pressure water washing. The measurement was com-
pleted in about three days. After bringing back the images to Japan, authors conducted image
processing in our laboratory. Because the waterway tunnel has a simple circular cross section
and the concrete surfaces had formwork marks, the image syntheses were relatively easy.
Table 4 and Figure 10 show comparison results of some of the data obtained from the
image measurement in 2009 and 2010. As for the results of 2010, authors couldn’t distin-
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Table 3. Outlines of the San Roque Dam.

Item Outline
Dam type Center Core type Rock fill Dam
High (m) 200
Crest length (m) 1,130
Surge tank oy ELEY BT

SURGE TANK

o L

: [._ R Outlet

CATE SHAFT

S TR ST s

Range of image measurement

i PR TR

Figure 9. Longitudinal section profile of the waterway tunnel.

Table 4. Comparison of waterway tunnel crack data.

Length (mm) Maximum width (mm)
Deviation Deviation

No. 2009 2010 (%) 2009 2010 (%)
1 1167 1220 4.3 0.2 0.2 0.0
2 1138 1131 -0.6 0.6 0.6 0.0
3 1999 2030 1.5 0.4 0.4 0.0
4 1725 1691 -2.0 0.2 0.2 0.0
5 9959 9516 -4.7 0.8 0.8 0.0
6 1255 1178 —-6.5 0.8 0.8 0.0
7 7150 7443 3.9 0.8 0.8 0.0
8 6995 8077 13.4 0.8 0.8 0.0
9 3940 4337 9.2 0.8 0.8 0.0
10 1765 1905 7.3 0.4 0.4 0.0
11 3084 3150 2.1 0.6 0.6 0.0
12 1833 1723 -6.4 0.2 0.2 0.0
13 - 954 - - 0.4 -

Total/average 42010 44355 5.3 0.508 0.538 5.7

guish any change of crack width. But authors found slight progress of the length of the some
cracks, and found one new crack. Seeing images of 2009 much more closely, authors could
find a tiny sigh of a crack at the new crack position. Since the slight cracks were confirmed
when images of the previous year were investigated in detail, it is assumed that the finding of
the new crack is due to using a higher resolution camera (from 12.6 million pixels to 16.0 mil-
lion pixels) or the different condition of the wall washing. Therefore, authors finally judge the
tunnel keeps sound conditions.

Since the San Roque Power Plant, of which operation was started in 2003, is a relatively new
power plant, significant degradation progress was not observed in the inspection. KANSAI
could record the concrete condition at a relatively early stage. This data will be very useful at
future stage in which degradation of the plant will advance.

The photographic image measurement at the San Roque waterway tunnel is the first-time
experiment for KANSALI to conduct the measurement more than twice at the same point. We
are firmly convinced that the database system is very useful by reconfirming as much as by
comparing the past data.
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Figure 10. Result of waterway tunnel image analyses.

Authors have given on-the-job training of taking the images to the local civil engineer of
the San Roque Multi-purpose Project. From now the local engineers will take and send the
images to us and authors will conduct image processing in our laboratory. KANSAI can
share the wide variety of the database both in Philippines and in Japan, and it makes the
O&M more reliable and effective.

4 CONCLUSION

In this study, we have developed the photographic image measurement applying both for the
surface of a dam and the concrete lining of a tunnel and have confirmed the availability with
a certain level of the accuracy. We believe the new measurement ensures the safety of field
works, the accuracy of observe data and economic efficiency.

With the information obtained from this new method, we are attempting to establish more
reliable operation and maintenance of concrete structures. We are also going to pursuing
more laborsaving method and expand applicable objects of the photographic image meas-
urement by modifying the equipment and devising methodology of measurement and data
processing.

We think a subject of future investigation is how to detect the depth of cracks, which is one
of key factors to the soundness of concrete structures.
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Situation and developing trend of defective reservoir reinforcing
technology in China
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ABSTRACT: China has built more than 87,000 reservoirs, 40% of which are defective.
In recent years, central government put huge amount of money into reinforcing projects
from more than 7500 defective reservoirs, thus improving reservoir and dam safety situ-
ation throughout China. Through developing database information system of defective
reservoirs reinforcement, and turning to mathematical statistics methods, our study system-
atically illustrates the characteristics and causes of diseases in certain aspects such as flood
control, dam seepage, structural safety and seismic safety. We carry out statistics analyses
on quantity, proportion and cost for reservoir reinforcing projects in China, according to
size, dam type, structure, and disease form. Based on given examples, this article figures out
technical features on dam reinforcing, summarizes various reinforcing methods, technical
points, scope of application, and puts forward prospective direction for research and study
in China.

1 GENERAL INSTRUCTIONS

According to “National Special Plan for Defective Reservoir Reinforcement”, China pos-
sesses 87,076 reservoirs at present, of which 508 are large reservoirs, 3209 medium-sized,
15,842 small (level one), and 67,517 small (level two). There are 38,019 defective reservoirs, of
which 288 are large reservoirs, 2145 medium-sized, 9,133 small (level one) and 26,453 small
(level two), accounting for 56.7%, 66.8%, 57.6%, 39.2% respectively.

Such a great number of defective reservoirs not only affect efficiency and benefit of
reservoir, but also seriously threaten property safety and people’s life. Nowadays, defec-
tive reservoirs gradually become a significant weakness and potential safety hazard of
the overall flood control system. Defective reservoir reinforcement is in critical need and
urgency.

Because of large number and wide geographical distribution of defective reservoirs in
China, engineering information management is a complicated and heavy work. Moreover,
local capacity for defective reinforcement diversify quite a lot, so The Eleventh Five-Year
National Technology Support Program launched a subject named Study on Technical Pat-
terns on Information Management and Technology for Defective Reservoir Reinforcement,”
focusing on developing a engineering information management system for defective reservoir
reinforcing projects, summarizing domestic technologies on defective reservoir reinforcing,
and aiming to increase our comprehensive capacity in this field. This article gives a brief
introduction of part of our research results.

2 GENERAL FEATURES OF DEFECTIVE RESERVOIRS IN CHINA

According to statistics, 95% of reservoirs in China are consisted of earth-rock dams,”
mostly built from thel950s to the 1970s. Constrained technically and economically then,
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low compaction, incomplete foundation clearance, ineffective seepage control treatment are
rather common is during dam construction, which left potential hazards of dam seepage,
piping, soil erosion, contact scour, even dam crack, landslides and other problems after dam
and reservoir was put into operation.

For stone masonry dam, concrete dam, spillway and aqueduct and so on, carbonization,
crack, Re-bar exposure, peeling, scouring, lixiviation, leakage may appear due to the poor
construction quality or imperfect foundation treatment with increasing years in operation.
These problems actually affect structural and seepage control safety.

Generally speaking, causes of diseases in defective reservoirs can be summarized into fol-
lowing aspects:

1. Unsafety in flood control standard

Main problem is lower crest elevation or insufficient discharge capacity, that is, flood control
standard can not meet requirement of relevant regulations. Statistical data> from Chinese
Ministry of Water Resources in 2004 shows that, 51 large, 196 medium-sized and 14,000 small
reservoirs of the total defective reservoirs have this problem.

2. Unsafety in dam seepage control

Main problems are seepage in dam body or foundation; piping, erosion and contact scour
in earth-rock dam; lixiviation in masonry and concrete dam. Statistical data®™ (the Ist and
2nd batches of 26 defective reservoirs before 1998 not included, the same hereinafter) shows
that, of the 46 homogeneous earth dams in large defective reservoirs, 10 have seepage risks;
17 have serious foundation seepage; 8 have by-pass seepage and contact seepage; and 11
have serious seepage at downstream dam slope. Of the 55 core-wall-dams in large defective
reservoirs, 5 have seepage risks; 19 have serious foundation seepage; 9 have by-pass seep-
age and contact seepage; and 11 have quality problems in core wall. In addition, there are
16,000 small reservoirs which have seepage control problems.

3. Unsafety in Dam Structure

Main problem is structural strength and sliding stability of the dam cannot meet regula-
tory requirements. Statistical datal® shows that, of the 46 homogeneous earth dams in large
defective reservoirs, 3 have insufficient cross-section size; 12 have unstable slope; and 14 have
problems in slope protection form. Of the 55 core-wall-dams in large defective reservoirs,
13 have unstable slope; 7 have problems in slope protection form. In addition, there is a wide
slotted concrete gravity dam and a stone masonry gravity dam having problem in sliding
stability.

4. Unsafety in Anti-Seismic Standard
Main problem is anti-seismic standard for reservoir and dam cannot meet regulatory require-
ments. Statistical date® shows that, 13 large defective reservoirs cannot meet anti-seismic
requirements of relevant regulations. There are also a considerable number of medium-sized
and small reservoirs have this problem.

5. Unsafety in Water-Delivering and Flood Discharge Structures
Main problem is structural strength and stability of water-delivering and flood discharge
structures cannot meet regulatory requirements.

6. Unsafety in Metal Structures and Electromechanical Equipments

At most defective reservoirs, their metal structures and electromechanical equipments have
been running for 30 to 50 years, over or close to the depreciation period. Aging and rust
corrosion drive them out of normal operation, seriously affecting safety of the reservoir.

7. Inadequate Management Facilities

Most defective reservoirs do not have adequate hydrological measuring and reporting and
dam monitoring systems, especially small reservoirs, which usually have no such facilities at
all. Management facilities at many reservoirs are very old and out of date. There are low-level
or even no highways for flood control use.
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Table 1. Reinforcing cost for different structures unit: million RMB yuan.

Scale
Item Large Medium Small
Dam Body 3046.85 1064.8 244.60
Dam Seepage Control 1640.77 420.18 90.22
Dam Related Structures 1406.08 644.60 154.37
Spillway 1337.60 475.63 83.97
Water-Delivering Structures 453.73 161.95 44.50

STATISTICS OF MODERN TECHNICAL PATTERNS ON DEFECTIVE
RESERVOIR REINFORCEMENT IN CHINA

Based on specific information of 2311 defective reservoir reinforcing projects assigned by the
Central Government collected from document literature,” we established project manage-
ment information databases for the above 2311 reservoirs and professional technical data-
bases for anther 206 reservoirs. Turning to modern statistic analysis methods, we summarize
contemporary technical patterns in China on defective reservoir reinforcement as follows:

1.

4

4.1

Of the above 2311 defective reservoirs already reinforced, 58 are large reservoirs, account-
ing for 2.5%; 744 medium-sized, 32.2%; 1509 small, 65.3%. Sorted by dam type, 93.3% are
earth-rock dams, 5.6% stone masonry dams, and the rest concrete dams. Among earth-
rock dams, homogeneous earth dam takes the largest proportion, that is, 66%; followed
by clay core dam, 30%; clay sloping core dam and concrete face rock-fill dam accounts for
3.5%, 0.5% respectively.

. Unit capacity reinforcing cost varies from one another for different scale of defective res-

ervoir. The average cost is 0.17 RMB yuan for large reservoir, 0.45 RMB yuan for medium,
and 0.67 RMB yuan for small. The total cost goes into different reinforcing items, with
over 60% into dam seepage control and structure safety, 28% into spillway and 10% into
water-delivering structures. See Table 1.

Among all the reinforcing approaches for raising flood control standard, heightening of dam
is the most widely used in specific projects, with a proportion of about 48%. Next are build-
ing wave wall and increasing discharge capacity, accounting for about 29% and 18%. Integra-
tion of heightening of dam and increasing discharge capacity take a proportion of 6%.

. As for dam seepage control reinforcement approaches used in projects, concrete cut-off

wall accounting for 52%; jet grouting cutoff wall 5%; geomembrane 3%; and foundation
curtain grouting 36%. Principal measures dealing with seepage problems existing in con-
crete and stone masonry dams are adding new concrete slab and grouting.

. For dam slope reinforcement, especially for upstream slope reinforcement of earth-rock

dams, removing and rebuilding accounts for 46%; partly repairing 20%; partly rebuilding
12%; and no treatment 22%.

. For spillway reinforcement, partly removing and rebuilding accounts for 73%; total dis-

carding and rebuilding 4%; and no treatment 23%.

. For water-delivering structures reinforcement, intake tower reinforcing or rebuilding

accounts for 85%; tunnel reinforcing 66%; outlet energy dissipation structures reinforcing
10%; and metal structures and hoist equipments replacing or repairing 82%.

PHOTOGRAPHS AND FIGURES

Increasing reservoir flood control capacity and heightening of dam

In response to general features of unsafety in defective reservoir flood control, we take
measures to improve reservoir flood control capacity that can be categorized into two major
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classes: @ heighten the dam to increase reservoir flood storage capacity; @ expand scale of
flood discharge structures to increase discharge capacity. In China, a number of large and
medium-sized reservoirs have taken the above two approaches to increase their overall flood
control capacity since “75.8” flood in the 1970s to the1980s.

4.1.1 Heighten the dam

4.1.1.1 Earth-rock dam

1. Add wave wall

For dams which do not have wave walls, we prefer to add a new wave wall on the dam crest
after we carry out calculation and make sure that dam body itself can meet basic require-
ments for normal operation. The wave wall is usually 1.0 to 1.2 meter tall.

2. Heighten the dam

Generally, it is favorable to heighten the dam on downstream slope without emptying reser-
voir or compromising operational benefit. However, supposed the dam slope was unstable,
we should consider heightening the dam either at the upstream or downstream slope in view
of dam slope stability condition.

4.1.1.2  Concrete dam

Heightening of concrete dam has two ways: @ pour concrete on dam crest, meanwhile
increase dam cross section at upstream or downstream side; @ combine new concrete with
old dam body and foundation through the vertical prestressed anchor cable. In order to guar-
antee bearing capacity of the joint structure, dig key seat, insert rebar and apply bonding
adhesive at the concrete interface.

1. Increase dam cross section

Construction of Danjiangkou Water-Control Project is divided into two stages. The second
stage serves for the South-to-North Water Transmission Project, with the main job of increas-
ing dam cross section by 14.6 meter at downstream side. Affected by temperature changes,
elastic modulus of new and old concrete diverse, and old concrete exert fairly big constraint
force on new concrete, so there is great possibility that the joint structure would separate
after construction. Original design for the first stage reserve key seats for later heightening at
downstream dam slope, but dam face concrete carbonize as time pass by. During the second
stage construction, we remove the carbonized concrete layer by 2 to 3 centimeter, dig new
key seats where there is no seat reserved beforehand (new key seat size is 70 centimeter long,
40 centimeter wide, 30 centimeter deep; the downside forms an angle of 23.19° with original
dam surface; and center interval of seats is 1.5 meter.), and insert anchor (diameter 25 mil-
limeter, 4.5 meter long, 2 to 3 meter into old concrete, alternate with long and short anchor,
interval distance 2 X 2 meter, mortar strength grade M20) at concrete interface for higher
bond strength and better joint bearing performance. Still, we properly raise grade of new
concrete to achieve relatively consistent elastic modulus of new and old concrete.

2. Heighten the dam with prestressed anchor cable

Fixing vertical prestressed anchors on the upstream side of a heightened dam can improve
anti-sliding stability and anti-bending performance. In this way, there is no need lowering
normal reservoir operational water level, and economic benefit will not decrease. We imple-
mented this approach on Fengman Reservoir, resolving foundation seepage problems and
heightening the dam by 1.2 meter. Shiquan Reservoir was adopted this way to solve the dam
stability problems, while we heightened the dam 14.6 m. The Shiquan Reservoir is another
example of this technology and its design flood standard was increased dramatically.”

4.1.2  Increase discharge capacity

Besides exploring potential capability of flood discharge structures, we can also broaden or
deepen original spillway or build a new one. For example, Miyun Reservoir in Beijing chose
to build a new spillway. Anther way is to build new emergency spillway. For example, Lucun
Reservoir in Anhui builds two emergency spillways when reinforcing, which highly improve
it flood control capacity.
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4.2 Seepage treatment measures for earth-rock dam

Seepage is one of the primary diseases existing in defective earth-rock dams. We have mul-
tiple treatment measures such as concrete cut-off wall, high pressure jet grouting, fractured
grouting, stable cream seriflux grouting, geomembrane, etc.” This article just introduces
three types of anti-seepage technologies.

1. Concrete cut-off wall

This methodology is to build a concrete cut-off wall along the axis of the earth-rock dam. The
wall can be put inside dam body or stretch into the foundation for a certain depth, thus cut
off seepage path inside dam body and foundation. Advantages of this method include: better
adaptability to various geological conditions—applicable for both dam body and foundation
reinforcement; no need to emptying the reservoir during construction; and construction of
wall using displacement method, which is easier for monitoring construction quality than
other methods. Disadvantages include: need of wider working platform for construction;
need of lowering dam crest by excavation and fill it back to design elevation; and longer
construction period and higher cost.

In China, we applied this technology for the first time to Tuolin Reservoir in Jiangxi,
and then to Danjiangkou Reservoir. Earlier, Uzziah Kass drilling machine was widely used
for cut-off wall construction, and it costs more time and money. As construction technique
developed, hydraulic grab came into practice, increasing construction speed and reduc-
ing cost. Nowadays, cut-off wall gains extensive use in reservoir reinforcing projects. Take
Hualiangting Reservoir in Anhui as an example. The dam is a clay core dam with upstream
sand blanket. Due to poor construction quality, serious seepage was found in dam body. So
we decided to build a concrete cut-off wall inside the clay core, stretching through sand layer
into rock foundation by 1 meter. The wall is 540 meter long, 0.8 meter thick with an area of
25,470 square meter and maximum depth of 66.4 meter (see Figure 1). In order to form work-
ing platform, dam crest has to be lowered by 3.25 meter. Hydraulic grab was used for cut-off
wall construction assisted by drilling machine. We made full use hydraulic grab’s advantage
of quick pore-creating. Hydraulic grab was used for dam body and drilling machine for
foundation. The cut-off wall construction of this project commenced in December 2009 and
finished in just four months. Flood season in 2010 has passed, and the reinforced dam does
run well without any seepage problem.

2. High pressure jet grouting
This methodology contains following procedures: drill hole with drilling machine; put jet
pipe life jet pipe (with water pipe, cement pipe and wind pipe inside) into the hole; spay high
pressure fluid and shock soil (cement flow and soil are mixes together); lift jet pipe and leave
the mixture to solidify. The main idea of this technology is to arrange drilling holes along the
axis of earth-rock dam and grout in every single hole. Grouting coagulum in adjacent holes
overlaps and forms a continuous cut-off wall, finally reaching the goal of anti-seepage.
High pressure jet grouting was initially carried out in silt and sand layers, though it extended
successfully into gravel layer in recent years. Take Gongshang Reservoir in Henan as an exam-
ple. The earth-rock dam is of poor construction quality, with deformation and cracks on dam
body. Thirty meter width’s pebbly sand layer under the dam was not cleared at all. Before
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Figure 1. Sketch map of cut-off wall in Hualiangting Reservoir.
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reinforcement, there was muddy water effusing at downstream dam toe—average leakage
volume is 90 liter per second. In 1999, the dam was reinforced by jet grouting, and dam-toe
leakage disappeared soon afterward. Advantages of this method include: no need of lower-
ing dam crest to form wide working platform and fast construction speed. Disadvantages
include: different technical parameters for different geological layers, which requires site tests
and professional construction team with abundant experiences; Lower overall performance
than concrete cut-off wall, for instance, difficulty of entering rock foundation, low strength in
clay layer and poor durability; and high likelihood of cracking when depth exceeds 40 meter.

3. Stable cream seriflux grouting

This grouting technology is applied on coarse aggregate dam and foundation. The seriflux is
liquid cement mixed with certain proportion of clay or bentonite, possesses greater viscos-
ity and stability and is suitable for screw pump. Supported by this technology, we can build
impervious curtain in rock-fill body or pebbly sand layer under macro porosity and high
underground water flow rate. At Hongfeng Reservoir in Guizhou, the wood faced rock-fill
dam is 416 meter long, with a maximum height of 52.5 meter. Its porosity reaches 38%. The
wood face rotted after tens of years’ operation, and serious seepage occurred. In order not to
emptying the reservoir, we take stable cream seriflux grouting there. Based on site tests, four
row of drilling holes were arranged inside the dam body to form a impervious curtain. The
curtain is 4 and 14 meter thick on top and bottom respectively, and has achieved favorable
performance. In 2009, Mopan Reservoir in Guangxi took this measure for its concrete faced
rock-fill dam and it works very well.!

4.3 Dam slope stability and anti-seismic reinforcement of earth-rock dam

1. Dam slope stability reinforcement

We usually gentle dam slope through either earth up or slope cutting, so as to increase slope
stability of earth-rock dams. For steep slope at upstream side, lattice protection can be
adopted. And as for slope instability caused by higher saturation at downstream side, cut-off
wall may likely solve it.

Materials selected for upstream dam slope reinforcement should be rock block, rock ballast,
gravel, sandy soil, which is more permeable than old dam slope ingredient and ensures quick
drainage when lowering pool level. However, in some cases it is not allowed to emptying reser-
voir, and then we can choose rip-rap filling. When gentling downstream dam slope, we shall fill
water permeable material at the bottom to lower saturation in dam body. At Lucun Reservoir
in Anhui, our design for upstream dam slope reinforcement is partial rip-rap filling for slope
under water, rough sand rolling filling for slope above water; for downstream slope, we use lat-
tice protection. According to monitoring data during three years after reinforcement, we can
judge that the dam slopes are all stable. At Qingshan Reservoir in Hubei, cut-off wall was built
inside its dam to solve seepage problems of seepage and downstream slope instability.

2. Slope protection reinforcement

Upstream slope protection for earth-rock dam could be rock block, cast-in-place concrete
and precast concrete, while downstream could be vegetation, lattice plus vegetation, rock
block, cast-in-place concrete and precast concrete, etc. The Embankment dam upstream
revetment to reinforce can use the revetment made in piece stone, cast-in-place concrete and
precast concrete. If a reservoir is also a scenic spot, we shall choose prettified precast concrete
for upstream slope, and prettified precast concrete or vegetation or lattice plus vegetation
for downstream slope. Take Hualiangting Reservoir as an example. We specifically designed
I-shaped precast concrete block (80 centimeter long, 30 centimeter wide, 20 centimeter thick)
for its upstream dam slope. The reinforced dam slope does not only look nice, but also effec-
tively resist waves.

3. Anti-seismic and anti earthquake liquefaction reinforcement on dam body
Liquefaction failure often occurs in sandy soil of poor denseness. Reinforcing methods for
this kind of material include replacement, densification and weights. ® Replacement means
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removing all sandy soil within liquefaction area and refill with anti liquefaction material like
rock ballast. @ Densification means increasing density of sandy soil and its anti-liquefaction
capability through vibratory percussion and compaction. @ Weights means placing weights
on surface of liquefaction area, so that it can help increase sandy effective stress and anti
liquefaction capability of the sandy soil.

For instance, in the Reinforcing Project of Miyun Reservoir in 1977, without emptying
the reservoir, upstream slope of Baihe earth dam was reinforced by removing the liquefac-
tion layer, refilling with rock ballast, thickening blanket and part of sloping core.®! In 1998,
still in Miyun Reservoir Reinforcing Project, again without emptying the reservoir, upstream
slope of Chaohe earth dam was reinforced by rip-rap filling under water, replacing original
sloping core with rock ballast above water. The rip-rap increased effective stress and anti
liquefaction capability of the gravel layer, meanwhile, it helps gentle the slope and improve
slope stability.®! For another example, clay core sandy shell dam of Hualiangting Reservoir
have a maximum height of 58 meter, which have low density sandy soil upstream slope. The
slope under water is highly likely to liquefy during a Richter scale 7 degree earthquake. After
thorough study, we selected weights as reinforcement method that is placing 5.5 meter thick
weights on upstream slope. In demand of water supply from local people around the reser-
voir, we decided not to empty the reservoir, keeping pool level at 66.5 meter elevation. The
final solution is rip-rap filling for slope under water and rock ballast rolling filling for slope
above water. After reinforcement, the risk of underwater slope liquefaction during 7 degree
earthquake decreased a lot."

4.4 Under-dam aqueduct reinforcement

1. Replace under-dam culvert pipe with tunnel

At many reservoirs built earlier in China, their irrigating, generating and water-delivering
structures were under-dam culverts. For different reasons such as dam body deformation,
poor construction quality, deficient structure design, leakage and contact washing erosion
appeared in lots of culvert, seriously threatening safety of the dam. Some culverts received
reinforcement. Nevertheless, cracks did not disappear because there were deformations or
current scout in dam body. Therefore, if there are leakage defects in under-dam culverts, the
best disposal is to discard and block the old culvert, and build a new one at the bank.

2. Reinforced concrete lining

Adding reinforced concrete lining to the old tunnel can improve its structural and seepage
safety. But this method asks for smaller tunnel cross section, slightly impacting carrying
capacity. We shall pay attention to interface treatment of the old and new concrete. Inner
diameter of tunnels in need of reinforcement should not be less than 2.5 meter, in case con-
struction is impossible to proceed.

3. Steel liner

Through adding steel liner to old culverts or tunnels can improve their structural and seep-
age safety. By injecting cement mortar into gaps between the liner and tunnel wall, they can
integrate. As the liner’s roughness is relatively low, carrying capacity of the tunnel may not
decrease after reinforcement. To avoid steel liner instability under high external water pres-
sure, ribbed plate and anchorage rod can be added. Diameter of tunnel being reinforced shall
not be less than 1 meter, in case it is impossible for construction.

4. High-strength carbon fiber sheet liner

Carbon fiber sheet is a tensile material with high strength and flexibility. Its ultimate tensile
strength can reach up to 3,790 to 4,825 MPa, elastic modulus 220 to 235 GPa, and elonga-
tion over 1.4%.The thickness could be 0.111 or 0.167 millimeter. For tunnel concrete liner
which can not meet crack resisting requirement under high internal water pressure, or have
cracks and cavitations, we can paste 1 to 3 layers of carbon fiber sheet on inner surface of
the tunnel to supplement its concrete strength and anti-seepage capability. For instance, at
Qingshan Reservoir in Hubei, the power tunnel has a diameter of 3.5 meter and thickness
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of 0.6 to 1 meter. Because of poor construction quality, cracks, scour erosion and leakage all
appeared on the concrete liner, impacting safety of the tunnel itself and back massif. In view
of the on-site construction conditions, we decided to use high strength carbon fiber sheet for
tunnel reinforcing. Three layers of fiber sheet (0.167 millimeter thick) were pasted on lower
flat and sloping sections, and two layers on upper flat and sloping sections.?

5 FUTURE DEVELOPING TREND OF REINFORCING TECHNOLOGY
FOR DEFECTIVE RESERVOIR IN CHINA

1. Nowadays, China has over 87,000 reservoirs, mostly built during the 1950s to the 1970s.
And 44% of the reservoirs are defective, demanding more reinforcing and safety manage-
ment work. Literature® provides an engineering information system for defective reser-
voir reinforcing projects. The system has advantages of massive information processing,
rapid processing speed, fine information share, easy querying and calling. It can be widely
used in water administrative departments at different levels, which will improve reservoir
reinforcing technology in China.

2. 95% of reservoirs in China contain earth dam. Upstream slope reinforcement is very com-
mon. Precast concrete block can better adapt to dam body deformation and prettify the
slope. However, there is no requirement in regulation for precast concrete block design.
Mechanically applying this technology may cause unnecessary problems. More research
on this subject is needed to create systematic methodology for precast concrete slope pro-
tection and improve overall technical level.

3. Carbonization is an universal phenomenon for concrete structures in our defective dams.
Currently, acrylic-emulsion cement mortar is frequently used dealing with this problem.
But implementation is difficult and the ultimate appearance is imperfect. So we shall fur-
ther research and develop systematic technology for treating concrete carbonization on
hydraulic structures.

4. New reinforcing technologies such as fixing geomembrane, pasting steel plate and pasting
carbon fiber sheet, are already used in defective reservoir reinforcing projects. Application
of these technologies is still constrained by many environmental and working conditions.
So further research and develop systematic technology to reduce cost and expand applied
range of these technologies.
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ABSTRACT: Duringservice of a concrete dam the upstream watertightness and efficiency
of the drains generally decrease. An ageing of the dam often entails ageing and clogging of
the drains. The most common approach in assessing the decrease of the drainage efficiency
is based on the monitoring of the uplift pressures and the seepage collected by drains. Sev-
eral case studies of uplift evolution revealed by complex monitoring of dams have shown
that the abnormal behavior can not be attributed entirely to the drainage clogging but also
to site geology and foundation rock properties. Poiana Uzului dam is selected to underline
the concept. The dam is a buttress dam, 80 m high that presented several behavior incidents
as a consequence of the sudden uplift increases that in their turn were induced by tensile
cracks in the grout curtain at the dam upstream toe and over passing of the drainage system
capacity.

1 INTRODUCTION

An ageing of the dam often entails ageing and clogging of the drains. The most common
approach in assessing the decrease of the drainage efficiency is based on the monitoring
of the uplift pressures and the seepage collected by drains. However, the current approach
does not cover all the particular conditions of a dam. Several cases from the Romanian dam
portfolio present this particular behavior. Iron Gates overflowing gravity dam on Danube
River has systematically lower uplift forces than assumed not as a consequence of the inten-
sive drainage but due to the imperviousness of the rock as compared with the dam concrete.
Golesti dam and the other dams on the Arges River cascade was provided with deep drainage
drillings to control the pressure in sand layers underneath the first impervious foundation
layer. Their active drainage has created in time some piping and the drainage closure did
not affect the uplift pressures as expected. Poiana Uzului buttress dam has presented several
behavior incidents as a consequence of the sudden uplift increases that in their turn were
induced by tensile cracks in the grout curtain at the dam upstream toe and over passing of
the drainage system capacity. Detailed analysis of the last dam may bring a new light on the
traditional evaluation of uplift evolution.

Impoundment of the reservoir created by Poiana Uzului dam commenced in 1972. Although
the dam structure allowed the operation of the reservoir up to the maximum water level dur-
ing a 30 year period several incidents revealed by the monitoring system beginning with the
year 1979 were caused by changes of the grout curtain and drainage system efficiency. A full
set of constructive measures was established mainly aimed to improve the watertightness of
the grout curtain, the drainage system hydraulic capacity and the dam-foundation interac-
tion. The program was applied in stages monitoring the effects achieved.
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2 POIANA UZULUI DAM

Poiana Uzului reservoir was performed in order to provide an active storage of 80 x 10° m?
for water supply in the downstream area. The dam is a concrete buttress one with a height of
80.4 m and a concrete volume of 70,000 m?>. The dam is divided in 33 blocks out of which the
three blocks in the central zone are overflowing. The buttress of each block is supported at
the base b/a 15 m foundation pad, equal to the head width (Fig. 1). The pad is also used as a
support for supplementary loading with fill material to provide the stability against sliding.
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Figure 1. Poiana Uzului dam characteristics.
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The buttress itself is divided into 13.2 m columns by means of construction joints oriented
parallel to the downstream face. Consequently independent inclined columns transmit the
load from the head of the buttress to the foundation ground. Visiting drainage galleries are
provided along the contraction joints between the buttresses, at the foundation level in the
upstream zone.

The concrete for the dam body was prepared with aggregates from a natural quarry formed
of good quality sandstone. Due to the heterogeneity of the sand grain-size distribution about
40% of the sand was obtained by crushing. The cement content was of 250 kg/m?® and the
water/cement ratio of 0.48. The laboratory tests carried out on site showed an average com-
pressive strength of 17 MPa at 7 days and of 38 MPa at 180 days, with variation coefficients
ranging between 8 and 12%. The particularly good results regarding the tensile strength—
3.1 MPa in tension and 5.8 MPa in bending—should be underlined since they explain the
reduced frequency of the cracks during construction (Stematiu, Constantinescu & Mircea,
1991).

The geology at the site consists of detrital sedimentary rocks: quartz feldspatic sandstones
in metric layers with frequent intercalations of 2 ... 20 cm micashistous sandstones and sev-
eral intercalations of 0.2 ... 4 m marly and clayey schist. Blocks of massive heavily fissured
sandstone are encountered. The fissure matrix induces an increase of rock mass permeability
and deformability. The site investigation has revealed a random variation of water takes in
the range of 1 up to 10 lugeons, with very large values alternating to rather impervious zones.
Two significant schist layers of some 3 m width are located at the base of right abutment. Six
main faults accompanied by breccias with the thickness of 0.5 ... 1 m were identified during
the foundation excavation.

The rock mass properties were obtained by geophysical investigations, permeability tests,
compression tests as well as rock/rock and concrete/rock shear tests. The modulus of defor-
mation ranged between 1000 and 4800 MPa about 50% of the total deformation being of
elastic nature. Under the constant load of 2 ... 2.5 MPa the in time deformation stabilized in
6 ... 8 hours and the supplementary deformation level did not exceed 15%.

The watertightening of the foundation ground was performed all along the upstream toe
and prolonged towards the abutment by 50 m. The grout curtain consists in three rows of
drillings grouted with cement milk. During the watertightening grouting there occurred slurry
pressure losses with total water circuit loss sometimes even accompanied by the cement slurry
emerging to the surface. The cement uptake exceeded sometimes 1200 kg/m of drilling. The
permeability-tests carried out during the grout curtain performance pointed out the exist-
ence of large discontinuities and the subsequent grouting required large cement quantities.
A total of 40,000 m of drillings was performed with a mean cement uptake of 400 kg/m of
drilling. The final imperviousness of the grout curtain was 1 lugeon on the upper half and up
to 3 lugeons in the lower one. Mention should be made that near the right abutment, along
blocks 11-14, the initial water take was significantly larger, up to 10 lugeons and the mean
cement uptake was 595 kg/m of drilling.

A large number of drainage drillings was provided for uplift relief since the dam has a
continuous pad foundation. Several 20 m deep drillings are located on each block, 12 ... 14m
downstream of the grout curtain. Additional five sub horizontal drillings of 40 ... 100 m
length were provided in the both abutments, downstream the dam. The uplift relief is also
achieved by the drainage galleries provided in between the blocks at the foundation level. The
drainage galleries leave open the rock foundation along the block joint and on each side of
it at the upstream end (T shape). A number of 3 ... 7 drainage drillings were performed for
each gallery with a total number of 185 drillings for the whole dam. In 1977, after five years
of reservoir operation 32 drainage drillings were added for the blocks 5 ... 12 located near
the right abutment.

The monitoring system was designed according to the dam type and allowed a proper
surveillance of the dam. Six direct pendulums and two inverted pendulums provide data
concerning the relative and absolute displacements of the dam body. The rock mass displace-
ments are measured by means of rockmeters. Survey measurements complete the total dis-
placements monitoring and deformetric markers provides inter-blocks relative movements.
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Temperatures, strains and total stresses within the dam body are measured by electric trans-
ducers located in the block 11, at the base of right abutment and in the block 24 in the central
zone. Uplift values are also monitored by means of pressure cells installed in the drainage
drillings.

3 INCIDENTS CREATED BY LACK OF DRAINAGE

The dam on the whole presented an adequate behavior allowing the operation of the reser-
voir up to the maximum level. The measured values, i.e. displacements, strains, relative move-
ments etc. are dependent on the reservoir water level and especially on the seasonal variation
of temperatures. However, several abnormal phenomena and an incident were recorded. The
large settlements at the downstream toe induced by continuous increase of the foundation
ground settlements were pointed out by the multiple base borehole extensometer measure-
ments especially in the downstream toe zone.

The flows drained by drillings present very small values and occur mainly in the right
abutment. During the dam monitoring up to 1984, the sudden coming into operation of the
drainage drillings was recorded in some years (1979, 1981) but it was considered no special
phenomenon. At the end of April 1984, the increase of the flows collected by the drillings was
significantly higher, drillings that were inactive came then into operation, water jet occurred
directly from the rock in the drainage galleries at joints 516 and 10/11. Simultaneously with
these seepage flow increase there were also recorded abnormal displacements of the blocks
(Fig. 2). Upward movements and downstream displacements higher than the previous ones
were recorded at the blocks located at the base of the right abutment. A sudden change of
the displacement pattern (towards downstream) in relation to the general tendency (towards
upstream) was also noticed (Constantinescu, Stematiu & Hapau, 2003).

They were rendered evident by the geodesic measurements and by pendulum monitoring
data. The analysis of the 1984 phenomenon led to the conclusion that it was similar to the
phenomena previously recorded but its amplitude was caused by an unfavorable combination
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Figure 2. Change of the displacement pattern and increase of drainage flow in April 1984.
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between the water load and the temperature variation. It should be noticed that the maxi-
mum water level of 1984 was exceeded in 1978 and 1983 without recording similar events.
A particular role in causing the recorded phenomena was incumbent on the uplifts that occur
in the foundation, due to the lack of draining capacity.

4 AGEING PHENOMENA

In the case of Poiana Uzului dam the ageing phenomena consist in loss of the grout cur-
tain watertightness and a decrease of the drainage capacity encountered during the reservoir
operation. The changes were noticed on the basis of the measurements provided by the moni-
toring system and by the incidents presented before.

The analysis of the dam behavior has revealed a stress dependent permeability of the foun-
dation rock. This particular behavior was firstly pointed out by the correlation of the seep-
age flows with the buttress average temperature and not with the water level in the reservoir
as usually happens (Stematiu & Ilie, 1992). The dependence of the drained flows on the
reservoir water level is materialized only at reduced temperatures of the buttresses. For the
same water level in the reservoir, the flows collected by the drainage system are larger only
at reduced temperatures, when the stresses at the upstream toe decrease. From the structural
point of view, tensile stresses do occur at the upstream toe of the dam under higher levels
in the reservoir associated to lower temperatures in the concrete buttresses. Consequently
the rock grouted fissures open. The foundation permeability increases and the drainage sys-
tem are activated. Where the amount of seepage overcomes the drainage capacity the uplift
increases and causes a sudden change of the displacement pattern. When the stress state in
the upstream zone of the foundation is mainly compressive the fissure are closed and the
seepage toward the drainage system is hindered. In between cycles of drainage reactivation a
clogging of the drainage drillings occurs. Even after a large extension of the drainage system
performed in 1988 similar phenomena took place (Fig. 3). The new drillings collected very
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Figure 3. In time reducing the drainage flows.
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high seepage flow rates and fine solid particles were carried out by the inflows. The seepage
flow in the drainage gallery 8/9 has reached 4.5 ... 5.0 I/s while during the incident it was less
than 0.9 I/s. Very soon the flow rates decreased and the collected seepage was clear.

The dam behavior incidents, evidenced at over 10 years from the first reservoir filling,
point out once more the in time evolution induced by the unfavorable overlapping of the
mechanical and thermal loadings after many cycles of the reservoir filling and emptying. The
in time changes of the grout curtain watertightness and of the drainage condition are clearly
an ageing phenomenon and a program of remedial works was established.

5 REMEDIAL WORKS

Subsequent to the events in April 1984 when the seepage flows collected by the drainage sys-
tem increased about 30 times and were accompanied by a doubling of the horizontal displace-
ments in the right abutment zone, a program of studies and remedial works was decided.

In a first phase, after the permeability tests using marked water rendered evident that seep-
ages occur through the grout curtain, discharging at the upstream toe in the right abutment
zone about 700 t of fly ashes performed an artificial clogging of the rock fissures. An immedi-
ate effect was obtained the seepage flows reducing significantly. After stabilizing the seepage
the drainage system affected by clogging was reshaped.

In a second phase a complete program of remedial works was designed (ICOLD, 2000). It
comprises (Fig. 4):

— asupplementary drainage system of the dam foundation;
— closure of preferential seepage paths through the grout curtain;
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Figure 4. Remedial works program.

56


http://www.crcnetbase.com/action/showImage?doi=10.1201/b11669-9&iName=master.img-003.jpg&w=314&h=280

— consolidation grouting of the rock mass at the dam downstream toe;

— additional drainage of the left abutment;

— extension of the monitoring system dedicated to measurement of the uplift and rock
deformation.

The extension of the drainage system was started immediately after the incident occurred
in 1984. The first supplementary drainage drillings were performed in the blocks 8 and 9
where during the incident the water jet occurred directly from the rock. At the final stage
of the drainage extension, 205 new drainage drillings were performed, with a total length
of 6670 m. The total seepage flow has reached up to 11 I/s, ten times larger than before the
drainage extension. The efficiency of this constructive measure is hard to evaluate in terms
of dam behavior. In spite of a very large increase of the collected flows similar incidents with
the one recorded in 1984 took place in 1988, 1992, 1993 and 1996.

The implementation of the uplift monitoring system was started concomitantly with the
drainage extension. A total of 100 piezometric cells were installed in new drillings performed
in the buttress concrete and partly in the rock. 37 cells were provided at the dam-foundation
contact, 28 cells at a depth of 0.5 m under the buttress heads, 24 cells at a depth of 5 m in the
rock under the buttresses and 11 cells were located at 30 m underneath the downstream toe.

The second stage of the remedial works was started in 1989 and was dedicated to cut down
seepage that passes along the preferential channels through the grout curtain. Such channels
have been identified by the tests performed with marked water and confirmed by the very
large seepage flows collected by the drainage in the region of blocks 7 to 11. The channels
closure was performed by means of 13 inclined grouted drillings that were assumed to inter-
cept the main discontinuities. Some 3000 kg of cement was used. The results were very good,
the seepage rate being cut down from 10 /s before grouting to 1 I/s after the grouting.

The third stage was started in 1992 and consisted in consolidation grouting performed at
the downstream toe of the buttresses. Due to the fact that stress state variation in the dam
upstream zone are induced by temperature changes but amplified by the rock mass deform-
ability it was decided to make the rock mass stiffer by injecting cement grout into the open
fissures. Two main effects were expected. Firstly, the consolidation reduces the irrecoverable
part of the deformations, and secondly, it increases the rock's modulus of elasticity. Since the
abnormal behavior was recorded at the blocks 6-12, near the right abutment, the consolida-
tion grouting were performed only for the downstream zone of these blocks. The works were
performed between 1992 and 1995. A total of 207 drillings with a cement uptake in the range
of 40 ... 80 kg/m of drilling were realized. The favorable effects are shown in Figure 4. The
irrecoverable settlement evolution was practically stopped and only elastic movements are
recorded after the year 1996.

6 CONCLUDING REMARKS

The deterioration of drainage systems in dams may become apparent when for no other
reason, the seepage volume decreases, usually slowly. Sometimes this is accompanied by an
increase in the uplift pressure near the drains. Other drains in the vicinity may show increased
discharges.

Experience shows that the piezometric pressure underneath a gravity dam is sometimes
smaller than theoretically expected. This may be the result of fine material being washed
from the reservoir into the joints in the rock below the dam, or another source of increased
impermeability in the foundation.

Both for the deterioration of grout curtains and clogging of drains, only detailed and long-
term monitoring results of seepage and uplift pressure, starting at the first impoundment of
the dam, are a sufficiently reliable tool for the detection of deficiencies.

Poiana Uzului dam behavior incidents point out the in time evolution induced by the
unfavorable overlapping of the mechanical and thermal loadings after many cycles of the
reservoir filling and emptying. The in time changes of the grout curtain watertightness and
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of the drainage condition is considered an ageing phenomenon and a program of remedial
works was established.

The staged implementation of the program of remedial works has allowed a close moni-
toring of the effects achieved at the end of each stage and finally a review of the proposed
program. Reservoir operation that prevents the unfavorable overlapping of the water pres-
sure and thermal loadings proved to be a very efficient solution capable to eliminate the
abnormal behavior of the dam.
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Unpredictable behaviour of a large arch dam in South Africa
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ABSTRACT: The behaviour of the 88 m high Gariep Dam since 1972 is discussed as well
as the various regression methods used to predict behaviour. An in-depth behaviour analysis
performed in 2010 revealed that the majority of so-called “unpredictable” inelastic deforma-
tions occurred as a result of prolonged periods of low water levels. The observed stepped
inelastic displacements as well as possible causes are briefly discussed. In conclusion, sug-
gestions are made for the incorporation of duration-dependent inelastic and/or semi-plastic
displacements (due to e.g. surface temperature, poro-plastic and swelling action) in regres-
sion models.

1 INTRODUCTION

The 88 m high Gariep Dam is located on the Orange River in South Africa (see Figure 1).
The dam comprises of a double curvature arch in the river section changing to gravity sec-
tions on the flanks and has a reservoir capacity of more than 5 000 million cubic metres (the
largest reservoir in the Republic of South Africa). The dam has been monitored since com-
pletion in 1972. Due its importance an effective monitoring system has been provided that
was enhanced during the 1980’s with an elaborate 3-D crack gauge system across joints and
major cracks. A prediction model is part of the monitoring system to check the actual versus
predicted behaviour of the structure on a weekly basis. The relative simple monitoring system
includes 3D-crack gauges, pendulums as well as a geodetic survey system.

A hybrid mathematical/statistical regression model was compiled by the designers soon
after first filling. At that stage there were already differences between the theoretical and
actual behaviour. This regression model performed reasonably well for a number of years
(requiring regular updating as can be expected). However, during the flood events of 1988
the model failed the test. The updating process proved to be laborious, and soon resulted in
even more differences between expected and the actual behaviour.

The confidence levels in the particular regression model gradually dropped (to the extent
that it was even doubted for loads that were not previously experienced). A neural network
regression model was therefore developed during the late 1990s. Initially, the results seemed
to be promising (Hattingh & Oosthuizen 1998), but soon proved to have the same deficiencies
as the mathematical/statistical regression model (Hattingh 2002).

To address this problem a detailed behavioural analysis was performed in 2010 during the
S-yearly compulsory dam safety evaluation (Hattingh 2010). 5-Yearly inspections are required
in terms of the South African Dam Safety Legislation that forms part of the National Water
Act of 1998 (RSA 1998). The purpose of this analysis was firstly, to get a better understand-
ing of the behaviour of the dam; and secondly, to develop a more reliable regression model
for the long-term evaluation of the dam.
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2 RESULTS OF BEHAVIOUR ANALYSIS

2.1  Pendulums

The performance of the central part of the wall (mainly the double curvature arch) is moni-
tored on a weekly basis by means of 7 pendulum systems (consisting of normal hanging
pendulums in the concrete as well as inverted pendulums in the foundations). From these
results the following were observed:

e As expected seasonal radial displacement of the structure is evident as well as the influ-
ence of water levels on the behaviour of the arch. No seasonal tangential displacement is
observed; and

e Under “normal” conditions with the water levels not lower than 13 m below full supply
level no abrupt inelastic radial displacement is evident. It is important to note that after
the two prolonged periods of low water levels in the early and middle 1990s where the
water level dropped to lower levels, it is clearly evident that some inelastic displacement
in a downstream direction has occurred. This occurred gradually over a period of time—
with a maximum inelastic displacement of 12 mm evident in Gallery B of block 1 i.e. the
centre of the wall (see Figure 2 for a section through block 1 and Figure 4 for the radial
pendulum displacements of Gallery B (top gallery) in the centre of the wall (block 1)).
This observation is confirmed by the results of the geodetic survey system comprising
triangulation levelling and traversing trough selected galleries (see paragraph 2.2 below).
This phenomenon could probably be attributed to the poro-plastic behaviour of the arch
structure highlighting the importance of the effect of pore pressures in the concrete. This
hypothesis is confirmed in the results of 3D-crack gauges (see paragraph 2.3 below).

2.2 Geodetic survey

The performance of the entire dam wall is also monitored on six monthly intervals by means
of geodetic surveying done by geodetic surveyors of the Department of Water Affairs. From
their results the following have been observed:

e Scasonal downstream displacements are clearly evident with the largest displacements as
expected in the arch. The maximum displacement of 20 mm was observed on the bridge in
the centre of the arch (see Figure 2);
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e The direct relationship between water levels and displacements, i.e. the behaviour of the
arch, is also evident; and

e The same permanent (inelastic) downstream displacement after the two prolonged periods
of low water levels in the early- and middle 1990s as shown by the pendulum results (see
paragraph 2.1 above) is also evident.

2.3 3D-crack gauges

3D-crack gauges were installed in Galleries A, B and D across all the construction joints in
1992 and subsequently replaced in 2002 with DWAF 2001 type 3D-crack-tilt gauges due to
the fact that an electrolytic action between the back plate and the gauge that caused cor-
rosion leading to false displacement readings. From the results of the 3D-crack gauges the
following have been observed:

e No inelastic displacement is evident after the prolonged period of low water levels from
the results of the 3D-crack gauges;

e This together with the fact that the radial displacements shows seasonal cyclical move-
ments only at the extends of the gravity flanks as well as close to the spillway in the gallery
flanking the spillway confirmed the primary arch action in the spillway section, additional
“stiffness” in the left flank arch section as well as the additional stiffness created by the
outlet works and chute spillways; and.

e The seasonal cyclical tangential displacements are decreasing in magnitude towards the
centre of the wall confirming primary arch action in the spillway section as well as addi-
tional “stiffness” in the left flank arch section.

3 REGRESSION ANALYSIS

The hybrid mathematical/statistical regression model developed during the latest dam
safety evaluation only uses two (2) independent variables/regressors—the water level and
the date which was transformed to time of the year variable (s) as well as time since the
start of the regression analysis (t). The water level was used in its basic form while the time
of the year (s) was used to represent the cyclical nature of the seasonal displacements in the
form of Sine (s) and Cosine (s). Inelastic displacements were modelled using the time since
the start of the regression analysis (t) in the form of e, 2, e and e™"®. This regression
model is therefore basically similar to the hybrid mathematical/statistical regression model
developed during the 1970s that used water level and the date as independent variables/
regressors.

3.1  Pre- 1992 analysis

When a regression period from the end of construction to the beginning of 1992 (the start
of the first prolonged period of low water levels) is used for calibration purposes, it is evident
that the original regression model was unreliable for the period after 1992. See Figure 5 for the
regression results of the radial pendulum displacements of Gallery B in the centre of the wall.
The residuals and the 95% prediction interval limits are also shown in the above-mentioned
graph. The inelastic displacements as a result of the prolonged periods of low water levels are
clearly visible. This regression model only made provision of a total inelastic displacement of
6 mm over a 30 year period (0.2 mm/year).

3.2 The 2010 analysis

When using a regression period from the end of construction to the beginning of 2003, it is
evident that the proposed regression model predicts displacements most of the time within
the 95% prediction interval limits for the residuals. See Figure 6 for the regression results of
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Figure 6. Regression results of pendulum displacement of Gallery B using a regression period from
1977 to 2003 (upstream movement is positive).

the radial pendulum displacements of Gallery B in the centre of the wall as well as the residu-
als and the 95% prediction interval limits. The improvement is mainly due to the regression
model making provision of a total inelastic displacement of 14 mm over a 24 year period

with the majority of the inelastic displacement taking place during the prolonged periods of
low water levels.
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4 CONCLUDING REMARKS

From the results of the monitoring system it is evident that inelastic deformations occurred
especially in the central double curvature arch as a result of prolonged periods of low water
levels. This was the main reason for the previous failure of the hybrid mathematical/statisti-
cal regression model developed in the 1970s as well as the neural network developed during
the 1990s.

It must be mentioned that similar inelastic deformations are observed after prolonged
periods of low water levels in several other concrete arch dams in South Africa. It is hypoth-
esized that these inelastic deformations could be attributed to the poro-plastic behaviour
of arch structures. This highlights the importance of pore pressure measurements in these
dams. The importance of the results of 3D-crack gauges in making conclusions in this regard
should also be emphasised.

Finally, the use of a simple hybrid mathematical/statistical regression model with only two
independent variables/regressors (water level and the date as well as time since the start of the
regression analysis) proved to be successful as it is predicts displacements most of the time
within the 95% prediction interval limits for the residuals.
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ABSTRACT: The 182 m high Concrete Face Rockfill Dam (CFRD) is one of the main
components of the Nam Ngum 2 (NN2) hydropower scheme in Lao PDR. Construction of
the dam was essentially completed in March 2010 and reservoir impounding commenced sub-
sequently. This paper presents the main dam design features comprising dam zoning, face slab
design and instrumentation. Construction principles and rockfill properties are explained.
The main observations from the dam monitoring during construction and impounding are
presented. The dam deformations as monitored up to date are taken as basis for back-cal-
culations of rockfill properties. A comparison of observed dam deformation behaviour with
different rockfill deformation simulation and prediction models is made.

1 INTRODUCTION

1.1 Nam Ngum 2 hydropower scheme

The Nam Ngum 2 (NN2) hydropower scheme is located on the Nam Ngum river in Lao
PDR, about 90 km north of the capital Vientiane and some 35 km upstream of the existing
Nam Ngum 1 dam and powerhouse. With an installed capacity of 615 MW, the project will
produce 2220 GWh per year energy for the Thai electricity grid. A significant component
of the scheme is the 182 m high concrete face rockfill dam, with a volume of 9.7 M m?® and
a crest length of 500 m. The dam impounds a reservoir with a volume of approximately
4900 M m’. A layout of the scheme is shown on Figure 1.

Construction of the NN2 Project commenced in late 2005 and was essentially completed
in the second half of 2010. Rockfill placement in the dam body started in January 2008 and
was completed in November 2009. Construction of the face slab, which was divided into
two stages, was performed from December 2008 to July 2009 and from November 2009 to
February 2010. Reservoir impounding started mid of March 2010 with the closure of the
diversion tunnels. The full supply level (FSL) will be reached at the end of the rainy season
in November 2010. Commissioning of the first generating unit and synchronization to the
Thai grid was achieved in August 2010. Full commercial operation of the plant is scheduled
to start end of December 2010.

2 DAM DESIGN

2.1  Dam foundation

The dam is situated in a narrow valley and is founded on sedimentary rock of variable
strength. The geological formations at the dam site consist of medium bedded to massive
cliff-forming sandstone, interbedded with siltstone. Three easterly trending folds whose axes
are nearly perpendicular to the Nam Ngum river are present at the dam site. The cliff-forming
sandstone is generally slightly jointed and fractured, whereas the interbedded siltstone is
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Figure 1. Project layout.

moderately to closely jointed. The typical quality of the foundation rock varies within the
following limits:

— Sandstone: fresh, hard and slightly fractured, locally weathered and heavily fractured.
— Siltstone: fresh to weathered, soft and slaking.

Different foundation treatment measures have been carried out to cope with the founda-
tion rock in particular in the upstream third of the dam.

2.2 Dam geometry and zoning

The dam has a maximum height of 182 m above the foundation at the deepest section. Both,
upstream and downstream slope are inclined at 1v: 1.4 h (downstream incl. berms: 1v: 1.5 h).
The dam crest is 500 m long and 12 m wide. The total dam volume is 9.7 M m’.

The dam was originally designed with a “traditional” zoning i.e. with face slab support and
transition zone (2B, 3A), the main dam body of 2 rockfill zones (3B, 3C) with larger maxi-
mum size and higher lift thickness towards the downstream slope and a drainage zone (3D)
at the dam bottom at the downstream 2/3 of the dam. An upstream fill (1A, 1B) is provided
upstream of the face slab.

During construction it was observed that also rockfill of moderate quality and with an increased
sand content was obtained from quarrying which could not always completely be separated and
wasted. Therefore, the dam zoning was adjusted to permit also placement of lower quality rock-
fill in the central part of the dam embankment. The final dam zoning is shown on Figure 2.

2.3 Rockfill characteristics and construction principles

For the construction of the dam quarried rock of sedimentary formations were available.
The source material, consisting basically of sandstone and siltstone, has been investigated by
drilling, quarry trials and laboratory testing. Of particular interest were large scale triaxial
and compressibility tests, which have been carried out by the IWHR! in China. From the
results of these tests material parameters were derived which were then taken as basis for 2-D
and 3-D deformation analysis. The results of the laboratory tests and also visual observations
indicated a high disintegration potential of the siltstone which could lead to high dam defor-
mations. By using only sandstone for rockfill it was concluded that the dam deformation will
be within acceptable and normal limits.

1. China Institute of Water Resources and Hydropower Research (IWHR), Department of Geotechnical
Engineering.
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Figure 2. Dam zoning.
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Figure 3. Dam construction stages.

For the rockfill fresh to moderately weathered sandstone was used whereby the lower qual-
ity material was placed in the central zone of the dam (see Ch. 2.2).
In general the used rockfill can be characterized as follows:

— The particle size is relatively large and particle shape is angular

— The gradation is often uniform and gap-graded, with lack of gravel-size particles

— Due to the gap-grading and increased sand content, water sluicing during placement leads
to the development of a mud layer on the rockfill surface which needs to be removed

— The relative densities obtained after placement were generally adequate although areas of
segregated fill occasionally occurred

The rockfill of the main dam body was placed in lifts of 0.8 m (zone 3B) and 1.2 m (zone 3C)
thickness and compacted with 6-8 passes of 16 t vibrating roller compactors. The amount of
water added to the fill was in the range of 100-150 I/m?.

The staging of construction is shown on Figure 3. Construction of the first stage of the
face slab (up to EL 293.4 masl) commenced after completion of the rockfill stage 2. During
first stage face slab construction rockfill placement continued with stage 3 and 4.

The average rockfill placement rate was about 460,000 m3/month, with a maximum place-
ment rate of 770,000 m*/month. The total volume of 9.7 M m? was placed in 21 month.

2.4  Face slab design and construction

The dam is situated in a steep “V”’-shaped valley. The concrete face slab has an area of about
88,000 m? and the valley shape factoris A/H?>=2.7. Considering this valley shape factor, increased
movements of the face slab panels towards the river bed and resulting horizontal stresses in the
central face slab panels were expected and considered in the design. Figure 4 shows the valley
shape factor of NN2 CFRD plotted on the graph developed by Pinto (2007).

With an assumed deformation modulus of 50 to 70 MPa the conditions at NN2 are about
the same as at Campos Novos and Barra Grande CFRD where compression cracking of the
face slab did occur.
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Figure 4. Graph deformation modulus vs. valley shape factor (after Pinto (2007)).

The face slab is designed with a thickness of T = 0.3 + 0.003 H. At the upper portion of
the central slabs (above EL 293.4 masl) the thickness is somewhat increased to 0.4 + 0.0018 H
to improve the resistance of the slab under compression. The face slab is constructed in
panels of 15 m width. At the steep abutments the slab width is reduced to 7.5 m to cope with
expected increased differential settlements along the relatively steep abutment slopes.

The vertical tension joints at the abutments are designed with bottom copper waterstop
and GB®-surface waterstop?, including corrugated waterstop, at the surface. An asphaltic
bond breaker is applied on the concrete surface at the joint. The central joints are designed
as compression joints with 20 mm thick compressible cork filler to allow some movement of
the slabs towards the valley under compression. At the bottom a copper waterstop and at the
surface a GB®-waterstop, without corrugated rubber waterstop, is provided. To maintain the
designed slab thickness at the joints, the central loop of the copper waterstop is reduced and
the chamfer at the slab surface is omitted. The perimeter joint is designed with copper water-
stop at the bottom and GB®-waterstop system at the surface, including corrugated waterstop.
A 20 mm thick bitumen painted wood filler is provided at the joint.

The face slab is constructed in two stages: Stage 1 up to EL 293.4 masl and stage 2 from
EL 293.4 masl up to the top (connection to the parapet wall). The horizontal joint between
the first and second stage of the face slab is constructed as movement joint with 20 mm joint
filler board and bottom copper waterstop and surface GB®-waterstop. This joint will reduce
the compressive stresses in slope direction.

Double layer reinforcement of total 0.4% in each direction is provided throughout the face
slab. The reinforcement ratio is increased to 0.5% in each direction in an area of generally
20 m parallel to the plinth alignment and up to 40 m from the plinth at the very steep right
abutment where higher stresses due to increased differential settlements are expected.

At the central slabs in an area of about 1/4 to 3/4 of the dam height, where the highest
compressive forces will occur, additional stirrups are provided to prevent buckling of the
upper and lower reinforcement under high compression. Anti-spalling reinforcement is pro-
vided along compression joints.

For the ease of construction the extruded curb method is used for the upstream face con-
struction. Although constructed of lean concrete of low compressive strength (about 5 MPa),
the deformability of the extruded curbs is significantly lower than that of the underlain zone 2B
rockfill. Therefore, if the rockfill deforms and settles the relatively stiff curbs may not always
follow the movements of the fill and potential voids may develop during dam construction.

When the concrete face is exposed to high water load (during impounding) the curbs may crack
in areas of voids. In this case the concrete slab is subject to rapid deformations and high stresses.

2. GB® Waterstop Structure of Beijing IWHR-KHL Co. Ltd., China.
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Therefore, the development of large voids beneath the concrete curbs must be avoided or already
developed voids should be filled before impounding as e.g. done at Karahnjukar CFRD where
extensive void grouting beneath the curbs and between face slab and curbs was performed.

To reduce the development of significant voids behind the curbs they should be as flexible as
possible to be able to move with the rockfill deformations. In this respect cutting of the curbs
into smaller pieces is promising. Therefore, at some recently constructed CFRDs in China the
curbs were cut vertically at the locations of the face slab joints before construction of the face
slab. At NN2 grooves were excavated into the extruded curbs during its construction on both
sides along the vertical face slab joints to achieve predefined break lines in the curbs. During
construction it was observed that several cracks in fact developed along these grooves.

After completion of the dam rockfill construction and during the construction of the sec-
ond stage face slab exploratory holes were drilled through the face slab and curbs at defined
locations. In these holes tests were performed to investigate if voids have developed between
the face slab and the curbs or the curbs and the 2B fill which would have had to be grouted.
No significant voids were, however, encountered.

3 INSTRUMENTATION AND MONITORING

3.1 Instrumentation concept

Instrumentation is provided to measure the behaviour of the dam during construction, res-
ervoir impounding and long term operation. Emphasis is given towards monitoring seep-
age which could arise from imperfections of the face slab and from percolations through
the dam foundation, and towards monitoring of embankment deformations. Seepage is
indirectly monitored by piezometers installed upstream and downstream of the plinth and
grout curtain, in the dam foundation and along the abutments. Seepage quantities are meas-
ured with a seepage weir at the dam toe. Deformations are mainly measured with settlement
plates, embankment extensometers and inclinometers installed in the dam body and with
joint-meters and tiltmeters installed at the face slab.

3.2 Monitoring and dam behaviour during construction

Dam deformations during construction were measured with hydrostatic settlement cells,
fixed embankment extensometers and settlement gauges with combined inclinometer tubing.
These instruments provided data of deformations along 3 sections within the dam body.

The maximum recorded construction settlement is 1.8 m, measured at both instrument
levels EL 260 masl and EL 319 masl slightly downstream of the dam centre. The construction
settlements measured with the instruments were used for calculating the deformation moduli
during construction E, :

E =22 (1)

where y= unit weight of fill above settlement plate; H = height of fill above settlement plate;
d = thickness of fill below settlement plate, s = recorded settlement of the settlement plate.

The back-calculated deformation moduli during construction are in the range of 70 MPa
(upstream side) to 50 MPa (downstream side). Using these deformation moduli the dam set-
tlements during construction were back-modelled using an elasto-plastic material model. The
calculated dam settlements comply well with the measured settlement as shown on Figure 5.
The maximum dam settlement at the end of construction is about 2.2 m which corresponds
to 1.2% of the dam height.

3.3 Monitoring and dam behaviour during first impounding

The first reservoir impounding started in March 2010 just after the completion of the second
stage face slab construction and about 4 months after completion of the dam fill. Until December
2010 the reservoir was filled up to about 98% of the full supply level (FSL). Seepage quantities
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Figure 5. Dam settlements (in m) at the end of construction.
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Figure 6. Face slab deflection derived from tiltmeter readings.

recorded with the seepage measuring weir have increased relatively linearly with the rise of the
reservoir level until September 2010 when the reservoir level 360 masl (approx. 90% of FSL) was
reached. Since then the recorded seepage quantity was stable at 80-90 1/s and it was suspected
that the maximum capacity of the measuring system was somehow exceeded. After rectification
works at the system had been performed a seepage quantity of about 300 I/s was measured.
Post-construction dam deformations generally occur due to the following reasons:

— Increased load from the reservoir
— Creep; softening of the rock due to wetting/water saturation

The increasing water load during reservoir impounding mainly acts on the dam face and
causes the concrete face and the upstream part of the rockfill to deform. The face slab deflec-
tion is measured by tiltmeters (electro-levels) installed on the face slab and by geodetic survey
of surface displacement points.

The face slab deflection at different reservoir levels as measured with the tiltmeters
installed at a central face slab panel is shown on Figure 6. The face slab deflection has signifi-
cantly increased after the water level exceeded EL 300 masl. At a reservoir level of 371 masl
(corresponding to about 98% of FSL) the maximum face slab deflection since start of
impounding is in the order of 43 cm and occurs at about half height of the dam.

From the deformation monitoring data of the downstream side of the dam body where the
reservoir load has only little or no impact quite pronounced creep settlements are observed.
Data from the settlement cells in the downstream part of the dam body and geodetic survey
data of the downstream shell indicate a settlement rate of 20-40 mm/month.

4 DAM DEFORMATION PREDICTION AND BACK-CALCULATION

Several methods for predicting dam deformations during construction and first reservoir
impounding exist. Such methods range from simplified deformation estimates based experi-
ence, up to mathematical modeling with various constitutive models.
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For the Nam Ngum 2 dam 2-dimesional and 3-dimensional numerical stress and defor-
mation analyses have been performed by IWHR? prior to the construction of the dam. The
analyses were performed using the non-linear hyperbolic material model. The used rockfill
parameters were based on results from large scale triaxial tests carried out on samples from
the quarry with gradations downscaled to suit the testing equipment. Additional calcula-
tions have been performed using adjusted rockfill properties. The used rockfill parameters
are listed in Table 1.

In Table 2 the displacements obtained with the 3-dimensional analysis using the above sets
of material parameters are summarized. It is noticed that the computed displacements are
considerable lower than the actual displacements, indicating that the embankment materials
behave softer than assumed based on triaxial testing.

It should be noted that the maximum settlement at the end of construction is observed in
the central downstream part of the dam which is not much influenced by the water load act-
ing on the concrete face.

After completion of the dam construction 2-dimensional numerical analyses have been
performed using deformation moduli £ , back-calculated from the settlements measured
with the instruments during construction. For the analysis an elasto-plastic constitutive
model was used.

As shown in chapter 3.2 the back-calculated dam deformations at the end of construction
coincide well with the monitored deformations (see chapter 3.2, Fig. 5). If the same param-
eters would be used for calculating the face slab deflections due to impounding, a value of
1.1 m would be obtained.

However, the deformation moduli to be used for estimating face deflection are normally
higher. A simple and practical way of predicting the maximum face slab deflection is to
consider the deformation modulus E, of the rockfill evaluated in the direction of the face

Table 1. Material parameters used for numerical analyses.

% ¢ o A0
Materials (g/em’) K K, n R, K, m (kPa) (°) ©)
Case 1: Zone 2B*  2.15 1600 3200 0.38 0918 2800 —0.27 — 44.1 42
Zone 3A*  2.15 1040 2080 0.31 0.820 1000 -0.06 — 459 5.7
Zone 3B*  2.15 1000 2000 0.38 0.864 1680 -0.29 — 46.5 6.2
Zone 3C*  2.10 630 1260 0.37  0.802 520 0.0 - 451 54
Case 2: Zone 2B 2.15 1000 2000 0.35 0918 500 020 - 44.1 42
Zone 3A 2.15 1000 2000 0.35  0.820 500 020 - 459 57
Zone 3B 2.15 630 1260 0.37 0.864 400 0.10 - 46.5 6.2
Zone 3C 2.10 630 1260 0.37  0.802 400 0.10 - 451 54
* Derived from triaxial test results.
Table 2. Results of 3-dimensional analyses.
Case Case 1 Case 2
Settlement end of construction (cm) 96 140
Settlement after impounding (cm)* 98 149
Face slab deflection due to impounding (cm) 20 34

*Including construction settlements.

3. China Institute of Water Resources and Hydropower Research (IWHR), Department of Geotechnical
Engineering.
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Figure 7. Ratio E,/E  as a function of A/H* (Pinto & Marques Filho (1998)).

slab movement, i.e. normal to the face slab, under the water load. Considering this transverse
modulus the maximum face slab deflection D can be estimated:

}/wHde
ET

D= 2

where ¥, = unit weight of water; [/ = height of water above face slab; H = thickness of fill
below face slab (perpendicular to face slab), £, = transverse rockfill modulus.

The transverse modulus £ is higher than the vertical modulus E, (£, is equivalent to the
modulus during construction £ _as defined in Equation 1) due to a rotation of the principal
stresses within the rockfill and rockfill consolidation during construction. Observed values
are generally 1.5 to 5 times higher than the vertical modulus depending greatly on the valley
shape factor A/H?, but certainly also on the creep characteristics of the rockfill. Knowing the
vertical modulus £, calculated from the measured settlements during construction £, can be
estimated using the graph developed by Pinto & Marques Filho (1998) (Fig. 7).

Considering the valley shape factor of A/H?> = 2.7 and the vertical rockfill modulus
E,=E_=70 MPa the maximum face slab deflection of the NN2 dam would be in the order
of 65 cm occurring at about half of the dam height and full reservoir level.

5 CONCLUSION

The monitoring system of the Nam Ngum 2 dam has provided useful information on the
deformation behavior of the dam. The maximum settlements at the end of construction are
about 2.2 m which corresponds to 1.2% of the dam height. The measured maximum face
slab deflection due to impounding up to 98% of FSL is 0.43 m. The maximum settlement
may have reached a value corresponding to 1.5% of the dam height. The deformations will
further increase with rising reservoir to full supply level and due to creeping of the rockfill.
The deformation monitoring indicates a high rate of creeping.

Measured seepage quantities are in an acceptable range. At present the performance of the
dam is good and the visual appearance is excellent.

The back-calculation of dam deformations and prediction of face slab deflection under
consideration of deformations measured during construction give reasonable results. A relia-
ble estimation of the in-situ rockfill properties, in particular its creep characteristics, remains
the main challenge for deformation prediction.
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Intensified monitoring of Emosson arch dam during
construction of Nant de Drance pump storage scheme

H. Stahl
AF-Consult (formerly Colenco Power Engineering), Baden, Switzerland

ABSTRACT: The access tunnel to the powerhouse cavern of Nant de Drance pump storage
scheme, currently under construction, passes at a horizontal distance of some 800 m from
Emosson arch dam. As a result of lessons learned from an incident in 1978, whereby the con-
struction of an investigation gallery caused serious damage to the Zeuzier dam, the Emosson
dam is under intensified monitoring with the aim of detecting any unexpected developments
in due time in order to initiate timely corrective measures.

1 INTRODUCTION

In 1978 the Zeuzier arch dam, located in the western Swiss Alps, experienced major defor-
mations leading to damage of the dam in the form of serious cracking and joint openings.
The reservoir level had to be lowered and the hydropower plant was severely constricted for
several years. Investigations of the cause indicated that an investigation gallery for a highway
tunnel, which was under construction at some 1.5 km away from the dam was to blame. It
was found that the tunnel had a draining effect on the rock mass forming the foundation of
the dam, which resulted in surface settlements and subsequently deformations of the dam.
Following this event, the possibility of surface deformation caused by tunnel excavations in
the vicinity of existing dams needs to be addressed.

Emosson dam is a 180 m high arch dam in the western Swiss Alps, in the border region
with France (Figure 1). It impounds a reservoir with a volume of 227 Mio m?, which is used
for electricity production in a cascade of two power plants in Vallorcine (200 MW) and in
La Batiaz (190 MW) operated by the dam owner Electricit¢ d’Emosson SA. As with most
of the Swiss mountain reservoirs, Emosson is operated as an annual storage scheme with a
high water level in autumn and low water level in spring. It is filled with the melting snow
and glaciers during the summer months to shift the energy production to the winter months,
when the energy demand is high.

In 2008 construction works for the Nant de Drance pump storage scheme started. This
900 MW scheme consists of an underground connection of the Emosson reservoir to the
higher reservoir of the Vieux-Emosson arch gravity dam, utilising Emosson reservoir as
the lower basin of the pump storage scheme (Figure 2). Apart from the intake structure, to
be constructed in the Emosson reservoir, the Emosson dam and reservoir are not directly
affected by the works for the new scheme. However, the main access gallery to the power-
house cavern passes at a horizontal distance of only 800 m from the dam and underpasses
the reservoir.

2 BACKGROUND AND GOAL OF THE INTENSIFIED MONITORING
Following the experiences from Zeuzier arch dam, drainage of the rock mass due to the con-

struction of the main access gallery to the powerhouse cavern of Nant de Drance pump storage
scheme with subsequent surface deformation in the area of Emosson dam, cannot be ruled out.
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Figure 1. Emosson arch dam (photo: Swiss Air Force).
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Figure 2. Nant de Drance pump storage scheme (Nant de Drance SA).

For this reason, the approval for the pump storage scheme, issued by the Swiss Federal Office
of Energy (SFOE) is subject to the requirement to carry out measures to ensure the safety of
Emosson dam during the entire construction period as well as thereafter. The measures that
have been taken in this respect include the analysis of the hydrogeological situation in the area
of the dam and main access gallery and the determination of the expected terrain deforma-
tion at the ground surface, in particular at the dam site. A 3—dimensional finite element model
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for Emosson dam has been developed in order to evaluate the capacity of the dam to accept
permanent ground surface deformations. The criterion adopted is to maintain elastic material
behaviour independent from the reservoir level and temperature of the dam. It has been found
that the dam can accept more than the expected terrain deformation at the dam site. Regard-
less, threshold values and alarm values with adequate safety factors have been defined with
required measures to be taken in the event that these predefined values are reached.

The goal of the intensified monitoring is to ensure that the deformations of the dam
and the surrounding area remain at all times within admissible limits. Based on the specific
observations, any unexpected terrain deformations shall be detected immediately to allow for
timely corrective measures to be taken in the tunnelling excavation works.

3 NORMAL MONITORING

The intensified monitoring as a consequence of the construction activities complements the
normal monitoring activity which is continued as before. For the normal monitoring, sur-
veillance of Emosson arch dam, which falls under the large dam’s category, is under the
supervision of the federal administration, represented by the SFOE and follows their specific
regulations. This implies the application of the 4 levels of the dam surveillance system:

Level 1: dam owner. Activities by the dam owner include the regular visual inspections and
instrument readings, tests and maintenance of all installations as well as general maintenance
works.

Level 2: experienced civil engineer. The main tasks of the experienced civil engineer include
the analysis and interpretation of the instrument readings and visual inspections, execution
of an annual inspection visit to the dam and the preparation of an annual report on the
behaviour and state of the dam.

Level 3: civil engineering expert and geological expert. The experts review the annual
reports by the experienced civil engineer and, every 5 years, prepare an experts report, further
analysing the dam behaviour and any developments during the last 5 years as well as giving
recommendations.

Level 4: of the dam surveillance system is constituted by the SFOE, the supervising authority.

4 INSTALLATIONS AND MEASURES FOR THE INTENSIFIED
MONITORING

In the intensified monitoring process the same engineers and experts as in the normal moni-
toring process are involved. This best allows for the integration of knowledge and experience
gained over the past years. However, additional installations and measures have been intro-
duced. These installations and measures can be structured as follows:

— monitoring of the wider area surrounding the dam;
— monitoring of the terrain around the dam;
— intensified monitoring of the dam.

4.1  Monitoring of the wider area surrounding the dam

The monitoring of the wider area surrounding the dam serves as early warning of changes,
which could affect the dam. It essentially comprises precision levelling combined with GPS
measurements.

The precision levelling consists of a series of levelling points along the access road to the
dam, which is also crossed under by the access tunnel (see Figure 3). A zero measurement was
carried out well before commencement of construction works. Through sequential measure-
ment, settlement over the tunnel axis can be determined. As long as the settlements over the
tunnel axis remain within pre-calculated boundary limits, then it can be assumed that the
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Figure 3. Instrumentation in the wider area surrounding the dam and in the terrain around the dam.

terrain deformations at the dam site also remain within prognosis and therefore below the
threshold values.

For the early recognition of unexpected settlement a GPS point has been installed at the
cross-over point between the surface precise levelling lines and the tunnel axis, which is auto-
matically read several times per week (GPS G in Figure 3). Due to the fact that measure-
ments need to be carried out also through the winter months in an area of high avalanche
hazard, the GPS-measurement point has been housed in a specially constructed avalanche
safe installation.

To increase the accuracy of the GPS measurements, a reference station has been posi-
tioned at a geologically stable site, which cannot be influenced by the construction works.
This point serves equally as an altitude control point (GPS L in Figure 3).

A further GPS measurement point has been installed within the zone where the main
access gallery crosses a geological fault zone. This point is measured manually periodically
during the summer months when access is possible (GPS H in Figure 3). The GPS points
of the normal monitoring array are measured annually during the construction period, as
opposed to the normal 5 yearly measurement (GPS A, C, D and F in Figure 3, GPS point B
further north, not shown in Figure 3).

In addition to the precise levelling and the GPS points, the following physical values are
recorded and evaluated for the early recognition of deformation to the rock mass during the
construction phase: drainage water volume from the tunnel drives, flow from regional springs
as well as pressure measurements in the excavation boreholes for the powerhouse cavern.

4.2 Monitoring of the terrain around the dam

The intensified monitoring system of the terrain around the dam comprises automated total
station measurements and an increased measurement of the external geodetic network for
the dam.

From two permanently installed total stations TO and T1 (see Figures 3 and 4), reflectors
on both valley flanks are measured automatically several times a week, usually at night to
minimize adverse atmospheric influences. From this network the deformation of the terrain
around the dam can be calculated and compared with the threshold and alarm values.

The external geodetic network of the normal monitoring array, using additional survey pil-
lars and reflector locations not shown in Figure 3, is measured with an increased frequency
from the normal 5 year period up to an annual measurement during the construction period.
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Figure 4. Protective cabin for the permanently installed total station T1 on the left bank (photo:
Straub AG).

4.3 Intensified monitoring of the dam

Emosson dam contains a full array of instruments which are measured regularly. Therefore,
installation of additional instruments or automatisation of existing instruments has not been
found necessary. Also, the frequency of the instrument readings and visual inspections is as
under normal monitoring conditions.

However, in order to further monitor any deformation of the terrain around the dam, the
measurement of the block-joints has been taken up again. The last complete measurement
of the block joints was carried out in 1976 at the end of the dam’s construction period. For
this reason a zero reading of the original installation still in place was carried out prior to
construction works. Repeat measurements are carried out annually under comparable cir-
cumstances with particular reference to reservoir level and concrete temperature.

5 DATA FLOW AND EVALUATION

A central data-base forms the key instrument for the administration of the large volume
of data arising from the monitoring system. This data-base contains all measurements and
allows for the graphical evaluation of the measurements. It affords remote access for all
project engineers concerned via internet.

The data input into the project data base for the automatic readings and manual readings
of the dam instruments is, as much as is feasible, automatic from the dam owner’s data base
and Level 2 engineer’s database, where the data is stored as prior to the construction period.
Due to the automatic import of data, the quality control of the data in the project data base
is of great importance.

The automated total stations and GPS points are powered either by a solar power pack or
are connected to the electrical power network. The measured data is transmitted via cable,
WLAN or UMTS to a central control module located in an annex building to the dam, from
which they are further transmitted via fibre optic cable and internet to a specialised land
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surveying company for evaluation. After evaluation of the raw data, the calculated terrain
deformations are filed in the project data base, where they are available to all concerned.

At the dam site, the valley undergoes a process of dilation and contraction corresponding
to the water level in the reservoir. The rising water level during summer widens the valley. This
deformation is reversible with the lowering of the reservoir level during winter. The deforma-
tion of the valley is approximately 10 mm between the maximum and minimum operation
water level and can be measured with the pendulums located in both abutments and with
the total stations. Based on the measurement series of the pendulums over the past 10 years
prior to construction, a correlation between the reservoir level and the valley dilation and
contraction respectively has been determined. This leads to an expected temporal value for
the terrain deformation to which the deformation measured by total station can be compared
to assess the actual measurement.

All things being equal, the data base is updated weekly. The frequency, however, can be
increased to daily updating and evaluation if circumstances demand. An evaluation of the
data of the dam instrumentation, along with that of the total station and GPS measurements,
is carried out by a specialist engineer at AF-Consult at least weekly, in order that develop-
ments can be detected early.

A monthly report is submitted to the responsible Project representatives, for the dam owner
and a panel of experts as well as the regulatory authorities indicating all occurrences, measure-
ments that have been carried out and the state of measurements over the reporting period.

6 CONCLUSION

The additional installations and measures for the intensified monitoring have been opera-
tional since 2009 and are scheduled to remain in operation up to the end of the construction
in 2016. The additional installations are working reliably and the newly introduced strategies
within the action plan are well-rehearsed. With the measures taken, the responsible engineers
are confident that the safety of the dam can be ensured throughout the construction period
and thereafter.
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ABSTRACT: Nam Ngum 2 Hydroelectric Power Project is situated on upstream of existing
Nam Ngum 1 reservoir and located approximately 93 km northeast of Vientiane, capital of
Laos. The construction project was started on 2006 while the dam body began to embank on
February 2008. It was started the reservoir impounding on March 2010. The dam embank-
ment is Concrete Face Rockfill Dam (CFRD) of 182 m. high and crest length of 512 m.
Construction of NN2 CFRD divided into 5 stages for embankment in order to corporate
with face slab construction. Concrete face slab is divided to two stages of construction, the
first stage of face slab start from plinth to elevation +293 m ASL and the second stage of
face slab continue to +377 m ASL. The first stage face slab started after compacted rockfill
placement stage 1 and 2 to elevation +315 m ASL. The second stage face slab started when
the upstream portion embanked up to the wave wall foundation. The dam site is located in
a narrow valley with rather steep slopes (4/H? = 2.66) and complex geology. Nowadays dam
behavior interpretation during the construction and initial stage of reservoir filling is pro-
ceeding to confirm the integrity on the dam and these would lead to the set up the safety or
warning criteria for dam operation. The numbers of data during one year about 0.5 million
records from extensive dam instruments more than 475 sensors would be summarized. In
order to interpret the dam behaviors, GIS would be used for the analysis. The Hydrostatic
Settlement Gauges, Fixed Embankment Extensometers, Incline Inclinometer and inclinom-
eter with Magnetic Settlement Gauges were installed on tree section for measurement of
internal displacements. In this paper, the behaviors during the construction and first filling
are presented which are mainly for determination of dam deformation, face slab movement,
the back analysis for material parameters and prediction of reservoir filling. The sandstone
rockfill secant modulus during construction (£ ), modified from Fitzpatrick et al. (1985),
values varies in the 38-180 MPa range depending on the void ratio of the rockfill and the
parent rock material from quarrying. The average values of 3B, 3C zone and for the whole
dam are 151.40, 59.67 and 101.11 MPa respectively. The maximum settlements were observed
during the construction period reached the values of 1.69 meters occurred in Zone 3C. The
maximum settlement after construction for 10.5 months is 0.334% of the dam’s height. The
face slab shown deflections cause from impounding. The rockfill modulus on first filling of
NN2 E, is 593 MPa.

1 INTRODUCTION

1.1 Design of NN2 CFRD

The dam is consisting of compacted rockfill found on a rock foundation, plinth, face slab
and wave wall. Dam slopes for upstream and downstream are defined as 1V:1.4H to suit with
available rockfill material. The rockfill materials are generally classified into three designated
zones as follows: Zone 1 (1A and 1B) is concrete face slab protection zone in the upstream
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of face slab, Zone 2 (2A and 2B) is concrete face slab supporting zone in the downstream of
face slab, and Zone 3 (3A, 3B, 3C and 3D) is the rockfill zone, which is the major part of the
rockfill material. (Sramoon et al., 2010)

1.2 The structural geology at dam site

Geological structure at the dam site is characterized by three easterly trending anticline
folds whose axes are nearly perpendicular to the Nam Ngum River. The dam site is situ-
ated between the limbs of two local anticlines that strike nearly East-West across the river.
Throughout the dam foundation area, the dip of bedding ranges from horizontal (0°) at the
anticline axes to 65° on the limbs of the anticlines. Prominent slickenside are often developed
on the bedding plane surface of the weaker, mudstone and siltstone beds, and indicates shear
movement during folding. (Ngarmsirilertsgoon & Puangpatcharakul 2009).

2 DAM CONSTRUCTION DAM INSTRUMENTS AND DATA CORRECTION

2.1  The dam construction

The construction project was started on 2006 while the dam body began to embank on
February 2008. The river bed was cleaned and the foundation was improved before the
commencement of embankment work. The embankment constructed within 20 months.
The dam has 182 m at elevation of 381 m assumed sea level above plinth foundation in
riverbed. The crest length of dam is 512 m with 9 m width and the basement is 518.8 m.
The total rockfill embankment volume is 107 m?® and total area of the concrete face slab is
88,000 m2.

The main dam embankment has mainly divided into 5 sequences in order to corporate with
the 2 stages of face slab construction sequences. The compacted sandstone rockfill has been
controlled to achieve the dry unit weight more than 21.5 kN/m?® and the maximum of void
ratio 0.20. The 0.80 m lift thickness of 3B and 3C material has been employed depending on
the maximum size of rockfill material. The steep abutment has treated by thin layer of rock-
fill/filter material in order to increase compressibility modulus. (Chalermnon et al., 2009).

During construction it was observed that also fine grained sandstone, porous or weathered
sandstone of moderate quality is being obtained from quarrying which can not always com-
pletely be separated and wasted. Therefore the dam zoning was adjusted to permit also place-
ment of lower quality rockfill in the central part of the dam embankment (3Bw and 3Cw).
(Straubaar et al., 2009).

In Figure 1, zoning and the sequence of rockfill placement are shown. Sequence 1 consists
of Zone 3B and 3D, drainage, which was compacted the fresh and slightly to moderately
weathered sandstone. The actual placement commenced on March 2008 of 10 m height start
from downstream and left about 30 m at upstream path for construct the plinth at river bed.
Sequence 2 started from April 2008 to January 2009, about 10 months. The placement of
rockfill on the upstream was done to accommodate the construction of first stage face slab
up to elevation 315 m asl, which corresponds to 115 m in height. Sequence 3 had to construct
parallel with the first stage of face slab construction. Started from February to June 2009,
about 5 months, and it is require to control the differential settlement and stress in rockfill
between the zone by controlling the different height of embankment between upstream por-
tion and downstream portion, not more than 40 m. Sequence 4 after completion of the first
stage concrete face slab then start compacted the embankment till the elevation reach to the
wave wall foundation. The work took about 5 months started from July to November 2009.
Then strated the Sequence 5, the second stage face slab started commencement in December
2009 parallel with the earthfill and random fill placed on upstream face over the lower part
of the face slab, Zone 1A and 1B, have also been compacted. After completion of the second
stage face slab and the wave wall, the last portion of embankment above the wave wall foun-
dation was constructed.
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Figure 1. Sequence of rockfill placement.
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Figure 2. Layout of NN2 dam and dam instrument sections.

2.2 Dam instruments of NN2 CFRD

There are several kinds of dam instrument on NN2 dam; more than 475 sensors were
installed. Most of the instruments were installed within dam body and on the face slab. Some
instruments had been installed in dam foundation before filling of the dam embankment.
Figure 2 shows the layout of the Nam Ngum 2 dam and 4 main instrument sections. The total
numbers of sensors are given on Table 1. Instrumented data are reading and analyzed con-
tinuously to assess the performance of NN2 CFRD during construction, reservoir impound-
ing and operation of the dam.

The deformation of rockfill embankment monitoring by the instruments which are
installed at sections 2, 3 and 4. FEEs and HSCs indicated the deformation within rockfill
embankment in horizontal and vertical respectively. PI indicates slope movement and insta-
bility. Magnetic settlement gages coupling with the inclinometer access tube detect the inter-
nal settlement of embankment. The network of 35 SM consists of 14 points on the upstream
slope and 21 points on the crest and downstream slope of the embankment at points installed
at three levels. Horizontal and vertical movements of the reference monuments are determine
by geodetic observations.
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Table 1. Summary of dam instruments installed at NN2 CFRD.

Instrumentation Notation Quantity Location
Surface Monuments SM 14 Rockfill Upstream slope
21 Dam crest and
Downstream slope
Inclinometer PI 3 sets Rockfill Downstream berm
Magnetic Settlement Gauge SG 41
Hydrostatic Settlement Cell HSC 22 Rockfill Section 2-4
Fixed Embankment Extensometer FEE 111 Rockfill Section 24
Total Earth Pressure Cell TPC 3 Rockfill Section 3
Strong Motion Accelerometer SMA 3 Rockfill Crest, downstream
berm and abutment
Weather Station WS 1 set Rockfill Abutment
V-notch Measuring Weir \A%% 1 Rockfill Downstream toe
Open Standpipe Piezometer OSP 7 Rockfill Downstream of
abutment and
dam toe
Inclined linclinometer 11C 1 Face slab Section 3
Electro Level (Tilt Meter) EL 23 Face slab Section 1-4
1 Dimensional Joint Meter IM 4 Face slab Parapet wall—face slab
2 Dimensional Joint Meter 2IM 10 Face slab Between vertical joint
3 D (Perimetric) Joint Meter PIM 13 Face slab Along perimetric—
construction joint
3D Concrete Strain Gauge TSG 27 Face slab Within concrete slab
Rebar Strain Gauge RBSG 27 Face slab Within concrete slab
Non Stress Strain Meter RBSG 27 Face slab Beneath concrete slab
Distributed Fiber Optic DFOT 900 m Plinth Beneath concrete slab
Temperature
Vibrating Wire Piezometer VWP 35 Dam foundation

In NN2, instrumentation interpretation to assess behavior and responses of the dam and
appurtenant structures can be divided into five groups as follows: 1) dam embankment defor-
mation, 2) concrete face slab movements, 3) seepage and leakage, 4) seismic response, and
5) instrumentation results for other structures. This paper will point out only dam embank-
ment deformation and concrete face slab movement. The interpretation is for the instru-
mentation data up to 28 September 2010 which is about ten months after the completion of
rockfill placement of the dam body to elevation 377 m, considered as the end of construction
and initial impounding.

2.3 Data correction and error reduction

Interpretation of the monitoring data needed to realize on the data correction because all meas-
urements involve some error. The measures by which error is defined should be considered as
part of the dam behavior interpretations. By observed the field data it were found the cause
of error such as changes of temperature, atmospheric pressure, change of reading station and
drop of power supply. The type of errors used to define the correction in instrument measure-
ment data including systematic error, human error and random error. In this paper, only two
types of instruments will be use for example to explain the procedures of data correction and
error reduction. There are HSC and EL. Figure 3 presents the located of HSCs in dam body
and ELs positions on slab of NN2 dam. HSCs are devices placed in an embankment fill during
construction to monitor settlement or heave at a discrete location within dam body. ELs were
mounted on the dam’s face slab on four sections to monitor slab deformation.

Pressure reading correction for HSC: The HSC consists of a pressure transducer and con-
nected to a reference station by a twin tubing filled with water. The reference station consists
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Figure 3. The located of HSCs, ELs and TJMs on typical section with rockfill zoning of the dam.

of a sealed liquid-filled reservoir open to atmospheric pressure and located at the gauge
houses. The relationship between the height of water column and reading value is depend-
ent on the barometric pressure at the reservoir and temperature of water in the system. The
settlement is measured relatively to the elevation of the reservoir and the pressure at sensor
had been corrected.

Data corrections for EL: ELs are used for monitoring changes in rotation at the surface
of face slab which are interpretation with TJMs measurement the joint movement between
face slab and plinth and also between 1st and 2nd stage face slab. It was found that the read-
ing value is dependent on two major causes of the systematic errors including the variation
of temperature at located ELs and change of reading station. The correction was done by
finding the equation of relationship between rotation value and temperature for adjusting the
reading values to the true values.

3 DAM EMBANKMENT DEFORMATION

3.1 Settlement of embankment

The settlements of the rockfill embankment across dam width recorded at the three sections
of the dam by the HSC from 5 October 2008 to 28 September 2010. During the construc-
tion period, the accumulative settlements at Section 3 (deepest section) reached the values of
705 mm in Zone 3B, 955 mm in Zone 3Bw, 1690 mm in Zone 3Cw and 1252 mm in Zone 3C
which recorded at the same level +258 m asl. The maximum settlement observed by HSC3.4
at level +319 is 1.89 m or 1.04% of dam’s height. These settlements were compensating by the
rockfill at placement which compacted during construction. Figure 4 show the contours of set-
tlement in mm observed at the end of construction on 12 November 2009. It was found that the
locations of maximum settlement are on the downstream zone where rockfills of lesser quality,
Zone 3Cw and 3C, were used as opposed to 3B material in the center and upstream zones.

During 12 November 2009 to 18 March 2010 was the period of waiting for impounding
and constructed the 1B zone. About 4 months, the maximum settlement was found at the
same point with value of 250 mm or 0.138% of dam’s height. The contour of settlement after
construction observed during this period show in Figure 5a.

The reservoir impounding started on 18 March 2010, with water level at elevation +219.20,
increasing quickly to level +315.03 on 18 July and to level +365.36 on 28 September 2010
(6.5 months). To monitor the behavior during the reservoir impounding, the displacements
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Figure 4. Contours of settlement (in mm) at maximum dam section during and at the end of
construction.
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Figure 5. Contours of settlement (in mm) after construction and during impounding.

of the construction phase were reset to zero at 18 March 2010. The additional settlements
were 604 mm or 0.194% of the dam’s height. It was found that the major effect of rockfills
settlement was the rockfills loading more than the impoundment loading which show in
Figure 5b—c. The impounding was cause the effect to settle of rockfill 3B zone on upstream
of the dam while the center and downstream of the dam still remain settle by itself weight.

3.2 Lateral movement of embankment

Figure 6 shows the lateral movement of embankment. The upstream-downstream displace-
ments monitor by Probe Inclinometers (PI) in Figure 6a show maximum lateral displacement
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Figure 6. Lateral movement of embankment monitor by Probe Inclinometers (PI).

of 448.29 mm at elevation of +299.613 m (above the mid high of dam) toward the down-
stream direction. Compare with the baseline is the position of the casing on 18 March 2010,
its detected downstream 33.91 mm, but the lower part below el +243 m (3D zone) remained
stationary. With increasing reservoir level, the maximum movement toward the downstream
at Sections 2 and 4 are 35.89 and 33.99 mm occurring at elevation of +307.034 and +311.479 m
respectively.

The cross-valley horizontal movement during the construction period (up to 18 March
2010) and after construction (March to September 2010), are show in Figure 6b. The incli-
nometers were anchored into the bedrock. The PI showed zero movement at the interface
between the rockfill and the bedrock. The post construction cross-valley movements as well
as the settlements were significantly smaller than those that developed during construction.

3.3 The modulus of elasticity of rockfill

The rockfill modulus during construction (£ ) values have been calculated from observed
settlements of rockfill during construction of dam using HSCs measure with two layers of
HSC:s installed in section 3. The distribution of stress from the area transmitting a triangular
stress and the secant moduli have been calculated from stress per strain by using elastic solu-
tion published in Poulos and Davis (1974). The E of NN2 in MN/m? (MPa) were show in
Figure 7 which can be seen that the rockfill materials should be divided to 4 groups. Group
no 1 monitoring by HSC3.1 3.7 3.8 3.9, group no 2 by HSC3.2, group no 3 by HSC3.3 3.5
3.103.11 and group no 4 by HSC3.4 3.12 observed £ values are 145-180, 90-120, 62-75 and
38-50 MPa respectively. The observed results in term of E_ values had been found that the
rockfill in dam body ranging from 90 to180 MPa in 3B zone "and 38 to 75 MPa in 3C zone as
also show the zoning description in Figure 7. The average E_ calculated by ignoring the over-
high values cause by the reading start after the settlement of rockfill lower part have been
occurred so the data reading loss some settlement value, the lower settlement cause the higher
E . The average E_of 3B, 3C zone and for the whole dam are 151.40, 59.67 and 101.11 MPa
respectively.

NN2 CFRD is located in a narrow valley with rather steep slopes having a valley shape
factor (SF) equal to 2.66. From historical records of the performance of CFRDs constructed
from well-compacted angular rockfills study by Pinto & Marques Filho (1998) (Figure 8a)
they conclude that void ratio and valley shape are the dominant influences on the calculated
two-dimensional deformation modulus during construction for narrow valleys because the
valley shape affects the vertical stress. By comparison with other CFRDs in Figure 8a the
average £ _of NN2 is lower than trend line and also in 3C zone range. However, the range
of E_in 3B zone is in the trend line of CFRDs in narrow valleys which are the SF less than
3.5. And the E_of weak sandstone and siltstone used in 3B zone of Salvajina dam recorded
by Hunter (2003) show the value of 62 MPa and 55-60 MPa of weathered to fresh siltstone
and sandstone in Mangrove Creek dam. Then the E_ of NN2 is in rang value of sandstone
material rockfills.
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Figure 8. The dominant influences on the calculated two-dimensional deformation modulus during
construction. (modified from Pinto & Marques Filho 1998).

4 FACE SLAB MOVEMENT

4.1  Movements of face slab

The deformed shape of the concrete face slab on first impounding is strongly dependent
on the water leveling as show in Figure 9. Before water level reach to the 2nd stage of
face slab (+294) the lower part of face slab shown deflections cause from impounding
while the second stage of face slab still settle with dam body. The deflections occurring
on face slab were influenced by the water pressure. At the water level +365.36 m asl on
September 2010, the maximum deflection occurred at about 52% of the embankment
height with the values of 310.4 mm and reducing to 7.3 mm at the toe. For 2nd stage face
slab, the deflection was also reducing toward the crest to 195.9 mm. From the elevation
about +314 the deformation reducing with constant gradient while the face slab below
this level is curve.

The rockfill modulus on first filling of NN2 E_ calculated by the method of Fitzpatrick
et al. (1985) is 593 MPa (the estimated value is 222.44 MPa). The rockfill moduli of NN2 are
normal value compare with other CFRDs recorded by ICOLD (2004)

Figure 10 presents the contours of face slab deflection (in mm) during the first reservoir
filling and can define the compression zone influence by water pressure. The maximum set-
tlements along the elevations from the toe to top of face slab occurred in the middle way
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Figure 10. Contours of face slab deflection (in mm) during first impounding.

between left and right abutment. And close to the right abutment in the center of face slab
at elevation about +294 m asl which cause from more steep slope on the right abutment.
The increase in water pressure contacts on the surface of concrete face slab from May to
September 2010 induce the differential settlement and cause the highly reflected zone in con-
crete in the area which the maximum settlement occurred. These highly reflected zones quite

87


http://www.crcnetbase.com/action/showImage?doi=10.1201/b11669-13&iName=master.img-008.jpg&w=368&h=153
http://www.crcnetbase.com/action/showImage?doi=10.1201/b11669-13&iName=master.img-009.jpg&w=368&h=286

agree with the area that design to use the steel stirrups against shearing by the designers. The
area nearly the right abutment around the elevation of +294 m asl should be observe closely
because of the potential to concrete bucking.

4.2 Joint movements

The movement of face slab along the plinth and the movement between 2nd and Ist stage of
face slab monitor by the TIM and 2JM which installed at place during construction of the
concrete face slab. The observed of movement in three directions are 1) the opening between
the face slab and the plinth 2) the movement along the left and right abutment and 3) the
settlement perpendicular to the face slab. Figure 11 showed movement along the plinth and
between face slabs after construction. After construction and first filling, TIM4.2 and 4.4
(Figure 11a) show the opening on the right abutment while TIM1.2, 1.1, 2.1, 2.1, and 3.2 show
the closing on the left abutment. TIM3.1 at the river bed show the face slab closing to plinth
and TIM10.1-10.3 also show 2nd face slab closing to st stage face slab. After construction
up to September 2010 the 2nd stage move down to closing to st stage face slab and it move
at high rate (12.4 mm / month) when the water level higher than the elevation +346 (81% of
dam high) on mid of July 2010. On September 2010 the maximum opening between 1st and
2nd face slab observed from TIM10.2 were 22.3 mm and between face slab and plinth were
7 mm from TIM4.2 on the right abutment. The maximum closing to the plinth were 12.8 mm
occurred at TIM2.2 on the left abutment. At the toe of face slab observed by TIM3.1 it was
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Figure 11. Three dimension jointmeter movement along the plinth and between face slab after
construction.
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Figure 12. Face slab movement by jointmeters compare with other CFRDs record by ICOLD (2004).
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found that at first the face slab closing to the plinth and after start impounding on March
2010 it was opening from the water pressure continue rising attack to the face slab and the
nearly TIM3.2 and TIM4.3 on the left and right abutment also same behavior. These results
confirm that was highly reflected zone occurred at the area around Chainage 0 + 180 to 260
and Elevation +230 to 290 m asl.

Figure 11b presented the movement parallel to plinth and the settlement perpendicular to
the face slab. The face slab on both abutments moved toward the river channel and the values
observed at TIM2.1, TIM3.2, TIM4.3 and TIM4.1 of 11.7, 20, 15.8 and 15.7 mm respec-
tively, quite high compare with other area, cause from those located on the steep abutment.
In term of settlement perpendicular to the face slab, it was settlement related to the plinth
with higher value on the abutment. The maximum value occurred at TIM2.2, which located
on the left abutment, is 70 mm. In Comparison to other CFRDs recorded by ICLOD (2004)
in Figure 12, the TJM movement observed response on NN2 is normal value.

5 CONCLUSIONS

The dam embankment is Concrete Face Rockfill Dam (CFRD) of 182 m. High and crest
length of 512 m. The dam site is located in a narrow valley with rather steep slopes (SF=2.66)
and complex geology. The total rockfill embankment volume is 10’ m* and total area of
the concrete face slab is 88,000 m?. The main dam embankment has mainly divided into
5 sequences in order to corporate with the 2 stages of face slab construction sequences. The
embankment constructed within 20 months. More than 475 sensors were installed within
dam body and on the face slab. By observed the field data it were found the causes of error
and define the correction in instrument measurement data. The behaviors of NN2 during
the construction and first filling were monitored for which are mainly dam deformation and
face slab movement.

Deformation of the dam after reservoir impounding is cause by the water loading on the
upstream face of the dam as well as by continuing creep due to the weight of the rockfill.
The combined settlements were observed up to September 2010 at 2.5 meters while the set-
tlement after construction was 0.854 meters. The locations of maximum settlement at the
end of construction are on the downstream zone where rockfills of lower quality, Zone 3Cw
and 3C, were used. The maximum settlement after construction for 10.5 months is 0.334%
of the dam’s height. The sandstone rockfill secant moduli during construction (E,) were
modified from Fitzpatrick et al. (1985) method for finding the other points. The £ values
varies in the 90-180 MPa range depending on the void ratio, the parent rock material from
quarrying and the gradation of the rockfill. The average values of 3B and 3C zone are 151.40
and 59.67 MPa respectively.

The face slab shown deflections cause from impounding. The maximum deflection occurred
at 52% of the embankment height at the point of starting 2nd stage face slab with the values
of 310.4 mm. The rockfill modulus on first filling of NN2 E’fis 593 MPa.

At the toe of face slab observed by TIM3.1 it was found that at first the face slab closing to
the plinth and after start impounding on March 2010 it was opening from the water pressure
continue rising attack to the face slab. The face slab on both abutments moved toward the river
channel. The settlement perpendicular to the face slab was related to the plinth with higher value
on the abutment, the maximum value is 70 mm occurred at TIM2.2 on the left abutment.
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Analysis on the operating performance of Sanbanxi CFRD

Xu Zeping, Deng Gang & Zhao Chun
China Institute of Water Resources and Hydropower Research, Beijing, China

ABSTRACT: The performance of Sanbanxi CFRD with dam height of 186.5 m was
presented. Based on the observation data, different numerical analysis methods were applied
to study the safety status of the dam. Furthermore, the mechanism of face slab rupture
after reservoir impoundment was analyzed by back analysis. From the analysis, it could con-
clude that the general status of the stress and deformation of dam and face slab is basically
acceptable. Safe operation of the dam could be achieved. The rupture of concrete face slab
is mainly caused by relatively large deformation of upstream rockfill and the impact of local
topography of the right abutmently.

1 PROJECT INTRODUCTION

Sanbanxi Hydropower Station is situated in the middle reach of Qingshuijiang River, upstream
of the main stream of Yuanshui River. The dam site is located in Jingping County, Guizhou
Province, China. The normal storage water level of the reservoir is 475 m. The total storage
capacity is 40.95 x 10® m® and the installed capacity of the power station is 1000 MW. The
project is consists of concrete faced rockfill dam (main dam and auxiliary dam), right bank
power generation system, left bank spillway and flood discharge tunnels. The maximum dam
height of the concrete faced rockfill dam is 185.5 m (Chen & Li 2000). The general layout and
typical section of CFRD are shown in Figure land Figure 2.

The commencement of the project construction was July 1, 2002. River closure was con-
ducted on Sept. 17, 2003. Rockfill dam construction was started on Nov. 15, 2003 and res-
ervoir impoundment was started on Jan. 7, 2006. The first unit started power generation on
July 25, 2006 and all the 4 units were put into operation on December in the same year.

Figure 1. General layout of Sanbanxi hydropower project.
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Figure 2. Typical cross section of the dam.

2 SAFETY MONITORING OF CFRD

2.1 Arrangement of instruments

The instrumentation for safety monitoring of Sanbanxi CFRD mainly include deformation
of rockfill dam, stress and strain of concrete face slab, seepage through the dam, etc.

Dam deformation monitoring includes surface deformation of dam body, interior defor-
mation of rockfill, displacement of joints (vertical joints and perimetric joint), deflection of
concrete face slab, gaps between concrete face slab and rockfill. Strain and stress monitoring
includes strain gauges on concrete, reinforcement metre on steel bar. Figure 3 shows the instru-
ments arrangement for interior deformation monitoring of Section B-B (riverbed section).

2.2 Main results of instrumentation

The monitoring of interior deformation includes vertical displacement (settlement), horizon-
tal displacement along river flow and horizontal displacement along dam axis. The instru-
ments for observation are hydrostatic settlement cells, horizontal extensometers.

Vertical displacements were measured by hydrostatic settlement cells. Two sections were
selected for deformation observation, which are: section A-A (Right 0 + 008.20 m) and
Section B-B (Left +071.80 m). For each section, instruments were arranged on 4 levels, i.e.
EL346 m, EL379 m, EL404 m, and EL445 m. From the observation data, the settlement of
rockfill presents following features:

1. All the measured settlements are gradually increased with time. For Section A-A, the
maximum settlement occurred at VSA2-4, EL404 m, 5 m downstream of the axis of
the parapet wall. The measured value on Sept. 25, 2008 is 153.5 cm. For Section B-B,
the maximum settlement occurred at VSB2-3, EL412 m, 36.9 m upstream of the axis of
parapet wall. The measured value on Sept. 25, 2008 is 175.4 cm. The settlement measured
at VSB2-3 is the maximum settlement of all the measuring points. The maximum settle-
ment is about 0.95% of dam height.

2. From the time history graph of each measuring points, it could be noticed that the main part
of settlement occurred in the period of rockfill compaction (before Sept., 2005). On Oct. 1,
2005, the settlement measured at VSB2-3 was 142.5 cm, account for 81.2% of its total set-
tlement (175.4 cm). The settlement measured at VSA2-4 was 128.8 cm, account for 83.9%
of its total settlement (153.5 cm). From June to July of year 2007, when reservoir water level
firstly reached to 472.06 m, the speed of settlement development was increased.

3. The distribution of measured settlements of section B-B on Oct. 1, 2005 was shown in
Figure 4. The maximum settlement area of the section is located between VSB2-3 and
VSB2-2, below EL412 m. It could be noticed that the maximum settlement occurred in
the area of upstream rockfill.
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Figure 3. Instruments for observing interior deformation of rockfill (Section B-B).
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Figure 4. Distribution of the stress of face slab in the direction of upstream slope. Observation date:
July 30, 2007, water level: 472.06 m, maximum compression stress: 22.76 MPa, maximum tensile stress:
0.32 MPa.

After reservoir impoundment, the measured strains and stresses of concrete face slab

present following features:

1.
2.

The calculated stresses of all the measuring points are compression stress.

There are 7 sets strain gauges for the first stage concrete face slab. The calculated
stresses in the direction of dam axis were —20.55~-4.86 MPa. The maximum value
occurred at the measuring point S2-13 on Sept. 6, 2007. The calculated stresses in the
direction of upstream slope were —24.14~-10.12 MPa. The maximum value occurred
at the measuring point S2-15 on Oct. 13, 2006. On July, 2007, when reservoir water
was in high level, the maximum stress of face slab in the direction of upstream slope
reached to 24 MPa.

. There are 5 set strain gauges for the second stage concrete face slab. The calculated stresses

in the direction of dam axis were —16.14~-5.71 MPa. The maximum value occurred at
the measuring point S2-09 on Aug. 16, 2006. The calculated stresses in the direction of
upstream slope were —14.58~-3.25 MPa. The maximum value occurred at the measuring
point S2-08 on Oct. 10, 2007.

. There are 4 set strain gauges for the third stage concrete face slab. The calculated stresses

in the direction of dam axis were —0.97~-7.76 MPa. The maximum value occurred at
the measuring point S2-02 on July 19, 2008. The calculated stresses in the direction of

93



upstream slope were —10.73~-2.61 MPa. The maximum value occurred at the measuring
point S2-01 and on Oct. 26, 2006.

5. According to the measured data, the compression stress of concrete face slab in the direc-
tion of upstream slope is higher than the stress in the direction of dam axis. The maximum
compression stress of concrete face slab occurred at S2-15 with the compression stress of
24 MPa in the direction of upstream slope. This stress has almost reached to the compres-
sive strength of concrete.

Figure 4 shows the distribution of stresses in the direction of upstream slope of the whole
face slab under the condition of high water level.

2.3 Rupture of concrete face slab after reservoir impoundment

The impounding of the reservoir of Sanbanxi hydropower station started on Jan. 2006. At
the beginning, the reservoir water level was low, with the maximum water level of 435 m.
The corresponding leakage is 30 L/s. When flood season came on June, 2007, reservoir water
level was raised rapidly. At the end of July, reservoir water level reached to 472 m, 3 m below
the normal storage level. After water level beyond 465 m, the measured leakage of the dam
increased rapidly from 25 L/s to 150 L/s. On July 30, 2007, the measured leakage suddenly
reached to 250 L/s. The maximum measured leakage was 315 L/s. After the flood season, res-
ervoir water level fall down and the measured leakage decreased accordingly. On Jan., 2008,
when reservoir water level dropped to 425 m (dead water level), the initial measured leakage
was 150 L/s. Then it is further reduced to 100 L/s.

On Aug., 2007, several instruments on EL385 m and EL379 m of the face slab MBS
were disabled (Gou et al. 2009). It is presumed that some abnormal situations occurred
in this area. On Jan, 2008, when reservoir water level dropped to the dead water level,
under water inspection was conducted by divers. It was discovered that damages occurred
on the horizontal construction joint between the first stage and the second stage face
slab for the 12 continuous slabs on EL385 m. The length of the damage was 184 m. The
concrete of face slab was ruptured and the reinforcement steel bar was exposed and bent.
The waterstop of some vertical joints were destroyed. The maximum width of concrete
rupture was 4 m and the maximum depth was 41 cm. The bottom layer concrete and steel
bar were not damaged. The scope of concrete face slab rupture was shown in Figure 5
(Xu & Tan 2009).

construction joint

B
_.-="" 1nd stage slab
S

\..T:st stage slzll

sketch of face slabs rupture

wﬁ_ﬁ ==

13 vertical joints

Figure 5. The position and scope of concrete face slab rupture.
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3 BACK ANALYSIS OF THE STRESS AND DEFORMATION PROPERTIES

For studying the safety status of Sanbanxi CFRD, back analysis by using numerical analysis
method was conducted to investigate the stress and deformation properties of the dam. The
constitutive model for rockfill materials is Duncan’s Hyperbolic Model (E-B model). The
creep deformation is calculated by the empirical model suggested by IWHR (logarithmic
attenuation function) (Xu 2004). The finite element mesh was shown in Figure 6. In the
numerical analysis model, the whole dam was divided by 40 cross sections. The procedure of
rockfill compaction was simulated by 23 layers and the construction of concrete face slab was
simulated by 3 stages. After the completion of the second stage face slab, reservoir impound-
ment started. The procedure of reservoir impoundment was simulated by 37 steps load cases.
In numerical analysis, the steps of rockfill construction and water load applying follow the
real procedure of rockfill compaction and reservoir impoundment.

In the numerical analysis, the first phase analysis used parameters based on large scale
laboratory triaxial test of rockfill materials, as shown in Table 1.

Based on the parameters obtained from laboratory triaxial test and by using the observed
deformation data of rockfill, the adjusted parameters can be gotten from back analysis,
as shown in Table 2. In the analysis by using the parameters from back analysis, the creep
deformation of rockfill was considered. The parameters for creep deformation calculation
were estimated by taking the reference of the creep deformation testing results of the similar
materials.

Figure 6. Finite element mesh for numerical analysis.

Table 1. Parameters of rockfill materials (laboratory triaxial test).

P D, Ao
Material (kg/m?) ©) ©) K K, n R, K, M
2A 2200 56.0 11.7 1500 4500 0.57 0.936 770 0.09
3A 2170 58.1 133 1150 4500 0.55 0.903 650 0.14
3B 2150 56.0 12.0 1200 4500 0.35 0.900 500 0.10
3C 2130 52.7 10.7 900 2000 0.56 0.900 450 0.08
Table 2. Parameters of rockfill materials (back analysis).

P 0, Ap
Material (kg/m?) (° (©) K K, n R, K, m
2A 2200 56.0 11.7 510 1020 0.57 0.94 265 0.09
3A 2170 58.1 13.3 495 990 0.55 0.90 225 0.14
3B 2150 56.0 12.0 500 1000 0.35 0.90 260 0.10
3C 2130 52.7 10.7 1000 2000 0.56 0.90 600 0.08
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Table 3. Parameters of rockfill materials for creep
deformation analysis.

Material ¢, (%) ¢, (V) ¢
3B 0.03 0.45 1.6
3C 0.095 0.45 1.6

3.1 Results of the analysis by using parameters of laboratory test

With the numerical analysis by using rockfill parameters from laboratory test, the maximum
vertical displacement (settlement) of rockfill when dam construction was just completed was
1.02 m, about 0.5% of dam height. The maximum settlement occurred at downstream part of
rockfill, riverbed section, and middle height of the dam. Before reservoir impoundment, the
distribution of horizontal displacement of rockfill at the time of dam construction completed
was basically symmetrical to dam axis. The maximum horizontal displacement of upstream
rockfill with its direction pointed to upstream was 16.5 cm. The maximum horizontal displace-
ment of downstream rockfill with its direction pointed to downstream was 32.8 cm. The stress
of rockfill was distributed related to the height of rockfill. The maximum stress located at
the bottom of the dam, with the major principal stress of 3.8 MPa and the minor principal
stress of 1.1 MPa. After reservoir impoundment, the distribution of horizontal displacement in
the direction of river flow was significantly changed. The displacement towards upstream was
reduced and the displacement towards downstream wad increased. Under the action of water
load, the settlement of rockfill was also increased. The maximum settlement of rockfill after
reservoir impoundment was 1.05 m. At the same time, the stresses of rockfill were also slightly
increased, with the maximum major principal stress of 4.1 MPa, the minor principal stress of
1.1 MPa. Figure 7 shows the settlement distribution of the dam after reservoir impoundment.

The maximum deflection of concrete face slab after reservoir impoundment was occurred
at the central part of the face slab, with the value of 28.5 cm. The horizontal displacement of
face slab presents the tendency of face slabs moving from both abutments towards the center
of riverbed. From the distribution of the stresses, the face slab was subject compression stress
both in the direction of dam axis and upstream slope. The slabs in riverbed sections are sub-
ject to compression stress in the direction of dam axis with the maximum value of 10 MPa,
while the slabs in abutment area were subject to tensile stress. As the face slab was bent under
the action of water load and the deformation of upstream rockfill, the middle and low part
of the slabs were subject to compression stress in the direction of upstream slope, while the
top of the slabs were subject to tensile stress. The maximum compression stress of face slabs
in the direction of slope was 12 MPa. Figure 8 shows the distribution of the stresses of con-
crete face slab after reservoir impoundment.

3.2 Results of the analysis by using parameters of back analysis

The back analysis mainly took the reference of the observed data of rockfill deformation. In
the mean time, the creep deformation of rockfill materials was also considered in the analy-
sis. From the analysis by using the parameters from back analysis, when reservoir water level
reached to 472.06 m, the maximum settlement of the dam was 1.81 m, about 0.98% of the dam
height. This settlement value closed to the observed data. The maximum settlement occurred at
the middle height of the dam, upstream rockfill. With the action of water load, the horizontal
displacements of the most part of the dam were towards downstream direction, with the maxi-
mum value of 0.35 m. The maximum major principal stress was 3.0 MPa and the maximum
minor principal stress was 0.8 MPa. For most part of the dam, the stress level was low.

When reservoir water level reached to 472.06 m, the maximum deflection of the face slab was
0.74 m. The position of the maximum deflection of face slab was near the construction joint of
the first stage face slab and the second stage face slab (EL385 m), riverbed section. Correspond-
ing to the position of the maximum deflection of the face slab, the maximum values of the
major principal stress, minor principal stress, stress in the direction of dam axis and stress in the
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Figure 7. Settlement of the dam after reservoir impoundment (unit: m).
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Figure 8. Stresses of face slab in the direction of upstream slope after reservoir impoundment
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Figure 10. Stresses of face slab in the direction of upstream slope under high water level (unit: MPa).
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direction of upstream slope were all occurred around EL385 m. The large stress concentration
area covered area from the face slab Left MB3 to Right MBS, which was the similar location
of the discovered concrete face rapture. From the results of computation, the values of major
principal stress were rather high. It predicted the possibility of concrete damage in the area.

4 MAIN CONCLUSION ON THE SAFETY STATUS OF THE DAM

From instrument monitoring data and the numerical analysis, the distribution of stress and
deformation of Sanbanxi CFRD presents the similar performance as other high CFRD. At
present time, the maximum settlement of rockfill was less than 1% of dam height. The values
of the deformation of rockfill and face slab, displacement of joints are within the acceptable
range. Thus, the overall safety of the dam can be guaranteed.

From the comparison of the numerical analysis results by using rockfill parameters of
laboratory test and the monitoring data of dam deformation, it is noticed that there are
obvious difference in distribution of maximum settlement area. The observed maximum set-
tlement occurred in upstream part of zone 3B. But the predicted maximum settlement from
numerical analysis by using laboratory testing parameters occurred in zone 3C, downstream
side of dam axis. The real performance of dam deformation presents a significant difference
in settlement distribution with the predicted patterns in design stage. The back analysis based
on monitoring data could well represent the real situation of dam operation.

According to the deformation monitoring data, the maximum settlement of rockfill
occurred at upstream part of rockfill. As the deformation of upstream rockfill will have
direct impact on the stress status of concrete face slabs, the consequence of this deformation
tendency will lead to the increasing of the stress in the direction of upstream slope of the
concrete face slab. According to the results of back analysis, on July 31, 2007, when reservoir
water level reached the highest level, the stresses of the slabs (Left MB3 to Right MB8) in the
area near EL385 m presented high values. It is very possible to be ruptured. The area pre-
dicted by back analysis is similar to the location of face slab rupture. If the face slab was not
ruptured, the stresses of face slabs will further increased. The rupture of concrete face slab
released the concentrated compression stress of the slab. Thus, if the deformation of rockfill
is not developed, the rupture of face slab will not further extended.

The reasons for the maximum settlement occurred in upstream rockfill still need to be fur-
ther investigated. From the results of back analysis, the low modulus of upstream rockfill could
be one of the most important factors for the situation. Besides, the local topographic condition
of the right abutment will also has certain impact on the stress concentration of face slab.

From present analysis, the main reason for face slab rupture should be the over large defor-
mation of upstream rockfill. Besides, the connection manners of the construction joint and the
arrangement of reinforcement steel bar will also contribute to the occurrence of concrete rupture.

From the results of numerical analysis, although there some problems in the distribution
of rockfill deformation, the general deformation values of the dam are still acceptable. After
the thorough rehabilitation of the ruptured area of concrete face slab, the dam can be safely
operated. In future operation, the observation of deformation increment and dam leakage
should be strengthened.
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Numerical modelling investigation of an existing crack
within an arch-gravity dam

A. Mellal, A. Koliji & M. Balissat
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ABSTRACT: Numerical modelling investigations on a pre-existing crack within an arch-
gravity dam are carried out. The purpose is to identify the crack path and behaviour and
construct a reliable finite element model to analyse the dynamic behaviour of the dam and
assess its seismic safety. Transient thermal and coupled thermo-mechanical analyses are per-
formed using a three-dimensional finite element model of the dam including the identified
crack. Calculated temperatures and displacements are compared to available thermometer
and pendulum measurements. With the exception of an irreversible cumulative drift towards
upstream, a generally good agreement is obtained between measurements and correspond-
ing calculated values. Comparison of calculated crack opening time history and joint meter
measurements shows a good agreement as well. Therefore, the proposed numerical model is
considered to be reasonably representative of the dam behaviour and can be used to evaluate
its dynamic response to earthquakes.

1 INTRODUCTION

Spitallamm Dam, an arch-gravity dam constructed in the 1928-1932 period on the Aare
River in the Swiss Alps, features an evolving crack which has been thoroughly monitored for
many years. The crack is visible on the downstream face of the dam about 10 m below the
crest level and extends laterally over several blocks. According to borehole measurements,
it propagates quasi-vertically within the dam. Most likely, the crack initiated after pressure
grouting which caused debonding between face concrete and an intermediate “Trog” con-
crete zone (Fig. 1).

For the purpose of the assessment of dam'’s seismic safety, a three-dimensional model of
the dam, including a crack has been prepared. To be valid, it is essential that the numerical
model reasonably reproduces main dam’s behaviour features. The aim of the present study is
to evaluate the thermo-mechanical behaviour of the dam using the proposed finite element
model and compare the obtained results to the available monitoring data.

The identification of the crack propagation mechanism and its path is first carried out
by constructing a 3D finite element model of the dam and its foundation and evaluating
the tensile stresses which indicate zones of potential crack initiation. In a second step, using
frictional contact elements, a crack is introduced in the dam’s model in conformity with
calculated stress pattern and on site observations. The validation of the numerical model
is carried out through a comparative analysis between field measurements and calculated
time histories of temperatures and displacements. For this purpose, transient thermal and
thermo-mechanical finite element analyses are performed to evaluate the thermo-mechanical
behaviour of the dam submitted to temperature and water level variations. Calculated time
histories of temperatures, displacements and crack movements are compared to thermom-
eter, pendulum and joint meter measurements, respectively. In a subsequent step, the cali-
brated finite element is used to analyse the dynamic behaviour of the fissured dam and to
evaluate its seismic safety.
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Figure 1. Spitallamm Dam—vertical and horizontal sections.

2  OBSERVATIONS—CRACK LOCATION AND EVOLUTION

The crack is visible on the downstream face of the dam at about 10 m below the crest level
and extends laterally over 8 blocks, i.e. between vertical joints 1 and 5 (Fig. 2). Figure 3 shows
a close view of the observed crack on the downstream face of the central block where joint
meters are installed to monitor crack evolution in time. The major crack opening can be
observed at the intersection of two concrete lifts at 1900.74 m level which corresponds to a
construction joint (concreting stage).

In addition to usual pendulum measurements, inclinometer and Inkrex measurements are
recorded at 4 different boreholes to precisely monitor dam’s deformations (Balissat, 2006).
Figure 4 shows boreholes’ locations within the dam. Boreholes Bl and B2 are located in
the central block respectively on upstream and downstream side. Boreholes B3 and B4 are
located on the downstream side of right and left blocks respectively.

Inclinometer measurements in downstream boreholes B2, B3 and B4 reveal a discontinuity
of upstream-downstream displacements at about 10 m below dam’s crest, which corresponds
to horizontal sliding along crack planes. This discontinuity is not present in recorded dis-
placements at upstream borehole B1. This observation is important as it clearly indicates that
the crack does not cross the whole dam thickness.

Moreover, according to Stucky (1968), pressure grouting executed in 1946, 1947 and 1948
through numerous boreholes on the upstream face to improve water tightness, has caused
debonding between face concrete and “Trog” concrete zones and probably between “Trog”
and mass concrete. From invar line measurements (Stucky 1968, Stucky 1978), vertical
debonding between face concrete and “Trog” concrete propagates until level 1860 m, but
this propagation can potentially go down to level 1830 m which is the lower bound of “Trog”
concrete zone.

From visual observations and instrument measurements, the general spatial configuration
of the crack is as follows:

— Quasi-horizontal propagation from downstream to upstream following construction joints
at 1900.74 m and 1901.74 m

— Lateral extension over 8 blocks between joints 1 and 5

— Vertical debonding at face-“Trog” concrete interface between levels 1900 m and 1830 m

Monitoring of the crack shows a slow irreversible movement of the upper dam arch
towards upstream (1-2 mm per year). This displacement is well controlled and stability
checks indicate that the static safety of the dam crest is not impaired.
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Figure 3. Location of the crack on the downstream face of Spitallamm Dam-—close view.

3 FINITE ELEMENT MODEL OF THE DAM-FOUNDATION SYSTEM

To analyse the thermo-mechanical behaviour of Spitallamm Dam, including 3-D arching
effects, a three-dimensional finite element model of the dam and its foundation is constructed
based on available dam geometry and topographic data of the dam site. The modelling is car-
ried out using the finite element code Z_Soil 3D v.2010.

Three material zones corresponding to face concrete, mass concrete and “Trog” concrete
are defined in the dam model using 3D continuum elements. According to visual observations

101


http://www.crcnetbase.com/action/showImage?doi=10.1201/b11669-15&iName=master.img-004.jpg&w=288&h=138
http://www.crcnetbase.com/action/showImage?doi=10.1201/b11669-15&iName=master.img-004.jpg&w=288&h=138
http://www.crcnetbase.com/action/showImage?doi=10.1201/b11669-15&iName=master.img-004.jpg&w=288&h=138
http://www.crcnetbase.com/action/showImage?doi=10.1201/b11669-15&iName=master.img-004.jpg&w=288&h=138

Borchole BI, Center BoreholesB2,B3and B4

w_1911.24 Crept

HE20 RIGHT BANK LEFT BANK
1800
Downstream view
Initial measure: 01.10.1996
Reservoir level: 1898.90 Range 2005
Range 2004
Reference measure: — Range 2003
04.03.1997 Range 2002
Reservoir level: 1862.36 Range 2001 18850 Mass concrete
us  Displacement [mm]  pg us  Displacement [mm]  pg
—— O —— O
35 30 25 20 -15 -10 -5 0 5 35 -30 25 20 15 -10 -5 0 5
0 0
N
\\ ™~ \\ \
5 5
£
[ 11 is § T H 15 5
\ = =
N g M~ g
20 20
‘Borehole B1, CENTER UPSTREAM | Borehole B3, RIGHT
l l l l l e T I 1 25

Us  Displacement[mm] Us  Displacement [mm] g
35 30 25 20 -15 -10 -5 0 5 35 -30 25 -20 -15 -10 -5 0 5

Depth from dam crest [m]

Depth from dam crest [
/

¥4 EE)NBER A Y

[Borehole B2, CENTER DOWNSTREAM | Borehole B4, LEFT
[ [ [ | ] 2

I I I I 25 T I I

Figure 4. Position of boreholes (top) and inclinometer measurements at boreholes B1-B4 (bottom).

and measurements on the pre-existing crack, a three-dimensional crack is included in the
numerical model, using frictional cohesionless contact elements. The geometrical configura-
tion of the crack within the finite element model of the dam is illustrated in Figure 5.

Finite element analyses are carried out assuming linear elastic behaviour for both concrete
and rock, whereas Mohr-Coulomb type constitutive model is considered for contact ele-
ments. Material properties are defined from available laboratory tests and similar materials.
Table 1 summarizes mechanical and thermal parameters considered in the analyses.

A preliminary static stress analysis of the homogeneous non-fissured dam considering its
self weight and hydrostatic pressure load at full reservoir level shows quasi-vertical tensile
stresses on dam’s downstream face at ~1900 m level, extending laterally over several blocks
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Figure 5. Three-dimensional finite element model of Spitallamm Dam including a crack.

Table 1. Thermo-mechanical material properties.

Parameter Concrete Rock
Elastic modulus, E (GPa) 30 30
Poisson ratio, v 0.2 0.2
Heat conductivity (kW/m/day/°C) 241.9 259.2
Heat capacity (kW/m?/°C) 2180 2160
Thermal dilatancy (1/°C) 0.87x 107 1x10°
Crack cohesion (kPa) 0 -
Crack friction angle (°) 20 -

(sections 1 to 6). This result is consistent with the observations on the downstream face of the
dam where a quasi-horizontal crack between blocks 1 and 5 is visible. Further analyses are
performed considering activated pre-existing crack, with no initial opening gap.

4 THERMO-MECHANICAL ANALYSIS OF DAM BEHAVIOUR

4.1  Methodology

The thermo-mechanical analysis of Spitallamm Dam behaviour is conducted in two main
steps. First, a transient thermal analysis is carried out to determine the time history of tem-
perature fields within the dam and to compare simulation results to measured temperatures
during the same time span. Then, the mechanical behaviour of the dam is simulated, con-
sidering dam’s self weight, water level variations and thermal gradients resulting from tem-
perature variations. Calculated displacements and crack opening evolution are compared to
instruments’ measurements, i.e. pendulum and joint meter, for the same time span.

4.2  Transient thermal analysis

A transient thermal analysis of the dam covering the period ranging from 1997 to 2008 is
performed considering the following thermal boundary conditions:

— Daily air temperature on the crest and downstream face of the dam

— Daily air or water temperature on upstream face of the dam, depending on water level at
the considered date

— Solar radiation on sun-exposed dam’s faces
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The input values of air and water boundary condition temperature are taken from the
exising real time measured temperatures. Daily temperature fields in the dam are determined
and time history of temperatures can be retrieved at any dam location.

4.3 Thermo-mechanical analysis

A transient thermo-mechanical analysis of the dam covering the period ranging from 1997 to
2008 is performed considering the following loading and boundary conditions:

— Dam’s self weight is applied in successive steps to simulate construction stages

— Hydrostatic pressure is applied on the upstream face according to water level variations

— Temperature gradients, determined from the transient thermal analysis, are applied simul-
taneously with water level variations

Daily stress and displacement fields in the dam are determined and correspondent time
history can be retrieved at any dam location.

5 RESULTS AND COMMENTS

5.1 Temperatures

Figure 6 shows measured temperatures (Stucky 2010) at four locations in the dam body (ther-
mometers T1, T2.1-T2.3) and time histories of calculated daily temperatures at the same
locations. The comparison between measurements and calculated values shows a satisfactory
agreement for the considered 12 years temperature cycles. Temperatures in other locations
are also determined and compared to thermometers measurements (T3.1-T3.4, T4.1-T4.4)
and a good agreement is obtained as well.

5.2 Displacements

Figure 7 shows pendulum measured upstream-downstream displacements below crack level
(P15) and near dam’s crest (P16) (Stucky 2010). Corresponding calculated displacements are
also shown in the same figure. Below the crack level, a good agreement between measured
and calculated displacements for the whole considered period is generally obtained. Near the
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Figure 6. Calculated vs. measured concrete temperatures (thermometers).
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crest, calculated displacements have similar amplitudes to measurements but the observed
irreversible displacement towards upstream is not retrieved by the numerical model. This
difference can be explained by the fact that by nature, the adjacent crack surfaces are not
perfectly planar and may exhibit asperities and interlocks. Accordingly, interlocking mecha-
nisms along these surfaces may prevent the crack from reversibly recovering its displace-
ments. Other irreversible phenomena affecting long-term dam behaviour, such as creep or
thermal reactions, may also be responsible for the observed drift. Once the crack opening
occurs due to seasonal temperature and water level variations, the crack does not recover its
initial state and leaves a permanent gap which increases at each yearly cycle.

Figure 8 shows obtained model’s crest displacement assuming a linear drift representing
the cumulative gap opening. From the upstream side, displacements cycles very closely fit the
measurements. From the downstream side, however, the calculated peaks are lower than meas-
urements. This latter issue can be explained by the fact that in the model, the crack completely
closes at each cycle and no additional downstream displacement is possible; whereas in reality,
cumulative annual residual gaps leave a freedom of dam’s movement towards downstream.

5.3 Crack opening

Figure 9 shows a comparison between absolute crack opening obtained from joint meter
measurements (Stucky 2010) and corresponding calculated relative displacements, assuming
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Figure 7. Calculated vs. measured displacements (pendulum).
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Figure 8. Calculated vs. measured crest displacements (pendulum)—linear irreversible drift assumption.
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Figure 9. Calculated vs. measured crack opening (joint meter)—linear irreversible drift assumption.

a linear irreversible drift. Vector length is determined from upstream-downstream and verti-
cal components, neglecting left-right horizontal component. A very close fit between meas-
urements and calculations is obtained for the whole considered time span, except the two
last cycles for which an amplitude increase of gap opening is observed. This evidence can be
indicative of an evolution of the crack in the last years.

6 CONCLUSIONS

The thermal and thermo-mechanical behaviour of Spitallamm Dam is analysed by means of
a three-dimensional finite element model of the dam, including the identified existing crack.
Time histories of calculated temperatures, displacements and crack opening are compared to
corresponding thermometer, pendulum and joint meter measurements. With the exception
of an irreversible cumulative displacement towards upstream, all important features of dam
behaviour, including cyclic crack opening-closing, have been reasonably represented by the
numerical model. Therefore, it is concluded that the proposed finite element model is valid
and appropriate to be used for the dynamic analysis of the fissured dam in order to evaluate
its seismic safety and eventually to propose remedial solutions.
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ABSTRACT: The Knezovo Dam is located in the upper stream of the Zletovica River,
about 80 km east of the Macedonian capital Skopje. It is the main element of the Zletovica
Basin Water Utilization Improvement Project, with the purpose of water supply, irrigation
and power generation. The Knezovo Dam is an asphalt core rockfill dam with a maximum
height of 82 m, a crest length of 270 m and a total dam embankment volume of 1,700,000 m?.
The effective storage capacity is 22,500,000 m?. The instrumentation of the dam comprises
among others piezometers, total pressure cells and extensometers. For leakage monitoring a
leakage detection system based on fiber optic temperature measurements is installed directly
downstream of the asphalt core. The paper deals with the measurement technique and design
aspects of the leakage detection system. Furthermore results of laboratory tests are pre-
sented that prove the applicability of the monitoring system in the central part of embank-
ment dams.

1 INTRODUCTION

Distributed Fiber Optic Temperature (DFOT) measurements are employed in several
embankment dams to detect and localize leakage. The method has been successfully used
during the last 15 years, and has continuously improved with regard to both monitoring and
evaluation. The key feature of DFOT measurements is that the fiber optic cable is the sensor
and the temperature can be measured along the entire length of the cable. For existing dams
installations of the fiber optic cable in the dam toe, below a refurbished surface sealing or in
existent standpipes, are the most common applications (Aufleger et al. 2007, Johansson and
Sjodahl, 2007). During the construction of new dams the cable can be installed at locations
where monitoring will be most useful. So far the typical application has been the monitoring
of the perimetric joint of embankment dams with surface sealing (Aufleger et al. 2005). For
these applications the fiber optic cable is largely protected against mechanical loading due to
deformation and stress in the dam. However, the monitoring system presented in this paper
uses fiber optic cables installed in the D/S filter of a dam with central core to detect outflow
areas. It is expected that the cables will be exposed to tensile forces and lateral pressure due
to the deformations and the stresses in the dam. To evaluate the influence of deformations
and stresses on the results of DFOT measurements, laboratory tests have been carried out in
which realistic loads on the cable have been simulated. In the following conducted laboratory
tests and their results are discussed and the design aspects of the leakage detection system as
well as measuring results are presented.
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2 LEAKAGE DETECTION USING TEMPERATURE MEASUREMENTS

The technology of distributed fiber optic temperature sensing offers the possibility to meas-
ure the temperature along fiber optical cables of a few kilometer length continuously with
high accuracy. This technique possesses compared to conventional measuring methods a
much higher information density and improves therefore considerably the evaluation of the
temperature distribution in large structures. The method is based on the fact that the optical
properties of the fiber are dependent on the ambient temperature. A highly developed meas-
uring technique enables the analysis and evaluation of property changes with the result of a
reliable temperature distribution along the fiber (Dakin et al. 1985).

In embankment dams and their foundation, the internal temperature field is dependent of
the flow field. Temperature gradients can exist in the form of permanent or seasonal tem-
perature differences, or in the form of significant temperature fluctuations at the probable
source of seepage. If leakage is present, temperature anomalies will be transported into the
structure by means of convection and will propagate throughout the earthen body, distort-
ing the temperature field. Distributed measurements allow for a precise localization of the
anomaly, delimiting quite precisely the area affected by leakage. The substantial prerequisite
for leakage detection using absolute temperature measurements is a temperature difference
between the reservoir water and the dam material.

The second approach to interpret temperature measurements is the active method or heat
pulse method. The method is based on the thermal response of the cables surrounding to the
additional heat and can indicate whether the cable is within a moist, a partially saturated or
fully saturated medium, and whether seepage flow is present or not (Perzlmaier 2007). Origi-
nally the active method was developed for applications where absolute temperature measure-
ments were meaningless, which is the case if there are neither sufficient temperature gradients
between reservoir water and location of temperature measurement (e.g. under facings) nor
adequate seasonal temperature variations of the reservoir water.

By applying an electrical voltage to the electric conductors integrated in a hybrid fiber
optic cable, the cable is heated up. The temperature increase depends on the thermal capacity
and conductivity of the surrounding material (Fig. 1). In case of seepage water the conduc-
tive heat transport is superposed by the more effective convective heat transport. Thus, the
heat input from the cable is transported away more quickly. Consequently, these sections
show distinct anomalies in the temperature increase. Typically the analysis of the measure-
ment data includes the evaluation of the temperature difference between the heated stage and
a reference stage before heating.

3 LABORATORY TESTS

3.1 General

DFOT measurements provide a wide range of application for monitoring technical struc-
tures. In particular, the possibility of distributed monitoring of sealing elements and joints is
of importance for hydraulic structures. Depending on the application and type of structure,

Reference temperature
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Figure 1. Temperature development inside the cable.
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the conditions to which the cable is exposed vary considerably. For example, a fiber optic
cable which is placed in the central part of a dam (Fig. 2, left) to monitor the sealing core is
exposed to greater load caused by deformation of the dam and overburden pressure, than a
cable placed underneath a surface sealing (Fig. 2, right).

In general ordinary fiber optic cables as used for telecommunication purposes are used for
DFOT measurements. However, the specifications of these cables, which are based on stand-
ardized testing methods, give only limited information regarding applicability of the cables
for installation in embankment dams. Furthermore, there was no experience from similar
projects so far, how the results of DFOT measurements are affected if the cable is exposed
to loads caused by overburden pressure and settlement. Therefore, to ensure the applicability
of the proposed leakage detection system for embankment dams with central core laboratory
tests were carried out at the University of Innsbruck. In several test series installation condi-
tions and expected loads due to overburden pressure were simulated.

3.2 Description of laboratory tests

The laboratory tests for determination of the effects of pressure perpendicular to the
cable axis on the results of DFOT measurements were carried out using the testing facil-
ity shown in Figure 3. The cable is installed in a 3.78 m long, 0.6 m wide and 0.6 m
high reinforced steel box using different bedding materials. The load was applied forced-
controlled using a fatigue testing machine with a capacity of 1,600 kN. This guaranteed
constant loading during the different load steps. Different plungers were available for
indirect loading.

In addition to the DFOT measurements, conventional temperature sensors (PT 100) were
used. With the sensors the temperature in the steel box and the air temperature were recorded
for the duration of the tests. Thus it was possible to check if the thermal boundary conditions
remained constant. If changes in the ambient temperature occurred it was possible to con-
sider their influence for the evaluation of the DFOT measurement data.
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Figure 2. Application of DFOT measurements in embankment dams ECRD (left), CFRD (right).
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Figure 3. Setup for laboratory tests.
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After installation of the cable in the soil material it took a certain time until stationary
thermal conditions were reached which were necessary to start the tests. Before applying the
load, reference measurements were conducted for about 10 minutes. The load was applied in
load steps of 125 kN. Each load step took 6 minutes. After completion of the final load step
the sample was unloaded.

3.3 Performed tests

The tests were carried out with a standard hybrid cable as shown in Figure 4. For the tests
sand, gravel and sand-gravel mixes were used as bedding materials. To investigate the influ-
ence of particle shape both natural and processed material were used. The grading curves of
the soils used as bedding material are shown in Figure 5.

3.4 Results of the laboratory tests

The evaluation of the results mainly focused on the measuring points just below the stamp.
To determine the influence of pressure perpendicular to the cable axis on the DFOT meas-
urement data, the temperature difference between the reference temperature measured in the
unloaded state and the temperature measured in the loaded state was calculated and plotted
against the applied load. Changes of the thermal boundary conditions during the tests were
considered by means of the temperature data obtained from the conventional temperature
sensors. Figure 6 exemplarily shows the results of the DFOT measurement depending on the
applied load perpendicular to the cable axis.
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Figure 4. Fiber optic cable used for laboratory tests.
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Figure 5.  Grading curves of the soils used as bedding material.
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Figure 6. Results of laboratory tests for investigation of influence of lateral pressure.
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Figure 7. Maximum load without influencing the measurement results.

Because of the used bedding material in test P-7-B, which is a processed sand gravel mix
0/16, the temperature results are not affected by the applied load. In contrast, the results
of the DFOT measurements for test P-10-B, which uses a uniform natural gravel 8/16, are
affected significantly by the applied load.

Primarily the experiments provide knowledge of the maximum admissible load for a
specific cable depending on the bedding material used. For the different test series bedding
materials with a maximum particle size between 3 mm (S 0/3) and 64 mm (G5 0/64) were
used. The test results show the influence of the maximum particle size of the bedding mate-
rial. The decrease of the maximum permissible load without causing temperature anomalies
for bedding materials with larger particle sizes was recognized.

The results of the laboratory tests show that pressure perpendicular to the cable axis can
have significant influence on the measuring results of DFOT monitoring. In Figure 7 the
maximum load without affecting the measurement results is plotted against the maximum
particle size of the bedding material for the tested cable. Based on the results it is recom-
mended to limit the maximum particle size of the bedding material to 16 mm and to use well
graded material. Whilst bearing these recommendations in mind installation of fiber optic
cable in dams with a height of up to 85 m should not cause problems regarding the reliability
and accuracy of the measurements. As a result of the applied loads in some tests damages
to the cable sheath occurred and high optical losses led to distortion of the measurement
data. However, the applied loads did not cause the rupture of the optical fiber in any of the
tests. By analyzing both, the raw data (optical losses) and the temperature data, temperature
anomalies caused by mechanical loading can be detected.
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4 KNEZOVO DAM

4.1 Project description

The Knezovo Dam is located in the upper stream of the Zletovica River, about 80 km east of
the Macedonian capital Skopje. It is the main element of the Zletovica Basin Water Utilization
Improvement Project, with the purpose of water supply, irrigation and power generation. The
Knezovo Dam is an asphalt core rockfill dam with a maximum height of 82 m, a crest length
of 270 m and a total dam embankment volume of 1,700,000 m3. The effective storage capacity
will be 22,500,000 m?. According to the monitoring concept of the dam, a leakage detection
system is installed to control the intactness of the sealing core. The leakage detection system is
based on distributed fiber optic temperature measurements using the heat pulse method.

4.2 Leakage detection system

According to the design the monitoring system comprises only one cable, with measuring
levels at the foundation level, at el. 1010 m.a.s.1, el. 1035 m.a.s.l and el. 1055 m.a.s.l. (Fig. 8).
The cable was placed in the drainage and transition zone 2A downstream of the asphalt
core. According to the specification, the maximum grain size for 2A material varied between
25 mm to 60 mm. To avoid damaging the cable during compaction of 2A material, uniform
sand (CU < 2) with a maximum grain size of 2 mm to 5 mm was used as cushion material
around the cable. All necessary facilities such as measuring hut, reference section and power
supply will be located on the right bank above the dam crest.

The cable used for the leakage detection system is a standard outdoor fiber optic hybrid
cable. The main field of application of the cable is leakage detection in hydraulic engineering
structures. The layout of the cable is similar to the cable used for the laboratory tests (Fig. 4),
but it is considered to be more robust. It has a central supporting element, four copper con-
ductors with a total cross-section of 6 mm?. The external diameter is 17.0 mm. For the time
being the DTS system used for the measurements is a mobile unit and only on site during
measuring periods. However, it is planned to install a permanent monitoring system.

4.3 First measurements and simulation tests

To evaluate the change of seepage conditions in the dam due to impounding of the reservoir
and during operation of the dam, reference measurements before filling the reservoir are nec-
essary. The reference measurements were carried out when impounding of the reservoir was
started (14-7-2010). The obtained temperature differences are shown in Figure 9.

In most parts of the dam the results of the reference measurement show no anomalies.
Only at the lowest part of the dam the temperature differences indicate that the material
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Figure 8. Allocation of the cable (cross section).
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Figure 11. Results of leakage simulation test at 13:00 h.

around the cable is saturated or minor percolation is present. In general, the variations of
the temperature differences are mainly caused by different thermal conductivities of the sur-
rounding soil material. The thermal conductivity of a soil depends among others on minera-
logical composition, the bulk density and the water content.

A leakage simulation test was carried out to check for proper operation of the installed system.
For this purpose a water tank was placed at the dam crest. The amount of seepage was adjusted
to approximately 0.15 I/s (Fig. 10, left) to prove the sensitivity of the system. Water was infiltrated
at two different points (Fig. 10, right). The infiltration at the first location was started at 9:45 h
and lasted for about 3 hours. Since it was assumed that the infiltrating water flows along the slope,
infiltration was started at a second point at 13:30 h. This infiltration lasted for about 5 hours.

Figure 11 shows significant anomalies at the right slope between el. 1025 and el. 1050
which are caused by the infiltration at the first point. As already anticipated during the test,
the infiltrating water runs off the slope causing an anomaly between St. 235 and St. 250. The
anomaly increases with continuing infiltration. The anomaly caused by infiltration at the
second point is shown in Figure 12. Further temperature anomalies are observed at the lower
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part of the dam especially around St. 120. The anomalies intensify during the measurements.
Both time characteristics and position suggest that the anomalies are caused by the increase
of water level due to impounding of the reservoir.

5 CONCLUSIONS

The paper presents a leakage detection system based on distributed fiber optic temperature
measurements for which the fiber optic cable is installed in the central part of the dam. Addi-
tionally information on the effect of deformation and stress in embankment dams on DFOT
monitoring results are given.

In summary, it can be said that the fiber optic leakage detection system for the Knezovo
dam is ready to use. Since the reference measurements were carried out at the beginning of
impoundment, the results will serve as guide values to assess changes of the seepage condi-
tions during impounding of the reservoir. The results of the leakage simulation test prove the
proper operation of the system and the suitability of the system to detect small changes in
the seepage behavior of the dam.

Laboratory tests were carried out at the University of Innsbruck, in which possible instal-
lation conditions and expected loads due to overburden pressure were simulated. Based on
the results it is recommended to limit the maximum particle size of the bedding material to
16 mm and to use well graded material. As proved by the Knezovo dam installation of fiber
optic cable in dams with a height of up to 85 m should not cause problems regarding the reli-
ability and accuracy of the measurements.
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ABSTRACT: An increasing number of dams worldwide reveal permanent displacements
due to concrete expansion occurrences. In most cases, concrete expansion occurs at a slow
rate and becomes visible 20-30 years after construction. Thus, the phenomenon is generally
at the initial stage of development, and apart from the measured displacements, no evidences
are observed and the concrete quality is unaffected. Laboratory investigations might allow
to detect the kind of chemical reaction, but it is still difficult to reproduce and predict its
actual development. In few cases the rehabilitation of the dam was necessary to maintain the
required safety conditions. In particular, cracks can arise as secondary effect since the con-
crete expansion and the related upstream drift can significantly change the equilibrium state
and the stress distribution within the dam. The present work focuses on the behavior of dams
affected by chemical expansion, the influence of the phenomenon on their safety is evaluated
and several feasible remedial works are presented and discussed.

1 INTRODUCTION

Concrete swelling represents today the leading factor of dam ageing. After an initial period
of a regular and reversible behavior of the dam, the above mentioned swelling mechanism
provokes permanent deformations that progressively change the statical equilibrium of the
structure.

The phenomenon is relatively slow, so that up to now, even in 60 years old dams, generally
only observation of evolution has been sufficient. Apart from the measured displacements, in
many dams no others evidences can be noticed. However the progressive ageing determines a
reduction of their structural safety requiring sooner or later some remedial works. For single
cases, a rehabilitation or reinforcement of the structure has already been undertaken.

The most common chemical reactions causing concrete swelling are alkali aggregate reac-
tion (AAR) and sulfate reaction (ISA), which can also appear in combined form.

AAR is a reaction between the alkali of the cement (typical alkali content is 1%) and cer-
tain minerals included in the aggregates, as for example silica (SiO,). The reaction occurs in
presence of water (moisture of at least 80%), which in the case of dams does not seem to be a
determining criterion. According to the I[COLD Bulletin 97, published in 1991, the term AAR
includes three types of reactions: the most common alkali-silica reaction (ASR), the slow rate
alkali-silicate reaction (ASSR) and the less frequent alkali-carbonate reaction (ACR). The
AAR was first recognized in USA (Stanton 1940), but many dams built more recently are
now still affected by this type of expansive phenomena. The main cause is that at beginning
only few types of rock were considered to be reactive, while today the variety of reactive
rocks increased considerably, here in particular the low reactive ones. The principal minerals
related with the AAR are amorphous or poorly crystalline silica (opal and chalcedony) and
strained quartz. These minerals are included in a wide variety of rocks: granite, granodiorite,
rhyolite, dacite, andesite, basalt, obsidian, tuff, gneiss, schist, slate, quartzite, sandstone, silt-
stone, chert, silex, limestone, calc and dolomite can be mentioned as example.

ISA is a reaction between sulfates, present in aggregates or in water, and the cement paste,
accompanied by the formation of expansive ettringite. ISA occurs often in correlation with
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oxidation of pyrite and with the delete ettringite formation (DEF). ISA was known as “cement
corrosion” since beginning of 20th century (Charlwood 2009), but due to the complexity of
the process which is difficult to predict, ISA does nowadays still represent a problem.

From the practical point of view, for the engineers in charge with the safety of dams,
the difference between the various kinds of expansive reaction is of low significance. Even
though they might develop with different rapidity, the consequences on the structure and the
possible remedial measures are rather similar. More relevant for the understanding of dam
behavior is the kinetics of the reaction, which cause a variable expansion within the dam.

Distinctive consequences of AAR and ISA are concrete swelling, surface cracking and
degradation of mechanical properties.

2 OBSERVED DAM BEHAVIOR

The behavior of a dam is monitored by specific instrumentation allowing to detect and follow
the development of possible expansive phenomena, in some cases even long before cracks
become visible. The concrete swelling leads to an increase in crest elevation. The value of ris-
ing allows a direct estimation of the expansion rate. This can vary from few 5 um/m/year up
to 200 um/m/year. Swelling of concrete might occur also more rapidly, but these cases have
generally been able to be detected before dam construction. The observed expansion at the
Mactaquac dam for example, with a rate between 50 and 150 wum/m/year, can be identified
as slow type (Hayward et al. 1991). It must be considered that the swelling tests performed to
assess the presence of concrete swelling did not indicate any potential problem from AAR.
At Chambon the crest rise of 3.6 mm/year allowed to estimate an expansion rate of 70 pm/m/
year in the upper part of the dam (Bister et al. 1991). In some particular cases a crest rising
is more difficult to detect, even if the presence of concrete expansion is confirmed. At Pian
Telessio (Amberg et al. 2009), for example, the upstream drift was able to mitigate the crest
rising due to the shape of the vertical section, considerably inclined toward upstream. The
estimated expansion rate in this case reaches only 10 pm/m/year.

The expansion rate in vertical direction is often not uniform over the dam height. At
Chambon the expansion in the upper part is higher than in the lower part. This was directly
measured with level measurements on the crest as well as within galleries. A greater expan-
sion in the upper part was also measured at Isola and Illsee. At Pian Telessio it was necessary
to assume a greater expansion rate in the upper part in order to achieve for the structural
analysis a similar distribution of permanent displacements as measured by the pendulums.

In arch dams, the presence of expansive phenomena induces an upstream drift. Said drift is
governed by the expansion of the arches. In straight gravity dams, such an upstream drift can also
by observed, but in these cases the mentioned drift is due to non uniform expansion within the
wall thickness. In gravity dams the drift might also be downstream directed (e.g. Chambon).

In the Alpine region it is possible to observe a very slow upstream drift at crest elevation of
various thin arch dams. The measured value of 0.5 to 1.0 mm/year allows to estimate expan-
sion rates of 5 to 10 um/m/year.

The current behavior of dams affected by extremely slow expansive phenomena is gen-
erally satisfactory since the swelling is at its initial state of progress, but small cracks do
typically develop in those dams. Basically, it is possible to distinguish between two types of
cracks: cracks induced directly by differential swelling and cracks induced indirectly by the
structural response to the concrete expansion.

Cracks produced directly by differential swelling are visible in particular in the inspection
galleries. Such type of cracks is present in various dams: e.g. Pian Telessio, Isola (Otto 2007)
or Portodemouros (Pérez Rodriguez et al. 2010). These cracks are characterized by a relative
continuity along the gallery, but they are often not visible or less visible on both dam faces.
On the contrary, the typical diffuse cracking at the surface of structures affected by swelling
is not visible in many dams.

Structural cracks, produced indirectly by expansion, appear typically along structural dis-
continuities, as for example at the transition between a straight gravity and a curved part like
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at Illsee dam (Otto 2007), or along the foundation as peripheral cracks on the downstream
face of arch dams, e.g. Serra (Leroy et al. 2010). In fact, the upstream drift in arch dams pro-
duces tensile stress at the downstream dam toe in case of low reservoir.

Summarizing, the typical phenomena observed in correlation with concrete expansion in
dams are:

Rising of dam height and horizontal permanent displacements (often upstream drift).
Greater expansion in the upper part of the dam.

Non uniform expansion within the dam body causing cracks in galleries which are less vis-
ible at both dam faces.

Structural cracks due to the new equilibrium induced by permanent displacements.

In addition to visible cracks, the expansion can cause microcracking in the aggregates
and the cement paste. The measurable consequence of this microcracking is a reduction of
concrete quality, in particular strength and stiffness. Although, a concrete quality reduction
can be observed in laboratory tests, for the dam safety this aspect seems to be of secondary
importance. At Serra dam, with an estimated total expansion of almost 1100 pum/m the con-
crete has excellent properties: the average compressive strength is 63 MPa and the average
young's modulus 36 GPa (Amberg 2007). The dam was demolished by intense cracking along
the foundation. Unchanged concrete properties could also be observed at the Pian Telessio
dam, which required a rehabilitation, too.

3 EVALUATION OF OBSERVED BEHAVIOR

The measured displacements of dams affected by expansive phenomena generally show an
initial period of normal behavior without signs of concrete swelling. This delayed start of the
expansive reaction varies between some view years (first cracks in Portodemouros spillway
appeared already 5 years after completion) up to a period of 30 years and more. The reasons
for this delayed start can be various. First of all the swelling reaction effectively requires an
initiation time before development. Second, the macroscopic swelling becomes visible only
after a certain time period. The observed expansion may be influenced by the presence of
pores within the concrete since the gel resulting from AAR might initially fill the voids. The
reaction is active but any macroscopic effects do not occur at this stage. This could explain
the behavior of the Illsee dam, built in two different stages: the first, up to an elevation of
2553 m a.s.l., was built in 1926/27, the second up to 2560 m a.s.l. in 1941/43. Permanent
movements started around 1955, i.e. 25-30 years after construction of the original dam and
1015 years after dam heightening. The old concrete, less compacted and thus more porous
than the more recently placed one, suffers less from any expansive reaction, even with the
same aggregates.

Other factors, which might contribute to the delayed start of swelling, are creep or thermal
cooling and shrinkage at early age. In arch dams these factors cause downstream displace-
ments that in an initial period can compensate the upstream drift due to expansion. Creep
in particular can produce permanent displacements in large and thin arch dams up to 30 or
40 years after dam completion.

For extremely slow rate expansive phenomena in dams, i.e. less than 30 um/m/year, it
appears that the effect of moisture is of secondary importance for the reaction kinetics. This
is, for example, proved by the relative moderate presence of surface cracking, which in struc-
tures affected by expansive phenomena is caused by a lower expansion at the surface, which
is more dry, towards the internal part.

Another confirmation of the rather limited importance of moisture is the case of the Illsee
gravity dam. In 1995/97 an impervious membrane was installed on the upstream dam face in
order to reduce the moisture within the dam and so to prevent the further expansion. Until
10 years after rehabilitation no slowdown of the drift could be observed (Otto 2007).

The presence of internal cracks, observed in the inspection galleries but which were not
found at the faces, clearly indicate a greater expansion near the surface than in the internal
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part of a dam. The most probable reason, apart the confirmation that moisture cannot be
relevant, is that the reaction at the faces is accelerated by the higher temperatures. Many
dams located in south facing slopes are strongly subjected to solar radiation. The average
yearly temperature downstream can be 4-5°C higher than at the upstream face, and the
maximum temperature in summer might be even more than 10°C higher (due to impound-
ing). The effect of temperature on the kinetics of chemical reaction is well recognized and
was clearly verified by laboratory tests for concrete expansive reactions. The temperature
dependency could also explain the greater expansion observed in the upper part relative to
the lower part of many dams. In fact, in the upper, thinner part the concrete reaches higher
temperatures.

Additional factors are also to be taken into considerations to explain a greater expansion
near the faces of a dam than within the structure: a facing concrete with higher cement con-
tent, and thus higher alkali content, or a higher content of oxygen near the faces exposed to
air, which is favorable for the ISA reaction (Aguado et al. 2007).

In gravity dams, the mitigating effect of compressive stress on the expansion can clearly
be observed. In a straight gravity structure like Portodemouros spillway, for example, with
a length of 130 m and a height of 10 m, the expansion rate in vertical direction is around
150 um/m/year while in horizontal direction it measures only 10 um/m/year. The horizon-
tal expansion is clearly hindered by the structure and therefore an increase of compressive
stress is expected. If the horizontal expansion were the same as the vertical one, the horizontal
compressive stress should increase yearly by some 4 MPa (with a typical Young’s modulus
of 30 GPa). The compressive strength should be reached after around 10 years. In 1983 in
situ stress measurements have been performed by means of over-coring testing method. The
results indicated compressive stress up to 5-6 MPa, thus clearly lower than the potential one.

In arch dams it is generally more difficult to give evidence for the effect of compressive
stress, since the thin and curved structure is nearly free to expand upstream, in particular in
periods of reduced reservoir level.

Since the chemical expansion is a slow load condition, creep is included in the structural
behavior, where it plays an important role. In fact, similar results can be obtained using a
model with stress dependency and a model without, but with creep. Creep must also be taken
into account in laboratory tests, for example by performing tests with non reactive samples in
order to quantify creep, which is to be subtracted from the outcome of expansion tests.

4 REQUIREMENTS FOR LABORATORY INVESTIGATIONS

Laboratory investigation have been principally conceived for accelerating the expansion reac-
tion in order to obtain results at short time, to assess if the aggregates are reactive and thus
not adequate to be used for a new construction. Laboratory investigations are therefore not
intended to simulate the development with time of the actual reaction occurring in dams.

The existence of large dams affected by expansion phenomena, and in particular of cases
with extremely slow rate expansion, is putting new challenges to laboratory investigations.
Large dams cannot be simply demolished and replaced with a new construction and thus it
is necessary to face with the consequences of the concrete swelling. The safety assessment
for the actual condition and the evaluation of the static equilibrium for medium and long
term behavior thus becomes of primary importance for optimizing the maintenance and
the exploitation of such types of structures. For evaluating the behavior of a dam affected
by expansive reaction, the structural engineer should get the main parameters that char-
acterize the reaction within the specific concrete of the dam and for the specific boundary
conditions.

In the laboratory tests the acceleration of the expansive reaction is necessary for practical
reasons, in particular for the cases of extremely slow rate expansions, i.e. less than 20 pm/m/
year in the actual structure. Suitable results can be obtained by limiting said acceleration and
by increasing the time of observation. This implies however others difficulties in order to
assure carefully the control of the test over a long period (e.g. leaching of alkali).
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The simulation of the reaction in laboratory and the identification of the main parameters
influencing the expansion rate in the dam has to take into account different factors, such as:

— The already mentioned temperature, moisture and constraint.

— The alkali content in concrete, which depends also on the cement content.

— The dimension of the aggregates: smaller aggregates have a higher specific surface and
therefore the reaction occurs more rapidly. In addition it can be mentioned that also the
aggregate shape could influence the reaction: by using natural gravel of a schistose rock,
the flattened aggregates tend to dispose horizontally within the concrete causing a possible
higher vertical expansion than the horizontal one.

— The dimension and thickness of the structure: moisture needs more time to penetrate
through a thick structure than in a thin one. For a dam it must also be considered that the
water firstly infiltrates along cracks and joints and only subsequently diffuses through
the concrete mass. The effect of the dimension can be observed at various dam sites, where
the state of thin secondary structures, such as walls and piles, is often worse than that
of the main dam body.

The qualitative influence of each factor is known, but the major problem is due to the fact
that the quantitative effect is uncertain, here in particular the interaction between the differ-
ent factors. The effect of moisture, for example, has probably not the same importance in a
rapid expansion as in a very slow rate one. Each factor can significantly influence the reac-
tion only in case it becomes the determining one that regulates the expansion rate, i.e. all the
other factors would also allow a greater expansion.

A similar question may arise with respect to the deterioration of the concrete quality: the
quality degradation is probably not the same in a slow rate expansion as in an accelerated
one. The main problems of dams affected by expansive phenomena are not related to the
deterioration of the concrete properties.

5 SAFETY ASSESSMENT AND DAM PERFORMANCE

A realistic simulation of the expansion in a structural analysis taking into account all the fac-
tors influencing the chemical reaction is theoretically possible. Recently various interesting
constitutive models have been developed, e.g. Saouma & Perotti (2006), but the parameters
required for these models are often difficult to determine. The analysis results have to be
compared with the observed behavior as well as the visual appearance of the actual structure.
The interpretation is in any case very difficult since a plausible result can be obtained in dif-
ferent ways.

A simple simulation of the non reversible displacement with a thermal uniform expansion
in a linear elastic model clearly leads to an over estimation of stresses. The chemical expan-
sion undoubtedly is in a certain manner auto-adaptive, i.e. the concrete expands, the shape
changes, but the general state remains more or less acceptable. The visual appearance of
the 60-years-old Molina gravity dam, in Switzerland, is satisfactory and does not show any
particular signs of swelling, even if the estimated expansion has reached about 1100 um/m.
Stress variations due to concrete expansion can be reduced by including both, the mitigating
effect of compressive stresses and/or creep in the simulation. The effect of stresses deter-
mine that in direction of high compressive stresses no expansion occurs, limiting any further
increase of compressions, while in the direction of tensile stresses the free expansion reduces
the tension with time. The expansion becomes anisotropic. Creep just reduces the effect of a
permanent deformation applied to a hyperstatic structure, like a dam.

The structural behavior of a dam and thus its safety condition strongly depends on the
non-uniform distribution of the expansion. If this aspect is not analyzed with sufficient reli-
ability, the simulation of the expansion development with time becomes just a calculation
exercise without real consequences for the safety evaluation.

Another way to assess the safety condition of a dam is to analyze the structure taking into
account the actual observed condition: analyze the presence of observed cracks and define its
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maximum acceptable extension or verify whether the possible additional compressive forces
induced by the expansion can be supported by the dam and can be safely transferred to the
abutments. This type of analysis is much easier as an exhaustive and refined simulation of the
expansion and is in many cases equally effective for safety evaluations.

An essential question is how much expansion can be supported by a dam. There is no
general answer, since every dam represents a unique case. Some order of magnitudes can
however be proposed.

The compressive stress directly produced by the chemical expansion does not represent the
main problem for concrete strength: concrete properties reduction appears to be of secondary
role and compressive stress mitigate the expansion development. According to Charlwood
et al. (1992) no expansion should occur by a compressive stress higher than 8§ MPa. Com-
pressive stresses can be a problem in case of geometrical discontinuities, i.e. spillway open-
ings or abutment blocs, where the forces, that can not be supported, produce permanent
displacements.

In vertical direction the expansion can more or less freely take place without major conse-
quences. This statement is not generally valid since in narrow valleys it is possible to observe
that the vertical expansion of the dam produces vertical displacements also within the rock
mass. The dam equilibrium is changing: an increase of the vertical forces at the dam foot and
a reduction towards both flanks is expected. This phenomenon might affect the stability at
the dam shoulders.

A non-uniform distribution of vertical expansion across the wall thickness can produce
horizontal cracks. The effect of these cracks on the dam stability has to be investigated. In
some cases, however, it was possible to conclude that the presence of a cracks is acceptable,
e.g. Pian Telessio or Isola (Malla & Wieland 1999). Obviously, the analysis has to consider
any possible increase of the uplift pressure due to water seeping into the crack.

In arch dams the upstream drift induced by the expansion of the arches might cause the
development of peripheral cracks at the downstream face along the foundation, even with a
relatively slight expansion. In fact, it must be considered that the shape of a thin arch dam is
already the result of an optimization process and that the action of unexpected load condi-
tions may have some consequences on its performance. At the Roggiasca dam a peripheral
crack is going to develop while the total estimated expansion reaches only 60-70 um/m.

The presence of a crack might initially have little consequences on the dam stability, but
it is clear that a fully regular behavior is preferable. An arch dam has generally large safety
margins before stability problems can arise, but with the development of cracks these mar-
gins decrease. The Serra dam, for example, had to be replaced because of the presence of an
important peripheral crack, where the expansion reached about 1100 um/m.

Further examples can be taken from others type of imposed displacements on arch dams.
At Koélnbrein dam (Lombardi 1991) the sum of measured joint opening at crest elevation
produced by the grouting process reached about 400 mm. Compared to the crest length of
600 m, the equivalent expansion is 670 um/m. The dam required an intensive rehabilitation
before being taken into normal operation.

At the Zeuzier dam (Amberg & Lombardi 1982) the drainage induced settlement of the
rock foundation caused by the excavation of a tunnel led since 1978 also to a valley closure.
At crest elevation the final closure reached 75 mm and important cracks, up to 15 mm wide,
developed on the downstream face along the foundation. The dam clearly required important
rehabilitation works to assure a safe stability condition. The valley narrowing of 75 mm over
a distance of 173 m is comparable with an expansion of 430 um/m.

A last example presents the Pian Telessio dam. With a total expansion of almost 250 um/m
the dam required a rehabilitation consisting in systematic slot cutting within the upper half
of the dam. In case of low reservoir level during summer time, the compressive stress in
vertical direction at the upstream dam heel reached values up to 15 MPa. The rehabilitation
was proposed in order to prevent possible damages to the structure, since the concrete
strength was relatively modest, i.e. around 20 MPa. This last case shows how, for arch
dams, the unfavorable loading condition in case of expansive phenomena occur with low
reservoir level.
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6 REMEDIAL WORKS

Basically, there are two intervention categories: the first one aims to mitigate any expansion
phenomenon while the second category acts on the effects of the reaction. The types of reme-
dial works might be quite various.

In the first category it is possible to mention following remedial works:

— Installation of an impervious membrane on the upstream dam face in order to prevent the
provision of water for the reaction. The effect of this type of intervention is uncertain: at
Illsee no effect was observed, but at the Pracana buttress dam (Portuguese National Com-
mittee on Large Dams 2003) the effect of the upstream waterproofing turned out to be
conducive. However, in this case the previous period of 12 years with empty reservoir has
also played a role on the observed behavior. Probably in letting the concrete dry out.

— Reduction of temperature, for example through watering as proposed for the Portode-
mouros dam. Nevertheless, the effect of this measure was limited, both probably why the
temperature decrease was not sufficient and additional water was provided.

— Increase of compressive stress by means of anchorages or additional masses. Theoretically
a possible solution, but in practice, it is not feasible since the forces required to limit the
expansion in a dam would be very high.

The possibilities to mitigate the reaction in an existing structure are therefore rather limited.
A larger choice of remedial works is available to reinforce or to rehabilitate a dam damaged
by expansion phenomena. These remedial works have more or less all a temporary character,
because in order to reach an exhaustion of the reaction, a long time is often required. Pos-
sible remedial works are:

— Grouting of the cracks with cement grout or epoxy resins to enhance the structural conti-
nuity, reduce leakage or increase sliding safety on the lift joints.

— Improve the drainage and/or the grouting curtains to reduce uplift pressure and seepage.

— Sealing the upstream face with a membrane to avoid possible water inflow through cracks
(e.g. Isola) causing flooding in the galleries or increase of the uplift pressure.

— Reinforcing using anchorages to assure the stability of a damaged dam.

— Slot cutting to relief the compressive stresses, in particular in cases where the expansion
might have concentrated impacts along structural discontinuities, such as the transition
between a gravity and a curved dam (e.g. Illsee) or near spillway openings. Slot cutting,
however, has a limited impact on internal cracks, i.e. observed mainly in galleries and less
on the faces, as can be typically encountered in gravity or arch-gravity dams. Slot cutting
has never been achieved on a thin arch dam, but it can be assumed that its effects are rather
conducive, in particular to avoid the progress of cracks along the foundation on the down-
stream face.

Finally, a possible remedial work, which is rather to be considered for the long term, is the
replacement of a dam by a new structure or the partial change of the structure (e.g. moving
of a spillway). These more extreme interventions, which are possible in certain cases, such as
for the 20 m high Serra arch dam, have a long term character, provided the chemical expan-
sion can be excluded in the new construction.

7 CONCLUSIONS

Alkali-Aggregate Reactions (AAR) and Internal Sulfate Attacks (ISA) are different types
of chemical reactions that cause a concrete swelling. However, their impact on the structural
behavior of dams is similar: delayed start of a slow rate expansive process that influences the
dam equilibrium in time.

The concrete expansion is a very complex phenomena, which is influenced by many
parameters: moisture, temperature, confinement, creep, alkali content, oxygen (for ISA),
aggregate dimensions and shape, pore characteristics and discontinuities in dams, e.g. lift or
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contraction joints. The effect of the different influencing factors is qualitatively known, but
their precise interaction and the parameters to describe the actual expansion occurring in a
dam are very difficult to reproduce in laboratory. The theoretical knowledge still needs to be
significantly improved.

Concrete swelling represents a new loading case, which has not been considered in the
structural design and which thus might lead to unfavorable conditions for the dam. The
presence of expansion phenomena in concrete dams requires special consideration related to
possible consequences during their service life, since no reliable methods are known to inhibit
such kind of behavior. Thus, remedial works have generally a temporary character and need
to be repeated after a certain period.

The problem is far from being completely solved, even if both the slowness of the reaction
and a correct maintenance of the dam will certainly allow to maintain various affected dams
in safe condition for still a long time.

REFERENCES

Aguado, A., Serafim, G., Chinchoén, S., Lopez, C.M. & Agulld, L. 2007. Internal sulfate attack in dams,
ICOLD Workshop on Chemical expansion of concrete in dams and hydro projects, Granada, 18-19
October 2007.

Amberg, F. 2007. Recent experiences with expanding concrete in the alpine region, /COLD Workshop on
Chemical expansion of concrete in dams and hydro projects, Granada, 18-19 October 2007.

Amberg, F., Bremen, R. & Brizzo, N. 2009. Rehabilitation of the Pian Telessio dam (It) affected by
AAR-Reaction, 23rd Congress on large dams, Brasilia; Q. 90, ICOLD.

Amberg, W. & Lombardi, G. 1982. Comportement anormal du barrage-volite de Zeuzier (Suisse)—
Calculs statiques, Wasser, Energie, Luft 74. Jahrgang, Heft 3, Special Issue to ICOLD: 102-109.

Bister, D., Bonnet, P, Denis, B., De Bauchamp, R., Dubois, P. & Goguel, B. 1991. Contribution au
suivi des barrages en béton frangais sujets a gonflement ou retrait, application a des ouvrages adultes
(Chambon, Vouglans) et au béton jeune (cas du BCR), 17th Congress on large dams, Vienna, Q. 65
R. 7, ICOLD.

Charlwood, R.G., Solimar, Z.V. & Curtis, D.D. 1992. A review of alkali-aggregate reactions in hydro-
electric plants and dams, Alkali-aggregate reactions in hydroelectric plants and dams; Proc. Intern.
Conf., Fredericton, Canada.

Charlwood, R.G. 2009. Predicting the long term behavior and service life of concrete dams, Long term
behavior of dams, Proc. 2nd Intern. Conf., Graz, 12-13 October 2009.

Hayward, D.G., Thompson, G.A., Charlwood, R.G. & Steele, R.R. 1991. Remedial measures at the
Mactaquac generating station, 17th Congress on large dams, Vienna; Q. 65 R. 47, ICOLD.

Leroy, R., Micoulet, G. & Tognola, F. 2010. Rehabilitation of Serra dam (Switzerland) affected by ASR,
Dam maintenance and rehabilitation; Proc. 2nd Intern. Congr., Zaragoza, 23-25 November 2010.

Lombardi, G. 1991. KéInbrein dam: an unusual solution for an unusual problem, Water Power & Dam
Construction June 1991: 31-34.

Malla, S. & Wieland, M. 1999. Analysis of an Arch_Gravity Dam with a Horizontal Crack, Computer
and Structures Vol. 72, No. 1: 267-278.

Otto, B. 2007. AAR and ISA at two dams in Switzerland, ICOLD Workshop on Chemical expansion of
concrete in dams and hydro projects, Granada, 18-19 October 2007.

Pérez Rodriguez, D.A., Pazo Garcia, 1., Alonso Mufioz, J.M. & Gonzalo Carracedo, A. 2009. La reha-
bilitacion del aliviadero de la presa de Portodemouros, Dam maintenance and rehabilitation; Proc. 2nd
Intern. Congr., Zaragoza, 23-25 November 2010.

Portuguese National Committee on Large Dams, 2003. Observed behavior and deterioration assess-
ment of Pracana dam, 21st Congress on large dams, Montreal; Q. 12 R. 12, ICOLD.

Saouma, V. & Perotti, L. 2006. Constitutive Model for Alkali-Aggregate Reactions, ACI Material Jour-
nal, May—June 2006: 194-202.

Stanton, T. 1940. The expansion of concrete through reaction between cement and aggregate, Proceed-
ing of American Society of Civil Engineer Vol 66: 1781-1811.

122



Dams and Reservoirs under Changing Challenges — Schleiss & Boes (Eds)
© 2011 Taylor & Francis Group, London, ISBN 978-0-415-68267-1

Warning systems—basic components of Hidroelectrica’s
emergency management system

Irinel Daniela Tacob & Dragos Zachia
SC HIDROELECTRICA SA, Bucharest, Romania

ABSTRACT: The emergency management generated by: floods, dangerous meteorological
phenomena, accidents to the hydro-technical constructions and accidental pollutions, are an
activity of national interest considering the frequency and the impact that such kind of risks
might have.

In Romania the protection against floods is a regulated domain in conformity with the
Regulation concerning the management of the emergency situations generated by floods,
dangerous meteorological phenomena, accidents to the hydro-technical constructions and
accidental pollutions, approved through Order no. 638/12.05.2005 issued by the Ministry of
Defense and Order no. 420/11.05.2006 issued by the Ministry of Environment and Water
Management.

The owners, any title they might have, of dams and of such other hydro-technical con-
structions of which damage or destruction can endanger the population and its material
goods, social objectives and production capacities or can prejudice the environment, must
keep them, repair them, and operate them accordingly, endow these works with such systems
required for their construction behavior monitoring activity, install systems for warning the
population in case of danger, and organize the surveillance, intervention, and rehabilitation
activity as in accordance with the regulations approved through the authorizations of water
management, flood protection planning and of such other risk situations, and according to
such other regulation documentation in force.

SC Hidroelectrica SA is the major power producer in Romania and one of the most impor-
tant owners of dams in the country. Of 107 dams administered by Hidroelectrica, 96 fulfill one
of the conditions required for the warning system, namely: Thalweg-crest height >10 m;

Water volume >10 million m? The downstream localities and objectives are located at
distances lower than 10 km away from the dam section.

Concerning risk management, Hidroelectrica has implemented its own risk management
system. During the period of 1999-2010, Hidroelectrica has carried out and envisaged to
carry out a number of 29 warning systems.

This column aims at emphasizing the data concerning the sizing and the architecture of
the warning systems carried out by Hidroelectrica.

1 INTRODUCTION

The dam safety concept includes four major types of action: 1. dam design and execution, in
accordance with the technical norms on structures safety; 2. ensuring an appropriate moni-
toring system, depending on dam type, and complying with the frequency of measurements
as required under the construction behavior monitoring documentation; 3. drawing up and
complying with the reservoir’s operation regulation regarding the normal operation mode
and special operation conditions; 4. action plans in case of emergency situations.

The first three elements are well known, dedicated extensive literature being available in the
field. However, emergency action methods are less known. This is because the alarm-warning
population evacuation systems are, in some countries, under military or civil authority
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control, due to the fact that they are exposed to high risks. This article aims to bring forward
the experience of Hidroelectrica, the largest energy generator in Romania, as regards the
design and operation of alarm-warning systems.

2 LEGAL PROVISIONS ON THE ALARM-WARNING SYSTEMS

In Romania, the action plan in case of disasters is a legal obligation. The issuer of the safe
operation agreement may impose requirements regarding the standards and norms to be
observed as regards the constructions quality and safety, the alarm-warning system for the
downstream localities, and other requirements that lead to population and environment
protection.

Holders of any title, construction of dams and other hydro whose damage or destruction
may threaten its people and material goods, social objectives and the productive capacity or
harm the environment are required to install alarm systems, warning the population in case
of danger and organize oversight, intervention and rehabilitation under regulations approved
by the water management permits, flood plans and hazardous weather warning, alarm plans
and objectives of the villages downstream from dams in accidents to them.

3 DIMENSION AND ARCHITECTURE OF SYSTEMS

3.1 Dimensions of the systems

The alarm systems mounted at Hidroelectrica’s plants were sized depending on the poten-
tially flooded area, as it results from dam or dikes breaking calculation. The potential situ-
ation taken into account at calculation was a full reservoir, 100% breaking and 50% average
damage, in accordance with the technical requirements in force in Romania.

Figurel. Flood wave in case of accident at Vidra Dam.
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The sirens were set in localities or locations covered by the flood wave (full lake and 100%
breaking). The siren power and height at which it is mounted on the pillar were determined
so that the siren service area to cover the populated areas.

Regarding the dams which are not located near towns, various powers of sirens have been
used to cover the downstream areas where maintenance works are performed or in case evac-
uation equipment is maneuvered to prepare for discharge.

The main components of an alarm-warning system are the control centre, the retranslation
systems and the electronic siren.

3.2 Architecture of systems

The control centre of the alarm-warning system performs the functions of collection, analy-
sis and control of data linked to the alarm-warning system. The equipment of the control
center has the following functions: self-tests the alarm system and displays the deviations;
stores all events and activities and generates reports on demand; unlimited configuration of
sirens participating in an alarm (one siren, groups of or all sirens); selects the type of alarm
to be used; displays the status of each siren participating in the alarm.

The centre allows extension of number of posts (sirens), when the towns are expanding
and connection with other alarm centers connect to the National Integrated System).

Access to system resources is based on a hierarchical password system, the control centre
making available any reports on system status.

The control centers of the alarm system are located at the operation dispatch centers
within Hidroelectrica’s subsidiaries.

The sirens can be operated by radio waves (main option) or GSM (secondary option).

Alarm dispatch centers are directly connected to the County Inspectorates for Emergency
Situations through mobile radio stations.

The retranslation system is a transceiver used in terrestrial wireless networks to retransmit
the signal transmitted by a station to another station, located at far distance, which can not
be directly communicated with.

The electronic sirens can be operated: locally and wirelessly. Local activation (which is
made directly to sirens) may be performed using at least 4 different types of signals and pub-
lic notices playing a tape or from a microphone. Related to the remote activation, an interface

Figure 2. Hydropower plant, control center.

125


http://www.crcnetbase.com/action/showImage?doi=10.1201/b11669-18&iName=master.img-001.jpg&w=277&h=208

Figure 3. Electronic siren.

unit provides signal activation. There is the possibility to make public announcements, as well
as to transmit information to the control center on the status of components.

The electronic siren provides the following functions: broadcasts scheduled alarms; broad-
casts texts read using a microphone or pre-registered texts; transmits 7 different alarm sig-
nals; functions in the event of energy disruption (are equipped with dual power supply);
self-testing of the entire equipment of siren, including “mute” testing of the speakers; local
and remote operation (control center).

The alarm-warning system is powered from the 220 V mains and, for proper operation, the
system is equipped with batteries that can provide seven days running time.

To protect the alarm-warning system related equipment and to avoid accidents at the
equipment mounted near schools, town halls, cultural centers etc., protection fences have
been erected.

4 FUNCTIONS OF THE ALARM-WARNING SYSTEM

The alarm-warning system developed by Hidroelectrica can be used for the other types of
contingencies (earthquakes, chemical or nuclear accidents, fire, war etc.), not only for acci-
dents occurring at hydro constructions. It may issue the following signals: air alarm signal,
disaster alarm signal, pre-alarm signal, alarm termination signal, live verbal announcements
from a microphone, pre-registered announcements or any other sound.

5 ALARM-WARNING SYSTEMS DEVELOPED BY HIDROELECTRICA

As shown above, the Romanian law requires action to be taken so as to mitigate damages
downstream dams, to protect property and population in case of extreme floods.

Of the 107 dams administered by Hidroelectrica, 96 dams meet the legislative requirements
regarding alarm-warning systems: thalweg to crown height to be more than 10 m; water
volume of more than 10 million m?; the existence of settlements and property downstream,
at less than 10 km from the dam section.
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Table 1. Alarm-warning systems developed by Hidroelectrica.

No. of Control center of

Item Alarm-warning system sirens alarm system* Status

1 Downstream Vidraru Dam 15 SH Curtea de Arges in operation

2. Downstream Portile de Fier I Dam 7 SH Portile de Fier | in operation

3. Downstream Portile de Fier Il Dam 5 SH Portile de Fier I1 in operation

4 Downstream Candesti Dam 4 SH Buzau in operation

5 Downstream the dams located 14 SH Sibiu in operation
on the Upper Olt River basin

6. Downstream Negovanu Dam 10 SH Sibiu in operation

7. Downstream Vidra Dam, Lotru River 10 Lotru Plant in operation

8. Downstream Vidra Dam, Middle 46 Ramnicu Valcea in operation
Olt River

. Downstream Vidra, Lower Olt River 72 SH Slatina in operation

10. Downstream the dams located 10 SH Clyj in operation
on the Somesul Mic River basin

11. Downstream Dragan Dam 60 SH Oradea in operation

12. Downstream Vadeni Dam 7 SH Tirgu Jiu in operation

13. Downstream Motru Dam 9 SH Targu Jiu in operation

14. Downstream Vaja and Tismana Dams 12 SH Targu Jiu in operation

15. Downstream Valea Sadului Dam 16 SH Targu Jiu in operation

16. Downstream Herculane Dam 4 Herculane HPP in operation

17. Downstream Cerna Dam 3 Herculane HPP in operation

18. Downstream Poiana Rusca Dam 11 Ruieni HPP in operation

19. Downstream Poiana Marului Dam 22 Ruieni HPP in operation
and Zervesti Polder

20. Downstream Poiana Marului 53 Ruieni HPP in operation
Dam-extension

21. Downstream Poneasca and Gura 9 Ruieni HPP in operation
Golumbului Dam

22. Downstream Gura Apelor Dam 9 SH Hateg in operation

23. Downstream Oasa and Cugir Dam 8 SH Sebes in operation

24, Downstream Izvorul Muntelui 52 SH Bistrita in operation
Dam—Neamt county

25. Downstream Izvorul Muntelui 48 SH Bistrita in operation
Dam-—Bacau county

26. Downstream Izvorul Muntelui S1 SH Bistrita in progress
Dam-—Vrancea county

217. Downstream Izvorul Muntelui 39 SH Bistrita in progress
Dam—Galati Dam

28. Downstream Izvorul Muntelui 36 SH Bistrita in progress
Dam-—DBraila county

29. Downstream Rastolita Dam 17 Rastolita HPP design phase

Total no. of sirens 659

*SH—Hydropower Subsidiary; * HPP—Hydropower plant.

Over 1999-2010, Hidroelectrica developed 20 alarm-warning systems and plans to further
implement 8 new alarm systems.

6 CONCLUSIONS

The floods affecting many countries and the climate changes which have been increasingly
felt in the last 10 years, as well as better involvement in what social responsibility involves, led
to a new approach in addressing flood risk.
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Figure 4. Alarm-warning systems developed by Hidroelectrica.

In Romania, the entity which administers a hydro-technical construction has the responsi-
bility to draw up and submit, for approval, the protection against floods plans to the Ministe-
rial Committee for Emergency Situations.

An important role in implementing a sound alarm system and determine the population
and property evacuation areas and routes is assigned to the local Inspectorates for emer-
gency situations; the owners and designers collaborate with these Inspectorates and obtain
the required permits.

For an efficient alarm-warning system, that uses sirens and mobile devices, it is necessary
to monitor the risk factors and, when the threshold is exceeded, transmit the data to the
dispatch center located at the hydropower development, as well as interconnecting the dis-
patcher with the control centers of the local Inspectorates for Emergency Situations for joint
management of risk situations.

As a conclusion, we believe that the flood risk management involves application of poli-
cies, procedures and practices with the aim to minimize and even eliminate the risks. Activi-
ties such as risk identification, analysis and evaluation, must be supported through a risk
factors monitoring system and a flood protection plan.
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A risk based approach to dam safety management
in New South Wales, Australia
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ABSTRACT: The Dam Safety Committee (DSC) operates under the Australian New South
Wales (NSW) Dams Safety Act 1978 to ensure the safety of dams. DSC prescribes dams
whose failure could have significant effect on community interests particularly loss of life.
A dam owner is responsible for the safety of a dam and must meet the DSC’s requirements.
An Owner must submit his conclusions on dam safety or proposals for safety improvements
to the DSC for review. In 2006 the New South Wales Government endorsed the DSC’s Risk
Management Policy Framework for Dam Safety, which allowed the DSC to shift from the old
standard based approach to a less prescriptive risk based approach. The DSC’s new approach
is goals-based regulation. Its requirements define the minimum level of safety that will ade-
quately protect the community. A dam owner must keep the risks of a dam under review and
demonstrate that risks are tolerable and As Low as Reasonably Practicable (ALARP). This
eliminates the need for safety improvements with very low cost effectiveness.

1 INTRODUCTION TO DAMS SAFETY COMMITTEE

In the 1970, international concern at failures of dams led to the Australian National Com-
mittee on Large Dams (ANCOLD) raising the need for dam safety regulation. Against this
background, the NSW Government enacted the Dams Safety Act in 1978, and constituted
the NSW Dams Safety Committee (DSC) under that Act in 1979.

The DSC consists of nine part-time members with eight experienced in dam engineering
and the ninth in mining experience. The DSC is required to “formulate measures to ensure
the safety of dams” in NSW. It “prescribes” those dams whose failure could threaten down-
stream life, cause extensive property or environmental damage, or have a severe impact on
the public welfare. Currently there are 363 prescribed dams in NSW. The Committee adopts
an ongoing “watchdog” role to ensure the owners of those dams conform to appropriate
safety requirements throughout the life of those dams. This will ensure that the risks of
uncontrolled loss of the storages, with consequent community and environmental effects,
will be tolerably low. In this context, a “safe” dam is taken to be one that complies with the
DSC'’s current requirements. Since the Committee’s establishment, 47 deficient dams have
been modified for safety improvement at a total cost of well over $1 Aus Billion.

The DSC’s approach to dam safety is goals-based, with its prime goal being that dams
meet the DSC requirements set out in its guidance sheets. These goals include:

e Risks to community are identified, assessed and properly managed, reduced when neces-
sary, and are kept under review through the life of a dam;
o Needed safety improvements are undertaken as soon as reasonably practicable.

It is the for dam owner to determine how he achieves these goals and to demonstrate to the
DSC they have been achieved, or will be achieved following improvements in their dams or
safety management practices.
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Table 1. Consequence categories.

Severity of damage and loss
Population at

Risk (PAR) Negligible Minor Medium Major

<1 Very Low Very Low Low Significant
1to 10 Low Low Significant High C

10 to 100 Significant High C High B
100 to 1000 High A High A
>1000 Extreme

2 DSCS REQUIREMENTS

The DSC’s requirements are based on the Consequence Category of the dam, which in turn is
based on potential damage if the dam was to fail. The categories are evaluated on the Popula-
tion at Risk and the level of damage from the matrix in Table 1 below.

The Major requirements of the DSC are that all Extreme, High and Significant Conse-
quence Category dams, along with Low Consequence Category dams over 15 m high, are
prescribed under the Act.

For all prescribed dams the DSC requires Surveillance Reports after the first substantial
filling (or one year after completion, whichever is first), and subsequently at intervals not
exceeding five years. The type and content of report depends on the dam’s Consequence
Category above. These reports provide the DSC the necessary data on prescribed dams. Also,
through regular DSC inspections, and discussions with dam owners, communication lines
are developed and maintained.

Safety Reviews are required at regular intervals or where Surveillance Reports indicate
a dam may be unsafe. They provide a vital input for any decisions on remedial measures
and involve a conclusive reassessment of dam safety using the latest methodologies and
information.

3 DAM OWNER REQUIREMENTS

The DSC also obtains its basic information through a series of requests sent out to dam own-
ers at various stages in the development of a dam. For new dams, the DSC'’s initial objective
is to ensure that they are designed and constructed according to appropriate engineering
standards and safety criteria. Thus, owners and designers must provide details of proposed
dams for the DSC’s consideration at an early stage. After construction, dam safety is moni-
tored by owners arranging for:

e Proper operation and maintenance of their dams by trained personnel

e Regular surveillance by trained personnel and annual inspections by a dams Engineer
e Dam safety emergency plans for dams whose failure could cause loss of life;

e Ongoing assessment of dam behaviour on the basis of surveillance information

e Periodic review of the dam’s compliance with current DSC requirements

e Review of all dam information and assessments by experienced personnel

e Actions, in response to dam assessments, to ensure the dams are safe

Given that the safety of a dam is affected by many variables (e.g. changes in downstream
development, new assessment methods and criteria) the DSC will not “sign-off” on a dam’s
safety but will judge whether a dam meets current safety criteria. However, if the DSC con-
siders a dam is unsafe, or may become unsafe, it may give notice, under S.18 of the Dams
Safety Act 1978, (and if necessary seek an injunction) requiring the dam owner to take such
actions as necessary to ensure the dam’s safety.
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4 DSCRISK MANAGEMENT FRAMEWORK

Until the early 21st century the DSC had taken a ‘Standards-based’ (SBA) approach to dam
safety, wherein risks to dams were controlled by following established design, loading, and
event rules and which ensures the risk of dam failure is very low. However, this changed in
2006 when the NSW Government signed-oft on the Risk Management Policy Framework for
Dam Safety, which shifted the focus to a ‘risk-based’ approach.

4.1 The DSC normal safety requirements

The DSC’s normal safety level requirements or “starting points” are those levels of safety
derived from the “Standards Based Approach (SBA)”. If a dam satisfies the SBA if will be
generally acceptable to the DSC. The SBA is the conservative (safer) end of any ANCOLD
range. For dams where the SBA starting point is not complied with the DSC requires compli-
ance with its DSC Public Safety Guidelines.

4.1.1  Flood capacity for dams

Under the SBA if a dam complies with the requirements of Table 2 below it will generally
satisfy the DSC. However, if it does not comply the owner must demonstrate compliance
with the Public Safety Guidelines.

4.1.2  DSC public safety guidelines

4.1.2.1 Risk to the individual

Where the adequacy of safety is judged on the DSC public safety risk Guidelines, the DSC
requirement for the long-term is that risk to the individual be below the limit of tolerability
to the extent dictated by the ALARP (As Low As Reasonably Practical) principle.

For existing dams, the DSC’s limit of tolerability is 1 in 10,000 per annum. For proposed
dams and major augmentations, the DSC’s limit of tolerability is 1 in 100,000 per annum.
For all dams and major augmentations, the DSC’s negligible risk is 1 in1,000,000 per annum.
The DSC regards this negligible level of risk as so low that it is not worth searching for fur-
ther reduction.

4.1.2.2  Societal risk
Where safety is judged on the DSC public safety risk guidelines, the DSC requirement for
the long- term is that societal risk be below the limit of tolerability shown at Figure 1 as

Table 2. Starting point Acceptable Flood Capacity (AFC).

FCC rating Flood or AEP

Extreme Probable Maximum Flood, (PMF), (reservoir full)

High A Probable Maximum Precipitation Design Flood, (PMPDF) (reservoir full)

High B Max of AEP (Annual Exceedance Probability) of PMPDF, or 10 not
necessary to use PMP Design Flood, as PMPDF was used in the
previous row for HIGH A

High C Max of AEP of PMPDEF, or 107

Significant 10+

Low 10~ to 1073

Very Low No requirements

Note: PMPDF is an abbreviation of Probable Maximum Precipitation Design Flood which
is derived by applying the Probable Maximum Precipitation (PMP) to the catchment with
the storage and catchment at statistically average conditions, that is The PMPDF (flood) has
the same Annual Exceedance Probability as the PMP (rainfall) and may be up to an order of
magnitude less than the PMF.
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Figure 1. DSC societal risk requirements: existing dams.

dictated by the ALARP principle. For societal risk, the DSC has adopted a negligible level,
two orders lower than the limit of tolerability. The DSC regards the negligible level of risk
as acceptably low.

Where the societal risk from dam failure is within the intolerable region the risks are intol-
erable in nearly all circumstances. Within the intolerable region, the higher the risk plots on
the graph and the further to the right, the more difficult it would be for an owner to persuade
the DSC that the benefits of the dam justify acceptance of the risks.

The DSC requires owners to demonstrate that risks to the individual and societal risk are
ALARP. The DSC will judge the owner’s case for ALARP on:

e The disproportion between the sacrifice (money, time, trouble and effort) in making the
safety improvement and the risk reduction that is achieved

e The level of risk in relation to the limit of tolerability and the negligible risk

e The cost-effectiveness of safety improvements, one indicator is Cost to Save a Statistical
Life(CSSL)

e Any relevant recognized good practice; and

e Societal concerns revealed by the owner’s consultation with the community

¢ To justify a progressive improvement or the need for a staged upgrade program.
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Table 3. Progressive improvement of safety.

Indicative timeframe for completion

Stage Aims of safety improvements

« For a structural fix- as soon as

Short-term or » To maximize safety, in a cost-effective

Interim

Medium-term

Long-term

manner, whilst planning proceeds for
the later stages of improvements.

To reach a low but not ultimate level
of risk

To reach risk levels below the limit of
tolerability

To satisfy the DSC starting point
deterministic safety level

To have risks below the limit of

reasonably practicable, but generally
not longer than 2 years. Program to
be agreed with DSC

For a non—structural fix, such as
operating restrictions, warning and
evacuation plans—as soon as
reasonably practicable, but generally
not longer than 1 year. Program to
be agreed with DSC

As soon as reasonably practicable,
but generally not longer than 10 years.
Program to be agreed with DSC

As soon as reasonably practicable,
but generally not longer than 20 years.
Program to be agreed with DSC

tolerability to the extent required by
the ALARP principle

To satisfy national and international
practice, if appropriate

5 MEETING DAM SAFETY REQUIREMENTS

A dam owner may use risk assessment to support submissions to the DSC on dam safety.
In undertaking risk assessment owners are to follow the ANCOLD Guidelines on Risk
Assessment, October 2003. Situations where a need for risk assessment could arise are

e To review the risks to, or posed by, a dam

o To better clarify the safety status of a dam, especially where the SBA provided no or lim-
ited guidance (e.g. piping risk)

e Where there is doubt that the DSC'’s starting point SBA will meet the DSC public safety
risk guidelines;

e To justify a shift from the DSC normal level of safety, subject to DSC agreement;

A dam owner is to bring risks into compliance with the DSC’s safety requirements as soon
as reasonably practicable, is to keep the residual risks under review and is to maintain risks as
low as reasonably practicable over time, having regard to future technology, scientific knowl-
edge, and other relevant considerations of the day.

Safety improvements required by the DSC may be implemented progressively where that
would promote more effective risk reduction for the community as regards risks from dams,
but in such cases progressive implementation is subject to DSC review. For guidance on
acceptable progressive improved to a deficient dams’ safety an owner may refer to Table 3
below. The DSC also requires the dam owner consult with the community and other stake-
holders as input to decision-making on significant dam safety matters.

6 DEMONSTRATION OF SAFETY

The process of demonstrating a dam’s safety starts with submission of a 5-year Surveillance
report which assesses if the dam meets the DSC requirements or does not meet the require-
ments, or the safety status is uncertain. In the later two cases, or if the dam is older than
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15 years in its present state, a safety review will be required. The safety review covers the sce-
narios of all hazards, load states and failure modes on a risk based approach for comparison
with the DSC’s public safety risk guidelines.

Any safety review prepared for the DSC for Extreme or High Consequence category dam,
must have an independent peer review. The peer reviewer must be a senior practitioner widely
recognised for their knowledge and experience with the particular dam safety issues. In a
safety review, if the dam meets compliance with the Standards Based Approach or any other
recognised standard or good practice, including the starting point fall back flood capacity,
this provides adequate demonstration of the dam’s long term safety.

6.1 Failure modes analysis
A failure modes analysis is an essential part of a safety review and involves:

Listing all elements of a dam, whose failure to function could affect its safety
Listing all ways in which the element may fail to function as intended

Rating the likelihood that the element will fail to function as intended

Rating the consequences for the safety of the dam if the element fails to function
Then build up the failure mechanisms using logic systems such as event or fault trees
Decide which failure modes are plausible to require analysis

6.2 Risk assessment

A Risk assessment is required by DSC where there are aspects not adequately addressed by
traditional standards or good practice or where an owner wishes to demonstrate that less
costly safety improvements, than those required by standards or good practice, would ade-
quately protect public safety. For the risk assessment the failure consequences are estimated
in terms of Potential Loss of Life (PLL) determined based on the results of a dambreak
analysis. The estimation of failure probability must comply with mathematics of probability
and individual probabilities are to be assessed, challenged, debated and those reasoning in
support of the estimated risks are to be documented.

When the risks analysis is complete the total estimated risk and the PLL are entered into
Figure 1 and if the best estimate of societal risk is in the negligible region DSC is satisfied.
If the best estimate of societal risk is in the intolerable region the DSC requires the soci-
etal risk be reduced as soon as reasonably practicable in a short-term, and/or medium-term
improvement to at least the limit of tolerability. If the best estimate of societal risk is in the
region of tolerability review the DSC requires the risk to be reduced to the negligible level on
a program agreed with the DSC unless the owner can demonstrate that a higher risk is toler-
able. To be tolerable, the risk must be ALARP. The urgency for improvement is significantly
lower than for risks in the intolerable region. Without improvement, or a demonstration that
the existing risk is tolerable, the dam does not meet DSC requirements.

If the best estimate of societal risk is lower than the limit of tolerability and the estimated
loss of life exceeds 1000—the DSC requirement is that, the dam complies with all relevant
standards—including PMF capacity, and with currently recognized defensive design meas-
ures. If improvement is needed it is to be made as soon as reasonably practicable. Without
compliance the dam does not meet DSC requirements.

When a dam falls below the DSC’s requirements the owner must demonstrate that his rec-
ommended options for upgrading the dam has reduced the risk to tolerable levels either in a
staged approach or in a single upgrade as per Table 3 above.

7 CONCLUSIONS

As a result of the State Government’s approval of the new Policy of Risk Based approach to
dam safety, there are small additional costs to dam owners and the DSC, but implementing
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risk-based safety policies is more cost-effective and will deliver a greater overall reduction in
risks to life, property and community interests.
The Benefits of this new risk-based approach include:

A less prescriptive, more flexible, holistic goals-based approach to dam safety

A more consistent relationship of dam safety levels to dam failure consequences;

A greater emphasis on dam owner responsibility for dam safety;

The introduction of a concept of progressive improvement of dam safety to better apply
the available resources to reducing risks to the community

Finally it ensures the elimination of safety improvements with very low cost-effectiveness
through the adoption of less stringent requirements for the flood capacity of dams that
threaten small populations of less than 1000 people. This frees-up resources to address
intolerable risks on other dams, whilst still retaining an almost negligible risk of failure in
line with levels accepted for facilities such as Airports, nuclear reactors and petrochemical
plants.
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Dam safety in Slovakia

P. Panenka & A. Kasana

Vodohospodarska vystavba $.p., Bratislava, Slovakia

ABSTRACT: System of technical and safety supervision of water works in Slovakia has
been well established for decades. This system is based on legal preconditions and long-term
experience and defines duties and responsibilities of designers, builders, owners and opera-
tors of water works. Already within the preparation of water work it is classified into one
of four categories based on the amount of potential property damages and/or personnel
casualties caused by their destruction or dysfunction. All types of water works are catego-
rized. Category is determined by the Ministry of environment, which also authorizes the only
state organization to execute technical and safety supervision over most relevant water works
(Ist and IInd category—these are on the ICOLD list of Slovak dams, too). State enterprise
Vodohospodarska vystavba, §.p. (Watermanagement construction s.e.) which has to employ
experts with qualification for technical and safety supervision has been authorized organiza-
tion since 1978.

1 INTRODUCTION

Ministry of Environment of the Slovak Republic is responsible for the legislative frame of
the system, which has to provide safety of waterworks in Slovakia. Waterworks—water con-
structions are defined as all constructions which could cause impoundment or retention of
water. It means especially dams, weirs, small dams and ponds, flood dikes and polders, lock
chambers, hydropower plants and tailing dams, too. Professional technical and safety super-
vision of water work is a professional activity aimed at early detection of its safety threats.
Supervision is based on measurements and monitoring, concurrently warns in advance risks
of failures or crashes and proposes the necessary steps to remedy.

The Act Nr. 364/2004 Coll. of Law (Water Act) and Gov. Decree Nr. 458/2005 Coll. Of
Law (Decree On Professional Technical and Safety Supervision on Water Constructions) are
the basic documents governing duties and responsibilities of designers, builders, owners and
operators of water works. They define notably:

— Owner or operator of water structure is responsible of its safety (investor or builder is
responsible during its construction or reconstruction).

— Investor of the water work has the duty to order the professional review for categoriza-
tion of the construction already during its preparation. This review contains all potential
threats and possible damages of the construction breakdown.

— Category of every water construction is determined by the Ministry of Environment of the
Slovak Republic.

— Every owner or builder of any water work is responsible for providing technical and safety
supervision on his own costs.

— Owner of water construction has to employ person with qualification for technical and
safety supervision for supervision providing or in the case of 1st or 2nd category water
works to ensure supervision by the authorized state owned organization.

— Conditions for certification of qualified person for technical and safety supervision.
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2 STATE OWNED ORGANIZATION AUTHORIZED FOR PROVIDING
TECHNICAL AND SAFETY SUPERVISION

Since 1978 Watermanagement construction s.e. has been state owned organization authorized
for providing technical and safety supervision on all Ist and 2nd category water works in
accordance with the Water Act. The founder of this state enterprise is the Ministry of Envi-
ronment of Slovak Republic. Watermanagement construction s.e. is an organization that was
public investor of almost all large dams, hydro power stations and weirs constructed in Slovakia
after World War II. Section of technical and safety supervision (TSS) was built continually
and today it consists of four departments: TSS and operating dispatching, Supervision on tail-
ing dams and special analyses, Geodetical measuring and last but not least Geomonitoring.

Primary role of the TSS section consists of periodic data capture from measuring on water
structures, their processing and archiving, evaluating and interpreting of water structure
owner’s monthly reports. Another operation is performing of control measuring and special
analyses, mainly geodetic measurements, videoscopy of boreholes and drainage, pump and
slug tests, measuring of leakage and seepage, geophysical survey, logging conductometry and
thermometry, surficial geophysical measurements of resistivity and induced polarization,
analyses of silt content and turbidity, non-destructive defectoscopy on technological equip-
ment and terrestrial laser scanning. Results are used in stability reviews, assessment of limit
and critical values and complete surveys of technical and safety state of water construction.

Special task of the authorized organization is preparing reviews for the categorization of
water structures.

3 RISK FACTORS AND CATEGORIZATION OF WATER CONSTRUCTIONS

Every water construction is classified into one of four categories based on the amount of
potential property damages and/or personnel casualties caused by their destruction or dys-
function. All types of water works are categorized. Reviews for the categorization contain a
proposal for the category of water structure and inventory compliance with the categorization
criteria. Category is determined by the Ministry of environment. The categorization is based

Figure 1. Pumping hydropower station Cierny Vah—3D laser scanning of asphalt-concrete surface of
upper reservoir.
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on an estimation of the risk factor implied by the existence of water structure. Together with
generated benefits water works also cause the danger for the area under it. Danger arising
from the existence of water structure, especially the threat of dam failure and release of its
potential energy and also impaired technical condition of water structure in terms of safety
increase the possibility of its failure.

Estimation of the risk factor is the sum of all direct and consequential damages and losses,
including human life, which could occur in a water structure crash with maximal volume of
reservoir. The level of the potential danger depends on population density, economic and
industrial estates in the land affected by water structure and its economic importance.

Categorization solves the following main tasks:

— Rate risk based upon the type and size of water construction,

— Definition of the threatened area, depending on its morphology,

— Estimation of direct and indirect damage,

— Economic value to assess the damage and losses of the benefits,

— Determination of benefit loss on the disposal of water works operation,

— Standard procedure for assessing damage caused by pollution of surface water and ground-
water and agricultural land, in case of tailing dams breakdown.

4 SYSTEM OF TECHNICAL AND SAFETY SUPERVISION
OF WATER WORKS IN SLOVAKIA

Performance of technical and safety supervision to monitor and evaluate the appropriate
category on the water structure and its technical condition, in particular:

— Static and dynamic stability of water structure or its parts, including weirs and technologi-
cal parts,

— Spatial changes in water structure as a whole against its surroundings,

— Deformation of subsoil and water structure itself, a mutual shift and deformations of
individual parts of structures and cracks in structural materials,

— Physical and mechanical characteristics of construction materials and subsoil materials
and the properties of waste disposal affecting the stability and safety of tailing dams,

— Mode of groundwater, surface water and leakage, particularly the water pressure, seepage
connection, direction and velocity of water, partial and total amount of leakage, water
spring up in the area of water structure and its surroundings,

— The functionality of protective, sealing, filtration and drainage elements of water structure
and its subsoil, hydraulic gradient in structural and subsoil materials and filter stability,

— Environmental influences on the technical condition of water structure and its technologi-
cal equipment, especially the effects of weather (frost and surge), on reservoir banks, land-
slides and slips in the vicinity of water structure, aggressive effects of air and water in the
aquifer, the impact of groundwater and leakage, effects of construction work around the
water structure, earthquakes, undermining, the effects of operating vibration, road shock,
vegetation and animals, and unauthorized intervention of third parties,

— The impact of operation on the technical condition of water structure and its techno-
logical equipment, especially the effects of water manipulation in the reservoir, mechanical
and other effects of the discharged water and drifting materials, wear and possible conse-
quences of failure and closure structures of weirs, overflow and locks,

— Flow conditions of outlet equipment and facilities in comparison with the original fore-
casts considered in project design, for example, the flow at the upper watercourse affected
with new constructions, failure or abolition of the existing constructions, change of drain-
age situation in river basins, vegetation and crossing of ice roadblock.

Supervision is carried out especially by monitoring the above events and facts and data
processing on them, but also analyzing and evaluating the results of all observations and
measurements in relation to determine the limits and critical values, as well as conditions in
the approved project.
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Figure 2. Liptovska Mara Dam—technical and safety supervision found a lack of efficacy of the
injection sealing curtain, subsequently bedrock was sealed.

Figure 3. Rockfill Dam Ruzin I, where was inadequate capacity of safety spillway found, subsequently
side safety spillway with bypass tunnel was built.

The range of supervision for prepared water works is specified already before building per-
mit is issued and then the Project of measurements follows. It means at the stage of prepara-
tion already. On this basis the supervision is performed during construction of water works,
especially measuring equipment is installed to assess the actual measurements. The period of
construction or reconstruction of the water work is reviewed by qualified expert in partial or
total reviews—depending on length of construction time.

After completion of the construction and evaluation of supervision during this period the
water work is put into the verification operation. Verification operation of water structure
starts with the first tension of water structure with impoundment of water and includes
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Figure 4. Lock chamber of Waterwork Gab¢ikovo—inspection and repairing of dilatation.

operational situations in the range that could affirm expectations in the approved project and
safety and reliable function of water structure. Later the period of permanent performance
follows—Dby tailing dams after deposition and the construction phase begins long-term exist-
ence of a tailing dam. Also in this period the reviews from technical and safety supervision
periodically (mostly annually) are issued. Every review contains description of water work,
her history, list of measuring equipment, list of monitored phenomenon with its awaited lim-
its and critical limits, summary of measuring results during reviewed period, special analysis,
resultant survey and remedy proposition (if needed). Reviews are sent to owners and local
authorities. Authorized organization issues Informative report about a state of technical
safety of most relevant water works in Slovakia (1st and 2nd category). This report is pre-
sented to Ministry of Environment twice a year.

5 FEW NOTES ABOUT MONITORING RESULTS
5.1 Dam Ruzin I

Construction: 1963-1968 Length of the dam crest: 350 m Volume of reservoir:
59 mil - m?

Height of dam above the terrain/above the foundations: 57 m/63 m

Purpose: water supply, hydropower production, regulation of discharges, flood
protection, recreation

The hydraulic structure Ruzin I was built on the river Hornad. The rock subsoil, created by
cracked granodiorite that is effloresced on the surface and by layers of mylonite, is sealed by
a grout curtain. The depth of the curtain varies from 25 to 30 metres. An important asset of
the dam is in its use of the hydropotential of the water. The evaluation of hydrological data
confirmed that in operation the discharges of Q,, were increased from 500 to 655 m* - s~ and
Q, 0, from 700 to 890 m? - s7'. That was the reason why an additional uncontrolled side spill-
way and bypass gallery with a capacity of 125 m?® - s™! were built (1991-1993). The tunnel has
length 446 m and diameter 4,0 m. After floods in 2010 we could state, that thanks increased
capacity of safety spillway did not come to breakdown—operational volume of reservoir was
exceeded.
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Figure 5. Additional uncontrolled side spillway and its use during floods in 2010.

5.2 Dam Liptovska Mara

Construction: 1967-1975 Length of the dam crest: 1225 m Volume of reservoir:
361.9 mil - m?

Height of dam above the terrain/above the foundations: 45 m/52.5 m

Purpose: hydropower production, flood protection, regulation of discharges, rec-
reation, fish breeding

Liptovska Mara Reservoir is the largest Slovak reservoir. In the profile of the dam, in the
right bank of the valley, the Vlastiansky landslide can be found and approximately 200 m
far from the dam, the Velkomarsky landslide is located. Both landslides have been subject
to continuous observation since the beginning of the preparation of dam construction and
during the operation various measuring and treatments have been done, especially geodetical
positional a vertical measuring, surveillance on amount of water from horizontal drains and
measuring in inclinometer bore-hole.

6 CONCLUSIONS

Every owner or builder of any water work is responsible for providing of technical and safety
supervision on his own costs, i.e. notably arranging of measuring equipments, providing
measuring and sending its results to authorized organization (for Ist and 2nd category) for
analysis monthly at least. Authorized organization has no right to realize its remedy propos-
als and therefore is not responsible for damages caused with false operating or breakdown of
water work, but its main responsibility is to warn in time—not only owner but local authority
and Ministry of Environment, too.

Although first efforts of permanent monitoring and analyzing of technical safety of dams
began in beginning of 20th century in former Czechoslovakia, first legislative norms were
not approved until seventieth. The current system of technical and safety supervision used
in the Slovak Republic has a number of shared elements of the system used in the Czech
Republic (these systems evolved together from 1975 to 1992). The major difference is that in
Slovakia the activity of authorized organization remained in state hands and only in within
one organization. Thanks to this the dam safety has priority over commercial profit for the
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supervision performance and all historical and present data are archived at state’s disposal.
The level of supervision on 1Ist and 2nd category hydraulic structures is almost identical in
both countries, but in Slovakia is unlike Czech significantly less small dams and performance
of technical and safety supervision could focus more on safety of protective dikes.

Although the surveillance system in Slovakia is functional and successful, it has several
minor deficiencies which will be removed in the coming years:

— Increase the level of supervision and state water authorities over the safety of 3rd and 4th
category water works.

— Increase the number of professionally qualified persons for the performance of technical
and safety supervision.

The accurate coordination of technical and safety supervision between owners, authorized
organization and local authorities or Ministry of Environment is not a single gain of this sys-
tem. There was no serious crash, breakdown or accident on 1st and 2nd category water works
in Slovakia during 35 years of legally performed technical and safety supervision.
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ABSTRACT: Besides appropriate design and construction, an efficient monitoring system
is a key element of dam safety. Measurements and visual inspections are an important means
to detect any unusual behaviour or condition of a dam and, in such a case, to take proper
action. This paper presents some interesting cases that led to a substantial improvement of
the dam surveillance system in Switzerland and confirmed the importance of continuous
monitoring, particularly the necessity for regular visual inspections.

1 INTRODUCTION

Starting in the middle of the 20th century, Switzerland experienced a remarkable development
in dam construction due to a growing need for electric power. A large number of hydropower
plants were built and Swiss engineers acquired considerable expertise in the design, construc-
tion and surveillance of dams. The authors of this paper want to point out the positive results
of an effective surveillance of dams on the basis of some well-known and documented events.
The presented cases encompass effects of abnormal foundation behaviour, the ageing proc-
esses, stability questions, as well as extreme floods. Some improvements are also described.

2 UPLIFT, SEEPAGE AND DRAINAGE

2.1 Foundation and seepage

The 115 m high Albigna hollow gravity dam was built between 1957 and 1959. The reservoir,
with a capacity of 71 hm?, had been operated for nearly 20 years without problem, when in
1977several springs appeared from rock joints on the left side of the valley, some distance
downstream of the dam. Additionally, seepage discharge increased in the hollow joints of the
dam. This continuously increasing discharge originated from the reservoir.

Investigations and inspections of the upstream dam foundation revealed that a crack in the
rock ran almost parallel to the heel of the dam. Deformations of the foundation rock were
detected and measured using a sliding micrometer. This continuous extensometer revealed
a second fissure, found somewhat upstream from the first crack. The cyclic opening of the
first and active crack was approximately 8 mm for a reservoir fluctuation of around 100 m
(Fig. 1). Additional rock extensometers were installed to determine precisely the position and
extension of the crack and to monitor its movements. Piezometer measurements to a depth
of 60 m below foundation level complemented the investigation and surveillance instrumen-
tation (Kovari & Peter 1983).

Measurements and analytical investigations suggested that the initial crack in the rock at
the upstream heel of the dam dated from the first filling, when a slight downstream defor-
mation of the dam was observed. With time, the crack depth propagated to about 40 m.
Once the crack had crossed the grout curtain, seepage from the reservoir was able percolate
through the rock and emerge as downstream springs (Bossoney & Balissat 2005).

The area of the crack in the rock surface and at the heel of the dam was protected by
means of a seal membrane. The problem was the bridging of the crack in regard to its active
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Figure 1. Albigna hollow gravity dam cross section. Foundation investigations and position of the
fissure zones and the neoprene sealing.

condition and the high prevailing hydrostatic pressure. The solution consisted in the sealing
of the zone close to the upstream heel of the dam by means of a stretchable neoprene mem-
brane. Additionally, a series of boreholes were drilled to drain the foundation rock, and
particularly the active crack. Nearly 30 years later, the behaviour of the dam still remains
satisfactory and the measures taken proved to be appropriate.

2.2 Large-scale drainage of a rock mass

At the beginning of December 1978, the regular control measurements of the pendulums
of the 156 m high Zeuzier arch dam indicated that the deformations were obviously dif-
ferent from those previously observed for elastic behaviour of the structure. The dam crest
began moving upstream, even though the reservoir was nearly full. The results of the geo-
detic deformation measurements carried out in spring 1979 indicated large settlements and
movements of the crown cantilever in upstream direction as well as a narrowing of the abut-
ments. As a consequence of these deformations, opening of vertical joints in the upper part
of the upstream face and the development of perimetral cracks on the downstream face were
observed (Fig. 2). To gain more information, numerous special measuring instruments were
installed in the foundation and the geodetic network was substantially extended. In addition,
measurement frequency was increased. Further, several hypotheses (tectonic, seismic, hydro-
geologic) were formulated. Analysis of the extended geodetic measurements revealed that
the unusual dam deformations were the result of a general settlement of the ground, with a
lateral extension in the order of 2 to 3 km. The drainage of the rock mass caused by the exca-
vation of an exploration adit was the origin of the ground settlements. During the excavation
of this adit, a number of considerable water inrushes (up to 1000 1/s) were observed, and set-
tlements started immediately after such inrushes. There was a close coincidence between the
exceeding deformations of the dam and the volume of drainage water resulting from tunnel-
ling. The development of a mathematical model to analyse the behaviour of a fissured, elastic
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Figure 2. Zeuzier arch dam. Deformations due to drainage induced settlements of the rock mass
caused by excavation of an exploration adit.

and saturated rock massif (“FES model”) clearly proved that the drilling of the exploration
adit was the cause of the ground settlements (Lombardi 1992).

The case of Zeuzier clearly underlines the importance of having a continuous surveillance,
using a widespread monitoring system and performing immediate analysis of the acquired
data. Furthermore, geodetic measurements were the essential means of explaining the defor-
mation at Zeuzier Dam (Biedermann et al. 1982, Pougatsch 1990).

Underground works (galleries, tunnels, caverns) can influence the hydrogeologic conditions
by draining extended rock zones. Consequently, if such works are planned within a distance of
3 to 4 km of a dam, preventive measures (improvement of monitoring system, increase of meas-
urement frequency) must be taken. Therefore, such measures were recently taken in connection
with the excavation of the new Lotschberg and Gotthard Alpine railway tunnels in Switzerland,
which were constructed in the vicinity of several large arch dams. In these cases, deformations
could be controlled and kept well below critical limits (Pougatsch & Miiller 2002).

3 SWELLING

3.1 Identifying swelling of concrete

Illsee Dam has been constructed in two stages in 1926-27 and 1941-43 and consists of an
arch dam and an adjacent gravity dam with an angled crest line (Fig. 3). Due to seepage
through the porous concrete, various sealing works were carried out between 1932 and 1966.
Geodetic deformation measurements, performed since 1946, revealed strange permanent
deformations characterized by an upstream displacement of the arch dam and a down-
stream displacement of the gravity dam. In view of these surprising results, the stability of
the geodetic survey points was initially drawn into question. In connection with a periodi-
cal safety assessment performed later on, the hypothesis of concrete swelling was proposed.
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Figure 3. Illsee Dam. Permanent displacements measured by geodetic survey.

Subsequent petrographic and chemical analyses confirmed the existence of swelling due to
alkali-aggregate reaction. Illsee Dam was the first case where a specific and comprehensive
study of concrete swelling was carried out in Switzerland (Sinniger et al. 1991).

3.2 Consequences of swelling

Swelling is a slow chemical process developing in the concrete, which is driven by water
and produces irreversible displacements of the structure. This phenomenon has a negative
impact on the mechanical properties of the concrete. Vertical deformations give an initial,
but insufficient indication of swelling. To unequivocally identify swelling, an adequate mon-
itoring system is required; the one installed at Illsee Dam has been significantly enhanced.
Generally, a rather long measurement period is necessary. Additionally, in situ and labora-
tory tests must be executed. Swelling further produces well marked cracks or finely dis-
tributed superficial fissures. Therefore, visual inspection is also of paramount importance
(CSB 1997).

3.3 Remedial measures

For dam construction, materials are generally taken from nearby borrow areas in order to
keep hauling distance short and thereby save costs. When there is a risk of alkali-aggregate
reaction fly-ash or pozzolan cement can be used to avoid future trouble. For example, con-
crete used for the Hongrin twin arch dams (constructed 1963-67, H = 125 m and 90 m) was
made with pozzolan cement, whereas fly ash cement has been retained for the recent recon-
struction of Serra Dam (first constructed 1952, H =22 m).

There are also solutions for fighting the consequences rather than avoiding the causes, such
as protection against humidity or releasing of stresses by sawing the concrete. At Illsee Dam
a geomembrane has been placed on the entire upstream face to stop seepage and thereby
slow down the swelling process. The attempt failed because of continued seepage through the
dam foundation. However, with additional sealing works in the foundation, seepage could
be reduced. The Lago Bianco reservoir has two gravity dams. At Lago Bianco South Dam
(constructed 1912-14, heightened in 1942, H = 26 m) a sealing system consisting of several
layers of a polyurethane coating has been applied (Riiesch & Scherrer 2001).
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A more radical solution consists in partly or entirely demolishing the dam, depending on
its size. In the case of Lago Bianco North Dam (H = 15 m) the upper part of the dam has
been demolished and reconstructed. At Serra Dam the solution consisting in the construc-
tion of a new dam downstream was preferred.

4 MASS MOVEMENTS

4.1 Overview

Visual inspections including both the dam and the reservoir slopes are a matter of routine in
the Alps, where landslides, rockfalls as well as snow and ice avalanches are frequent natural
hazards. Such mass movements, when sliding into a reservoir, can generate surge waves of
considerable height that can overtop the dam, causing a dam failure, and thus jeopardize the
downstream riparian population. Recently, a report was published (Heller 2008) which is a
useful tool for dam safety engineers to quantify mass movement generated impulse waves. It is
well known that the filling and drawdown of reservoirs can trigger such mass movements.

4.2 Landslide, rockfall

In 1963, a mass of some 250 hm? started to move during the first filling of the reservoir of the
Vajont arch dam (Italy). It slid into the reservoir, generating a huge surge wave which over-
topped the dam and caused a large number of casualties. Following this catastrophe, geologists
were engaged to undertake a complete slope stability analysis for the major Swiss reservoirs in
operation at that time. Such examinations are now made within the framework of the periodic
safety assessments. It is essential that the geologists establish reference files which include all
pertinent geological documents. Periodically taken photographs may also prove very useful in
identifying any morphological changes in the surrounding area of the reservoir.

Triggering of a new landslide or reactivation of an old one can be caused by a change in
hydrogeologic conditions (snowmelt or infiltration of water). In two cases in Switzerland the
staff of the dam operator discovered landslides during their inspection work, namely at Mau-
voisin and at Godey reservoirs (Schenk 2006). Subsequently, monitoring systems (geodetic
measurements, inclinometers in boreholes) were installed and are still in operation. After eval-
uating the potential danger in case of a slide into the reservoirs and establishing an emergency
action plan, water level limitations have been imposed for as long as the active zones remain
instable. In both mentioned cases, drainage systems were executed to improve stability.

4.3 Snow and ice avalanches

A large number of dams are located in the Swiss Alps, where the accumulation of snow can
be considerable. The danger of avalanches sliding into a reservoir or over a dam must not be
neglected. Therefore, several reservoirs in the Alps are subject to water level limitations dur-
ing the winter to provide a storage reserve in case of such events.

The movements of the glaciers threatening reservoirs are observed by means of various
methods (e.g. position measurements of benchmarks, or using terrestrial, photogrammetric,
GPS or laser scanning methods). Complete filling of the reservoir is then only permitted
once it is confirmed that such a glacier presents no danger of calving.

5 FLOODS

5.1 General

Floods are phenomena that can be severe and occur quickly. On a global scale, many dams are
quoted in the literature that were seriously damaged by overtopping (damage at the crest, erosion
of abutments, erosion at the downstream toe), which in some instances led to their collapse.
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One must keep in mind that during a flood various incidents can occur: blockage of the
dam access road, breakdown of power supply, blockage or clogging of spillways and outlets,
flooding of power plant and service building. It is therefore essential that the dam operating
personal is on site to watch closely the inflow and the water level of the reservoir, and take
action whenever required.

Important floods are not rare in Switzerland, and several investigations were carried out
to study their causes and their consequences. Numerous incidents were also observed, among
which two are described in the following.

5.2 Consequences of heavy floods

5.2.1 Palagnedra 1978

During severe floods, important quantities of debris can be transported. During the
7/8 August 1978 flood in southern Switzerland, the openings of the spillway of Palagnedra
arch gravity dam (constructed 1950-1952, H = 72 m) were clogged by a tremendous quantity
of driftwood as Figure 4 shows. To avoid recurrence of such a major incident, the spillway
was modified and a new road bridge was constructed downstream (Fig. 5).

After the floods of 1978, the pertinent design criteria were revised in Switzerland. A sys-
tematic re-evaluation of the flood conditions of all dams was carried out and led to the
modification of a number of dams to increase discharge capacities. Measures taken were
modifications of spillways, the heightening of dam crests to increase freeboard height, or the
construction of new orifices. In 1987 again, severe floods, many of them carrying high debris
load, occurred in Switzerland. When a study was made of the cause of these floods and their
transport of driftwood, it was found that the maximum length of floating tree trunks in
Alpine rivers was about 10 m. Therefore, to avoid clogging, it was concluded that the width
of spillway openings should not be less than 10 m.

5.2.2  Wichelsee 2005

The small Wichelsee barrage, consisting of a weir with contiguous left side embankment,
impounds the Sarner Aa River, which drains the catchment of Lake Sarnen as well as its
intermediate catchment (Fig. 6).

The weir is equipped with a low level outlet with a capacity of 110 m*s and with a 12 m
wide overflow vertical lift gate. In closed position the capacity of this lift gate amounts to
20 m*s when the water level reaches the embankment crest level. The total capacity of the
two outlets amounts to 130 m¥/s, which corresponds to the estimated design flood level. The
same discharge capacity can also be reached by raising the lift gate by 1.9 m.

During the extreme storm of 22/23 August 2005, the reservoir level of Wichelsee increased
rapidly, and in this situation the responsible staff decided to lift the main gate to get more
spilling capacity. Unfortunately—and symptomatically for such conditions—power supply

Figure 4. Palagnedra Dam. Spillway clogged with Figure 5. Bridge and piers were removed from
debris during 1978 flood. spillway. New bridge constructed downstream.
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Figure 6. Wichelsee Weir with (1) bottom out-  Figure 7. Maximum yearly flood of Sarner Aa
let, (2) lift gate and (3) adjacent embankment  River which flows into Wichelsee Reservoir.
dam after passage of the flood of 2005.

failed during the flood, and an attempt to move the gate by manpower failed as well, due to
mechanical blockage. As a consequence of this, the dam was overtopped, fortunately without
severe damage.

The analysis of the flood showed that the Lake Sarnen peak outflow had been 150 m?/s in
2005, which is more than twice the maximum measured value in more than 80 years (Fig. 7).
As a consequence and based on comprehensive hydrological studies, the design flood was
recalculated and significantly increased. The new design flood is now 190 m?*/s and the safety
check flood has been increased to 290 m?/s. Therefore, the embankment was equipped with
an ancillary baffled chute spillway.

This event shows unambiguously that ungated spillways are safer than regulated ones in
the event of extreme floods and should be preferred whenever possible. The determination
of the design flood must be carried out taking into account the changes in behaviour of
occasionally complex hydrological systems under extreme conditions, which are most likely
due to climate change. In the case described above, the usual flood attenuation effect of Lake
Sarnen failed due to extreme inflow.

6 CONCLUSIONS

Even after many years of satisfactory behaviour of a dam, unusual situations can occur at
any time, and it is important to be able to detect quickly any abnormal behaviour and to look
for the causes. Such abnormalities can consist of fast or slow increase of deformation, water
pressure or seepage. Therefore, dam surveillance is a necessity and a permanent challenge,
and must cover the dam body, its foundation and the surrounding area. The monitoring
system is an essential element of the surveillance of dam behaviour, with special emphasis on
visual inspections (CSB 2000, CSB 2006). Furthermore, immediate analysis of acquired data
is strongly recommended.

It is advisable to periodically examine and, when required, adjust the current practice,
taking into account experience gained from recent incidents. In some of the cases presented
above, the monitoring system has had to be considerably extended, especially for the purpose
of monitoring the behaviour of the foundation. As geodesy can play an important role to
detect and explain the causes of widespread ground deformations, many existing geodetic
networks have been significantly extended in recent years.

One must keep in mind that during a flood various incidents can occur, such as the break-
down of power supply or a mechanical blockage of gates or outlets. In such cases the pres-
ence of the dam surveillance staft is important to observe the situation on site and to take all
action required. A visual inspection after any flood occurrence is mandatory.
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Summarizing, the safety of dams is essentially based—Dbesides appropriate design and
construction—on an adequate monitoring system, where visual inspections play a para-
mount role to detect any unusual situation.
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Concept of safety and safety requirements for dams
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ABSTRACT: A key problem explored in the paper is what should be a rational basis for
making societal choices for life safety decisions. The philosophy applied by traditional engi-
neering also known as a “factor of safety” approach relies on designing the structures to sur-
vive under some extreme loads resulting from so called “maximum credible events”. Explicit
consideration of risk helps in establishing a better, rational basis for decisions involving life
safety but the road to effective and efficient decision-making mechanism requires significant
effort in identifying and quantifying all risks present. This concentrates on development of
risk assessment criteria and supporting attributes necessary for the proposed framework to
be fully operational. Some aspects of ‘risk measuring’ related to assessment of consequences
to life safety are discussed.

1 INTRODUCTION

A significant portion of regulatory activities in the area of dam safety related to life safety
issues are quite often portrayed imprecisely as ‘life saving measures’, when in fact what they
intend to do is to prevent premature death and only attempt to extend life. Individuals can
design and implement risk-reduction strategies on their own but in certain cases when the
control of the life safety risks is beyond their reach only a collective action in the form of
the regulation initiated by the government can reduce these risks to the levels that are suf-
ficiently low. Although any risk-reduction action contributes to the prevention of premature
death it also involves costs and the economic consequences of its implementation can vary
substantially from case to case. Thus the crucial problem facing the decision-makers is how
to compare the monetary costs of risk-reduction measures with non-monetary benefits in the
form of avoided premature loss of life.

Abelson (Abelson 2007) in his paper pointed out that Australia spends about one-sixth of
its GDP on all forms of life and health protection and these actions cause a substantial diver-
sion of resources away from other goods and services. That leads to the question whether this
level of expenditure on health and safety is appropriate or whether it is too large or too small.
Abelson concludes that in order to asses such issues properly quantitative measures of the
value of life and health and safety are needed.

A key problem which needs to be explored further is what should be a rational basis for
making societal choices for life safety decisions. The decisions have always been made by
defining more or less conservative safety standards and by using considerable amount of
judgment and experience. The philosophy applied by traditional engineering also known as a
“factor of safety” approach relied on designing the structures to survive under some extreme
loads resulting from so called “maximum credible events”. Explicit consideration of risk can
be helpful in establishing a better, rational basis for decisions involving life safety but the road
to effective and efficient decision-making mechanism requires significant effort in identify-
ing and quantifying all risks present. This paper does not attempt to address all the complex
problems of risk estimation and concentrates instead on development of risk assessment
criteria and supporting attributes that are necessary if the proposed framework is to be fully
operational. Thus, some aspects of risk measuring which asses the consequences to life safety
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will be discussed here, but not these which are related to assigning probabilities. The judg-
ment of acceptability of identified risks (judgment of safety) is a separate issue. An efficient,
elegant and logically consistent framework for making these judgments has been established
using risk informed approach (HSE 2001) and it is briefly characterized in Section 3.

At the end, the effort of constructing an appropriate framework will be judged as success-
ful if the framework can deliver the answer to the question: is the risk acceptable? It may
seem that the question was quite simply answered long time ago by Lowrance 1976 who
stated that “A thing is safe if its risks are judged to be acceptable”. Lowrance interpretation
of what constitutes safety was important because it clearly formulated the idea that nothing
can be absolutely free of risk and thus there is no absolute safety. The implications of this
statement are quite clear: since all activities involve some degree of risk it is more appropriate
to talk about the degrees of safety and that someone has to define the boundaries of accept-
ability and also that someone has to formulate the criteria for that decision.

2 SETTING OF STANDARDS IN DAM SAFETY

Ball & Barrett 2009 trace introduction of general standards back to the beginnings of indus-
trial revolution when the developing industries realized benefits from having manufactured
items that were interchangeable and with known material properties. Development of tech-
nical standards consolidating existing knowledge followed and in the last two decades the
standards setting activities expanded into the areas of management and business processes.
These activities are usually coordinated at the international and national levels but there are
also parallel activities at the industry sectors, professional associations and at the organiza-
tion levels. It should be pointed out that the nature of activities changed with this expan-
sion—from very focused and prescriptive to broadly encompassing and guiding documents
(see Figure 1).

In the dam safety area the setting of standards cannot be initiated before a simple but
often elusive and misleading question is answered: how safe is safe enough? An inappropriate
answer to this question is that no risk to safety should be tolerated (Derby & Keeney 1981).
This simple but unfortunate statement is an expression of the so-called “zero-risk” policy and
it has been pervading the field of dam safety for many decades. As an example, inflow design

Policies
Safety Management Gui !
Management Risk Management Pri
EICEESSES) (e.g. ISO 31000)
Methods

Standards for Design Reviews of Structures
Standards for Foundation Assessment
Freeboard Requirements

Standard for Assessment of Integrity of Embankm
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Figure 1. Impact of setting standards.
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flood selection criteria for dams in many North American jurisdictions call for the Probable
Maximum Flood (PMF) in these cases when there is a potential for a loss of life as a result
of dam failure. Whether a particular PMF estimate constitutes the actual physical limit for
the flood at a particular location is not relevant (it can be in fact either lower or higher that
the actual limit). What is relevant is the concept of selecting the physically limiting event as
a safety standard—no other engineering activity calls for such a stringent and conservative
standard.

Subsequently introduced dam safety standard of Maximum Credible Earthquake (MCE)
for seismic criteria was clear manifestation of the same school of thought and only very
recently has began the retreat leaving the room for probabilistic type of criteria based on
ground motions that represent the best estimate ground motions for the specified annual
exceedance probability (also often characterized by return periods).

Reviewing zero-risk policies in other regulatory fields may provide some necessary per-
spective. The famous Delaney Clause, named after its sponsor New York Congressman Jim
Delaney, was an addition to the U.S. Federal Food, Drug, and Cosmetic Act of 1938 (Asch
1990). Delaney proposed in 1958 a rigid, zero risk standard that prohibited any amount of
food additives or pesticides found to cause cancer from being added to processed food. This
clause meant that no amount of a carcinogenic additive could be present in food, no matter
how small a risk that substance might have posed. The zero-risk standard did not permit
the incorporation of new analytical methods capable of assessing the risk and potency of
carcinogens. Thus a paradox was created—the Delaney Clause was intended to protect the
public but instead banned the introduction of new pesticides that could actually pose less
risk than other pesticides. The zero-risk standard of the Delaney Clause made carcinogenic
additives illegal, without regard to other characteristics of product use, such as other health
risks or benefits. Recognizing that the total ban of Delaney Clause was zero-risk policy that
actually caused higher risks to health and safety, the Congress after repeated attempts to fix
the problem by amending the Clause, repealed it in 1996.

It is also interesting that in other areas of civil engineering where exposure to natural and
human-made hazards can lead to significant loss of life, the concept of complete protec-
tion associated with conservative standards derived as physical limits of catastrophic events
has never been accepted. As examples one may consider Canadian Building Code (NBCC
1995) which prescribes a ground motion with 2500-year return period (4-10~* annual exceed-
ance probability) as a standard for apartment buildings or Canadian Highway Bridge Design
Code which defines an earthquake with return period of 1000 years (10~ annual exceedance
probability) as the most severe ground motion to be considered. Thus, these areas of civil
engineering chose the safety requirements that do not attempt to offer unlimited protection;
on the contrary they state that the residual risk exists and although it is relatively small it is
clearly a non-zero risk.

3 RISK-INFORMED DECISION-MAKING FRAMEWORK

The section provides the origins and brief description of UK Health and Safety Execu-
tive (HSE) Framework for Decision-Making in the Presence of Uncertainty (HSE 2001).
The centre of the framework, the concept of ALARP (As Low as Reasonably Practicable),
was explicitly formulated for the first time as a result of a court case (Edwards versus The
National Coal Board) in United Kingdom, in 1949.

The concept of ALARP is in its essence based on a legal principle that is aimed at control-
ling the level of risk associated with a hazardous activity. At the present, ALARP is used as
a fundamental concept to all safety regulations in the United Kingdom in that it allows the
costs to be taken into account when determining to what level the risk has to be, reduced.
ALARP is also referred to in a number of Australian statutes, which are aimed at protec-
tion of the public from hazardous facilities. A number of guidelines issued by Australian
regulators in various industrial sectors refer to UK Health and Safety Executive concept of
ALARP (HSE 2001). Australian National Committee on Large Dams (ANCOLD) provides
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explanation how ALARP principle can be applied in the context of dam safety in Australia
(ANCOLD 2003).

A dam owner who decides to demonstrate dam safety with the help of this framework
has to conduct the safety assessment in such a way as to ensure that all measures necessary
to avert risk must be taken until the cost of these measures is disproportionate to the risk
which would be averted. As a result, the risk must be reduced to a level which is ALARP. The
ALARP principle provides practical means for assessing the tolerability of risk by establish-
ing that if the cost of reducing a risk outweighs the benefit, then the risk may be considered
tolerable.

The proper framing of the issue of how to interpret and apply the ALARP principle when
life safety is being considered begins with the realization that any decision on proportional-
ity of action requires the characterization of risks involved. The risk has to be characterized
either qualitatively or quantitatively in order to describe how it arises and how it impacts
those who may be affected.

Within this tolerability of risk framework introduced by HSE 2001, it is recognized that
there are levels of risk that cannot be tolerated and which would be found unacceptable by
the public. These risks have to be reduced regardless of the costs involved in risk reduction
and the benefits from the presence of the dam, unless there are exceptional reasons to con-
tinue the operation. The risks within this zone are considered as so high that the continuing
operation of the dam cannot be allowed.

In the zone of broadly acceptable risks the risks are generally regarded as insignificant and
are comparable to the risks people face in their daily lives and consider as trivial. Further
reduction of broadly acceptable risks is not required although the dam owner may decide
that reduction is reasonably practicable and may implement additional measures reducing
the risks to even lower levels.

The third zone represents these risks that people are prepared to tolerate in order to receive
certain benefits. The benefits can be numerous and may include employment opportunities,
maintenance of general social infrastructure (electricity production, water supply), recrea-
tion, etc. The willingness to tolerate the risks is however conditional and the conditions can
be derived from the principles discussed in detail in HSE 2001.

The application of ALARP concept requires that the costs of implementation of risk
reduction measures and related benefits be compared. In the case of life safety the benefits
can be interpreted as avoided consequences (fatalities). In order to perform the comparison
both costs and benefits have to be expressed using the same metric and a monetary valuation
of both can be an obvious and practical candidate.

4 VALUATION OF LIFE

Valuation of human life and health resulting in assigning monetary values to lives lost has
always been a very controversial topic. It is positioned within philosophical, ethical, moral and
political context and as such has always been a subject of controversies and heated debates.
The common argument of the opponents of this approach is that human life is irreplaceable
and as such has infinite value. They also often argue that even consideration of the concept
is highly unethical and should be abandoned.

4.1 Ethical considerations

Lenz 2006 and Ersdal & Aven 2007 provide quite detailed discussion of ethical and moral
difficulties arising when making decisions affecting life safety, especially when these decisions
are carried out with the help of risk based methods. The subject of making right or good
decisions belongs essentially to the domain of philosophy and ethics but a basic summary
of moral systems underpinning ethical decision-making can be helpful in understanding why
risk-informed decision-making in dam safety has been met with opposition from a large seg-
ment of the dam engineering profession.

156



First of the two main ethical theories relevant to the subject is deontology which postu-
lates the existence of some a priori moral obligations which either forbid or permit action.
The term deontology originates from Greek words (‘deon’—duty and ‘logos’—science) and
can be translated as ‘science of duty’. The original theory was introduced at the end of the
18th century by a German philosopher Immanuel Kant who formulated what is now known
as Kant’s categorical imperative. Deontological ethical systems focus on adherence to inde-
pendent moral rules or duties. From the perspective of decision-making the most signifi-
cant aspect of deontological ethical systems is that the principles are separated from any
potential consequences which may result from following those principles. Thus deontologists
believe that there are right and wrong decisions regardless of consequences. In risk-informed
decision-making environment, this position may lead to the conclusion that nobody has the
right to expose a person to a certain risk, even if such decision is beneficial to the society as
a whole. Lenz 2006 also points out that Kant’s categorical imperative lead to the concept
of ‘intangibility of human life’ and the principle of ‘infinite value of human life’ which has
always been part of Judeo-Christian belief system and is now embedded into constitutional
laws of most Western countries. According to deontologists intangibility of human life is a
fundamental concept that cannot be further derived by rational means (e.g. analysis or opti-
mization). Some sub-divide deontologist into two subgroups: absolute and moderate. Dam
safety decision-maker who belongs to the absolute group would say that it is always wrong,
whatever the consequences, to deliberately endanger an innocent person. The moderate deon-
tologist would say that it is wrong to deliberately endanger an innocent person unless doing
S0 is necessary to save at least, for example, 10 innocent lives.

The other major stream of ethical theories is commonly called ‘consequentialism’. Conse-
quentialism opposes deontology and in judging actions takes into account their consequences.
One of the best known forms of consequentialism is the utilitarianism introduced also at the
end of the 18th century by an English philosopher Jeremy Bentham. While Bentham’s theory
stressed the importance of cultural and spiritual aspects, the modern utilitarianism serves as
the philosophical foundation for the economic utility theory. It should be pointed out that
some forms of utilitarianism deny the principle of infinite value of life and the equality rea-
soning derived from this principle. From the perspective of risk-informed decision-making,
the utilitarianist would require that the consequences of various choices or alternatives can
be measured in some form of utility (Ersdal 2007). Referring back to the illustration of a dam
safety decision- maker in the previous paragraph, the utilitarianist would say that whether an
action, such as deliberately endangering an innocent person, is wrong depends solely on its
consequences. The correct action would be the one which maximizes overall utility.

4.2 Background and justification

Putting aside for a moment emotive aspects of valuation of life concept, is can be said that
safety always has a price, it is not the only thing people value and sometimes there are other
things that they value even more than safety. If there are limits on what people are prepared
or willing to pay for safety (and often these limits are imposed on people by economic con-
straints) then the reality forces us to put a value on life and thus help in creating a coherent
and consistent mechanism capable of providing some guidance on what should be reasonably
spend on safety improvements. It is being recognized that, given limited financial resources
and the need for their efficient allocation, if the valuation of life is not made explicitly then it
will be made implicitly by allocating the funds for safety improvements in a certain way. Thus,
any decision which affects health and safety risk levels implicitly places a value on human
lives and health.

The concept of ‘value of life’ has been introduced first by Schelling 1968 who very clearly
articulated the distinction between statistical and identified life and wrote that “it is not the
worth of human life that I shall discuss, but of ‘life-saving’, of preventing death. And it is not
a particular death, but a statistical death”.

HSE 2001 report pointed out that this useful concept is often misrepresented and “it is
often misunderstood to mean that a value is being placed on a life. This is not the case. It is
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simply another way of saying what people are prepared to pay to secure a certain averaged
risk reduction. A VPF of £1,000,000 corresponds to a reduction in risk of one in a hundred
thousand being worth about £10 to an average individual. VPF therefore, is not to be con-
fused with the value society, or the courts, might put on the life of a real person or the com-
pensation appropriate to its loss”. The term VPF or Value of Preventing Fatality is a term
approximately equivalent to the term VSL, Value of Statistical Life.

The general idea is that when a risk reduction option (potentially producing benefit of
‘saving lives’ or preventing fatalities) is available this requires putting a monetary value on
achieving a reduction in the risk of death. Thus the intention of defining the value of statisti-
cal life (VSL) is to provide a measure capable of reflecting the marginal change in risk level for
a large number of individuals but not specific, identified individuals. In everyday-life society
and individuals face choices that involve tradeoffs between accepting physical risk in return for
financial and non-financial benefits. The choices made can reveal our willingness to exchange
financial gratification for the risk of physical harm. As eloquently explained by Ashenfelter
2006, the ratio of the wealth we are willing to accept in exchange for a small change in the
probability of a fatality is expressed in units of ‘dollars per death,” or the dollar value of a
fatality. It is for this reason that this trade-off is often called the value of a ‘statistical’ life.

It has been pointed out (Hammitt and Treich, 2007) that the major weakness of the VSL
concept is that it is inadequate in situations where the threat is to identifiable individuals or
when changes to individual risks across the threatened population are large. However, since
the quantified risk is only one of the elements informing decision-making process, society or
the institutions/individuals acting or its behalf may choose that the gains in equity, moral,
ethical and political objectives may trump the loss of efficiency and decide appropriately.

What are the alternatives to the VSL in terms of improving efficiency of just decision-
making? Jones-Lee 1989 concluded that the following alternative options available for deci-
sion-makers have serious deficiencies that handicap their usefulness in efficient and equitable
decision-making.

1. Ignore the estimates of VSL because the safety effects of risk-reduction measures are
incommensurable with the other costs and benefits.

It is undeniable that increase in safety benefits is inherently different than most of the other
benefits but it is also true that the requirements to improve safety have to compete with other
goals of allocating finite resources. If the measures of safety improvement are lacking then
there is no rational way to judge to what extent the safety should outweigh other goals, short
of either ignoring safety entirely or assigning the highest priority to it regardless the cost. The
latter would result in assigning either zero or infinite value to the value of life.

2. Apply informal judgment for weighing safety benefits against other benefits and costs.
Informal, subjective judgment leads to inconsistencies not only between different decision-
makers but also for different assignments of a single decision-maker. Since the decisions made
are based on judgment, they cannot be evaluated or scrutinized in any meaningful way.

3. Define safety standards or targets.

Two major weaknesses of this approach are: (i) no sound fundamentals and clear criteria on
establishing of what are the levels of safety to be achieved and, (ii) lack consistency between
the standards and cost of meeting them, which in terms of life safety leads to inconsistencies
in considered implicitly value of life and in inefficiencies in resources allocation.

4. Use cost-effectiveness analysis.

The analysis is aimed at either maximization of achieving improvement to life safety goal within
a predetermined budget or at minimization of expenditures required to achieve a prescribed
level of life safety. It cannot however help in considerations of what is the appropriate size of
the budget, and consequently what is justifiable level of life safety that should be achieved.

5. Apply decision analysis approach.
The approach based on defining a multi-attribute utility function (reflecting value judgments
of the decision-maker on trade-offs between different consequences and choice between their
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probability distributions) has an inherent mutual incompatibility of three fundamental value
judgments. These judgments are related to: (i) desirability to minimize expected loss of life,
(ii) desirability of an equitable distribution of risk of life loss amongst the population, and
(ii1) desirability of avoiding catastrophic loss of life.

Examination of the alternatives reveals that their limitations are substantial, that they are
incapable of providing structured, logical and accountable approach to decision-making and
as result could lead to poor allocation of limited resources. Introduction of the VSL into
decision-making mechanism, although not free of shortcomings, can provide rational, trans-
parent and efficient basis to the entire process.

4.3 International studies

A study conducted by the Australian Government (ASCC 2008) provides the findings from
the literature review of VSL estimates from 17 Australian and 227 international studies con-
ducted between 1973 and 2007. Selected results are in the Tables 1, 2 and 3, below. All values
are converted to 2006 Australian dollars.

Table 1. Australia—VSL estimates, in million A$.

Year of study Min Max Point Comments
Health Sector
2006 2.88
Transport Sector
2006 3.00 Civil Aviation Safety Authority
2006 1.99 Bureau of Transport Economics
2000 1.55
Environmental Protection
1992 0.86 1.43 1.15 1.15 is a mean value
1994 7.21
Other (Consumer choice, crime and fire safety)
2007 17.65
1990 1.50
2003 2.18
2000 3.66 5.41 4.67 4.67 is a mean value

Table 2. International VSL estimates, in million A$.

Country Year of study Min Max Mean
Health Sector
US/Canada 1973-2000 0.20 9.00 4.32
(0N 1973-2000 0.20 8.69 4.27
Canada 2000 2.69 9.00 4.52
US/Canada Post 1990 2.69 9.00 5.00
Transport Sector
Multiple 1973-2007 0.24 50.83 8.19
Us 1973-2006 0.24 50.83 6.39
Multiple Post 1990 0.24 50.83 8.34
Environmental Protection
Multiple 1981-2006 0.14 132.85 11.96
Us 1981-2006 0.85 13.61 7.48
Us 1985-1999 2.69 10.26 8.53
Other (Consumer choice, crime and fire safety)
Multiple 1973-2007 0.66 84.70 10.50
UsS 1977-2007 1.02 42.27 11.77
Multiple Post 1990 1.02 42.27 8.03

159



Table 3. Ranges of VSL estimates by country, in million AS.

Number
Country of studies Health  Transport Environment Other Total Mean*
Australia 17 1.2-29 1.3-54 0.9-7.2 1.5-17.7  0.9-17.7 5.7
Austria S 54-132 54-132 9.0
Canada 17 2.7-9.0 0.741.1 3.7-145  0.741.1 7.3
Denmark 2 1.3-19 6.6-8.7 1.3-8.7 4.3
France 2 1.5-35.8 5.1-7.3 1.5-35.8 11.9
Japan 4 8.2-12.2 82-122 178
New Zealand 10 1.1-21.4 2.8-4.2 1.1-214 5.3
South Korea 6 0.7-1.3 0.7-1.3 1.5
Sweden 7 2.144.1 2.1-6.8 2.1-44.1 5.6
Switzerland 5 1.4-1.7 7.3-12.9  14-129 7.7
Taiwan 7 1.4-19 1.4-19 1.7
UK 26 1.0-34.0 314 14413 1.0-41.3 8.8
UsS 117 0.2-8.7 0.2-50.8 1.1-13.6 1.0-42.3  0.2-50.8 7.1
Multiple 17 0.2-50.8 0.1-132.9 0.7-84.7 0.1-132.9 75

*Mean value calculated including VSL estimates for occupational health and safety.

4.4 Canadian studies and practice

Transport Canada (TC 1994) has been assigning monetary values to fatalities avoided in
order to reflect a “widespread recognition of a need for guidance on what should be spent
to reduce the risks of transportation accidents”. Transport Canada guide on benefit-cost
analysis states that “there has been extensive research world-wide to find a solid basis for
such guidance, i.e., to determine the amount that society is willing to invest to reduce the
statistically predicted number of accidental deaths in transport. Of course, this is a different
concept from what would be spent to save a particular individual whose life might be at risk
at a particular time.”

Based on a review of international studies and practices, Transport Canada recommends
using $1.5 million (1991 dollars) as the value of a fatality avoided in all modes of transport.

(Dionne and Lanoie 2004) study supported by Ministére des Transports du Quebéc per-
formed comprehensive analysis of large number of available studies related to valuation of sta-
tistical lives and provided the following estimates. The best studies in the transport sector have
a relatively narrow range of $4.3 million to $6.7 million, with the average value of $5.2 million
(all in 2000 CAD $). The authors recommend that in the cost-benefit analyses, the Canadian
Federal and Provincial transport authorities should value a statistical life at $5 million (2000,
CAD $) and use values of $3 million and $7 million for sensitivity analyses.

Treasury Board of Canada (TBCS 2007) in its Canadian Cost-Benefit Guide recognizing
that since policies on health and safety are expected to reduce the risk of premature death,
the benefits of these reductions needs to be measured and recommends the value of statisti-
cal life as an appropriate measure that can be derived from the aggregation of many small
risks over an exposed population. The Guide quotes the figure of $5.2 million (from a report
prepared in 1999 for Environment Canada and Health Canada) and recommends that it be
adjusted for inflation. Consequently, all Government departments are expected to use the
value of § 6.11 million (in 2004 CAD $) as the VSL after adjusting it for inflation.

Most recently, Government of Canada (PRI 2009) provided a report (commissioned by
Environment Canada and Health Canada as part of the development of the Air Quality
Valuation Model) which strongly links government and regulatory efforts in areas of envi-
ronmental protection, transportation safety and consumer products safety with practical
ability to estimate monetary values of reductions in mortality risks. The report recommends
the following primary VSL estimates for Canadian Policy Analyses (in 2007 CAD $): low—
$3.5 million, central—$6.5 million and, high—$9.5 million.
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Table 4. Estimates of VSL in Canadian practice, in CAD $ million.

Reference Mean
Source of VSL Estimate Year Low Mean  High 2009 prices
Transport Canada 1991 1.5 2.1
Dionne and Lanoie—Transports du Quebéc 2000 3.0 5.0 7.0 6.0
Health Canada 2002 3.5 5.8 11.7 6.6
Treasury Board of Canada 2004 6.11 6.7
Government of Canada—PRI 2007 3.5 6.5 9.5 6.7

Current Health Canada regulatory proposal (HC 2010) recommends the use of the VSL
as an approach that allows the analysts to estimate the economic value of health and safety
initiatives that are expected to prevent fatalities. The value recommended is $5.8 million
(in 2002 CAD $) as a central value with $3.5 million and $11.7 million as low and high values,
respectively. The proposal indicates that these values are consistent with the figures which
Health Canada has been using in other assessments.

A summary of an existing practice in using VSL for decision-making in Canada is dis-
played in Table 4. The point values of these estimates (with the exception of Transportation
Canada estimate) are spread over a surprisingly narrow interval between 5.0 and 6.5 CAD
$ million. When the VSL values are expressed in 2009 prices the spread is further reduced
resulting in the interval of 6.0 to 6.7 CAD $ million.

At the time of writing this paper the author was unaware of any explicit initiatives of
Federal or Provincial regulators and legislators in Canada who are responsible for risk
management activities in the area of life safety. Limited review of Provincial government’s
publications did not identify any documents providing the guidance on resources allocation
decision-making in situations where human lives are at risk. It seems that explicit criteria
how the resources should be allocated and how the benefits of preventing fatalities should be
measured are not present in existing documents.

This hypothesis is not surprising. Most of the world governments (and this includes
federal and provincial governments in Canada) are lacking general policies on risk man-
agement of hazardous activities. It is very common almost everywhere that if there are
some policies developed by specific sectors, they are usually developed in isolation, are
usually incoherent between the sectors and are very often not transparent. It should not
be doubted that such policies are in place everywhere. This is how the decisions on which
diseases and to what extent is funded in health care or the decisions which roads are
upgraded to reduce fatalities or many others are being made in all Provinces at all times. In
view of this, the fact that ‘some’ guidance on selecting inputs to cost-benefit analyses with
regard to life safety is provided by Canadian federal government is encouraging. Hope-
fully this will serve as an example and encouragement to other legislators and regulators
to follow.

5 CONCLUSIONS

Risk assessment is at the present being slowly but steadily accepted as the approach that per-
mits more comprehensive and more complete assessment of safety in a variety of hazardous
industries. Philosophy of decision-making with respect to safety of dams is also beginning
to acknowledge that risk-informed approach can offer superior insights into all aspects of
dam safety. Qualitative forms of risk assessment support the identification and analysis of
important safety issues that are not treatable in any form by traditional approach to safety
assessment. Fully quantitative dam safety risk analyses are still being hampered by analytic
difficulties and general lack of necessary supporting information and data. However risk-
informed approach will not go away, and the methodology and analytic techniques will con-
tinue to be further developed and perfected.
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There is another aspect of risk-informed decision-making that extends beyond analytic
capacity. This aspect relates to making safety choices in an explicit and transparent manner.
Potential for a loss of life always bring the question of societal risk acceptability. Even if one
agrees with the principle that human life is invaluable, the reality is that the resources are
always limited and a reduction of specific risks causes that the investments have to be diverted
from other essential societal needs. Thus the concepts of societal affordability and societal
risk acceptability are always competing with each other. Traditional approach to defining
decision-making criteria for life safety was based on the premise that “it would not be accept-
able, on moral grounds, to put a monetary value on human life in calculation of damage”
(Lafitte 1993). It seems that with the opportunities created by introduction of risk-informed
decision-making approach this premise should be reconsidered and valuation of loss of sta-
tistical life should be included as an important tool in making dam safety decisions.
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ABSTRACT: Alkali-Silica Reaction (ASR) has attracted considerable attention since the
1980s as one of the main causes of concrete deterioration in Japan. Defects caused by ASR
are seen in various reinforced concrete structures such as viaduct piers, but there are no reports
of ASR deterioration of large concrete dams. Possible reasons for the absence of ASR in large
dams include low cement content and usage of fly ash blended cement compared with other
concrete structures in Japan. On the other hand, deterioration of general concrete structures
in Japan has significantly decreased since 1987 when provisional mitigation methods for ASR
were introduced. However ASR is still seen in some concrete structures excluding dams despite
the application of mitigation methods. In this paper, the results of long-term outdoor exposure
test of concrete specimens with low total alkali are introduced to promote awareness of ASR.

1 DETERIORATION OF CONCRETE STRUCTURES DUE TO ASR IN JAPAN

1.1 Deleterious rock types associated with ASR

Various types of rocks are used as aggregate for concrete in Japan due to the region’s complex geo-
tectonic environment and many of the types used can cause ASR in concrete. The Public Works
Research Institute (PWRI) collected samples of aggregate from quarries throughout Japan and
examined their alkali reactivity using the ASTM C 289 standard test method. The results are
shown in Figure 1 (Wakizaka 1998). Volcanic rock, especially andesite, is widely used in Japan.
The andesite contains cristobalite, tridymite and volcanic glass, which can have significantly high
alkali reactivity. Chert, which contains cryptocrystalline quartz, is another typical aggregate with
high alkali reactivity. Other sedimentary rocks, such as sandstone can also cause ASR.
Deleterious and potentially deleterious aggregates are distributed throughout Japan
(Wakizaka 1998). Hence, deterioration due to ASR can occur almost anywhere in the region.

1.2 Deterioration due to ASR and mitigation measures

Alkali-silica reaction (ASR) has attracted considerable attention since the 1980s as one of the
main causes of concrete deterioration in Japan. Defects caused by ASR are seen in various
reinforced concrete structures such viaduct piers.

From the data on bridge inspections conducted by the Ministry of Land, Infrastructure,
Transport and Tourism (MLIT), it is estimated that 2% of bridges built before 1987 are
affected by ASR (Fig. 2, Kawano & Koga 2005). Cracking due to ASR was mainly observed
in piers and abutments.

A report on ASR deterioration states that there has been a dramatic reduction in damage
since 1987 when provisional measures for ASR mitigation set by the Ministry of Construc-
tion became effective. Provisional mitigation methods consisted of the following four options:
(1) Use of certified safe aggregate, (2) Use of low alkali portland cement, (3)Use of blended
cement with controlling effect, and (4) Control of the total alkali content in the concrete.
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Figure 2. Number of highway bridges with deterioration due to ASR (Kawano & Koga 2005).
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* This figure was drawn using only the data on bridges managed by MLIT.

These measures were revised in 1989 and 2002. In the revised 2002 version, reference allow-

ing the use of low-alkali portland cement was deleted mainly because of its limited market-
ability. One of the alternatives listed in Table 1 shall be chosen to prevent ASR, according to

the revision in 2002.

2 MIX DESIGN OF DAM CONCRETE IN JAPAN

ASR is a major deterioration factor in Japan and its effects are seen in many different
structures. However, there have been no reports of ASR causing damage to Japan’s large
dams. For instance, Kobayashi (1986) reported the absence of ASR deteriorated dams as
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Table 1. Mitigation methods for ASR in Japan.

Control of the total
alkali content in the
concrete

Use of blended cement
with controlling effect

verified suppressing effect on ASR added to portland cement
In this case, blast-furnace slag in the blast-furnace cement should be 40% or
more in mass and fly-ash in the fly-ash cement should be 15% or more in

mass.
Use of certified
innocuous aggregate

The alkali content (based on Na,Oeq) per cubic meter of concrete must be
3.0 kg or less. Portland cement with known alkali content should be used.

Use of blast-furnace cement conforming to JIS R 5211 or portland fly-ash
cement conforming to JIS R 5213 or the use of binding material with

Use of aggregates that have been certified as innocuous according to
alkali-silica reactivity tests (chemical method or mortar-bar method)

Table 2. Typical mix proportions of concrete used in large dams (Kano et al. 2005).

Quantity of

materials

per unit volume
of concrete

Type Name (kg/m?)
of Type of of Completion Gmax W/B s/a Type of
dam  concrete dam year (mm) (%) (%) W B" S G  cement™
Gravity Inner Ikari 1956 150 629 27.8 104 170 584 1520 M
Dam  (conventional 56.8 26.2 114 200 535 1508
block) Sonohara 1964 150 563 25 90 160 540 1627 BB
Shimokubo 1967 150 758 27 114 150 570 1565 BB
68.6 27 110 160 568 1581
Ishidegawa 1972 150 69 245 110 160 523 1672 BB
Ohishi 1978 150  68.7 23 110 160 490 1650 M
Ohdo 1982 150 65 24 98 150 521 1662 M
Hitokura 1983 150 75 27.1 105 140 612 1657 BB
Kyuragi 1987 150 725 25 116 160 535 1616 BB
Inner Nunome 1991 150 88 26 115 130 560 1617 M+F
(ELCM) Miharu 1997 150 80 23 112 140 501 1725 M+F
Hinachi 1998 150 87.8 26 114 130 533 1580 M+F
Nakasujigawa 1998 150 733 29 110 150 615 1527 M+F
Inner shimajigawa 1981 80 87.5 34 105 120 752 1482 O+F
(RCD) Tamagawa 1990 150 73 30 95 130 657 1544 M+F
Mano 1991 80 85.8 33 103 120 735 1520 M+F
Nunome 1991 150 792 27 95 120 608 1670 M+F
Miyagase 1998 150  73.1 30 95 130 652 1568 M+F
Exterior Ikari 1956 150 487 252 112 230 535 1508 M
Sonohara 1964 150 425 23 85 200 474 1563 BB
Shimokubo 1967 150 524 25 110 210 516 1570 BB
Ishidegawa 1972 150 48 23.5 105 220 494 1662 BB
Ohishi 1978 150 50 23 110 220 436 1610 M
Ohdo 1982 150 50 23 105 210 483 1631 M
Hitokura 1983 150 50 253 105 210 549 1657 BB
Kyuragi 1987 150 545 23 120 220 477 1608 BB
Tamagawa 1990 150 48 22 115 240 440 1572 M+F
Miyagase 1998 150 50 26 108 216 537 1535 M+F
Arch Naruko 1958 150 553 26 105 190 528 1504 M
Amagase 1964 150 48.6 26.2 107 220 528 1525 M
(Continued)
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Table 2. (Continued).

Yagisawa 1967 150 46 25 105 230 495 1504 M
Hoheikyo 1972 150 47.6 24 100 210 490 1527 M
Managawa 1977 150 51 26.5 107 210 550 1543 M
Kawaji 1983 150 43 25 100 230 520 1615 M+F

*B: binder; total of cement and admixture materials, such as blast furnace slag and fly-ash.
** Abbreviation used as types of cement; M: moderate heat portland cement, BB: blast furnace -slag
cement, O: ordinary portland cement, F: fry-ash.
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Figure 3. Alkali content of ordinary portland cement in Japan (Japan Cement Association, 1983).

the result of a document based survey of over 400 Japanese concrete dams with a height of
15 m or more.

The reason for this is considered to be the minimal amount of cement used in large dams in
Japan. Typical mix proportions of concrete used in Japanese dams are listed in Table 2 (Kano
et al. 2005). The amount of binder for dam concrete was usually set at less than 230 kg/m?.

On the other hand, the maximum total amount of alkali in ordinary portland cement pro-
duced between 1955 and 1984 was approximately 1.2% (Na,Oeq) according to Fujii (1949)
and a report by the Japan Cement Association (1983, Fig. 3). Alkali content of cement has
been reduced since the 1980s due to growing concern over ASR (Kobayashi, 1986). Although
there was no detailed information on the alkali content of moderate heat portland cement, it
is estimated to be almost the same as that of ordinary portland cement.

The total alkali content of dam concrete, therefore, should be less than 2.6 kg per cubic
meter of concrete. In addition, the use of fly-ash or blast-furnace slag cement has been com-
mon in dam concrete since the 1980s,. The ratio of fly-ash in the mass of blended cement is
usually between 20% and 40%, which should be enough to control ASR.

3 RECENT RESEARCH TOPICS ON ASR IN JAPAN

3.1 Examples affected by ASR in recent concrete structures

According to visual observations of recently built concrete structures in Japan, the number
of the structures affected by ASR has decreased significantly, however, the problem has not
been eliminated.

Although, it is difficult to identify the main cause of ASR in recent structures, a defect in
the mitigation method using certified safe aggregate has been pointed out in several reports.
For instance, Hayashi et al. (2009) reported the deterioration of a prestressed concrete bridge.
ASR of the bridge was caused by opal and chalcedony produced by hydrothermal alteration
in andesite, but this aggregate was judged as innocuous by the mortar-bar method normal-
ized as the Japanese Industrial Standard testing method (JIS A 1146). Yoshizawa & Okazazi
(2009) reported the deterioration of an expressway viaduct caused by fine aggregate that was
certified as innocuous by the mortar-bar method. In each of these cases, ASR was caused by

166



a small amount of a substance having high reactivity and the ASR risk could not be accu-
rately judged by the JIS mortar-bar method.

On the other hand, a number of researchers have stated that the control of total alkali
content at 3.0 kg/m? or less would not necessarily mitigate ASR. For instance, Katayama
et al. (2008) reported the deterioration of structures in the Okinawa Expressway where
total alkali content of concrete is estimated at between 2.2 and 3.5 kg/m?* depending on the
structures. They also pointed out that alkali reactivity of crypto- to microcrystalline quartz
contained in imported sand and sea-dredged sand from Okinawa cannot be detected by
the mortar-bar method or chemical method (JIS A 1146 & 1145). Hayashi et al. (2009)
reported that the total alkali content of concrete used for the prestressed concrete bridge
mentioned above was 2.6 kg/m?® according to the concrete manufacturer. Obana & Torii
(2008) reported ASR in prestressed concrete pavement having an estimated alkali content
of 2.2 kg/m?.

3.2 Twenty-two-year exposure test

3.2.1 Test procedures

In 1987, the PWRI initiated exposure tests on concrete specimens in which various types of
coarse aggregate of Japan were mixed. Ninety-five samples of coarse aggregate, about two-
thirds of which were volcanic rocks, were collected throughout Japan. The purpose of the
research test was to provide data for the development of improved ASR mitigation measures.

The mix proportion for the concrete specimens is shown in Table 3. Four specimens were
made for each coarse aggregate: two specimens with 3 kg/m® and two specimens with 5 kg/m?
of total alkali content in concrete. The alkali content of specimens was controlled by adding
NaOH to the mixing water.

The specimens are prisms with dimensions of 150 mm in width and depth, and 800 mm in
height. Two re-bars 13 mm in diameter were embedded in each specimen as reinforcement.
A third part of the specimen was buried in the ground as shown in Figure 4. The specimens
were exposed for 22 years in the test field, unsheltered grassland, of PWRI (Tsukuba, Japan).

Table 3. Mix proportion of concrete used for exposure test.

Quantity of materials per unit

volume of concrete (kg/m?)
Gmax Ww/C s/a
(mm) (%) (%) w C S G”

25 50 44 177 354 780 from 866 to 1114

*Innocuous crushed limestone was used as fine aggregate in all specimens.
** Amount of coarse aggregate was varied depending on the density.

Figure 4. Outdoor exposure condition.
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Table 4. Tentative results of visual observation.

Alkali content
in concrete Number of samples possibly affected by ASR

3 kg/m? Total: 8

(Na,Oeq) Andesite:
Dacite: 1
Dolerite: 1

5 kg/m? Total: 38

(Na,Oeq) Andesite: 21
Sandstone: 5
Dacite: 4
Slate: 2
Rhyolite: 1
Basalt: 1
Dolerite: 1
Shale: 1
Hornfels: 1
Andesitic pyroclastic rocks: 1

Table 5. Results of petrographic observation.

Petrograhic observation

Substances that ASR
Sample Appearance Rock types have reactivity stage*®
A Cracking Andesite 1 Cristobalite 4
Volcanic glass
Andesite 2 Volcanic glass 20r3
Pelitic schist Cryptocrystalline quartz None
B Cracking Andesite Tridymite 4
Volcanic glass
C No cracking Andesite Cristobalite 2

Volcanic glass

* ASR stages are judged based on the classification by Katayama et al. (2008).

stage 1: Formation of reaction rims and exudation of ASR sol/gel around the reacted aggregate.

stage 2: Formation of gel-filled cracks within the reacted aggregate.

stage 3: Propagation of gel-filled cracks from the reacted aggregate into the surrounding cement paste.
stage 4: Migration of ASR gel into air voids.

3.2.2  Visual observation after approximately 22 years
In 2009, we conducted visual observation of cracks on the specimens and estimated
whether or not ASR was the major cause. When there were differences in the condition of
two specimens made with the same aggregate and total alkali content, it was estimated as
a possible deteriorated case.

The tentative results of visual observation are shown in Table 4. Eight samples of coarse
aggregate were suspected of causing ASR. Cracking on specimens with 3 kg/m? alkali con-
tent was less significant than that on specimens with 5 kg/m? alkali content.

3.2.3  Detailed examination of three selected specimens

Petrographic investigation was carried out using three specimens having 3 kg/m?* alkali con-
tent in the concrete. The results are shown in Table 5. Samples A and B that consist of crushed
andesite stone contain cristobalite, tridymite and volcanic glass. In sections of concrete with
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Figure 5. Cracks observed in a section (Sample A).

Samples A and B, the formation of reaction rims and cracks filled with ASR gel were identi-
fied, which is characteristic of ASR (Fig. 5).

Sample C also caused significant cracking in specimens with 5 kg/m? alkali content. How-
ever, in specimens with 3 kg/m? alkali content, while there is slight evidence of reaction by
petrographic investigation, there is no significant cracking to indicate expansion of concrete.
It is judged that the reactivity of Sample C was sufficiently mitigated by controlling the total
alkali content at Na,Oeq 3.0 kg/m”.

However, it is difficult to explain why there is a difference in ASR stages between Samples
A, B and C in the concrete with Na,Oeq 3 kg/m’ total alkali content.

4 CONCLUSION

Despite the wide distribution of aggregates with high alkali reactivity, there are no reports of
ASR deterioration in Japanese large dams. It is assumed that this is due to the small amount
of cement used in dam concrete and the use of fly-ash or blast-furnace slag cement. However,
recent research has shown that some aggregates can cause expansion of concrete even at a
total alkali content of less than Na,Oeq 3.0 kg/m®. To ensure the success of ASR mitigation,
further research is necessary on all concrete structure including large dams whose alkali con-
tent of concrete is relatively small.
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ABSTRACT: In this paper, the alkali silica reactivity (ASR) and alkali carbonate reactiv-
ity (ACR) of different aggregates are determined by means of petrographic test, accelerated
autoclave test method, accelerated mortar bar test, mortar length method, rock column test
and concrete prism test. In addition, fly ash (F), lava ash (H) and the mixture of iron-ore
slag & ground limestone power (TL) are used to inhibit the ASR of potential aggregate. The
results show that the alkali aggregate reactivity is closely associated with the lithological and
mineral composition; the expansion rate of mortar at each age can be decreased by mixing
the mineral admixture, the effect of inhibition against mortar expansion is enhanced with the
incremental mixing of F and H; the inhibition effect of F against the alkali aggregate reac-
tivity is the most distinct as the ASR expansion rate can be effectively controlled within the
specification for the non-alkali reactivity of aggregate with the mixture of fly ash up to 25%,
the inhibition effect of lava ash is less distinct, and of TL power is a little poor.

1 INSTRUCTIONS

With the ceaseless construction of hydraulic power projects, China has become one of the
country with the most dams in the world, as concrete is the material used the most in a dam
project, its durability draws more and more attention. AAR (alkali aggregate reactivity) is
regarded as the “unbeatable enemy” of concrete durability, so the protection from AAR has
become one of the most important issues for dam concrete projects (O1 2006).

AAR is divided into ASR (alkali silica reactivity) and ACR (alkali carbonate reactivity),
and AAR is mainly controlled by two measures: the first is to use non-active aggregate, and
it is the safest and most reliable way to prevent AAR, but the there are not so many types of
aggregate for selecting as active aggregates are widely distributed and practical application is
limited by field conditions and cost; the second is to inhibit AAR with mineral admixtures or
additives in the usage of the active aggregate. This paper relates to the experimental study of
the detection and inhibition of concrete AAR.

2 RAW MATERIAL AND TEST METHOD

2.1  Raw material

Cements used in the experiment are Dianxi Hongta Grade 42.5 moderate-heat portland
cement and Jianfeng Grade 42.5 P-1 portland cement, and the alkali contents are respectively
0.52% and 0.65%; the mineral admixtures are Grade 2 fly ash (F) manufactured by Yun-
nan Huadian (Kunming) Corporation, lava ash (H) manufactured by Jiangteng Lava Ash
Corporation and the mixture of iron-ore slag & limestone powder (TL, weight ratio = 5:5)
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manufactured by Desheng Steel & Iron Corporation; the experiment is performed with
metamorphic volcanic breccia, ash rock, slate and limestone aggregates.

2.2 Test method

The test is performed according to Test Code for Aggregates of Hydraulic Concrete (DL/T
5151-2001) and A Rapid Test Method of Determining the Alkali Reactivity of Sands and
Rocks (CECS 48: 93). Petrographic test method, accelerated autoclave test, accelerated mor-
tar bar test, mortar length method, rock column test and concrete prism test are performed
for the AAR study, and AAR inhibition effect test and accelerated mortar bar test are used
to compare the AAR inhibition of different proportions of mineral admixtures.

The mortar length test is performed with Grade 42.5 moderate-heat portland cement, the
accelerated autoclave test, accelerated mortar bar test and concrete prism test are performed
with Grade 42.5 P-I portland cement, and cement is replaced by mineral admixtures in the
same amount.

3 AARTEST

AAR experimental study is performed with 9 aggregates by 6 methods, in which, ASR is
tested by accelerated mortar bar, mortar length and accelerated autoclave, and ACR is tested
by rock column. See Table 1 and Figures 1-5 for the test result.

Table 1. AAR test result.

Petrographic test ASR ACR

Accelerated Accelerated Mortar Rock

Alkali mineral Content autoclave  mortar bar length column Concrete
SN Aggregate name (%) test test test test prism test
1 Volcanic  Stress quartz 19 Non Non active Non  / /
breccia active active
2 Volcanic  Felsitic felsic 7 Non Potentially Non  / /
breccia (chalcedony), active active active
particle quartz
3 Ashrock  Stress and particle 18 Non Non active Non  / /
quartz, felsitic fesic active active
(or silicoide)
4  Ashrock  Felsitic quartz 25 Non Potentially Non  / /
and siliceous active active active
rock
S Ashslate  Felsitic quartz 30-40  Active Potentially Non  / /
and siliceous rock active active
6 Ashslate  Felsiticand crack 30 Active Potentially Non  / /
quartz in acid active active
effusive rock
7 Limestone Microcrystalline 17 Non Non active  Non  Non  Non
dolomite, quartz active active active  active
and chalcedony
8 Dolomitic Microcrystalline 18 Non Non active Non Non Non
limestone  dolomite and self- active active active  active
generated quartz
9 Dolomitic Microcrystalline 25 Non Potentially Non Non Potentially
limestone  dolomite and active active active active active
quartz
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Figure 1. Maximum mortar expansion rate (accelerated autoclave test).
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Figure 2. Mortar expansion rate—time increasing curve (accelerated mortar bar test).

The test result shows:

1. Alkali active minerals exist in quartz, microcrystalline dolomite and chalcedony, etc, with
the content ranging from 7% to 40%. The AAR rate is higher with more Alkali active
minerals composed, and in general, the potential AAR shall be strictly examined if the
content of alkali active minerals is more than 20%.

2. The accelerated autoclave test for the 2 groups of ash slate with the highest content of
alkali active minerals (more than 30%) shows the maximum expansion rates are both
0.1% above, and thus these two groups are determined as the ASR aggregate. The other
7 groups are not determined as the ASR aggregate, but four of them are presented with a
critical expansion rate of 0.08% above for each.

3. The accelerated mortar bar test shows a favorable conformity with the engineering practical
test result for the siliceous aggregate especially the slow-expanding siliceous aggregate (Duyou
et al. 1998) and particularly the aggregate which reacts slowly and expands only in the later

173



0.1

—e— 1 Volcanic breccla
" —=—2 Volcanic breccla
. —A— 3 Ash rock

—%¢— 4 Ash rock

~ —¥— 5 Ash slate

~ —e— 6 Ash slate /j/;
—+— 7 Limestone /:/_‘/—0

~ —6— 8 Dolomite limestone

_—— 9 Dolomite limestone //‘-‘ = =

—— Active or not (Half a z%:%@

0.09

S
=
&

S
=3
A

=

=

X
T

=

o

=
T

Expansion rate (%)
5
T

o
j=)
o

0.02

14d 30d 60d 90d 180d 270d 360d
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Figure 4. Rock column expansion rate—time increasing curve (rock column test).

phase. In the test, the expansion rate of each group of mortar is kept increasing sharply and is
not stabilized at the 28th day. The expansion rate of 4 groups is above 0.2% at the 14th day, in
which, the ash slate group containing 30%-40% alkali active minerals has expanded for 0.62%
at the 14th day, 1 group of volcanic breccia has expanded for 0.1%-0.2% at the 14th day, and
up to 0.39% at the 28th day. These 5 groups are all determined as the potential active aggre-
gate (ASR). As the accelerated mortar bar test is performed in strict conditions, so the mortar
expansion rate obtained is the maximum of all. Some aggregates which are deemed not active
may still exceed the critical expanding rate, so this method is very effective for aggregate selec-
tion other than any basis for aggregate rejection (Berube et al. 1992, Mullick et al. 1996).

4. Mortar length method is applicable for some highly active and rapid-expanding ASR aggre-
gates. In the test, the mortar expansion rate increases slowly in the first 30 days, sharply
from the 30th day to the 180th day, and is stabilized after the 180th day. All the 9 groups are
expanded for 0.015%—-0.067% within 180 days which is below the critical value of 0.10%.
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Figure 5. Concrete expansion rate—time increasing curve (concrete prism test).

5. Rock column test is made to measure the length change of carbonate aggregate in an alkali
solution, and is used for determining whether the concrete aggregate has ACR. 3 groups of
limestone aggregate expands slowly in the alkali solution within the first 21 days, sharply
from the 28th day, and is stabilized at 0.019%-0.051% within 84 days which is below the
critical value of 0.1%.

6. Concrete prism test is used for ASR and ACR aggregates. 2 groups of dolomitic limestone
aggregate concrete expands a little and slowly, and is only expanded for 0.018% within 1 year,
and thus they are determined as non-active aggregate. The other group expands slowly within
the first 28 days, sharply from the 28th day, gradually stabilized after the 182nd day, and
expands for 0.131% within 1 year which is much higher than the critical value of 0.04%.

AAR is closely associated with the aggregate lithological and mineral composition, and is
varying with activity and content of minerals. The current 6 test methods are applicable for
different AAR aggregate, each kind of aggregate shall be tested by the suitable method and
the AAR shall be determined by several test methods comprehensively.

4 AAR INHIBITION TEST

AAR inhibition effect test and accelerated mortar bar test are made for a comparison to
study the AAR inhibition effect of different mineral admixtures of F, H and TL. The test is
made according to Test Code for Aggregates of Hydraulic Concrete (DL/T 5151-2001).

4.1 AAR inhibition effect test

In this test, highly active quartz glass sand with a SiO, content of 99.0% is used as the aggre-
gate, and shaping and length measuring are realized with the same mortar to determine the
inhibition effect of the mineral admixture. If the expansion rate of the test sample is decreased
by more than 75% at the 14th day and is lower than 0.05% at the 56th day, it will be determined
as that the admixture in the corresponding amount is effective in AAR inhibition. See Figure 6
for the test result. In the figure, JZ, F25%, H50% and TL60% respectively said without mineral
admixture, 25% of fly ash, 50% of lava ash and 60% of TL power, following the same.

The test result shows that: (1) The expansion rate of mortar at each stage is decreased
when 25%, 50% and 60% of F, H and TL are respectively admixed; and it decreases with the
increasing of mineral admixture at the same type and condition. (2) In the same amount of
mineral admixture, the expansion rate of F mortar decreases the most and reaches 83.8%,
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Figure 6. Mortar expansion rate—time increasing curve (AAR inhibition effect test).

and the AAR inhibition effect is the best; the expansion rate of H mortar decreases no
so large (73.1% at maximum), and the inhibition effect of TL is the poorest (13.6% at the
minimum). (3) The inhibition effect of the inhibiting material is evaluated by a strict stand-
ard, and in the test only the expansion rate of 60% fly-ash mortar sample has decreased
for 75% at least on the 14th day but exceeded 0.05% on the 56th day. Therefore, none of
the three mineral admixtures in the respective amounts complies with the standard for
inhibition effect.

4.2 Comparison test for AAR inhibition of different mineral admixtures

The test is made by the accelerated mortar bar method with dolomitic limestone aggregate,
and the test result is shown in Table 2 and Figure 7.

The result of accelerated mortar bar test shows that: (1) Dolomitic limestone is determined
as a potential active aggregate (ASR), and the mortar expansion rate decreases respectively
at each stage if F, H and TL at the respective amounts of 25%, 50% and 60% are admixed
into the mortar. (2) In the same admixture condition, the one with the best inhibition effect
against ASR is F, with the second best effect is H and the poorest is TL, complying with the
AAR inhibition effect test result. (3) When the mineral admixture amount of F reaches 25%,
the expansion rate of mortar can be reduced by 93.3% within the control range for the non-
active aggregate, the inhibition effect improves with the increasing amount of the admixture,
and the effect is not still obvious if the admixture amount reaches up to or over 50%. (4) The
mortar expansion rate will be controlled within 0.1% after the 14th day only when the H
admixture amount reaches 50%, and at this time it also shows an inhibition effect against
ASR; the mortar expansion rate is still 0.1% above even if the admixture amount of TL
reaches 60% and the inhibition effect is not favorable. This result is closely associated with
the mineral composition and reactivity of the 3 aggregates.

The inhibition effect of the mineral admixture against ASR is mainly the physical dilu-
tion and adsorption for alkali and the reaction with Ca(OH), to reduce the alkali content
and improve the compactness, etc (Duyou et al. 1999). Fly ash can be reacted with the alkali
and Ca(OH), in the concrete to effectively reduce the content of OH™ in the concrete mor-
tar, lighten the alkali corrosion against the active aggregate and inhibit ASR (Dingyan et al.
2008). In addition, not all admixtures have the inhibition effect against ASR, as the inhibi-
tion effect is determined by the effective alkali content, CaO content, fineness, pozzolanic
activity and admixture amount, etc (Chenzhi et al. 2006, Kazuaki et al. 1989), so a careful
and scientific analysis shall be made before practical application.
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Table 2. Mortar expansion decreasing rate (Comparison test for AAR inhibition).

Mineral admixture

Mortar expansion decreasing rate (%)

Test SN Name Amount (%) 3d 7d 14d 28d 56d
JZ / 0 0 0 0 0 0
F25% 25 89.5 93.3 92.8 91.3 89.7
F50% F 50 100.6 99.9 99.8 99.3 98.9
F60% 60 121.5 102.1 100.2 99.3 98.9
Mean value 103.9 98.4 97.6 96.7 95.8
TL25% 25 55.2 44.1 31.7 17.1 13.1
TL50% TL 50 23.8 26.4 28.6 24.4 21.7
TL60% 60 4.1 8.5 15.8 25.6 26.4
Mean value 27.7 26.3 25.3 22.3 20.4
H25% 25 22.1 27.3 31.0 43.3 49.0
H50% H 50 37.2 45.2 68.6 75.9 78.5
H60% 60 45.1 71.1 85.2 86.6 88.6
Mean value 34.8 47.9 61.6 68.6 72.1
0.65
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Figure 7. Expansion rate—time increasing curve after admixing (accelerated mortar bar test).

5 CONCLUSION

1. AAR is closely associated with the aggregate lithological and mineral composition, the
alkali reactivity test method shall be selected as per the aggregate property, and AAR shall
be determined by several test methods comprehensively.

2. The mortar expansion rate at each stage can be decreased by admixing fly ash, lava ash
and mixture of iron-ore slag & limestone powder, and the effect improves with the increas-

ing of the admixture amount.

3. The AAR inhibition effect of fly ash is the best, as the expansion rate of ASR can be control-
led within the specified range only by admixing 25% of fly ash, the inhibition effect of lava
ash is not so good, and of the mixture of iron-ore slag & limestone powder is the poorest.
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ABSTRACT: Over 100 large dams and hydroelectric projects have been identified to be
seriously affected by expanding concrete reactions in terms of dam safety and operations
and in an increasing number of cases, the expansion appears to be continuing unabated. This
paper will address the definition and characterization of the various underlying chemical
mechanisms that are claimed to be affecting many dams and then identify of mechanisms
affecting very long term alkali-silica reactions, the most common expansive reaction. Exam-
ples of long term expansion driven deformation will be shown where the rate of expansion
is continuing unabated after forty or more years even with very low alkali content cements.
The relative roles of alkali supply from various sources including the original cement, alkali
“recycling” as the gels transform, and alkali release from certain aggregates will be discussed
and long term effects identified.

1 INTRODUCTION

Only a few years ago an ICOLD paper stated that nearly 10% of concrete and masonry
dams damaged by ageing undergo expansion. Recent experience suggests this figure is higher
as many cases of dam expansion have been reported lately and it must also be noted that
the phenomenon can also occur even if it is not directly apparent. Over 100 large dams
and hydroelectric projects have been identified to be seriously affected by various forms of
expansive chemical reactions in the concrete impacting dam safety and operations. Given the
realization that most dams will be required to continue to operate well into the future, way
beyond the 30 to 50 year service life that was initially considered, these long term behavior
issues are going to become increasingly important.

Most of these reactions are an “alkali-aggregate reaction” (AAR) but other less well recog-
nized chemical reactions appear to playing an important role as well. The characteristics of
these “other reactions” and opportunities for prevention in new structures or management in
existing structures are not as well understood as those of AAR.

Another key aspect, that is becoming increasingly apparent in existing structures, is that
in many cases the reactions and associated expansions are continuing unabated after 40 or
more years. The magnitude and duration of the residual expansion can be a key factor in
estimating the remaining service life of a dam and is very difficult to estimate in the cases
where expansion is continuing. The notion that with AAR the alkali source was the cement
is now realized to be only part of the story, in many cases alkalis become available from cer-
tain reactive aggregates with time. This will clearly affect the duration of the reactions and
in many cases will cause the reaction to continue effectively indefinitely. However, in new
structures, where potentially reactive aggregates are being used, supplementary cementitious
materials (SCMs) (such as pozzolans), if used in sufficient quantities, should still be effective
by increasing the amount of alkalis fixed by the cement hydrates and so lowering the pH of
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the pore solution, such that the reactivity of the aggregates (and consequently their release of
alkalis) is minimized although this needs to be confirmed as discussed below.

Upon reviewing the current state of knowledge of expansion phenomena, it can be con-
cluded that greater knowledge is required on several of the fundamental processes involved
in concrete expansion and how it can be avoided or managed if they are present. Deficiencies
in the knowledge and the treatment of chemical expansion phenomena include the follow-
ing topics which were identified in the Workshop on Expanding Concrete in Dams held in
Granada, Spain (ICOLD/SPANCOLD 2007) and summarized in Hydropower and Dams
(Charlwood & Buil, 2008) are the subject of a new ICOLD Bulletin currently under prepara-
tion by the ICOLD Committee on Concrete Dams and ongoing work by the RILEM-ACS
sub-committee (RILEM-ACS, 2010):

e Chemical reaction development and expansion mechanisms.

e Laboratory testing and analyses of materials.

e Reliable mathematical models for diagnosis and control.

e Practical procedures for determination of model parameters.

e Methods for estimation of residual long term expansion in affected dams.

e Techniques for long term rehabilitation of affected dams.

e Preventative measures of phenomena for new dams including the long term effectiveness
of SCMs.

This paper will focus on two important fundamental long term issues from this list that are
associated with continued operation of dams and hydro-electric projects:

e Definition and characterization of the underlying chemical mechanisms that are claimed
to be affecting many dams: Alkali-Aggregate Reactions (AAR) including alkali-silica reac-
tions (ASR) and alkali-carbonate reactions (ACR); Sulfate related deteriorations includ-
ing external sulphate attack, Thaumasite formation, and internal sulphate attack (ISA)
including, pyrite oxidation and delayed ettringite formation (DEF).

e Identification of mechanisms affecting very long term ASR expansion: Examples of long
term expansion driven deformation will be shown where the rate of expansion is continuing
unabated after forty or more years even with very low alkali content cements. The relative
roles of alkali supply from various sources including the original cement, alkali “recycling”
as the gels transform, and alkali release from certain aggregates will be discussed. Whereas
the alkali supply from the cement may start early and be limited in duration, those coming
from recycling or release from certain aggregates may become available in significant quan-
tities later, and can cause the ASR to start very slowly and show as expansion much later
and continue essentially indefinitely, even if the precautions of using low alkali cements
were taken. The expected long term behaviour of concretes using SCMs in the presence of
alkali release also raises some questions which will also be briefly addressed.

2 EXPANSIVE CHEMICAL REACTIONS IN CONCRETE DAMS

This section outlines the mechanisms behind processes which cause expansion in concrete
and outlines their relevance for massive concrete dam structures.

2.1 Alkali aggregate reaction

By far the most relevant process leading to the expansion of concrete in dams is alkali aggre-
gate reaction, AAR. There are two main types of AAR: ASR (alkali silica reaction) and ACR
(alkali carbonated reaction) although the later is disputed to be also a form of ASR due to
fine inclusions of silicate in the carbonate rocks (Katayama 2010).

In ASR, the alkaline pore solution of the cement pastes attacks reactive siliceous material
in the aggregates, producing an alkali silica gel which imbibes water and swells. As gel usually
forms inside the aggregate the gel cracks the aggregate, which in turn causes expansion and
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cracking of the surrounding cement paste. The level of expansion strain before the appear-
ance of visible surface cracks is usually around 0.04%. Frequently alkalis are leached from
the surface regions, and then the differential expansion of the core concrete compared to the
surface can lead to conspicuous cracks opening on the surface, the “map” or “pattern” crack-
ing, that is often an obvious indicator of ASR.

The main parameters affecting ASR are temperature, pH of the pore solution, mineralogy
of the aggregates and composition of the cement pastes (presence of pozzolans, etc). The
relationship of reaction rate with temperature has been widely shown to follow the Arrhenius
relationship shown in Equation 1 below.

Rate=R . exp(~E /RT) (1)

where R, = a pre-exponent factor; E_= activation energy; R = universal gas constant; and
T = absolute temperature.

However, high temperatures (60°C and above) may lead to additional effects, discussed in
the paragraphs on pH and mineralogy below. The relationship is agreed to hold for tempera-
tures up to around 38°C-50°C. Several publications give figures for the activation energy of
typical mass concretes of around 40-50 kJ/mol, which is considered to correspond to the
rupture of silanol bonds. As a very rough approximation it may be assumed that the reac-
tion rate doubles for every 10°C increase in temperature. For a given concrete the activation
energy can be determined by running expansion tests at at least 3 temperatures in the range
in which the relation is considered valid.

The dependence on pH is less well established. Much early work focused on the existence
of an “alkali threshold” (expressed in kg/m? of concrete) and this was initially assumed to
be in the range 3-4 kg/m®. However longer term tests, involving exposure of large blocks
and field studies indicate that this “threshold” is much lower than values derived from short
term laboratory testing and may be 1.5 kg/m? or less. Lower alkali levels extend the induc-
tion period, before expansion is apparent and slow its rate and therefore tests need to be of
long enough duration (without loss of alkalis through leaching) to recognize these factors.
At ambient temperatures the alkalis ions (Na* and K*) in solution are effectively balanced by
OH- ions so there is a direct relation between the alkali content and pH. As the temperature
is raised above about 50°C there is an increase in the concentration of sulfate ions which
partially balance the alkali ions, leading to a decrease in pH for the same alkali content. This
could explain why lower expansions may be seen in high temperature testing (although the
rapid leaching of alkalis at higher temperatures is also a factor). The questions of alkali con-
tent and pH are further complicated by the binding of alkali in the ASR gel and also in the
cement hydrates; by the “recycling” of alkalis as ASR gel transforms to C-S-H when it comes
into contact with the paste, so releasing alkalis. Yet another factor is that some rock minerals
(e.g. feldspars) may release alkalis as they react: This may be of considerable importance in
dams, which have slowly reacting rock types which show a long induction period and con-
tinue to react without apparent slowing down.

The dependence on mineralogy is complex owing in the main to the very large variety of
minerals found in the earth’s crust. Broadly speaking the reactivity of a mineral increases as
its crystal structure becomes more disorganized allowing easier penetration of the alkaline
pore solution into the mineral structure.

2.2 Sulfate attack

The other group of reactions leading to expansion is caused by sulfate ions. The expansion
is caused by the formation of ettringite. Generally it is described as due to the fact that the
volume of ettringite is greater than the reacting phases. However, this is not correct. When
all the reacting species, including water are considered the formation of ettringite leads to
an overall decrease in volume. If the water needed for the reaction has to come from outside
the system then it can be considered that there is a volume increase, but this alone is not
sufficient to cause expansion. If this was the case the formation of other hydrates, such as
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C-S-H in low water to cement ratio pastes, where water comes from outside would also give
expansion, which is not observed. Furthermore all cementitious materials contain a consider-
able amount of porosity, in which the ettringite can form harmlessly. For expansion to occur,
ettringite must form under conditions of super-saturation and in a region where its growth
is confined by other phases. Indeed it is important to note that the fine ettringite normally
formed as a product of cement hydration, slowly re-crystallizes into large crystals in pores
over time. Thus the observation of large ettringite crystals is a common and normal feature
of old concrete exposed to water.

The most common form of “sulfate attack™ occurs on concretes in contact with water con-
taining high concentrations of sulfate ions. The relatively high concentrations of sulfate ions
needed to produce external sulfate attack are unlikely to be found in dams, except possibly in
foundations. However, even in such cases, this form of degradation is a progressive phenom-
enon, starting from the surface, with successive layers being degraded and disintegrating so it
would not lead to massive expansion of the whole structure.

Thaumasite formation may sometimes occur as the final stage of external sulfate attack.
Once all the available aluminate has reacted to form ettringite. The sulfate ions, together with
carbonate ions, may lead to the formation of Thaumasite. Due to the presence of silicate in
its structure in place of the aluminate in ettringite, Thaumasite formation leads to decom-
positions of the main binding phase, C-S-H and the concrete disintegrates into a “mush”.
Thaumasite formation is very slow, although it seems to be favored by low temperatures. The
only serious cases of Thaumasite formation have occurred in very poor quality concrete with
water/cement ratios in the range 0.8 and above. Thaumasite formation is the final stage of
degradation in sulfate attack and as such is a progressive surface phenomenon, which will not
produce massive expansion.

Following the above arguments “external” sulfate attack (ESA) can be effectively ruled out
as a cause of massive expansion in structures such as dams.

Internal sulfate attack (ISA) can arise from sulfate provided by the aggregate or due to ele-
vated temperatures (>70-80°C) during initial hydration. The latter is often referred to as delayed
ettringite formation or DEF and will be discussed first. The solubility of ettringite increases
with temperature and with the concentration of alkalis in the pores solution. Therefore, instead
of ettringite forming as a primary hydration product, monosulfate is formed and higher than
normal levels of sulfate are absorbed on the C-S-H phase. When the concrete returns to lower
temperatures sulfate is released by the C-S-H phase and reacts with the monsulfate to form
ettringite. In some situations this ettringite formation may be expansive. To prevent DEF the
maximum temperature should be limited. Some standards require a maximum temperature
below 60°C, but this is certainly very much on the safe side. Experience shows that very few
cements show problems at temperatures below 80°C. In dams measures are always taken to
restrict maximum temperatures to avoid problems of thermal cracking so temperatures high
enough to produce problems of temperature inducted DEF should be unlikely. Field cases of
heat induced delayed ettringite formation in in-situ concrete have arisen only when concrete
with a high cement content (>400 kg/m?) was cast in summer in large masses.

The other form of internal sulfate attack which certainly has caused problems in dams is
due to release of sulfate from rock containing iron sulfides. Ironmonosulfide (pyrrhotite, FeS)
and irondisulfide (pyrite, FeS,) may both oxidise to give iron oxide and sulfate ions. These
sulfate ions may then react with the cement paste to give ettringite. Large deposits of ettringite
may certainly be found in affected concrete, however it is not yet clear, whether expansion is
related to ettringite formation as the degree of supersaturation and restraint are likely to be
small or to the formation of iron oxides within composite rocks, which also entails an increase
in volume and cracking of the aggregates. Aggregates containing iron sulphide show rusty
deposits on the surface, although rusty deposits do not always come from ironsulfides.

2.3 Comparisons

From the above discussion, it is clear that by far the most common form of expansive process
affecting dams is Alkali Aggregate reaction. Apart from this a much smaller number of cases
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may be attributed to ironsulfide containing rocks. Heat induced delayed ettringite formation
should not occur is proper precautions have been taken to avoid thermal cracking. External
sulfate attack will not give large scale expansions and is not a realistic possibility in dams
other than perhaps foundations.

3 LONG TERM EXPANSION BEHAVIOR

Some of the early cases of ASR that were reported in the USA (USCOLD, 1995) (with
aggregate types shown in brackets), such as Stewart Mountain (rhyolitic, andesitic volcanics),
Gene Wash (andesite, rhyolite) and Copper Basin (andesite, rhyolite) dams showed rapid ini-
tial expansion and then a slowing and ending of expansion after about 25 years. This limited
period of expansion was interpreted to be due to the supply of alkalis being readily available
from the cement and once this is used up, the reaction and related expansion ceases. However,
as discussed below, when alkali silica gels come into contact with cement pastes, they will
react with calcium ions to give the normal calcium silica hydrate (C-S-H) binding phase and
in so doing the alkalis will be released.

Laboratory tests commonly show an “S-shaped” expansion versus time curve but this is
realized to be due to the fact that alkalis are slowly washed out of small laboratory specimens
and expansion usually stops, for this reason, after only a few years.

However, there have been an increasing number of cases of ASR where SCMs were not used
and expansion is continuing after 40 years or more years, such as at Fontana (greywacke—USA),
Hiwassee (greywacke—USA) and Roanoke Rapids (granitic-gneiss—USA), R.H. Saunders
(limestone—Canada) and Mactaquac (greywacke—Canada), Chambon (gneiss—France),
Kariba (granitic gneiss—Zambia/Zimbabwe) and Cahora Bassa (granite, porphrybastic gneiss—
Mozambique) dams. There have also been some cases exhibiting features of both AAR and of
ISA such as San Esteban (granite, diabase, gneiss and shale with some pyrite—Spain).

In the 1980’s tests were being done at some projects where expansion was continuing to
measure free alkali content of the concrete (using test procedure ASTM C114 for instance).
It was found that the amount of alkalis was sometimes at least the same or even greater than
the initial alkali loading from the cements. This lead to the recognition that in some cases
alkalis were also being supplied by the aggregates. Two informative papers were published
(Berube et al. 2002; and Constantiner & Diamond 2003) identifying the potential role of
certain aggregates to supply alkalis. Berube’s tests involved measuring the pickup of alkalis
in various alkali solutions and were on both finely ground aggregate particles and also on
concrete cores from dams. Berube showed that in several cases the amount of alkalis present
in the concrete mix could be at least as much as that in the cement component. Constantiner
and Diamond measured the alkali content in pore solutions in concrete and confirmed pres-
ence of the alkali upply from certain aggregates.

The role that such an alkali supply can play in the long term behavior of dams clearly war-
rants serious attention in terms of the duration of remaining expansion, perhaps effectively
for ever, and whether or not such a supply can overpower the preventative value of using
SCMs to reduce the initial alkali loading. These issues are the subject of the next section.

4 ACTION OF SCMs IN PREVENTING EXPANSION DUE TO ASR

The use of supplementary cementitious materials (SCMs) such as fly ash or other pozzolans
to reduce the effects of ASR appears to have been a successful strategy to date in many cases,
Lower Notch dam (greywacke-siltstone—Canada) for instance. The role of SCMs in alkali
silica reaction has been recently reviewed by Thomas (Thomas 2011). SCMs work primarily
by reducing the alkalinity of the pore solution over and above what would occur by simple
dilution. This is brought about by the fact that the pozzolanic reaction lowers the calcium to
silicon ratio in the C-S-H phases, which increases its capacity to fix alkalis. Although it is the
impact on pore solution composition, brought about by the changes in C-S-H which is the
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major factor, there are some aspects of the action of SCMs which are less clear. For example
additions of silica fume seem, lower the pore solution pH over the first month, but the pH
may subsequently rise to reasons which are not known. Furthermore, SCMs containing alu-
minum, such as fly ash and metakaolin seem to be more efficient in suppressing ASR, even
though they do not lower the pore solution alkalinity as efficiently as silica fume.

Our lack of understanding of these details and inadequacy of test methods for concrete
compositions, makes it difficult to determine how much addition of SCM is needed to suppress
ASR with a given aggregate. Fortunately with dams, where the requirement for strength is not
high one can make large substitutions of cement with SCMs (to be on the safe side) and such
additions also make a positive contribution to minimizing temperature rise during hydration

5 IMPLICATIONS FOR THE LONG TERM FUTURE OF DAMS

Field experience and long terms tests on large blocks indicate that the alkali content in con-
crete needed to trigger ASR with reactive aggregates is much lower than the 3 kg/m?, which is
often regarded as a safe limit. This limit of 3 kg/m?® came from laboratory tests where alkalis
leached out over time. This may be a reasonable limit for thin structural elements, where
leaching may also occur. However in massive dams, leaching of alkalis is insignificant except
in the outer surface layers and as is clear from the numerous field cases expansion may occur
at alkali loadings less than half then 3 kg/m?. In addition to the initial alkali loading it is also
clear that alkalis can be released from certain reactive aggregates, especially feldspar-rich
ones. Bérubé et al. (2002) showed that such release may contribute around 1 kg/m? in mature
concrete cored from dams. At present there does not seem to be a good test method to meas-
ure the amount of alkalis likely to come from aggregates.

For new concrete the addition of SCMs, such as fly ash seems to be the best solution to
avoid problems from ASR. The reliability of test methods is roughly in proportion to their
duration—short tests being the least reliable and long term tests the most reliable. However
with dams, there is usually enough time to plan long terms tests at a very early stage during
the feasibility and design phases. Thomas et al. (2009) describe the strategy being employed
to verify the mix design for the replacement of the Mactaquac dam, which may have to be
replaced in the next 10-20 years. In this case they may have to use known reactive aggregates
and will compensate using SCMs. The study program is including some very long term tests.

As noted above, our present understanding of the chemistry of the behavior of SCMs sug-
gests that they should also perform in the long term in cases where alkalis are available from
certain aggregates. This aspect is worthy of further investigation.

For existing structures there may be two situations, one where no SCMs were used and one
where they are present. In the former case, it appears that alkali supply from certain aggre-
gates can certainly supply sufficient alkalis to sustain ASR for the indefinite future. Research
to date (Berube et al. 2002) has indicated the total amounts of alkalis that may be available in
certain aggregates. However, the available data does not provide data on the rates of release
of these alkalis. It is debatable whether or not we need this rate data. On the one hand, it
may provide a basis to assess whether the observed rates of expansion will be maintained,
accelerate of slow down and whether the reactions will continue to the extent that signifi-
cant structural deterioration of the concrete will occur. In some cases where expansion has
continued for 40 or more years, and alkali supply from the aggregates is occurring, there are
some subtle signs that the rate may be starting to slow down. In most cases a knowledge of
the remaining service life of the project, is it another 20 years, another 50 years, or longer, is
a very important financial and economic issue. The most reliable measure of the reaction rate
is the expansion rate as measured by high accuracy instrumentation, but an understanding of
the alkali supply kinetics would certainly help.

There have been a number of computer models of ASR behavior which use an “S” curve
of expansion rate versus time. These intrinsically assume that at some time the reaction and
associated expansion will cease. If alkalis are supplied from the aggregates then this modeling
assumption may not be appropriate.
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In the case where SCMs were used, supplementary alkali supply may not be a problem if

the pozzolans sufficiently fix the alkalis, but as in the case of new concrete, this aspect needs
further study to be sure.

6 CONCLUSIONS AND LONG TERM CHALLENGES

6.1 Conclusions

Reactions:

o There are several expansive reactions that may occur in concrete in dams.

o Alkali Silica Reaction (ASR) is the most frequent for of Alkali-Aggregate Reaction
(AAR) although some cases of Alkali Carbonate Reaction (ACR) have been suggested
but the actual mechanism is debatable.

o Internal Sulfate Attack (ISA) in the form of Delayed Ettringite Formation (DEF) need only
be considered in cases where high temperatures may have occurred during initial hydration.

o In some other ISA cases the release of sulfate from rock containing iron sulfides may
cause ettringite formation but it is not yet clear, whether expansion in such cases is related
to ettringite formation or to the formation of iron oxides within composite rocks.

o The relatively high concentrations of sulfate ions needed to produce external sulfate
attack (ESA) are unlikely to be found in dams, except possibly in foundations. However,
even in such cases, this form of degradation is a progressive phenomenon, starting from
the surface, with successive layers being degraded and disintegrating so it would not lead
to massive expansion of the whole structure.

o Thaumasite formation may sometimes occur as the final stage of external sulfate attack.
Thaumasite formation is the final stage of degradation in sulfate attack and as such is a
progressive surface phenomenon, which will not produce massive expansion in dams.

Alkali “resupply” from certain aggregates

o Certain feldspars can contribute equal total amounts of alkalis compared to the initial
loading from the cement

o The time scale or rate of supply of alkalis from the aggregates is not known at this time.
However, this is a factor that affects the future rates and durations of expansion and
would be helpful to know.

o Based on our present somewhat limited understanding of the long term kinetics, it appears
that SCMs should continue to be effective in minimizing ASR, even in cases where alkalis will
continue ton be supplied by the aggregate but this point warrants further investigation.

6.2 Long term challenges

There is a need to be able to reliably predict the remaining service life of existing dams with
significant ASR or ISA considering periods of 50 years or more.

Alkali supply from certain aggregates clearly plays a significant role in the long term
behavior. Berube et al. in 2002 provided a useful listing of aggregates that have the potential
to supply alkalis.

It would be helpful to be able to quantify the rates of release of such alkalis to better pre-
dict future behavior and possible structural deterioration of the concrete.

Computer modeling of future behavior of dams where alkalis are being supplied by the
aggregates should recognize the possibility of the reaction continuing indefinitely and not
slowing down according to an “S” curve of expansion versus time.

Tests should be done as early as possible, ideally at the feasibility stage of new projects to
allow sufficient time to be confident of long term behavior. Tests should include expansion
tests as well as tests for alkali supply.

It appears that SCMs will continue to be effective as a means to minimize ASR with reactive
aggregates, even in cases where alkalis will continue to be supplied by certain aggregates
but this long term behavior needs to be better understood.

185



REFERENCES

ASTM C 114 Section 17.2, Standard Test Methods for Chemical Analysis of Hydraulic Cement—Water-
Soluble Alkalies. ASTM International, 100 Barr Harbor Drive, PO Box C700, West Conshohocken,
PA, 19428-2959 USA.

Berube, M-A., Duchesne, J., Dorion, J.F. & Rivest, J. 2002. Laboratory assessment of alkali contribution
by aggregates to concrete and application to concrete structures affected by alkali-silica reactivity.
Cement and Concrete Research, 32, 1215-1227.

Charlwood, R. & Buil Sanz, J.M. 2008. Chemical expansion of concrete in dams and hydro-electric
projects, Workshop Report, Hydropower and dams, Issue Three.

Constantiner, D. & Diamond, S., 2003. Alkali release from feldspars into pore solutions. Cement and
Concrete Research, 33, 549-554.

ICOLD/SPANCOLD, 2007. Workshop on Chemical Expansion of Concrete in Dams and Hydro-Electric
Projects, ICOLD Committee on Concrete Dams and Hydro 2007, Granada, http://www.dam-research.
org/Granada-2007/index.html

Katayama, T., 2010. The so-called alkali-carbonate reaction (ACR)—Its mineralogical and geochemical
details, with special reference to ASR Cement and Concrete Research, 40, 643-675.

RILEM-ACS, 2010, Technical Committee on Alkali Aggregate Reaction in concrete structures:
performance testing and appraisal. http://www.rilem.net/tcDetails.php?tc=ACS.

Thomas, M.D.A., Beaman, N., Sean Hayman, S. & Gilks, P. 2010. Proceedings ICAAR, Trondheim,
Norway.

USCOLD, 1995. Proceedings of the Second International Conference on Alkali-Aggregate Reactions in
Hydroelectric Plants and Dams, Chattanooga, TN, October 22-27, 1995. United States Committee
on Large Dams, Denver, CO. USA.

186


http://www.dam-research.org/Granada-2007/index.html
http://www.dam-research.org/Granada-2007/index.html

Dams and Reservoirs under Changing Challenges — Schleiss & Boes (Eds)
© 2011 Taylor & Francis Group, London, ISBN 978-0-415-68267-1

Re-assessment and treatment-design
of an ASR-affected gravity dam

R. Leroy
Alpiq Suisse SA, Lausanne, Switzerland

L.I. Boldea
Stucky, Renens, Switzerland

J.-F. Seignol & B. Godart
Université Paris Est—LCPC, Structures and Bridges Department, Paris, France

ABSTRACT: This study focuses on a gravity dam in which abnormal crest displacements due
to Alkali-silica reaction (ASR) have been monitored for 50 years. The polygonal shape of the dam
amplifies the effect of concrete expansion in the bends and could result in excessive stresses.

The aim of this paper is to present the numerical re-assessment of this dam, as well as a
predictive simulation of its behaviour, taking into account the ASR effects.

The dam is described in the first part, as well as the visual disorders due to ASR and their
monitoring. The numerical model is then introduced. It represents ASR effect as a prescribed
expansion linked to the moisture and stress states. The third part focuses on the simulation of
the dam behaviour and on the comparison between numerical results and in-situ measurements.
The last part is devoted to the numerical assessment of the dam treatment by slot-cutting.

1 INTRODUCTION

Dam managers have sometimes to face internal swelling reaction in their structure (Charlwood
2007). The main problem induced by these pathologies lies in the change occurring in the
material stress-state, with potential consequences on structural reliability. Hence, evaluation
of the modified stress-state is the main goal of structure re-assessment based on numerical
modeling. But the numerical tool may also allow to design and dimension treatment solutions
such as reducing internal stresses by slot-cutting.

These questions are illustrated in this paper by the case-study of Salanfe dam, a gravity
dam in which Alkali-Silica Reaction (ASR) was proven and the displacement of which are
monitored for several years.

Material investigations and structure monitoring are first described, focusing on the ASR-
induced displacements. The structure modeling and its fitting on in-situ data are then pre-
sented. Last, the numerical tool aimed at dimensioning the slot-cutting is introduced.

2 THE DAM AND ITS PATHOLOGY

2.1 Salanfe gravity dam

The Salanfe Dam is situated, near the city of Martigny (Valais) at an altitude of 1925 m. ASL
on the Salanfe Plateau in Swiss Alps. It is used to produce hydroelectricity from the waters of
the Salanfe and Saufla Rivers.

Salanfe is a concrete dam classified in the gravity-dam category, according to its profile.
The upstream face is vertical and the downstream face has a slope of 1:0.742 to the 1915.60 m
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level, then 1:0.2 to the crest. The crest length can be divided into 4 straight sections: a central
part which is 260.65 m long, the right wing composed of 2 sections of respectively 74 m and
76 m, and the left wing measuring 206 m. The total length at the crest is 616.65 m; the maxi-
mum height above the foundations is 52 m. The dam consists of 42 blocks which are for the
most part 14 m long and separated by construction joints.

The core of the dam is in P150 concrete; P250 concrete is used in the crest starting from
level 1915.60, as well as in the downstream face for a thickness of 2.50 m and in the upstream
face for a thickness of 1.50 m.

Inspection galleries measuring 2 m wide by 2.5 m high are located at various levels between
levels 1882.00 and 1908.00 from block 6 to 33. They are accessed from the downstream face via
seven transversal galleries as well as via vertical shafts positioned to the construction joints.

2.2 Deformation monitoring

The dam is equipped with several monitoring systems as pendulums and extensometers and
since 1993, with a geodetic and leveling network to follow the evolution and deformations.
The results of those equipments allow to detect disorders so that the engineers can intervene
to correct the problem in due time. The dam has constantly been deformed by the hydro-
static load, the effects of seasonal thermal variations and since 1970 by the effects of the
swelling within the concrete.

The measurements (Fig. 3) show irreversible displacements of the crest, upstream and
towards the right bank for block 13. This drift started soon after the dam was built and then
accelerated in the 1970s. Since the dam was commissioned, the total irreversible downstream-
upstream displacement is approximately 35 mm.

The upstream drift of the crest is amplified by the bends giving an “arched” form to the
plan. This situation is typical of arch dams where swelling of the concrete leads to an increase
in the length of the arch, which is only possible outwards, namely upstream.

Figure 4 shows the vertical displacements of the crest. As for the downstream-upstream move-
ments, these displacements have continued over time. In 17 years the elevation has reached 35 mm
at points 125 and 127. It has also doubled in the last ten years, compared to reference state.

The swelling in the main part of the dam between blocks 11 and 27 pushes the extremities
of this part in opposite directions. Detailed inspections exhibited cracks in the galleries and
on the downstream face (Fig. 5).
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Figure 5. Cracks in the side wall of the inspection gallery (left) and in the downstream face, right angle
to the left-bank elbow (right).
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2.3 Alkali-silica reaction and its consequences on the dam

Having observed relatively important cracking, particularly around the left bank bend, as well as
irreversible upstream displacements of the structure, it has been decided to analyze the condition
of the concrete so as to ascertain whether or not it is being subject to alkali-silica reaction.

In 2001 the presence of ASR was confirmed by petrographic analysis and electronic micro-
scopy. In 2009 deeper inquiries were made by LCPC to confirm the pathology. An alkali
content up to 4 kg/m* was found in the samples, which is above the 3 kg/m? threshold value
recommended to prevent ASR (LCPC 1994).

As for the cement paste, examination showed that the binding agent is relatively porous with
micro-cracks, which makes the concrete quite permeable. Finally, the examination identified a
pathogenic swelling reaction, specifically intense ASR. The diagnosis of the concrete microstruc-
ture was carried out on 6 core samples using scanning electron microscopy. This testing con-
firmed the presence of widespread microporosity in the concrete. Both types of concrete suffer
from ASR presenting different facies (mammilated gel, cracked gel). The presence of ASR gel
has been systematically confirmed in each sample, characteristic of widespread contamination.

The occasional presence of secondary ettringite can be found in the vacuoles or in the form
of thin layers between the cement paste and aggregates. This concomitance has previously
been observed in structures damaged by ASR. However, in this case the swelling is not due to
delayed ettringite formation but rather to the ASR gel.

The investigation has established the development of ASR, the presence of numerous
cracks in the cement paste and often decohesive interfaces between the binding agent and the
aggregates. This pathology has systematically been found in all the examined samples.

To complete this diagnosis, we advised testing the residual expansion of the concrete using
LPC 44 method (LCPC 1997). Monitoring longitudinal deformation as done in this testing
would allow to evaluate the free swelling potential of the concrete.

3 NUMERICAL MODEL FOR ASR-AFFECTED STRUCTURES

The numerical model used to assess ASR-affected concrete structures is implemented in the
ALKA modulus in FEM-software CESAR-LCPC. Concrete constitutive model considers
ASR effect as a prescribed chemical strain € in linear relation with chemical extent & associ-
ated to the reaction responsible for the gel formation within the porous network of the cement
paste. The kinetics of this phenomenon is modeled by the time-dependency of &, according
to Larive’s law:

Sy = 1Zxp7) 0
7 -1
1+exp[]

¢

in which the parameters 7, and 7, are, respectively, characteristic and latency times, and the
chemo-elastic behavior of concrete is then described by

e=¢g,+&, (1), 2

with ¢_ the maximum free expansion of the ASR-affected concrete. The term &, represents
the elastic strain, obtained from stress-state by Hooke’s law, and can be easily replaced by
elastoplastic strain if necessary.

Thermo-hydral state (7;4) influences ASR through coupling laws. High temperature is
responsible for lower 7 and 7, according to Arrhenius’ law whereas high value of / (high
moisture content) increases both expansion amplitude £_and kinetics.

To take these coupling into account, the chemo-mechanical computation with ALKA
modulus is based on the results of two previous modeling with CESAR-LCPC, one aimed
at assessing the temperature field in the structure, the other one consisting in solving the
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transient non-linear moisture-diffusion equation governing the evolution of / in the porous
network of the structure.

4 SIMULATION OF THE DAM BEHAVIOUR

4.1  Preliminary tests on 2D-models

Preliminary tests were realized on 2D-models representing one “section” of the dam (Fig. 6).
They lead to the following conclusions:

— although the dam was built with different concrete mix-design (with various cement quan-
tities), the global behavior was best represented by considering an homogeneous expansion
potential;

— the ASR-induced deformation and its kinetics are poorly influenced by temperature variations
and temperature-field heterogeneity, as long as these variations remain in a reasonable range
(tests were conducted with mean temperature varying from 4 to 8°C according to locations);

— global upward and upstream crest displacement is better obtained with homogeneous
moisture field in the dam.

Nevertheless, the 2D-models seem unable to correctly represent the real structure behavior,
since a large part of the observed displacement is due to the “arched” shape of the dam, as
explained above.

4.2 Numerical model for the dam

The dam finite-element three-dimensional model was developed with the finite element soft-
ware CESAR-LCPC.

The mesh is composed of 28,589 quadratic elements (20-node hexahedron, 15-node penta-
hedron, and 10-node tetrahedron) for a total of 128,861 nodes (see Fig. 7).

The height of the supporting ground below is, at the lowest point of the dam, 98.5 m. The
maximum height of the dam is 51.5 m.

u[mm]/1.E1
. 0.71-1.07

I 0.35-0.71

W 001-035
Il 037--001
Bl 0.74--037
I -1.10--0.74
I -1.46--1.10
[ -1.82--146
[ -218--1.82
[]-254--2.18

v

Figure 6. Deformation of a 2D-slice of the dam after 40 years with upstream-downstream displace-
ment mapping (navy blue represents upstream displacement above 20 mm).
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Figure 7. Views of the mesh representing Salanfe dam and the surrounding rock (left, downstream;
right, upstream).
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Figure 8. Downstream displacement at the crest of the dam (monitoring vs different computations).

The rock around the dam is considered to be of uniform quality and therefore consisting of
a single material. Modeling shows realistic blockage created by the surrounding rock (Fig. 7).

The body of the dam is separated into several groups to allow to take into account the vari-
ous different qualities of concrete, if necessary. The mesh of the dam alone consists of 64,733
nodes, and 13,944 quadratic elements.

4.3 Model fitting

For the lack of results on material core samples drilled—autumn 2009—out of the structure
(the residual expansion test LPC 44 lasts about one year), fitting of the models has been
based on monitoring data. The aim is to assess correct values for the three parameters 7, 7,
and ¢_introduced in Equations 1 and 2.

Resulting from previous results on 2D-models, the temperature and moisture fields in the
structure are considered as homogeneous. More than 30 parameters sets for (¢, 7, 7)) are
tested in a 60-year-long modeling of the ASR-development and the computed crest displace-
ment in blocks 13 and 23 are compared to the upstream-downstream displacements moni-
tored on the dam (note that on the Figure 8, data from monitoring have been smoothed to
get rid of the small variations due to water level, etc.).

Figure 8 represents some comparison for 3 sets (the characteristic and latency times are
given here for a reference temperature of 38°C, corresponding to LPC 44 test conditions, and
transformed by Arrhenius’ law to agree with the real temperature in the structure):

— set 1: £ =0.20%, 7 = 180 days, 7,= 200 days;
— set 2: £ =0.35%, 7 =220 days, 7,= 700 days;
- set 3: £ =0.35%, 7, = 350 days, 7,= 600 days.
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Based on these comparisons, the set number 3 is considered as the best representation
of the dam behavior. It shall also be noticed that, without any results of residual expansion
tests, the end of the phenomenon cannot be fairly assessed. This fitting shall be reconsidered
with the residual expansion tests are finished.

5 NUMERICAL DESIGN FOR THE DAM TREATMENT

5.1 Slot-cutting

The first aim of this rehabilitation project is to reestablish an acceptable level of stress and
deformation so as to guarantee the safety of the dam in all circumstances. Sawing the upper
part of the dam to release stress and decrease the arching effect which has been amplified
by the elbow in the dam is a good option to achieve this goal. The sawing technique using a
diamond wire has already proven successful on other dams such as Mactaquac in Canada
(Curtis 2000) or Chambon Dam in France and Pian Tessio in Italy.

As Salanfe is a gravity dam needing no arch effect to function, there is no need to inject
the joints. However, it is preferable to maintain sufficient stress after sawing to keep the joints
closed by arch effect.

The rehabilitation project does not take into account any other solution to limit or pre-
vent future development of ASR; however, injecting some cracks in the galleries should be
expected.

Complementary measures can be examined in a successive phase of dam rehabilitation. It
may be necessary to repeat a similar process depending on the evolution of the reaction and
its effects on the structure.

5.2 Numerical tool for slot-cutting

If the effectiveness of such a technique is generally agreed (Hull 2007), several practical ques-
tions need answers: how many slot-cutting shall be done? Where are the most pertinent locali-
zation? How long shall they be? At which periodicity shall the operation be repeated? Will the
compressive stress remain light enough to ensure a closure of the slot-cutting?

A numerical model of the dam, taking into account ASR-development is a good tool to
answer these different questions. In this aim, specific contact elements able to represent slot-
cutting of controlled width have been introduced in ALKA modulus and will soon be used
to model different repair scenarii for Salanfe dam.

The Figure 9 represents the evolution of computed transverse stress in a test-case dam
block (which is purely academic and not representative of Salanfe dam) after a 10 mm-wide
slot-cutting.
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Figure 9. Transverse stress versus time at different heights (P1 is the top of the slot-cutting, P6 its
bottom) and transverse displacement mapping just after slot-cutting.
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6 CONCLUSION

This paper has presented an on-going investigation on an ASR-affected gravity dam. The use
of monitoring data to fit numerical model was emphasized. The experience acquired during
this study also leads to the following conclusions:

— The importance of material tests, first to confirm the nature of the pathology, then to
evaluate its amplitude.

— The interest of 2D-models to quickly test some simple assumptions, but their limitation in
correctly reproducing the real behavior of complex structures such as Salanfe dam.

— The need for residual expansion tests to fit the last part of the chemo-mechanical constitu-
tive model.

— The role of numerical model with specific contact elements to assess treatment solutions.

In addition, the predictive numerical model comparing the “in situ” measurements will
help the dam manager to maintain the performance of the powerplant. Stopping the facility
for repair involves high costs economically and socially speaking.
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The integrity of old style post tensioned anchors
in dams—a real dam safety issue
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ABSTRACT: The integrity of post-tensioned anchors is a significant dilemma facing dam
safety engineers worldwide. Hydro Tasmania, the largest dam owning authority in Australia,
has seven major dams which were designed and constructed in the 1950-70s with fully
grouted, post-tensioned anchors. The method used was leading edge in its day, and enabled
significant savings in concrete. However, these anchors only defence against corrosion was
the grout column, rather than the two barriers that modern permanent anchors have.

In 1999, Hydro Tasmania commenced its dam portfolio risk assessment, which highlighted
safety deficiencies with Catagunya dam due to the unknown integrity of its post-tensioned
anchors. It was recognised that this was potentially a bigger issue than just Catagunya dam.
Rather than abandon all of these anchors as other dam owners have done, due to their lack
of conformance to current standards, Hydro Tasmania endeavoured to develop an investiga-
tion program to assess their integrity.

The investigation and assessment undertaken at Catagunya dam indicated the likelihood
that some corrosion of the anchors was occurring; as a result a decision was made in 2004
to cease reliance on the anchors, and in 2009—10 major upgrade works occurred. This paper
presents the Catagunya dam journey, providing other dam owners with this knowledge.

1 INTRODUCTION

1.1  General issue

In contrast to modern post tensioned anchors, which have double corrosion protection,
anchors installed in the 1950s-1980s had no corrosion protection, other than grout, to the
tendon steel. For these anchors the stressing length was generally grouted once installation was
complete, with no access for future monitoring or restressing. There are many dams around
the world which depend on these types of anchors for their stability and, given the low degree
of corrosion protection, the integrity of these anchors is a growing concern worldwide.

This growing concern internationally has lead to the U.S. National Research Programme
being funded by private industry and trade/professional associations, with support from
dam-related bodies in North America, to conduct a national study on stressed anchors
(Mclnerney et al. 2007). To date they have noted that “permanent anchors have been routinely
installed in North America since the mid 1960s. They continue to perform well in a variety of
environments, applications and ground conditions. No failures have been found which can
be directly attributed to corrosion protection failure.” However, they also note “that there is
currently no way to judge the current acceptability of the hundreds of anchors installed with
bare steel (wire and strand) up until the early 1990s. This is a dilemma facing dam safety
engineers worldwide, and the logical, conservative view is to assume they have no value and
to replace the anchoring using Class I protection”, i.e. double corrosion protection.

1.2 Specific issue for Hydro Tasmania

Hydro Tasmania, the largest dam owning authority in Australia, has seven major dams which
were designed and constructed in the 1950-70s with fully grouted, post-tensioned anchors,
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Table 1. Hydro Tasmania dams with old style post-tensioned anchors.

Dam Anchor details
Catagunya* 412 anchors, 102 H.T. parallel strand 5 mm diameter wires, installed 1959-1961.
Meadowbank 155 anchors, 72 galvanised H.T. parallel stranded 7 mm wires, installed 1962-1968.
Cluny 95 anchors of 72 H.T. parallel stranded wires of 7 mm diameter, plus

47 anchors of 12/12.7 mm strand installed 1964-1967.
Repulse 36 anchors, 72 H.T. parallel stranded wires of 7 mm diameter, installed 1966-1968.
Clark 400 anchors, H.T. strand of 12.7 mm diameter, installed 1964.
Devils Gate 90 anchors of 42 wires of parallel strand 7 mm diameter wires, plus

43 anchors of 6/12.5 mm monostrand installed 1964-1969.
Lake Margaret 150 anchors, Freyssinet multiwire cable, 12 wires of 7 mm diameter, installed 1974.

* Highest priority dam due to anchors providing a significant proportion of the stabilizing force.

where the grout column is the only barrier against corrosion. These dams are shown in Table 1
below. Although the method used was leading edge in its day, and enabled significant savings
in concrete by replacing some of the gravity mass with post-tensioned anchors, the lack of
knowledge on the integrity of these anchors posses a dam safety concern.

In addition to this, Hydro Tasmania has similar types of anchors holding down spillway
crests, power station draft tubes and power station crane beams. Therefore this concern spans
more than just its dam assets, and is a critical asset management issue moving forward.

2 AUSTRALIAN DAM EXPERIENCES

2.1 Hume Dam ( Cooper & Rodd 1987 )

Hume consists of a 51 m high, 318 m long concrete gravity dam flanked by earth embank-
ments. The dam was completed in 1936. However, in the mid 50s, the storage was enlarged
and the dam strengthened using post tensioned ground anchors. Following reviews in the
1980s, the following factors led to a pessimistic view of the existing post tensioned anchors:

— construction reports indicating difficulties in ensuring satisfactory grouting;

— cable strands subject to seepage due to imperfect waterproof grouting;

— presence of sulphides in the storage water and the aggressiveness of these to steel; and
— variability in steel properties with possibilities of stress corrosion.

Offsetting the above were factors which could lead to a more optimistic view:

— tight joints in rock and good quality concrete;

— high pressures used in waterproof grouting;

— cables stressed to only 60% UTS; and

— generally satisfactory behaviour of two test cables which were not protective grouted.

Considering the above and after consultations with local and international experts, it was
concluded that:

— the existing theoretical prestressing force could not be relied upon in the long term;

— the existing post tensioning should not be included in stability analyses; and

— a new post tensioning system, consisting of cables having a secure form of corrosion pro-
tection, being load monitorable and restressable, should be installed within 5 years.

As a result of these conclusions, a decision was made to install new anchors with double
corrosion protection, load monitorable and restressable. This occurred in the mid 1980s.

2.2 Stanwell Dam ( Himsley & Heinrichs 1997)

Stanwell Dam was a 6 m high concrete gravity dam built in 1915 and post-tensioned in
1977. The post-tensioning consisted of seventeen cables consisting of six strands of 12.7 mm
diameter wires, and fourteen cables consisting of eight strands. The cables were initially
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grouted into the foundation with typical bond lengths of 5 m to 6.5 m and free lengths, in the
foundation and dam, of up to 11 m. After curing of the grout in the bond length zone, the
cables were post-tensioned. The free lengths were then grouted.

In the early 1990s it was noted that two of the anchor blocks on the dam had “cracked
off” indicating failure of those post-tensioning cables. A decision was taken to decommission
the dam in 1996, which involved the complete demolition and removal of the dam allowing
inspection of the condition of the post-tensioning strands within the dam structure.

The grouted cables within the dam wall generally appeared to be in good condition with
minimal corrosion. A six meter length of cable was also drilled out of the foundation and
showed minimal evidence of corrosion after 20 years in service. At the top of some cables,
immediately below the anchorage lock off plates, the grout had settled and cracking in the
top of the anchor blocks had allowed water ingress to initiate significant corrosion (and
sometimes failure) at those locations.

2.3 Tenterfield Dam ( Himsley & Heinrichs 1997)

Tenterfield Dam was a 11 m high concrete gravity dam built in 1930 and raised 1.8 m in 1974.
Stability was provided by 97 post-tensioning cables consisting of 12 x 12.7 mm. The cables
in the free lengths were enclosed in greased sheaths and the cable grouting undertaken in one
operation. The cables were not designed to be monitorable or restressable.

Five representative anchors were tested for their current lift off load capacity. All anchorages
exposed were found to be in excellent condition. In addition, the lift off loads registered for four
of the five anchorages indicated post tensioning losses in the order of 5 to 10% of the origi-
nal lock off loads, which would be within the normal expected range. However, the fifth test
revealed a loss of 32% of prestress from lock-off loading, causing concern for the anchors.

Corrosion potential measurements were taken at the five cable locations to indicate any
likelihood of corrosion. This was done by attaching an earthwire to the anchorage head and
measuring the difference between the anchorage head and a Cu/CuSo, half-cell submerged
in the storage adjacent to the dam wall. A significantly higher reading was obtained at the
questionable cable compared with the other four cable locations. As a result it was decided
to drill a small hole down each of the remaining cable head locations, so all anchors could be
tested. Three cables tested over the generally accepted criteria for active corrosion.

If a correlation exists between the potential measurements and loss of prestress at the cable
locations, the results indicate that only a small number of cables may have significant loss
of prestress (i.e. 4%). This compares with the check load monitoring test results where 1 in
5 cables tested had significant loss. As a precursor to any decision on upgrading the dam, a
risk assessment was planned to be undertaken to determine the dam’s stability under varying
levels of post tensioning loading.

2.4 Catagunya Dam

In 1999, Hydro Tasmania commenced its dam portfolio risk assessment, which highlighted
safety deficiencies with Catagunya Dam due to the unknown integrity of its post tensioned
anchors. It was recognised that this was potentially a bigger issue than just Catagunya dam, with
six other dams having significant numbers of post tensioned anchors. Rather than abandon all
of these anchors because they do not meet current standards for permanent anchors, Hydro
Tasmania endeavored to develop a methodology for assessing their integrity, with Catagunya
dam as the pilot dam. Entura performed the bulk of the analysis, and an expert panel was set
up to assist in developing the methodology and provide advice throughout the process.

3 CATAGUNYA DAM INVESTIGATION CASE STUDY

3.1 Dam and anchor description

Catagunya Dam is located on the Derwent River in the southeast of Tasmania, Australia. It
is the third in a cascade of six dams forming the lower Derwent hydropower development.
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Catagunya Dam was constructed from 1957-1961, is 49 m high and has a crest length of
approximately 280 m. Design and preliminary construction work were commenced early in
1957 for a mass concrete gravity dam. However, following a visit to Europe in 1957 by the
Hydro Electric Commission’s Chief Civil Engineer, the option of a post-tensioned concrete
gravity dam was seriously considered. As a result it was estimated that a post-tensioned dam
provided a saving at Catagunya in the order of 20 per cent of that for a conventional gravity
dam (Wilkins & Fidler 1959). As a result of the cost advantage, a decision was made to con-
struct Catagunya Dam as a post-tensioned concrete dam, where removed concrete volume was
replaced by 412 no. x 200 ton capacity, high tensile steel cables anchored to the dolerite founda-
tion rock. At the time Catagunya was the highest post-tensioned concrete dam in the world.

The post-tensioned anchors used at Catagunya Dam were two-stage fully grouted and
bonded anchors, where the grout column was the only defense against corrosion. It was rec-
ognized at the time of construction that these anchors would have a finite life and at some
point they would need to be replaced. Based on current standards, these types of anchors
would be classified as temporary anchors, since modern day permanent anchors have at least
two barriers against corrosion, and are monitorable.

3.2 Large scale testing at Meadowbank dam

Meadowbank dam followed the construction of Catagunya dam. Due to bedding plane fea-
tures within the foundation at Meadowbank dam, large scale insitu shear testing occurred
within the foundation. A decision was made to install some test post-tensioned anchors as per
the Catagunya dam specification within the Meadowbank dam foundation and drill one of
these large diameter holes next to the anchor so that the integrity of the grout column could be
inspected. This resulted in the shock discovery that the grout column could have some signifi-
cant voids in its length, as shown in the photograph taken of this test anchor in Figure 1.

3.3 Safety Review and Portfolio Risk Assessment

Following a Comprehensive Safety Review and the Portfolio Risk Assessment for Catagunya
dam in the late 1990s, the integrity of the post-tensioned anchors was highlighted as a key
safety deficiency for the dam. As a result, a strategy was developed in early 2000 to try to
ascertain the condition of the post-tensioned anchors. Along with reviewing the existing data,
undertaking a literature review and assessing the adequacy of the existing instrumentation, an
investigation program was developed consisting of insitu groundwater sampling and analysis,
corrosion studies in the laboratory and insitu corrosion testing (Herweynen & Hughes 2002).

3.4  Resistivity measurements

At the time of construction, 26 anchors had electrical wires connected to both ends so that
the resistance of the anchor could be measured with time (only 24 can be read). The idea
was that if corrosion occurred the resistance would increase due to loss of cross section of
the steel. Readings were taken annually for the first four years following construction, and
thereafter at two-yearly intervals. The downside of this system was that the steel spacers

Figure 1. Section of test anchor installed using the Catagunya dam specification.
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between the wires provides a bridge for the electrical current and thus a significant loss in
cross-sectional area would be required before a change in resistance occurred.

Based on a detailed review of this data, it was concluded that 4 out of the 24 anchors being
read (i.e. 17%) were critical based on the slope of the resistance vs time curve showing an
increase in resistance, corresponding to likely corrosion.

3.5 Insitu groundwater sampling

An important part of the strategy developed was to determine the corrosivity of the ground-
water in the vicinity of the anchors. In mid 2001, the installation of piezometers beneath all
thirteen of the post-tensioned dam blocks provided inclined holes from which water samples
could be taken. The method of collecting the water samples was critical to avoid contamina-
tion of the sample (Herweynen & Hughes 2002).

The ground water varied considerably across the valley with pH values as low as 6.4 and
as high as 12. The dissolved oxygen level was also generally low. Although the results showed
a wide variation of conditions, they indicated that most holes in the spillway section of the
dam have conditions leading to low susceptibility to corrosion. Generally, the pH values
are low where there was either a low grout take or relatively high flow rates which may have
destroyed the alkaline environment through leaching.

3.6 Laboratory testing

As part of the groundwater sampling, four samples were chosen to represent the wide variety
of water chemistry encountered across the valley; one sample was taken from the left abut-
ment, one from the right and two from the spillway, for further laboratory testing by CAPCIS
Ltd in the UK. The samples were analysed for composition and the overall corrosion risk was
assessed in accordance with DIN 50 929 Part 3.

Although one sample had a pH of 11.6 and another had a pH of 7.2, in all cases the
analysis in accordance with DIN 50 929 indicated a general corrosion rate of 0.01 mm/year.
DIN 50 929 Part 3 does not take into account the passivating effects of pH values above 10 or
totally cover the effects of dissolved oxygen, and therefore this rate of corrosion is likely to be
overstated for the zones of higher pH ground water. However, at this rate of corrosion, a 5 mm
wire could reduce to a 4 mm wire, a 36% reduction in cross-sectional area, within 50 years.

Corrosion measurements were carried out on samples of the anchor wire exposed to water
from the spillway section (pH 11.6) and the right abutment (pH 7.2), representing a best and
worse case scenario. Working electrodes were prepared for the tests for three different condi-
tions; ungrouted electrode in the water sample, grouted electrode in the water sample and
“coupled” where the grouted and ungrouted electrodes are connected via a zero resistance
ammeter. The coupled test was designed to show the effect of a galvanic couple that occurs
when grout has cracked to allow direct exposure of the metal to water at a limited location.

If only corrosion of the outer wires is considered, the loss of cross sectional area of the entire
anchor over 40 years is 31% for the low pH water, and 19% for the high pH water. For the cou-
pled cases this increases to 35% and 19% respectively. The conclusion drawn from the labora-
tory testing is that some corrosion is likely to have occurred (Herweynen & Hughes 2002).

3.7 Insitu testing

Following completion of the laboratory corrosion studies, CAPCIS Ltd was asked to carry
out insitu corrosion testing of three anchors within the dam, located in good, bad and average
conditions based on ground water testing. The testing at Catagunya dam was the first time
that this technique had been used on a dam anywhere in the world. The insitu corrosion test-
ing technique is known as potentiostatic polarisation testing and requires that an electrical
connection be made to the anchor being tested. By passing a low power dc current between the
anchor and the measurement probe, the corrosion rate at the time of testing can be measured.
In this study, the electrical connection was made to the anchors using the existing electrical
resistance installation. In order to take measurements at intervals along the entire length of
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each selected anchor, it was necessary to core a hole close to and parallel to each of them. The
holes were 122 mm in diameter and drilled to close tolerances within the concrete and rock.

Although it was difficult to interprete the data obtained from this insitu testing, and some
of the conclusions seemed counter intuitive, the results did support the conclusion that some
degree of corrosion of the anchors was likely to be occurring (Herweynen & Hughes 2002).
The estimated loss of corrosion was worst in the left abutment anchor, where if uniform cor-
rosion is occurring we would have a loss of diameter of 1.0 £ 0.5 mm over 40 years. If local-
ized corrosion is occurring the loss of cross-section would be greater.

3.8 Heightened monitoring

Based on the information gathered, there was growing evidence that some corrosion has
likely occurred and that the anchors should not be relied upon in the long term. As a result, in
the short term, Hydro Tasmania implemented a prudent dam safety management strategy of
heightened monitoring and redrilling of drain holes to ensure adequate drainage for dam sta-
bility. The additional instrumentation that was added at Catagunya dam in 2001 was nineteen
vibrating wire piezometers and nine tiltmeters (Herweynen & Hughes 2002).

3.9 Decision on Catagunya dam anchors

A definitive conclusion on the condition of the cables at Catagunya dam cannot be drawn based
on the results of both the laboratory and insitu testing. However, there is sufficient evidence to
conclude that some of the anchors are corroding. Based on the range of ground water condi-
tions in the three blocks tested using the insitu testing method, and the fact that corrosion was
obtained in all three of the anchors tested, some corrosion in all anchors must be assumed.

Although there was additional investigation that could have been pursued (e.g. exhuming
a couple of anchors), it became apparent that the likelihood of a successful outcome that
would assure the integrity of the anchors and could be applied across the entire structure was
not high enough to warrant the additional cost and time. As a result, a decision was made in
2004 to make the existing anchors redundant in the medium term.

As a result of this conclusion, the project moved on to the next phase of option develop-
ment to determine the best solution for achieving the result of making the existing anchor
redundant (Herweynen et al. 2009).

4 CATAGUNYA DAM RESTORATION PROJECT

4.1 Options study and design

In 2005, Hydro Tasmania embarked on an options study to determine the best method to
restore the long term dam stability to acceptable limits for the long term. The required solu-
tion was intended to not only resolve the issue of anchor deterioration but also to upgrade
the flood rating for the dam.

Based on preliminary design work a buttress solution was recommended and approved for
detailed design. The preliminary design utilised a simplified, 2-dimensional, rigid body model,
including crack analysis. As part of the detailed design a finite element model was developed
to refine the preliminary design. However, this model did not support the simplified analysis
and further non-linear finite element analysis demonstrated that the proposed passive buttress
design solution was not technically feasible without adding some active loading (i.e. jacks or
post-tensioned anchors). The options were reconsidered and the adopted solution was to replace
the original anchors with new modern anchors, with a high degree of corrosion protection.

The new anchors adopted are the largest post tensioned anchor loading currently used for
a dam in the world. This along with the existing post tensioned anchors and the tight geom-
etry of the dam, which has a significant cantilever ogee crest, provided significant challenges
with the design of this dam upgrade. Some of the key design challenges included:

— Appropriate level of modeling and analysis to be able to make sound decisions.
— Congestion due to the tight geometry of the original design.
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— Anchor head block detail to ensure the loads would be adequately secured and dispersed
into the dam body.

— Crest cantilever support to ensure that structural integrity was retained during construc-
tion and later in service. Innovative installation of carbon fibre reinforcement was used.

— Strain compatibility. It was important to ensure the structural contribution of new and old
working together.

— Existing anchor degradation. The design needed to ensure that stability compliance was
achieved for complete to zero effectiveness over time.

— Maintaining operability of the dam and power station during construction.

— Achieving an effective long term maintainable solution.

For more details on the options study and design refer to past papers specifically on this
topic (Herweynen et al. 2009, Harman et al. 2010).

4.2 Construction challenges and solutions

The stability of Catagunya dam has been restored using 92 modern, large diameter and cor-
rosion protected, post-tensioned anchors that can be monitored for deterioration. A number
of challenges were addressed during implementation (Cubit et al. 2010), including:

— Installing more than half the anchors within an operating spillway, utilising a limited con-
struction window over the summer months.

— Providing access for drilling equipment and installation of the anchors well below the spill-
way crest on a 54° degree slope, 25 m above the riverbed, and demobilising these platforms
sufficiently to allow floods to pass during the winter months.

— Replacing severed surface reinforcement with 9 m long carbon fibre rods.

In order to gain access to the spillway of Catagunya dam for installation of the tempo-
rary access platform brackets on the spillway and the carbon fibre tensile reinforcing on the
spillway face, a purpose designed and built travelling gantry was suspended from the spillway
crest. This gantry had five working deck levels (refer to Figure 2).

Two 200 m long temporary platforms were constructed to access the spillway (refer to
Figure 2). The upper platform was designed to provide access for drilling and installation of
anchors. The lower platform was to give direct access to the anchor hole locations.

With the unique cross-section of Catagunya dam, tensile reinforcing is required on the top
surface of the downstream face of the spillway to support the large cantilevered ogee spillway
crest. This steel was to be severed as the large diameter holes for the spillway headblocks were
cored, so a replacement was required prior to coring. A major innovation of the project was the
design and installation of carbon fibre reinforcing into the spillway face to provide this tensile
reinforcing. The 9 m long carbon fibre rods were installed in the face of the spillway by sawing
a 9 m long, 15 mm wide, and 90 mm deep slot in the concrete. In each of these slots, 6 carbon
fibre rods were installed, bonded together and to the concrete with epoxy adhesive.

Anchors installed within the spillway were required to be constructed within the current
profile. Coring of 1.2 m diameter holes into the slope, 3 m into the dam was undertaken to

Figure 2. Construction photographs of Catagunya dam restoration project.
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install the precast reinforced concrete headblocks to distribute the loads into the structure.
Drilling was undertaken using a 350 mm downhole hammer drilling rig. The longest drill
hole was 78 m through the concrete and into the dam foundation.

The modern post-tensioned anchors were fabricated on site using specialist equipment to
open and grease the cables, and then install into a 20 mm HDPE sleeve over the free length.
The bond length is cleaned back and left bare, with all 91 lengths of cable twisted into an hour
glass shape to increase the bond with the dolerite foundation rock. The complete anchor is
installed into a part corrugated, part smooth polyethylene sheath within the anchor hole, and
grouted into the hole. Once the grout reaches its strength, a purpose built 2200 tonne capac-
ity hydraulic jack is used to load the anchor to over 70% of its minimum breaking load.

4.3 Long term maintenance

The newly installed post tensioned anchors will be monitored every five years by Hydro Tasmania,
with the first of these to be undertaken in early 2011. To undertake these tests, the travelling
gantry, used during construction, was modified to carry all load monitoring equipment.

5 CONCLUSION

There is currently no way to judge the current performance of old style post-tensioned anchors
installed between the 1950-1980s, where the only defense against corrosion is the grout col-
umn. This is a significant dilemma facing dam safety engineers worldwide as there are many
concrete dams with these types of anchors providing an important stabilising force. As a result,
a number of dam owners have chosen to replace the anchoring with modern post-tensioned
anchors, having double corrosion protection and can be monitored for deterioration.

As a result of owning a number of post tensioned dams constructed in the 1950-70s,
Hydro Tasmania embarked on an extensive investigation program at Catagunya dam to try
to ascertain the condition of these old style anchors. The conclusion of these investigations
was that some corrosion has occurred, however, the absolute magnitude and extent of this
corrosion could not be concluded. Based on this the anchors in Catagunya dam could not be
relied upon in the long term and were therefore replaced.

The conclusion eventually reached at Catagunya dam is similar to other experiences in
Australia. It is the author’s view that old style post-tensioned anchors pose a real dam safety
issue, especially given that the risk, unless addressed, will increase with time. All dams, whose
stability depends on these old style anchors, should be assessed as a high priority.
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Development of geomembrane systems for watertightness
of dams in Europe
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ABSTRACT: Europe has been a pioneer in impervious geomembrane systems for long-term
waterproofing of dams. Most innovations, both for rehabilitation and for new construction,
have been performed on European territory, or have been developed by European designers.
This paper presents some significant recent or historical projects that are representative of
the possible numerous applications of geomembrane systems to the rehabilitation of existing
dams and to the construction of new dams.

1 INTRODUCTION

1.1 Pioneer applications of geomembranes

More than 50 years have elapsed since the first installations of a gecomembrane on a dam. The
first applications took place in new embankment dams because many of these dams, being
too permeable, required a separate element to provide imperviousness. In many cases, geo-
synthetic barrier systems were more economical and easier to install than traditional impervi-
ous materials such as clay, cement concrete or bituminous concrete (Cazzuffi et al. 2010).
Europe has been a pioneer in developing the use of geomembranes in dams: the first
geomembrane installations on dams were made at in 1959 at Contrada Sabetta rockfill dam
in [taly, and in 1960 at Dobsina earthfill dam in Slovakia. With only two exceptions (Terzaghi
rockfill dam in Canada and Atbashinsk rockfill dam in Kirgikistan) up to the early 1980ies all
geomembrane applications on dams were made in Europe, as well as all first applications of
geomembranes on concrete dams (ICOLD, 2010): on some arch dams in Austria in the early
1980ies, on gravity dams in Germany (Heimbach 1974) and Italy (Lago Miller 1976). In RCC
dams, while USA pioneered the application of covered geomembranes (Carrol Ecton 1984),
Europe started the application of exposed geomembranes at Riou dam in France, in 1990.

1.2 Present geomembrane applications

Impervious geomembranes are now an established technique for long-term waterproofing of all
types of dams. Possibly, the credibility of synthetic materials had been established by the good
performance of embedded PVC waterstops in a very large number of concrete dams worldwide.
A geomembrane placed on the upstream face of a dam or inside a dam can be considered, from
a conceptual viewpoint, as one wide waterstop sealed at the abutments and the bottom.

The range of applications has dramatically increased, and geomembranes are now used in
a variety of projects all over the world, on dams as well as in hydraulic tunnels, canals, reser-
voirs both for rehabilitation and for new construction, in the dry or underwater. Europe has
witnessed practically all innovations, either because the installations have been performed on
European territory, or because the solutions and technologies, although applied elsewhere,
have been developed by European designers. The examples that follow are not exhaustive of
the large range of solutions available. They just intend to give an overview of some signifi-
cant applications, for which details can be found in the cited references.
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2 REHABILITATION OF CONCRETE DAMS

2.1 Rehabilitation of the upstream face: Silvretta, Austria 2010-2011

Silvretta is a gravity dam owned by Vorarlberger Illwerke AG and used for power production.
The main dam, completed in 1948, is 80 m high upon foundations and has 4 inspection
galleries. The main dam and the saddle dam forming the 40,000,000 m? storage are located in
the Alps at 2032 m altitude, with frequent freeze-thaw cycles. Temperatures vary from —30°C
to +30°C, maximum compact ice thickness is 90 cm, maximum snow/ice layers thickness
is 2 m. In the last decade, the combined action of frost and ice and of seeping water caused
severe damage to the dam, and the deterioration of the concrete rapidly progressed.

Within the rehabilitation works that started in 2009 and will end in 2011, including water-
proofing and placing new concrete on the crest, foundation treatment, grouting and renewal
of instrumentation, rehabilitation works at the outlet and intake valves, Illwerke took the
decision of installing an exposed PVC geomembrane system on the main dam and on the
saddle dam. Silvretta is the first exposed PVC geomembrane project on an Austrian dam.
The final design is the result of extensive research carried out by Illwerke on available rehabil-
itation systems, and of evaluation of performance data from previous similar applications.

The objectives of the waterproofing system are to stop water infiltrating into the dam body
via existing or future cracks and fissures, to protect the dam against frost and seepage water
damages, to drain infiltration and condensation water, and to allow monitoring of the water-
proofing system. Site specific peculiarities are the bad conditions of the surface concrete, a
particularly tight (only three springtime months) window for installation, and demanding
climate with risk of snowfall also in summer. The decision was taken to design the geomem-
brane system so as to follow the dewatering program foreseen for the general rehabilitation
works. As a result the system has to be installed in two separate campaigns. In the first cam-
paign in 2010, when the water level was maintained at elevation 1995 m, the entire saddle dam
has been lined, in total about 1680 m? and the main dam has been lined from crest down
to elevation 2001 m, in total about 10,340 m>. In 2011 the reservoir will be totally dewatered
allowing lining the remaining part of the main dam, in total about 5940 m?.

The new liner is Sibelon CNT 3750, a geocomposite consisting of a 2.5 mm thick PVC
geomembrane heat-laminated to a 500 g/m? anti-puncture geotextile. The geocomposite was
selected based on precedents having more than 20 years successful performance. To mini-
mize the civil works and the delays due to adverse climatic conditions, it was decided to
make extensive use of geosynthetic materials instead than of traditional surface preparation
methods. After hydro-jet cleaning, removal of unstable parts and re-profiling by shotcrete
mortar, two geosynthetics have been placed under the PVC geocomposite: one geogrid to
provide support over the remaining cavities and cracks, and one thick anti-puncture geotex-
tile, 2000 g/m?, acting as a cushion against excessive irregularities.

The geocomposite is mechanically anchored to the dam face with Carpi patented tension-
ing system designed to resist wind velocity of 180 km/h, and at boundaries with flat batten
strips. The submersible perimeter seals are made with stainless steel batten strips compressing
the PVC geocomposite on a regularizing resin, with the aid of rubber gaskets and stainless
steel splice plates to distribute the compression and achieve watertightness against water in
pressure. The depth of the anchor bolts for the tensioning profiles and for the watertight
perimeter anchorage was based on the results of the pull-out resistance tests carried out on
the face concrete. The top seal, made with stainless steel batten strips, is not airtight, to estab-
lish atmospheric pressure in the drainage system and avoid suction. The drainage system is
divided in 6 separate vertical compartments to allow monitoring the performance in sections.
Drained water is discharged in the bottom gallery by transverse discharge pipes, one pipe for
each compartment.

Installation was carried out from travelling platforms suspended at crest, and from scaf-
folding in the areas not accessible by the platforms and for works under winter conditions,
as shown in Figure 1. To allow performing all tasks including welding in adverse climatic
conditions and minimizing idle time, the scaffolding was equipped with a shelter.

204



Figures1,2and 3. Atleft Silvretta dam: from right to left control of surface, installation of vertical pro-
files, of support geogrid, of anti-puncture geotextile, of PVC geocomposite, and sheltered scaffolding at
left abutment. At middle and right Illsee dam: exposed P VC geocomposite installed on an anti-puncture
geotextile (white material) on rock masonry, and on a geonet (black material) on concrete.

2.2 Rehabilitation of a dam subject to Alkali-Aggregate-Reaction (AAR):
Ilisee, Switzerland 1996/1997

Illsee is a 25 m high gravity dam in the Swiss Alps, at altitude 2320 m a.s.l., with temperatures
ranging from —30°C to +35°C, freeze-thaw cycles in the order of 100 per year, and maximum ice
thickness 1.0 m. The dam, now owned by Illsee Turtmann AG, is used for power production.

Displacements that could not be related to hydrostatic or thermal stresses were ascertained
as being caused by AAR. Installation of a new impervious layer on the upstream face was
deemed mandatory to stop water penetration inside the dam. A drained PVC geomembrane
system was preferred to shotcrete and to reinforced concrete solutions for its superior per-
formance in cold climates and its draining capability.

The waterproofing liner and the anchorage system are the same adopted at Silvretta. A drain-
age geonet was installed on the concrete face of the dam. As shown in Figure 2, at the bottom
part of the arched section of the dam, where the existing surface is sharp rock masonry, instead
of the geonet (the black material) a 2000 g/m? anti-puncture geotextile (the white material) was
installed under the PVC geocomposite to protect it against the sharp rocks.

At bottom, there is a double perimeter seal: the primary seal is placed at the bottom of the
upstream face, and the secondary seal is placed underneath it. The double seal system allows
separating the water drained from the upstream face from the water drained from founda-
tions, and reducing the water head on the primary seal.

From its completion in 1997, the geomembrane system has been providing continuous good
performance. Since the owner is now considering the possibility of performing slot cutting to
relieve tension stresses in the concrete, the presence of the PVC geomembrane system will allow
restoring watertightness at the upstream face by simple removal of the geomembrane in the
area of the slot, and by repositioning and welding a geomembrane strip after the slot has been
made. This procedure was adopted at Chambon dam in France, where as stated by the owner
(De Beauchamp & Bourdarot 1998) “The membrane proved very useful during sawing works for
it avoided any later leakage near slot cuts usually affected by much cracking. The last membrane
asset is that the membrane can be cut and repaired very easily for sawing and recurring sawing”.

2.3 Rehabilitation of a critical section: Toules, Switzerland 2010

The same waterproofing system described for rehabilitation of the entire upstream face can
be used to rehabilitate only critical areas of the dam surface. An example is Toules double
curvature arch dam, 86 m high and located at 1811 m altitude in the Swiss Alps. The dam,
owned by Forces Motrices du Grand-St-Bernard, is used for power production and was
erected over a pre-existing dam about 30 m high.

Some diagonal cracking was observed in blocks 10 and 14, at the joint between the old dam
and the new dam. The cracks were treated with products of the paint type, which were not
effective. To avoid that further deterioration could increase water seepage inside the cracks, and
to ensure watertightness and safety of the dam in respect to under-pressures and seismic events,
a geomembrane system was installed on bloc 14, from elevation 1755 to elevation 1750.
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Site specific challenges at Toules were the presence of strong intermittent winds in the
valley, difficult access to the staging area, due to the curvature of the dam and to the fact
that installation had to be performed with reservoir at elevation 1740, and bad climate. The
option selected was to perform installation working on hanging sheltered fixed scaffolding
erected in front of the entire intervention area and anchored with brackets to the upstream
face of the dam at elevation 1756, and to use a travelling platform suspended at a crane on
the crest to daily transport the workers down to the staging area at block 14, and to quickly
transport the workers off the dam when wind speed exceeded 25 km/h.

The waterproofing system, covering a rectangular area 23 m long and 5 m high for a total
of 115 m?, consists of a 2.5 mm thick PVC geomembrane heat-laminated to a 500 g/m? anti-
puncture geotextile, secured to the dam by vertical tensioning profiles at 3.70 m spacing, and
confined by a watertight perimeter seal of the compression type. Where the top and bottom
watertight perimeter seals cross the vertical joints of the dam, a treatment was made to avoid
water by-passing the seal at the joints. The treatment, performed by a Swiss specialty contrac-
tor, consisted in drilling on both sides of the joints 12 mm holes, inclined at 45 degrees in
respect to the dam face, down to reach the waterstops. The holes were filled with a solvent-
free, low viscosity fine injection acrylic resin.

Waterproofing works started on March 29 2010, and by contract had to be completed
within 9 days. Completion date was April 6 2010.

2.4 Rehabilitation of a crack underwater: Platanovryssi, Greece 2002

Platanovryssi is an example of a similar concept as the one adopted at Toules, but with instal-
lation performed underwater. Platanovryssi, at 95 meters of height, is the highest RCC dam
in Europe. Completed in 1998 and owned by PPC (Public Power Corporation), the dam was
designed with a high cement content RCC mix. Carpi external waterstop system was installed
on the contraction joints between blocks during construction of the dam.

In 1999, at first impounding, an approximately 20 m long crack developed at station 98+40
(left part of the upstream face) of the dam. The system selected for waterproofing the crack in
2002 is the same external waterstop that had been installed on the vertical contraction joints in
1998, with some modifications due to the lower hydraulic load (20 m instead than 95 m) they
must sustain. Repair works were scheduled for spring 2002. Due to an unusually dry season,
the owner could not afford to lose the volume of the water to empty the reservoir in order
to work in dry conditions. In addition to that restriction, when Platanovryssi is emptied the
pumped storage scheme of Thissavros cannot operate, with serious implications to the pro-
duction system. Most of the repair works therefore had to be accomplished underwater.

The waterproofing liner, a 2.5 mm thick PVC geomembrane heat-laminated to a 500 g/m?
anti-puncture geotextile, is supported over the cracks by 2 support layers of the same material, to
avoid that under the water head the waterproofing liner intrudes into the crack and is damaged.
The external waterstop following the path of the crack (Fig. 5) is confined by the same watertight
perimeter seal already described. Underwater installation was performed by a Dutch specialist
contractor in association with Carpi, from a diving pontoon, with turbines shut. Detailed infor-
mation can be found in a previous paper by the same authors (Scuero & Vaschetti 2006).

Figures 4, 5, 6 and 7. Scheme of the areas waterproofed at Toules dam (left) and Platanovryssi dam
(middle, artist’s impression from the upstream side). At right, the waterproofing system installed from
fixed sheltered scaffolding at Toules (top) and underwater at Platanovryssi (bottom).
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3 REHABILITATION OF EMBANKMENT DAMS

3.1 Rehabilitation of a CFRD: Messochora, Greece 2010

Messochora is an example of different waterproofing systems applied on different sections of
a dam to achieve different objectives. Owned by the same owner of Platanovryssi, Messochora
is a 150 m high CFRD; the peripheral joint and the joints between slabs have a traditional
embedded copper waterstop + neoprene rod and filler + external waterstop consisting of mas-
tic filler confined by a neoprene membrane. In the lower 55 m the face slabs are covered by a
silty fill.

Although the dam was completed in 1996, and the powerhouse in 2000, the reservoir
has never been impounded due to environmental assessment re-evaluation procedures. As
impoundment kept being delayed, the steel plates installed on the waterstops as a protection
measure were lifted and torn by the wind, exposing the neoprene membrane confining the
mastic filler, and jeopardising the efficiency of the waterstop. In view of foreseen imminent
impounding, PPC intended to restore watertightness at the joints, and to avoid water infiltra-
tion in the area where the anticipated settlement of the dams following impounding would
cause the face slabs to deform under the pressure of water, and localized compression stresses
to develop in the concrete, causing cracking and spalling.

These objectives were achieved by installing a full face waterproofing system in the lower
half of the upstream face that is not covered by the backfill, from elevation. 677 to eleva-
tion 735, and in a 15 m wide section following the peripheral joint at the abutments, and by
installing Carpi external waterstop on all joints between slabs, from elevation 735 up to crest
level (Fig. 8). The existing external waterstops have been cut flush the face slabs. A 5 cm wide
groove has been cut at two of the five central compression joints to allow movements and
avoid compression cracking.

The full face waterproofing system is the same described for Silvretta, and similar to one
of which PPC had previous successful experience at Thissavros pressure tunnel. The exter-
nal waterstop is similar to the one selected by PPC for the contraction joints and for crack
repair at Platanovryssi dam. At elevation 735, at elevation 677, and all around the 15 m wide
strips at the abutments, the geocomposite is fastened by the same watertight seal used for the
external waterstops. An extra strip of geocomposite is left extending outside the top seal at
elevation 735 and at the peripheral joint, in order to allow connecting the geocomposite to a
new geocomposite which may be added in the future to cover the whole face in case the top
slabs crack. At elevation 677 the existing waterstops are connected to the full face system to
minimize water infiltration from the section below that has no liner. The existing backfill is
removed from elevation 680 to elevation 675 to allow extending the geomembrane system to
elevation 677, and connecting it to the waterstops below. Details on the design, on the instal-
lation and on the present status of works can be found in recent literature (Thanopoulos
et al. 2010).
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Figures 8 and 9. Arrangement of the new waterproofing system at Messochora dam: full face water-
proofing from elevation 677 to elevation 735, waterproofing of peripheral and vertical joints from eleva-
tion 735 to crest. Two central compression joints were cut to avoid compression cracking.
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3.2 Rehabilitation of a dam with bituminous concrete facing: Winscar, UK 2001

Winscar is an example of cost effective repair of bituminous concrete facings. Owned by
Yorkshire Water Services and used for water supply, the dam is a 53 m high compacted rock-
fill with a two-layer membrane of dense bituminous concrete covering the 25,000 m? upstream
face. A cement grout curtain extends beneath the upstream toe to depths of up to 70 m.

In January 2001 the seepage rate exceeded the capacity of the drainage system and a leak
appeared at the downstream toe of the dam with an estimated flow of about 15 I/s. The maxi-
mum rate of leakage was 6000 m*/day. Inspection after drawdown of the reservoir revealed
over 60 small defects that had not been visible when minor repairs were done in 1996. It
was decided to empty the reservoir completely and to refurbish the dam with the objective
of securing the reliability of the resource for the next 40 years. This goal was to be achieved
by the installation of an appropriate, well-proven and robust waterproofing system over the
existing bituminous concrete face and by reinforcement of the grout curtain. The target was
to reduce overall leakage to an insignificant level at economic cost.

The two retained options among various solutions were 1) removal of part of the existing fac-
ing and its replacement with a dense bituminous concrete membrane over a bituminous bound
drainage layer and 2) installation of a drained tensioned geomembrane liner over the existing
face of the dam. Priced tenders were sought from contractors for both alternatives, and a tender
evaluation workshop was held to rank the tenders. The tender evaluation process, the selected
drained tensioned exposed geomembrane system, risk sharing and capital cost, and project man-
agement, are discussed by Claydon et al. (2003). The geomembrane option was adopted.

The construction schedule was very challenging, because of the fast-track nature of
the project. Three standard 2.10 m wide PVC geocomposite rolls were then welded in a
pre-fabrication yard to construct wider panels in order to maximise quality and minimise
installation time on site. The liner was installed between August and December 2001, includ-
ing 2 + 3 weeks interruptions to perform works on the grout curtain.

As reported by the owner (Clayton et al. 2003) “The geocomposite liner has performed
well since impounding was resumed in December 2001. Flow from the primary compart-
ment, which covers the original asphaltic concrete facing, is barely measurable. Flow from the
secondary compartment is greater but less than 0.1 1/s”.

4 NEW CONSTRUCTION

4.1  World’s first double geomembrane system on a dam. Les Arcs, France 2008

Adret des Tuffes—Les Arcs is the largest reservoir for production of artificial snow in Europe.
The owner is Société Les Montagnes de I’Arc (SMA), the Designer and Engineer is EDF-CIH
(Electricité de France—Hydro Engineering Centre). The reservoir is created by a main 230 m
long earthfill dam having a height of 21.1 m above foundations, and by an upstream earthfill

Figures 10 and 11. At left Winscar dam, rehabilitation of bituminous concrete facing, exposed PVC
geomembrane. At right Les Arcs reservoir, new construction, double geomembrane system, covered.

208


http://www.crcnetbase.com/action/showImage?doi=10.1201/b11669-28&iName=master.img-003.jpg&w=336&h=115

dam 8 m high. Due to its size and to its importance in respect to public safety, the reservoir falls
under the jurisdiction of the French Permanent Technical Committee for Dams (CTPB).

The original design envisaged for the slopes and bottom of the reservoir a double geomem-
brane system with two separate drainage systems, one for the primary geomembrane and one
for the secondary geomembrane. After award of tender, in consideration of the demanding
environment (altitude 2214.4 m, cold temperatures and high possibility of rain and snow even
in summer) and of the short installation time (three months only), the contractor proposed
an alternative design using, instead of the two granular drainage layers foreseen by original
design, two layers of synthetic materials that would facilitate completion of works within
the allotted period. EDF-CIH requested extensive testing of the system in three independent
laboratories, and verification of constructability on four 60 m long and 4 to 6 m wide testing
embankments for the slopes, and two 10 m long and 6 m wide testing areas for the bottom.
After successful results of testing the alternative solution was approved.

The quite innovative waterproofing and drainage system, as described by Delorme et al.
(2009) is formed exclusively by synthetic materials: a draining geocomposite as secondary
drainage layer, a thinner membrane to separate the two drainage systems, a draining geo-
composite as primary drainage layer, a PVC geocomposite as primary waterproofing liner
(2.0 mm thick PVC geomembrane heat-laminated to a 500 g/m? anti-puncture geotextile),
and a gravel and riprap cover to blend the system in the landscape.

4.2 World’s first exposed geomembrane on an RCC dam: Riou, France 1990

Riou, 20 m high and owned by EDF, was the first RCC dam adopting an exposed PVC
geocomposite as waterproofing element. The Sibelon CNT 3750 geocomposite is fastened
to the upstream face by tensioning profiles having configuration similar to the ones adopted
for rehabilitation. The profiles have been attached to the permanent steel formworks used for
construction of the dam (Fig. 12).

After 20 years of service the system is performing very well. Since 1990, the number of
RCC dams waterproofed with geomembranes has been steadily increasing.

4.3 Applications of European design and technology in new fill dams

Latest developments of geomembrane systems are related to construction of new fill dams.
The new design and technologies have been developed in Europe. One system is related to an
upstream exposed PVC geomembrane that is anchored to the dam with PVC geomembrane
wings embedded in the dam itself while it is under construction, to construct a Geomem-
brane Face Rockfill Dam (GFRD), as pictured in Figure 13.

The system of the upstream exposed PVC geomembrane anchored with PVC wings has been
adopted in 2008 for the 20 m high raising of Sar Cheshmeh tailings dam in Iran (Noske 2009),

Figures 12 and 13. At left Riou RCC dam, new construction, exposed geomembrane. At right Sar
Cheshmeh tailings dam in Iran, upstream exposed PVC geomembrane anchored with PVC wings.
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Figures 14 and 15. At left installation of anchor wings for exposed upstream PVC geomembrane at
Runcu 149 m high GFRD. At right Gibe III 50 m high upstream cofferdam in Ethiopia, central zigzag
geomembrane core.

which will be followed by further 20 m raising. The same system is in 2010 under installation at
Runcu 149 m high rockfill dam (Fig. 14).

Geomembranes are used also as central impervious core, replacing clay or bituminous
concrete cores. An example of central zigzag geomembrane is Gibe III 50 m high upstream
cofferdam in 2009 (Pietrangeli et al. 2009), pictured in Figure 15.

5 CONCLUSIONS

Modern geomembrane systems can address practically all projects requiring waterproofing
of old and new dams, totally or partially, in the dry or underwater. Their successful perform-
ance in more than half a century testifies this established technology, that can technically and
cost effectively substitute more traditional methods.
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Development of small hydropower plant utilizing pumped storage
power plant’s dam

H. Watabe & N. Arai
Tokyo Electric Power Company, Tokyo, Japan

ABSTRACT: The Kazunogawa dam, which is the lower dam of the Kazunogawa pumped
storage power plant, is a concrete gravity dam with a height of 105.2 m, and its reservoir has
an effective storage capacity of 8.3 million m’. In the Kazunogawa hydropower plant, dis-
charge outlet structures were installed in the Kazunogawa dam to discharge the river inflow
downstream for river conservation measures. In order to utilize the river inflow and the dam
head effectively, Tokyo Electric Power Company Co., Inc. (TEPCO) decided to construct
the Tsuchimurogawa hydropower plant, which has a maximum output of 350 kW with an
effective head of 89.94 m at a maximum discharge of 0.5 m?/s, just downstream of the Kazu-
nogawa dam. It began commercial operations in December 1999. The development of the
small hydropower plant utilizing the pumped storage power plant’s dam makes it possible to
prevent areas of water scarcity and allows for the effective use of renewable energy.

1 INTRODUCTION

TEPCO has been engaged in the development of pumped storage power generation in order
to ensure high quality and a stable power supply. TEPCO’s Kazunogawa hydropower plant is
located near the Tokyo metropolitan area where electricity consumption is high.

The general layout of the Kazunogawa project is shown in Figure 1. The Kazunogawa
hydropower plant is a pure pumped storage power plant with an effective 714 m head with a
maximum discharge of 280 m*s and a maximum generation output of 1600 MW with four
motor-generators. Table 1 describes the features of the upper dam and the lower dam.

In order to utilize the discharging river inflow and the dam head effectively, TEPCO
decided to construct the Tsuchimurogawa hydropower plant, which has a maximum output
of 350 kW with an effective head of 89.94 m at a maximum discharge of 0.5 m%/s, just down-
stream of the Kazunogawa dam. It began commercial operations in December 1999.

After completion, the plant produced a total power generation capacity of around
12,000 MWh, and reduced CO, emissions by approximately 11,000 tons, which was calcu-
lated based on the capacity of the coal thermal power plants.

In this paper, the planning and the design of the small hydropower plant including the
electrical equipment will be reported on.

2 INFLOW AND DISCHARGE IN THE KAZUNOGAWA DAM

The Kazunogawa dam is a concrete gravity dam with a height of 105.2 m, and its reservoir has
an effective storage capacity of 8.3 million m?. In the Kazunogawa hydropower plant, after com-
pleting the designated storage to the reservoir, the storage of water from the river inflow into the
reservoir has not been permitted by the government due to river conservation measures.

Therefore, some discharge outlet structures were installed in the Kazunogawa dam to dis-
charge the river inflow downstream. The relationship between the river inflow into the reser-
voir and the discharge of it downstream is shown in Figure 2.
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Photo 1.

The location and the general layout of the Kazunogawa project.

Table 1. The features of the dams of the Kazunogawa project.

Item Upper dam Lower dam
Dam type Rockfill (Centre core) Concrete gravity
Height (m) 87 105

Crest length (m) 494 264

Volume (m?)

Effective storage capacity (m?)

4.11 million

8.30 million

0.62 million
8.30 million

Main river inflow

Inflow from the right bank

Inflow from the left bank

-

Reservoir

N (3) Regulating falve
—  and Spill¥ay

elective withdrawal facility

Overview of the Kazunogawa dam and the reservoir.
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Their functions are as follows:

1. Diversion channel
The inflow from the main river and the right bank has been discharged from the diversion
channel. The maximum discharge is 0.25 m?/s, which was calculated based on the mean
inflow for ten years in the Kazunogawa dam.

2. Selective withdrawal facility
The selective withdrawal facility, whose maximum discharge capacity is 2.0 m*/s calculated
based on the mean inflow for ten years in the Kazunogawa dam was installed to discharge the
inflow from the left bank. This facility is used as the intake of the Tsuchimurogawa hydro-
power plant, which produces 350 kW with a maximum turbine discharge of 0.5 m%/s.

3. Regulating valve and spillway
When the inflow into the reservoir exceeds 2.25 m?/s or there is a flood, the water is dis-
charged from the regulating valve and the spillway. The design flood is 480 m?*/s based on
the Creager’s curve of the Kazunogawa dam site, whose catchment area has 13.5 km?.

3 OVERVIEW OF THE TSUCHIMUROGAWA HYDROPOWER PLANT

The features of the Tsuchimurogawa hydropower plant are shown in Table 2. The devel-
opment of the Tsuchimurogawa hydropower plant utilizing the Kazunogawa dam makes it
possible to prevent areas of water scarcity from forming and allows for the effective use of
renewable energy. Further, it is possible to reduce the costs and shorten the construction
period by utilizing the existing discharge outlet structure as shown in Figures 3 and 4.

Table 2. The features of the Tsuchimurogawa hydropower plant.

Generation type Dam and Run-of-river type
Maximum output (kW) 350

Maximum turbine discharge (m?/s) 0.5

Effective head (m) 89.94

Annual energy generation (MWh) 1,225

000

WELLY P

[ ] : Established facilities

Figure 3. Overview of the Tsuchimurogawa hydropower plant.
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Photo 2. Overview of the Kazunogawa dam and the location of the Tsuchimurogawa hydropower plant.

1997 1998 1999

Oct. Jan. Apr. Jul. Oct. Jan. Apr. Jul. Oct.
Penstock,
Other equipment —
Turbine- Inlet valve urbine-gendrator
generator — —
Test for Opera- Cdmmercial operation ¥
tion —

Constrfiction of da Stored watdr in reservoi Cgmmercial operation ¥
(Reference) EEEEEEEREEEENESR
Kazunogawa dam Test Hefore stored|water Test for eledtrical facilitjes
-_—

Figure 4. Construction schedule of the Tsuchimurogawa hydropower plant.

4 PLANNING AND DESIGN OF FACILITIES

4.1  Planning of the waterway route

Since the development planning of the Tsuchimurogawa hydropower plant was carried out
during the construction of the Kazunogawa hydropower plant, it is possible to utilize the
discharge outlet structure of the Kazunogawa dam as the intake effectively and ensure in
advance that the area of the power house is just downstream. Further, the waterway route
was determined to be the shortest distance from the intake to the power house in order to
reduce the friction loss in the penstock.

From an environmental perspective, it is necessary to prevent areas of water scarcity so
that the location of the outlet was selected in the stilling pool of the Kazunogawa dam.

As a result of these efforts, the decision of the waterway route called for the reduction of
the construction costs and the shortening of the construction period.

4.2 Optimization of the development scale

Empirically, the optimum development scale of the run-of-river generation type becomes the
load factor from 40% to 65% based on the common operation manner in Japan.
The comparison of the economic efficiency was carried out via the three cases, which were
the turbine discharge of 0.44 m%/s, 0.50 m3/s and 0.52 m%/s respectively, as shown in Table 3.
As a result, the optimum development scale was determined to be 350 kW with a turbine
discharge of 0.5 m%/s at the Tsuchimurogawa hydropower plant.
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Table 3. The comparison for the optimum development scale.

Turbine discharge (m?/s)

Cases

Items 0.44 0.50 0.52
Load factor (%) 50 47 45
Maximum output (kW) 300 350 360
Annual energy generation (MWh) 1,146 1,225 1,236
Economic effectiveness 1.02 1.00 1.01

@150 mm

I

[
SRR

e e —
Shiobara hydropower Tsuchimurogawa hydro-
plant (Previous project) power plant

Figure 5. Overview of the screen bar space for the selective withdrawal facility.

Photo 3. The intake of the Tsuchimurogawa hydropower plant from the upstream of the Kazunogawa
dam.

4.3 Design of the screen bar space for the selective withdrawal facility

Since it is necessary to prevent an inflow of reservoir rubbish in order to prevent turbine
trouble, a screen, whose bar space is narrower than the previous project, was installed in the
selective withdrawal facility as shown in Figure 5.
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Figure 6. The application chart of the small-size hydro turbine.
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Figure 7. The comparison between the conventional type and the new type of the pelton turbine.

4.4 Design of the electrical equipment

4.4.1 Selection of the turbine type
The application chart of the small-size hydro turbine which is the relationship between the
head and the turbine discharge is shown in Figure 6. According to this figure, the three tur-
bine types, that are the cross flow turbine, the horizontal pelton turbine and the horizontal
francis turbine, meet the conditions of the Tsuchimurogawa hydropower plant.

As a result of the comparison of economic efficiency, maintenance conditions and so on,
given that the horizontal pelton turbine was superior to the others, we decided to adopt it.

4.4.2  Design of the electrical equipment
Generally, the horizontal pelton turbine is used for small generation capacity, and the num-
bers of runners and the jets of it have various combinations. The pelton turbine can regulate
the output by changing the number of nozzles during the operation, and high efficiency
operations can be obtained even in the low turbine discharge area.

In designing the turbine, research has been carried out by TEPCO and an electrical manu-
facturer in order to reduce the construction costs through improving the specifications.

As a result, the new simplified pelton turbine was applied to the Tsuchimurogawa hydro-
power plant as shown in Figure 7.

The special features of the new simplified pelton turbine are as follows:

1. Reduction of the two needle valves among the three one
To improve the turbine efficiency, the single runner and three jets pelton turbine was deter-
mined. It is possible for the designed structure to regulate the output utilizing a one needle
valve and two conventional valves. As a result, the needle valve, which has a complicated
structure, was decreased from three to one.
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Figure 8. Overview of the new simplified pelton turbine.

. Omission of the deflector

At Load interception, the deflector must change the direction of the jet water to rev down the
turbine-generator. During its working, the needle valve is closed in order to suppress the water
pressure rise in the penstock. In this project, the application of the new turbine-generator, this
is proof against a rev up at load interception, made it possible to leave the deflector out.

. Omission of the protector

The protector is generally installed to prevent the jet water from flying in all directions due
to deflector changes at the load interception and hit the runner again. With regards to the
aforementioned, the application of the new turbine-generator is proof against the rev up
at load interception making it possible to omit the protector.

. Adoption of the commercial equipment
The branch between the nozzle with a needle valve and the nozzle without needle valves
was adopted by the commercial equipment due to satisfying the requirements.

The new simplified pelton turbine is shown in Figure 8. Further, its installation is described

as shown in Photo 4.

5 RESULTS OF OPERATIONS

The Tsuchimurogawa hydropower plant began commercial operations in December 1999.

After completion, the plant produced a total power generation capacity of around
12,000 MWh, and reduced CO, emissions by approximately 11,000 tons, which was calcu-

lated based on the capacity of coal thermal power plants as shown in Figure 9.

In accordance with this figure, the plant was operated according to the original plan

until 2006. However, since the operating conditions of the Kazunogawa reservoir has been
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Photo 4. Installation of the new simplified pelton turbine of the Tsuchimurogawa hydropower plant.
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Figure 9. The results of the operations after completion.

changed under keeping closed to the low water level of the Kazunogawa dam, the plant has
been affected by that.

6 CLOSING REMARKS

TEPCO is implementing a variety of activities to expand the utilization of renewable energy.

The development of a small hydropower plant utilizing the pumped storage power plant’s
dam makes it possible to prevent areas of water scarcity and allows for the effective use of renew-
able energy. Further, it is possible to reduce the costs and shorten the construction period by
utilizing the existing discharge outlet structure and a simplified design of the turbine-generator.

Based on these results, the Togawa hydropower plant, which has a maximum output of
240 kW with a 50.55 m effective head at a maximum discharge of 0.6 m%/s just downstream
of the Imaichi pumped storage power plant, will be completed by 2011.
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A study of the grouting at the bottom of the Yashio dam
reservoir and the evaluation of the leakage by grouting
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ABSTRACT: In the Yashio dam reservoir, there is a network of fissures which assumed
open fissures of the high dip angle that has the hydrothermal alternation and a large-scale
bedrock creep regarded as the main generation factor of the subject in deeper areas. As a
result of the test grouting which we performed before the construction for leakage stoppage,
we utilized an injection pressure and a limit sedimentation velocity of cement particles and
performed effective grouting for fissures of the big width at the bedrock of the bottom of
the reservoir filled with water. Further, we confirmed that the leak had been reduced. In this
article, we have conducted a qualitative consideration of the grouting mechanism.

1 INTRODUCTION

The Yashio dam reservoir is the upper reservoir of the Shiobara pumped storage power plant
(Cf. figure 1). An upper reservoir is generally made in the vicinity of mountaintop area to get
a large head. Leakage tends to be a problem at such spot, because the permeability coefficient
is high and the groundwater level is low. The original ground is thin at the right bank of the
reservoir, and a lot of porphyrite has been distributed. In addition, the Groundwater level is
generally low and falls to the right bank from the left bank in the reservoir. Given the concern
for the leakage of the brooks in the Hokikawa River’s drainage system from the right bank in
the reservoir, we carried out construction to stop the leakage (Cf. figure 2,3). We conducted
grouting from the grouting tunnel which we made in the right bank of the reservoir to the
rim grouting tunnel in the right bank of the dam, and made a curtain to stop the leakage. As
a result of the borehole of addition and extension based on the initial ponding results, the
depth of the borehole in the curtain for leakage stoppage came to around 200-400 m, and the
interval became 1.5-12 m (Cf. figure 4).

The additional grouting had some effect. However, since there was still much leakage, we
investigated the place that was deeper than the curtain by the check borehole. As a result,
there was not the convergence of permeability coefficient to the deep part direction, and
points more than 10~100 Lu was distributed locally. All the tracers that we cast into a part of
the point where permeability coefficient is high were confirmed in the brooks in Hokikawa
river’s drainage system (Cf. figure 5,6).

As a result of a diving investigation (We sprinkled the bentonite beforehand and inves-
tigated the trace of crater occurrence brought about by seepage water), we carried out the
grouting in the bottom of Ichinosawa which has a lot of “Craters” (“Craters” is a dent in the
bottom area created by seepage water) (Cf. figure 7, photo 1). Since the leakage was decreased
quite substantially, we expected that the accumulation of solid particles would naturally block
fissures and discontinued the leakage stoppage work at that juncture (Cf. figure 5).

We conducted an investigation and test grouting in the bottom of the reservoir filled with
water afterwards, because more leakage reduction was necessary (Cf. figure 8). Grouting
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was conducted in earnest due to remarkable reduction leakage. A characteristic of carrying
out the grouting is what the seepage velocity utilizes as well as the injection pressure now to
perform effective grouting.

In this article, we show the results of the test grouting, a confirmation result of the improve-
ment degree of bedrock by checking the borehole, the changed situation of the leakage and the
groundwater level. Further, we will qualitatively consider the mechanism of the grouting at the
bottom of the reservoir filled with water. In addition, the Hydraulics and Geology characteris-
tics of the foundation rock that such grouting is possible was concluded in a report in an annual
symposium of No. 78 of 2010 ICOLD (“A STUDY FOR THE BEHAVIOR OF GROUND-
WATER FLOW ALONG THE OPEN FISSURES WITH HIGH DIP ANGLES”).
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2 THE HYDRAULICS AND GEOLOGICAL CHARACTERISTICS
OF THE FOUNDATION ROCK

We show below the main point of the Hydraulics and Geological characteristic of the foun-
dation rock at the bottom of the reservoir.

(Permeability coefficient)

e A high place of permeability coefficient more than 100 Lu has been distributed over the
whole area (About 2% number of the investigated stage), and the permeability coefficient
and depth are not correlated with each other.

(Open fissures)

e There were open fissures (Width more than 1 mm) in the whole area. The open fissures
tends to excel in these high angle open fissures that were more than it at about 60°.

e The surface of the open fissures of the boring core changed to a brown color and varies to
brown from the fissures to the bedrock inside.

e Asa result of restoring the boring core's both sides as much as possible, they were exactly
fitting. (They were fitted without displace, or were fitted if they were displaced.) It is
thought that open fissures was caused by the tensile stress because there is no streak on
boring core’s both side.

e Because the Yashio dam reservoir is located at the edge of the caldera, the factor that the
tensile stress produced is regarded as being due to the large-scale bedrock creep from the
gravity instability of the caldera wall.

e The main factor of the leakage is the network of fissures continuing on to a deep area to
the subject in the open fissures of the high dip angle. It is thought that the hydrothermal
alternation and a large-scale bedrock creep were the main factors, and the open fissures of
the high dip angle were created.

(The characteristic of the groundwater flow)

e As a result of the tracer investigation that we carried out between the “Craters” and the
test borehole, that is all for about 1 cm/s of the seepage velocity. Further, we confirmed that
the seepage velocity (About 4 cm/s or less) of the plumb direction excelled.

3 THE RESULTS OF GROUTING AT THE BOTTOM OF THE RESERVOIR

We show below the specifications, the results and the effect of the test grouting at the bottom
of reservoir.

3.1  The specifications of the test grouting

The method was the stage grouting, and we used the blast furnace cement. An initial mixing
of cement paste was assumed to be C:W = 1:6-1:0.8 according to the lugeon value ahead of
the grouting. The injection pressure was set according to the thickness of the original ground,
0.3-3.0 MPa. Moreover, when the rise of the injection pressure was not admitted because of
the efficiency of the grouting, mixing was switched to high density promptly. And the grout-
ing was continued for as long a time as possible (For about 10 hours or less).

3.2 The results and the effects of the test grouting

1. The results of the test grouting

The amount of all the cement of the grouting was about 29,000 t. There were 120 st in stages
where a large amount of grouting was done that was 10 t/m or more, and the maximum value
was 108 t/m. In a part of those stages (There were 42 stages), they were injected without a
rise of the injection pressure in early period of injection.(However, injection pressure finally
rose to a regulated value at those stages.) (Cf. table 1, figures 9, 10). The open fissures of the
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Table 1.

Result of the test grouting.

Injection results
Lugion value before injection Quantity of unit cement injection tit
A number Toss Loss R Toss probablity(%%) Q"Zr}' Y
Place ofstage |\ rage™| probablity | probablity [MAX Vce“’g 10t/m S0tm | MAX | Cement
& (Lu) of I0Lu | of 100Lu | (Lu) (tm) 10Um | patarn 12| S0Um | patarn 12| (/m) | injection
(%) (%) (%) (%) ®
Ichinosawa, Nabearisawakawa, 1821 15 35 2 3 6 2 <1 <1 108 27,188
Honokisawa ‘ (639st) (30st) (1o6st) | Gosny | osn | (9st) ’
27 2 3 <1 <1 <1
Sannosawa 521 >12 (13951) (12s) 1.4 (1450 Gs) sy sy 71 3,600
33 2 5 2 <1 <1
Total 2,342 ~la (778st) (42st) 26 (120st) | (42st) (10st) (10st) 108 30,788
*1) oo Lu is removed in average (eo:23st).
*2) patarn 1: Stage where grouting without injection pressure among.
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high dip angle was admitted in these stages where grouting without injection pressure among
them. As for such a grouting pattern, it is estimated that the grouting was previously done
toward the depth direction by grouting directly into these open fissures.

2. The effectiveness of the test grouting

The groundwater level of the reservoir surround was widely decreased by the test grouting.
The leakage was decreased by about 30% of the water level of the reservoir though it still has
an influence. (Cf. figure 11, 12)

4 RESULTING CONFIRMATION OF IMPROVED SITUATION
VIA BOREHOLE VERIFICATION

After the test grouting, we investigated the improved situation by checking the boreholes
(11 totals) (Cf. figure 8). We injected the cement paste mixed the color powder into the check
borehole, because it was possible to distinguish from cement injected from the other bore-
holes. (Cf. photo 2).

We arranged the result of the investigation under the following three conditions. The first
condition is the water level of reservoir when adjacent boreholes of the check borehole was
injected (The water level of reservoir is about EL.1020 m or about EL.1040 m). The second
condition is the altitude or injection pressure (More than EL.1020 m: Injection pressure is
0.3~1.0 MPa, Fewer than EL.1020 m: Injection pressure is 1.0~3.0 Mpa). The third condi-
tion is the distance from the adjacent borehole. (Cf. Table 2).

If the injected stage nearby the check borehole is below the water level of the reservoir, in a
check borehole where the distance from the near borehole is about 20 m or less, the open fissues
are almost filled with cement covering a width of 3 mm or more (filled ratio is about 90%).

However, if the injected stage nearby the check borehole is above the water level of the res-
ervoir, even if it is the same as the aforementioned injection pressure, open fissures of 3 mm
or more in their width are not so filled with cement. (filled ratio is about 20%).

As shown above, the correlativity is high in the improvement degree of the bedrock by grout-
ing and the water level of the reservoir after grouting. The cement reaches horizontally from
the borehole within the range of about 20 m by grouting in the stage below the water level of
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Table 2. Cement filling into open fissures in checking the borehole.
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Figure 13. Grain-size distribution of cement particles.

the reservoir and according to the specification of the grouting. Further, it can be thought that
grout cement is almost filled most of extreme open fissures that width is 3 mm or more.

5 THE MECANISM OF THE GROUTING AT THE BOTTOM
OF RESERVOIR FILLED WITH WATER

It is believed that the grouting was effective because the reservoir was filled with water. This
mechanism has been considered as follows. At first, the mechanism of the grouting that
undertook the influence was first occupied only to the injection pressure, At last, the effect of
the grouting where the reservoir was filled with water in addition to the influenced injection
pressure was considered.

5.1 The specifications of the test grouting

The concept of the mechanism in which the open fissues are filled with grout cement is shown
below. The relation between the distance “r” to the point and flow velocity “V” in the point is shown
as follows if it is thought that cement extends in the open fissures (Parallel horizontal monotony is
assumed, width:a) from the borehole like a concentric circle (Injection flowing quantity:Q).

V =Q/(2nra) (1)
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When r grows, V becomes small. It subsides because it came below the limit subsidence veloc-
ity of the cement particles. Further, the subsidence of the cement particles progresses toward
the borehole, and the fissures were blocked at the end (Cf. figure 14).

The blast furnace cement was used for this grouting (Brain: 3000 cm?/g or more). It became
D,, = about 3~4 um if the effective diameter of the cement particles are 10% diameter. Fur-
ther, if the specific gravity of the cement particles is assumed to be 3.2 g/cm?, it becomes that
the limit subsidence velocity (The limit velocity of JUSTIN) of the cement particles becomes
about 0.8 cm/s. That is, it is thought that the subsidence of the cement particles and the
blockage of the crack progress toward “A” when the flow velocity of cement paste reaches the
point where it becomes about 0.8 cm/s or less.

5.2 The grouting at the bottom of the reservoir filled with water

It was roughly 1 cm/s or more as a result of the investigating seepage velocity in the bottom of
the reservoir. The seepage water, that velocity was more than the limit sedimentation velocity
of the cement particle, wash out the tip of the cement paste. So the subsidence of the cement
particle is controlled, and transported with the seepage water further far away. And it is thought
that the cement particles subside due to a flow velocity decrease such as the intersection parts
on the network of the open fissures, and blockage proceeds to the upstream. It is thought that
the potential changes brought about by blocking the open fissures according to the shape of the
network of the open fissures, the hydraulic gradient grows, the flow seepage velocity become
fast, and there were fissures that were newly filled with cement too (Cf. figure 14).
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6 CONCLUSION

In the Yashio dam reservoir, there is a network of fissures which assumes open fissures at a
high dip angle that the hydrothermal alternation and a large-scale bedrock creep are regarded
as a main generation factor of the subject in deeper areas.

@ The grouting at the bottom of the reservoir filled with water is being executed now. As a
result of the test grouting executed prior to this, the range of reaching cement was compara-
tively large (About 15-20 m horizontally) though the injection pressure was about 1.0 MPa
or less when the grouting was executed below the water level of the reservoir. Further, cement
paste was almost filled to fissures with a width of 3 mm or more, and a decrease of compara-
tively big leakage was able to be confirmed.

@ The seepage velocity of the water investigated at the bottom of the reservoir was approx-
imately 1 cm/s or more (About 4 cm/s or less). The test grouting blockaded the open fissures
effectively, the seepage velocity more than the limit subsidence speed of the cement particles
in addition to the injection pressure.

® Such a grouting is effective for the network of open fissures that has a moderate seepage
velocity. It is possible that the injection doesn't settle according to the forms of the path of
infiltration such as extremely fast seepage flow velocities and continuous, single open fissures.
Therefore, at the stage of selection of construction method, the investigation of the state of
groundwater and the open fissures in the bedrock is important.

This time, utilization of the injection mechanism was qualitatively considered, we will clar-
ify the experimental aspects of the mechanism and analyze it in the future.
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Filter design for the heightening of a high earth core rockfill dam
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Poyry Energy Ltd., Switzerland

ABSTRACT: The 155 m high Goescheneralp earth-core rockfill dam will be heightened
by 8 m with the aim of increasing the reservoir storage volume by 14.5% to 87 Mio m’.
Therefore, the filter materials of the existing dam were reviewed and filter materials for the
dam heightening were designed. In this paper the existing Goescheneralp dam is briefly
described and filter test data are presented. The design of the dam heightening is presented
and discussed. Emphasis is given to the filter materials including a comprehensive review of
state-of-the-art filter criteria.

1 INTRODUCTION

The Goescheneralp hydropower storage scheme is composed of a 155 m high earthcore-
rockfill dam (ECRD) with a crest length of 560 m; a 7.2 km long headrace tunnel; a 1.1 km
penstock and a powerhouse situated in an underground cavern equipped with 4 Pelton tur-
bines each with an installed capacity of 41 MW (Fig. 1a, see Eggenberger, 1953). The scheme
was commissioned in 1962 after seven years of planning and design including thorough geo-
technical laboratory and site investigations and five years of construction.

The scheme is located in the Alpine region in the central part of Switzerland in the Canton
of Uri (Fig. 1b). The direct catchment area is 42.3 km?. 10.2 km tunnels and 4 water intakes
increase the catchment area to totally 90.2 km? of which ~30% are glaciated. An average
annual inflow of 196 Mio m® is used for producing 251 GWh. The scheme was designed as
seasonal storage plant where the 76 Mio m’ reservoir was used for the winter production.
Nowadays, the use has shifted to peak energy production throughout the year.

Since the year 1954, when the concession of the scheme was obtained from the authorities,
a heightening of the dam by around 10 m was already considered. In several feasibility stud-
ies the dam heightening was evaluated until a study performed in 2008 pointed out that the
so-called “small solution” with the placement of additional rockfill solely on the u/s side is the
most economical design. The maximum possible heightening with this design was evaluated
to be around 7.5 m. With the assessment of the necessary freeboard to be 4.5 m (Dietler, 2010)
the reservoir elevation is going to be increased by 8 m. Respecting requests for the landscape
and the tourism in the region, concrete elements and other structural features on the dam crest
were not considered for the dam heightening. The review of the filter materials of the existing
dam and the design of a filter for the dam heightening is the main subject of this paper.

2 THE GOESCHENERALP EARTH-CORE-ROCKFILL DAM

2.1 The geology

The Goescheneralp valley was formed in “Aare granite” during the last ice ages. Fluvio-
glacial material composed of gravel and blocks with interlayers of sand, fine-sand and peat
were deposited on the valley bottom with varying thickness of up to 70 m (Fig. 2b). Along
the valley sides slope talus accumulated. For the dam foundation it was decided to excavate
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Figure 2. (a) Cross and (b) Longitudinal dam section; (adopted from Gilg, 1963).

the deposits and to found the core and filter zones on bedrock. The rockfill shoulders are
founded on overburden and in the area of interlayers of fine-sand and peat, sand drains were
installed (Fig. 2a).

2.2 The grout curtain

A grouting gallery is situated on the dam axis from which the grout curtain composed of one
row of borings at a spacing of 6 m was installed to a depth of up to 180 m below rock surface
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Figure 3. Dam materials of the existing Goescheneralp dam (Dam zoning see Fig. 2 and 5).

(Fig. 2b). At the contact between the earthcore and the rock contact-grouting was performed.
The contact surface of the rock abutments and the core zone was smoothened. Uneven zones
were filled with concrete and open joints were covered with mortar before two transition zones
of core material with reduced grain size and increased clay content were placed.

2.3 The earth core

The slope talus did not have a sufficient content of fines in order to provide core material
with adequately low permeability. Hence it was decided to add fine-grained material to the
in-situ available slope talus. However, fine-grained materials such as clays were not available
from natural resources in the Goescheneralp valley or from other locations near the site.
Therefore, clays from several borrow areas in USA, Italy and Switzerland were investigated
with respect to sealing efficiency and chemical stability in the Goescheneralp hydro-geological
environment.

After a thorough study, Opalinus clay powder from Holderbank (140 km distance from the
site, Fig. 1b) was chosen to be added at a mass percent of 11-16% to the granular material
from the site. The industrially milled Opalinus clay is composed of ~50% clay minerals (mainly
Kaolinite, Illite and Chlorite) and ~50% grains (mainly Mica, Quarz and Calcite). The clay
has a flocculated structure with floc diameters of 0.007-0.1 mm. Its typical liquid limit is
~45% and the Plasticity Index is ~20%. For the granular components of the core material the
in-situ available deposits were separated into three fractions of 0-30/30-100/100-200 mm.
The fine fractions were dried and the coarse fractions were restocked with crushed compo-
nents before the material was mixed with Opalinus clay powder in a stationary mixing plant.
The material was placed at the wet side of the optimum water content in layers of 30 cm,
compacted with 6 passes. The symmetrical central core has a thickness at the base of ~45 m
and 5.5 m at the crest (el. 1794, Fig. 2).

2.4 The dam materials

The core is enclosed by u/s and d/s filter zones, each with a thickness of 1.5 m at the top
and 4 m at the bottom side. The filter material (2, Fig. 3a) was produced in the same way
as the granular components of the core material by separating the fraction <200 mm into
three sub-fractions, drying, restocking and mixing them before transporting to the site and
placing at the optimum water content in layers of 30 cm and compacting with 6 passes. The
gradation of the filter material was chosen on the base of filter tests (see Sec. 4). The filter
is surrounded by transition zones. On the u/s side is one transition zone (3a, Fig. 3) with a
thickness of 2—6.6 m. On the d/s side there are two transition zones (3a and 3b) with thick-
nesses of 2—-6.6 m. The transition zone (3b) acts as a drainage to (3a) and to the rockfill (4/6).
The rockfill consists of slope talus excavated along the right valley flank. Blocks with a diam-
eter of >1.5 m or a volume of >1 m? were visually separated. During placement in layers of
2.5 m, 150 1 water per 1 m? rockfill was added. The dam slopes are protected by u/s and d/s
rip-rap layers of 2-3.5 m thickness. Today the d/s surface is covered with grass (Fig. 2).
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3 REVIEW OF FILTER DESIGN CRITERIA

Filter design had some development within the last 70 decades which may have been initiated
by Terzaghi during his investigations on the hydro-mechanical soil behaviour which finally
resulted in his consolidation theory (Terzaghi & Frohlich, 1936) where he also recognized
that seepage forces can lead to particle transport. Bertram (1940) under the supervision of
Karl Terzaghi and Arthur Casagrande performed filter tests and proposed the filter criterion
D s/ Piseore < 6 Which was modified to D, . /D . . .<4and extended by the
drainage criterion D, .o /D o 2 4 (Terzaghi & Peck 1948).

Since then a number of theoretical and experimental studies were performed. Particular atten-
tion was drawn to the topic with a number of excessive seepage or even dam failure events caused
by inappropriate coarse filters (Vaughan 1970, Vestad 1976, Wood 1976, Ripley 1984). However,
it should be pointed out that also a large number of incidents were caused by local anomalies such
as: (i) Arching of the core across the abutments or irregularities in the foundation; (if) Open joints
and fissures in the core foundation due to insufficient grouting; (iii) Material segregation at zone
boundaries or during placement along the rock foundation; (iv) Cracks in the dam caused by
differential settlements. Therefore, appropriate filter design and appropriate construction method
and site supervision are equally important. However, the following topics presented in this paper
will mainly focus on filter design. For ECRD’s, nowadays, it is generally agreed on that the fol-
lowing aspects should be considered: (a) Filter requirement; (b) Internal stability; (c) Self healing;
(d) Segregation; (¢) Drainage capacity; (f) Durability/Change in gradation.

3.1 Filter requirement

Based on data of the “filter test” (Sherard et al. 1984a), of the “slot test” (Sherard et al. 1984b)
and the “no erosion filter test” (Sherard & Dunnigan, 1985) the design criteria for critical filters
was presented in Sherard & Dunnigan (1985) and further discussed in Sherard & Dunnigan
(1989). This design is nowadays state-of-the-Art and recommended by a number of regulations
and codes (e.g. EM 1110-2-2300). For the core material only, the minus 4.76 mm fraction is con-
sidered and the mass content of fines (M% < 0.075 mm) is determined, which defines the base
soil group and the corresponding filter criterion. Four base soil groups are distinguished.

From the investigations of the Balderhead dam failure (Vaughan et al., 1970) a different
approach for filter design was followed by Vaughan & Soares (1982) who stated “... that the
effectiveness of a filter may be defined by its permeability with more generality than by its
grading ...”. From filter tests with materials subjected to base soil slurries they proposed
the following correlation between permeability (k in m/s) and the filtered particle size (& in
um) k = 6.1E-6 - §'** where the particle size of the clayey base soil is represented by the clay
particle size for clays with dispersive structure and by the clay floc size for clays with floc-
culated structure, respectively. For some cases the filter criteria recommended by Sherard &
Dunnigan (1989) and Vaughan & Soares (1982) give similar filter gradations (Ross, 1992),
however, generally the latter criterion gives the finer filters.

A different approach to filter design was followed by Silveira (1965) who simulated the fil-
ter with spherical grains of different size and calculated the pore diameter distribution curve
and the travel distance of a particle based on the mass gradation curve using a probabilistic
approach for the arrangement of particles around a pore. The results show that the void dis-
tribution curve has a similar shape as the gradation curve shifted by 1 log cycle. The approach
was improved by Ziems (1968) using the number of particles curve instead of the mass grada-
tion curve which resulted in even finer void distribution curves. This approach was followed
and extended by Whittmann (1979) and Muckenthaler (1989) who developed criteria for crit-
ical hydraulic gradients which are applied for the erosion assessment in homogenous dams.

3.2 Internal stability

The issue of internal stability of materials can be described best following the definition given
in Kenney & Lau (1985): “Internal stability of a granular material results from its ability to
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prevent loss of its own small particles due to disturbing forces such as seepage and vibration.”
They further specify three necessary conditions required for a soil fabric to be internally
unstable and to allow small particles to relocate within the pore space: (a) Particle is not
incorporated in a stress transfer chain (stressed particles are to some extent fixed in position).
(b) Pore diameters are large enough. Pore size increases with increasing & . and uniform-
ity (Wittmann, 1979). (c) Seepage forces acting on a particle are high enough. Hydraulic
gradients required to move a particle (i ,) depend mainly on the particle diameter and has
a minimum for particles of ~0.2 mm (Muckenthaler, 1989). For smaller particles stabilizing
adhesion forces act. For ECRDs, condition (c) is always given for either the core or the filter
or for both zones, as the main idea of the core of a dam is to dissipate the potential energy of
the seepage water into thermal energy via friction. Condition (a) and (b) are to some extent
contradictory. To fulfil condition (a), the material should be composed of a small number
of particles with rather uniform size while to fulfil condition (b), the material should be
composed of well graded material with particles from all fractions. After the formation of
a number of sinkholes in the core zone of coarse, broadly graded soils, Sherard (1979) con-
cluded that these soils are internally unstable and recommended the retention ratio criterion,
which was initially proposed by DeMello (1975), to verify that the finer portion of a material
is compatible to the coarser portion with respect to filter requirements. However, Milligan
(2003) points out that the plasticity of the fines is an important aspect for the internal stabil-
ity of broadly graded soils. It was shown that most sinkhole incidents reported by Sherard
(1979) occurred in soils with fines of low plasticity. Filter tests are a good tool to verify the
internal stability of a chosen filter gradation and are in particular important for broadly
graded and gap graded soils.

3.3 Self healing

The filter material should not have real or apparent cohesion. Cracks which may eventually
form through the core should not further propagate through the filter and remain open in the
filter zone. The commonly agreed criterion is a content of non-plastic fines (<0.075 mm) of
less than 5% and a successful sand castle test (Vaughan & Soares, 1982). However, for example
Muckenthaler (1989) shows that adhesion forces start to act for particles as large as 0.2 mm.
And for filter zones in the unsaturated state, depending on the degree of saturation, even
larger particles will be affected by suction/apparent cohesion. Further it has to be assured that
chemical or biological processes induced by the seepage water and/or the filter material do not
result in cementation at the particle contacts. Therefore, similar compressibility for core, filter
and rockfill materials placed at optimum density on a smooth rock foundation might be the
best measure in reducing the necessity of filters to have perfect self-healing abilities.

3.4 Segregation

With the findings of Milligan (1999, 2003), that an increased content of sand can reduce seg-
regation for well and broadly graded materials, provided the material is wetted prior to place-
ment, the gradation limit curve (Fig. 7, Milligan line) was developed and it was highlighted
that the coefficient of uniformity is an unsuitable parameter for assessing segregation, as it
does not consider particles larger than d , which are the most likely to segregate. These find-
ings support the suggestions given by Ripley (1986), that segregation criteria should restrict
the @ and should give a sufficient content of sand fraction. This is also confirmed by
laboratory investigations given in Sutherland (2002). Hence, it is commonly agreed that wet
materials with gradations on the fine side of the Milligan line are not prone to segregate.

3.5 Drainage

The Terzaghi drainage criterion remains state-of-the-Art. However, the drainage abilities of
a filter have the least priority. In case the drainage criterion is not fulfilled with the filter, the
next adjacent zone has to provide drainage abilities.
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Figure 4. Filter tests for the existing dam: (a) Results for the Filter material; (b) Section of the test
apparatus; (¢) Punch-hole in the bottom-plate.

4 FILTER TESTS FOR MATERIALS OF THE EXISTING
GOESCHENERALP DAM

The tests were performed in a steel cylinder (Fig. 4b) with a diameter of 70 cm, a height of
110 cm, a perforated plate at the bottom side (Fig. 4c) and a cap on the top side. The wall
of the pot was lined with clay before the wetted test specimen was placed inside in layers of
20-30 cm compacted statically with a 15 kg stamper to the given dry densities of 2-2.3 g/cm?
(Fig. 4a). Water pressure representing hydraulic gradients of up to 89 were applied and the
permeability was measured. Tested were filter and transition materials with different grada-
tions. Presented is test series A (Fig. 4a, Serie A: specimen No. 1-4). For all materials tested
within a series the gradation of the fraction <8 mm was kept the same (Fig. 4a: <8 mm before
the test). After the test, the gradation of the remaining fraction <8 mm (Fig. 4a: <8 mm after
test) was determined and is plotted in Fig. 4a. The comparison of gradations <8 mm before
and after the test indicates the degree of internal stability.

The results show that in broadly graded materials of specimen 1 and 2 less erosion of fines
occurred. This was explained by the reduced pore diameters for well graded soils. For uniform
soils the pore diameter increase and the small fraction of fines is washed through the pore grid
formed by the coarse particles. Conclusions of the filter tests were: (a) The behaviour of a mate-
rial with respect to internal erosion is dependent on the shape of the gradation curve. For materi-
als with convex gradation curves, the erosion is expected to be higher. (b) For the materials which
are susceptible to internal erosion, the permeability is 10-1000 times higher than for materials
which are not susceptible to internal erosion. (c) When the water pressure is applied suddenly to
the specimen the amount of eroded material is larger than when the pressure is increased slowly.

4.1  Application of the Sherard (1979) and the Kenney & Lau (1985, 1986) criterion

Applying the criterion after Sherard (1979)—the sub-fractions of a soil should be a filter to each

other which is assessed by the Retention ratio (R =d, . . /d . . <35)-—confirms the
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Figure 5. Criterion of (a)—(c) Sherard (1979) & (d)—(f) Kenney & Lau (1985) applied on filters.

findings of the filter tests that materials 1 and 2, are internally stable (Fig. 5a). However, when
applying the criterion of Kenney & Lau (1985, 1986)—the curve of F (mass percent passing)
versus H (mass percent between grain diameter D and 4D) is above the boundaries of H > F for
0 < F <28% and H > 28% for 28% < F—none of the materials is seen to be stable (Fig. Se).

4.2 Discussion of filter test results

The conclusion (a) of the filter tests agrees with findings of Sherard (1979), where he pos-
tulated a retention ratio (R ) of <5 for stable materials (which is the case for broadly-graded
soils). This conclusion is contrary to findings of Kenney and Lau (1985 & 1986) who consider
a uniform material with C < 12 to be internally stable. However, following the three condi-
tions needed for internally stable materials given in Kenney and Lau (1985) one can conclude
that there are two types of materials which are internally stable. These are (i) those of broad
gradation, with small pore spaces which do not allow a significant amount of particles to
move (however, for this type of material it is important to have good self-healing abilities as
in case of an open crack there are a larger number of particles available to be eroded) and
(ii) those of uniform gradation where a major number of particles is involved in stress trans-
fer chains and where the pores formed by the uniform particles are too small to be passed by
particles of the same size. However, for this type of soil the pore space formed is comparable
high with respect to its filter abilities for the core.

5 FILTERS FOR THE HEIGHTENING OF THE GOESCHENERALP DAM

For the dam heightening the protective cap on the dam crest as well as the top part of the
existing core material will be removed (Fig. 6) before the dam crest is built up with new mate-
rial. The contact between the existing and the new core material will be inclined to avoid a
predefined horizontal surface through the core (Fig. 6). The core will be surrounded by a
1.5-2.8 m (horizontally measured) thick filter zone (2a) which was designed according to
state of the art filter criteria (see Annex). The application of the full range of state of the art
filter criteria allows for safe filter design (to satisfy filtration, self filtration, durability and
drainage criteria) as well as for the selection of a material which can easily be placed (to meet
segregation and self-healing criteria).
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6 SUMMARY AND CONCLUSION

The existing Goescheneralp dam was designed more than half a century ago. At that time
the filter was designed based on the retention criterion, certainly the most important crite-
rion in filter design, which ensures that the fine particles cannot migrate into the filter, and
lead to increasing seepage and erosion. Already at that time the internal stability (self fil-
tration) of the filter materials was tested in the laboratory and this allowed broadly graded
filter and transition materials, with gradation curve shapes similar to those of the core and
the rockfill shoulders to be selected. These materials worked well. However, recent filter
design does not only consider above mentioned criteria of filtration and self filtration
or durability and drainage, additional emphasis is given to segregation of filter materials
during placement and to self healing abilities during deformations. The broadly graded
materials, such as used in the existing dam, certainly have a high segregation potential
which needed particular care and local corrective measures during placement. Nowadays,
because the construction period is in general shorter and man-power is more expensive,
local corrective measures have to be avoided because these are costly and time consuming.
Current filter design also gives more attention to the self healing abilities of the filter mate-
rials. Although this may not be a key requirement for comparable stiff materials, such as
used in the Goescheneralp dam, it is good that the filter materials for the dam heightening
fulfill this criterion. Finally, it can be concluded that the filters used in the existing dam are
fully adequate and that the properties of the filter materials for the dam heightening are
somewhat more conservative and that they fulfill all currently recommended filter criteria
(see also Annex). However, for the construction of the dam heightening and in particular
the filter zone, which is the main defense line against seepage and erosion, thorough site
supervision will still be essential.
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ANNEX

Annex. Assessment of the filters of the Goescheneralp dam.

Criteria Existing dam Dam heightening
Filter Criteria of Sherard & Dunnigan (1989): d ., < Criteria of Sherard & Dunnigan
requirement 2.2 mm and Vaughan & Soares (1982): k < 1-10*m/s (1989):d . <2.5 mm and

are fulfilled; Fig. 4. Vaughan & Soares (1982):
k <1-107* m/s are fulfilled & filter
tests were successfully performed.

(Continued)
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Annex. (Continued).

Criteria

Existing dam

Dam heightening

Self
filtration

Self
Healing

Durability

Segregation

Drainage

Self filtration (internal stability) was confirmed

by filter tests (see Fig. 4)

Criteria of fine content <5% not fulfilled. However,
dam material with high compression modulus,
placed at opt. density of 2-2.3 g/cm?® on smooth
dam foundation resulted in small settlements and
minor differential displacements. Drainage
measurements confirm that leakages through the

core is unlikely.

The crest settlements (<20 cm at the crest, since 1977)
confirm that the slope talus of Aare granite is a

durable material.

Criteria which are applied nowadays and allow for
fast dam construction with reduced necessity in site
supervision are not fulfilled. However, at the time of
construction an extensive site supervision program
combined with a thorough investigation on the
optimum material placement methods (Zeller, 1957)
allowed for the construction of a homogenous

dam body.

Drainage of core and filter layers is provided by a

separate zone (3b).

Filter fulfills Sherard (1979) and
Kenney & Lau (1985, 1986)
criteria.

Filter fulfils the criteria of fines
content <5% and the design
forms an equally stiff dam body
throughout the zones.

The material has in the existing
dam proven to be durable.

The average filter gradation
curve fulfils the Milligan (1999)
segregation criteria. However,
thorough site supervision will
still be conducted.

Drainage is provided by
rockfill (4a).
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ABSTRACT: Sefidrud Dam is a Concrete Buttress Dam completed in 1962. The height
of the dam is 106 m above the foundation with its crest length of 425 m. In recent years
after about 48 years of operation, some damages on steel lining of vertical bend of one
of spillway shafts is seen. These damages include inflation of steel lining and consequently
increase in volume of leaking water. The damage point is located on outer side of the bend.
To investigate reasons of these damages some boreholes were drilled around the spillway
to investigate possible causes and extend of the damages, its effects and to conclude proper
treatment methods. Investigations show weathered and poor quality of rock mass around
the spillway shaft as well as minor cracks in concrete lining which caused water pressure be
applied directly on steel lining and the damages appeared. To start repair works on the steel
lining in the damaged areas it was necessary to reduce volume of infiltration to an accept-
able volume. For this purpose a series of boreholes around the spillway shaft were designed,
drilled and injected with cement grout. Grout paste and grout method were designed accord-
ing to requirements of such delicate structure also the treatment were conducted accordingly.
This paper presents geotechnical investigations conducted to conclude causes of damages
and rehabilitation method to reduce infiltration of reservoir water from cracked joints of
steel lining.

1 INTRODUCTION

1.1 Sefidrud dam

The Sefidrud dam is a 106 m high buttress dam with a crest length of 425 m and a crest
elevation of 276.25 m ASL (meter above sea level). The dam is located on the confluence of
the Ghezel-Owzan and the ShahRud, about 70 km south of the provincial capital of Rasht.
Construction took place between 1958 and 1962. The dam body is composed if 32 but-
tresses, of 14 m width and two gravity type abutments. The gravity section on the left bank
comprises a two-bay mid-level spillway of 2000 m¥/s capacity. There are five bottom outlets,
(three on left and two on the right) providing water for irrigation and sediment flushing
during the flood season. Total capacity of the bottom outlets is 1000 m?/s. Further flow shall
pass through two morning glory spillways each with 1,920 m?/s capacity located at left bank.
The general layout of the dam is shown in figure 1.

1.2 Spillways

Based on designer calculations (Etco-Ofer Consulting Engineers) final capacity of each morn-
ing glory is 960 m?/sec. In this case effective head over spillway crest shall be 2.25 m.

1.3 Damages to the spillway

In late 2003 (after more than 40 years of service) during visual inspections of dam apparatus,
inflation in steel lining of one of morning glories was seen. Because of remote location of
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the bend inspections are irregular and time of development of the inflation is uncertain. The
inflation part located at outer-top part of the vertical bend. The damage was seen only in
spillway no. 1 which comparing with the other one is located further from dam body.

During the operation of the Sefidrud dam, both morning glory spillways had similar operation
conditions and both experienced a severe earthquake. The earthquake had a magnitude of 7.2 in
Richter scale and occurred in the 25 kilometers downstream of dam body on June 21, 1990.

Longitudinal section of the morning glory spillway and location of the damages area are
shown in figure 2.

Legend
(1) Intakes of the two diversion tunnels

(2) Moring glory spillways connected
fo the diversion funnels

(6) Plotform of swilchyord

(7) Bollom ond irrigotion outlets LB and RB
(8) Intakes of the penstocks

Figure 1. General layout of Sefidrud dam.

T

217.0

Damaged Area

Figure 2. Longitudinal section of morning glory spillway and location of damaged area.
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2 GEOLOGY OF THE SITE

2.1 Rock formations

Geological maps of the reservoir and the dam site show that the area includes faults. Trends
of faults are mostly east-west or south-east north-west.

The dam had been constructed nearby a huge east-west fault. The fault passes through the
upstream of the dam body (about 250 meters from dam axis).

Rocks in the area near the dam body forms two major groups, first group includes undivided
intermediate to basic volcanic rocks (upper volcanic) of late Eocene age and second group includes
light pink intermediate to acid brecciate volcanic crystal tuff quartz, trachy-andesite and crystal
lithic tuff. These rock formations are from Alborz Plateau’s Magmatic era same as Paleogene era.
The two rock formations are separated by a contact fault in the areas near the dam’s axis.

2.2 Rock quality

Observation of rock quality around the spillways reveals that around the morning glory spillways
it could be varied from point to point in a wide range. It is observed that the morning glory no. 2 is
located in an intact rock zone; the other morning glory is located in a fractured zone. These zones
are separated by a straight line which can be seen both in situ and satellite images. The interface
surface has azimuth of 1012 degrees to the north and 80-85 degrees slope to horizon.

Extent of the fractured zone below the reservoir level is uncertain because of weathering
of top surface of the rock, although it is likely that the zone extended well below spillway’s
vertical bend. Figure 3 shows the surface between fractured and intact zones.

2.3 Geotechnical investigations

To determine geotechnical condition of rock foundation around the damaged spillway a
series of boreholes were design around the spillway. The boreholes were designed to be drilled
in two stages. First stage included drilling of 5 boreholes to investigate the rock quality, deter-
mine the permeability of rock mass in rock mass by conducting Water Pressure Test Lugeon
tests) and moreover using those holes for cement grouting if required. The second stage
included drilling of 17 more boreholes for consolidating the rock mass by cement grouting.

The boreholes were arranged precisely to acquire the basic and necessary geotechnical
rock mass data all around the morning glory especially areas near the damaged area by cre-
ating a net around the morning glory. The boreholes should be drilled close enough to the
structure to show the extension of fractured zone around it. Boreholes were designed to
reach minimum distance of 3 m from steel cover.

IntactiZone

Eractured Zone

Figure 3. Fractured and intact zone and morning glory spillways.
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80 <

Figure 4. Layout of boreholes around the morning glory no. 1.

Although drilling through the concrete mass around the steel lining wasn’t primary intention
of the designer but many of boreholes were passed through the unexpected massive concrete
which was used to fill spaces around the morning glory between the structure and excavated rock
shaft. Length of the boreholes varied from 45 to 100 meters depends on their location and/or
inclination. Layout of the boreholes around the morning glory spillway is shown in figure 4.

Main reasons of drilling primary boreholes were to investigate following parameters:

— Rock formation

— Quality and soundness of rock mass

— Extent of the fractured zone

— Permeability of rock mass around the morning glory

— Quality and soundness of concrete after 40 years of service

3 GEOTECHNICAL CONDITION OF ROCK MASS

Obtained results from primary boreholes shows that most parts of the rock mass around the
morning glory are fractured severely. Rock quality in the levels below the vertical bend and
discharge tunnel increases significantly.

3.1  Rock quality

Due to obtained borehole cores the rock mass around the morning glory includes Trachyte,
Trachy-Andesite and Andesite, which formed a mixed rock mass around the vertical shaft.
Disordered rock units all around the morning glory No.1 is a good index of faulting.

The rock quality behind the damaged area is poor and the rock is fractured. It is unlikely
that the fractures to be formed due to the 1990’s earthquake because if the fractures had been
formed due to earthquake forces, the forces would destroy the structure completely and we
should had the same poor rock mass around the other morning glory in the vicinity of the
morning glory no.1. Moreover, field observations confirm that the fractures are not originated
by the earthquake. Therefore it is vivid that the rock quality was poor even long before con-
struction of the vertical shaft and the morning glory. Due to mixed formation of rocks around
the vertical shaft, it is impossible to recognize extent of the fault line around the shaft.

Permeability tests conducted in boreholes show that the rock mass around the morning
glory is permeable and the Lugeon values vary from 1 to 15 and even < in some segments.
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Figure 5. Quality of rock (bottom rows) and concrete (top rows) around morning glory.

3.2 Concrete quality

It must be noticed that significant lengths of the boreholes passes through unexpected
concrete masses, concerning the designing plans and sections, some seems to be structural
concrete and mostly seems as massive concrete used to fill void areas (excavated poor quality
rock mass) behind the structure. This point confirms poor quality of rock mass around the
vertical shaft which caused significant extent of the concrete mass around the vertical shaft
to be filled during construction.

Boreholes passed through concrete masses shows that the concrete behind the steel lining
is also cracked. Intensity of these cracks is different comparing the fractures in the rock mass.
Cracks in concrete are more uncommon. Different intensity of cracks in concrete and frac-
tures in rock masses especially longitudinal cracks indicate that the fractures may be caused
by different reasons. It is clear that cracks in the concrete mass are formed after construction
of the morning glory and it is likely that these cracks are formed due to earthquake forces.
A sample of concrete and rock quality obtained from boreholes is shown in figure 5.

3.3 Hypothesis of damages

Although available data about history of events during construction is very limited, it can be
rationally discussed that the poor quality of rock mass were observed during construction
and massive concrete fills were used to treat the rock quality and create a stable mass around
the morning glory. Also poor quality of the concrete mass filling must be considered.

Cracks to concrete mass were formed after construction and during operation period of
the dam due to external forces. The main origin of these external forces can be the 1990’s
earthquake. Due to absence of other geotechnical activities in the area, this earthquake is the
most appropriate reason for damages in the concrete mass.

After formation of the cracks in the concrete mass the water pressure can easily shift to
steel lining and create the inflations of the damaged areas. Also small structural deformation
of the structure due to earthquake forces can increase intensity of stresses in the steel lining
and intensify deformation of damaged area.

4 TREATMENT OF ROCK QUALITY

Due to nature of the damages rehabilitation work divided in two stages. First stage includes
treatment of rock mass and improvement of permeability and structural properties of rock
mass, and second stage includes repair of structural damages. A special arrangement for
drilling and grouting of second group of boreholes were designed. As mentioned before the
boreholes were designed in a manner to cover all areas around the morning glory’s shaft near
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the damaged area. Also a new cement paste was designed and used to ensure succeed of the
treatment operations.

4.1  Grout mix design

To treat a better portion of rock mass around each borehole it was crucial to increase effi-
ciency radius of each borehole. Relatively thin cement paste was used to achieve this goal.
One part cement with 6% of cement’s weight bentonite clay mixed in three parts water was
used as concrete paste mix. It is not allowed to change the mix ratios and use of a thicker
paste during grouting of each segment. Even when the grout absorbed easily, the grouting
process must be continued until the time that the grout absorption stops.

4.2 Grouting pressure

There are many theoretical and empirical methods for selection of grouting pressure. For
example, American designers prefer minimum grouting pressure not more than 5 bars and
vary range of grout mixing portions is accepted, while French designers allow grouting pres-
sure more than 50 to 100 bars, and German designers accept pressure range of 5 to 30 bars.

Kunert show that information about effective pressure on grouting in anisotropic and
heterogen rocks in not enough. Therefore the grouting pressure may vary in different condi-
tions and it is better to be determined according to in situ tests. According to new findings it
is impractical to find a trend between grouting pressure and preferred results of grouting. In
some areas very high or very low pressures may be used to achieve the goal.

Regarding of quality of rock around the morning glory and short distance of grouting
area to morning glory grout pressure equal to 10 bars were selected. By this pressure, absorp-
tion of grout into rock mass assured and back pressure to steel lining shall be small enough
to prevent development of the damaged area.

4.3 Grout order

In order to increase absorption of grout to rock mass and prevention of creation of residual
pressures in grouted areas, the grouting was designed in an upward order. By this method 5 m
segments of borehole were grouted from bottom to top of the boreholes. By this grouting
method, good penetration of grout paste between rock cracks is assured.

It must be noted that due to obstruction of morning glory most of boreholes are drilled
inclined and in nearest point to the morning glory passed in vicinity of the damaged area.
Also lengths of grouting boreholes drilled to a depth at least 10 meter below damaged area.
To decrease procedure’s time only lowest 20-25 meter of boreholes were grouted. By this
method at least 10 meters above and below the damaged area has been grouted.

5 OBSERVATIONS AND IMPROVEMENTS

To verify success of grouting procedure different criteria were considered. These criteria include
improvement of permeability properties of rock mass, observation of grout paste in adjacent
boreholes and measurement of leakage water from damaged cracks of the steel lining.

5.1 Improvement of permeability properties

In situ permeability tests (Lugeon test) of four last boreholes were considered to verify
improvement of permeability properties of rock mass around the morning glory. These bore-
holes were drilled and tested when adjacent boreholes were drilled and grouted.

Lugeon values of boreholes in vicinity of the damaged area varied between 1-15 before
grouting although lu = « were measured in three segments of three different boreholes.
Lugeon values near the damaged area vary between 0-2 after grouting.
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5.2 Observation of grout paste

Absorption of the grout paste in rock crack was one of main concerns of the treatment
method. Grout paste was observed between rock cracks in different segments of lower depths
of boreholes 11, 12, 15, 17 and 20. These observations confirm good absorption of grout
paste in rock fractures.

5.3  Measurement of leakage from steel lining cracks

Discharge of leaking water from steel lining crack were measured by a weir located at lowest
point of vertical bend. Monitoring and measurement of the leakage discharge started one year
before start of grouting operation and it is continuing by date. For comparison of results a
two year period measurements were used, in which the first year is before treatment operations
and the next year is during and after the operations. Values of measured discharges before and
after treatments and water surface elevation (WSE) in dam’s reservoir are shown in figure 6.

Comparison of leakage discharge shows significant decrease in leakage values although
water surface elevation in adjacent years is different. Water surface elevation (WSE) in
2008-09 period is about 10 meter less than water level in 200910 period, but leakage values
in 200809 period is much more than leakage discharge in 2009-10 period. To compare leak-
age decrease regarding to water surface elevation, variation of leakage values versus water
surface elevation is shown in figure 7.

Also linear regression relation between leakage discharge and water surface elevation
before and after treatment works has calculated and shown in figure 7. It can be assumed that
leakage discharge decrease can be estimated as ratio of two slopes of regression lines. Consid-
ering slopes of two regression lines (0.00778 and 0.00190) decrease of leakage discharge can
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be estimated about 75% (0.00190/0.00778 = 24.4%). It must be remembered that water level
in time period before treatments is higher than water level in period after treatments therefore
the decrease ration is a conservative value.

6 CONCLUSION

Concerning to damages to steel lining of vertical bend of morning glory spillway of Sefidrud
dam, 22 boreholes around the spillway has been drilled, investigated and treated. Regarding to
the obtained data from boreholes and logs it is been concluded that the poor quality of rock
mass around the morning glory can be a very significant factor on start of the damages. Sec-
ond factor on extension and increase of the damages was 1990’s earthquake in the area, which
caused structural damages to concrete masses behind the steel lining. These damages were not
seen because of steel cover. About 14 years after the earthquake the damages were surfaced.

Rehabilitation of damages was divided into two main parts. First stage consists of treat-
ment of rock mass around the morning glory and making a good basis for second stage of
treatments which includes rehabilitation of the damaged lining.

To ensure absorption of cement paste into rock mass around the borehole a high water content
cement paste were designed and a modified grouting method was used. Later drilled boreholes
show excellent penetration of the grout into rock mass, also obtained results show significant
decrease in leakage water from steel lining cracks as well as achieving treatment goals.
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ABSTRACT: The Dam and the Impound of Giudea, for the water supply of Pistoia Munic-
ipality, were completed and accepted at the end of 1973. They were interested in 1990 by some
local slides, which obliged to empty the reservoir. As the occurred phenomena were attributed
to the degradation of the clayey materials, the dam rehabilitation design outlines include the
substitution of the collapsed soil with other of better characteristics, the disposal of a pro-
tected waterproof geomembrane on the upstream face and the dam crest raising, in order to
fit the Italian Dam Code in force. Meantime the bottom outlet and the draw-off pipes will be
located in a new tunnel on the right bank. In the impound, the left bank of the reservoir will
be reinforced in the weathered zones with a gravelly embankment. The seismic hazard and the
safety assessments of the dam have been finalized according to the state of art.

1 INTRODUCTION

The Giudea Impound, located in Gello site in the Pistoia Municipality, was conceived in the
60’s for the water supply of the town.

The plant, finally accepted at the end of 1973, operated regularly until 1990, when the
occurrence of some slides obliged to empty the reservoir. After a preliminary study phase, the
Municipal Administration appointed the design of the rehabilitation measures of the impound
and the contextual upgrade of the works, according to the Italian Dam Code in force.

In 1993 a cofferdam was built upstream of the embankment, in order to make some pre-
liminary arrangements at the foot of the dam, so allowing a provisional partial impound of
about 65000 m? (see Fig. 2) . The Final Design for the complete rehabilitation of the reservoir
was approved by the National Regulatory Agency at the end of 1996.

In 2007 the seismic safety assessments of the dam and the appurtenant works in the
upgraded lay-out have been developed.

Meanwhile a new quarry area of gravelly and silty-sandy materials for the remodelling of
the embankment and the reinforcement of the left bank of the reservoir has been investigated
and characterized under the geotechnical profile. It is located in the Primavera Lakes zone,
adjacent to Ombrone Pistoiese River, about one kilometre South of the city, where the co-
ordinated construction of an important Expansion Impound for flood control is planned.

2 GENERAL ELEMENTS ABOUT THE WORKS
AND THE FIRST PHASE OF OPERATION

The Giudea Impound is an “outside the river-bed” basin, located at the foot of the Apennines
North-West of Pistoia, at the head of a valley determined by Rio dei Fontanacci Stream; it is
used to modulate and store the winter and spring flows of a near stream.

The reservoir, which originally had an useful capacity of about 660,000 m?, is placed in a
formation of shaley clays inglobing sandstones and strongly weathered and fractured grey
limestones.

The availability of semi-pervious materials in the immediate surroundings and the relative
deformability of the foundation grounds oriented the original design towards an homogeneous
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Figure 1. Giudea impound—in evidence upstream shell slides (2007).

embankment dam about 32 m high, realized with compacted shaley clays and protected
upstream with a rip-rap layer and downstream with a filtering foot blanket. The embank-
ment was built between 1965 and 1970 and regularly accepted in 1975. The crest, 6 m large
and 295 m long, was at 150.06 m a.s.l. elevation, with normal water level at 147.76 m a.s.l. The
net freeboard resulted 1.8 m. Being the impound “outside the river-bed”, the spillway was
conceived for relatively modest discharges: having an overflowing sill 10.8 m long on the right
bank, with a 0.5 m water head it was able to evacuate a 6.8 m*/s discharge.

The bottom outlet and the draw-off consisted of two side by side steel pipes, respectively 450 mm
and 400 mm ¢, which passed, in a special concrete embedding, under the dam abutment.

In 1990 autumn, without any evident premonitory signal, at first on the upstream shell of
the dam (Fig. 1), then on the left bank of the reservoir, several some meters thick rotational
slides interested the slope.

Some deformations appeared indeed on the upstream face, with the formation of several
fractures and a general lowering of the profile from the upstream edge of the crest until about
137 m a.s.l., that is for the superior 13 m, and with a more or less remarkable raising at the
inferior elevations; movements on the face occurred also later.

After some provisional stabilization works at the foot, the phenomenon practically stopped.

Since the preliminary studies, the reason of the failures seemed to be connected with the
weathering of the embankment material, argillites and their alteration blanket, in contact
with the water of reservoir.

A wide experimental investigation, with the intervention also of Prof. P. Colombo, confirmed
that the slides happened in a phase of draw-down and that for such a condition the slope of the
upstream face was inadequate to the actual reduced shear strength of the shell fill.

3 REHABILITATION WORKS DESIGN

The concept design involves the substitution of the displaced fill with material of better
characteristics and the transfer of the dam watertightness function from the body of the
embankment (original design) to an impervious geomembrane on the upstream face. In that
way all the dam body, including both the new “rehabilitated zone” and the old embankment,
still consisting of clayey material, is preserved from the contact with the water.

The reinforcement of the left bank of the reservoir, in the loosened zones, with a gravelly
embankment adequately profiled (Fig. 2), is considered as well.

With the new design outlines, in addition to upgrade the works according to the in force
Italian Dams Code, it is possible to increase the useful capacity of the reservoir up to about
802000 m’. Furthermore, with an important modification of the original lay-out, the bottom
outlet and the draw-off pipes will be located in a dedicated new tunnel, with horseshoe section
of 2.40 m, which will cross the right side, without interfering with the dam, and will convey
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Figure 2. Giudea impound—general lay-out.

the water to the contiguous Tazzera Stream valley. As it is shown in the typical cross section
(Fig. 3), the new crest elevation is 153.40 m a.s.l., with a raising of 3.34 m, and the net freeboard
now results 3.45 m; the maximum height of the dam above the downstream foot is 33.40 m.

The lay-out of the dam reproduces the upstream concave shape of the original embank-
ment: the new axis is displaced 6.60 m downstream and the overall crest is 395 m long.

The new embankment has a zoned section. On the upstream face an impervious PVC
geomembrane, 1.5 mm thick, is interposed between two polypropylene continuous filament
350 g/m? geotextile sheets and ends in the waterproof “plug” located at the foot of the face.
The watertight “package” lays on a 50 cm thick draining layer constituted by alluvial gravel
of small size and is protected by a layer of selected gravelly material, 90 cm thick, and by a
limestone rip-rap, 60 cm thick, formed by quarry elements.

In the typical cross section, which inglobes the pre-existing embankment, adequately pro-
filed, four main zones can be identified:

the upstream impervious toe plug;

the upstream shell in gravelly alluvia;

the upper central zone in gravelly silt;

the downstream shell constituted by gravelly alluvia.

The wide impervious “plug” at the upstream foot connects the geomembrane and the
foundation watertight clay formation. It will be formed with silts coming from Primavera
Lakes adequately selected and compacted, partly added with 8% bentonite powder. Between
the geomembrane and the existing embankment, preliminarily modelled with arrangement
excavations, a new upstream shell about 8 m thick is realized in alluvial material of good
mechanical characteristics selected from the gravels of the named Lakes.

The upper central zone is of alluvial origin and represents a semi-pervious barrier against
the hypothetical remarkable filtrations in case of any breakage of the geomembrane; the
material comes from the cultivation of the surface silty layer (70%) of Primavera Lakes mixed
with the gravels below (30%). The downstream shell is formed with clean alluvia; the covering
thickness of the old shell is between 4 and 9 m. The face is protected by a 40 cm thick layer of
grassy vegetable soil. The shell itself rests on a draining blanket which, joining the remaining
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Figure 3. Giudea dam—cross section.

part of the original oblique drain, keeps low the level of the saturation curve and removes
any water filtration of different origin. In the upstream shell, both the draining layer upon
which the geomembrane is located and the blanket at the interface with the existing embank-
ment, discharge into a drains collector. It conveys through the existing steel pipes ¢ 450 and
0 400 mm of the original bottom outlet and draw-off, which have been verified with an endo-
scopic investigation and supplied with discharge limiters; the seepage waters flow to a new
measure and control cabin, equipped with a gauge station, immediately downstream of the
dam. In the same cabin also the waters in case coming from the downstream oblique drain
and draining blanket, already belonging to the old embankment, are collected.

4 GEOLOGICAL AND GEOTECHNICAL OUTLINES

4.1 Geology of the area

The foundation and the reservoir of Giudea Dam fall within a typical hilly landscape shaped
in the argillites and siltstones of the Sillano Formation, a geological unit referred to the Upper
Cretaceous-Lower Eocene. The unit tectonically overlies the Marmoreto Marls Formation
(Upper Oligocene-Lower Miocene), constituted by prevailing layered brown calcilutites and
light coloured silty marls, which outcrops on the NW bank of the reservoir almost above
the maximum water level. Lithologically the Sillano Formation is predominantly composed
of weak highly tectonized shaley clayey materials showing a complex structural pattern of
numerous shears and faults, which determine a chaotic structure of blocks and fragments of
limestones, sandstones and marls, with dimensions ranging from decimetres to several meters,
included in a mainly clayey matrix. The formation occupies almost all the reservoir area and
its very low permeability ensures appropriate watertight conditions for the reservoir banks.
The geomorphology of the area surrounding the Giudea Impound is marked by the presence
of local slides and instability phenomena of the slopes, generally modest in scale, but widely
involving the argillites. In these phenomena are included the mentioned small episodes, which
have marginally involved, during the past operations of the basin, some local sectors of the res-
ervoir banks, inducing limited mobilizations of the shallow weathered strata of the argillites.

4.2 Geotechnical characterization of the dam foundation grounds

The geotechnical characterization of Sillano argillites, which constitute the foundation of
Giudea Dam, is the result of various geological and geotechnical campaigns, carried out
starting from the earliest stages of the design work.

Indeed in the dam area a series of boreholes with undisturbed core sampling for physical-
mechanical laboratory analysis, several trenches and exploratory shallow wells have been
performed. The argillites show the structural features typical of the “complex structural
formations” widely outcropping in the Apennines Chain. According to the classification
originally proposed by ESU (1977) for those types of formations, Sillano argillites can be
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attributed to types B2 and B3, corresponding to clayey strongly tectonized rock masses with
a chaotic structure, including irregular clasts and fragments of more competent rocks.

In detail, the boreholes carried out in the foundation grounds of Giudea Dam have identified
the presence, beneath a superficial layer of eluvial clay about 3 + 4 m thick, of weathered grey-
brown argillites, gradually passing to the underlying dark-grey unweathered argillites, located
around 10 to 12 m deep from ground level. A summary of the physical and mechanical proper-
ties derived from the geotechnical investigations for these lithotypes is shown in Table 1.

4.3 Geotechnical characteristics of the existing embankment
and of the soils to be used for the rehabilitation

The existing embankment, mainly formed by compacted clay materials derived from the exca-
vations of the argillites in the dam section, was the subject of various geotechnical investiga-
tion and studies. In 2006-2007, also the alluvial deposits in the area of Primavera Lakes were
investigated, in view of their use in some internal zones of the new Giudea Embankment
and for the reinforcement of the left side of the reservoir. That area, covering approximately
6.5 hectares, is situated some kilometres SE of the dam site, at the confluence of Tazzera/Tor-
becchia and Ombrone Rivers. The materials consist of recent and terraced alluvial sediments
constituted by a superficial layer, few meters thick, of sandy silts lying on gravelly-sandy
deposits, partly affected by the natural ground water level. In detail, the materials composi-
tion corresponds to prevailing low gravelly silts with sands (silt 61-68%, sand 30-34%, gravel
0-7%) in the superficial part of the deposits, passing to underlying gravel and pebbles and
sandy gravels (pebbles 24-69%, gravel 13-60%, sand 4-21%, fine fraction 1-20%).

The investigations carried out on the existing embankment and in the Primavera Lakes
area have included numerous shallow wells and boreholes with sampling, at various depths,
for laboratory analyses. The basic geotechnical parameters derived on the basis of investiga-
tions and tests conducted on these materials are summarized in Table 2.

4.4 Dynamic characterization of the foundation grounds
and of the existing embankment materials

The reconstruction of the seismic P and S waves speeds within the foundation grounds and the
existing embankment of Giudea Dam is derived from the results of geophysical investigations.
In particular, a down-hole test was performed in a vertical hole, 30 m deep, drilled in the
dam foundation argillites, at the foot of the downstream slope of the existing embankment.
It has found average values of Vp equal to 920 m/s and over 2500 m/s, respectively for the
weathered more superficial argillites and for the unweathered deeper ones. The corresponding
average speeds Vs grow from 280 m/s to 520 + 800 m/s. Vs, parameter is equal to 506 m/s.
Furthermore some MASW tests, based on the measure of the propagation speed of the
Rayleigh superficial seismic waves, were carried out from various positions through the body
of the existing embankment, allowing the reconstruction of Vs profiles, in one and two dimen-
sions. They were executed, respectively, from the dam crest road and from the downstream
banks of the embankment, around levels 143 and 135 m a.s.l., and oriented according to the
longitudinal direction of the dam. The results of the MASW tests in the existing embankment
body show the presence, next to the crest of the embankment, of a low speed seismic zone,
characterized by values of Vs between 120 and 150 m/sec, where a probable state of relaxation

Table 1. Physical-mechanical characteristics of foundation argillites.

% W <2u PI ¢ 0’
Lithology [KN/m?] [%] [%] [%%] [KN/m? [
Weathered argillites 17.5+20 11+30 34 +36 17+ 18 14+5 22 +29.5

Unweathered argillites 17.5+20 12+15 17+18 17+ 18 25.5+59 22.5+27

v,=dry unit weight; W = natural water content; <2 = passing”o; PI =Plastic Index; ¢’ = drained cohesion;
¢’ = drained shear strength angle.
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Table 2. Geotechnical characteristics of the dam materials.

% Yo ¢ o
Dam materials [kN/m?] [kN/m?] [kN/m?] [°]
Existing embankment 20.0 20.5 10 20
Cofferdam 20.0 22.0 0.0 30
Plug at upstream foot 19 +20 20.5+21.5 0.0+1.0 20+ 32
Semi-pervious central zone 20.0 21.5 0.0 25
Shells and reinforcement 20.0 22.0 0.0 32

embankment

exists. Deeper the speeds tend to increase up to values of the order of 350 to 450 m/s, despite
local decreases, probably due to lack of uniformity of the materials in the construction phase.

5 WORKS SEISMIC SAFETY ASSESSMENTS

Being Pistoia Municipality classified as second seismic category, in 1995 both the dam and
the reinforcement embankment on left side were positively verified with the pseudostatic
method, according to the Italian Dams Code, even in the rapid draw-down condition follow-
ing a breakage in the waterproof lining.

In 2007 limit states seismic analyses have been developed, assuming the following return
times:

e ultimate limit state (SLU), with important damages, but without uncontrolled release of
water: 1000 years;

e collapse limit state (SLC) with irretrievable damages and uncontrolled release of water:
>2500 years.

6 SEISMIC HAZARD EVALUATION

The study has taken into account the historical and instrumental seismicity of a big area con-
taining the site and the maxima effects observed in the municipal territory, making reference
to the parametric catalogue of the Italian earthquakes (WORKING GROUP CPTI, 2004).
The biggest macroseismic intensity values observed in Pistoia City are included between VIII
and IX MCS degrees, as consequence of local earthquakes.

For the seismic hazard evaluation CORNELL (1968) methodology has been adopted.

The source zones have been identified with reference to the ZS9 simplified model, pro-
posed by the Working Group for the compilation of the seismic risks map of INGV.

A recurrence law has been associated to each source zone according to the Gutenberg-Rich-
ter algorithm, using the above mentioned parametric catalogue of the Italian earthquakes.

In the study the attenuation laws proposed by SABETTA et al. (1996), on the basis exclu-
sively of Italian data, have been adopted.

Taking into consideration all the seismic zones, the peak values of the ground motion
(PGA and PGV) and the spectral values of acceleration (PSA) have been calculated, as a
function of the return time, for a position in the middle of the crest.

The reference vibratory motions have been finally defined by comparing the results of the
hazard evaluation with the values supplied in 2006 by INGV in S1 project for Civil Protec-
tion and prudentially adopting their envelope. For the site 0.21 and 0.28 g peak acceleration
values and the response spectra summarized in Figure 4 have been so adopted, respectively
for 975 and 2475 years return times. It was then selected a set of six artificial accelerograms
in accordance with the reference motions, obtained assuming a couple of magnitude and
distance values respectively between 5.6 and 5.9 and between 10 and 15 km.
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Figure 4. Response spectrum of reference vibratory motions (red: 2475 years, blue: 975 years).
7 DAM DYNAMIC ANALYSIS

For Giudea Dam the high degree of compaction specified for the construction of the granu-
lar shells, in addition to the nature of the abutments formation and of the materials of the
existing embankment, excludes the occurrence of liquefaction phenomena or the reduction
of strength under cyclic loads. It was then developed a dynamic analysis, considering the
effective seismicity of the area together with the deformability and the strength mechanical
characteristics of the materials.

7.1  Preliminary static analysis

The static analysis of the dam has been developed using a 2D model in plane deformation
with elasto-plastic behaviour of the materials, taking into account the temporal evolution of
the geometry and of the contour conditions.

The mesh, which represents the maximum height section, is formed by 1476 elements inter-
connected in 1554 nodes and has been drawn reproducing accurately the geometric and geo-
technical features of the embankment.

In the numerical model the sequence of the phases has been reproduced distinguishing the
construction of the original body and that of the other zones of the new embankment until
the crest elevation. Due to the watertight upstream face, the impound effect has been intro-
duced through simple nodal forces applied at the upstream contour.

7.2 Dynamic geotechnical parameters

The speed values Vs obtained with the MASW tests have been worked out for the existing
embankment. As the new shells present a bigger stiffness, in their case at the same stress con-
ditions an increase of about 15% of the Vs has been assumed.

For the foundation the Vs measures executed in the down-hole test have been used.

In absence of laboratory tests results, the materials have been divided in two categories (gran-
ular and cohesive), adopting literature G/Go and damping D curves versus shear strains.

7.3 Linear equivalent dynamic analysis

Firstly the dynamic analysis has been developed with a linear equivalent model in full reser-
voir conditions, using the same mesh as in the static simulation.

The application of the reference motion with 2475 years return time determines peak val-
ues generally inferior to 0.5 g, with a maximum of 0.8 g near the crest.

A big reduction of the shear modulus is located in the shells, with 20% of the value of Go;
in limited zones the G modulus drops near 10% of Go. In the pre-existing embankment they
result 40-50% of the initial ones. With reference to the shear strains, besides the shells the
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isolines 0.20% and 0.30% interest a more consistent part of the dam and about at 1/3 of the
maximum height strain values near 0.40% are reached in a relevant zone.
For that reason also a non-linear model was developed (ISHIHARA (1968)).

7.4 Permanent displacements

On the basis of the results of the linear equivalent model the permanent displacements of
the embankment for the design seismic events have been calculated with NEWMARK (1965)
method.For the seism with return time of 2475 years the maximum displacement along the
face direction is about 1.9 m (vertical component 0.73 m). Those values concern the nodes
near to the crest; more modest entities characterize other zones of the embankment.

7.5 Non-linear dynamic analysis

The estimates executed with the non-linear model for the same return time show a maximum
permanent settlement of 2.0 m (1.3 m in vertical direction) only in the downstream node of
the crest. For the upstream node a vertical settlement of about 0.6 m is obtained. In other
zones of the embankment much lower values are determined.

Resulting the maxima displacements largely inferior to the available net freeboard of
3.45 m, the watertightness of the embankment is then ensured.

With regard to this, it is meaningful the about 0.5 m calculated value of the final settlement
in the central zone of secondary waterproofing: the relative top elevation would pass from
150.00 m a.s.l. to 149.50 m a.s.1., still superior to the normal water level (149.15 m a.s.1.).

8 CONCLUSIONS

The planned co-ordinated realization of an Expansion Impound on Ombrone River in Pri-
mavera Lakes zone and rehabilitation and upgrade of Giudea Impound represent an interest-
ing example of synergy on the territory in the direction of the works sustainability.

The rehabilitation design of Giudea Dam, besides to eliminate the contact of the basin with
the clayey material of the upstream face, primary reason of the occurred failures, introduces
the zoning of the embankment, realizing with the existing body, suitably raised, an auxiliary
watertightness in the central part in case of breakage of the superficial gecomembrane.

In the new asset all the elements of waterproofing are associated with proper draining sys-
tems and their hypothetical losses are checked inside a downstream cabin. It is also verified
that the safety of the works is warranted also in the most severe seismic conditions.
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ABSTRACT: This paper addresses the particular challenges of the heightening concept
of an existing concrete dam in the Swiss Alps. It focuses on the heightening alternatives and
on the logistic challenges related to the alpine character of the construction site without any
access road.

1 INTRODUCTION

The Kummenbord gravity dam is situated at 2100 m a.s.l. and is part of the Gommer
Kraftwerke hydropower scheme in the Swiss Alps. To increase the reservoir capacity from
160,000 m? to 1,000,000 m? it is planned to heighten the existing dam by 10.5 m and extend
it by 90 m. The increase of the reservoir capacity requires additionally the construction of
a saddle dam closing a tributary valley. The height of the earth-fill dam is 10 m with a total
length of 160 m.

The paper focuses on the particular challenge of the heightening concept of the existing
concrete dam related to the alpine character. Another particularity of the dam is the inte-
grated top station of the cable car in the dam body. Further, logistic challenges are discussed
since the site can only be reached by a cable car.

2 FOUNDATION CHARACTERISTICS

The project area is located in the Monte Leone gneiss. Essential information on its local
characteristics was determined by field investigations and laboratory tests carried out in
2008. Amongst others, the deformation modulus, shear strength, permeability, joint and
fault characteristics and the thickness of the superficial soil and loose rock cover were
determined. The mean compressive strength of the bedrock amounts to 6, = 95.6 MPa,
the mean tensile strength amounts to 6, , = 9.7/5.1 MPa. The bedrock permeability is
K =3.10-7 m/s.

Due to the favorable bedrock fault and joint direction and their steep angle in the project
area they have no significant influence on the stability of the dam.

Following to the Swiss standard for dam category II, the maximum horizontal peak for
the ground acceleration to consider is a, = 0.39 g whereas the vertical acceleration adds up
to a,=0.26 g corresponding to an earthquake hazard with a return period of 5000 years.
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3 DESIGN CRITERIA

The concept of the heightening should be in accordance with following requirements:

maintenance of operation of the hydropower scheme, therefore
maintenance the full supply level in the reservoir

maintenance the service chamber in operation

maintenance the flood control function

maintenance of all outlet devices

maintenance of operation of the cable car

4 HEIGHTENING ALTERNATIVES

To determine the best technical and economical solution for the dam heightening, the follow-
ing four alternatives were examined.

4.1  Enlarging the dam section on the downstream face (gravity dam)

The dam is heightened by enlarging the existing dam by a conventional gravity dam on the
downstream face. With a downstream face slope of 0.9/1.0 (H/V) the width at the dam toe
measures 15.0 m. The total volume of concrete totals some 14,000 m?. The excavation volume
amounts to 5000 m>.

To guarantee a monolithic behavior of the heightened dam, the existing dam will be
anchored with the new dam body.

As a major advantage, this solution enables the construction of an internal gallery between
existing and new concrete.

The drawbacks of this solution consist in the integration of the top cable car station and
the service chamber in the dam body.

4.2 Enlarging the dam section on the downstream face using prestressed anchors

In order to reduce the need of space on the downstream side of the existing dam and to mini-
mize the concrete volume, a heightening solution using prestressed anchors was examined. The
enlargement of the dam the section on the downstream face is strengthened with 70 prestressed
anchors drilled from the crest of the dam. The tendons are anchored at the crest level and at
depth to the bedrock foundation. The width at the dam toe measures only 9.0 m. The total
volume of concrete and excavation material amount to 9000 m* and 2500 m?, respectively.

Prestressing provides an additional vertical load. The resultant prestressed load of the
anchors improves significantly the overturning and sliding stability.

The relatively thin dam body would result in a small excavation and concrete volume, sig-
nificantly less than for a conventional gravity dam (see 4.1). The thin dam body would also
simplify the integration of the cable car station and the service chamber.

Although total construction cost would be approximately 20% lower than for the gravity
dam solution, the prestressed anchors require continuous maintenance including readjust-
ment or even replacement. The cost for maintenance and partially replacement during the
assumed life time of 80 years exceed the initial savings in capital investment cost.

4.3 Enlarging the dam section on the upstream face

The existing dam is heightened by enlarging the existing dam by a conventional gravity dam
on the upstream face. This alternative would present the advantage to maintain the existing
outlet devices and station of the cable car. Furthermore, the joint between the old and the
new concrete is put under pressure during static loads. Finally, the existing concrete, even
though in fairly good condition, would have been covered and protected by new concrete.
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Figure 1. Left: typical cross section of the downstream gravity dam heightening. Right: typical cross
section of the heightening using prestressed anchors. (Not to scale).

The major inconvenience of the solution consists to maintain full reservoir level at all
times. This would only be possible by a cofferdam inside the existing reservoir. Further, the
intake structures would need major adjustments.

4.4  Placing an embankment dam on the downstream side

This solution provides an embankment dam on the downstream side with an upstream and
downstream slope of 1:1.75 and with an asphaltic concrete membrane on the upstream face.

The major advantage of this solution is the relatively simple construction method ant the
fact that relatively few materials must be transported to the site.

The inconvenients are the high space requirement, the complex adaptation works of the
outlet devices, water intake and the top station of the cable car and particularly the lost
profit. Considering a construction time of two years, the lost profit amounts to 4 to 5 mio.
CHF due to the adjustments of the outlet devices and the service chamber. This amount
equals roughly a third of the total investment cost.

4.5 Selected solution

Comparing all technical and economic issues, the heightening of the Kummenbord dam is
chosen to be a conventional gravity dam on the downstream face (see 4.1). This solution
presents fewest risks, either technical or economic.

The selected solution is presented in the following chapters.

5 HEIGHTENING CONCEPT

5.1 General layout

The elevation of the heightened dam crest is 2108 m a.s.l. topping the existing crest by 10.5 m.
The total height of the dam is to be 20.5 m. The length of the dam is extended by 90 m from
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Figure 2. General situation of heightened dam.

110 to 200 m. The dam presents a vertical upstream face and a downstream face with a slope
1V:0.9 H. The dam crest width measures 2.0 m (bridge enlargement to 3.0 m). The dam base
width is determined to be 15.0 m.

Along the existing downstream toe, a longitudinal inspection and drainage gallery is
placed in the dam body between existing and new concrete. The gallery also provides a shel-
tered access from the station of the cable car to the service chamber as well as to the dam
crest.

Parts of the existing dam structure (e.g. crest, flood protection outlet) will be demol-
ished before placing the new concrete. Anchor rods drilled and cast in the existing con-
crete will stabilize the joint between old and new concrete and guarantee for a monolithic
connection. To minimize relative movements between the independent dam blocks and to
improve overall dam stability, shear keys are placed in the vertical joints of the heightened
dam.

5.2 Stability and internal stresses

The stability analysis is performed on a 2-D model of the dam-foundation-reservoir model,
whereas the stress and strain analysis is carried out by means of the finite-element method
using the program Z-Soil.

The calculations present maximum tensile stresses at the downstream dam toe of 3.1 MPa
and 2.6 MPa for dynamic and static load cases, respectively. The maximum tensile strength
of the concrete is 4.0 MPa. The maximum tensile stresses in the existing dam body are also
localized at the downstream dam toe. However, due to the additional vertical load the tensile
stresses in the existing dam body are significantly reduced. The compression stresses are
increased accordingly but remain low. The maximum tensile stresses and shear stress in the
joint between the existing and new concrete amount to 0.5 MPa and 0.4 MPa which is accept-
able for the anchor rods.

Thermal conditions during the construction phase are of major importance for the maxi-
mum stresses. Due to the relatively small dam body, the thermal stresses exceed clearly the
stresses due to static and dynamic loads. Since the maximum values for tensile stresses are
located at the surfaces the tensile strength of the concrete does not have to respect the maxi-
mum values. However, to reduce cracking formation at the surface and to assure a frost-
resistance and water tightness a compressive strength of the new concrete of 25 MPa has
been chosen.
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Figure 3. Section of cable car top station.

5.3 Integrated top station of the cable car

One important boundary condition of the project is to maintain operation of the existing
cable car during the entire construction phase. Figure 3 shows the new layout of the dam and
integrated station.

To respect the overturning stability of this block, either prestressed anchors or an enlarge-
ment of the upstream face have to be designed. Considering the drawbacks of the anchors
(see 4.2) the most interesting solution is to enlarge the block on the upstream face by 2 m.
This solution can be completed easily since the counterweight of the cable car serves as foun-
dation for the enlargement. Other parts of the existing structure are adapted and integrated
the heightened dam.

6 LOGISTICS

6.1  Means of transport to the construction site

Besides the design criteria for the dam itself, one of the most critical factors of the
Kummenbord heightening project resides in the logistic challenge. Without any access road,
the construction site cannot be reached by any road vehicle. Furthermore, a temporary access
road would exceed the total budget for the project is therefore not an option. In conclusion,
the construction site can only be reached by a cable car.

The existing cable car presents a maximum capacity of 6 tons. It is intended to keep in
operation the existing cable car for passenger transport during the construction.

It is planned to install a temporary cable car with a capacity of about 12 to 15 tons for
material transport. Any construction machine and construction material (including any site
installations such concrete plant, etc.) need to be hauled to the valley station of the cable car,
transshipped from the road vehicle to a special cable car transportation rig. Any heavy or
oversize construction machine has to be disassembled for transportation.
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The road up the valley station of the cable car also presents some delicate passages such as
the Ernen village crossing and the single-lane tunnel leading to the Binn village. Those bot-
tlenecks make transport of oversize loads impossible.

The aggregates for the concrete plant and the saddle earthfill dam can be extracted on site.
However, specific treatment is necessary to optimize the concrete mixture. The binding mate-
rial has to be transported from the valley to the site.

6.2 Site installations

The general concept for the dam heightening and construction is based on two installation
sites. The gravel pit and material treatment zone will be situated on the present reservoir
shore, entirely beneath the future water level. It will be reached by two access roads from the
top station of the cable car. The concrete plant and the contractor’s general installations will
also be located on the future reservoir floor. Due to the danger of avalanches, these installa-
tions have to be protected or disassembled for the winter break.

The proper installations for the dam heightening will be located downstream the existing
dam. It is planned to install three tower cranes for concrete works. The dam site installations
also include wastewater treatment facilities, helicopter landing place, office containers, and
staff canteen.

6.3 Concrete plant

An important issue of the planning of the site installation and construction schedule is the
decision whether the concrete is produced on site or delivered from the valley. The advantages
of a production on site are: use of aggregates from the site, characteristics of the concrete
adapted to the specific requirements, less concrete additives required, the production is inde-
pendent of the cable car and there is no or less risk of supply shortage.

On the other hand the drawbacks are: installation of a complete concrete plant on site is
necessary, additional storage capacity is required, preliminary tests and a continuous quality
control is needed.

Considering all aspects, neither the production on site nor the transport from the valley
turns out as distinct best option. However, in respect to the tight construction schedule and
to avoid delays due to long transportation route with the cable car as bottleneck, the produc-
tion on site has been considered as favorable.

6.4 Construction schedule

The particular challenge of the construction concept is the alpine character of the site. Due
to the high altitude (2100 m a.s.l.) construction works are only possible between June and
October. Favorable weather conditions like early snow melting of late onset of winter would
extend this period from Mai until November.

It is planned to conduct all woks within two construction seasons. The year before start-
ing construction works, the temporary cable car and most of the site installations should be
installed.

During the first construction season, all demolition works on the existing dam and excava-
tion works should be carried out. By the end of the first construction season, site conditions
should be established ready for placing concrete. If possible, the first foundation concrete
blocks can already be finished.

In the second construction season, all concrete works should be carried out. The site instal-
lations, the capacity of the concrete plant and the transportation system are designed to
guarantee a continuous process without considerable interruption. The grouting works are
carried out in parallel with the concrete works and should be finished by the end of the sec-
ond year.

The removal of the site installation and temporary cable car is planned at the beginning
of the following year.
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7 SUMMARY

The Kummenbord reservoir expansion from actual 160,000 m? to 1,000,000 m?* requires the
heightening of the existing Kummenbord dam from is 10 m to 20.5 m. The total length of the
concrete gravity dam will reach approximately 200 m.

Among the several studied heightening solutions, a downstream extension with a gravity
dam section has been chosen. The dam crest width measures 2.0 m, the base width 15 m. The
downstream face features a slope of 0.9/1.0 (H/V). Anchor rods between the existing and new
concrete provide for monolithic behavior of the heightened dam. An inspection and drain-
age gallery along the existing downstream to provides access to the service chamber and the
dam crest. The concrete volume to place totals some 14,000 m?. The total excavation volume
(Monte Leone gneiss and loose rock) amounts to some 5000 m°.

The major technical requirements include the maintenance of operation of the reservoir,
the integration of the service chamber and the cable car station, and the maintenance of the
flood control and outlet devices.

Amongst the numerous technical requirements, the logistics represent a major challenge
for the construction. With no access road, all site installations and construction materials
(except for gravel) need to be transshipped and transported by a temporary cable to the con-
struction site on 2100 m a.s.L.
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ABSTRACT: The depth of consolidation grouting below the dam was expected to be 30 m
over the full area of the dam footprint during the initial design stages; however, the depth
was later reduced to a minimum of 10 m on the upper right and left banks of the dam (whilst
maintaining a depth of 30 m in the river bed area). During the initial design stages, the envis-
aged depth of the grout curtain was approximately 2/3 of the reservoir depth (circa 160 m).
Primary holes were foreseen at intervals of 24 m, and higher order holes were expected to be
routinely drilled to full depth, giving a final hole to hole spacing of 3 m. After completion
of one grout curtain test panel, the depth of all holes was decreased significantly, and the
depth routinely drilled to with a hole to hole spacing of 3 m was reduced to only 1/5 of the
reservoir depth (50 m).

1 INTRODUCTION

Deriner Dam has a height of 249 m from the lowest foundation level, and has a crest length
of 720 m. It consists of 40 blocks with a width of 18 m, and a maximum upstream to down-
stream block length of 55 m at the base of the crown cantilever section. The area of the dam
footprint is approximately 48,500 m?.

The design of the dam foundation grouting works commenced in 1991, ten years prior to
the commencement of any construction activities on site. Modifications to the design were
initially made in 2003 and 2005, as the dam excavation progressed.

An extensive grout mix trial programme was undertaken in 2005 and 2 grout mixes satisfy-
ing all design criteria were identified.

In 2006, one foundation consolidation grouting test area and two curtain grouting test
panels were executed. These tests provided information that enabled the design of the grout-
ing works to be optimised.

2 GEOLOGY

The bedrock in the dam foundation consists mainly of tectonically disrupted quartz diorite,
mainly coarse grained and partly granodiorite, with varying thicknesses of intrusive dykes.
Numerous diabase dykes outcrop in the dam site and provide key discontinuities inside the
granitic rock. The contacts of the main dykes are strongly tectonized with schistose zones up
to 3 m in width, and tend to be more jointed than the granitic bedrock due to their weaker
resistance to tectonic action.
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3 GROUT MIX TRIAL PROGRAMME

The grout mix trial programme was performed using different sources of cements, plasticisers,
super-plasticisers, accelerators and bentonite. It was necessary to identify a stable grout mix
with the characteristics given in Table 1.

During the mix trials, water cement ratios of 0.6, 0.7, 0.8, 0.9 and 1.0 were used, with and
without admixtures. After using Type 1 Portland cement in the initial trials, extra fine cement
was introduced (which will enhance the penetration of the grout into fine fissures during dam
foundation grouting). The specification for extra fine cement required a Blaine value in excess
of 3500 cm?/g, and 100% and 98% passing the 0.08 mm and 0.04 mm sieves respectively.

The amounts of admixtures used for each water/cement ratio are given in Table 2.

After completion of the extensive trials, the grout mix designs given in Tables 3 and 4 were
chosen for all rock grouting work.

Table 1. Required grout mix characteristics.

Grout mix characteristic Requirement
Viscosity 30 £ 2 seconds (Marsh
Cone)
Sedimentation Maximum 5% after 2 hours
Density Minimum 1.5 g/cm?
Compressive strength Minimum 15 MPa after
28 days
Setting time Initial after 8 to 10 hours

Table 2. Quantities of admixture used in trial grout mixes.

Percentage by weight
Admixture of cement
Plasticiser 0.3 0.5
Super-plasticiser 1.0 1.1 1.2 1.5 1.8 20 3.0
Bentonite 05 08 1.0 2.0

Table 3. Grout mixes chosen for dam foundation grouting.

Super-plasticiser Accelerator Density Sedimentation
Mix Water/cement ratio (% of cement) (% of cement)  (g/cm?) (% after 2 hours)
Ml 0.8 1.1 0.0 1.543 2.0
M2 0.8 1.1 2.0 1.577 1.2

Table 4. Grout mixes chosen for dam foundation grouting.

Setting time )
Compressive strength

Viscosity Initial Final at 7 days
Mix (Secs) (hrrmin)  (hr:min)  (kg/cm?)
Ml 32.1 11:50 16:55 156.3
M2 323 07:05 10:45 139.3

264



LG11 39700 P AG11 397.00

LEGEND
INPROGRESS ~ COMPLETED

- Foundation Consclidation Grouting

- Link Grouting
- Curtain Groutng
— —

Figure 1. Status of dam foundation consolidation and curtain grouting.

4 PROGRESS OF FOUNDATION GROUTING

The current status of dam foundation consolidation and curtain grouting is presented in
Figure 1. All consolidation and curtain grouting required below the lowest dam and rock
gallery has been completed. Both consolidation and curtain grouting works remain ongoing
on both dam abutments.

5 FOUNDATION GROUTING METHODOLOGY

5.1 Drilling and grouting

All holes were drilled by rotary methods, with diameters between 56 mm (cored holes) and
48 mm. Upstage grouting methods were used in 5 m long stages from the bottom to the top
of the holes. Downstage methods were only permitted in holes prone to collapse, or where
other conditions prevailed that made upstage methods prohibitive. The maximum allowable
hole deviation is 3% of the hole depth. Grouting holes were drilled from rock grouting gal-
leries, rock access galleries, dam galleries and from the ground surface immediately upstream
and downstream of the dam faces.

5.2 Water pressure tests

Water pressure tests were performed in the cored primary holes and check holes. The water
test pressures and relevant depths are given in Table 5.

5.3 Acceptance criteria

The fundamental requirements for acceptance of any stage in a consolidation or curtain
grouting hole are listed below:

— Cement take of 45 kg/m above 50 m depth.

— Cement take of 60 kg/m between 50 m and 80 m depth.
— Cement take of 80 kg/m below 80 m depth.

— Lugeon value of 5.
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Table 5.  Water test pressures and depths.

WPT pressure (bar) WPT pressure (bar)

Depth (m) for consolidation for curtain
0-5 2-4-2 242
5-10 3-6-3 3-6-3
10-20 3-6-8-6-3 3-6-10-6-3
>20 3-6-10-6-3 3-6-10-6-3

Table 6. Refusal criteria.

Grout absorption

Depth (m) (litre/m/min)
0.0-5.0 & 5.0-10.0 0.2
10-15.0 & 15.0-20.0 0.3
20.0-25.0 & 25.0-30.0 0.4
>30 0.5

Table 7. Refusal pressures.

Refusal pressure (bar) Refusal pressure (bar)

Depth (m)  for consolidation for curtain
0.0-5.0 3 5
5.0-10.0 5 10
10.0-20.0 8 30
20.0-30.0 12 30
>30.0 - 30

Grout mix M1 IF PRESSURE RISES
maximum 400 kg cement / m

IF PRESSURE DOES NOT RISE

Elapsing Time = 12 hours
{Initial setting time of the mix M1)

[]

Grout mix M1 IF PRESSURE RISES a
maximum 400 kg cement / m

iF PRESSURE DOES NOT RISE UP

Elapsing Time = 12 hours

]

Grout mix M1 IF PRESSURE=> 50% OF Grout mix M1 until
meaximum 400 kg cement [ m REFUSAL PRESSURE refusal condition

IF PRESSURE < 50% OF REFUSAL P

Grout mix M2 IF PRESSURE> 50% OF
maximum 400 kg cement / m REFUSAL PRESSURE

IF PRESSURE < 50% OF REFUSAL P

Elapsing Time = 7 hours.

]
Grout mix M2 IF PRESSURE > 50% OF
maximum 400 kg cement | m REFUSAL PRESSURE

—1 IF PRESSURE < 50% OF REFUSAL P.

Figure 2. Flow chart for foundation grouting.
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In the event that the cement take or Lugeon value exceeded the above magnitudes, higher
order holes are drilled to one stage below the relevant stage, on both sides of the hole. The 5 Lu
acceptance criteria relates to primary and check holes only, where water tests are required.

5.4 Refusal criteria and pressure

The execution of grouting in any stage was considered complete if the take was less than the
values given in Table 6.
The refusal pressures applicable to the criteria given in Table 6 are given in Table 7.

5.5 Flow chart

For the execution of foundation consolidation and curtain grouting, the flow chart shown in
Figure 2 was used.

6 FOUNDATION CONSOLIDATION GROUTING

6.1 Purpose

The principle purpose of consolidation grouting is to improve the quality of the foundation
immediately below the dam, and to a shallow depth (up to 30 m). Improvements include
enhancing the rock mass strength and elastic properties, providing more uniform parameters,
reducing settlements and increasing water tightness.

6.2 Test area

A consolidation grouting test area at the centre of the dam close to the downstream face was
specified to enable the proposed equipment and methodology to be tested. The results of the
grouting work would also give an indication of the foundation permeability within the envis-
aged limits of the consolidation grouting bulb.

The test area measured 24 m by 24 m, and included a grid of primary holes at 12 m inter-
vals, followed routinely by secondary holes which reduced the hole to hole spacing to 6 m.
Tertiary holes were drilled and grouted and if the acceptance criteria had not been met. The
depths of all holes were between 30 m and 38 m.

A total of 5 cored primary holes were drilled with a diameter of 56 mm. The remaining
primary holes, as well as the secondary and tertiary holes were drilled using rotary rigs, but
without core recovery. Following completion of the above holes, inclined check holes were
drilled (cored) with a diameter of 56 mm. Hole deviations were measured during drilling.

6.3 Test area results

Water pressure tests were carried out in primary, tertiary and check holes. Thirty stages in
primary holes were tested to get an indication of pre-grouting permeability. When the grout-
ing was close to completion, 33 stages were tested in tertiary and check holes.

The average cement take in the primary holes was 108.8 kg/m, but this reduced to 29.6 kg/m
in the tertiary holes. The percentage of water pressure test stages giving Lugeon values above
5 decreased from 56% to 24%.

6.4 Drilling locations

Holes for foundation consolidation grouting are required from the excavated surface close to
the upstream and downstream face of the dam, from galleries inside the dam (approximately
parallel to the foundation surface), and from access galleries excavated in rock inside the dam
abutments.
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Figure 3. Depths of consolidation grouting holes.

6.5 Extent of consolidation grouting zone

The upstream extent of the consolidation grouting zone (in plan) is 10 m, apart from a short
length close to the dam crest where the extent is reduced to 6 m on both abutments. On the
downstream side of the dam, the extent of the “bulb” in plan is between 15 m and 30 m, and
always equals the “bulb” depth.

Figure 3 shows the depths of the consolidation grouting below the upstream and down-
stream faces of the dam. The depth of the bulb is shallower below the upstream face due to
the lower stress levels that will be imposed by the dam.

6.6 Hole size and pattern

The diameters of cored and non-cored consolidation grouting holes are 56 mm and 48 mm
respectively. Fans of holes were drilled to provide a grid of holes with a maximum spacing
of 3 m at the concrete/rock interface. These holes penetrated the rock by 1 m. The deeper
consolidation grouting holes provide a grid with a maximum hole spacing of 6 m at a depth
of 20 m below the dam.

6.7 Consolidation grouting test results

Below the lowest dam gallery, the percentage of takes above 45 kg/m reduced from 31% in the
primary holes to 5% in the secondary holes.

Water pressure tests were carried out (after completion of secondary holes) in 45 interme-
diate tertiary and quaternary holes. The Lugeon values in 62 of the 226 stages exceeded the
5 Lu criteria, and additional quaternaries holes were drilled and grouted accordingly.

7 FOUNDATION CURTAIN GROUTING

7.1  Purpose

The principle purposes of curtain grouting are to limit seepage losses through the dam foun-
dation, and to minimise uplift pressures below the dam.

7.2 Drilling locations and orientations

All holes required for curtain grouting are drilled from rock or dam galleries. The grout cur-
tain holes are drilled vertically on a single row, and in a single plane, from the lowest dam/
rock gallery. Between the rock galleries, the holes are inclined to enable them to pass on the
upstream side of the gallery below. The curtain is closed by a fan of link holes drilled in the
upstream direction from the lower gallery, see Figure 4.
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Figure 4. Layout of grout curtain link holes.

7.3 Test panels

Two grout curtain test panels were executed from rock galleries in the lower dam abutments.
The initial test panel was executed in the lowest rock gallery on the left abutment of the dam,
and consisted of 5 primary holes spaced at 12 m, followed by secondary and tertiary holes
using the “split spacing” method. All holes were systematically drilled to a depth of 160 m
(approximately 2/3 of the maximum reservoir depth). Higher order holes and check holes
were subsequently drilled until the test panel was deemed satisfactorily complete in accord-
ance with the specified criteria. The second test panel was drilled between the lowest two rock
galleries on the right abutment of the dam.

7.4  Conclusions from initial test panels

The test panel results, which were considered to be representative of the central part of the
dam foundation, indicated a distinct change in grout take at a depth of 30 m for all 32 holes.
In this upper zone, cement takes ranged between 0 and 450 kg/m (measure in one 5 m stage
only). Below a depth of 30 m, no cement takes exceeded 45 kg/m in any stage. This result was
verified by inspection of the cores taken from the primary holes (which indicated “imperme-
able rock” below 30 m).

Low Lugeon values (less than 5) and low grout takes were also observed where the test
panel passed through several “major faults” and “prominent joint sets” shown on the surface
geological maps.

It was therefore considered safe to assume that the permeability (transmissivity) of the rock
mass is very low. In high quality igneous rock formations (low percentage of open joints), the
objective of the grout curtain generally changes its priority from reducing an initially already
low transmissivity, to limiting piezometric levels and uplift forces downstream of the curtain
and below the dam. These priorities are achievable with a grout curtain of shallow depth,
typically less than 50% of the maximum hydrostatic head.

7.5 Extent of curtain grouting zone

Following consideration of the results of the test panels, the depths of the holes for the main
grout curtain were specified as follows:

— Primary holes: 24 m spacing, maximum depth 130 m (53% of reservoir depth).

— Secondary holes: 24 m spacing, maximum depth 100 m (40% of reservoir depth).
— Tertiary holes: 12 m spacing, maximum depth 80 m (33% of reservoir).

— Quaternary holes: 6 m spacing, maximum depth 50 m (20% of reservoir depth).
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Figure 5. Extent of grout curtain holes.
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Figure 6. Summary of curtain grouting results from lowest gallery.

All holes were systematically drilled to their full depth, giving a final hole to hole spac-
ing to a depth of 50 m below the dam of 3 m. In the event that any hole gave a high grout
take (in excess of the acceptance criteria of 45 kg/m of cement), the higher order holes were
drilled to one stage below the high take location.

The extents of the grout curtain holes are shown in Figure 5.

7.6 Results of curtain grouting

Summaries from the curtain grouting results, for the area of the foundation directly below
the lowest gallery in the dam (which took the most grout to date) are given in Figure 6.

8 CONCLUSIONS

The extensive mix trials performed identified optimal stable grout mixes with a water/cement
ratio of 0.8, using 1.1% of super-plasticiser (by weight of cement). Consolidation grouting
test results provide evidence of a satisfactorily treated foundation to a maximum depth of
30 m. Results from the execution of the grout curtain fully vindicate the decision to substan-
tially reduce the depth of the secondary and higher order holes, by consistently showing a
negligible number of grout stages with cement takes in excess of 45 kg/m.
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ABSTRACT: This paper summarizes results and experiences obtained from stabilization of
relatively coarse materials of drain using grouting technique in the Karkheh dam, southwest
Iran. The grouting works performed at the Karkheh dam were part of the prerequisites for devel-
opment of the dam’s complementary cut-off wall. Since the dam was completed, the execution
of the new cut-off wall from the dam crest was inevitable. Hence, one of the main difficulties
associated with the development of the new wall was trenching and execution of plastic concrete
wall through relatively coarse materials of the drain in the dam body. A full scale platform con-
sisting actual drain materials was constructed and underwent various tests. Results of the testing
program revealed that a Water/Cement mix ratio of 1/(1.5-2) can successfully stabilize the drain
materials. After finalizing the technical characteristics of grouting, the method was applied on
the drain materials of the Karkheh dam body. The results were satisfactory and the materials
were stabilized successfully so that the cut-off wall was executed without any technical problem.

1 INTRODUCTION

Compared to other fields of civil engineering, grouting technique is a relatively new practice
and still many new experiments and researches are needed for its development. In the past
two centuries, this technique has been used in many civil works including permeability reduc-
tion, improvement of mechanical properties and soil stabilization.

Especially, this method has been widely applied in the field of dam engineering with the
emphasis on water sealing of many dam foundations. Although considerable improvements
have been introduced into the field of grouting of medium to fine materials in the recent
decades, there are many unknowns in the grouting of coarse materials. A tentative review of
international efforts in this field reveals that very little work has been performed or at least
published in the grouting of coarse materials. Therefore, in this paper we report and analyze
application of grouting technique for stabilization of coarse materials of drain at the Karkheh
dam site, southwest of Iran. The grouting practice was employed in order to facilitate the
execution of the dam’s complementary cut-off wall. Part of this new cut-off wall should be
performed through the dam body, and hence the stabilization of drain material was a must.

During each drilling and trenching activity, it is necessary to apply an appropriate drill-
ing fluid in order to stabilize the trenching walls. In the trenching of drain materials, since
the medium is highly permeable, the excessive slurry loss will occur, and thus it is neces-
sary to reduce the permeability of the medium before trenching through grouting. In the
next sections, at first a short review of the Karkheh dam project will be presented, and then
the experiment procedure and results of the grouting practice in the drain materials of the
Karkhe dam body will be discussed.
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2 KARKHEH PROJECT AND THE LOCATION OF GROUTING

Karkheh storage dam is the largest dam in Iran in view of reservoir water capacity with about
7400 million cubic meters of water at the maximum water level. Karkheh dam and hydro-
power project is located on the Karkheh river, the third largest one in Iran in terms of flow
discharge. Karkheh is an earth core rock-fill dam having height of 127 m and 3030 m length
(MGCE, 1998). The Karkheh Dam provides about 4 billion cubic meter of regulated water
to irrigate 320,000 hectares of downstream farmlands (MGCE, 1998 and Mirghasemi et al.,
2004). Figure 1 presents the general plan of the Karkheh project. A plastic concrete cutoff
wall was considered as the dam water sealing system. In addition to the dam main cutoff wall,
another cutoff wall can be seen in Figure 1 which was performed at the north and east of the
powerhouse to decrease seepage at the slope overlooking the powerhouse (Heidarzadeh et al.,
2006). Figure 2 shows the height and extension of the dam main cut-off wall.

When reservoir filling started in 2001, water seepage from dam foundation and abutments
were higher than had been anticipated before. As a result of such excessive seepage at the rel-
atively high reservoir water elevation, uplift pressure and hydraulic gradient of the discharged
water from the dam foundation increased. By increasing the reservoir water elevation and
arriving at the elevation 210.50 in March 2004, the necessity for taking remedial measures
became evident. A series of remedial measures were implemented to increase the safety factor
of the dam among which was the extension of the main cut-off wall both at the right and left
banks of the dam (cut-off walls 11-a, 11-b, 11-c, and 11-d in Figure 1). The main objective
of this measure was to keep the foundation uplift and hydraulic gradient of the discharged
water within the acceptable limits IWPDC, 2004).

The general plan of the mentioned complementary cut-off walls is shown in Figure 1.
The execution of the complementary cut-off wall was a unique experience in this field and
was associated with many technical difficulties which required most update engineering
techniques and equipments. Among most important encountered difficulties were, connec-
tion between the new and old cut-off wall, trenching and execution of plastic concrete wall
through relatively coarse materials including drain and filter, approaching the old cut-off
wall, and finally construction of the connecting panel.

In this paper we discuss the procedure used for execution of the powerhouse connection cut-
off wall (cut-off entitled 11-b in Fig. 1). The dam cross section at the location of this cut-off is
shown in Figure 2. Also, Figure 3 shows the soil grading curve of the materials to be treated.

1. Dam crest 2. Spillway 3. Powerhouse 4. Power tunnel 5. Culvert
6. Stilling basin 7. Stilling basin 8. Intake shaft 9. Karkheh River 10. Offices
11. Complementary Cut-off wall

Figure 1. General plan of Karkheh dam and hydropower project. Thick solid and dashed lines repre-
sent the old and new cut-off wall respectively.
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Figure 2. The section of the Karkheh dam body at the location of the powerhouse connection cut-off
wall (cut-off entitled 11-b in Fig.1).
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Figure 3. The grain size curve of the drain material.

3 CUT-OFF EXECUTION IN DRAIN

Execution of cut-off wall through coarse material of drain is associated with many difficul-
ties and to the authors’s knowledge such practice has not been experienced in the field of
dam engineering or at least is not published. The main challenges in the trenching and execu-
tion of cut-off wall in drain arises from excessive slurry loss due to its high permeability as
inferred from Figure 3. This could cause serious consequences including:

e Excessive slurry loss in one hand makes the execution of the wall impossible and in the
other hand is followed by many risks. Slurry loss may cause the trench to collapse. In this
case the expensive trench-cutter will be buried at depths of the dam foundation and a huge
economical damage will be created.

o The excessive slurry loss through drain will pollute these materials and thus prevents it
from its vital role for safe passage of seeped water.

Regarding above, special protective measure should be employed in order to prevent exces-
sive slurry loss and also to stabilize the drain material. To reach this goal, the grouting tech-
nique was the only possible option. As discussed earlier, there were no experience in this field
and thus, extensive trial grouting was done to reach appropriate grout mix design, grouting-
hole pattern, required grouting pressure and other related issues. In the next sections, the
results of experiments are discussed.

273



4 TRIAL GROUTING PLATFORM AND RESULTS

Using the dam’s actual materials, a trial platform with the dimensions of 20 x 20 m was
constructed in the site. Figure 4 shows the plan and two cross sections of the platform along
with the test holes arrangement on it. As shown, 8 grouting holes along with 8 test holes in a
triangular pattern were used for trial grouting.

All grouting and test holes were drilled to depth of about 5.5-6 m. All of the holes were
water-flushed rotary-drilled. Based on Figure 4, the D holes were injected with cementitious
grouts with a water:cement proportion of 1:2 along with 10% by volume of bentonite, 1% of
sodium silicate, and 0.5% of TEA (Tri Ethanol Amine). The mix design used for grouting in
DF holes was the same as the D holes with the exception that the water:cement proportion was
1:1.5. The down-hole method was applied for grouting in the holes. Since no tube-e-manchette
was used in the holes, the application of down-hole grouting technique was inevitable. To
maximize the efficiency of the process, the grouting was performed in certain intervals such
as 1 m, and re-drilling was used. To prevent possible excessive grout take, the grouting pres-
sure was kept below 5 bar throughout the grouting process. Figure 5 presents examples of the
amount of grout take in some of the grouting holes. We note that we kept the volume of the
required grout in each stage constant since the medium to be grouted was uniform.

To assess the effectiveness of the grouting program, the water pressure tests were con-
ducted at the intermediate holes (test holes). In the case of back water flow from these holes,
it could be inferred that the grouting was successful. However, water take reveals that still

Plan of the Trial Platform
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Figure 4. Plan and a cross section of the trial platform for grouting of drain. Dimensions are in meters.
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Figure 5. Amount of grout take in D3 and DF3.
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Figure 6. The stabilized drain around the D grouting holes (a) and the inferred stabilization pattern
from it (b). Dimensions are in meters.

there were unfilled voids in the medium. As a whole, the water pressure tests in the intermedi-
ate holes revealed that each grouting hole was capable of stabilizing a distance of about 0.5 m
of its axis creating a stabilized circle with the diameter of 1 m around its axis.

The above pattern was confirmed through trenching of the trial platform after 48 hours
(Figure 6a). The creation of a stable cylinder with the radius of about 0.5 m around the D
holes is evident in Figure 6a. According to this actual observation, we were able to determine
the stabilization pattern as Figure 6b. However, Figure 6a shows that some parts of the drain
remains untreated indicating that at least two rows of grouting lines are necessary for com-
plete stabilization of the medium. In conclusion, the main findings of the trial grouting can
be summarized as follows:

1. A cement grout with the water: cement proportion of 1:1.5 to 1:2 along witha 1 to 1.5 m
hole spacing is appropriate for grouting of drain materials

2. Application of at least two grouting rows is necessary to achieve a uniformly treated medium

3. The grouting pressure should be limited to about 5 bar

4. The amount of grout take is about 700-900 lit/m

5 APPLICATION OF THE METHOD AND ACTUAL RESULTS

After successful application of the cement grouting technique in the stabilization of the drain
materials at the trial platform, we apply this method at the drain of the dam body. Before
proceeding towards this, it is necessary to design the grouting plan. The main considerations
for designing the grouting plan are:

e To limit the grouting range in the desired range
o To prevent excessive grout take
e To completely stabilize the medium without leaving untreated parts

Due to the above considerations, three circles as well as a row of grout holes were used as
shown in Figure 7 including P series at the outer side, T series at the middle, Q series at the
inner side, and a row of holes in the center of Q series. The role of P holes is to produce a
limited environment to introduce the subsequent grouting of T and Q holes. It is evident that
the excessive grout takes in the grouting of P holes is very likely, thus it is very important to
perform these grouting with relatively low grouting pressures and close hole-spacing.

A hole spacing of 1 m along with the relatively dense grout having W/C ratio of 1/1.5 was
applied to the P holes. Throughout the process of grouting in P holes, the exerting pressure
was below 5 bars and amount of grout take was carefully controlled. Figure 8 presents exam-
ples of grout take in two adjacent holes from P series. P13 was grouted prior to P12.
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Figure 7. Grouting holes and their location in the dam body. All dimensions are in meters.
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Figure 8. Examples of grout take in two adjacent holes from P series.

As can be seen, the average grout take in each stage is about 1000 lit except for some spe-
cial stages which can be attributed to the possible local complexities. However, whenever the
grout take in one stage is very little, the amount of grout take in the neighboring stage is high.
This emphasizes that at least two rows of grouting is necessary.

Table 1 presents the details of mix design used for grouting. As can be seen, the W/C ration
in the row grouting was reduced to 1/(0.75). The reason was to prevent the high compressive
strength of the grouted medium. Since the grouted area was going to be trenched by a special
trench-cutter, it is very important that the strength of the medium to be in the acceptable
range. However, since the P, T, and Q series were grouted before the row grouting, we were
certain that the excessive grout take would not occur.

Figures 9 and 10 present examples of grout take in two adjacent holes from T and Q grout-
ing holes respectively. T6 and Q7 were grouted before T7 and Q6 respectively. These Figures
reveal that excepting some limited stages, the total grout take in the T and Q holes is reduced
which can be attributed to the effect of grouting in P holes.

After the grouting practice was completed, the supporting walls were executed through the
drain since the medium was impermeable enough and there was not the risk of slurry loss.
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Table 1. Details of mix design used for grouting.

Hole B! S? CaCP TEA*

name Ww/C (% of cement) (% of cement) (% of cement) (% of cement)
P 1/1.5 1 1 0.2 0.05

T&Q 1/1.5 0.5 1 0.2 0.05

Row 1/0.75 3 3 0.3 0.05

'Bentonite; 2Sodium Silicate; * Calcium Chloride; *Teri Ethanol Amin.
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Figure 9. Examples of grout take in two adjacent holes from T series.
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Figure 10. Examples of grout take in two adjacent holes from Q series.

Observations during the execution of the supporting walls showed that the grouting practice
was successful in stabilization of drain. Table 2 presents records of slurry loss during the cut-
off execution. It is clear that the rates of slurry loss are quite slow indicating the performance
of grouting. However, Table 2 demonstrates that the rate of slurry loss in Panel SPEH (1-6) is
considerable. This panel is a contact panel at the interface of drain and shell zones. Generally,
high rate of slurry loss in these interface zones is expected.

5.1 The method of drilling and grouting

Drilling in the drain was one of the challenges encountered during the project. The chal-
lenge was associated with the removal of the cuttings from the hole in the shell material. It
was observed that the water-flushing was not capable of removing the cuttings and thus, a
relatively dense drilling fluid was employed. This fluid was a solution of bentonite and water
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Table 2. Rates of slurry loss during the execution of supporting wall.

Level of slurry loss Rate
Panel name (m) (Cm/min)
SPEH(1-4) 11.5 S

13 6

17 6

25 4
SPEH(1-5) 22 1
SPEH(1-6) 20 23

with the proportion of B/W = 1/10. All of the drilling works were of rotary type. In summary,
the drilling and grouting of the holes were composed of the following steps:

1. Drilling of the hole until the top of the drain material using a dense drilling fluid (as dis-
cussed above)

2. Installing a steel casing with the diameter of 131 mm until the top of the drain material
and applying a weak grout around it

3. Leaving the hole for at least 24 hr for strength gaining

4. Drilling of the drain to the diameter of 96 mm with the interval of 1 m and using water-flushing

5. Grouting of the drilled section in the 30 cm intervals

We note that, in our method, the grouting was performed through a dropper at the head of
the driller. This allowed us to perform the grouting without removing the driller from the hole.

6 CONCLUSIONS

Grouting technique was employed to stabilize and to reduce the high permeability of the
drain material of the Karkheh dam body. Based on the full scale trial grouting and actual
application of the method, the following conclusions can be made:

1. A cement grout with the water: cement proportion of 1:1.5 to 1:2 along witha 1 to 1.5 m
hole spacing is appropriate for grouting of the Karkheh-type drain materials.

2. Application of at least two grouting rows is necessary to achieve a uniformly treated medium.

3. The grouting pressure should be limited to about 5 bar.

4. To prevent excessive grout take, the application of at least two rows of circle grouting is
necessary. In this pattern, the outer circle includes close hole-spacing along with a rela-
tively dense grout.

5. The amount of grout take in the Karkheh-type drain materials is about 900 lit per stage of
grouting.
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